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Preface

This book 15 mtended primanly to serve the needs of the undergraduate civil
engineering student and aims at the clear explanation, in adecuate depth, of the
findamental principles of sod mechanics. The understanding of theze prnciples is
constdered to be an essential foundation upon which fiture practical expenence m
geotechnical engineering can be built. The cheice of material volves an element of
personal optuon but the contents of this book should cover the requirements of
most undergraduate courses to honours level as well as parts of some Masters
COUrSes.

It 1z assumed that the reader has no prior knowledge of the subject but has a
good understanding of basic mechanics. The book includes a comprehenstve range
of worlced examples and problems set for solution by the student to consolidate
understanding of the fundamental principles and dlustrate therr application m simple
practical siations. Both the traditional and lmit state methods of design are
mcluded and some of the concepts of geotechmcal engineering are mtroduced. The
different types of field mstrumentation are descnbed and a number of case studies
are tchided m which the diferences between prediction and petformance are
discussed. Eeferences are mcluded as an ad to the more advanced study of any
patticular topic. It is intended that the book will serve also as a usefil source of
reference for the practising engineer.

The author wishes to record hiz thanks to the warious publishers, orgamzations
and individuals whoe have given permission for the use of figures and tables of data,
and to acknowledge iz dependence on thosze authors whose works prowided
sources of matenal Estracts from B3 B8004:1%86 (Code of Practice for
Foundations) and BS 222001929 (Code of Practice for Site Investigations) are
reproduced by permussion of BSL Complete copies of these codes can be
obtained from BEI, Linford Wood, Milton Eeynes, WME 14 6LE.

Eobert F Craig
Dhindee
March 2003
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The umt for stress and pressure used mn this book 1s kI /m? {ldlonewton per square
metre) or, where appropriate, NI (meganewton per square metre). In 51 the

spectal name for the unt of stress or pressure 15 the pascal (Pa) equal to 1M/
(newton per squate metre). Thus:

| kN/m* = 1 kPa (kilopascal)
I MN/m? = | MPa (megapascal)
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Chapter 1

Basic characteristics of soils

1.1 THE NATURE OF SOILS

To the ciwl engineer, sod 12 any uncemented or weakly cemented accumulation of
mineral particles formed by the weathering of roclks, the woid space between the
particles contaning water andfor ar. Weak cementation can be due to carbonates
of oxdes precipttated between the particles or due to organic matter. If the
products of weathenng remain at thew original location they constitute a residual
sofl. If the products are transported and deposited in a different location they
constitute a transpotted sod, the agents of transportation betng gravity, wind, water
and glaciers. Dunng transportation the size and shape of particles can undergo
change and the particles can be sorted into size ranges.

The destructive process in the fortmation of sod from rock may be etther physical
ot chermical The physical process may be erosion by the action of wind, water or
glaciers, or dismntegration caused by alternate freezing and thawing in cracks in the
rock. The resultant sodl particles retain the same composition as that of the parent
rock. Particles of this type are described as being of ‘bulky’ form and thetr shape
can be wdicated by terms such as angular, rounded, flat and elongated. The
particles ocour ma wide range of sizes, from boulders down to the fine rock flour
formed by the gnnding action of glaciers. The structural arrangement of bulkey
patticles (Figure 1.1% 1z descnbed as single grain, each patticle being in direct
contact with adjoining particles without there being any bond between them. The
state of the particles can be described as dense, medium dense or loose, depending
on how they are packed together.

The chemical process results i changes in the mineral form of the parent rock
due to the action of water (especially f 1t contamms traces of acid or alleali), oxvgen
and carbon dicmde. Chemical weatherng results m the formation of groups of
crystalline particles of colleidal size (<0 002 mm) known as clay minerals. The clay
mineral kaclnite, for example, 13 formed by the breakdown of feldspar by the
action of water and carbon dicsmde. Most clay mneral particles are of “plate-like’
form hawing a high spectfic surface (1e. a high surface area to mass ratio) with the
result that thewr structure 15 mfluenced significantly by surface forces. Long ‘needle-
shaped’ particles can also occur but are comparatively rare.

The basic structural units of most clay minerals are a siicon—omxygen tetrahedron
and an alurnum-—hydroxyl octahedron, as dlustrated m Figure 1.2(a). There are
valency imbalances in both units, resulting i net negative charges. The basic units,
therefore, do not exst in isolation but combine to form sheet structures. The
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@ Silicon @ Aluminium
O Oxygen ) Hydroxyl
Silicon—oxygen tetrahedron  Aluminium—hydroxyl octahedron
(a)
:__ — [.__, E—
Silica shast Gibbsite shaet
(b)

Figure I 2 Clay minerals: basic units.

tetrahedral units combine by the shanng of cxygen 1ons to form a sifica sheet The
octahedral units combine through shared hydrosyl ions to form a gibbsifte sheet.
The silica sheet retains a net negative charge but the gibbsite sheet 15 electrically
neutral. Silicon and aluminmum may be parbaly replaced by other elements, this
betng known as isomorphous substitution, resulting in firther charge imbalance. The
sheet structures are represented symbolically i Figure 1.2(0b). Layer structures then
form by the bonding of a silica sheet with either one or two gibbsite sheets. Clay
mineral particles consist of stacks of these layers, with different forms of bonding
between the lavers. The structures of the pnncipal clay minerals are represented in
Figre 1.3

Faalinite consists of a structure based on a smgle sheet of sthea combined with
a single sheet of gibbsite. There i3 very lmited isomorphous substitution. The
cotnbined silica—gibbstte sheets are held together relatively strongly by hydrogen
bonding. A kaclmte particle may consist of over 100 stacks. [ife has a basic
structure consisting of a sheet of mbbaite between and combined with two sheets of
stica. In the silica sheet
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H bond

H bond

(a)

Figure 13 Clay rmunerals: (a) kaohmte, (b)) dlte and (o)
montrmorillonite.

there iz partial substitution of silicon by aluminiim. The combined sheets are linked
together by relatively weak bonding due to non-exchangeable potassium 1ons held
between them Moximorillonite has the same basic structure as dlite. In the
gibbsite sheet there 12 partial substitition of alurinm by magnesium and ron, and
i the siica sheet there 15 again partial substitotion of silicon by alurnium. The
space between the combined sheets 13 occupied by water molecules and
exchangeable cations other than potassmim, resulting i a very weak bond.
Constiderable swelling of montmonllonite can ocour due to addiional water being
adsorbed between the combined sheets,

The surfaces of clay tmineral particles carry residual negative charges, mamnly as a
result of the isommorphous substitution of sticon or aluminnun by tons of lower
valency but also due to dizassociation of hydrosoyl 1ons. Unsatisfied charges due to
‘broken bonds” at the edges of particles also occur. The negative charges result in
cations present in the water i the void space being attracted to the particles. The
cations are not held strongly and, if the nature of the water changes, can be
replaced by other cations, a phenomenon referred to as base exchange.

Cations are attracted to a clay rineral particle becanse of the negatively charged
surface but at the same tiume they tend to move away from each other because of
their thermal energy. The net effect 1z that the cations form a dispersed layer
adjacent to the particle, the cation concentration decreasing with increasing
distance from the swface untl the concentration becomes equal to that m the
general mass of water in the void space of the soil as a whole. The term dowuble
lver describes the negatively charged particle surface and the dispersed layer of
cations. For a given particle the thickness of the cation layer depends mamnly on the
valency and concentration of the cations: an increase m walency (due to cation
exchange) or an increase in concentration will result i a decrease i layer
thickness. Temperature alse affects cation layer thickness, an icrease in
temperature resulting in a decrease in layer thickness.

Lavers of water molecules are held around a clay mineral particle by hydrogen
konding and (because water molecules are dipolat) by attraction to the negatively
charged surfaces. In addiion the exchangeable cations attract water (1e they
become hydrated) The particle iz thus surrounded by a layer of adsorbed waier.
The water nearest to the particle 15 strongly held and appears to have a high
viscosity, but the wiscosity decreases with mcreasmg distance from the particle
sutface to that of “free’ water at the boundary of the adsorbed layer. Adszorbed
water molecules can mowe
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relatively freely parallel to the particle surface but mowvement perpendicular to the
surface 18 restricted.

Forces of repulsion and attraction act between adjacent clay mineral patticles.
Eepulston occurs between the hke charges of the double layers, the force of
repulsion depending on the charactenstics of the layers. An increase i cation
valency or concentration will result m a decrease m repulsive force and wice versa
Attraction between particles 13 due to short-range van der "Waals forces (electrical
torces of attraction between neutral molecules), which are mdependent of the
double-layer characteristics, that decrease rapidly with increasmg distance between
particles. The net mterparticle forces nfluence the structural form of clay mineral
patticles on deposttion. If there 15 net repulsion the particles tend to assume a face-
to-face orentation, this being referred to as a dispersed structure. If;, on the other
hand, there 1z net attraction the orientation of the particles tends to be edge-to-face
ot edge-to-edge, this being referred to as a foccudaied structure. These structures,
mvolnng mteraction between single clay mmeral particles, are dlustrated m Figures
1.4(aj and (b).

In natural clays, which normally contain a significant propottion of larger, bulley
patticles, the structural arrangement can be extremely complex  Interaction
between single clay mineral particles 12 rare, the tendency being for the formation of
elementary aggregations of particles (also referred to as domans) with a face-to-
face onentation. In turn these elementary aggregations combine to form larger
assemblages, the structure of which iz influenced by the depositional enwironment.
Two possible forms of particle assemblage, known as the bookhouse and
turbostratic structures, are illustrated m Figures 1.4ic) and {d). Assemblages can
also occur i the form of connectors of a matriz between larger particles. An
example of the structure of a natural clay, i diagrammatical form, 15 shown m
Fioure 1.4{e). A secondary electron image of Errol Clay 15 shown in Figure 1.5, the
solid bar at the bottomn right of the inage representing a length of 10 pwm

Particle sizes i soils can vary from ower 100mm to less than 0.001 mm. In
British Standards the size ranges detaled in Fioure 1.6 are spectfied. In Figure 1.6
the terms “clay’, “silt’, etc. are used to describe only the sizes of patticles between
spectfied lmmits. However, the same terms are also used to describe particular Hipes
of sodl. Most seils consist of a graded misture of particles from two of more size
ranges. For example, clay 15 a type of sol possessing cohesion and plasticity which
notmally consists of particles i both the clay size and sift size ranges. Cohesion is
the term used to describe the strength of a clay sample when it 15 unconfined, being
due to negative pressure i

'_-:I__—--_-'_..E—

_:‘Tf‘_: %EH"IH;‘ I Oggg;:%
i{ A.,__: ,/ (b) ©
" S

=< %ﬁﬁjﬂ

(el id)

-

S __,ﬁ%?_};;

Figure 1 4 Clay structures: (&) dispersed, (h) focculated, (o)
hookhouse and {d) turbostratic; (g) example of a natural
clay.
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Figure 1.5 Structure of Errol Clay.
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Figure I & Particle size ranges.

the water filling the void space, of wery stnall size, between patticles. This strength
would be lost of the clay were mmersed m a body of water. It should be
appreciated that all clay-size particles are not necessarily clay mineral particles: the
finest rock flour patticles may be of clay size. If clay mineral patticles are present
they usually exert a considerable mfluence on the properties of a sodl, an mfluence
out of all proportion to their percentage by weight i the sol Seils whose
properties are influenced mainly by clay and silt size particles are referred to as fxe
sotls. Those whose properties are mfluenced mamly by sand and gravel size
patticles are referred to as coarss soils.
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1.2 PARTICLE SIZE ANALYSIS

The particle size analysis of a sod sample mvolves determining the percentage by
mass of particles within the different size ranges. The particle size distnbution of a
coarse sod can be detertrined by the method of sieving. The sod sample 15 passed
through a series of standard test sieves having successively smaller mesh sizes. The
mass of soil retained i each sieve 15 determined and the cumulative percentage by
tnass passing each sieve 15 calculated. If fine particles are present in the sod, the
sample should be treated with a deflocculating agent and washed through the
SIEVES.

The particle size distribution of a fine sod or the fine fraction of a coarse sod can
be determined by the method of sedismentation. This method 15 based on Stokes’
law which gowverns the welocity at which spherical particles settle th a suspension:
the larger the particles the greater iz the setthng velocity and wice versa. The law
does not apply to particles smaller than 0.0002mm, the settlement of which 1z
influenced by Browntan mowvement. The size of a particle 12 miven as the diameter of
a sphere which would settle at the same welocity as the particle. Initally the soal
sample 13 pretreated with hydrogen peroxmde to remove any organic material. The
satnple 15 then made up as a suspension i distilled water to which a deflocculating
agent has been added to ensure that all particles settle indradually. The suspension
iz placed i a sedimentation tube. From Stolkes” law it 13 possible to calculate the
titne, £, for particles of a certan “size”, D (the equivalent setthng diameter), to settle
to a speciied depth i the suspension. If, after the calculated tune ¢ a sample of the
suspension 12 drawn off with a pipette at the specified depth below the surface, the
sample will contain only patticles smaller than the size D at a concentration
unchanged from that at the start of sedimentation If papette samples are taken at
the specified depth at tines corresponding to other chosen particle sizes the particle
size distibubion can be detertmined from the masses of the residues. An alternative
procedure to pipette samphing is the measurement of the specific grawity of the
suspension by means of a special hydrometer, the specific gravity depending on the
mass of soi particles in the suspension at the time of measurement. Full details of
the determination of particle size distnbution by both the siewing and sedimentation
methods are gven n BS 1377 (Part 2) [2]

The particle size distribution of a sod 15 presented az a curve on a
sermiloganthimic plot, the ordinates being the percentage by tmass of particles
smaller than the size given by the abscisza. The flatter the distnbution curve the
larger the range of particle sizes m the sod, the steeper the curve the smaller the size
range. & coarse soil 15 described as well graded if there 12 no excess of particles in
aty size range and f no intermediate sizes are lacking. In general, a well-graded soil
1z represented by a smooth, concave distnbution curve. & coarse sodl 15 descrbed
as poorly graded (a) if a high proportion of the particles have sizes wathin narrow
litruts (& wrifaress soi) or (b) € particles of both large and small sizes are present but
with a relattvely low proportion of particles of intermediate size (a gap-graded or
step-graded soll). Particle size 1z represented on a logarithinic scale zo that two
sotls hawing the same degree of umformity are represented by curves of the same
shape regardless of their posihions on the particle size distnbution plot. Examples of
patticle size  distribution curves appear i Figure 1.8 The particle size
corresponding to any specified value on the “percentage smaller” scale can be read
from the particle size distribution curve. The size such that 10% of the particles are
smaller than that size 15 denoted by [, . Other sizes such as [y and D
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can be defined i a sumlar way. The size [ 1z defined as the gffective size. The

general slope and shape of the distnbution curve can be descnbed by means of the
cagfficient of uniformity (U} and the coefficient af curvature (C';), defined as

follows:
~ Dgo
U= (1)
{'\_ — I”I;;H
z Do (12)

The higher the value of the coefficient of unifortty the larger the range of particle
sizes in the soil A well-graded soil has a coefficient of curvature between 1 and =

1.3 PLASTICITY OF FINE SOILS

Plasticity 15 an inportant characterizstic in the case of fine sois, the term plasticity
describing the abidity of a sod to underge unrecoverable deformation without
cracking or crumbling In general, dependmg on its water content {defined as the
ratio of the mass of water i the sodl to the mass of solid particles), a soil may emxst
m one of the hqud, plastic, semm-solid and solid states. If the water content of a sodl
wuttally i the howd state 15 gradually reduced, the state wall change from homd
through plastic and semmi-solid, accompanted by gradually reducing volume, until the
solid state 15 reached. The water contents at which the transions between states
occur differ from sedl to sod In the ground, most fine soils exst i the plastic state.
Plasticity 1z due to the presence of a significant content of clay mineral patticles (or
organic matenial) in the soil. The void space between such particles 15 generally very
small i size with the result that water 15 held at negative pressure by capillary
tenston. This produces a degree of cohesion between the particles, allowing the sod
to be deformed or moulded. Adsorption of water due to the surface forces on clay
tnineral particles may contribute to plastic behawour Any decrease i water
content results i a decrease m cation layer thickness and an mcrease m the net
attractive forces between particles.

The upper and lower limits of the range of water content ower which the sod
exthibits plastic behawiour are defined as the figuad Jimis (w; ) and the plastic St

(wp), respectively. The water content range ttzelf'1s defined as the plasticity index
(fp). 1e

Ip=wp — wp

Howewer, the transtions between the different states are gradual and the houd and
plastic limits tust be defined arbirarily. The natural water content () of a sod
{adusted to an equivalent water content of the fraction passing the 425-|um sieve)
relative to the hoid and plastic limits can be represented by means of the Bguiaity
index (1 ), where

w—wp
o=
L I

The degree of plasticity of the clay-size fraction of a soi 15 expressed by the ratio of
the plasticity index to the percentage of clay-size particles i the sod: this ratio 1z
called the acfivity.
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The transition between the seri-solid and solid states occurs at the shrinkage
Hwait, defined as the water content at wluch the wolume of the sold reaches its
lowest value as it dries out.

The logud and plastic itz are deterrned by means of arbitrary test
procedures, fully detaled m BS 1277 (Part 2) [2] The sod sample 1= dned
sufficiently to enable it to be crumbled and broken up, using a mortar and a rubber
pestle, without crushing individual patticles, only matenial passing a 425-um BS
sieve 15 used i the tests,

The apparatus for the hepud limit test consists of a penetrometer fitted with a 30°
cone of stainless steel, 35mm long the cone and the shiding shaft to which it 12
attached have a mass of 80g. The test scd 15 nuxed with distilled water to form a
thick hotnogeneous paste and stored for 24h. Some of the paste 12 then placed in a
cylindrical metal cup, 55mim internal diameter by 40mm deep, and levelled off at
the rim of the cup to give a smooth surface. The cone is lowered so that it just
touches the surface of the sodl i the cup, the cone being locked in its suppott at this
stage. The cone iz then released for a pentod of 32 and its depth of penetration mto
the scd 13 measured. & lttle more of the sod paste 1z added to the cup and the test
1z repeated untl a consistent value of penetration has been obtained (The average
of two values withan 0. 5t of of three values within 1.0t 15 taken ) The entire
test procedure 15 repeated at least four tumes using the same sod sample but
mcreasing the water content each time by adding distilled water. The penetration
values should cower the range of apprommately 15-25tm, the tests proceeding
from the dner to the wetter state of the soil Cone penetration 15 plotted agamnst
water content and the best straight hine fiting the plotted points 15 drawn. An
example appears in Fioure 1.9 The houd limit 15 defined as the percentage water
content (to the nearest integer) corresponding to a cone penetration of 20mm. Also
gven i B 1377 are detals of the determmmation of hoguid hrmit based on a single
test (the one-point method), prowided the cone penetration 15 between 12 and
&5,

In an alternative test for houid hmit the apparatus consists of a flat metal cup,
mounted on an edge pivet the cup rests itially on a hard rubber base A
mecharism enables the cup to be fted to a height of 10mm and dropped onto the
base. Some of the sol paste 13 placed i the cup, levelled off honzontally and
divided by cutting a groowve, on the diameter through the pivot of the cup, using a
standard groowing tool The two halves of the sod gradually flow together as the
cup 15 repeatedly dropped onto the base at a rate of two drops per second. The
mumber of drops, or blows, required to close the bottom of the groowe over a
distance of 13mm iz recorded. Eepeat determnations should be made until two
successive determmations grve the same number of blows. The water content of the
soil in the cup 18 then determined. This test 12 also repeated at least four times, the
water content of the ol paste being mcreased for each test; the number of blows
should ke within the btz of 50 and 10, Water content 15 plotted agamnst the
loganthm of the mumber of blows and the best straight line fithing the plotted points
15 drawn. For thiz test the lgwd limit 15 defined as the water content at which 25
blows are required to close the bottom of the groove over a distance of 13mm.
Also given h BS 1377 are details of the deterrnation of liguid limit based on a
single test, provided the number of blows 15 between 25 and 15

For the determumation of the plastic bt the test sod 15 muxed wath distilled water
until it becomes sufficiently plastic to be moulded into a ball Part of the zoil sample
(approzmnately 2.5 12 formed into a thread, apprommately 6mm i diameter,
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between the first finger and thumb of each hand The thread 15 then placed on a
glass plate and rolled wath the tips of the fingers of one hand until its diameter is
reduced to apprommately 3mm: the rolling pressure must be uniform throughout the
test. The thread iz then remoulded between the fingers (the water content being
reduced by the heat of the fingers) and the procedure 1z repeated untl the thread of
soil shears both longitudinally and transversely when it has been rolled to a diameter
of 3. The procedure iz repeated using three more parts of the sample and the
percentage water content of all the crumbled sod 15 determuned as a whole, This
water content (to the nearest mteger) 18 defined as the plastic limit of the soil The
entire test i3 repeated using four other sub-samples and the average taken of the
two walues of plastic hrmt: the tests must be repeated of the two wvalues differ by
more than 0.3%.

1.4 SOIL DESCRIPTION AND CLASSIFICATION

It 1z essential that a standard language should emst for the descrption of sods. A
comprehensive  description should mclude the charactenstics of both the sl
material and the ix-sifu soill mass. Matenal characteristics can be determined from
disturbed samples of the soil, 1e. samples hawing the same particle size distribution
as the ix-sifie sod but i which the is-sifu structure has not been preserved. The
principal material charactenstics are particle size distribution (or grading) and
plasticity, fromn which the sod name can be deduced. Particle size distribution and
plasticity properties can be determmed etther by standard laboratory tests or by
siple wisual and manual procedures. Secondary matenal charactenstics are the
colour of the sod and the shape, texture and composition of the particles. MMass
characteristics should 1deally be determned in the field but n many cases they can
be detected in undisturbed samples, 1e. samples in which the ix-sif sod structure
has been essentially preserved. & description of mass charactenstics should mclude
an assessment of ix-sify compactive state (coarse sotls) or stiffhess (fine sois) and
detals of any bedding, discontimuties and weathenng The arrangement of minor
geclogical detals, referred to as the szod macro-fabric, should be carefully
described, as this can mfluence the engineering behawiour of the ix-sifu soi to a
constderable extent Examples of macro-fabric features are thin layers of fine sand
and st i clay, sit-filled fssures in clay, small lenses of clay m sand, orgamc
inchisions and root holes. The name of the geological formation, if defindtely lenowrn,
should be mcluded in the descnption; in addition, the type of depositt may be stated
{e.g. till, alluwum, river terrace), as this can mdicate, i a general way, the likely
behawmour of the sod.

It 1z inportant to distinguish between soil description and sod classfication. Sod
description mcludes details of both matenal and mass charactenstics, and therefore
it 1z unlikcely that any two sois will have identical descriptions. In sodl classification,
on the other hand, a sod 1z allocated to one of a lwmted number of groups on the
basiz of matenal charactenstics only. Sodl classification 15 thus mdependent of the
in-situ condition of the sodl mass. If the sodl iz to be emploved i itz undisturbed
conditon, for example to support a foundation, a full sedl description wall be
aderuate and the addition of the soil classification 13 discretionary. However,
classification 15 particulatly usefil o the sod m question 15 to be used as a
construction materal, for example i an embantument. Engmeers can alse draw on
past expenence of the behavour of zoils of similar clagsification.
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Rapid assessment procedures

Both soil description and classification require a knowledge of grading and
plasticity. This can be determined by the fill laboratory procedure using standard
tests, as described in Sections 1.2 and 1.3, in which values defining the particle size
distribution and the houd and plastic bmits are obtained for the sod in question.
Alternatively, grading and plasticity can be assessed using a rapid procedure which
mvolves personal udgements based on the appearance and feel of the soi The
rapid procedure can be used in the field and i other situations where the use of the
laboratory procedure 15 not possible or not justified. In the rapid procedure the
following mdicators should be used.

Particles of 0.0&mm, the lower size limit for coarse soils, are just wsible to the
naked eye and feel harsh but not gntty when rubbed between the fingers; finer
material feels smooth to the touch The size boundary between sand and gravel is
Zmim and this represents the largest size of particles which will hold together by
capillaty attraction when motst. & purely wisual judgement rust be made as to
whether the sample 1z well graded or pootly graded, this being more difficult for
satids than for gravels.

If a predominantly coarse sol contains a significant propottion of fine matenial it
1z mmportant to know whether the fines are essenhally plastic or non-plastic (e
whether the fines are predomimantly clay or silt respectively). This can be udged by
the extent to which the sod exhibits cohesion and plasticity. & small quantity of the
soll, with the largest particles removed, should be moulded together in the hands,
adding water if necessary. Cohesion 18 indicated if the sod, at an appropriate water
content, can be moulded mto a relatively fitm mass. Plasticity 15 mdicated if the soil
can be deformed without cracking or crumbling, 16 without losing cohesion. It
cohesion and plasticity are pronounced then the fines are plastic. If cohesion and
plasticity are absent or only weakly mdicated then the fines are essentially non-
plastic.

The plasticity of fine soils can be assessed by means of the toughness and
dilatancy tests, described below. An assessment of dry strength may also be uszefil
Any coarse particles, if present, are first removed, and then a small sample of the
soil iz moulded i the hand to a conststency udged to be qust abowe the plastic lirmit;
water 15 added or the sod 15 allowed to dry as necessary. The procedures are then
as follows.

Toughneass test

& small prece of soll 15 rolled out mto a thread on a flat swface or on the palm of
the hand, moulded together and relled out agan untl it has dned sufficiently to
break into lumps at a diameter of around 3mm. In this condition, ihorganic clayvs of
hgh Ligmd limit are farly st and tough, those of low Lhqud limt are softer and
crumble more easily. Inorganic silts produce a weak and often soft thread which
may be difficult to form and readily brealks and criumbles.

Dilatancy test

A pat of sodl, with sufficient water added to make it soft but not sticky, 12 placed in
the open (horizontal) palm of the hand. The side of the hand 1s then struck against
the other hand several times. Dilatancy i1z mdicated by the appearance of a shiny
filrn of water on the surface of the pat; f the pat 15 then squeezed or pressed with

the fingers
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the surface becomes dull as the pat stffens and eventually crumbles. These
reactions are pronounced only for predommantly st size material and for very fine
sands. Plastic clays give no reaction.

Dy strength fest

& pat of sodl about fmm thick iz allowed to dry completely, etther naturally or in an
oven. The strength of the dry soil 13 then assessed by breaking and crumbling
between the fingers. Inorganic clays have relatively high dry strength; the greater the
strength the lugher the hqud limt Inorgamc silts of low houd it have lttle or no
drv strength, crumbling easily between the fingers.

Organic solls contatn a significant propottion of dispersed wvegetable matter
which usually produces a distnctive odour and often a dark brown, dark grev or
blush grev colour. Peats consist predominantly of plant remains, usually darl
brown ot black i colouwr and with a distinctive odeur. If the plant remains are
recognizable and retatn some strength the peat 15 descnbed as fibrous. If the plant
remains are recognizable but their strength has been lost they are pseudo-fibrous. I
recognizable plant refnains are absent, the peat1s described as amorphous.

Soil description details

& detalled gude to soid deseription i3 given m BS 3930 [2] According to this
standard the basic sod types are boulders, cobbles, gravel, sand, st and clay,
defined in tertns of the particle size ranges shown i Figure 1.6; added to theze are
orgatic clay, st or sand, and peat These names are always written in capital
letters m a sodl descnption Mistures of the basic soll types are referred to as
composite types.

& zol 13 of basic type sand or gravel (these bemng termed coarse sods) i, after
the removal of any cobbles or boulders, over 65%0 of the matenal 15 of sand and
oravel sizes. A sodl 18 of basic type st or clay (termed fine soils) i, after the
removal of any cobbles or boulders, over 3% of the matenal 15 of st and clay
sizes. However, these percentages should be considered as approsmmate
guidelines, not forming a rgid boundary. Sand and gravel may each be subdimded
mte coarse, medium and fine fractions as defined m Figure 1.6, The state of sand
and gravel can be described as well graded, pootly graded, uniform or gap graded,
as defined m Section 1.2 In the case of gravels, patticle shape (angular, sub-
angular, sub-rounded, rounded, flat, elongated) and surface texture (rough, smooth,
polished) can be descnbed if necessary. Particle composition can alse be stated.
Gravel particles are usually rock fragments (e g sandstone, schist). Sand patticles
usually consist of mdimdual runeral grams (e.g quartz, feldspar). Fine sods should
be described as etther silt or clay: terms such as sty clay should not be used.

Compostte types of coarse sod are named m Table 1.1, the predominant
component bemg wntten in capital letters. Fine soils contaming 25—65% coarse
material are described as sandy andfor gravelly SILT (or CLATY) Deposits
containg over 20% of boulders and cobbles are referred to as very coarse and
notmally can be described only in excavations and exposures. Mixes of very
coarse material with finer solls can be described by combitung the descriptions of
the two components, eg COBBLES with some FINEE MATEEIAT (sand),
gravelly SAND with occasional BOTLDEES.
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Tahle 1 7 Compostte types of coarse zo1

Slightly sandy GRAVEL

Sandy GRAVEL

Very sandy GRAVEL

SAND and GRAVEL

Very gravelly SAND

Cravelly SAND

Shghtly gravelly SAND

Shghtly sty SAND (and/or CRAVEL)
Silty SAND (andior GRAVEL)

Very silty SAND (andfor GRAVEL)
Shehtly clayey SAND {(and/or GRAVEL)
Clayey SAND (andfor GRAVEL)
Very clayey SAND (and/or CRAVEL)

Hotes

Terms such as “Blightly clayey gravelly BAND” (having less than 5% clay and gravel) and
‘Bilty sandy GEAVEL® thaving 5—20% silt and sand) can be used, based on the above
proportions of secondary constituents.

Up to 5% sand
5—20% sand
Ower 20%% sand
Ahout equal proportions
Ower 20%% gravel
5—20% grawvel
Up to 5% grawvel
Up to 5% silt
5—20% silt

Ower 20%0 it
Up to 5% clay
5—20% clay
COwer 20% clay

The state of compaction or stifhess of the in-zify soil can be assessed by means of
the tests or indications detaled m Takle 1.2,

Discontitnuties such as fissures and shear planes, includmmg thewr spacings, should
be dicated Bedding features, mcluding their thickness, should be detaled.
Alternating layers of varyng soil types or with bands or lenses of other matenials
are described as interstratified. Layers of different sod types are descnibed as
interbedded or wmter-larninated, their thickness being stated. Bedding surfaces that
separate easdy are referred to as partings. If partings mcorporate other matenal,
thiz should be described.

Tahle 1 2 Compactive state and stiffness of sols

Sail Term Field test or indication
group
Coarse  Veryloose  Assessed on basis of &V walue deterrruned by means of
soils Loose standard penetration test—see Chapter & and Table &3
Iedmm
dense
Dense
Very dense
Shghtly Vizual examination: pick removes soi in lumps which can
cemented he abraded
Fine sofls Uncompact  Easly moulded or crushed by the fingers
Compact Can be moulded or crushed by strong finger pressure
Very soft Finger can easily be pushed in up to 25mm
Soft Finger can be pushed i up to 10min
Firmm Thumb cah make impression easily
suff Thumhb can make slight indentation
Very stiff Thumhb nail can tmake indentation
Hard Thutnb nail can make surface scratch
Organic  Firm Fibres already pressed together
soils Spongy Very compressible and open structure
Flastic Can be moulded m the hand and smears fingers
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wome examples of sodl descroption are as follows,

Dense, reddish-browr, sub-angular, well-graded SAND

Firtn, grey, laminated CLAY with occasional sit partings 05—
2. 0mmtn CAThsmrm)

Denze, brown, well graded, very silty SAND and GRAVEL with
some COBBLES (Til)

Stff brown, closely fissured CLAY (London Clay)
Spongy, dark brown, fibrous PEAT (Recent Deposits).

Soil classification systems

iFeneral classffication systemns i which sods are placed mto groups on the basis of
grading and plasticity have been used for many vears. The feature of these systems
1z that each scil group 15 dencted by a letter symbol representing main and
gualifipng terms. The tertns and letters used i the TE are detaded in Table 1.3
The boundary between coarse and fine sods 15 generally taken to be 25% fines (e
patticles smaller than 0 .0&mm). The heud and plastic imits are used to claszify fine
solls, etnploying the plasticity chatt shown in Figure 1.7, The axes of the plasticity
chatt are plasticity mndex and hepuid hrot; therefore, the plasticity charactenstics of a
patticular soil can be represented by a point on the chart. Classification letters are
allotted to the sod according to the zone within which the pomt hes. The chart is
dinded mto five ranges of hgwd bmit The four ranges I, H, WV and E can be
combined as an upper range (U 1if closer designation 12 not required or if'the rapid
assessment procedure has been used to assess plasticity. The diagonal ine on the
chatt, known as the A-fize, should not be regarded as a ngid boundary between
clay and silt for purposes of sol deseripfion, as opposed to classfication. A simnilar
classification system was developed m the TS [10] but wiath less detaled
subdivisions.

The letter denoting the deminant size fraction 1z placed first i the group symbol
If'a sod has a significant content of organic matter the suffix O 15 added as the last
letter of the group swmbol A group symbol may consist of two or more letters, for
example:

SW—well-graded SAND

SCL—very clayey SAND (clay of low plasticity)
ClE—sandy CLAY of mtermediate plasticity
MHSO—orgame sandy SILT of lugh plasticity.

The name of the sod group should always be given, as above, i addiion to the
symbol, the extent of subdinsion dependmg on the particular sttiation. If the rapid
procedure has been used to assess grading and plasticity the group symbol should
be enclosed m brackets to mdicate the lower degree of accuracy associated with
this procedure.

The tertn FINE SOIL or FIMNES (F) i used when it 15 not required, or not
possible, to differentiate between SILT (M) and CLAY (O SILT (M) plots
below the A-line and CLAY (C) abowe the A-line on the plasticity chart, 12 silts
exhibit plastic properties over a lower range of water content than clavs having the
same bemd et SILT or CLAY 15 qualfied as gravelly f more than 50% of the

coarse fraction 12 of grawvel
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Table 1.3
Mair terms Criclifying terms
CGRAVEL G Well graded W
SAND 5 Pootly graded P
Uriform Pu
Gap graded Pg
FINE SOIL, FINES M Of low plasticity (w. < 35)
SILT (M-50IL) F Of mtermediate plasticity {w.: 35-50) I
CLAY C Of high plasticity (w: 50-70) H
Of very high plasticity (we: 70-907 W
Of extremely hugh plasticity (w > 90) E
Of upper plasticity range {w > 33) I
FEAT Pt Orgamc (may be a suffiz to any group) ]
70 C:E/
60 ﬁ“
cv
50 )
g | me
% 40 CH _F,,/f
k) MV
& 30
cl
20 ]
cL /‘/ MH
10 <
E e il
0 ol I s i
Q M0 20 30 40 50 60 TF0O B8O 80 100 110 120

Liquid lirnit

Figure 1.7 Plasticity chart: Britsh system (BS 5930:1999)

size and as sandy if more than 50% of the coarse fraction iz of sand size. The
alternative term LI-SOIL 15 introduced to describe material which, regardless of its
particle size distribution, plots below the A-line on the plasticity chart: the use of
this tertn avelds confiision with soils of predorminantly st size (but with a significant
propottion of clay-size particles) which plot abowve the A-line. Fine sotls contaning
significant amounts of organic matter usually have high to extremely high hepud hroits
and plot below the A-line as organic silt. Peats usually hawe wery high or extremely
hgh heud limits.

Any cobbles or boulders (particles retained on a 63-mm B3 sieve) are removed
from the scil before the classification tests are carried out but their percentages in
the total sample should be determined or estimated. Motures of sodl and cobbles or
boulders can be mdicated by usng the letters Ch (COBBLES) or B
(EOTULDEES) joined by
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atsign to the group symbol for the sed, the dommant component being grven first,
for example:

GW+Ch—well-graded GRAVEL with COEBLES
B+CL—BOULDERS with CLAY of low plasticity.

& general classfication systetn 15 usefil i developing an understanding of the nature
of diferent sod types. However, m practice it 15 more appropriate to use systemns
based on properties related to the suitability of sods for uze i specific construction
situations. For example, the TE Department of Transport [6] has detaled a
classification svstem for the acceptabiity of sods for use m earthworks m ighway
construction. In this system, soils are allocated to classes baszed mainly on grading
and plasticity  but, for some classes, chemical, compaction and strength
characteristics are also specified.

Example 1.1

The results of particle size analyses of four sods &, B, C and D are shown m Table
1.4 The results of limnit tests on sod D are:

Licuad lirut;
Cohe penetration () 155 180 194 222 249
Water content (%4) 33 408 421 446 456
Flastic Lirnit:
Water content (%) 239 2473

The fine fraction of z01l C has a hogud bmit of 26 and a plasticity mdex of 9. (a)
Determine the coefficients of uniformity and curvature for soids &, B and C. (B)
Allet group symbols, with math and qualifiying terms to each sodl

Table 1.4
EBE sigve FParticle size* FPereantage smallar
Sail 4 Sail B Sail & Sail D

& 3tntn 100 100

20t B4 7

f. 3rrumn 39 1ao 65

Zrmim 24 95 59

f00wm 12 a0 54

212um 5 a 47 100

63t 0 3 34 95
0.0Z20tun 23 i
0. 006w 14 46
0.00&mun 7 3l

Hote

* From sedimentation teat.
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The patticle size distribution curves are plotted i Fioure 1.8, For solls & B and
Z the sizes Dm, DEIZI and DrSIII are read from the curves and the walues of CT_T and

CZ are calculated:

Sail Ly Loy L C '

- 0.47 35 1é 34 1.d
B 0.23 0.30 0.41 1.3 0.9%
- 0.003 0.042 2.4 200 025

For sod D the hquid it 15 obtamed from Figure 1.9, in which cone penetration is
plotted against water content. The percentage water content, to the nearest integer,
corresponding to a penetration of 20mm 15 the lowd limit and iz 42, The plastic
litrut 15 the awverage of the two percentage water contents, agan to the nearest
mteger, 1e. 24 The plasticity index 13 the difference between the hqud and plastic
litruts, 12 15,

soll A conststs of 100%0 coarse matenal (76% gravel size, 24% sand size) and 15
classified as GW: well-graded, very sandy GEAVEL.

Soll B consists of 97% coarse matenial (95% sand size; 2% gravel size) and 3%
fines. It 15 classified as SPw uriform, shightly sity, medum SAND.

Soil C comprizes 66% coarse material (41% gravel size; 259% sand size) and
34% fines (WL = 26, fp = 9. plotting in the CL zone on the plasticity chart). The
classification 13 GCL: very clayey GEAVEL (clay of low plasticity). This 15 atill, a
glacial deposit having a large range of particle sizes.

sol D contams 90% fine matenal: the howd bt 13 42 and the plasticity mdex 15
18, plotting qust abowe the &A-line in the CT zone on the plasticity chart. The
classification 15 thus CT CLAY of intermediate plasticity.

BS sieves
100 Gdpm 212um 600um 2mm 6.3mm 20mm &62mm
1 i
4 l_..--""'"
80 i
o
80 AL
Fr
- 70 .
= [},l’l LT W
g 60 7 =t A
W LM bt A
g, 20 H C - M
‘“:. F]
S o a
g 30 r
o LT L1
m -l-lf'-.r-.- m l‘"r"
- 1
10 2 4+ H
g Sil F;
[} and Gravel
Clay Fine [Medium [Coarse] Fine Mediom] Goarse | Fing | Medum] Goarse Gabbles
T T T T Y P
0.001 0.01 01 1 10 100

Particle size (mm)

Figure I & Particle size distribution curves (Example 1.1).
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Figure I 9 Determination of hogud et

1.5 PHASE RELATIONSHIPS

45

46

wolls can be of etther two-phase or three-phase composthion. In a completely dry
soil there are two phases, namely the solid zoill particles and pore atr. A filly
saturated sodl 13 also two phase, being composed of solid soll particles and pore
water. 4 pattally saturated sod 13 three phase, being composed of sohd scd
patticles, pore water and pore air. The components of a soil can be represented by
a phase diagram as shown m Figwre 1.10(g). The followmng relationships are

defined with reference to Figure 1.10(a).

The waler confent (w), of moisiure content fm), 15 the ratio of the mass of

water to the mass of solids i the sod, 16

_ M,

W

Volume Mass Volume

-T_ A Air - r

Air

e |

A Solids

I IR I S

i
o
l Vo Water E": wiG, Watar
v b % M ,*_ |
M,

1 Solids

(a) (b}

Figure I 70 Phase diagrams.
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The water content iz determined by weighing a sample of the soil and then drying
the sample m an oven at a temperature of 105-110°C and reweighing Drying
should continue until the differences between successive weighings at four-houtly
intervals are not greater than 0.1% of the original mass of the sample. & dryving
penriod of 24h 15 normally adequate for most sods. (See BS 1577

The degree af safuration (5) 15 the rafio of the volume of water to the total

volume of woid space, 1e.

L’\\'
=7 (1.4)

The degree of saturation can range between the htts of zero for a completely drv
sofl and 1 (or 100%) for a fully saturated sod.

The vaid ratio fe) 15 the ratio of the volume of woids to the volume of solids, 1e.
Vs (1.3)

The porasity (#) 1z the ratio of the volume of woids to the total wolume of the sod,
LE.

_—
e

n _—

% (1.6)

The woid ratio and the porosity are mter-related as follows:

"

Sl (1.7)

™

=

1+ (1.8)

The specific velume (v) 15 the total volume of sod which containg unit wolume of
solids, 1e.

(1.9)

The air content or air voids (A) 15 the ratio of the volume of air to the total volume

of the soil, 18

A==

v (1.10)

The bulk density () of a soil 15 the ratio of the total mass to the total volume, 16,

M
»=="

(1.11)

Converdent units for density are kgfm3 or Mgme. The density of water (1000kgfm3
or l.ﬂﬂMgme) 15 denoted by o
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The specific grawity of the soil particles () 15 given by

,1-{._; |”\.

O = e (1.12)

where p_ 15 the particle density. Procedures for determinmg the walue of particle

density are detaled m B> 1377 (Part 2) [2] If the vnts of o are It.’Igme then o
and 7 are numerically equal. Particle density is used m preference to &7 in British
standards but it 15 advantageous to use &7 (which 15 dimensionless) i deriving

relationships from the phase diagram.
From the defintion of woid ratio, of the wolume of solids 15 1 vt then the volume
of woids 13 @ units. The mass of solids 1z then GS,OW and, from the defintion of water

content, the mass of water is WGS,DW. The wolume of water 13 thus WGS. These

volumes and masses are represented in Figure 1. 100k The following relationships
can now be obtained.
The degree of saturation can be expressed as

wiy,

Si==2 (1.13)

In the case of a fully saturated soil, S¢ = 1 hence

¢ = w7,
{1.14)
The air content can be expressed as
& = wir,
S (1.15)
or, from Equations 1.8 and 1.15,
A=n(l = 5)
{1.16)
The bulk density of a sodl can be expressed as
Gull +)
P= e (1.17)
of, from Equation 1.13,
_Gi+Se
P e ™ (1.18)
For a fully saturated sodl (S: = 1)
Gy 4p ,
Pt = e ™ (1.19)
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For a completely dry soi (5r = )

W Mg

G (1.20)

The wxii weight ) of a sod 15 the ratie of the total weight (a force) to the total
volume, 1e.
W Mg

f _F_ J"'-

Equations stmilar to 1.17-1.20 apply in the case of unit weights, for example

G+ w)
T L re ™ {1.17a)
N G, 4 .S',:'H
: 1+e '™ {1.18a)

where ¥, 15 the unit weight of water. Convenient urits are kIfmC, the unit weight of

water being 9 8k /m’ {or 10,0k /m” in the case of sea water).
When a soill ix sifn s fully saturated the solid soil particles (volume: 1 unit,
weight: &y, ) are subjected to upthrust (y_). Hence, the bucyant wnit weight (y)

iz given by

p e — e G- 1

I+ 14+e ™ (1.21)

1E.

=

= Teat —

(1.22)

In the case of sands and gravels the densify index (i) 15 used to express the

relationship between the ix-sify void ratio {2, or the void ratio of a sample, and the

lriting values e and e . . The density index (the term “relative density’ 15 also
used) 1z defined as

‘r ".‘TI'I.'I". [

P Emax — “min (123}

Thus, the density mndex of a soil m itz densest possible state (€= @) 15 1 {or
100%0) and the denstty mdex i its loosest possible state (€ = man) 13 0

The tasmum density 18 determined by compacting a sample underwater i a
mould, usg a crcular steel tamper attached to a wibrating hammer: a 1-1 mould 13
used for sands and a 2.3-1 mould for gravels. The soil from the mould is then dned
in at oven, enabling the div density to be detertruned. The munttmum dry density can
be deterrmuned by one of the following procedures. In the case of sands, a 1-1
measuring cylinder is partially filled with a dry sample of mass 1000g and the top of
the cylinder closed with a rubber stopper. The mimtmum density i3 achieved by
shalung and mverting the cylinder several times, the resultng volume bemg read
from the graduations on the cylinder In the case of gravels, and sandy grawvels, a
satmple 15 poured from
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a height of about 0.5t inte a 2.3-1 mould and the resulting dry density deternned.
Full details of the above tests are given i B3 1377 (Part 4) [2] Veoud ratio can be
calculated from a walue of dry density using Equation 120 Howewver, the density
index can be calculated directly from the masamuom, mittroum and ix-sife values of

dry density, avording the need to know the value of &7

Example 1.2

In itz natural condition a sod sample has a mass of 22%90g and a wolume of

1.15 x 1077 m*. After being completely dried in an oven the mass of the sample is
2035g. The value of (f_ for the soil 15 2.68. Determine the bulk density, unit weight,

water content, void ratio, porosity, degree of saturation and air content.

M 2.290 .
Bulk density, p= — = ——— = 1990 ke/m’  (1.99 Mg/m’
ulk density, p 7 ST <107 g/m' | aim’)

4

. . Mg i .
Unit weight, ~ = J—J‘ = 1990 % 9.8 = 19 500 N/m’

- 19.5kN/m?
i M, 2290 — 2035 - .
Water content, w = M. = BT =0.125 or 12.5%
From Equation 1.17,
Void ratio, ¢ = Go(1 +w)2 |
fo
1000
= [ 2.68 = 1.125 —1
( o X mnn)
=1.52-=1
= ().52
) 3 0.52
Porosity, n = E :_‘, =133~ 0.34 or 34%
. . wir, 0125 = 2.68 _ o
Degree of saturation, 5, = L 052 = 0.0645 or 64.5%
[ . s

Air content, 4 =n{l = 5;) =0.34 = 0.355

=0.121 or 12.1%

1.6 SOIL COMPACTION

Compaction 18 the process of increasing the density of a zodl by packing the
patticles closer together with a reduction in the volume of air; there 15 no sigraficant
change m the wolune of water i the scd In the construction of fills and
embankments, loose zoil 12 placed in lavers ranging between 75 and 450mm in
thickness, each layer being
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cotnpacted to a spectied standard by means of rollers, whrators of ratmners. In
general, the higher the degree of compaction the lugher will be the shear strength
atd the lower will be the compressibility of the sl An enginesred fill 12 one in
which the soil has been selected, placed and compacted to an appropriate
speciication wiath the object of achiewving a particular engmeenng performance,
generally based on past expenience. The aim i3 to ensure that the resulting fill
possesses propetties that are adequate for the fanction of the fll This 15 i contrast
te non-engneered flls which have been placed without regard to a subsequent
engineering fimction.

The degree of compaction of a sed 13 measured i terms of drv density, 1e. the
mass of solids only per untt volume of sodl. I the bulle density of the sod 1z p and the
water content w, then from Eouations 1.17 and 1.20 it 15 apparent that the dry
density 15 grven by

Py ==

l +w (1.2

The dry density of a given soil after compaction depends on the water content and
the energy supplied by the compaction equipment (referred to as the compactive
effort).

The compaction characteristics of a soil can be assessed by means of standard
laboratory tests. The sod 15 compacted i a cylindrical mould using a standard
compactive effort. In BS 1277 (Part 4) [2] three compacton procedures are
detaled. In the Practar test the volume of the mould 15 11 and the sodl (with all
patticles larger than 20mm removed) 12 compacted by a rammer consisting of a
2.5-kg mass faling freely through 300mm: the sod 15 compacted i three ecqual
layers, each laver recetving 27 blows with the rammer. In the madified AASHTO
test the mould 15 the same as 15 used in the above test but the rammer consists of a
4.5-kg mass falling 450mm: the sodl (with all particles larger than 20mm removed)
1z compacted m five layers, each layer recerving 27 blows wath the rarmmer. If the
sample contains a htted propottion of particles up to 27 5tn i size, a 231
mould should be used, each layer recernng 62 blows with etther the 2.5- or 4.5-kg
rammer. In the vibrating harumer test, the soi (with all particles larger than
27 ot retnowved) 15 compacted in three layers i a 2.3-1 mould, using a circular
tamper fitted in the wibrating hammer, each layer bemg compacted for a penod of
£ills.

After compaction using one of the three standard methods, the bull density and
water content of the sod are deternmuned and the dry density calculated. For a given
soll the process 15 repeated at least five times, the water content of the sample
being creased each time. Diry density 1 plotted against water content and a curve
of the form shown m Fimure 1.11 13 obtamed. This curve shows that for a particular
method of compaction (1e. a particular compactive effort) there 15 a particular value
of water content, known as the opiimaen waier conient (Wupt)’ at which a

maximim value of diy density 13 obtatned. At low walues of water content meost
solls tend to be stff and are difficult to compact. Az the water content 13 increased
the scil becomes more workable, facilitating compaction and resulting in higher dry
densities. At high water contents, howewver, the dry density decreases wath
mereasing water content, an ihcreasing propotfion of the ol wolume being
occupied by water.

If all the air in a soil could be expelled by compaction the sod would be in a state
of full saturation and the dry density would be the mamimum possible value for the
given

& 1974, 1972, 1982, 1957, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Soil compaction 23

Dry density

Wop

Water content

Figure I 11 Dry density—water content relationship.

water content. However, this degree of compaction 13 unattainable in practice. The
mamtmin possible value of dry density 18 referred to as the “zero ar woids’ dry
density or the saturation dry density and can be calculated from the expression:

G

=T WG, ™ (1.25)

In general, the div density after compaction at water content w to an atr content A
can be calculated from the following expression, denwved from Eouations 1.15 and
120

T+wG, ™ (1.26)

The calculated relationship between zero ar woids dry density and water content
(for Gs=2.05Y iz shown in Fioure 1.12: the curve is referred to as the zero air
woids line or the saturation ne. The expenmental dry density—water content curve
tor a particular compactive effort must le completely to the left of the zero ar voids
line. The curves relating div density at ar contents of 5 and 10% waith water
content are alse shown i Figure 1.12, the walues of dry density bemg calculated
from Ecuation 1.26 These curves enable the ar content at any point on the
expertmental dry density—water content curve to be determmined by nspection.

For a particular sedl, different dry density—water content curves are obtained for
different compactive efforts. Curves representing the results of tests using the 2.5-
and 4.5-kg rammers are shown m Figure 112 The curve for the 4. 5-kg test 13
sttuated abowe and to the left of the curve for the 2 5-kg test Thus, a higher
cotnpacttve effort results m a higher value of mamroum dry density and a lower
value of optimum water content, however, the values of air content at masimum dev
density are approxmately equal
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23t

Air content
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Water content (3)

Figure 112 Dry denstty—water content curves for different
compactve efforts.

The dry density—water content curves for a range of sol types using the same
compactitve effort (the BS 2. 5-kg rammer) are shown i Figure 1,12 In general,
coarse solls can be compacted to higher dry densities than fine sodls.

Field compaction

The results of laboratery compacton tests are not dwectly applcable to feld
compaction because the compactive efforts in the laboratory tests are different, and
are applied i a different way, from those produced by field equipment. Further, the
laboratory tests are carried out only on matenal smaller than either 20 or 37 Smim.
However, the mammum dry densities obtatned i the laboratory using the 2.5- and
4 5-kg rammers cower the range of dry density normally produced by field
compaction equiptnent.

A minimum  number of passes must be made with the chosen compaction
equipment to produce the required walue of dry density. This number, which
depends on the type and mass of the equipment and on the thickness of the sl
layer, 15 usually within the range 3-12. Above a cettain number of passes no
significant merease in dry density 13 obtained. In general, the thicker the sod layer
the heawer the equiptment required to produce an aderuate degree of compaction.

There are two approaches to the achievement of a satisfactory standard of
compaction m the field, known as method and end-product compaction In
method compaction
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Figure 113 Dry density—water content curves for a range of soil

trpes.

the type and mass of equipment, the layer depth and the number of passes are
spectfied. In the TTE these detatls are given, for the class of matenial m question, in
the Spectfication for Highway Weotks [6] In end-product compaction the required
dry density 15 specied: the dry density of the compacted Hll must be equal to or
oreater than a stated percentage of the massirmum diy density obtained in one of the
standard laboratory cotnpaction tests. Method cotnpaction 15 used i most
earthwotls. End-product compaction 15 normally restricted to pulverized fuel ash
general fill and to certain selected fills.

Field density tests can be carried out, f considered necessary, to verfy the
standard of compaction in earthworks, dry density or air content bemg calculated
from measured walues of bull density and water content. & nmumber of methods of
measuring bull density m the field are detaled n BS 1377 (Part 4) [2].

The following types of compaction equipment are used i the feld

Smooth-wheeled rollers

These consist of hollow steel drums, the mass of which can be increased by water
or sand ballast They are sutable for most types of sl except uniform sands and
sty sands, provided a miming or kneading action 15 not required. & stnooth surface
13
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produced on the compacted layer, encouraging the run-off of any ramnfall but
resulting in relatively poor bonding between successive layers; the fill as a whele
will therefore tend to be laminated. Smooth-wheeled rollers, and the other types of
roller described below, can be etther towed or self-propelled.

Preumatic-tyred rollers

This equipment iz suitable for a wide range of coarse and fine sods but not for
unformly graded material Wheels are mounted close together on two axles, the
rear set owerlapping the lines of the front set to ensure complete coverage of the
sotl surface. The tyres are relatively wade with a flat tread so that the soil 15 not
displaced laterally. This type of roller 13 alse avalable with a special axle which
allows the wheels to wobble, thus preventing the bndging over of low spots.
Prneumatic-tyred rollers wnpart a kneading action to the sod. The finished surface is
relatively smooth, resulting i a low degree of bonding between layers. If good
bonding 15 essential, the compacted surface must be scanfied between layers.
Increased compactive effort can be obtamed by mcreasing the tyre mflation
pressure of, less effectively, by adding kentledge to the body of the roller.

Sheapsfaot rallers

This type of roller consists of hollow steel dnumns with numerous tapered or club-
shaped feet projecting from their surfaces. The mass of the diums can be mcreazed
by ballasting. The atrangement of the feet can vary but they are usually from 200 to

250mm m length with an end area of A0—65cm?®. The feet thus inpart a relatively
high pressure over a small area. Trtially, when the layer of sodl 15 loose, the drums
are i1 contact with the soi surface. Subsequently, as the projecting feet compact
below the surface and the soil becomes sufficiently dense to suppott the high
contact pressure, the drums nse above the soil Zheepstoot rollers are most sutable
for fine soils, both plastic and non-plastic, especially at water contents dry of
optitmam. They are also sutable for coarse sods with more than 20% of fines. The
action of the feet causes significant moong of the sod, wmproving its degree of
homogeneity, and will break up lumps of stiff matenal Due to the penetration of the
teet, excellent bonding iz produced between successive sol layers, an impottant
requitemnent for water-retaming  earthworks, Tamgping rollers are swmlar to

sheepsfoot rollers but the feet have a larger end area, usually over 100em?, and the

total area of the feet exceeds 15%0 of the surface area of the drams.

Grid rollers

These rollers have a surface consisting of a network of steel bars fortng a gnd
with square holes. Eentledge can be added to the body of the roller. Grid rollers
provide high contact pressure but little kneading action and are suttable for most
coarse sois.

Vibratary rallers

These are stnooth-wheeled rollers fitted with a power-diven wibration mechamstn,
They are used for most sod types and are more efficient if the water content of the
ol
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15 shightly wet of optimmum. They are particularly effective for coarse sodls with little
or no fines. The mass of the roller and the frequency of wibration must be matched
to the sod type and layer thickness. The lower the speed of the roller the fewer the

munber of passes required.

Vibrating plates

Thiz ecuiptment, which 12 suitable for most sodl types, consists of a steel plate wath
upturned edges, or a curved plate, on which a wibrator iz mounted. The unit, under
manual gmdance, propels tself slowly over the surface of the sed

Fower rammers

MManvally controlled power rammers, generally petrol-drnven, are used for the
compaction of small areas where access 15 difficult or where the use of larger
equipment would not be jqustiied They are also used extensively for the
compacton of backfill i trenches. They do not operate effectively on uniformly
graded soils.

Moisture condition test

Az an alternative to standard compaction tests, the motsture condition test 13 wadely
used m the TE. This test, developed by the Transport and Eoad Eesearch
Laboratory [2], enables a rapid assessment to be made of the suttabiity of sods for
usze ag fill matenials. The test does not nvolve the determmination of water content, a
cause of delay i obtaung the resultz of compaction tests. In principle, the test
consists of determning the effort required to compact a soil sample (hormally
1.9kg) close to itz masamim density. The sodl 18 compacted in a cylindncal mould
having an internal diameter of 100mun centred on the base plate of the apparatus.
Compaction 13 mmparted by a rammer hawing a diameter of 97mm and a mass of
Tlg falling freely from a height of 250mim. The fall of the rammer 15 controlled by an
adjustable release mechamsm and two vertical gmde rods. The penetration of the
rammer into the mould 15 measured by means of a scale on the side of the rammer.
A fibre disc iz placed on top of the sod to prevent extrusion between the rammer
and the mside of the mould. Full detadls are gven n BS 1377 (Part 4) [2].

The penetration 15 measured at wanous stages of compaction For a given
number of rammer blows () the penetration 15 subtracted from the penetration at
four times that number of blows (4#). The change in penetration between »# and 4x
blows 15 plotted against the logarithin (to base 10) of the lesser munber of blows
fz2). A change i penetration of Smm 15 arbatrarily chosen to represent the condiion
beyvond which ne sigmficant increase i density occurs. The moisture condition
vadwe (MCV) 13 defined as 10 times the logarithm of the number of blows
cotresponding to a change mn penetration of dmm on the above plot. An example of
such a plot iz shown in Fioure 114 For a range of soil types it has been shown that
the relationship between water content and MOV 15 linear over a substantial range
of weater content.
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Figure I 74 Moisture condition test.

PROBLEMS

1.1 The results of particle size analyses and, where appropriate, limit tests on
samples of four soils are given in Table 1.5 Allot group symbols and give main
and cqualifiang terms appropnate for each sol.

1.2 A sod has a bulk density of 1.91L{g;’m3 and a water content of 9.2%. The
value of 13 2.70. Calculate the void ratio and degree of saturation of the sod

What would be the values of density and water content 1f the soil were fully
saturated at the same void ratio?

Tahle 15
Ei rigve Particle size Percentage smaller
Sail B Sail £ Soil 3 Soil A
B3t
20mum 100
f. 3rm 94 100
2trurn fi3 98
GO0 32 a8 100
212um 13 67 95 100
B3un 2 37 73 94
0.020rmum 22 44 aa
0. 006rmum 11 25 71
0.002¢ruen 4 13 58
Licguid lirnit Hot-plastic 32 73
Flastic limit 24 31
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1.3 Calculate the dry unit weight, the saturated unit weight and the buoyant unit
weight of a soil having a void ratio of 0.70 and a value of 7_ of 2.72. Calculate

also the unt weight and water content at a degree of saturation of 73%,

14 & sod specimen i 38mum i dameter and Vomm long and m s natural
condition weighs 168 0g. When dried completely in an owven the specimen
weighs 130.5g. The walue of &7 15 273, What 15 the degree of saturation of the

specitnen?

1.5 Zoil has been compacted i an embankment at a bulk density of 2. lﬂMgme
and a water content of 12%b. The value of (F_is 2.65. Calculate the dry density,

woid ratio, degree of saturation and air content. Would it be possible to compact

the above soil at a water content of 13.5% to a dry density of 2. ClClMgfm3?
1.6 The following results were obtained from a standard compaction test on a soi:

Mass (g} 2010 2092 2114 2100 2055
Water content (%%) 12.8 14.5 15.6 16.8 19.2

The value of (F_ 15 2.67. Flot the dry denstty—water content curve and grve the

optitnum water content and masamum dry density. Plot alzo the curves of zero,
S and 10% ar content and gve the walue of air content at measamum dry

density. The volume of the mould 1s 1000exm”.

1.7 The im-sitn dry density of a sand 13 I.TEMgJ’mE. The maztmum and mmitrmam
dry  densities, detenmined by standard laboratory tests, are 181 and

1.54Mgfm3, respectively. Determine the denstty mdex of the sand.
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Chapter 2
Seepage

2.1 SOIL WATER

Al sodls are permeable matenals, water being free to flow through the
mterconnected pores between the solid particles. The pressure of the pore water iz
measured relative to atmospheric pressure and the level at which the pressure 1z
atmosphenc (1e zero) 15 defined as the wafer fable (WT) or the phreatic
surface. Below the water table the sod 15 assumed to be fully saturated, although it
15 likely that, due to the presence of small wolumes of entrapped atr, the degree of
saturation will be tmarginally below 100%. The lewel of the water table changes
accordmng to climatic condibions but the level can change also as a consequence of
constructional operations. & perched water table can occur locally, contatned by
soll of low permeability, above the normal water table level Arfesian conditions
can exst if an mchned sod layer of high permeabality 15 confined locally by an
overlying layer of low permeabdity;, the pressure in the artesian layer 15 governed
not by the local water table level but by a higher water table level at a distant
location where the layer 13 unconfined.

EBelow the water table the pore water may be static, the hydrostatic pressure
depending on the depth below the water table, or may be seeping through the sod
under hydraulic gradient: this chapter 158 concerned with the second case.
Bernculli’s theorem applies to the pore water but seepage veloctties in sods are
normally 5o small that velocity head can be neglected. Thus

1

h =

(2.1)

where & 15 the total head, « the pore water pressure, y_ the umt weight of water

(9.81&*1;’1113} and z the elevation head abowe a chosen datum.

Above the water table, water can be held at negative pressure by capdlary
tension; the smaller the size of the pores the higher the water can rise abovwe the
water table. The capilary rise tends to be wregular due to the random pore sizes
occurning i a sol. The sed can be almost completely saturated m the lower part of
the capilary zone but i general the degree of saturation decreases with height.
When water percolates through the sod from the surface towards the water table
some of thizs water can be held by surface tension around the points of contact
between patticles. The negative pressure of water held above the water table
results i attractive forces between the particles: this attraction 15 referred to as sod
suction and 15 a function of pore size and water content.
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2.2 PERMEABILITY

In one dunension, water flows through a fully saturated soidl in accordance with
Darcy’s empirical law:

g = Aki
2.2)

or

v="=ki
where ¢ 15 the volume of water flowing per unit time, A the cross-sectional area of
soil corresponding to the flow g, & the coefficient of permeability, § the hydraulic
gradient and v the discharge velocity. The umts of the coefficient of permeabality are
those of weloctty (mfs).

The coefficient of permeabdity depends primanly on the average size of the
pores, which m turn 15 related to the distribution of particle sizes, particle shape and
sofl structure. Tn general, the smaller the particles the smaller 13 the average size of
the pores and the lower 15 the coefficient of pertneabality. The presence of a small
percentage of fines m a coarse-graned sod results i a value of & significantly lower
than the walue for the same soil without fines For a given soil the coefficient of
petmeability 15 a function of void ratio. If a sod deposit 12 stratified the permeability
for flow parallel to the diection of stratfication 15 hugher than that for flow
perpendicular to the direction of stratification. The presence of fasures i a clay
results i a tmuch higher value of permeabdity compared with that of the unfizsured
material.

The coefficient of permeability also varies with temperature, upon which the
wscosity of the water depends. If the walue of & measured at 20°C iz taken as
100%, then the values at 10 and 0% are 77 and 36%, respectively. The coefficient
of permeability can also be reprezented by the ecuation:

=g
U

whete 3, 15 the unit weight of water, # the wiscosity of water and & (units mzjl at

absolute coefficient depending only on the charactenistics of the sod skeleton.
The values of & for diferent types of sod are typacally within the ranges shown i
Table 2.1 For sands, Hazen showed that the approximate walue of & 18 given by

k=10705, (m/s)
(2.3)

where Dm 15 the effective size in rum.

On the microscopic scale the water seeping through a sod follows a wery
tortuous path between the solid particles but macroscopically the flow path (in one
dimension) can be considered as a smooth hne. The average velocity at which the
water flows through the secd pores 13 obtaned by drnding the wolume of water

feowing per unit
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Table 2 1 Coefficient of permeability (mfz) (BS 8004:1986)

L [ e [ [ [ [ e [ L |

Clean Clean sands Very fine sands, Unfissured clays and
gravels and sand-gravel silts and clay-silt clay-silts (>20%
mixcures laminate clay)

Desiccated and fissured clays

time by the average area of wvoids (A ) on a cross-section normal to the

macroscopic direction of llow: this velocity 15 called the seepage velocity (v ). Thus

' i
vV =—
A,

The porosity of a sodl 15 defined i terms of wolume:

V.
i —_—
V

Howewer, on average, the porostty can also be expressed as

Hence

or
" (2.4)

Determination of coefficient of permeability

Leaharatory methads

The coefficient of pertneabdlity for coarse sotls can be deterrned by means of the
constant-head permeabiity test (Fioure 2 1(a)) The scadl specimen, at the
appropriate density, 15 contained m a Perspex cvlnder of cross-sectional area A
the specitnen rests on a coarse filter o a wire mesh A steady vertical flow of
water, under a constant total head, 15 mamtamed through the sod and the volume of
water flowing per unit time feg)
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Figure 2.7 Laboratory permeahility tests: () constant head and (b)
falling head.

1z measured. Tappings from the side of the cyvlinder enable the hydraulic gradient
840 to be measured. Then from Darcy™ s law:

_d
Al

& senies of tests should be run, each at a different rate of flow. Prior to running the
test a vacuum is appled to the specimen to ensure that the degree of saturation
under flow will be close to 100%. If a hugh degree of saturation is to be matntained
the water used i the test should be de-ared.

For fine soils the falling-fead test (Figure 2 1(bY) should be used. In the case of
fine soils, undisturbed spectmens are normally tested and the containing cylinder in
the test may be the sampling tube itself The length of the spectmen 15 J and the
cross-sectional area A A coarse filter 13 placed at each end of the specimen and a
standpipe of internal area @ i connected to the top of the cylinder. The water
drains mto a reservowr of constant level The standpipe 15 filled with water and a
measurement 15 made of the tume (¢,) for the water level (relative to the water level

mn the reservorr) to fall from %y to &y At any mtermediate time £ the water level m
the standpipe 15 given by & and its rate of change by —di/dé. At time ¢ the
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difference in total head between the top and bottom of the specimen iz &2 Then,
applvng Darcy’ s law:

dit fi
—a— = Ak -
“di /
. f“' dh _ Ak [
. —d — = —
I h ! ]
o al Iy
k= EIJEE
al Fiy
— 2.:'!' T s
f'“'] ]':Il-. .Fi']

Again, precautions must be taken to ensure that the degree of saturation remains
close to 100%. A series of tests should be run using different values of &, and &,

andfor standpipes of different diameters.

The coefficient of permeability of fine sods can alse be determined mdirectly
fromm the results of consolidation tests {see Chapter 7).

The rehability of laboratory methods depends on the extent to which the test
spectinens are representative of the sod mass as a whole, IMore reliable results can
generally be obtained by the ix-sifu methods described below,

Well pumping test

Thiz method 15 most sutable for use n homogeneous coarse sod strata. The
procedure mvolves continuous pumping at a constant rate from a well, normally at
least 200 m diameter, which penetrates to the bottom of the stratum under test.
& screen or filter 15 placed in the bottom of the well to prevent ingress of soil
particles. Petforated casing 15 normally required to support the sides of the well
Steady seepage 15 established, radially towards the well, resulting in the water table
being drawn down to form a “cone of depression”. Water levels are observed in a
mmnber of boreholes spaced on radial ines at various distances from the well An
unconfined stratum of umform thickness with a (relatvely) mpermeable lower
boundary 15 shown in Fioure 2 2(a), the water table being below the upper surface
of the stratun & confined layer between two impermeable strata i3 shown in
Figure 2 2(k), the original water table bemng within the overlying stratum. Frequent
recordings are made of the water levels i the boreholes, usually by means of an
electrical dipper. The test enables the average coefficient of permeability of the soil
mass below the cone of depression to be determmuned. Full detatls of the test
procedure are given in BS 6316

Analysiz iz based on the assumption that the hydraulic gradient at any distance »
from the centre of the well 1z constant with depth and 1= equal to the slope of the
water table, 1e.

dir

? S
T dr

where & 1z the height of the water table at radiuz » This i3 known as the Dupuit

assumption and 15 reasonably accurate except at points close to the well
In the case of an unconfined stratum (Figure 2 20a)), consider two boreholes
located on a radial line at distances 7 atd s from the centre of the well, the

respective water
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Figure 2.2 Well pumpmg tests: {a) unconfined stratum and (h)
confined stratum.

levels relative to the bottom of the stratum being /2 and &, At distance » from the

well the area through which seepage takes place 18 Zard, where » and h are
variables. Then applying Darcy’s law:

g = 2urhk ﬂ

r L1 2
L / = 2nk hdh
o F

ol iy

' v
. ff'l'l( ) b fl-. —1"I|}
k=

2.3glog(ra/n)
T [I:ﬁ — I ]

For a confined stratum of thickness X (Fizure 2 2(bY) the area through which

seepage takes place 15 205, where 7 15 vanable and 7 15 constant. Then

g = 2arHk @

.r_-d_ .||
. :;[ — =2 Hﬂf dh
Jr T
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Barchale tesis

The general prnciple 15 that water 12 etther introduced to or pumped out of a
borehole which ternates within the stratum i question, the procedures being
referred to as mflow and outflow tests, respectively. A hydravlic gradient 15 thus
established, causing seepage etther into or out of the soil mass surrounding the
borehole and the rate of flow 13 measured. In a constant-head test the water level i3
matntained throughout at a gven level (Fioure 2. 3(a)). In a vanable-head test the
water level 15 allowed to fall or rize firom its mitial position and the tine taken for the
lewel to change between two values 15 recorded (Figure 2 3(bY). The tests mdicate
the permeability of the soil within a radius of only 1-2m from the centre of the
borehole. Carefill boring 12 essential to aveld disturbance in the sod stricture.

& problem i such tests 15 that clogoing of the zoil face at the bottom of the
borehole tends to occur due to the deposttion of sediment from the water. To
allewiate the

T vy T b
h, TR -
} WT. I
_________ e ]
idis el |ersssds _lIt_'?_ W ____-___
TIIT I
{a) it ]
B ] | [ e
o T W.T. .
il f ISR
] — 1 N
Seapage -——-
o 2
T AB
(e] (d)

Figure 2.7 Borehole tests.
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problemn the borehole may be extended below the bottom of the casing, as shown
m Figure 2.3(c), mcreasing the area through wlich seepage takes place. The
extension may be uncased or supported by petforated casing depending on the
type of sed Another solution 18 to nstall within the casing a central tube petforated
at itz lower end and set wathin a pocleet of coarser material

Expressions for the coefficient of permeabdity depend on whether the stratium 1z
unconfined of confined, the posttion of the bottom of the casing within the stratum
and detals of the dramnage face m the sod. If the sod 15 amsotropic with respect to
permeability and if the borehole extends below the bottom of the casing (Fioure 2.3
(c]) then the honzontal permeability tends to be measured. If, on the other hand,
the casing penetrates below sod level m the bottom of the borehole (Figure 2.3(d0)
then wertical permeabiity tends to be measured. General formulae can be written,
with the above details being represented by an “mtalee factor’ (7). Values of intake
factor & were published by Hvorslev [5] and are also given m BS 2230 [1].

For a constant-head test:

.4
Fh,

For a wariable-head test:

2.34 I
= —— o —
Fltz—11) ”'L"fij

where & iz the coefficient of permeability, ¢ the rate of flow, & . the constant head,
}21 the vartable head at tune i, 522 the vanable head at tune L and A the cross-

sectional area of casing or standpipe.

The coefficient of permeabiity for a coarse sod can also be obtamed from ix-
st measurements of seepage welocity, using Equation 2.4 The method mirolves
excavating uncased boreholes or trial pits at two potts & and B (Fioure 2 3(e)),
seepage takung place from & towards B, The hydraulic gradient 1z given by the
difference in the steady-state water levels i the boreholes divided by the distance
AR Dwe or any other suitable tracer 15 mserted mto borehole A and the time taken
for the dye to appear mn borehole B 15 measured. The seepage velocity 1z then the
distance AR drided by this time. The porosity of the sodl can be deterrmined from
density tests. Then

2.3 SEEPAGE THEORY

The general case of seepage m two dimensions will now be considered. Trmtially it
will be assumed that the soil i3 homogeneous and isotropic wath respect to
permeatility,
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the coefficient of permeabdity being & In the x—= plane, Darcy s law can be wntten
it the generalized form:

) _:'}J'I

v = ki = —k oo (2.52)
. : el

v = ki = —k o (2.5b)

with the total head /2 decreasing in the directions of v, and v_

An element of fully saturated sod having dunensions dx, dy and dz m the x, ¥ and
z directions, respectively, with flow taking place in the x—= plane only, 13 shown in
Fioure 2.4 The components of discharge velocity of water entering the element are
v, and v, and the rates of change of discharge velocity i the x and z directions are

/% and Ov:/02. respectively. The volume of water entering the element per unit
time 12

vedpdz + v dydy

and the volume of water leawing per vt tme 15

vy + IJL dy Jdydz+ | r- + d—i dz | dvdy
ix iz

It the element 1z undergoing ne wolume change and if water 15 assumed to be
incompressible, the difference between the volume of water entering the element
per unt tune and the wolume leaving must be zero. Therefore

v chve.
‘_L‘ L l =)
A ilz

(2.6)

}-—ux-——-!

b
1

B

Figure 2.4 Seepage through a soil element.
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Equation 2.6 15 the egquation af contizuity i two dimensions. If, however, the
volume of the element is undergoing change, the equation of continuity becomes

v, . ar
oV dedrds = ——
(r')'.r ' ft)‘ vdydz = 27

where & /df 15 the volume change per unit time.
Consider, now, the fanction ¥, z), called the pofential function, such that

dx Y T ox (2 Ba)
% _, _ 0
iz 7 iz (2 8k

From the Equations 2.6 and 2.5 it 15 apparent that

PPh o

o T 0 (2.9)

1e. the function ¥, z) satisfies the Laplace equation.
Integrating Equation 2.5

v, z) = —khix,z)+ C

where ' iz a constant. Thus, o the function ®(x, z) 15 given a constant walue, equal
to @y (say), it will represent a curve along which the value of total head (%) 15

constant. If the function 9¢x, =) 15 given a senes of constant walues, ‘-"’1, ‘-”2, ‘-"’3,

etc., a farily of curves 13 specified along each of which the total head 15 a constant
value (but a different value for each curwe). Such curves are called squipotantials.

A second function ¥ix, z) called the fow function, is now itroduced, such
that

F (2. 10a)
oy
dz dx (2.10hb)

It can be shown that this function also satisfies the Laplace equation.
The total differential of the function Y%, 2} is

ik il
i = B dx + % d:z
= —r.dx+rv.dz

Ifthe fiunction ¥'(x, z) is given a constant value “="’1 then v =0 and

dz v

dy v, (2113
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Thus, the tangent at any point on the curve represented by
i{x, z) = 1fy

spectfies the direction of the resultant discharge welocity at that point: the curve
therefore represents the flow path If the function Y%, z) is given a series of
constant values, ’="’1, r="’2, ’="’3, etc., a second farly of curves 15 spectlied, each
representing a flow path. These curves are called fow fxes.

Eefernng to Figure 2.5, the flow per umt time between two flow lines for which
the walues of the flow function are ’="’1 and ’="’2 is grven by

Ag = [--i—1'.t1.1:+ v dz)

_] v, VN
Jw R Pl B C R

Thus, the flow through the “channel” between the two flow lines 15 constant.
The total diferential of the function @, z) 15
des = ﬁd.\.‘ -—ﬂ z

v iz

=¥ dy + V- dz
If ¢ %, z) is constant then 9% = 0 and

dz ",

dx V. (2.1)

Cotmpaning Equations 2.11 and 2.12 it 15 apparent that the flow lnes and the
equipotentials mtersect each other at right angles.
Consider, now, two flow lines ’="’1 and (1 + &Y separated by the distance As.

The flow lmes are mtersected orthogenally by two equipotentials @) and (¢1 Agn

ey

Figure 2.5 Seepage hetween two flow lines.
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Figure 2 6 Flow lines and equipotentials.

separated by the distance As, as shown i Figure 2.6, The diections & and # are
mnchned at angle @ to the x and z axes, respectively. At point & the discharge
velocity (mn direction ) 15 v_; the components of v, i the x and z dwections,

respectively, are

= ¥V CO5

&
|

V. = ¥ 5N

NMow
2 _060x  060:
ds  dxis Oz ds
= v, COS% v + v, 5N = v,
and
0u_0vax vz
dn Ox om0z On
= —v, sinof—sina) + COst i = v,
Thus
dyr g
On i
of approxmately
Av_ g
An o As (2.12)
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2.4 FLOW NETS

In principle, for the solution of a practical seepage problem the functions #¢x, 2)
and Vix, z) must be found for the relevant boundary conditions. The solution is
represented by a family of flow lines and a family of equipotentials, constiniting
what 15 referred to as a flow net. Possible methods of solution are complex variable
techmucues, the fmte diference method, the fimte element method, electrical
analogy and the use of hydraulic models. Computer software based on etther the
finite diference or finte element methods 15 widely avalable for the solution of
seepage problems. Willams o2 al [10] descnbed how sclutions can be obtamed
from the firite difference form of the Laplace equation by means of a spreadsheet.
Eelatively sunple problems can be solved by the trial and error sketching of the
flow net, the general form of which can be deduced from consideration of the
boundary conditions. Flow net sketching leads to a greater understanding of
seepage prnciples. Howewer, for problems i which the geometry becomes
complex and there are zones of different permeabdlities throughout the flow region,
use of the fintte element method 15 vsually necessary.

The findamental condition to be satisied m a flow net 15 that every mtersection
between a flow line and an equipotential must be at nght angles. In addition, it 1=
convenient to construct the flow net such that AY has the same value between any
two adjacent flow lines and A% has the same walue between any two adjacent
equipotentials. It 1z also comvenient to make As = An in Equation 213, ie. the
flow lnes and equipotentials form “curviinear squares’ throughout the flow net.
Then for any curvilinear square

Arh = A
Mow, 8¢ = Ag and Ad = kAh. therefore:

A = kA
(2.1

For the entire flow net, & 15 the diference i total head between the first and last
equipotentials, & the number of equipatential drops, each representing the same

total head loss Ak, and M the number of flow channels, each carrying the same
flow Ay, Then,

A=
A= (2.15)
and
g = Nrdy
Hence, from Equation 2. 14
2 -I\..-I.
=4y (2.16)
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Equation 2.16 gives the total volume of water flowing per unit time (per unit
dimension in the ¥ direction) and is a fanction of the ragio NN,
Between two adjacent equipotentials the hydraulic oradient 18 given by

i Adr
Ay (2.1°0

Example of a flow net

Az an dustration the flow net for the problem detaled m Fioure 2.7(a) will be
constdered. The figure shows a line of sheet piling driven & 00m mto a stratum of
soil B.60m thick, underlain by an impermeable stratun. On one side of the piling the
depth of water 1z 4.50m; on the other side the depth of water (reduced by
pumping) 15 0.50m.

The first step 1s to consider the boundary conditions of the flow region. At every
poit on the boundary AR the total head 15 constant, so AB 15 an equipotential;
stmilarly CT0 13 an equipotential The datum to which total head 15 referred may be
atry level but in seepage problems it 15 cotventent to select the downstream water
lewvel as datum. Then, the total head on equipotential CD 15 zero (pressure head
0.50m; elevation head —0.50m) and the total head on equipotential AF 1z 4 00m
(pressure head 4.50m, elevation head —0.50m). From point B, water must flow
down the upstream face BE of the piing, round the tip E and up the down-stream
face EC. Water from point F st flow along the impermeable surface FiG Thus
BEC and FG are flow lines. The shapes of other flow lines must be between the
extremes of BEC and FG3.

The first tnal sketching of the flow net (Fioure 2761 can now be attempted
using a procedure suggested by Casagrande [2]. The estimated hine of flow (HT)
from a point on AB near the piing 15 hghtly sketched This ne must start at right
angles to equipotential AR and follow a smooth curwe round the bottom of the
piling. Trial equipotential ines are then drawn between the flow ines BEC and HI,
mtersecting both flow lines at nght angles and fortming curviinear scuares. If
necessaty the position of HI should be altered slightly so that a whole number of
squares 15 obtamed between BH and CJ. The procedure 15 contmued by sketching
the estimated line of flow (EL) from a second point on AR and extending the
equipotentials already drawn. The flow line KL and the equipotential extensions are
adjusted so that all mtersections are at nght angles and all areas are square. The
procedure 18 repeated until the boundary FG 1 reached. At the first atternpt 1t 1=
altmost certain that the last flow line drawn will be inconsistent with the boundary
FG as, for example, in Fioure 2.7(b). By studying the nature of this mconsistency
the position of the first flow lne (HT) can be adjusted in a way that will tend to
correct the meoonsistency. The entire flow net 15 then adjusted and the mconsistency
should now be small After a third tnial the last flow line should be consistent with
the boundary F(G3, as shown m Fioure 2.7(c). In general, the areas between the last
flow line and the lower boundary will not be square but the lengthfbreadth ratio of
each area should be constant within this flow channel In constructing a flow net it 13
a tnistake to draw too many flow lnes; typically, four to five flow channels are
sufficient. Once experience has been ganed and fow nets for various seepage
sitnations have been studied, the detailed procedure described abowve
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Figure 2.7 Flow net construction: {a) section, (h) first tnal and (c)

w e @

final flow net.

(b)

can be short-cocutted. Three or four flow lnes, varying i shape between the
extremes of the two boundaries, can be sketched before or together with the
equipotentials. Subsequent adjustments are made vntl a satisfactory flow net is

achieved.

Inn the flow net i Figure 2 7(c) the number of flow channels 15 4.3 and the
mimber of equipotential drops iz 12 thus the ratio MiNa iz 0.36. The
equipotentials are numbered from zero at the downstream boundary, this number 13

dencted by », The loss in total head between any two adjacent equipotentials 1s

400

.jh'll'=—=

Ny 12

ek
Lk

={).55m
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Piezometer __
tube

1
I
i
|

i ¢ AR, KRR T

The total head at every pomt on an equipotential numnbered » 15 2 Ak The total

volume of water flowang under the piling per unit tme per unit length of piling 1s
given by

g= feh—- = J 3 4.00 % 0.36

d

N
.'-\':
= L4dkm’/s

A plezometer tube iz shown at a point P on the equipotential denoted by e = 10,
The total head at P 1z

Iy 10
= —h=— D0 =33
. Ng fr 3 = 4.00 Am

1e. the water level i the tube 15 3.33m above the datum. The pomt P iz at a
distance z, below the datum, te. the elewvation head i3 Zy The pore water

pressure at P can then be calculated from Bernoullt’s theorem:

H|1 - ':'w{h? - |.r_'_'l'ljl}
= Twllty + zp)
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The hydravlic gradient across any square i the flow net wvelves measuring the
average <imension of the square (Equation 2,17 The highest hydraulic gradient
(and hence the highest seepage welocity) occurs across the smallest square and wice
Versa.

Example 2.1

The section through a sheet pile wall along a tidal estuary 15 given i Fioure 2 8 At
low tide the depth of water i front of the wall 15 4. 00m, the water table belund the
wall lags 2.50m behind fidal lewel Plot the net distribution of water pressure on the
piling.

The flow net 15 shown m the Hgure. The water level m front of the pding 15
selected az datum. The total head at water table level (the upstream equipotential)
1z 2590 (pressure head zero, elevation head +2.50m). The total head on the sod
sutface i front of the piling (the downstream equipotential) 15 zero (pressure head
4.00m; elevation head —4 00m). There are 12 equipotential drops in the flow net.

The water pressures are calculated on both sides of the piling at selected levels
numbered 1-7. For example, at level 4 the total head on the back of the piing 15

e
B

Iy, = % 2.50 = 1.83m

1

L]

and the total head on the front 15

1

250 =7
3 % 250 =021m

Jrfr =

The elevation head at lewel 4 15 —5.5m.

Shaat
piling

o iy

|

Fd

3

MNat prasduns

4 distribation
5

B

T-g 1938

kM/m?
18 15 20 m

e s i s s i s i i T

Figure 2.8 Ezample 2.1
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Table 2.2

Level z , v, Ay gy, T4, —Hép

@ W W W W ()
| 0 2.30 2.30 0 0 2.6
4 —2.70 2.10 4.50 0 2.70 20.6
3 —4.00 2.00 .00 0 4.00 19.d
4 =550 1.83 733 0.21 57 159
5 =710 1.68 8.78 0.50 740 11.4
al —a.30 1.51 981 0.54 9.14 .6
7 —&.70 1.25 9.95 1.04 974 2.1

Therefore, the net pressure on the back of the piding 15

iy — iy = 9.8(1.83 + 5.5) — 9.8(0.21 + 5.5)
= 9.8(7.33 - 5.71)
15.9kN/m?

The calculations for the selected points are shown in Table 2.2 and the net pressure
diagram iz plotted i Figure 2.5,

Example 2.2

The section through a dam iz shown m Figure 2.2 Determune the quantty of
seepage under the dam and plot the distnbution of uplift pressure on the base of the
damn. The coefficient of permeability of the foundation sei is 2.5 % 107 m/s,

The flow net 15 shown in the fimure. The downstrearn water level is selected as
daturm. Between the upstream and downstream equipotentials the total head loss i3
4 00m. In the low net there are 4.7 flow channels and 15 equipotential drops. The
seepade 18 given by

q=khyo=2.5x10"¢ “mx%

=3.1x 107" m'/s (per m)

The pore water pressure iz calculated at the potnts of intersection of the
equipotentials with the base of the dam. The total head at each point 1z obtamed
from the flow net and the elevation head from the section. The calculations are
shown in Table 2.3 and the pressure diagram iz plotted in Figure 2.5,

Example 2.3

& river bed consists of a layer of sand ¥.25m thick ovetlying impermeable rock;
the depth of water 12 2.50m. A& long cofferdam 5 50m wide 15 formed by driving
two lines of sheet piling to a depth of & 00m below the lewel of the river bed and
excavation to a depth of 2. 00m below bed level 1z carned out within the cofferdam.
The water level within the cofferdam 1z kept at excavation level by pumping,. If the
flow of water mto
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Figure 2.9 Example 2.2,
Table 2.3
Point I z h—z u=y, -z}
() () () )
1 0.27 —1.30 2.07 2003
2 0.53 —1.80 2.33 22.9
3 0.&0 —1.80 2.4a0 25.5
4 1.07 =2.10 317 31.1
] 1.33 —2.40 373 6.6
fi 1.60 —2.40 4.00 39.2
7 1.87 =240 4. 27 41.9
T 2.00 —2.40 4.40 431

the cofferdam is 0.25m’th per undt length, what 15 the coefficient of permeability of
the sand? “What 1z the hydraulic gradient inmediately below the excavated surface?

The section and flow net appear i Fioure 2. 10 In the flow net there are 6.0
flow channel: and 10 equipotential drops. The total head loss iz 4.50m. The
coefficient of permeabdity 15 grven by

o
k=
h(N; /Ng)
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k 5.50m }

Sheet Sheet

piling ji"‘ piling

2.00m
0,907 Datum |
¥ 6.00m
B s
1
2:25m
0 1 2 3 4 5 10m

Figure 2. 10 Example 2.3

. 0.25
©4.50 % 6/10 = 602

=26x 107" m/s

The distance (As) between the last two equipotentials 15 measured as 0.9m. The
required hydraulic gradient 15 grven by

A
= j,'.
4.50

= T0x09 00

2.5 ANISOTROPIC SOIL CONDITIONS

It will new be assumed that the sod, although homogeneous, 13 amsotropic with
respect to permeabdity. Wost natural sodl deposits are anisotropic, with the
coefficient of permeabiity hawing a masamum value m the direction of stratification
and a rmnrmun walue m the direction normal to that of stratfication; these directions
are denoted by x and z, respectively, Le.

.ﬁ.','. = ;L'“-Ln and -k: = Iﬂt-.'|1i|1
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Inn this case the generalized fortn of Darcy’ s law i3

i

vy = kody —LE (2.1%a)
i

Ve = hele = ka5 (2.18b)

Also, mn any diwection s wnclined at angle & to the x direction, the coefficient of
permeahility 15 defined by the equation
ﬁ

Ty = —hy-
! " iy

Mow
oh  Ohdx  Ohdz
s dxds Ozds
LE.
v, ¥y ¥ .
,E — Ecmﬁr} +ES]I'IH

The components of discharge velocity are also related as follows:

vy = V0050

r. = v, 8ina

Hence
1 _cosfa sin‘a
k. k. k-
or
2 a2
k, ke k. (2.19)

The directional varation of permeabdity 15 thus described by Equation 2,19 which
represents the ellipse shown m Fioure 2. 11
Given the generalized form of Darcy's law (Equation 2. 18) the equation of

contirty (2.6) can be wrtten:
A - h
0 (2.20)

k.uﬁ"‘k:_

9z
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P
X

I
e

Figure 2 11 Permneability elipse.

or
i i*h
(k-fkyax? o2
substituting
IIIE
X=X ]kll' .ﬁ._ (2 2 ].j
the equation of contimuity becomes
Fho h _0
dxi o 0z% (2.22)

which 15 the equation of continuty for an isséropic sol i an Y= plane.

Thus, Equation 2.21 defines a scale factor wiich can be appled m the x
direction to transform a g@iven antsotropic flow region into a fictitious isotropic flow
region i which the Laplace equation iz valid Once the flow net (representing the
solution of the Laplace equation) has been drawn for the transformed section the
flow net for the natural section can be obtaned by applying the mverse of the
scaling factor. Essenttal data, howewer, can normally be obtamed from the
transformed section. The necessary transformation could also be made m the z
direction.

The walue of coefficient of permeabiity applying to the transformed section,
referred to as the equivalent 1sotropic coetlicient, 15

¥ = ik (2.23)

& formal proot of Equation 2 23 has been given by Vreedenburgh [2] The validity
of Equation 2 23 can be demonstrated by considenng an elemental flow net field
through
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_ﬂfz_- —_— Az —_—
1. A4

o T—

Transformed scale Xy Matural scale x

Figure 2. 12 Elemental flow net field.

which flow 15 1n the x direction. The flow net field 15 drawn to the transformed and
natural scales mn Figure 212, the transformation bemg m the x direction. The
discharge velocity v, can be expressed i terms of erther £ (transformed section)

or k_ (natural section), 1e.

- hr ) i
Vy - I - I.E
where
h ok
dve (k- fk)ox
Thus

2.6 NON-HOMOGENEOUS SOIL CONDITIONS

Two isotrapic sol layers of thicknesses /) and /1, are shown m Figure 213, the
respectve coefficients of permeabiity being & and k& ; the boundary between the
layers 15 honzontal (If the layers are amsotropic, &, and &, represent the equivalent

izotropic coefficients for the layers) The two lavers can be considered as a single
hotogeneous anisotropic layer of thickness (H1 + H2) in which the coefficients in
the directions parallel and normal to that of stratification are kv and k-,
respectvely.

For one-dimensional seepage i the honzontal direction, the equipotentials m
each layer are vertical If %, and A, represent total head at any pomt m the

respective layers, then for a common point on the boundary Mt = A2 Therefore,
any wertical hne through the two layers represents a commeon equipotential. Thus,
the hydraulic gradients in the two layers, and i the equivalent single layer, are
equal, the equal hydraulic gradients are denoted by i,
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* po s

T1 b:I k4

H k3 x
A e e

Figure 213 Non-homogeneous soi conditions.

The total horizontal flow per unit time 15 given by

g, = (M + M)k, = (Hky + Haks)i,
T — Hky + Hykz (2.24)
e H\ + Hs

For one-dimensional seepage i the wertical direction, the discharge welocities in
each layer, and in the equivalent single layer, must be edqual if the requirement of
conbinnity 15 to be satisfied. Thus

1': = F} = .f{].l'| = i{:f:

where i_15 the average hydraulic gradient over the depth (H1 + H2y Therefore

if=—i. and H = —i.
L %]

Mow the loss in total head over the depth (F1 + H2) is equal to the sum of the
losses i total head in the indmadual layers, 1e.

?:I:Hl + Ha) =i iy + i2H2

1 (ﬂ+ ;;:) (2.25)
TNk ks
H, + H,

T =

Y (1
| ke
Sirnilar expressions for Ky and K- apply in the case of any number of soil layers. It
can be shown that K« must always be greater than K-, ie. seepage can occur more

readily i the direction parallel to stratfication than i the direction perpendicular to
stratification.

2.7 TRANSFER CONDITION

Constderation 18 now given to the condition which must be satisfied when seepage
takes place diagonally across the boundary between two 1sotropic sols 1 and 2

hawing
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A

c

Figure 2.1 4 Transter condition,

coefficients of permeability &, and k., respectively. The dwection of seepage
approachng a point B on the boundary ABC 15 at angle @ to the normal at B, as

shown m Figure 2 14; the discharge velocity approachmg B is v, . The components

of v, along the boundary and normal to the boundary are v, and v, respectively.

The direction of seepage leaning point B is at angle a, to the normal, as shown; the

discharge velocity leaving B 15 v, The components of v, are v, and v, .

For seils 1 and 2 respectively

gy = =kl and  ¢p = —kaf

At the common point B, M = I2; therefore

| Lt ]

ki ks
Differentiating with respect to g the direction along the boundary:

1 r}-ﬂ I dha

ky s ki ds

1E.

For continuty of flow across the boundary the normal components of discharge

welocity must be equal, 16

Vin = Vi
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Therefore
L 'I':|,L _ l i'_?.,
-kl Vg N f'-.'! Vay
Hence it follows that
lane; A_,
anm ks (2. 26)

Equation 226 specifies the change i direction of the flow line passing through
pomt B, This equation must be satisfied on the boundary by every flow line crossing
the boundaty.

Equation 2. 13 can be written as

Ay = — Heh

5
LE.
An
Ay = Eﬁr_‘m
If Ay and Ak are each to have the same values on both sides of the boundary then
An An
(50) 1= ()

and it 15 clear that curvilinear squares are possible only m one sl IF

()

then
(22)
As)s ko (2.2

It the permeabiity ratio 1z less than fo it s unlikely that the part of the flow net i
the soil of higher permeability needs to be considered.

2.8 SEEPAGE THROUGH EMBANKMENT DAMNMS

Thiz problem iz an example of unconfined seepage, one boundary of the flow
region being a phreatic surface on which the pressure 13 atmosphenc. In sechion the
phreatic surface constitutes the top flow lne and its positon must be estimated
before the flow net can be drawn.
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Figure 2.1 5 Homogeneous embankment dam section.

Consider the case of a homogeneous isotropic embankment dam on an
impermeable foundation, as shown m Figure 2,15 The impermeable boundary BA
1z a flow line and CD 15 the recquired top flow lne. At every point on the upstream
slope BC the total head iz constant (¥ 7w and z varying from point to point but their
sum rematning constant), therefore, BC 13 an equipotential. If the downstream
water level 15 taken as datum then the total head on equipotential BC 12 equal to A,
the difference between the upstream and downstream water levels. The discharge
surface AD, for the case shown m Figure 215 only, 13 the equipotential for zero
total head At ewery point on the top flow line the pressure 18 zero (atmosphenc),
so total head 15 equal to elevation head and there must be equal vertical mtervals Az
between the points of mtersection between successive equipotentials and the top
flow Line.

& sutable Hter must always be constructed at the discharge surface m an
embankment dam. The function of the filter i3 to keep the seepage entirely within
the datn;, water seeping out ofito the downstrearn slope would result i the gradual
erosion of the slope. 4 honzontal underfilter 15 shown m Figure 2,15 Other
possible forms of filter are hstrated in Figure 2.19(a) and (b); i these two cases
the discharge surface AT 15 netther a flow lne nor an equipotential since there are
components of discharge velocity both normal and tangential to AT

The boundary condiions of the flow region ABCD in Figure 2.15 can be written
as follows:

Equipotential BC: o = —kh
Equipotential AD: & =0

Flow line CD: ¢ = g (also, & = —kz)
Flow line BA: ¢» =0

The conformal transformation r = »?

Complex vanable theory can be used to obtamn a solution to the embankment dam
problem. Let the complex munber W = @ + 1% be an analytic function of r = x +iz.
Consider the function
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Thus

5

(x+iz) = (6 +iv)

= (¢ + 2ignp — v)

Equating real and imaginary patts:

(2.28)

(2.2

Equations 2.28 and 2.29 govern the transformation of peints between the » and w
planes.

Consider the transformation of the straight lnes ¥ =M where #=0, 1, 2, &,
(Fiqure 2 16(a)). From Edquation 229

0=

n
atd Equation 2 28 becomes

2
X = —n

i (2.30)

Equation 230 represents a family of confocal parabolas. For positive walues of 2
the parabolas for the specified values of # are plotted m Figure 2 16(b).

Consider also the transformation of the straight lines @ = M. where =0, 1, 2,
.., 6 (Figure 2 16(a)). From Equation 2,29

ur

r=a
and Equation 2 28 becomes
X=m - e (231:'
z
a0
20

(]
[=]

' : \

0 23456 & -10 0 i 20 30 4~
(a) (b}

Figure 2 716 Conformal transformation r = w?: (a) w plane and (b)) »
plane.
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Equation 2 31 represents a family of confocal parabelas conjugate with the
parabolas represented by Equation 2 30, For postive values of z the parabolas for
the specified wvalues of # are plotted m Fioure 2 16(bY The two famiies of
parabolas satisfiy the requiremnents of a flow net.

Application to embankment dam section
The flow region in the w plane satisfiring the boundary condiions for the section

{Figure 2. 157 13 shown in Figure 2.17{a). In this case the transformation function

o ]
r=Cw*

will be used, where O is a constant. Ecuations 2 28 and 2.29 then become

The equation of the top flow line can be dertwed by substitating the conditions

=g
rl-'.l = —A’_"
¥
Y=q
= =
I ]
n B
- ¢:=0
¥
(a)
Basic parabola
£
-
¥ £
W
B o= o \ _r e
B} “\\‘o
s T :_ it

T R e et PR e e Pt d
R
i:oxul Filtar
{b)
Figure 217 Transformation for embankment dam section: {a) w
plane and (b) # plane.
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Thus
z==2Ckzyg
o=
Hence
|
x = _T_q[.{-':“ —q°) (2.32)

Vg k.
2\kE g

The curve represented by Equation 2 32 18 referred to as Kozeny' s basic parabola
atd 1z shown i Figure 2 17(h), the origin and focus both being at &
When z = 0 the value of x 15 given by

Xp = _’i
2k (2.33)
S = 2kxy

where Zx 15 the directriz distance of the basic parabola. When ¥ = 0 the value of z
1z given by
I = g =] .2.".'“

substituting Equation 233 in Equation 2 32 welds

-
ax

X =Xp— 4.1:“ (234)

The basic parabola can be drawn using Equation 2. 34, prowided the coordinates of
one point on the parabola are known wnhally,

An nconsistency arises due to the fact that the conformal transformation of the
straight line @ = ~KN (representing the upstreamn equipotential) is a parabola,
whereas the upstream equipotential in the embanlkment dam section 15 the upstream
slope. Based on an extensive study of the problem, Casagrande [2] recommended
that the wutial pomt of the basic parabola should be taken at G (Figure 2 18) where
GC = 03HC, The coordmnates of point G, substituted in Equation 2 34 enable the
value of x; to be determined, the basic parabola can then be plotted. The top flow

line must intersect the upstream slope at nght angles; a correction CT must therefore
be made (using personal judgement) to the basic parabola. The flow net can then
be completed as shown in Figure 215

If the discharge surface AT 15 not horizontal, as in the cases shown in Figure
219 a further correction ED to the basic parabola 1s required. The angle 5 15 used
to descnbe the direction of the discharge surface relative to AB. The correction can
be made with
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0.3HC

Gi N Z

vl T

Basic parabola
1
i ‘.‘-.“l
’ 3
EV-’-’/f e o (S R G e e S

.._ﬂ.,_\_
§ = 180° ].“Elfq Filter

Figure 2,18 Flow net for embanloment dam section,

/ Directrix

X

Basic parabola

Filter

N

(a) (b)

Figure 2.1 9 Downstrearn correction to basic parabola

Table 2 4 Downstreamn correction to hasic parabola. Eeproduced from 4
Casagrande (1940) *Seepage through dams’, i Comtribulions to
Soil Mechanics FO25-1 240 by perrmission of the Boston Society

of Crwil Engineers
Fii 30 g0e a0= 120° 150° 130°
Safa {0.36) 0.32 0.2d 0.1a 0.10 0

the aid of values of the ratio MD/MA = Aa/e. given by Caszagrande for the range
of values of 4 (Table 2.4).

Seepage conirol in embankment dams

The design of an embankment dam section and, where possible, the choice of soils
are atmed at reducing or elirninating the detrimental effects of seeping water. Where
lgh hydraulic gradients exst there 15 a possibality that the seeping water may cause
internal erosion within the dam, especially if the soil 12 pootly compacted. Erosion
can wotk its way back into the embanlement, creating voids in the formn of channels
or ‘pipes’, and thus mpamng the stability of the dam. This form of erosion 1s
referred to as piping.
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& section with a central core of low permeabiity, aimed at reducing the volume of
seepage, 18 shown i Fioure 2. 20(2). Practically all the total head is lost in the core
and if the core iz natrow, high hydravlic gradients will result. There 15 a particular
danger of erosion at the boundary between the core and the adjacent soil {of higher
permeabdlity) under a high exit gradient from the core. Protection against this
danger can be gwven by means of a “clumney’ dram (Figure 2. 200a)) at the
downstream boundary of the core. The drain, designed as a filter to prowde a
batrier to sod particles from the core, also setves as an interceptor, keeping the
downstream slope m an unsaturated state.

Most embankment dam sections are non-hotnogeneous owing to zones of
different soil types, making the construction of the flow net more difficult. The basic
parabola construction for the top flow lne apples only to homogeneous sections
but the condition that there must be edqual vertical distances between the points of

mtersection

.-':,t

L &
s, f}-}‘_-—- Grout curtain
p

A
-,
e ##1
o

L.
w0

P

i i i i i i i S o i

!

(b)

-
Impermaable upstream blanket

T P M T T

T i e e i P gy o 7, i I g g
(c)

Figure 2,20 (a) Central core and chirnney drain, (b) grout curtain and
(c) impermneable upstream blanket.
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of equipotentials with the top flow lne applies equally to a non-homogeneocus
section. The transter conditon (Equation 2263 must be satisfied at all zone
boundaries. In the case of a section with a central core of low permeabdity, the
application of Equation 2. 26 means that the lower the permeability ratic the lower
the postion of the top fow lne m the downstream zone (in the absence of a
chitnney drair).

If the foundation sod 13 tnore permeable than the dam, the confrol of
underseepage 15 essential. Underseepage can be virtually elimmated by means of an
itnpermeable’ cut-off such as a grout curtan (Fioure 2 200070, Another form of
cut-off 15 the concrete diaphragm wall (Section 690 Any measure designed to
lengthen the seepage path, such as an unpermeable upstream blanket (Figure 2.20
(o), will result in a partial reduction in underseepage.

An excellent treatment of seepage control 15 given by Cedergren [2].

Filter design

Filters used to control seepage must satisfiy certain findamental recuirements. The
pores must be small encugh to prevent patticles from being catried in from the
adjacent soill The permeabdity must be high enough to ensure the free dramage of
water entening the filter. The capacity of a filter should be such that it does not
become fully saturated. In the case of an embankment dam, a filter placed
downstream from the core should be capable of controlling and sealing any leak
which develops through the core as a result of mternal erosion. The filter must also
remain stable under the abnormally high hydraulic gradient which 15 hable to
develop adjacent to such a leak.

Based on extensive laboratory tests by Sherard ef @l [7, 8] and on design
expenience, it has been shown that filter performance can be related to the size D,

obtamed from the particle size distribution curve of the filter matenal Average pore
size, which 15 largely governed by the smaller particles in the filter, 15 well
represented by D). A filter of uniform grading will trap all particles larger than

around 0.110), . particles smaller than this size will be carried through the filter in

suspension in the seeping water. The characteristics of the adjacent sod, in respect
of its retention by the filter, can be represented by the size Dby, for that sol The

tollowing criterion has been recommended for satisfactory filter performance:

I:‘I-:II\I][ =5
(Dss), (2.35)

where (D) .)e and (L. refer to the filter and the adjacent (upstream) sod,

respectively. Howewer, i the case of filters for fine sods the following Lt is
recommended for the filter material:

Dys < 0.5mm

Care must be taken to avoid segregation of the component particles of the filter
during constriction.
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To ensure that the permeabiity of the filter 1z lugh encugh to allow free dramage,

it 1z recommended that

(fhs)e
(Dis), ~ (2.36)

Graded filters comprsing two (or more) lavers with different gradings can also be
uszed, the finer layer being on the upstream side The above crterion (Equation
2. 20 would also be applied to the component lavers of the filter.

Example 2.4

A homogeneous amsotropic embankment dam section 15 detaled m Figure 2 21(a),
the coeficients of permeability in the x and z directions being 4.5 x 107% and
1.6 2 107% m/s, respectively. Construct the flow net and determine the cuantity of
seepage through the dam. What 13 the pore water pressure at point PY
The scale factor for transformation in the x direction 15
k- 16
V& = Vas=0®

The equivalent izotropic permeabdity 12

K = W {k.r'!f::'

= {45 % 1.6) x 1078 = 2.7 x 107 m/s

18.00m =]
+
.’ G f.’( R [ ‘T oy o COtE L L s ol £
i ]
} 5.50m f——]
! 45.00m ! 15.50m
(a)

Figure 2 21 Example 2.4
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The section 15 drawn to the transformed scale as in Figure 2. 21(b). The focus of
the basic parabola 15 at pomt A The basic parabola passes through pomt 3 such
that

GC =03HC =03=27.00=2810m
Le. the coordinates of G are
x==40.80, z=4+18.00
substituting these coordinates m Equation 2.34:

18.00°
X

—40.80 = xp —

Hence

xp = 1.90m

Tzing Equation 2 34 the coordinates of a number of points on the basic parabola
are now calculated:

x 1.50 0 =5.00 —10.00 —20.00 —=30.00
z 0 3.80 T4 951 12.50 15.57

The basic parabola 1z plotted i Figure 2.21(h). The upstream correction 15 made
and the flow net completed, ensuring that there are equal vertical intervals between
the pomts of ntersection of successive equipotentials wath the top flow line. In the
flow net there are 2.8 flow channels and 18 equipotential drops. Hence, the

fuantity of seepage (per unit length) 1s

Np
g =kh ".._I

d

3 .
=2.7% 107" x 18 x% = 1.0 % 107" mY/s

The gquantity of seepage can also be determined from Eouation 233 (without the
necessity of drawing the flow net):

q= 2K x0

=2x27x107% % 1.90 = 1.0 x 107" m¥/s

Level AD iz selected as datum. An equipotential ES 15 drawn through point P
{transformed postton). By mspection the total head at T 15 15.60m. At P the
elevation head 1z 5.50m, so the pressure head 15 10.10m and the pore water
pressure 15

iy = 9.8 % 10.10 = 99kN/m’
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Alternatively, the pressure head at P i1z given directly by the vertical distance of P
below the point of mtersection (K) of equipotential B3 wath the top flow line.

Example 2.5

Diraw the flow net for the non-homogeneous embankment dam section detailed in
Figure 2 22 and determmine the quantity of seepage through the dam. Zones 1 and 2
ate  isofropic,  having  coefficients  of permeability  1.0x 1077 and
4.0 x 1077 m/s,respectively.

The ratio k2/ki =4 The basic parabola iz not applicable in this case. Three
findamental conditions must be satisfied in the flow net;

1 There must be equal wertical mtervals between points of mtersechon of
equipotentials with the top flow line.

2 If the part of the flow net in zone 1 consists of curwilinear squares then the patt in
zone 2 must consist of curnlinear rectangles having a length'breadth ratio of 4.

3 For each flow line the transfer condiion (Equation 2 26) must be satisfied at the

inter-zone boundary.

The flow net 15 shown m Figure 2,22, In the flow net there are 2.6 flow channels
and & equipotential drops. The quantity of seepage per unit length 13 given by

Ny
g=kh T:

. 3.6 T
= 1.0= 10" = Iﬁx?— T.2x 107 "m'/s

(It curwlmear squares are used m zone 2, curvilinear rectangles hawving a lengthf
breadth rato of 0.25 must be used in zone 1 and &, must be used m the seepage

equation.)

5 10 20

30m

s i e o T =L

Figure 222 Example 2.5 (Reproduced from H.E Cedergren
(1989 Seepage, Drainage and Flow Nets, © John
Wiley & Sons, Inc., New Vork, by pertnission.)
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2.9 GROUTING

The permeabiity of coarse-grained soils can be considerably reduced by means of
grouting. The process consists of mjecting sutable fluids, known as grouts, into the
pore space of the sol; the grout subsequently sohidifies, preventng or reducing the
seepage of water. Grouting also results in an increase in the strength of the sod
Fluds used for grouting mnclude muges of cement and water, clay suspensions,
chetmical solutions, such as sodim silicate or synthetic resmns, and bitumen
ernulsion. Injection 15 usually effected through a pipe which iz etther driven ito the
soll or placed m a borehole and held with a packer.

The particle size distribution of the soil gowerns the type of grout that can be
used. Particles in suspension i a grout, such as cement or clay, will only penetrate
sofl pores whose size 15 greater than a certam value; pores smaller than this size will
be blocked and grout acceptability will be impaired Cement and clay grouts are
suttable only for gravels and coarse sand:. For medum and fine sands, grouts of
the solution or emulsion types must be used.

The extent of penetration for a given sod depends on the wiscosity of the grout
and the pressure under which 1t 15 mjected. These factors m tumn govern the
required spacing of the injection points. The injection pressure must be kept below
the pressure of the soil overburden, or heawing of the ground surface may ocour
and Hzsures may open within the sodl In seds having a wade vanation of pore sizes it
iz expedient to use a primary injection of grout of relatively high wscosity to treat
the larger pores, followed by a secondary myection of grout of relatively low
wscostty for the smaller pores.

2.10 FROST HEAVE

Frost heave 1z the nise of the ground surface due to frost action The feezing of
water 13 accompanied by a volume increase of apprommately 9%, therefore, ih a
saturated soil the woid volume abowe the level of freezing will merease by the same
atnount, representing an overall increase in the wolume of the seil of 2/4—5%
depending on the void ratio. Howewer, under certain circumstances, a much greater
increase i volune can occur due to the formation of ice lenses within the sod

In a sod having a lugh degree of saturation the pore water freezes mmmediately
below the surface when the temperature fall: below 0°C. The soi temperature
increases with depth but during a prolonged period of subzero temperatures the
zone of freezing gradually extends downwards, The lrt of frost penetration in the
TE 1z normally assumed to be 0.5m, although under exceptional conditions this
depth may approach 1.0m. The temperature at which water freezes i the pores of
a soil depends on the pore size; the smaller the pores the lower the freemng
temperature. Water therefore freezes stutially i the larger pores, refnaining unfiozen
i the smaller pores. As the temperature falls below zero, lugher sod suction
develops and water migrates towards the ice i the larger voids where it freezes
and adds to the wolume of ice. Contimwed migration gradvally results i the
tormation of ice lenses and a nise in the ground surface. The process continues only
if the bottom of the zone of freering is within the zone of capillary rise so that water
can tugrate upwards from below the water table. The magmtude of frost heave
decreases as the degree of saturation of the soil decreases.
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‘When thawing eventually takes place the sod previously frozen will contan an
excess of water with the result that it will become soft and itz strength will be
reduced.

In the case of coarse-graned soils with little or no fines, wirtually all the pores are
large enough for freeming to take place throughout the sod and the only wohumne
mncrease 13 due to the 9% merease i the volume of water on freezing. In the case of
solls of very low permeabiity, water migration 13 restncted by the slow rate of flow;
consecquently, the development of ice lenses 1s restricted. Howewer, the presence of
Hzsures can result m an mcrease i the rate of migration. The worst conditions for
water migration occur i sodls hawing a high percentage of silt-size particles; such
solls usually have a network of small pores, yet, at the same tine, the permeabiity
1z not too low. A well-graded sod 15 reckoned to be fost-susceptible f more than
2% of the particles are smaller than 0.02mm. & pootly graded zail 15 susceptible i
tote than 10% of the particles are smaller than 0.0Z2tmm.

PROBLEMS

2.1 In a faling-head permeabiity test the wubial head of 1.00m dropped to 0.35m
in 3h, the diameter of the standpipe being Smm. The soi specimen was 200mm
long by 100mm i diameter. Calculate the coefficient of permeability of the sodl

2.2 A depostt of sedl 13 16m deep and overles an mmpermeable stratum: the
coefficient of permeabaility 13 1070 mis. & sheet pile wall 12 driven to a depth of
12.00m m the deposit. The difference i water level between the two sides of
the piing 1z 4 00m. Draw the flow net and detenmine the quantity of seepage
under the piing.

2.3 Draw the flow net for seepage under the structure detaled m Figure 2 23 and
detertnine the quantity of seepage. The coefficient of permeability of the sodl 12
5.0 107 m/s, What iz the uplift force on the base of the structure?

B.0OD m -
== I [ 7
“ “
apom [ g
7 7
% Y
TR f A A,
250m -
Qs
I ]
' 725m |
9.00 m
Figure 2.23
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3.00 m
TN - * [ A,
250m
5.00 A * I 2
. m 200
Ic m
N I S — ..l.. - C—
X DI 2.00m
- 1
500m +
Figure 2. 24

2.4 The section through a long colferdam iz shown m Figure 2,24, the coefficient
of permeability of the soil being 4.0 x 107" m/s. Draw the flow net and
determine the quantity of seepage entenng the coferdam.

2.5 The zection through part of a cofferdam 15 shown i Fioure 225, the
coefficient of permeability of the soil being 2.0 % 107°m/s. Draw the flow net
and determine the quantity of seepage.

2.6 The dam shown i section i Figure 2 26 15 located on atisotropic soil The
coefficients of permeability in the x and z directions are 5.0 % 1077 and
1.8 % 107" m/s respectively. Determine the cuantity of seepage under the dam.

27 An embankment dam 15 shown i section m Figure 2 27 the coefficients of
permeabiity in the horizontal and wvertical directions being 7.5 % 107% and
2.7 % 107 m/s, respectively. Construct the top flow line and determine the
fquantity of seepage through the dam.

~ I
2.00 m
T
3.00m
- T
3.00m
3.50m

e o P g P o O

Figure 2.25
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15.00 m
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![ 8.00 m

Figure 2.26

T o e e

15.00 m
Figure 2. 27
“-?’“ —= 34m —
I = 3.6m
42m 30 1
o 3.2m
R
6.0m

Pl O e

Figure 2. 28

2.8 Detals of an excavation adjacent to a canal are shown m Figure 225
Determine the dquantty of seepage into the excawvation if the coefficient of
permeability is 4.5 % 1077 m/s.

2.9 Determine the quantity of seepage under the dam shown i section i Figure
2.28. Both layers of sod are isotropic, the coeflicients of permeability of the
upper and lower lavers being 2.0 x 107 and 1.6 x 107° m/s, respectively.
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Craig's Soil Mechanics 1

Chapter 3

Effective stress

3.1 INTRODUCTION

A soil can be wisualized as a skeleton of sohd particles enclosing contimous woids
which contain water andfor ait. For the range of stresses usually encountered in
practice the mdrndual sohd particles and water can be considered mcompressible;
air, on the other hand, 13 hghly compressible. The volume of the soi skeleton as a
whaole can change due to rearrangement of the soil particles into new positions,
mainly by roling and shdng, with a corresponding change i the forces acting
between particles. The actual compressibility of the soil skeleton will depend on the
structural arrangement of the solid particles. In a filly saturated soil, since water iz
constdered to be mcompressible, a reduction i volume 13 possible only of some of
the water can escape from the woids In a dry or a partally saturated soil a
reduction i volume 18 always possible due to compression of the air in the woids,
prowided there 15 scope for particle rearrangetment.

=hear stress can be resisted only by the skeleton of solid particles, by means of
torces developed at the mterparticle contacts. Mormal stress may be resisted by the
sotl skeleton through an imcrease in the mterparticle forces. If the sod iz fully
saturated, the water filling the voids can also withstand normal stress by an ihcrease
i pressure.

3.2 THE PRINCIPLE OF EFFECTIVE STRESS

The importance of the forces transmitted through the sod skeleton from particle to
particle was recognized m 1923 when Terzaghy presented the principle of effective
stress, an mtuitive relationship based on experimental data The prnciple applies
otly £o_fully saturated soils and relates the following three stresses:

1 the fotal normal stress (o) on a plane wathin the sodl mass, bemng the force per
unit area transmitted in a normal direction across the plane, imagining the sod to
be a solid (single-phase) material;

2 the pare waiter pressure (i), being the pressure of the water filling the woud
space between the solid particles,

3 the gffeciive normal siress (o) on the plane, representing the stress transtritted

through the soil skeleton only.
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The relationship 15

ﬁ—rr'r+u
(3.1)

The prnciple can be represented by the followang physical model Consider a
‘plane’ 33 i a fully saturated sod, passing through points of mterparticle contact
only, as shown m Figure 2.1 The wavy plane 234 15 really mdistingushable from a
true plane on the tmass scale due to the relatively small size of mdindual soi
patticles. 4 nortnal force P oapplied over an area A may be resisted partly by
mterparticle forces and partly by the pressure m the pore water. The mterparticle
torces are wery random in both magnitude and direction throughout the sod mass
but at every point of contact on the wavy plane may be split into components
normal and tangential to the direction of the true plane to wihuch 33 apprommates;
the normal and tangential components are A" and T, respectively. Then, the
effective nottnal stress 15 interpreted as the sum of all the components AT wathun the
area.d, divided by the area A, 1e.

"
N

A (3.2)

]
F =

The total normal stress i3 given by

_Ii'.l‘
F = —

A (3.3)

Figure 3.1 Interpretation of effective stress.

& 1974, 1978, 1953, 1957, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



The prinziple of effective stress Fis]

If point contact 12 assutned between the particles, the pore water pressure will
act on the plane owver the entire area 4. Then, for equiibrium i the dwection normal
to 203

P=%N+ud
or
P EN
i = e + u
LE.
g=da +n

The pore water pressure which acts equally i every direction will act on the entie
sutface of any particle but i3 assumed not to change the volume of the particle; also,
the pore water pressure does not cause particles to be pressed together. The error
mvolved m assumung point contact between particles 15 neghoble m soils, the total
contact area normally being between 1 and 3% of the cross-sectional area A Tt
should be understood that " does not represent the true contact stress between
two particles, which would be the random but very much higher stress V9. where
@ 18 the actual contact area between the particles.

Effective vertical stress due to self-weight of soil

Consider a soil mass having a honzontal surface and with the water table at surface
level The total vertical stress (e the total normal stress on a horizontal plane) at
depth z 15 equal to the weight of all matenal {solidstwater) per unit area above that
depth, 16

Ty = 1'\1:1:
The pore water pressure at any depth will be hydrostatic since the woid space
between the solid particles 15 continuous, so at depth =z

M= Yyl

Hence, from Equation 3.1 the effective vertical stress at depth = wall be

r

F, =Ty — U

- I::J-_"s--dl - FI"'J.']—- - F:'r—-

where ' 15 the buovant umt weight of the soi
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3.3 RESPONSE OF EFFECTIVE STRESS TO A
CHANGE IN TOTAL STRESS

Az oan flustration of how effective stress responds to a change in total stress,
constder the case of a fully saturated soil subject to an increase m total vertical
stress and i which the lateral strain 15 zero, wolume change being entirely due to
defortnation of the sod i the wertical direction. Thiz condifion may be assumed in
practice when there 15 a change m total vertical stress over an area which 15 large
campared with the thickness of the sodl layer in question.

It 15 assumed iatially that the pore water pressure 18 constant at a value governed
by a constant postiion of the water table. This wutial value 15 called the stafic pore
water pressure (1 ). When the total vertical stress 15 mereased, the solid particles

immediately try to take up new postions closer together Howewver, if water 1z
meompressible and the sod iz laterally confined, no such particle rearrangement,
and therefore no mcrease m the mterparticle forces, 13 possible unless some of the
pore water can escape. Since the pore water is resisting the particle rearrangement
the pore water pressure 15 ihcreased above the static value wrnediately the increase
i total stress takes place.

The increase in pore water pressure will be equal to the iherease in total vertical
stress, 1e. the mcrease i total vertical stress 13 camed entirely by the pore water.
Mote that if the lateral strain were not zero some degree of particle rearrangement
would be possible, resulting i an trnediate increase in effective vertical stress and
the mcrease m pore water pressure would be less than the meorease m total vertical
stress. The icrease in pore water pressure causes a pressure gradient, resulting in
a transient flow of pore water towards a free-dramng boundary of the sod layer.
This llow or drairege will continue until the pore water pressure agatn becomes
equal to the value gowerned by the posiion of the water table. The component of
pore water pressure above the static value i3 known as the excess pore water
pressure (). It 15 possible, however, that the posihon of the water table will have

changed dunng the time necessary for drammage to take place, 1e. the datum agamnst
which excess pore water pressure 18 measured will have changed. In such cases the
excess pore water pressure should be expressed wath reference to the static value
governed by the new water table postion. At any time during drainage the overall
pore water pressure i) 18 equal to the sum of the static and excess components,
1e.

o=, + I,

(3.4)

The reduction of excess pore water pressure as drammage takes place 13 described
as dissipation and when this has been completed (e, when % = U the sod is sad
to be in the drained condiion Pror to dissipation, with the excess pore water
pressure at itz wubial value, the sod i3 said to be i the wrdrained condiion It
should be noted that the term “drained’ does not mean that all water has flowed out
of the soi pores: it tneans that there 13 no stress-induced pressure in the pore water,
The sod remains fully saturated throughout the process of dissipation.

A drainage of pore water takes place the solid particles become free to take up
new positions with a resulting increase i the mterparticle forces. In other words, as
the excess pore water pressure dissipates, the effective vertical stress mcreases,
accompatied by a corresponding reduction in volume. When dissipation of excess
pore water
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pressure 15 complete the increment of total wertical stress will be carried entirely by
the szodl skeleton. The time taken for dramage to be completed depends on the
permeability of the sodl In soils of low permeabiity, drainage will be slow, whereas
in sotls of high permeabdity, drainage will be rapid The whole process 15 referred
to as comsolidation. With deformation talung place i one dwection only,
consolidation 15 descnibed as one-dinensional

When a soll 15 subject to a redfuciion i total normal stress the scope for volume
increase 15 hrmted because particle rearrangement due to total stress mcrease is
largely wrreversible. Az a result of mcrease in the interparticle forces there will be
small elastic stramns (normally 1gnored) m the solid particles, especially around the
contact areas, and if clay muneral particles are present i the soi they may
experience bending In addition, the adsorbed water surrounding clay muneral
particles will expenience recoverable compression due to mcoreases i mterparticle
torces, especially if there iz face-to-face orientation of the particles. When a
decrease i total nottnal stress takees place in a sod there will thus be a tendency for
the zoil skeleton to expand to a hmited extent, especially m sods contamng an
appreciable proportion of clay mineral particles. Az a result the pore water
pressure will be reduced and the excess pore water pressure will be negative. The
pore water pressure will gradually increase to the static value, flow taking place into
the soil, accompanted by a cotresponding reduction i effective normal stress and
mcrease m volume. This process, the reverse of consohdation, 15 known as
swelling.

Tnder seepage (as opposed to static) conditions, the excess pore water
pressure 15 the value abowe or below the sieady seepage pare water pressure
(1¢,.). which 1z determined, at the point in question, from the appropriate flow net.

Consolidation analogy

The mechamcs of the one-dinensional consolidation process can be represented
by means of a simple analogy. Fioure 3.2(a) shows a spring side a cylinder filled
with water and a piston, fitted with a valve, on top of the spring. It i3 aszsumed that
there can be no leakage between the piston and the cylinder and no fhiction. The

spring

_—

|
v~ = W/W :

224

(a) (B) (c) (d)

Figure 3.2 Consolidation analogy.
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represents the compressible soll skeleton, the water m the cylinder the pore water
and the bore diameter of the valve the permeabiity of the sod. The cylinder stself
strmilates the condition of no lateral strain m the sod

suppose aload 12 now placed on the piston with the valve closed, as i Fioure
3.2(b). Assurmng water to be mcompressible, the piston will not move as long as
the walve 15 closed, with the result that no load can be transmitted to the spring; the
load will be carred by the water, the increase in pressure in the water being equal
to the load doided by the piston area. This situation wiath the valve closed
corresponds to the undrained condition in the sod

If the walve i3 now opened, water will be forced out through the valve at a rate
governed by the bore diameter. This will allow the piston to move and the spnng to
be compressed as load iz gradually transferred to it This sitation 18 shown in
Figure = 20c). At any time the mcrease in load on the spring will cotrespond to the
reduction mn pressure in the water. Eventually, as shown m Figure 3 2(d), all the
load will ke camed by the spring and the piston will come to rest, this
cotresponding to the drained condifion m the sod At any tine, the load carried by
the spring represents the effective notmal stress i the sod, the pressure of the water
it the cylinder the pore water pressure and the load on the piston the total normal
stress. The movement of the piston represents the change in volume of the sod and
1z gowverned by the compressibility of the spring (the equvalent of the
compressibility of the sodl skeleton). The piston and spring analogy represents only
an element of sod since the stress condiions vary from point to point throughout a
soil tass.

Example 3.1

A layer of saturated clay 4m thick 15 ovetlamn by sand Sm deep, the water table
being 3m below the surface. The saturated unit weights of the clay and sand are 12

and 206Mfm? respectively; above the water table the umt weight of the sand 1=

17k, Plot the values of total wertical stress and effective vertical stress against
depth. If sand to a height of 1m abowe the water table 15 saturated with capillary
water, how are the above stresses affected?

The total wertical stress 1z the weight of all matenial (solidstwater) per umt area
abowe the depth m question Pore water pressure 15 the hydrostatic pressure
cotresponding to the depth below the water table. The effective wertical stress is
the difference between the total vertical stress and the pore water pressure at the
same depth. Alternatively, effective vertical stress may be calculated directly using
the bucyant unit weight of the sod below the water table. The stresses need to be
calculated only at depths where there 12 a change mn umt weight (Table 5. 10

Table 3.1
Depth (1) &, (kKNim?) i (kNird) o = oy — u(kNIm?)
3 3x 17 = 51.0 a 51.0
5 (3= 17)+ (2 = 20 = 91.0 2x9B=19.6 714
a (3u17)+(2x20)+ (4219 =1670 6£x9.8—588 108.2
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Figure 3.3 Example 3.1

The alternative caloulation of 7 vat depths of 5 and 9m 15 as follows:

Buoyant unit weight of sand = 20 — 9.8 = 10.2kN/m’

Buoyant unit weight of clay = 19 — 9.8 = 9.2 kN/m’

At 5m depth: o), = (3 % 17) + (2 x 10.2) = 7L.4kN/m*

At 9m depth: o), = (3 % 17) + (2 x 10.2) + (4 % 9.2) = 108.2kN/m’
The alternative method i3 recommended when only the effective stress 1z required.
In all cases the stresses would normally be rounded off to the nearest whele
tnber. The stresses are plotted against depth in Fioure 3.3

Effect af capillary rise

The water table 15 the level at which pore water pressure 15 atmosphenc (1e
w=10) Abowve the water table, water 15 held under negative pressure and, even if
the sod iz saturated abowve the water table, does not contrbute to hydrostatic
pressure below the water table. The only effect of the Tin capillary rize, therefore,
iz to increase the total umt weight of the sand between 2 and 2m depth from 17 to
201&me3, an increase of 3kMim®. Both total and effective vertical stresses below
%m depth are therefore increased by the constant amount 3 % 1 = 3.0KN/m®, pore
water pressures being unchanged.

Example 3.2

& 5 depth of sand ovetlies a ém layer of clay, the water table being at the
sutface; the permeability of the clay 15 very low. The saturated vt weight of the
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sand iz 191/’ and that of the clay iz 20k A dm depth of fill material of unit

weight 20k is placed on the surface over an extensive area Deterrmine the
effective vertical stress at the centre of the clay laver (a) immediately after the fill
has been placed, assurming this to talke place rapidly and (b) many vears after the £l
has been placed.

The soil profile is shown i Figure 3.4 Since the fill covers an extensive area it
can be assumed that the condibion of zero lateral stram applies. As the permeability
of the clay 1z very low, dissipation of excess pore water pressure will be very slow,
inmediately after the rapad placing of the fill, no appreciable dissipation wall hawve
talkeen place. Therefore, the effective vertical stress at the centre of the clay layer
imme diately after placing will be wirtually unchanged from the original value, 1.6

o, = (5 %9.2) + (3 % 10.2) = 76.6 kN/m?

{the buoyant unit weights of the sand and the clay, respectively, being 9.2 and

10, 2k /m™).

Wany years after the placmg of the fill, dizstpation of excess pore water pressure
should be essentially cotnplete and the effective wertical stress at the centre of the
clay layer will be

oL = (4% 20) + (5% 9.2) + (3 x 10.2) = 156.6 kN /m*

Immediately after the fll has been placed, the total vertical stress at the centre of

the clay mcreases by S0kN/m® due to the weight of the £l Since the clay 15
saturated and there 15 no lateral stramn there will be a corresponding merease m pore

water pressure of B0/ (the witial excess pore water pressure). The static pore
water pressure is (8 % 9.8) = T8.4kN/m* Tmmediately after placing, the pore water
pressure creases from YR 4 to 158 4M/m? and then during subsequent
consohdation gradually decreases again to 78 4k /m?, accompanied by the
gracdual increase of effective wertical stress from 76 6 to 156 61 Tim?.

L,

Sand

Migurs 5 4 Example 3.2,
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3.4 PARTIALLY SATURATED SOILS

In the case of partially saturated scils part of the woid space 15 occupied by water
and part by air. The pore water pressure (i) must always be less than the pore air

pressure () due to surface tension. Unless the degree of saturation 15 close to

unity the pore air will fortm continuous channels through the sod and the pore water
will be concentrated i the regions around the interparticle contacts. The
boundaries between pore water and pore air will be in the form of menisct whose
radu will depend on the size of the pore spaces within the sol Part of any wawy
plane through the scdl will therefore pass through water and part through atr.

In 1955 Bishop proposed the following effective stress equation for partially
saturated sods:

a=da + 1y — vl — iy

(3.5)

where ¥ 15 a parameter, to be determuned experimentally, related prmarily to the
degree of saturation of the zoil The term (Ma — ") 12 a measure of the suction in
the soil For a fully saturated soi (Sc =10 x = 1. and for a completely dry soil
(8r =00, x =0 Equation 3.5 thus degenerates to Equation 3.1 when Sr = |, The
value of ¥ 12 also influenced, to a lesser extent, by the soil structure and the way the
particular degree of saturation was brought about. Equation 2.5 13 not convenent
for use in practice because of the presence of the parameter .

& physical model may be considered i which the parameter ¥ 13 mterpreted as
the average proportion of any cross-section which passes through water. Then,
across a given section of gross area A (Fiowre =50 total force 15 given by the
equation

gAd =dAd+umyvAd+u,(l —y)A
(2.6)

which leads to Equation 3.5

If the degree of saturation of the soil 15 close to unity it 1z lhikely that the pore air
will exmst i the form of bubbles within the pore water and it 13 possible to draw a
wavy plane through pore water only. The soid can then be considered as a fully
saturated sod but with the pore water hawving some degree of compressibiity due to
the presence of

Figure 3 5 Partially saturated soil.
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the air bubbles, Equation 2.1 may then represent effective stress wath sufficient
accuracy for most practical purposes.

3.5 INFLUENCE OF SEEPAGE ON EFFECTIVE
STRESS

When water 15 seeping through the pores of a soil, total head 15 dissipated as
viscous fiction producing a fhctional drag, acting i the direction of flow, on the
solid particles. & transfer of energy thus takes place from the water to the solid
patticles and the force corresponding to this energy transter 12 called seapage
farcs. Seepage force acts on the particles of a soil in addition to gravtational force
and the combination of the forces on a sod mass due to gravity and seeping water 13
called the resultant body force. It 12 the resultant body force that gowverns the
effective normal stress on a plane wathin a sod mass through which seepage 1s
taking place.

Consider a point th a soil mass where the direction of seepage 15 at angle &
below the honzontal A square element ABCD of dunension & (umt dimension
normal to the paper) 15 centred at the above pomnt with sides parallel and normal to
the direction of seepage, as shown in Figure 3. 6(a), 1e. the squate element can be
constdered as a flow net field. Let the drop m total head between the sides AT and
BC be Ak Consider the pore water pressures on the boundanes of the element,
taking the value of pore water pressure at potnt A as u, . The difference m pore

water pressure between A and D iz due only to the difference in elewation head
between A and D, the total head being the same at A and D Howewer, the
difference m pore water pressure between 4 and etther B or © 15 due to the
difference in elevation head and the difference in total head between & and either B
ot C. The pore water pressures at B, C and D are as follows:

ug = i + Ty (bsind — Ak
e = tip + Ty bsind + beosd — Al

Uy = i+ b oosd
The following pressure diferences can now be established:

HE — Ha = He — up = Tl bsind — Al

Hp — Ny = le — g = Yelrcosd

Theze values are plotted i Figure 2 6(b), aving the distnbution diagrams of net
pressure across the element i directions parallel and nortnal to the direction of
flow,

Therefore, the force on BC due to pore water pressure acting on the
boundaries of the eletnent, called the boundary water force, 12 given by

Tulbsind — Alh
or

n."n. h:r 5‘5"- '[:ll ju‘l}":- wh
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b
() (b) (c)

Figure 5.6 Forces under seepage condiions. (Reproduced from
D W Taylor (1948) Fundamentals af Sail Mecharics, ©
John Wiley & Sons Inc. [2], by permission. )

and the boundary water force on CD by
Tub® cos

If there were no seepage, 16 if the pore water were static, the value of Ak would
be zero, the forces on BC and CD would be }.-WE;.E sin & and }.-WE;.E cos &
respectively, and thewr resultant would be ]I'WE:-E acting in the vertical direction. The
force Ahy & represents the only difference between the statc and seepage cases

and 15 therefore called the seepage force (F), aciing in the direction af flow (n
this case nottnal to BC.
Mow, the average hydraulic gradient across the element iz given by

. A
i P
hence,
M 3 5
J = Al b= ; Tull® = iyl
h
of
J= 'r'}"-. V

(37

where 715 the volume of the soi element.
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The seepage pressure (i) 15 defined as the seepage force per unit wvolume, 1.2

J =7

(3.8)

It should be noted that § (and hence J) depends only on the walue of hydraulic
gradient.

Al the forces, both grawtational and forces due to seeping water, acting on the
element ABCD, may be represented i the vector diagram (Figure 3.6(c)). The
forces are summanzed below.

Total weight of the element = ~., 0 = vector ab
Boundary water force on CD (seepage and static cases)

= . b® cosfl = vector bd
Boundary water force on BC (seepage case)

= “fu b sin B — Al b = veetor de
Boundary water force on BC (static case)

= ~,b% sin # = vector de
Resultant boundary water force (seepage case)

= vector he
Resultant boundary water force (static case)

= ~ b7 = vector be
Seepage lorce = Alryb = veclor ce
Resultant body lorce (scepage case)

= veclor ge
Resultant body lorce (static case)

= vector ac = 4

The resultant body force can be obtaned by one or other of the following force
combinations:

1 Total (zaturated) weight+resultant boundary water force, e vector ab+vector
be.

2 Effective (buoyant) weight+seepage force, 1 e, vector actvector ce.

Only the resultant body force contributes to effective stress. A component of
seepage force acting vertically upwards will therefore reduce a vertical effective
stress comnponent from the static value A component of seepage force acting
vertically dewnwards will mcrease a vertical effective stress component from the
static walue.

& problem may be solved using ether force combination 1 of force combination
2, but it may be that cne combination 15 more suttable than the other for a particular
problem. Combination 1 inwelves consideration of the equilibrium of the whole sail

mass (sobidstwater), while combination 2 mvolves consideration of the equilibrium
of the soil skeleton only.

The quick condition

Consider the special case of seepage vertically upwards. The vector ce in Figure
32.6(c) would then be wertically upwards and if the hydraulic gradient were high
enough the resultant body force would be zero. The value of hydraulic gradient

corresponding to
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zero resultant body force 15 called the critical Aydraulic gradient (3 ). For an

element of sodl of volume ¥ subject to upward seepage under the cnical hydraukic
oradient, the seepage force 1z therefore ecqual to the effective weight of the element,
Le.

. h '_,..-ff
ievwV =7

Therefore

o T 1re (3.9)

The ratio ¥/%w. and hence the critical hydraulic gradient, is approzimately 1.0 for
most sols.
When the hydraulic gradient 1s i, the effective normal stress on any plane will be

zero, gravitational forces hawing been cancelled out by upward seepage forces. In
the case of sands the contact forces between particles will be zero and the sod will
have no strength. The soi 15 then satd to be i a guick condibon (quick meaning
“alive™) and i the critical gradient iz exceeded the surface wall appear to be “boding’
as the particles are moved around m the upward flow of water. It should be
realized that “quicksand’ 1z not a special type of soil but simply sand through which
there 1z an upward flow of water under a hydraulic gradient equal to or exceeding
i, In the case of clays, the quick condiion may not necessanly result when the

hydraulic gradient reaches the critical value given by Equation 3.9,

Conditions adjacent to sheet piling

High upward hydraulic gradients may be expenienced i the sold adjacent to the
downstream face of a sheet pile wall Figure 37 shows part of the flow net for
seepage under a sheet pie wall, the embedded length on the downstream side
being & A mass of 20d adjacent to the piding may become unstable and be unable
to suppott the wall Model tests have shown that falure 13 hikely to occur within a
soil mass of approzimate dimensions @ ¥ d/2 in section (ABCD in Figure 3.7).
Falure first shows m the form of a nise or Aeave at the swface, associated with an
expansion of the soil which results in an increase in permeability. This i turn leads
to hcreased flow, surface “boding” in the case of sandz and complete fadure.

The wvartation of total head on the lower boundary CD of the soil mass can be
obtained from the flow net equipotentials, but for purposes of analysis it 12 sufficient
to deterrnine the average total head 2 by mspection The total head on the upper

boundary AF i3 zero.
The average hydraulic gradient 15 given by

, fig
by = —
m P

since falure due to heaving may be expected when the hydraulic gradient becotmes
i, the factor of safety (%) agamst heaving may be expressed as

i (3.10)
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Figure 3.7 Upward seepage adjacent to sheet piling.

In the case of sands, a factor of safety can also be ohtaned with respect to
‘botling’ at the sudface. The exif hydraulic gradient (i,) can be determmned by

measuring the dimension As of the flow net field AEF (G adjacent to the piing:

A
e = Ay

where Ak 15 the drop in total head between equipotentials GF and AE. Then, the
factor of safety 1z

ie (3.11)

There 1z unhkely to be any appreciable difference between the values of & given by
Equations 3.10 and 3.11.

The sheet pile wall problem shown i Fioure 37 can also be uzsed to dlustrate the
two methods of combamng grawmtational and water forces.
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1
1 )
Total weight of mass ABCD = ;"I-md'
Average total head on CD = hy,
Elevation head on CD = -4
Average pore waler pressure on {;‘ D = (hy + d )y
Boundary water force on CD = %{hm + ol Yy
. 1 )
Resultant body force of ABCD = vqud” = 5 (b + d) 7
1 ] s
=5 (7 + W)l =5 (hnd + &)
| P
= E*,f'r.f' Eh,,ﬁ.wd
2
e . . . o
Ellective weight of mass ABCD = 37 el

. . A
Average hydraulic gradient through ABCD = r_:;.,
¢
i hy  d”
Seepage force on ABCD = —

W —
d 2

= Ehn:.':'-.'.f"l

Resultant body force of ABCD=}+"d* — Bhyvwd as in method 1 above.
The resultant body force will be zero, leading to heawing, when

| -

|
E hyyod = E +d-

The factor of safety can then be expressed as

g2 .
Lafd ~ed iy

; hrﬂf‘?wfl‘l 'Irlf'l'l'-:'lh Il-II'I'I

It the factor of safety aganst heawing 1z considered madedquate, the embedded
length & may be increased or a surcharge load m the form of a filter may be placed
oft the surface AR, the filter being designed to prevent entry of sodl particles. If the
effective weight of the filter per untt area 15 w' then the factor of safety becomes

~d +w

"I’m T

Example 3.3

The flow net for seepage under a sheet pile wall 15 shown in Fioure 3 8H(a), the

saturated umt weight of the so0dl being 20kM/m®. Determine the values of effective
vertical stress at A and B
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Figure 3.8 Examples 3.3 and 3.4,

1 First consider the combination of total weight and resultant boundary water force.
Consider the column of saturated sodl of 1t area between & and the sod surface
at D. The total weight of the column 1z 11y_, (220kIT). Due to the change i level

of the equipotentials across the column, the boundary water forces on the sides of
the columnn wAll not be equal although in this caze the difference will be small There
iz thus a net honizontal boundary water force on the column However, as the
effective vertical stress 15 to be calculated, only the wertical component of the
resultant body force 15 required and the net horizontal boundary water force need
not be considered. The boundary water force on the top surface of the column is

only due to the depth of water abowve D and is 4y, (39K}, The boundary water

force on the bottom surface of the column must be determmined from the flow net, as
followrs:

HMumber of equipotential drops between the downstream sodl surface and A = 8.2,
There are 12 equipotential drops between the upstreamn and deownstream soil
sutfaces, representing a loss in total head of Em.

Total head at A, fiy = 5]:— =8 =55m

Elevation head at A, z4 = —7.0m.

[ £+

I

Pore waler pressure at A, wy = (s — 24)

=9.8(5.5+ 7.0) = 122kN/m’
i.e. boundary water force on bottom surface = 122 kN,
Met vertical boundary water force = 122 — 39 = 83 kN,
Total weight of the column = 220 kN.
Vertical component of resultant body force = 220 — 83 = 137TkN
i.e. effective vertical stress at A = 137kN/m?,
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It should be realized that the same result would be obtamed by the direct
application of the effective stress equation, the total vertical stress at A bemng the
weight of saturated sodl and water, per unit area, above A Thus

Fa = e + 47y = 220 4+ 39 = 259 kN /m*
a = 122kN/m?

ol = ap = tia = 259 = 122 = 13TkN/m’

The only difference i concept i3 that the boundary water force per untt area on top
of the column of saturated sedl AD contributes to the total wertical stress at &
sitrilarly at B

T = 6% + 17w = 120+ 9.8 = 130kN/m?’

2.4
fg = 13 8=16m

g = =7.0m
g = Y lhy — z5) = 9.8(1.6 + 7.0) = 84 kN/m’
oy = op — g = 130 — §4 = 46 kN/m?

& Mow consider the combination of effective weight and seepage force. The
direction of seepage alters over the depth of the column of soidl AT as llustrated mn
Fioue 2.H(b), the direction of seepage for any section of the column being
determined from the flow net, the effective weight of the column must be combmed
with the vertical components of seepage force. More converently, the effective
stress at & can be calculated using the algebraic sum of the buoyant unit weight of
the soi and the awverage walue of the vertical component of seepage pressure
between & and D

Between any two equipotentials the hydraulic gradient 15 &M/AS (Equation
217 Hence, i & 1z the angle between the direction of flow and the honzontal, the
vertical component of seepage pressure (f sin &) 1z

i.l’.r T SILH = Ak T

-

AT AT

where 82 (= As/sinl) iz the vertical distance between the same equipotentials. The
calculation 12 as follows.

Mumber of equipotential drops between D and A = 3.8,

] 38
Loss in total head between D and A = - # 8 =25m.

Lverage value of vertical component of seepage pressure between D and A, acting
it the same direction as gravity
2.5

= "—l % 9.8 = 2.3kN/m’

© 1974 1378, 1983 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= EE



Effectiwve stres= 238

Euovant unit weight of soil, 7' = 20 = 9.8 = 10.2kN/m*,
For column AD, of unit area, resultant body force

— 11{10.2 + 2.3) = 137kN
i e. effective vertical stress at A = 137kN/m*,

The calculation i3 now given for pomnt B

24
Loss in total head between B and C = - w8 = 1.6m.

Average value of wertical component of seepage pressure between B and C, acting
in the oppostte direction to grawvity

= % % 9.8 = 2.6 kN/m?’

Hence. 7 = 0(10.2 = 2.6) = 46 kN/m?

Example 3.4

Taing the flow net i Fioure 2 5(a), determine the factor of safety against fadure by
heaving adjacent to the downstream face of the piling. The saturated unit weight of

the soil is 20kMfm?.
The stakiity of the soil mass EFGH in Figure 3. 8(a), 6m by 3m in section, will
be analyzed.

By mspection of the flow net, the average value of total head on the base GH iz
given by

fn=""x8=23m

The average hydraulic gradient between GH and the sod surface EF 15

A
3

ta

J:n-_ = ﬁ. == U.EIZJ
“ritical hydraulic gradient, i, — 2 = 122 _ 1.0
Critical hydrauhe gradient, i : o8 1.04
i 104
actor of safety. F = = 29
Factor of salety, f P A
PROBLEMS

21 A nver i3 2m deep. The river bed consists of a depth of sand of saturated urit
welght 20k fm®. What is the effective vertical stress Sm below the top of the
sand?

3.2 The North Sea 1z 200m deep. The zea bed consists of a depth of sand of
saturated vt weight 20kMim®. What is the effective vertical stress 5m below
the top of the sand?
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3.3 A layer of clay 4m thick lies between two layvers of sand each 4m thick, the top
of the upper laver of sand bemg ground lewel The water table 13 2m below
ground lewel but the lower layer of sand is under artesian pressure, the
piezometric surface being 4m abowve ground level The saturated umt weight of

the clay iz D0k and that of the sand 191{.12‘1:’:113; above the water table the

unit weight of the sand iz 165610/, Caleulate the effective vertical stresses at
the top and bottem of the clay layer.

2.4 In a deposit of fine sand the water table 12 3 5m below the surface but sand to
a height of 1.0m above the water table 15 saturated by capillary water;, above
thiz height the sand may be assumed to be dry. The saturated and dry unit
weights, respectvely, are 20 and 16k, Calculate the effective vertical
stress in the sand 8m below the surface.

2.5 A layer of sand extends from ground level to a depth of 9m and owerlies a
layer of clay, of very low permeabiity, 6m thick. The water table 15 6m below

the surface of the sand The saturated vnit weight of the sand is 19k /m” and
that of the clay 20k, the unit weight of the sand abowve the water table 1s

16K/’ Over a short penod of time the water table nses by 2m and 1z
expected to remain permanently at this new lewel Determine the effective
vertical stress at depths of B and 12m below ground level (a) mmmediately after
the nise of the water table and (b) several vears after the rise of the water table.

36 An element of sod with sides honzontal and wertical measures 1m m each
direction. Water 1z seeping through the element i a direction inclined upwards at
30% abowe the honzontal under a hydraulic gradient of 035 The saturated unit
weight of the sod 15 21kMfm®. Draw a force diagram to scale showmng the
tollowing: total and effective weights, resultant boundary water force, seepage
torce. What iz the magnitude and direction of the resultant body force?

2.7 For the seepage stuations shown m Figure 5.9, determine the effective normal
stress on plane 330 in each casze (a) by considenng pore water pressure

"

Figure 3.9
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Chapter 4
Shear strength

4.1 SHEAR FAILURE

This chapter 15 concerned with the resistance of a soi to fallure m shear, a
knowledge of which 15 required i analysis of the stabiity of sod masses. Ifat a
pomit on any plane within a soid mass the shear stress becomes equal to the shear
strength of the sodl then fallure will occur at that point Onginally, prior to the
postulation of the principle of effective stress, the shear strength (1) of & soil at a

potit on a particular plane was expressed by Coulomb as a linear function of the
normal stress at falure (o) on the plane at the same pomt:

T =+ optang

(4.13

where ¢ and ¥ are the shear strength parameiers referred to as the cobesion
intercept and the awngle of shearing resisiance, respectvely. However, 1
accordance with the principle that shear stress in a sod can be resisted only by the
skeleton of zolid particles, shear strength should be expressed as a fonction of

gffective normal stress at fallure (”{'j, the shear strength parameters being denoted
ctand ¢

= + a;tand’

(4.2)

Fatlure wall thus occur at any pomnt m the sodl where a critical combination of shear
stress and effective normal stress develops. It should be appreciated that " and ¢’
are simply mathematical constants defing a lnear relationship between shear
strength  and  effective normal stress. Shearing resistance i developed by
mterparticle forces, therefore, of effective normal stress 15 zero then shearing
resistance must be zero (unless there 15 cementation between the particles) and the
value of o would be zero. This point 12 crucial to the interpretation of shear strength
parameters.

States of stress m two dimensions can be represented on a plot of shear stress
(T} against efective normal stress fo'). A stress state can be represented etther by a
pomt with coordinates v and &% or by a Mohr circle defined by the effective

principal stresses 7} and 73, Stress potnts and Mohr circles representing stress
states at fature are shown i Figures 4. 1{a) and (b). The hne through the stress
points or the line touching the Mohr circles may be straight or shghtly curved and 12
refetred to as the failure snvelops. A state of stress represented by a stress point
that plots above the fadure envelope, or by a Mohr circle part of wlich hes above
the envelope, i3 impossible.
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Figure 4.1 Stress conditions at fatdure.

There are two methods of specifiang shear strength parameters. (1) The envelope
15 represented by the straight lne defined by Equation 4.2, from which the
parameters ¢ and ¢ can be obtained. These are referred to as tangent
parameiers and are only walid over a lmited stress range. Thiz has been the
tradiional approach to representing shear strength If the stragght line passes
through the ongn, as m Figure 4.1(k3, then, of course, ' 15 zero. If the falure
envelope 18 shghtly curved the parameters are obtaned from a straight line
approzmation to the curve ower the stress range of mterest, e.g between & and B
i Figure 4 1(a). It should be appreciated that the use of tangent parameters does
xnof infer that the shear strength iz ' at zero effective normal stress. (2) A straight
line 15 drawn between a particular stress point and the origin, as i Figure 4. 1(a), or
a line 15 drawn through the ongim and tangential to a particular Mohr circle. The
parameter ¢ 15 zero and the slope of the line gives @', the shear strength equation
being 7 = ortand’ The angle ¢, determined in this way, 15 referred to as a secant
parameier and 15 valid only for one particular stress state. Generally, the value of
secant @ used in practice would be that corresponding to the highest expected
value of effective normal stress (1e. the lowest value of the parameter for the stress
range of nterest).

The relationship between the shear strength parameters and the effective
principal stresses at falure at a particular pomt can be deduced. The general case
with ¢ =0 iz
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Shear failure

Figure 4.2 Molr—Coulomb falure criterion.

represented i Figure 4.2, compressive stress being taken as postive. The

coordmnates of the tangent pomt are 7 and Tt where

(&) — %) sin 20 4.3

=
P3| —

r

P r l' ] ]
op = = (o] + 3} _E{gl — ;) cos 2 4.4)

Pt | =

and & 13 the theoretical angle between the major principal plane and the plane of

failure. It iz apparent that

o

a fir]
=45 +5 (4.5)
Mow
sind’ = (7 — %)
T deotd 4 e + o)
Therefore
(o} — &) = (0} + o) sin &' + 2¢' cos &
(4. 6a)
or
r ¢ 2 = '{':"r s '::I‘Ii
ITl = 0’_‘., Lan~” (43° + ?) T 21"”11"1 (4:5; +?) (4 6]:):'

Equation 4. & 15 referred to as the Mohr—Coulomb falure criterion.

22 =2
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For a given state of stress it is apparent that, because ) =1 — ¥ and

7y = o3 — ththe Mohr circles for total and effective stresses have the same diameter
but their centres are separated by the corresponding pore water pressure
similarly, total and effective stress ponts are separated by the value of u.

The state of stress represented i Figure 4.2 could also be defined by the
cootrdinates of pomt P, rather than by the MMohr circle. The coordinates of P oare
“(ol=0y) and (e +eh) also denoted by :f and &' respectively, being the
mamun shear stress and the average principal stress. The stress state could alzo
be expressed m terms of total stress. It should be noted that

(@ — o) =

(o —o3)

Fod | =—

1

Pd | — 2|

(o) + %) ==(o+03) — 1

(7]

stress point T les on a modified falure envelope defined by the equation

(o) — o) =d +];{rr‘r| + o) lan o’

| =

(4.7)

where ¢ and a are the modified shear strength parameters. The parameters " and
@ are then given by

¢ = sin~'(tan a")

(4.8)

. o

€= cosd (4.9)

4.2 SHEAR. STRENGTH TESTS

The shear strength parameters for a particular soi can be detertnined by means of
laboratory tests on specunens talen from representative samples of the in-situ
soill. Great care and mudgement are recquired in the sampling operation and in the
storage and handing of samples prior to testihg, especially i the case of
undisturbed samples where the object iz to preserve the in-sifn structure and water
content of the sodl. In the case of clays, test specimens may be obtatned from tube
of block samples, the latter nonmally being subjected to the least disturbance.
sweling of a clay specimen will ocour due to the release of the im-sifn total
stresses.
whear strength test procedure 18 detalled i BS 1377 (Parts 7 and 8) [7]

The direct shear test

The spectmen 18 confined in a metal box (known as the shearbox) of square or
circular cross-section split horizontally at trid-height, a small clearance being
maintained between the two halves of the box Porous plates are placed below and
oft top of the spectmen if it 15 fially or partially saturated to allow free drainage: if the
SpeCinen 18
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Loading plate

T TN T T T

Parous (or
solid) plates

7 7

Figure 4. 3 Direct shear apparatus.

Specimen

drv, solid metal plates may be used. The essential features of the apparatus are
shown diagrammatically m Figure 4.3 A wertical force fA) 15 applied to the
specimen through a loading plate and shear stress 15 gradually appled on a
horizontal plane by causing the two halves of the box to move relative to each
other, the shear force (77 being measured together with the corresponding shear
displacement (AN MNormally, the change m thickness (A%) of the specimen 15 also
measured. If the mitial thickness of the specimen is A, then the shear stran () can

be represented by A0 and the wolumetric strain (e,) by Ahtho & mumber of

spectmens of the soi are tested, each under a different vertical force, and the value
of shear stress at fatlure 15 plotted against the normal stress for each test. The shear
strength parameters are then obtained firom the best ine fitting the plotted points.

The test suffers from several disadvantages, the mam one being that dramage
conditions cannot be controlled. As pore water pressure cannot be measured, only
the total normnal stress can be determuned, although this 12 equal to the effective
normal stress of the pore water pressure 15 zero, Only an approxmation to the state
of pure shear 12 produced i the specimen and shear stress on the fallure plane iz
not unform, faldure occurting progressively from the edges towards the centre of
the spectmen. The area under the shear and vertical loads does not remain constant
throughout the test. The advantages of the test are it simplicity and, in the case of
satds, the ease of specimen preparation.

The triaxial test

This 15 the tmost widely used shear strength test and 15 sutable for all types of sodl
The test has the advantages that drainage conditions can be controlled, enabling
saturated soils of low permeability to be consolidated, f required, as part of the test
procedure, and pore water pressure measurements can be made. 4 cyhindrical
specimen, generally having a lengthidiameter ratio of 2, 13 used in the test and i3
stressed under condions of amal symmetry i the manner shown in Fioure 4.4
Typical spectnen diameters are 28 and 100mum. The mam features of the apparatus
are shown i Figure 4.5 The circular base has a central pedestal on which the
spectmen 15 placed, there being access through the pedestal for dramage and for
the measurement of pore water pressure. A Perspex cylinder, sealed between a
ring and the circular cell top, forms the body of the cell The cell top has a central
bush through which the loading ram passes. The cylinder and cell top clamp onto
the base, a seal being made by means of an O-ring,
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The specimen 15 placed on either a porous or a solid disc on the pedestal of the
apparatus. A& loading cap 12 placed on top of the specimen and the specimen iz then
sealed i a rubber membrane, O-tings under tension being used to seal the
membrane to the pedestal and the loading cap. In the case of sands, the specimen
st be prepared in a mubber membrane inside a ngid former which fits around the
pedestal & small negative pressure 15 applied to the pore water to mamtain the
stability of the specimen while the former 13 remowed prior to the application of the
all-round pressure. & connection may also be made through the loading cap to the
top of the specimen, a flesable plastic tube leading from the loading cap to the base
of the cell, thiz connection 12 normally used for the application of back pressure (as
described later in this section). Both the top of the loading cap and the lower end of
the loading ram have coned seatmgs, the load being transmitted through a steel ball
The specimen 18 subijected to an all-round flud pressure i the cell, consolidation 1s
allowed to take place, if approprate, and then the amal stress 15 gradually mcreased
by the application of compressive load through the ram until fathure of the specimen
takes place, usually on a diagonal plane. The load 15 measured by means of a load
ning of by aload transducer fitted etther mside or outside the cell The system for
applying the all-round pressure must be capable of compensating for pressure
changes due to cell leakage or specimen volume change.

In the triamal test, consohdation takes place under equal merements of total
stress normal to the end and circumferential surfaces of the specimen. Lateral strain
i the specimen i1z x#of equal to zero during consolidation under these conditions
{unhke i the cedometer test, as descnbed i Section 720 Dhissipation of excess
pore water pressure takes place due to drainage through the porous disc at the
bottom (or top) of the specimen The dramage connection leads to an external
burette, enabling the volume of water expelled from the spectmen to be measured.
The datumn for excess pore water pressure is therefore atmosphenic pressure,
assuming that the water lewel in the burette 1z at the same height as the centre of the
specitnen. Filter paper drains, in contact with the end porous disc, are sometimes
placed around the circumference of the specimen; both vertical and radial dramage
then take place and the rate of dissipation of excess pore water pressure is
increased.

The all-round pressure 15 talen to be the minor principal stress and the sum of
the all-round pressure and the applied asal stress as the major principal stress, on
the basis that there are no shear stresses on the surfaces of the specimen The
apphed amal stress 1z thus referred to as the principal stress difference (also
known as the deviafor stress). The mtermediate principal stress 12 equal to the
minot principal stress; therefore, the stress conditions at fadure can be reprezented
by a Mohr circle. If a number of specimens are tested, each under a different value
of all-round pressure, the falure enwelope can be drawn and the shear strength
parameters for the sol deternmuned. In calculating the prncipal stress diference, the
fact that the average cross-sectional area fA4) of the specimen does not remain
constant throughout the test must be talen inte account If the oniginal cross-
sectional area of the specimen 15 Ay and the ongmal volume 1 ¥} then, if the

wolume of the specimen decreases during the test,

| — =y

A=dor— @10)

where e, is the volumetric strain (AV/V0) and ¢_ is the axial strain (/o). If the
wolume of the specimen mcreases dunng the test the sign of AV will change and the
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Figure 4.6 Asal radial and circumferential stresses.

mimerator it Equation 4.10 becomes (1 + 80 If required, the radial strain (e,)
could be obtained from the equation

@11

In the case of saturated scils the wolume change AP iz usually determined by
measuring the volume of pore water drawung from the specinen The change in
axial length Af corresponds to the mowvement of the loading ram, which can be
measured by a dial gauge.

The above mterpretation of the stress condibions i the triamal test 15 appromxmate
otily. The principal stresses in a cylindncal spectmen are in fact the aoal, radial and
circumnferential stresses, Ty O and T respectively, as shown in Figure 4.6, and the

state of stress throughout the specimen i3 statically indeterminate. IE it iz assumed
that @ = @ the mdetermmacy 15 overcome and o, then becomes constant, equal to

the radial stress on the boundary of the spectmen. In addition, the stramn conditions
i the specinen are not unform due to fctional restraint produced by the loading
cap and pedestal disc; this results in dead zones at each end of the specimen, which
becomes barrel-shaped as the test proceeds. Non-unform deformation of the
spectmen can be largely elirrinated by lubrication of the end surfaces. It has been
shown, however, that non-umform deformation has no significant effect on the
measured strength of the zoil, provided the length/diameter ratio of the specimen 1=
not less than 2

& special case of the tnamal test 13 the unconfined compression fest m which
axial stress iz applied to a spectmen under zero (atmosphenc) all-round pressure,
no rubber membrane bemg required. The unconfined test, however, 15 applicable
only for testing mtact, fully saturated clays.

& tnecnal exfension test can also be cared out i which an upward load 15
appled to a ram comnected to the loading cap on the specumen. The all-round
pressure then becomes the major principal stress and the net vertical stress the
tinet principal stress.

Pore water pressire medsiremeant

The pore water pressure th a triaxial specitmen can be measured, enabling the
results to be expressed in terms of effective stress; conditions of 2o flow either out
of or mnto the
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specimen must be maintained, otherwise the correct pressure will be modified.
Pore water pressure 15 nonmally measured by means of an electrome pressure
tranzducer. & change i pressure produces a small deflection of the transducer
diaphragm, the cotresponding strain being calbrated aganst pressure. The
connection between the specimen and the transducer must be filled with de-ared
water (produced by boding water i a near vacuum) and the system should undergo
negligible volume change under pressure.

If the specinen iz parbally saturated a fine porous ceramuc disc must be sealed
inte the pedestal of the cell if the correct pore water pressure 18 to be measured.
Depending on the pore size of the ceramic, only pore water can flow through the
disc, provided the difference between the pore ar and pore water pressures is
below a certain walue known as the air entry vadue of the disc. Under undrained
conditions the ceramic disc will remain fully saturated with water, provided the air
entty wvalue 1z ligh enough, enabling the correct pore water pressure to be
measured. The use of a coarse porous disc, as normally used for a fully saturated
soll, would result in the measurement of the pore air pressure in a partially saturated
soll.

Testing under hack pressiure

Testing under back pressure involves raising the pore water pressure artificially by
connecting a source of constant pressure through a porous disc to one end of a
triazal specinen. In a draned test this connection remains open throughout the test,
drainage taling place against the back pressure; the back pressure 1s the datum for
excess pore water pressure. In a consolidated—undraimed test the connection to the
back pressure source 15 closed at the end of the consohdation stage, before the
application of the principal stress difference 18 commenced.

The object of applying a back pressure 15 to ensure full saturation of the
specimen ot to stmulate ix-sifn pore water pressure condibons. Dunng sampling
the degree of saturation of a clay may fall below 100% owing to sweling on the
release of in-sifn stresses. Compacted specimens will have a degree of saturation
below 100%. In both cases a back pressure 15 applied which i high enough to
drive the pore air into solution in the pore water.

It 15 essential to ensure that the back pressure does not by dself change the
effective stresses m the specimen. It 15 necessary, therefore, to raise the all-round
pressure similtaneously with the application of the back pressure and by an equal
increment. A specinen i3 nottnally considered to be saturated iof the pore pressure
coefficient & (Section 4.7 has a value of at least 0.95,

The use of back pressure i3 specified m BS 1377 as a means of ensuring that the
test specitnen 15 fully saturated.

Types af test

Many vanations of test procedure are possible with the triamal apparatus but the
three principal types of test are as follows:

1 Unconsalidated—Undrained. The specimen 15 subjected to a specified all-round
pressure and then the prncipal stress difference 13 applied immediately, with no
drainage being permitted at any stage of the test.
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& Consolidated—Undrained. Dranage of the specimen 15 penmtted under a
spectfied all-round pressure untll consolidation i complete; the principal stress
difference 1s then applied with no dramage being permmtted. Pore water pressure
measurements may be made during the undrained part of the test.

3 Drained. Dranage of the specinen i3 permitted under a spectfied allround
pressure untl consclidation 15 complete; with dramnage still being pertmtted, the
principal stress difference is then applied at a rate slow enough to ensure that the
EXCESS pore Water pressure 13 maintained at zero.

shear strength parameters determined by means of the abowe test procedures are
relevant only in situations where the field drainage conditons cotrespond to the test
conditions. The shear strength of a sod under undramned condiions 1z different from
that under drained condiions. The undrained strength can be expressed in terms of
total stress in the case of fully saturated sols of low permeability, the shear strength
parameters being denoted by ¢, and ©u. The dramed strength 15 expressed in terms

of the effective stress parameters " and ¢

The wital consideration i practice 15 the rate at which the changes i total stress
{due to constuction operations) are applied in relation to the rate of dissipation of
excess pore water pressure, which i turn 15 related to the permeabdity of the sod
Tndramed condibions apply o there has been no sigmficant dissipation during the
period of total stress change;, this would be the case i soils of low permeability
such as clays mmmediately after the completion of construction. Drained conditions
apply i sttuations where the excess pore water pressure 15 zero; this would be the
case ih soils of low permeabdity after consolidation 18 complete and would
represent the sttuation a long time, perhaps many years, after the completion of
construction. The drained condition would also be relevant if the rate of disstpation
were to keep pace with the rate of change of total stress; this would be the case in
sotls of lugh permeabdity such as sands. The dramned condition 15 therefore relevant
tor sands both immediately after construction and i the long term. Only if there
were extremely rapid changes in total stress (e g as the result of an explosion of an
eatthoquake) would the undraned condition be relevant for a sand In some
sitnations, partially drained condibions may apply at the end of construction,
pethaps due to a very long construction petiod of to the sol i question being of
mntermediate permeabdity. In such cases the excess pore water pressure would
have to be estimated and the shear strength would then be calculated in terms of
effective stress.

The vane shear test

This test 1 used for the in-sifn detertmination of the undramed strength of intact,
fully saturated clays; the test 15 not sutable for other types of sod. In particular, this
test 15 very suitable for soft clays, the shear strength of which may be significantly
altered by the sampling process and subsequent handling. Generally, this test 15 only

uszed in clays having undrained strengths less than 100kM/m?, This test tnay not give
reliable results if the clay contams sand or silt larmnations.

Details of the test are given in B3 1377 (Part 9). The equipment consists of a
stamnless steel vane (Figure 4.0 of four thin rectangular blades, carmed on the end
of
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1

-

Figure 4.7 The vane test.

a high-tensile steel rod; the rod 15 enclosed by a sleeve packed with grease. The
length of the vane iz equal to twice its overall width, typical dimensions being
1530mm by 7omm and 100mm by S0mim. Preferably the diameter of the rod should
not exceed 12 Smum.

The wane and rod are pushed into the clay below the bottom of a borehole to a
depth of at least three tines the borehole diameter; if care 1z taken this can be done
without appreciable disturbance of the clay. Steady bearmgs are uszed to keep the
rod and sleeve central i the borehole casmg The test can also be camed out in
soft clays, without a borehole, by direct penetration of the vane from ground level;
i this case a shoe 13 required to protect the vane during penetration.

Torque 15 appled gradually to the upper end of the rod by means of sutable
equipment until the clay fails in shear due to rotation of the vane. Shear fatlure talkes
place over the sutface and ends of a cylinder hawing a diameter equal to the overall
width of the vane The rate of rotation of the vane should be wathin the range of 6—
127 per mimte. The shear strength 12 calculated from the expression

I dh  d?
Tl Y (4.12)

where T iz the torque at falure, o the owerall wvane width and /% the wane length
However, the shear strength over the cylindncal vertical surface may be different
frotn that over the two honzontal end surfaces, as a result of antsotropy. The shear
strength 15 normally determmed at intervals over the depth of interest If, after the
iitial test, the wane iz rotated rapidly through seweral rewvolutions the clay wil
become remoulded and the shear strength i this condition could then be
determined f required.

Small, hand-operated vane testers are alzo awvaillable for use i exposed clay
strata.

& 1974, 1978, 1953, 1957, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Shear strength 102

Special tests

In practice, there are very few problems m which a state of asal symmetry exsts as
it the triamal test In practical states of stress the intermediate principal stress is not
usually equal to the mincer principal stress and the principal stress directions can
undergo rotation as the falure condition 15 approached. A commen condition 13 that
of plane strain i which the strain in the direction of the intermediate principal stress
1z zero due to restramt wnposed by virtue of the length of the structure i question.
In the triamal test, consolidation proceeds under equal all-round pressure (1e.
izotropic  consolidation), whereas ix-sifu consolidation takes place under
atisotropis stress conditions

Tests of a more complex natre, generally emploving adaptions of tnasmal
equipment, have been dewized to sunulate the more complex states of stress
encountered in practice but these are used principally in research. The plane straimn
test uses a prismatic specimen in which stran i one direction (that of the
mtermediate principal stress) 15 mantamed at zero throughout the test by means of
two ngid side plates tied together. The all-round pressure is the mmor principal
stress and the sum of the applied asaal stress and the all-round pressure the major
prncipal stress. A more sophisticated test, also using a prismatic specimen, enables
the walues of all three prncipal stresses to be controlled mdependently, two side
pressure bags or jacks bemng used to apply the mtermediate principal stress.
Independent control of the three principal stresses can also be achieved by means
of tests on sodl specimens in the form of hollow cylinders in which different values of
external and mternal flud pressure can be appled m addiion to amal stress.
Torsion applied to the hollow cylinders results in the rotation of the principal stress
directions.

Because of tts relative simplicity it seems likely that the triamal test will contmue
to be the main test for the determination of shear strength characteristics If
constdered necessary, corrections can be appled to the results of triasal tests to
obtatn the characteristics under more complex states of stress.

4.3 SHEAR. STRENGTH OF SANDS

The shear strength charactenstics of a sand can be determined from the results of
either direct shear tests or draned trizsaal tests, only the draned strength of a sand
notmally being relevant in practice. The charactenstics of dry and saturated sands
are the same, prowided there iz Zero excess pore water pressure in the case of
saturated sands. Typical curves relating shear stress and shear stram for mitially
dense and loose sand specimens m direct shear tests are shown in Figure 4 8(a).
siilar curves are obtained relating principal stress difference and asal stran in
dramed tnasal compression tests,

In a dense sand there 1z a considerable degree of interlocking between particles.
Eefore shear fallure can take place, this mterlocking must be overcome i addition
to the fictional resistance at the pomts of contact In general, the degree of
interlocking 15 greatest in the case of very dense, well-graded sands consisting of
angular particles. The charactenistic stress—strain curve for an mitially dense sand
shows a peak stress at a relatively low strain and thereafter, as mterlocking 1s
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Figure 4.8 Shear strength characteristics of sand.

progressively overcome, the stress decreases wath mncreasing stramn. The reduction
in the degree of mtetlocking produces an mcrease in the volume of the specimen

durtng shearing as characterized by the relationship, shown m Figure 4 3(c),
between volumetric strain and shear stram m the direct shear test. In the dramed
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triaal test a similar relationship would be obtammed between wolumetric stram and
axial strain. The change in volume 18 also shown in terms of void ratio f2) in Figure
4 8{d). Eventually the spectimen would become loose enough to allow particles to
movwe over and around their neighbours wathout any further net volume change and
the shear stress would reach an ultimate value. Howewver, m the triscaal test non-
unform deformation of the spectmen becomes excessive as stramn 15 progressively
increased and it 15 unlikely that the ultimate wvalue of principal stress difference can
be reached.

The term dilafarncy 15 used to descnbe the merease m volume of a dense sand
during shearing and the rate of dilation can be represented by the gradient d&v/d7,
the maximum rate corresponding to the peak stress. The angle of dilation (¥ is
tan ! (d=v/d7y The concept of dilatancy can be ilustrated in the context of the
direct shear test. Dunng shearing of a dense sand the macroscopic shear plane 13
honizontal but shding between indindual particles takes place on numercus
microscopic planes inclined at vanious angles abowe the horizontal, as the particles
movwe up and over thewr neighbours. The angle of dilation represents an average
value of thiz angle for the specimen as a whele. The loading plate of the apparatus
iz thus forced upwards, wotle being done against the normal stress. For a dense
sand the masmum angle of sheanng resistance (r=":|::n) determined from peak
streszes (Figure 4.8(b)) iz significantly greater than the true angle of friction (V)
between the surfaces of indradual particles, the difference representing the work
required to overcome mtetlocking and rearrange the particles.

In the case of wutially loose sand there i3 no sigmficant particle mtetlocking to ke
overcome and the shear stress mereases gradually to an ultinate value without a
prior peak, accompanied by a decrease i wolume. The ultimate valies of stress
and void ratio for dense and loose specimens under the same values of normal
stress m the dwect shear test are essentally equal as mdicated m Figures 4.8(a) and
(). Thus at the ultimate (or critical) state, shearing takes place at constant wolume,
the comresponding angle of shearing resistance bemg denoted Pl (or Peit). The
difference between % and % represents the work required to rearrange the
patticles.

It may ke difficult to determine the wvalue of the parameter P because of the
relatively high strain recuired to reach the critical state. In general, the critical state
iz identified by extrapolation of the stress-strain curve to the point of constant
stress, which should alse correspond to the point of zero rate of dilation on the
volumetnic strain—shear straih curve. Stresses at the critical state define a straight
line falure envelope mtersecting the orgn, the slope of which 1z Pev.

In practice the parameter Pmaxs which is a transient vahe, should only be used
for situations in which it can be assumed that stram will remamn sigmficantly less than
that cotresponding to peak stress. If, however, strain 15 lkely to exceed that
cotresponding to peal stress, a situation that may lead to progressive falure, then
the critical-state parameter Pevshould be used,

An alternative method of representing the results from diwect shear tests 15 to plot
the stress ratio 7/ against shear strain Plots of stress ratio against shear strain
representing tests on three spectmens of zand, each hawving the same mitial void

ratio, are shown mn Figure 4.8(g), the values of effective normal stress (o) being
different in each test The plots are labelled A, B and C, the effective normal stress
betng lowest in test & and highest in test ©. Corresponding plots of woid ratio
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against shear stramn are shown i Figure 4.8(0). Such results mdicate that both the
maxtmin stress rafio and the ultimate (or cntical) woid ratio decrease wath
increasing effective normal stress. The ultinate values of stress ratio, however, are
the same. From Figure 4 8(e) it 1z apparent that the difference between mammum
and ultimate stress decreases with creasing effective normal stress; therefore, of
the measamum shear stress 15 plotted aganst effective normal stress for each
indrndual test, the plotted pomnts wall ke on an envelope which 15 shghtly curved, as

shown m Figure 4 8(g). The value of Pinax for each test can then be represented by
a secant parameter, the value decreasing with increasing effective normal stress untl
it becomes equal to P The reduction in the difference between mesinmim and
ultimate shear stress with increasing normal stress 13 tnainly  due to the
cotresponding decrease i ultinate woid ratio. The lower the ultimate woid ratio the
less scope there 15 for dilation. In addition, at high stress levels some fracturing or
crushing of particles may occur with the consecuence that there will be less particle

interlocking to be overcome. Crushing thus causes the suppression of dilatancy and

contributes to the reduced value of P,

In practice, the routine laboratory testing of sands 13 not feasible because of the
problem of obtaiming undisturbed specimens and setting them up, still undisturbed,
in the test apparatus. I required, tests can be undertalen on specimens
reconstituted m the apparatus at appropriate densihes but the in-sifn structure is
then unlikely to be reproduced. Guidance on appropriate values of the parameters

Lf Ll . . . . . .
Ymax and Yev 1z given m certan codes of practice. In the case of dense sands it has

been shown that the value of % under conditions of plane strain can be 47 or 37
higher than the cotresponding value obtamned by conventional tnasaal tests. The
increase in the case of loose sands 15 negligible.

Liquefaction

Liquefaction 15 a phenomencn i which loose saturated sand loses a large
percentage of itz shear strength and develops characteristics swilar to those of a
bepud. It 15 usually mduced by cyclic loading of relatively lugh frequency, resulting in
undrained conditions in the sand Cyclic loading may be causzed, for example, by
wbrations from machinery and, more seriously, by earth tremors.

Loose sand tends to compact under cyclc loading The decrease m volume
Causes an increase in pore water pressure which cannot dissipate under undrained
conditions. Indeed, there may be a cumulative increase it pore water pressure
under successive cycles of loading If the pore water pressure becomes equal to
the masitmum total stress component, normally the overburden pressure, the walue
of effective stress will be zero, 1e. mterparticle forces will be zero, and the sand will
exist i a heud state with neghgible shear strength. Even if the effective stress does
not fall to zero the reduction i shear strength may be sufficient to cause fadure.

Liquefaction may develop at any depth i a sand depostt where a cntical
combination of is-sify denstty and cyclc deformation occurs. The higher the woid
ratio of the sand and the lower the confining pressure the tmore readily iquefaction
will ocour. The larger the strams produced by the cychc loading the lower the

mumber of cycles required for iquefaction,
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4.4 SHEAR STRENGTH OF SATURATED CLAYS

Isotropic consolidation

It a saturated clay specimen 15 allowed to consolidate m the triasmal apparatus under
a sequence of equal all-round pressures, sufficient time bemng allowed between
successive icrements to ensure that consolidation 15 complete, the relationship

between woid ratio f2) and effective stress (‘T.r*) can be obtained. Consolidation in
the triamal apparatus under equal all-round pressure is referred to as isotropic
consoldation.

The relationship between void ratio and effective stress depends on the stress
histery of the clay. If the present effective stress 15 the masmm to which the clay
has ever been subjected, the clay 1z saud to be normally consolidated. If, on the
other hand, the effective stress at sotne time i the past has been greater than the
present value, the clay is said to be over consofidated. The mamtmim value of
effective stress in the past dimded by the present value iz defined as the over
consalidation  ratiz (OCE) A normally consolidated clay thus has an
overconsolidation ratio of unity;, an overconsolidated clay has an owerconsolidation
ratio greater than unity. Owerconsolidation 15 usually the result of geclogical factors,
for example, the erosion of overburden, the meltng of ice sheets after glaciation
and the permanent rize of the water table. Owerconsolidation can also be due to
higher stresses prewiously applied to a spectmen i the triasal apparatus.

The characteristic relationship between 2 and 3 is showr in Fioure 4.9 AR i1z
the curve for a clay i the nottally consolidated condition. If after consclidation to
pomt B the effective stress 15 reduced, the clay will swell or expand and the
relationship will be represented by the curve BC. During consolidation from & to
E, changes in sod structure contimiously takee place but the clay does not revert to
itz ongmmal structure duning swelling, A clay exsting at a state represented by point
2 1z now in the owerconsolidated condition, the overconsolidation ratio being the
effective stress

o3

Figure 4.9 Isotropic consolidation.
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at point B drrded by that at pomnt C. If the effective stress 13 again mcreased the
consolidation curwe 13 CD, known as the recompression curve, evenmally
becoming the contmuation of the normal conschidation curve AR It should he
realized that a state represented by a point to the right of the normal conselhidation
curve 15 itmpossible.

Undrained strength

In principle, the wxconsolidated—undrained tnasal test enables the undramned
strength of the clay i itz ix-sifu condifion to be detertmined, the woid ratio of the
spectmen at the start of the test bemng unchanged from the ie-sifu value at the depth
of sampling In practice, howewer, the effects of sampling and preparation result n
a stnall inerease in void ratio. Experinental ewdence {e.g Duncan and Seed [107)
has shown that the iw-sifu undramed strength of saturated clays 15 significantly
atisotropic, the strength depending on the direction of the major prncipal stress
relative to the ie-sifu onientation of the specimen. Thus, undramned strength 15 not a
unicue parameter.

When a specimen of saturated clay 13 placed on the pedestal of the triasial cell
the iutial pore water pressure 18 negative due to capillary tension, total stresses
being zero and effective stresses posttve. After the applcation of all-round
pressure the effective stresses in the specimen remain unchanged because, for a
fully saturated sod under undramed condiions, any mcrease i all-round pressure
results i an equal mcrease m pore water pressure (see Sechon 4.7). Assuming all
specitnens to hawve the same weid ratio and composition, a tumber of
unconsolidated—undrained tests, each at a diferent value of all-round pressure,
should result, therefore, in equal values of principal stress diference at falure. The
results are expressed in terms of total stress as shown in Fioure 410, the failure
envelope bemng honzontal, 1e. @ = U and the shear strength 1z given by T = € Tt
should be noted that if the values of pore water pressure at falure were measured
it a series of tests then in principle only one effective stress circle, shown dotted in
Figure 410, would be obtained The circle representing an unconfined
compression test would le to the left of the effective stress circle i Figure 4,10
because of the negative pore water pressure in the specinen The unconfined
strength of a clay 15 due to a combination of friction and pore water suction.

If the best common tangent to the Wohr circles obtained from a senes of tests 1s
not horizontal then the iference 15 that there has been a reduction i void ratio

during

Envelope for
f'“'-' red clay Effu-ctlvu stress circle

il f’\/\/ﬁ\

Figure 410 Unconsolidated—undramed triasaal test results for
saturated clay.

Fauluu envalope
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each test due to the presence of air in the woids, 1e. the spectmen has not been filly
saturated at the outset. It should not be inferred that @ = 0 Tt could also be that
an initially saturated spectmen has partially dried prior to testing or has been
repatred. Another reason could be the entrapment of air between the specimen and
the membrane.

In the case of fissured clays the fallure enwvelope at low walues of all-round
pressure 15 curved, as shown i Figure 4 10, This 1z due to the fact that the fissures
open to some extent on sampling, resulting i a lower strength and only when the
all-round pressure becomes high enough to close the fissures agan does the
strength become constant Therefore, the unconfined compression test 15 not
appropriate in the case of fissured clays. The size of a fizsured clay specitnen
should be large enough to represent the mass structure, otherwise the measured
strength will be greater than the in-sif strength. Large specimens are also recuired
for clays exhibiting other features of macro-fabnc Curvature of the undrained
tailure envelope at low values of all-round pressure may also be exhibited m heawily
overconsolidated clays due to relatively high negative pore water pressure at fathure
causthg cavitation, 1e. pore at cotnes out of solution.

The results of unconsolidated—undrammed tests are usually presented as a plot of
¢, agamst the corresponding depth from which the specimen ongmated.

Considerable scatter can be expected on such a plot as the result of sampling
disturbance and macro-fabric features of present. For normally consolidated clays
the undramned strength i1z generally taken to increase lhnearly with increase in

effective vertical stress O {1.e. with depth if the water table 1z at the surface); this 1s
comparable to the varation of ¢ with 3 Fioure 4117 in consolidate d—undramned
triacnal tests. If the water table 15 below the surface of the clay the undraned

strength between the surface and the water table will be significantly lngher than that
inme diately below the water table due to diywing of the clay.

The following correlation between the ratio /0% and plasticity index ({p) for
normally consolidated clays was proposed by Shempton:

'y
— =0.11 +0.00371,
o, ' @.13)

The consolidaied—undrained tniamal test enables the undrained strength of the clay
to be determined after the woid ratio has been changed from the initial walue by
consolidation. The undrained strength 1z thus a fonction of this woid ratio or of the

corresponding

Cu 4

QOverconsolidated clay

~ =T Normally consolidated clay

-

r
T3

Figure 417 Consohdated—undramed triasmal test: vartation of
undramed strength with consolidation pressure.
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all-round pressure (‘T.r*) under which conselidation took place. The all-round
pressure during the undramed part of the test {ie. when the prmcipal stress
difference iz appled) has no influence on the strength of the clay, although it i3
normally the same pressure as that under which conselidation tock place. The
results of a series of tests can be represented by plothng the value of ¢ (“vbemng

zere) agamnst the corresponding consoldation pressure 7% as shown in Figure 4.11.
For clays i the normally consolidated state the relatonship between ¢ and 3 i

linear, passing through the ongin For clays m the overconsolidated state the
relationship 13 non-linear, as shown n Figure 4. 11

The unconsolidated—undrained test and the undrained part of the consolidated—
undramed test can be carmed out rapidly (prowded no pore water pressure
measurements are to be made), fallure normally being produced wathin a period of
10-15tmun. Howewer, a shight decrease i strength can be expected if the time to
failure 1z sigficantly mcreased and there 15 ewidence that thiz decrease 15 more
proncunced the greater the plasticity index of the clay. Each test should be
contiued untl the mammun wvalue of principal stress difference has been passed or
untl an asaal stran of 20% has been attamned.

It should be realized that clays i# sifi have been consolidated under conditions
of zero lateral strain, the effective wvertical and horizontal stresses being unequal, 1e.
the clay has been consolidated amsotropically. A stress release then occurs on
sampling. In the consolidated—undraned triamal test the specimen 18 consolidated
again under equal all-round pressure, normally equal to the value of the effective
vertical stress im sif, 1e. the specinen 15 consolidated sotropically. Isotropac
consolidation in the trisstal test under a pressure equal to the ix-sifn effective
vertical stress results i a void ratio lower than the in-sifn value and therefore an
undramed strength hugher than the i»-sifn value,

The undrained strength of intact soft and firm clays can be measured in st by
means of the vamxe fesi. Howewer, Bierrum [3] has presented ewidence that
undramed strength as measured by the wvane test 1z generally greater than the
average strength mobilized along a fallure surface i a field siwation The
discrepancy was found to be greater the higher the plasticity imdex of the clay and iz
attributed primarily to the rate effect mentioned earlier in this section. In the vane
test shear fatlure occurs within a few rmunutes, whereas m a field situation the
stresses are usually applied over a petiod of few weeks or months. A secondary
tactor tmay be amsotropy. Bierrum presented a correction factor (i), correlated
empinically with plasticity indesx, as shown in Figure 4 12, the wane strength being
rltiphied by the factor to give the probable feld strength.

Clays may be classified on the basiz of undrained shear strength as in Table 4.1

Sensitivity of clays

some clays are very sensitive to remoulding, suffering considerable loss of strength
due to their natural structure bemg damaged or destroved. The seasitiviiy of a clay
iz defined as the ratio of the undrained strength in the undistirbed state to the
undrained strength, at the same water content, i the remoulded state. Eemoulding
tor test purposes 15 normally brought about by the process of kneadmg The
sensitivity of most clays is between 1 and 4. Clays with sensitivities between 4 and
B are referred to as semsifive and those with sensitrwibes between & and 16 as
extrassnsitive. (huick clays are those hawving sensivities greater than 16; the
sensitivities of some quick clays may be of the order of 100
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Figure 412 Correction factor for undrained strength measured by
the vane test. (After Bierrum [5].)

Tahle 4.7 Undrained strength classification

Stijjhess state Undrained sirength (kNim®)
Hard =300

Very stff 150-300

Shff T5-150

Firtn 4075

Soft 2040

WVery soft <20

Strength in terms of effective siress

The strength of a clay i terms of effective stress can be determined by either the
consolidated—undrained triamal test with pore water pressure measurement, or the
dratned triasal test. The undrained part of the consolidated—undrained test must be
tun at a rate of stram slow enough to allow equalization of pore water pressure
throughout the specimen, this rate being a fonction of the permeabdity of the clay. If

the pore water pressure at falure 12 known, the effective principal stresszes 71 and

Tican be calculated and the corre sponding Wohr circle drawn.

Fallure enwelopes for normally consolidated and overconsclidated clays are of
the forms shown m Figure 413 For a normally consolidated or lghtly
overconsolidated clay the envelope should pass through the ongin and the
parameter ®o =0 The envelope for a heavily overconsolidated clay is likely to
exhibit curvature over the stress range up to preconschdation pressure and can be
represented by etther secant or tangent parameters. It should be recalled that a
secant parameter ¢ only applies to a particular stress level and s value will
decrease with increasing effective nornal stress until it becomes equal to the

critical-state parameter %o (as dlustrated in Example 4.3).
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Figure 413 Falure envelopes for normally consolhidated (NC) and
overconsoldated (OC) clays.

Tangent parameters ¢ and ¢’ apply otly to a relatively small stress range. The
tangent value of T likely to be lower than the crtical-state value Caution is
requited in the use of the ° parameter, espectally at low stress levels where it
would represent a significant proportion of shear strength. Ifthe crtical-state value

of v is requited for a heawily overconsolidated clay then, ff possible, tests should
be performed at stress levels that are lugh encugh to define the cnfical-state
envelope, 1e. specimens should be consolidated at all-round pressures in excess of

the preconschdation value, Alternatively, an estunated value of Pev can be obtained
from testz on normally consolidated specitnens reconsolidated from a shirry.

Effective stress parameters can also be obtaned by means of drained triasual
tests {or dwect shear tests). Clays under dramed conditions behave as frictional
materials. The rate of strain must be slow encugh to ensure full dizsipation of excess
pore water pressure at any tine dunng application of the principal stress difference.
Total and effective stresses wall thus be equal throughout the test. The rate of strain
st again be related to the permeabiity of the clay. The wolune change taking
place during the application of the principal stress difference must be measured in
the dramed test so that the corrected cross-sectional area of the specimen can be
calculated.

Typical test results for spectmens of normally consolidated and overconsolidated
clays are shown m Figure 4 14 In consohdated—undrammed tests, asal stress and
pore water pressure are plotted against asaal strain For normally consolidated
clays, amal stress reaches an ultimate walue at relatively large strain, accompanted
by increase in pore water pressure to a steady value. For overconsohdated clays,
axial stress increases to a peak value and then decreases with subsequent mcrease
in strain. Hewewer, it 15 not usually possible to reach the ultimate stress due to
excessive spectmen deformation. Pore water pressure mcreases wubally and then
decreases, the higher the owerconsolidation ratio the greater the decrease. Pore
water pressure may become negative i the case of heawily overconsolidated clays
as shown by the dotted lne i Fioure 4.14(k0 In dramned tests, amal stress and
volume change are plotted against amial strain. For normally conselidated clays an
ultinate value of stress 1z agam reached at relatively lugh stram & decrease i
wolume takes place during shearing and the clay hardens. For owverconselidated
clays a peak value of amial stress is reached at relatively low strain.
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Figure 414 Typical results from consolidated—undramed and
dramed triamal tests.

Subsecuently, amal stress decreases with mcreasing strain but, agan, it 15 not
usually possible to reach the ultimate stress in the triasmal apparatus. After an mitial
decrease, the volume of an overconsolidated clay increases prior to and after peak
stress and the clay softens. For overconsolidated clays the decrease from peak
stress  towards  the ultitmate  walue becomes less  pronounced  as  the
overconsolidation ratio decreases.

In practical situations, f the stress m a particular sol element becomes equal to
the peak shear strength, any further increase in strain will result in a reduction in
strength. Consequently, additional stress will be transferred to adjacent eletnents,
pethaps resulting i peak strength being also reached m these elements. & sequence
of progressive fallure could thus be set i train within a soil mass. Therefore, unless
it 15 cettatn that stramnz throughout the sod tass will reman less than that
corresponding to peak strength, it 15 necessary to use the cnfical-state strength m

design.
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Siress paths

The successive states of stress m a test specimen or an iz-siti element of sod can
be represented by a series of Mohr circles or, i a less confiising way, by a senies
of stress pomts. The curve or strajght ine connecting the relevant stress points 13
called the stress path, gving a clear representation of the successive states of
stress. Stress paths may be drawn in terms of either effective or total stresses. The
honzontal distance between the effective and total stress paths 15 the value of pore
water pressure at the stresses in question. In general, the horizontal distance
between the two stress paths 15 the sum of the pore water pressure due to the
change i total stress and the static pore water pressure. In the normal triasal test
procedure the static pore water pressure () 15 zero. However, if a triaxal test is

petformed under back pressure, the static pore water pressure 15 ecual to the back
pressure. The static pore water pressure of an in-sifn element iz the pressure
governed by the water table level.

The effective and total stress paths (denoted by EZP and TSP, respectively) for
the triamal tests represented i Figure 414 are shown i Figure 415, the
coordinates heing Yo —0%) and % (01+0%) or the total stress ecuivalents. The
effective stress paths termunate on the modified faure envelope. All the total stress
paths and the effective stress paths for the drained tests are straight lines at a slope
of 45°% The detaled shape of the effective stress paths for the consolidated—
undramed tests depends on the clay m question. The effective and total stress paths
tor the drained tests coincide, prowided no back pressure has been applied. The
dotted lne m Figwre 4.150c) 15 the effective stresz path for a heawly
overconsohdated clay i which the pore water pressure at failure (z2) 15 negative.

The hydraulic triaxial apparatus

Thiz apparatuz, developed by Bishop and Wesley [4], 15 shown diagrammatically in
Figure 4 16, The chamber containg the soil specimen 15 similar to a conventional
triasal cell, howewer, the pedestal i3 connected by a ram to a piston i a lower
pressure chamber, the wertical movement of the ram being gmded by a linear
beanng. Eoling seals are used to accommodate the movement of the ram i both
chambers. Asal load 12 applied to the specimen by increasing the pressure in the
lower chamber. Standard constant pressure systems can be used but preferably
with a motorized drve arrangement to control the rate of pressure increase.
Although the amal load on the specimen can be calculated from a knowledge of the
pressures in the two chatnbers, the mass of the ram and apparatus dimensions, it is
preferable to measure the load directly by means of a load cell above the specimen
& cross-arm mounted on the ram passes through the slots in the side of the
apparatus (the section of the apparatus contarung the hinear bearing being open to
atnosphere); wertical rods attached to the ends of the cross-arm operate against
dial gauges (or transducers), enabling the change in length of the specimen to be
measured. The slots in the side of the apparatus also accommodate the pore
pressure and drammage connections from the pedestal The potential of the
apparatus can be fully explotted by means of an automatic system controlled by a
computer. The apparatus enables a wide range of stress paths, reproducing ix-sifu
stress changes, to be inposed on the specimen.
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Figure 4 15 Stress paths for triamal tests.

Example 4.1

The following results were obtained from direct shear tests on specimens of a sand
compacted to the ix-sifu density. Determine the wvalue of the shear strength
pararneter ¢

Mormal stress (kN/m®) 50 100 200 300

Shear stress at failure (kN/m®) 3 80 154 235

Would falure occur on a plane within a mass of this sand at a pomnt where the shear
stress is 122k1/m? and the effective normal stress 246kM/m>7
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Figure 4 78 Hydraulic triamal apparatis.
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Figure 4 17 Example 4.1,
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The walues of shear stress at fathure are plotted against the corresponding vahies
of normal stress, as shown i Figure 4 17 The failure envelope i3 the line having the
best fit to the plotted pomnts; i this case a straight line through the origin If the
stress scales are the same, the value of ¢ can be measured directly and 13 287

The stress state 7= 122KN/m’, ¢ = 246kN/m* plots below the faiure

envelope, and therefore would not produce fadure,

Example 4.2

The results shown in Table 4.2 were obtained at falure m a senes of triawmal tests
oft specimens of a satrated clay mitially 38mm in diameter by THmm long.
Determmine the walues of the shear strength parameters with respect to (&) total
stress and (k) effective stress.

The principal stress difference at falure in each test 15 obtained by dimding the
amal load by the cross-sectional area of the specunen at falure (Table 4.2, The
corrected cross-sectional area i calculated from Ecuation 410 There 13, of
course, fio volume change duning an undrained test on a saturated clay. The mitial
values of length, area and volume for each specimen are:

h=76mm, A= 1135mm>, ¥, =86 x 10°mm’

The Mohr circles at fatlure and the corresponding fatlure envelopes for both senies
of tests are shown in Figure 4 18 In both cases the falure envelope is the line
nearest to a common tangent to the MMohr circles. The total stress parameters,

representing the undrained strength of the clay, are

oy = 85kN/m-, iy =10

Table 4.2

Nype af All-round Axdal Axdal Volime

test pressure load defarmation change
(M) (N} () (ral}

(a) Undrained 200 222 9.33 _
400 215 10.06 -
a0o 226 1028 -

{h) Dramed 200 403 10.81 A6
400 a4 i 12.26 8.2
a0o 1265 14.17 a5

Table £ 3

oy (i) AWy AWV Area (mm?) o -0 (WNAmd) o) (kN/md)

{a) 200 0129 - 1304 17 70
400 0.132 - 1309 164 564
a00  0.135 - 1312 172 Tz

(b} 200 0.142 0077 1232 330 530
400 0.141 0.0%5% 1235 631 1091
600 0.186 0110 1240 1020 1420
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Figure 4. 78 Ezamnple 4.2,

The effective stress parameters, representing the dramed strength of the clay, are

Il F &
¢ =1, i = 27

Example 4.3

The results shown i Table 4.4 were obtatned for pealk falure i a series of
consohdated— undramed tnasnal tests, with pore water pressure measurement, on
specitnens of a saturated clay. Deterrmine the walues of the effective stress
parameters.

Walues of effective principal stresses %3 and ©1 at falure are calculated by
subtracting pore water pressure at falure from the total principal stresses as shown
in Table 4.5 (all stresses i L.'I\Tfmzj. The Mohr circles in terms of effective stress
are drawn m Figure 419, In this case the falure envelope 15 shghtly curved and a
different value of the secant parameter @’ applies to each circle. For circle (a) the
vale of ¢ is the slope of the line OA, 1e 35° For circles (b) and (c) the wvalues
are 337 and 217, respectively.

Table 4.4
All-round pressurs FPrincipal stress difference Farg water pressure
(kM/m®) (kM) (kM/m?)
150 192 a8l
300 341 154
450 504 242
Table 4.5

150 342 il 262
300 fid1 146 487
450 954 228 732
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Figure 4 19 Example 4.3

Tangent parameters can be obtained by approsxmating the curved envelope to a
straight line over the stress range relevant to the problem. In Fioure 419 a linear
approzmation has been drawn for the range of effective nonmal stress 200

300k/m?, giving parameters ¢ = 20kN/m® and ¢’ = 29",

4.5 THE CRITICAL-STATE CONCEPT

The critical-state concept, gven by Eoscoe af al [14], represents an idealization of
the observed patterns of behawiour of saturated clays m triasaal compression tests.
The concept relates the effective stresses and the corresponding specific wolume (
v=1+¢) of a clay during sheanng under draned of undraned conditions, thus
umifng the characteristics of shear strength and deformation. It was demonstrated
that a characteristic surface exsts which lirmits all possible states of the clay and that
all effective stress paths reach or approach a line on that surface which defines the
state at which wielding ocours at constant wolume under constant effective stress.

Stress paths are plotted with respect to principal stress difference (or dewiator
stress) and average effective principal stress, dencted by ¢ and p° respectively.
Thus

ff = flr.l‘] — r.Tf:]
4. 14

In the triamal test the mtermediate prncipal stress {”J:} 15 equal to the munor
principal stress (73, therefore, the average principal stress is

r_].- Gt
P=ylo 42 @.15)

By algebraic manpulation it can be shown that

PRI P
(o) +03) = 3(6p° +¢q)

4.16)
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Effective, stress paths for a consolidated—undrained test and a drained tnasial
test (CA" and CB', respectively) on speciunens of a normally consalidated clay

are shown in Figure 4 20(a), the coordinate axes being ¢’ and p* (Equations 4.14
and 4.15 Each specinen was allowed to consolidate under the same all-round
pressure Pe and failure occurs at A and B, respectively, these points Iwing on or
close to a straight ine OF° through the origin, 1e fadure occurs of the stress path
reaches this ine. If a series of consolidated—undramed tests were carned out on
specimens each consclidated to a different value of Per the stress paths would all
have similar shapes to that shown m Figure 4. 20{a). The stress paths for a senes of
dramed tests would be strayght ines nsing from the pomnts representing Peat a slope
of 3 vertical to 1 honzontal (hecause if there 12 no change in 73 changes i ¢ " and
p'are then i the ratio 3:13 In all these tests the state of stress at fature would he
on of close to the straight ine O3

Figure 4. 20 Critical-state concept: normally consolidated clays.
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The 1sotropic consolidation curve (MM for the normally consolidated clay would
hawe the form shown in Fioure 4 200k, the coordinate axes being v and p* The
volume of the specimen during the application of the principal stress difference in a
consohdated—undrained test on a saturated clay remains constant, and therefore the
relationship between v and p' will be represented by a horizontal line starting from

the point C on the consolidation curve corresponding to e and finishing at the
potnt A" representing the walue of p° at fature. During a drained test the wolume of
the spectmen decreases and the relationship between v and p’ will be reprezented
by a curve CBY. If a series of consohidated—undrained and dramned tests were
carried out on specimens each consolidated to a different value of Pi- the points
representing the walues of v and p' at fatlure would le on or close to a curve 375"
of sitrilar shape to the consolidation curve.

The data represented m Figures 4.20(a) and (b) can be combined m a three-
dimensional plot with coordinates ¢ p" and v, az shown in Fioure 4. 200c). On this
plot the line 05" and the curve 573" combine as the single curve 55, The curve 55
1z known as the crifical-staie line, pomnts on this line representing combinations of
gt p"and v at which shear faiure and subsequent wielding at constant effective
stresses occur. In Figures 4. 20(a) and (b), O5" and 575" are the projections of the
critical-state line on the P and VP’ planes, respectively. The stress paths for a
consolidated— undratned test (CAY and a draned test (CB), both consolidated to
the satme pressure Per are also shown in Fizure 4 20(c). The stress path for the
consolidated—undrained test kes on a plane CELM parallel to the 49" plane, the
value of v being constant throughout the undrained part of the test The stress path
for the drained test lies on a plane normal to the €9 plane and inclined at a slope
of 31 to the direction of the ¢’ asms Both stress paths start at point C on the
normal consolidation curve M which lies on the v plane.

The stress paths for a senes of conschdated—undramned and dramed tests on

specimens each conzolidated to different values of Pe wrould all e on a curved
surface, spanning between the normal consolidation curve M and the critical-state
line =3, called the stafe boundary surface. It is impossible for a specimen to reach
a state represented by a pomnt bevond this surface.

The stress paths for a consolidated—undramed test and a drained triasial test (T
E' and DF’, respectively) on specimens of a heavily over consolidated clay are
shown m Figure 4.21(a). The stress paths start from a point D' on the expansion
{or recompression) curve for the clay. The consolidated—undrained specitnen
reaches failure at point E on the ne TIH', abowe the projection (037 of the
critical-state hne. If the test were contmued after fatlure, the stress path would be
expected to continue along TTH' and to approach point H' on the critical-state line.
Howewer, the higher the overconsolidation ratio the hugher the stramn required to
reach the critical state. The deformation of the consolidated—undrained trasaal
spectmenn would become non-uniform at high strains and it 15 unlicely that the
spectmen as a whole would reach the cntical state. The dramed specimen reaches
failure at point F* alzo on the line TI'H'. After failure, the stresses decreasze along the
satme stress path, approaching the crtical-state ne at point 2° Howewer, heawily
overconsohidated specimens mcrease m volume (and hence soften) prior to and
after failure in a drained test. Marrow zones adjacent to the falure planes become
wealcer than the remamder of the clay and the specimen as a whole does not reach
the critical state. The corresponding relationships between v and p* are
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Figure 4 27 Crtical-state concept: overconsohdated clays.
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represented by the hnes DE" and DF”, respectively, n Fizure 4. 21(b); these lines
approach but do not reach the crtical-state line (35" at points H” and X",
respectively. The wolume of the undramed specimen remamns constant dunng
sheanng but that of the dramned specimen, after decreasing wutially, meoreases up to
atd beyvond falure.

The lne TI'H' 15 the projection of the state boundary surface, known as the
Hvarslev surface, for heavily overconsolidated clayvs. However, it i3 assumed that
the szoil cannot wathstand tensile effective stresses, 1.e the effective minor principal

stress (‘T.r*) cannot be less than zero. & line (OTI7 through the origin at a slope of
21 (dP =3 for 7 = Ojp Equations 4.14 and 4.1 15 therefore a ltut to the state

boundary. On the ¢ ~Vplot, shown in Figure 4.21(c), this line becomes a plane
Iang between the lne TT (referred to as the ‘no tension’ cut-off) and the v ams.
Thuz, the state boundary surface for heawnly overconsolidated clays les between
TT and the cntical-state ine S5 In Figure 4 21(c) the undramned stress path (DE)
lies on a plane RHUTV parallel to the ¢ plane. The drained stress path (DF) lies
on a plane WXTD' normal to the ¢ plane and inclined at a slope of 31 to the
direction of the ¢ asis.

Also shown i Fioures 4.210a) and () are the stress paths for consolidated—
undratned  and draned tests (GH' and GT, respectively) on Gghtly
avercansalidated specimens of the same clay, starting at the same value of specific
volume as the heawly overconsolidated specitnens. The itial point on the stress
paths (37 18 on the expansion (of recompression) cuve to the right of the
projection 23" of the critical-state hne m Figure 4.21(b3 In both tests, falure 12
reached at points on or close to the critical-state line. During a drained test, a lightly
overconsolidated specimnen decreases m wvolume and hardens; no decrease in
stresses therefore occurs after falure. As a result the deformation of the specimen
15 relatively uniform and the critical state g lkcely to be reached.

The zechon of the complete state boundary surface, for nonmally consolidated
and overconsolidated clays, on a plane of constant specific volume 18 EHTT in
Fioure 4. 21(c). The shape of the section will be similar on all planes of constant
spectic volume. & single section (TSI) can therefore be drawn wath respect to
coordinate azes ¢/P and PPoas shown in Fioure 4.22, where Pe is the value of
p' at the mtersection of a given plane of constant specific volume with the normal
consolidation curve. In Fioure 4,22, point I 18 on the normal conselidation line, = 1z
ont the crifical-state line and T 15 on the “no tension’ cut-off A specimen whose
state 15 represented by a point

5

E |

|

I |
Dry of critical | Wet of critical

I
0 D G N P
Pa

Figure 4 22 Section of the complete state houndary surface.
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Iang between I and the vertical through 5 15 said to be wet of crificad (Le. its
water content 12 higher than that of clay at the cntical state, at the same walue of 27,
& spectmen whose state iz represented by a point lying between the origin and the
vertical through 515 said to be dry of critical.

To sumarize, the state boundary surface joins the hnes WM, 55 and TT in
Figure 4.21(c) and marks the lrmt to all possible combinations of stresses ¢" and p'
and specific volume v, The plane between TT and the v amxis 1s the boundary for no
tension falure. The critical-state kne 35 defines all possible states of ultimate fadlure,
1e. of contimung strain at constant volume under constant stresses. In the case of
normally consolidated clays the stress paths for both drained and undrained tests le
entirely on the state boundary surface, falure being reached at a point on the
critical-state lne; the state of the clay remains wet of crtical In the case of
overconsolidated clays, the stress paths pricr to falure for both draned and
undramed tests e mside the state boundary surface. A distinction must be made
between heawily owverconsohdated and hghtly owerconsolidated clays. Heawily
overconsolidated clays reach fature at a pont on the state boundary surface on the
dry side of the critical-state line; subsequently the stress path moves along the state
boundary  surface but 15 unlikely to reach the critical-state lne  Lightly
overconsolidated clays remain wet of critical and reach falure on the critical-state
line.

The characteristics of both loose and dense sands duning shearing under drained
conditions are broadly swmlar to those for overconsoldated clays, falure occurnng
on the state boundary surface on the dry side of the critical-state line.

The equaticn of the projection of the critical-state ne (05" m Figure 4 200a)1) on
the 4"~ plane is

g = Mp'
4.1

where M 1z the slope of OF Tang Equations 4.6(a), 4.14, 416 and 4.17 the
paratneter M can be related to the angle of sheanng resistance ©:

o) — 0%
.rr’1 ; .f:rf1=
M

64+ M

0 ]
SN g =

If the projection of the critical-state line on the ¥ ' plane iz replotted on a v—lnp"
plane it will approzmate to a strayght ne parallel to the corresponding normal
consolidation line (of slope —A) as shown m Fioure 4.23 The equation of the
critical-state line, with respect to v and p ', can therefore be written as

v=T=Alnp'
(4.18)
where I is the value of v on the critical-state line at p* = 1 kN/m?,
sitmilarly, the equation of the normal consolidation line (M) 15
v=N-=Alnp'
(4.19)
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| In p’

Figure 4. 23 Critical-state concept: e—ln p ‘relationships.

where N iz the value of v at p'=1kN/m* The sweling and recompression

relationships can be apprommated to a smgle straght ne (EE), of slope —x,
represented by the equation

= — klnp

(.20

where v, is the value of v at ' = 1 kN/m?,

Example 4.4

The following parameters are known for a saturated normally conselidated clay:
N =248, A=012, T =241 gnd M = 1.35 Estimate the values of principal stress
diference and wvoid ratio at falure m undramed and dramed tramal tests on

specimens of the clay consclidated under an all-round pressure of 300K T/m?.
What would be the expected value of P ?
After normal consolidation to 300k /m? (*”-:), the specific volume (v _j 15 given

by
ve =N —Alnp, =248 — 0.121n 300 = 1.80

In an undrained test on a saturated clay the wolume change 15 zero, and therefore
the specific volume at falure (v will also be 1.80, 1.e. the void ratio at failure (gp)

will be 080
A zsuming fatlure to talke place o the critical-state line,

qr = Mpj
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anid the walue of 4 can be obtammed from Equation 4. 18 Therefore

-
gy = .-Li’a:xp( 3 ”)

741 —
=1.35 CKF(M)

0.12
- 218 ]'I'L].'\I_,-'rl'l'l.3 = (o) — .:',!'_:.:|I.

For a drained test the slope of the stress path ena ¢ —0 plotis 3, ie.

gr = 3(p; —p.) =3 (f—‘fr —PL)

.LF
Therefore,
IMp. 3% 1.35x 300 5
‘L c — TN fme
TIA T 3-13s OKN/m
s {Ul —_ g_;::]l.
Then,
, P 1 S s
pr = %I.'T - I.;S = 545kM /m-
vp=01=MAnp; =241 -0.12In545 = 1.65
Therefore,

op = .65

' in~" M
g =5 = -
v ["l + .-'l')'

3% 135
= iln
7.35

= 33

4.6 RESIDUAL STRENGTH

In the dramed triasal test, most clays would eventually show a decrease i shear
strength with mcreasing strain after the peak strength has been reached. However,
i1 the triamal test there i a limit to the strain which can be applied to the specimen.
The most satisfactory method of mvestigating the shear strength of clays at large
strains 15 by means of the nng shear apparatus [3, 8], an annular direct shear
apparatus. The annular spectmen (Figure 4.240a)) 15 sheared, under a given normal
stress, on a horzontal plane by the rotation of one half of the apparatus relative to
the other; there 15 no restriction to the magmtude of shear displacement between the

two halves
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Crithcal state

< Residual
Ty

T

1

Shear displacement

(b)

Figure 4 24 (a) Ring shear test and (h) residual strength.

of the spectmen The rate of rotation must be slow enough to ensure that the
spectmen remains in a dramed condition. Shear stress, which 15 calculated from the
applied torque, 13 plotted aganst shear displacement as shown in Figure 4 240k

The shear strength falls below the peak walue and the clay i a narrow Zone
adjacent to the falure plane will soften and reach the critical state. However,
because of non-umform stram m the specimen, the exact point on the curve
corresponding to the critical state 13 uncertain. With contining shear displacement
the shear strength contihues to decrease, below the crifical-state walue, and
eventually reaches a residual value at a relatrvely large displacement. If the clay
contatns a relatively high proportion of plate-like particles a reorientation of these
patticles parallel to the falure plane will occur (in the narrow zone adjacent to the
tatlure plane) as the strength decreases towards the residual value. However,
recrientation may not occur if the plate-like particles exhibat high nterparticle
frhction. In this case, and i the case of solls contaming a relatively high propottion
of bulley particles, roling and translation of particles takes place as the residual
strength 1z approached. It should be appreciated that the crtical-state concept
envisages contticus deformation of the specimen as a whole, whereas in the
residual condiion there iz preferred onentation or translaton of particles m a
natrow shear zone. The original sodl structure i this natrow shear zone 12 destroved
as a result of patticle reorientation. A remoulded spectmen can therefore be used in
the ring shear apparatus o only the residual strength (and not the peak strength) is
required.
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The results frofm a senies of tests, under a range of values of notrmal stress,
enable the falure envelope for both peak and residual strength to be obtamned, the

residual strength parameters in terms of effective stress being denoted 7 = oy tan &,

and ¥ Residual strength data for a large range of soils have been published [13],
which indicate that the walue of
The increase in elfective siress in each direction = Agy — Aws

Reduction in volume of the soil skeleton = C, V(Ao — Aus) can be taken to be

zero, Thus, the residual strength can be expressed as

Reduction in volume of the pore space = Conl Ay

@.21)

4.7 PORE PRESSURE COEFFICIENTS

Pore pressure coefficients are used to express the response of pore water pressure
to charnges i total stress wader undrained conditions and enable the iaitial value
of excess pore water pressure to be determined. Values of the coefficients may be
determined m the laboratory and can be used to predict pore water pressures m the
field under similar stress conditions.

(1) Increment of isotropic stress

Consider an element of sol, of volume P and porosity # m equilibrium under total
principal stresses oy, o, and o5, as shown m Figure 4.25, the pore pressure being

uy. The element 1s subjected to equal increases m total stress Ax, in each direction,

resulting in an immediate increase Au, in pore pressure.
CoV{Aey — Ans) = ConlV A

where ' 15 the compressibility of the sod skeleton under an isotropic effective

stress mcrement.

1
Ay = Aoy | —————
I U_l.(l I m.‘(..”.,{.‘})

where C is the compressibility of pore fud under an 1sotropic pressure mcrement.

Ifthe sod pariicles are assutned to be incompressible and f no dramnage of pore
fhmd takes place then the reduction i wvolume of the sod skeleton must equal the
reduction in voelume of the pore space, Le.

I +nlC/C] = B,
Therefore,

Az = BAms

Writing (%] defined as a pore pressure coefficient,

d 4.22)
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az+ 5.33 = Y
Ug" ﬁua,

Figure 4 25 Soil element under 1sotropic stress crement.
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Figure 426 Typical relationship between F and degree of
saturation.

In fully saturated sois the compressibiity of the pore flud (water only) is
constdered neghgble compared with that of the s skeleton, and therefore
GG — 0 and B— 1. Equation 4.22 with B = 1 has already been assumned in the
discussion on undramed strength earhier i the present chapter. In partially saturated
soils the compressibility of the pore fluid 15 high due to the presence of pore air, and
therefore Cv/Cs =0 and B < 1. The variation of B with degree of saturation for a

particular soil 15 shown in Figure 4 26

The walue of B can be measured m the tnacaal apparatus. A specitnen 15 set up
under any value of all-round pressure and the pore water pressure measured (after
consolidation if desired). Tnder undrained conditions the all-round pressure iz then
increased {or reduced) by an amount Acy and the change in pore water pressure

(M) from the witial value iz measured, enabling the value of 5 to be calculated from
Equation 422, This procedure 15 used as a check for full saturation m triasal

testing.

{2) Major principal stress increment
Consider now an merease Asy i the total major principal stress only, as shown i
Figure 4 27, resulting in an immediate increase Az, i pore pressure.

The mereases m efective stress are

Agy = Aoy = Ay
Aol = Ady = — A
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g,+ag,
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| Uq""nﬁ.ﬂ.

Figure 4.27 Soil element under major principal stress imcrement.

If the sold behaved az an elastic matenial then the reduction i wolune of the sod
glreleton would be

é C V(Ao — 34m)

A
The reduction in wolume of the pore space 1z

Con VA

Again, these two volume changes will be equal for undramed conditions, 1e.

1
=V {Am = 3A) = Conl A

A

Therefore,

| l :
Auy =3 (Timfj) Ao

1
:'j.l’}'ﬂ.m

=motls, however, are not elastic and the above equation is rewntten in the general
form:

My = ABAT
4.2

where A 15 a pore pressure coefficient to be determined experimentally. A5 may
also be written as A . In the casze of fully saturated sods (B=1)

Ay = AAg
4. 24

The walue of A for a fully saturated sod can be deterrmined from measurements of
pore water pressure during the application of prnncipal stress difference under
undrained conditions i a triasal test. The chamge in total major poncipal stress 1s
equal to the walue of the principal stress diference appled and if the corresponding
charge i pore water pressure 13
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measured the value of 4 can be calculated from Equation 4.24. The value of the
coefficient at any stage of the test can be obtained but the walue at failure 15 of more
interest.

For highly compresasible soils such as normally conschdated clays the value of 4
iz found to e within the range 0.5-1.0. In the case of clays of high sensitivity the
mcrease in major principal stress may cause collapse of the sod structure, resulting
in very high pore water pressures and walues of A greater than 1. For soils of lower
compressibility such as lightly overconsolidated clays the value of A lies within the
range 0-0.5. If the clay 15 heawvily overconsolidated there 15 a tendency for the sod
to dilate as the major prncipal stress 13 increased but under undrained conditions
no water can be drawn into the element and a negative pore water pressure may
result. The value of A for heavily overconsoldated sods may lie between —0.5 and
0. A typical relationship between the value of A at failure (4 and OCE for a fully

saturated clay 13 shown in Figure 4 25
For the condition of zero lateral strain i the sod element, reduction i volume 12
possible m the direction of the major principal stress only. It C; 15 the uasaal

compressibility of the sod skeleton then under undramed condibons

Ca VAo — A ) = ConV A

Therefore,
Ay = Ao —I
S Y IR T
= AAm
where A = V[l +n(C/Call. For a fully saturated soil, Cv/Co — 0 and 4 — 1, for

the condiion of zero lateral stramn only. Thiz was assumed i the discussion on
consolidation i Chapter 3.

1.00
0.80 \

0.60 \
Ar D40 \

'
AN
'\\
[
T
~L |
=020
1 2 3 4 5 10 20
QOQCR

Figure 428 Typical relationship hetween A at falure and
overconsolidation ratio.
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{3) Combination of increments

Cases 1 and 2 above may be combined to give the equation for the pore pressure
response Au to an isotropic stress mncrease Ao, together with an asal stress

increase (Ao — Aoa) az occurs in the triasial test. Combining Equations 4.22 and
423

An = Ay + Ay

= B[Aos + A{Ady — Ads)] (4.25)

An overall coefficient B can be obtained by dividing Equation 4.25 by Ay

An Ay Mrs
=2 g1-2E
ﬂ.‘ﬂ [ﬂ.‘ﬂ ) ( ﬂ:ﬂ)

Therefore,
Fasy My
Yt B[I — (1 —.4](1 _ﬂ_m)
or
An =
Aoy P 4.26)

Tnder static conditions, o there 15 no change m the level of the water table during
subsequent consolidation, A i3 equal to the witial value of excess pore water
pressure in fully saturated sods.

since sols are not elastic materials the pore pressure coefficients are not
constants, thetr wvalues depending on the stress lewels ower which they are
determined.

Example 4.5

The following results refer to a consolidated—undramed trizomal test on a saturated

clay spectmen under an all-round pressure of 300k /m:

Aty 0 0.0l ooz o004 008 012
7y — o3 (kNIm?) (LN fm?) 0 138 240 312 368 410
y {l«:mezj 0 108 158 178 152 172

Diraw the total and effective stress paths and plot the vanation of the pore pressure
coefficient A during the test.

From the data, the wvalues in Table 4.6 are calculated. For example, when the
strain iz 0.01, A =108/138 =078 The stress paths and the variation of 4 are
plotted in Figure 4.29 in terms of (2) /(01— 03) and (01 +3), (b) ¢ and p, or the
effective stress equivalents. From the shape of the effective stress path and the
value of A at failure it can be concluded that the clay 13 overconsolidated.
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Table 4.6
Alily 1] 0.01 0.0z 0.04 0.08 0.12
o —a3) 1] 9 120 156 184 205
(o) +03) 300 369 420 454 434 505
—;{n*', + a3} 300 261 262 278 302 333
g 1] 138 240 312 368 410
Jl 300 346 380 404 423 437
4 300 238 222 226 241 265
A - 0.78 0. 66 0.57 0.50 0.4z
500
- »
400 -,f
TSP
- ! ib)
S 300 ESP /
I (k) J
5 ESP / "
200 \ [abn-'b/
. Ve
\¢ | [ 7T
100 / 1a}
\J
o 100 200 300 400 500 600
Moy + o5l 4o + ol p's p
0.80
\r.________‘
’-__———-—-:r—____
A 040
0 2 d 6 B 10 12
£a = Al/ly
Figure 4 28
Example 4.6

In a triaal test a soil specimen was consolidated under an all-round pressure of
200kM/m? and a back pressure of A00KI Tl Thereafter, under undramed
conditions, the all-round pressure was rased to 900k /e, resulting 1 a pore
water pressure reading of 495/, then {with the all-round pressure rematning at

9001@1;’1112) amial load was applied to give a principal stress difference of
585k M/ and a pore water
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pressure reading of GEOKNT/mE. Calculate the values of the pote pressure
coefficients B, A and B

Cotresponding to an increase in all-round pressure from 200 to 900k the

pore pressure increases from the walue of the back pressure, 400k/m?, to

4956 e Therefore,

C Awy 495400 95

T Amy 900 — 800 100

=095

The total major principal stress increases from 900 to (900 + S8S)KN/m®. the
corresponding increase in pore pressure is Fom 495 to 660k/m?. Therefore,

—  Awm 660495 165
A= = — = — =028
Ad 585 58

N

The overall ncrease m pore pressure 15 from 400 to 560K/, corresponding to
an increase in total majer principal stress from 800 to (800 + 100 + 585) kN/m?*
Therefore,

- Mo 660 —400 260 B

— = —— = (.38
Aoy 1004 585 685

PROBLEMS

4.1 "What 15 the shear strength in terms of effective stress on a plane within a
saturated sod mass at a point where the total normal stress iz 295K /m? and the
pore water pressure 120kM/m®? The effective stress parameters of the sod for
the appropriate stress range are ¢ = 12kN/m?® and ¢' = 307,

4.2 A senies of drained triamal tests were carried out on spectmens of a sand
prepared at the same porostty and the following results were obtained at fadure.
Deterrnine the value of the angle of shearing resistance ¢

All-round pressure (kN/m®) 10 200 400 800
Principal stress difference (kN/m®) 452 308 1810 3624

43 In a senes of unconsolidated—undrained triamal tests on specimens of a fully
saturated clay the following results were obtaned at fathure. Determine the
values of the shear strength parameters ¢ and %o,

All-round pressure (kN/m®) 200 400 A00
Principal stress difference (kN/m®) a2d dls 2l

4 4 The effective stress parameters for a fully saturated clay are known to be
¢ = 15KN/m* and ¢ =29 In an unconsolidated—undrained triasial test on a
specimen of the same clay the all-round pressure was 100kMN/m? and the
principal stress  difference at falure 17067 m?. Azeuming that the abowe

parameters are appropriate to the falure stress state of the test, what would be
the expected value of pore water pressure in the specimen at falure?
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4.5 The results below were obtained at fadure i a seres of consolidated—
undramed triamal tests, with pore water pressure measurement, o spectmens of
a filly zaturated clay. Determine the values of the shear strength parameters «f
and ¢ Ifa specimen of the same sod were consolidated under an all-round
pressure of 250kN/m? and the principal stress diference applied with the all-

round pressure changed to 350kN/m?, what would be the expected value of
principal stress difference at falure?

o () 150 300 450 600
71 = a3 (kNJm?) 103 202 305 410
1 (kN/2) 82 169 252 331

4.6 The following results were obtatned at failure in a series of drained triasaal tests
on fully saturated clay spectmens orignally 38mm m diameter by 7omm long,

Determine the secant paratneter ¢ for each test and the values of tangent
parameters < and @ for the stress range 300-500kM /e,

All-round pressure {kamzj 200 400 600
Amal compression (mimn) 722 .36 941
Axial load (1) 565 1015 1321
Volune change (ml) 5.25 7.40 .30

477 Derrve Equation 4.12.
In an ix-sifi vane test on a saturated clay a torque of 35Mm 15 required to
shear the soll. The vane 15 20mm wide by 100mm long, What 15 the undrained
strength of the clay?

4.8 A consoldated—undramed triasmal test on a specimen of saturated clay was
catried out under an all-round pressure of B00LN/m?. Consolidation tools place

against a back pressure of 200k /m?. The following results were recorded
during the test.

my — ey (kNfm?) a &0 155 214 279 319
. (kamE) 200 229 2T 3la 388 433

Draw the stress paths and give the walue of the pore pressure coefficient 4 at
fatlure.
4.9 In a triacal test a sod specinen i3 allowed to consolidate fully under an all-

round pressure  of 200kM/m?. Under undrained conditions the all-round
pressure is increased to 350k /m®, the pore water pressure then being

measured as 144kN/m®. Asal load is then applhed under undraned condibions
untl fallure takes place, the following results being obtaned.

Asial strain (%) 02 4 6 8§ 1D
Principal stress difference (kN/m) 0 201 252 2475 282 283
Pare water pressure I:kN.I"I‘ﬂE:I 144 244 240 222 212 209

Determine the walue of the pore pressure coefficient B and plot the vanation of
coefficient A wath asal straun, stating the value at fadure.
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Chapter 5

Stresses and displacements

3.1 ELASTICITY AND PLASTICITY

The stresses and displacements m a soil mass due to appled loading are
constdered i this chapter. Many problemns can be treated by analysis i two
dimensions, 1e. only the stresses and displacements m a single plane need to be
constdered. The total normal stresses and shear stresses in the x and z directions
on at element of sod are shown i Fioure 5.1, the stresses being posttive as shown,
the stresses vary across the element. The rates of change of the nonmal stresses in
the respective directions are Y0/0% and 90:/0z2; the rates of change of the shear
stresses are OTe/O% and O07:/02 . Every such element in a soil mass must be in
static equilibrium. By equating moments about the centre point of the element, and
neglecting gher-order differentials, it 15 apparent that 7= = T=x. By equating forces
i the x and z directions the following equations are obtained:

i, O, i
X =0
iy  ds= (5. 1a)
II!:IJ ¥ nI!:i'l‘T
7=
(7 (5.1

where X and Z are the respective body forces per unit wolume. These are the
equations of equiibrium in two dimensions, they can alse be written i terms of
effective stress. In terms of total stress the body forces are A =0 and
£ =708 Yau) {or Vo) I terms of effective stress the body forces are A7 =0

and £ =7, however, if seepage is taking place these become X' = 7w and
Z' =~ + -7 where i, and i_ are the hydraulic gradients m the x and z directions,
respectvely.

Due to the applied loading, points within the soil mass will be displaced relative

to the axes and to one another. If the cotnponents of displacerent i the x and =z

directions are denoted by u and w, respectively, then the normal strams are given
by

iy’ T

e
=Ry

and the shear stramn by

du v

— e m—

e T 0 T Oy
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Figure 5 1 Two-dimensional state of stress m an element.

Howewer, these stratns are not independent, they tnust be compatible with each
other if the sod mass as a whole i3 to remain continuous. This requirement leads to
the following relationship, known as the edquation of compatbility in two
dimensions:

Fe, Fe. O,

— =1
izt ™ oyt dxdz

(5.2)

Equations 5.1 and 5.2, being independent of matenal propetties, can be appled to
koth elastic and plastic behawiour.

The rigorous solution of a particular problem requires that the ecuations of
equilibrium and compatibility are satisfed for the gwen boundary conditions; an
appropriate stress—strain relationship i also required. In the theory of elasticity [15]
a inear stress—strain relationship 18 combined wath the above equations. In general,
howewer, soils are non-homogeneous, exhibit amsotropy and have non-linear
stress—strain relationships which are dependent on stress history and the particular
stress path followed.

In analysis an appropnate idealzation of the stress—strain relationship 1z
emploved. One such idealization iz shown by the dotted lines i Fioure 5 2(a),
lneatly elastic behawiour bemg assumed between O and ¥ {the assumed weld
point) followed by unrestnicted plastic stramn (or flow) TP at constant stress. This
idealization, which 15 shown separately i Fioure 5200, 15 known as the elastic—
parfactly plasiic model of material behaviour. If only the collapse condition m a
practical problem iz of mterest then the elastic phase can be omitted and the rigia—
parfactly piastic model, shown m Fiowre 5.2(c), may be used. A third idealization
15 the elastic—strain hardesing plastic model, shown m Figure 5 2(d), in which
plastic strain beyvond the weld point necessitates futher stress mcrease. I unloading
and reloading were to take place subszequent to welding m the stran hardemng
model,
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Figure 52 (a) Typical stress—strain relationship, (b)) elastic—
perfectly plastic model, () ngid— perfectly plastic model,
and (d) elastic—strain hardening and softering plastic
tnodels.

as shown by the dotted line YT m Figure 5. 2{d), there would be a new yield point
T at a stress level higher than that at 7' An icrease in wield stress 13 a
characteristic of strain hardening. e such imcrease takes place in the case of
petfectly plastic (e non-hardemng) behawour, the stress at ¥ being equal to that
at ' as shown in Figures 2. 2(k) and (). A fither idealization 1z the elastic—strain
saftening plastic model, represented by OYT" i Figure 5 2(d), m which the
plastic strain bevond the vield point 15 accompanied by stress decrease.

In plasticity theory [8] the charactenstics of welding, hardening and flow are
constdered; these are descnbed by a wield function, a hardenng law and a flow
rule, respectively. The wield function 13 wntten i terms of stress components or
principal stresses. The Mohr—Coulomb criterion (Equation 460 i3 one possible
vwield function if perfectly plastic behawiour 13 assumed Alternatively, the weld
function could be expressed in terms of critical-state parameters (Section 4,57 The
hardening law represents the relationship between the mncrease m wield stress and
the corresponding plastic strain components. The flow rule specifies the relative
e not absolute) magnitudes of the plastic stramn components dunng welding under
a particular state of stress. The hardemng law and the fow rule can also be
expressed in terms of critical-state parameters.

In practice the most widely uzed solutions are those for the wertical stress at a
point below a loaded area on the surface of a soi mass. It has been shown [2] that
the wertical stress increment at a given point below the surface due to foundation
loading 1z msensitive to a relatively wide range of sod charactenstics such as
heterogeneity,
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atsotropy and non-linearity of the stress—strain relationship. Accordngly, solutions
from lnear elastic theory, i which the soi 15 assumed to be homogeneous and
izotropic, are sufficiently accurate for use in most cases. The main exceptions are
loose sands and soft clays, particulatly where they are overlain by a relatively dense
or siff stratumn. It should be noted, howewver, that mcrements of honzontal stress
and of shear stress are relatively sensttive to sodl characteristics. The msensthvity of
the wertical stress mcrement depends on the assumption of a uniform pressure
distribution, as would be the case for a flesuble foundation. In the case of a shff
foundation the contact pressure 15 non-uniform, the exact distnbution depending on
the zail characteristics. A commprehensive collection of solutions from the theory of
elasticity has been published by Poulos and Dawiz [16].

The finte element method 13 now widely used for the calculation of stresses and
displacements. For example, the finite element program CEIZE [1] enables the soil
to be treated as etther a non-homogeneous or an amsotropic elastc materal,
alternatively, elastoplastic behawviour can be modelled by means of crtical-state
parammeters, enabling sod displacements up to falure to be deterrned A
comprehensive treatment of fmte element analysis m geotechmeal engmeenng has
been published by Potts and Zdravicowc [14, 13] Displacement selutions from
elastic theoty can be used at relatively low stress levels. These solutions recuire a
knowledge of the walues of Young's modulus /&) and Potsson’s ratie (%) for the
soll, etther for undramed condiions or i terms of effective stress. Fotsson' s ratio is
requited for certain stress solubions. It should be noted that the shear modulus (),
where

201 + ) (5.3)

1z independent of the drainage conditions, assurming that the sodl 13 1sotropic.
The wolunetric strain of an element of lneatly elastic material under three
principal stresses 15 given by

AV 1-2
VTR Z(A0y + Aoy + Aoy)

If thiz expression 15 applied to sods ower the wutial part of the stress-strain curve,
then for undrained conditions SF/V =0, hence v = 0.5, The undrained value of
Toung's modulus is then related to the shear modulus by the expression £u = 3G
If consolidation takes place then AV/V >0 and v < 0.5 for drained or partially
dramed condiions.

In principle, the wvalue of & can be estimated from the curve relating prncipal
stress difference and amal stran i an approptiate triamal test. The walue 13 usually
determined as the secant modulus between the origin and one-third of the peak
stress, or over the actual stress range i the particular problem. Howewer, because
of the effects of sampling disturbance, it iz preferable to detertine & (or &) from
the results of in-sifn tests. One such method 15 to apply load merements to a test
plate, either in a shallow pit or at the bottom of a large-diameter borehole, and to
measure the resulting vertical displacements. The value of & 15 then calculated using
the relevant displacement solution, an appropriate valie of v being assumed.

& 1974, 1978, 19283, 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Stresses and displacements 140

The pressuremeter

The shear modulus {7) can be deterrmined iz it by means of the pressuremeter.
The oniginal pressuremeter was developed i the 19508 by Menard in an attempt to
overcome the problem of sampling disturbance and to ensure that the macro-fabnc
of the soil 13 adecuately represented. Menard’s original design, illustrated in Figure
5.3(a), consists of three cylindncal rubber cells of equal diameter arranged
coamally. The dewice 15 lowered mto a (shghtly oversize) borehole to the required
depth and the central measuring cell 15 expanded aganst the borehole wall by
teans of water pressure, measurements of the applied pressure and the
cotresponding merease m volume of the cell being recorded. Pressure 1z apphed to
the water by compressed gas (usually mtrogen) in a control cylinder at the surface.
The icrease i volume of the measuning cell 13 deterrined from the moverment of
the gas—water mterface m the control cylinder, readings normally bemg talen at
times of 153, 30, 60 and 120z after a pressure mcrement has been applied. The
pressure 18 corrected for (&) the head difference between the water level i the
cylinder and the test level i the borehole, (b) the pressure required to stretch the
rubber cell and (o) the expansion of the control cylinder and tubing under pressure.
The two outer guard cells are expanded under the same pressure as in the
measuring cell but using compressed gas; the mcrease i volume of the guard cells
iz not measured. The fiunction of the guard cells 18 to elirminate end effects, ensuring
a state of plane stratn adjacent to the measuring cell

Pressure

-
_.- frery e Hollow shafi
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Gas~ 3
a5 73
8
Valume ‘hg:
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H
ii ~ Membrang
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\
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H Pare pressura
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under 1 cell .."h
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1est ..‘:E
- - N
]
N
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e I — (Sheath) 1 Cutters
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Figure 5 3 Basic features of {a) Menard pressuremeter and (h)
self-horing pressuremeter.
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The results of a test using the IMenard pressuremeter are represented by a plot

of cotrected pressure fp) agahst wolume (70 as shown in Fioure 5 4(a) On this
plot a linear section occurs between pressures p, and pp The value p, is the

pressure necessary to achieve mitial contact between the cell and the borehole wall
and to recompress soil disturbed or softened as a result of boring. The value p 1

the pressure corresponding to the onset of plastic strain in the scd. Eventually a lirmt
pressure (p) 15 approached at which continuous expansion of the borehole cavity

would eccur. A “creep’ curwe, obtatned by plotting the volume change between the
30 and 1205 readings agamnst the corresponding pressure, may be a useful aid mn
frng the values p; and p, sigrificant breaks occurring at these pressures.

The datum or reference pressure for the mterpretation of pressuremeter results 1s
a value (py) equal to the in-sifu total horizontal stress i the sod before borng,

Criginally this value was assumed to be equal to p, but the use of a pre-formed

borehole means that the soil 13 being stressed from an unloaded condition, not from
the mitial undisturbed state; consequently the value of pyy should be greater than p,.

(It should be appreciated that it 15 normally very difficult to obtam an mdependent
value of in-sifu total horizontal stress.) The reference volume ¥ (correspondmng to

the pressure py) is taken to be the iitial volume of the borehole cavity over the test

length. At any stage duning a test the volume ¥, corresponding to the pressure p, 1=
referred to as the current volume.
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Figure 5 4 Pressuremeter test results.
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Alternatively the results of a pressuremeter test can be reprezented by plothing
corrected pressure aganst the circumferential stram (g} at the borehole wall The

circumnferential strain 15 given by the ratio of the icrease i radius of the borehole
cavity (A7) to the radms at the reference state (7). The relationship between

cutrent volumetric strain and cirowmnferential straim 12

AV . .
— = = (1 +e)"
!.-
(Shear strain (3 12 equal to twice circumferential strain )
Warsland and Eandelph [11] proposed a procedure, using the P %e plot, for the
determination of py, applicable to sods such as shff clays which exhubit eszenfially

linear stress—stram behaviour up to peak strength. The lnear section of the P&
plot should terminate when the shear stress at the borehole wall 12 equal to the
{peak) undrained strength of the clay, 1e. when the pressure becomes equal to (
P01 ¢uy The walue of c,, 15 determined using Equation 5.7, for which a value of the

reference volume ¥, 15 required. The method mnwvolves an iterative process m which
estimates of py, and hence ¥}, are made and the correspondng value of ¢,

determined until the point representing {0 + €0 corresponds with the point on the
plot at which sigraficant curvature begins, as shown i Figure 5 40k,
The wvalue of the mut pressure (p) can be determmned by plotting pressure

against the loganthm of current volumetnc stramn and extrapolatng to a stran of
unity, representing continions expansion, as shown in Fioure 5.4(c).

An analysis of the expansion of the borehole cawity dunng a pressuremeter test
was presented by Gibson and Anderson [6], the sod beng considered as an
elastic-petrfectly plastic matenal Within the linear section of the p—F plot the shear
modulus 1z gven by

o dp
C=Vav (5.4)

where 4P/AV iz the slope of the linear section and " is the current volume of the
borehole cawnty. However, it 15 recommended that the modulus 15 determined from
an unloading—reloading cycle to munmmize the effect of soal disturbance.

In the case of saturated clays it 15 possible to obtain the walue of the undrained
shear strength (z, ). by tteration, from the following expression:

e [o(E) -

In modern developments of the pressuremeter the measuring cell 13 expanded
directly by gas pressure. This pressure and the radial expansion of the rubber
membrane are recorded by means of electrical transducers within the cell In
addition, a pore water pressure transducer iz fitted into the cell wall such that it 12 in
contact with the sod dunng the test. & considerable increase i accuracy i3 obtained
with these pressuremeters compared with the ongmal Menard dewice. It 15 also
possible to adust the cell pressure contimionsly, using electronic control equipment,
to achiewe a constant rate of merease i cwcoumferential stram (1e a stram-
controlled test), rather than to apply the pressure in increments (a stress-controlled
test).
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some sol disturbance adjacent to a borehole i3 ihewitable and the results of
pressuremeter tests i pre-formed holes can be sensitive to the method of boring,
The szelf-boring pressuremeter was dewveloped to owercome this problem and is
suitable for use i most types of sol, however, special msettion techniques are
requited i the case of sands. This dewice, dlustrated mn Figure 5.3(b), 15 jacked
slowly mto the ground and the sod i broken up by a rotating cutter fitted maide a
cutting head at the lower end, the optium position of the cutter being a finction of
the shear strength of the scd Water or dnlling flud 1z pumped down the hollow
shaft to which the cutter 12 attached and the resulting slurry 12 carried to the surface
through the annular space adjacent to the shaft, the dewice i3 thus mserted with
minmnal disturbance of the sed The only correction required is for the pressure
required to stretch the membrane.

& “push-n’ penetrometer has also been developed for msertion below the
bottom of a borehole, for use particulatly mn off-shore worle, This pressuremeter is
fitted with a cutting shoe, a scil core passing upwards maide the dewice.

The membrane of a pressuremeter may be protected against possible damage
{particulatly m coarse soids) by a thin stanless steel sheath with longtudinal cuts,
designed to cause only neglgible resistance to the expansion of the cell

Eesults from a strain-controlled test in clay using the selfboring pressuremneter
are of the form shown m Figure 5.4(d), the pressure fp) being plotted agamst the
circumferential strain (g ). Use of the self-bonng pressuremeter overcomes the

difficulty m  deterrmiting the mitial ix-sife total horizontal stress; because soil
disturbance is minmal the pressure at which the membrane starts to expand
(referred to as the "lft-off’ pressure) should be equal to py, as shown in Figure 5.4

().

The walue of the shear modulus 15 given by the following equation, denved in a
later analysis by Palmer [12], in which no assumption is made regarding the stress—
strain characteristics of the sol. For expansion of a borehole cawity at small strains
it was shown that

" 2ds, (5.6)

The modulus should be obtamed from the slope of an unloading—reloading cycle as
shown m Figure 5 4{d), ensunmg that the soil remains m the “elastic’ state dunng
unloading. Wroth [20] has shown that, in the case of a clay, this requirement will be
satistied if the reduction in pressure during the unloading stage is less than 2e

For a saturated clay the undramed shear strength (¢ ) can also be obtained from
the following equation dertwed from the analysis of (ibaon and Anderson:

- AV
p=p +oln I") (5.7)

where 2V/V s the current volumetric strain.

It should be noted that Equation 5.7 1s relevant only after the plastic state has
been reached in the soll (e, when Pr <P <P The plot of p against In (SV/V
should become essentially inear for the final stage of the test as shown i Figure 5.4
{c), and the value of ¢ 15 given by the slope of the line.
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In Palmer’s analysis it was shown that at small strans the shear stress m the sod
at the wall of the expanding cawity 18 given by

- ﬁ
— fde (5.8)
and at larger strains by
_ dp
TN TIE) (5.9)

both the circumferential and wolumetric strains bemng defined with respect to the
reference state. Equations 2.8 and 5.9 can be used to derive the entire stress-strain
curve for the sodl

An analysis for the imnterpretation of pressuremeter tests i sands has been given
tw Hughes #f al [2] The analysiz enables wvalues for the angle of shearing
resistance (ﬁ"f) and the angle of dilation (V') to be determined. A comprehensive
review of the use of pressuremeters, ncluding examples of test results and their
application i design, has been gven by Mar and Wood [10].

3.2 STRESSES FROM ELASTIC THEORY

The stresses withun a setru-mfinite, homogeneous, 1sotropic mass, with a lnear
stress— strain relationship, due to a point load on the surface, were determined by
Boussinesq i 1885, The wvertical, radial, circumferential and shear stresses at a
depth z and a honzontal distance » from the pomnt of application of the load were
given. The stresses due to surface loads distributed ower a particular area can be
obtatned by mtegration from the point load solutions. The stresses at a point due to
mote than one sutface load are obtaned by superpostion. In practice, loads are
not usually applied directly on the surface but the results for surface loading can be
applied conservatively in problems concerning loads at a shallow depth.

A range of sclutions, suitable for determining the stresses below foundations, 1s
gven in the followang sections. Megative walues of loading can be used if the
stresses due to excawvation are requited or i problems i which the principle of
superposition 15 used. The stresses due to surface loading act i addition to the ix-
Sifn stresses due to the self-weight of the sod

Point load
Eeferring to Fioure 5 5(a), the stresses at X due to a peoint load O on the surface
are as follows:
30 { I }5 (5.10
To2mt | 14 (rf2) '
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[z = const]

(2 = const) r

3 |z = const) r
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Figure 55 (a) Stresses due to point load and (h) wanation of
wertical stress due to point load.
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o = g 3;—1_- N 1 — E'I-'
= I {P: + :3}5_-".' P: L :2 N _—{,rj + :1}]-'3 (5 1 1:'
Q. 5, : !
Ty = _E(] _2‘}{“:{_'___2‘]3;'! _r"_’! _i___.'!_l__—{r.’!_'_:.'!}l."z} (512-}
) e
e = o {{J_, +:_,},;__.3} (5.13)

It should be noted that when v = 0.5 the second term m Equation 5.11 varishes

and Ecuation 5. 12 gives s =0
Equation 510 1z used most frequently in practice and can be written i terms of
an influence factor fl-_., where

Then,

7. = %IP
WValues of Jp i terms of #z are gven m Table 5.1, The form of the vanation of o

with z and # 15 dlustrated m Figure 5 50k, The left-hand side of the figure shows the
vanation of o, with z on the vertical through the pomt of application of the load ¢/

(Le. for r= 07 the nght-hand side of the figure shows the vanation of o with # for

three different values of z.
It should be noted that the expression for o (Equation 5.10) 15 mdependent of

elastic modulus (B and Poisson’s ratio (2],

Table 5 1 Influence factors for vertical stress due to point load

rz I rz I rz I

0.00 0.475 0.50 0.13%8 1.60 0.020
0.10 0.466 0.30 0108 1.70 0016
0.20 0.433 1.00 0.084 1.20 0013
0.30 0355 1.10 0.064 1.80 0011
0.40 0328 1.20 0.051 2.00 0.009
0.50 0.273 1.30 0.040 2.20 0.006
0.60 0221 1.40 0.032 2.40 0.004
0.0 0.176 1.50 0.025 2.60 0.003
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Line load

Eefernng to Fioure 5.6(a), the stresses at point 2 due to a line load of O per umit
length on the surface are as follows:

> ]
T e
T (x2 + 22)° (5.1
2 Xz
Op=——"""7%
o (x4 22) (5.15)
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Figure 5.8 (a) Stresses due to ne load and (h) lateral pressure due
to line load.
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Equation 515 can be used to estimate the lateral pressure on an earth-retaining
structure due to alne load on the suwface of the bacltll In terms of the dimensions
given in Figure 5.6k}, Equation 5.15 becomes

20 m*a
i ]

7h (m? + n?)

Howewer, the structure wall tend to mterfere with the lateral strain due to the load {0
and to obtain the lateral pressure on a relatvely rigid structure a second load (&
st be tnagined at an equal distance on the other side of the structure. Then, the
lateral pressure 15 grven by

. 40 m'n
P = 2k ot + ) (5.17)

The total thrust on the structure 12 given by

' 20 1
P, = j: poddn = S (5. 18)

Strip area carrying uniform pressure

The stresses at point X due to a unform pressure ¢ on a stnp area of width & and
infinite length are given in terms of the angles o and & defined in Fioure 5.7 (&)

7. = q [ev + sinevcos{a + 247}
T (5,19
Fe = g{ﬂ\ — sinacos(a + 24}
T (5.2
g . .
Te- = —{sin cvsinfey 4 2/)
A ) (5.21)

Contours of erqual vertical stress i the wicity of a strip area carrying a uniform
pressure are plotted i Figure 5. 8(a) The zone lying mnside the wertical stress
contour of value 0 2¢ 15 descnbed as the Bulh of pressure.

Strip area carrying linearly increasing pressure

The stresses at pomt X due to pressure mereasing hinearly from zero to ¢ on a stnp
area of width 5 are given in terms of the angles & and 5 and the lengths &, and &,

as defined in Fioure 5.7
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L]

S

(a}

Figure 57 Stresses due to (a) uniform pressure and (b) linearly
creasing pressure, on stop area.

i8

.

Figure 5 & Contours of equal vertical stress: (&) under strip area
and (b) under square area.
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(X, Lana

a- ﬁ(ﬂn z-mf-f) (5.22)
g X R \ ].- 7

o, ;(E”_EIHR_%_TEM“LHI) (523)
S o0s23 — 25
= g (114 0528250 (5.24)

Circular area carrying uniform pressure

The wertical stress at depth z under the centre of a circular area of diameter
D = 2R carrying a uniform pressure ¢ is given by

| 342
e [' B {m}

Values of the mfluence factor J_ in terms of LVz are given in Figure 5.9,

= gl (5.25)

The radial and circumferential stresses under the centre are equal and are given
by

F= -'.I_E | + 2v) — 3(1-1-1'} = : r
o, =09 =3 [{ v) 2 (RE (11 (R (5.26)
1.0
_.-'"""'"F"
0.9
//"
0.8 /f
0.7 7
0.6 /

Il: 0-5 /

/ o= qle
0.4
0.3
0.2 j/
01

Figure 59 Vertical stress under the centre of a circular area
cartying a uniform pressure.
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Rectangular area carrying uniform pressure

A solution has been obtained for the vertical stress at depth z under a cormer of a
rectangular area of dimensions #z and #z (Figure 5. 10% carrvng a umform pressure

g. The solution can be written in the form
a- = gl

Walues of the nfluence factor fr i terms of 2 and » are grven i the chart, due to

Fadum [5], shown m Figure 510, The factors #2 and # are mterchangeable. The
chatt can also be used for a strip area, considered as a rectangular area of infirte
length. Supetposition enables any area based on rectangles to be dealt with and
enables the vertical stress under any pomnt within or outside the area to be obtamed.

0.28

[ [ [ T1] 1
,‘4— mz_"” n
0.26 =
_rn: ,a_"' q o =
0.24—7 i :_."_'___"'d,-._ 24
F
022—4 e el =

0.20 4 {/ : ‘L
0.18 il f" / o8

0.16

e 0.4 /rf"‘f‘f I//‘. ul
/| 11
0.12 r"‘} Y . y 0.4
0.10 ';’/ f}f/f”fx’ 0.3
p ;. :
0.08 /{;‘//?/ ""# ]
0.06 WA’ /] /’,f _ 0.2
0.04 / % ) T 5
_.,.-r"" s
0.02 &4’# T
.--"'".‘-....
0 0
0.1 1 10
m

Figure 510 Vertical stress under a corner of a rectangular area
cartying  a  uniformn  pressure.  (Reproduced  from
E.EFadum (1948) Procesdings af the 2ad
International Conference of SAMFE, Botterdam, Vol 3,
by permizsion of Professor Fadum.)
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Contours of edqual vertical stress in the wcinity of a square area carrying a
uniform pressure are plotted i Figure 5.5(b). Influence factors for o, and a,

{which depend on v) are given in Eef’ [16]

Influence chart for vertical stress

Mewmatl [12] constructed an ifluence chart, based on the BEoussinesq solution,
enabling the wvertical stress to be determined at any pomt below an area of any
shape carrving a uniform pressure ¢ The chart (Fioure 5 110 consists of influence
areas, the boundaries of wlich are two radial lines and two cwoular arcs. The
loaded area 13 drawn on tracing paper to a scale such that the length of the scale
line on the chart represents the depth = at which the vertical stress 15 required. The
position of the loaded area on the chart 1 such that the pomnt at which the vertical
stress 12 required iz at the centre of the chart For the chart shown in Fioure 511
the wfluence value 13 0.005, 1e. each mfluence area represents a vertical stress of

0.005g. Hence, f'the

Scale line

Figure 571 MNewmark's influence chart for wertical stress.
Influence walue per unit pressure= 0.005 (Reproduced
from N M Newmark (1942) fmfluesce Charts for
Computation of Stresses in Hlaskic Foundablions,
Umiverstty of Ilinms, Bulletin Mo, 338, by pertmssion of
Professor Mewrmnark )
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mnber of mfluence areas covered by the scale drawing of the loaded area 1z A the
required vertical stress 15 grven by

. = 0.005 Ng

Example 3.1

A load of 1500k 15 carned on a foundation 2m soquare at a shallow depth in a sod
mags. Determine the vertical stress at a point Sm below the centre of the foundation
{a) assuming that the load iz vnformly distributed ower the foundation and (k)

assuming that the load acts as a point load at the centre of the foundation.

(&) Uniform pressure,

1500 5
g =—5—=313kN/m"

4

The area must be considered as four quarters to enable Fioure 5.10 to be used In
this case

mz=rnz=1m

Then, for
m=n=102
From Figure 5,10,
. =0.018
Hence,

7. = dgl, = 4 % 375 % 0.018 = 2TkN/m?

(b) From Table 5.1, fp = 0478 gince 1/2 =0 yertically below a point load,

Hence,

) 1300 \
9 i — (4T = 29kMN/m*

=5 = 53

The point load assumption should not be used of the depth to the point 2 (Figure
5.5(a)) 15 less than three titnes the larger dimension of the foundation.

Example 3.2

& rectangular foundation 6%3m carnes a uniform pressure of 300kM/m? near the
surface of a sod mass. Deterrmine the vertical stress at a depth of 3m below a pont

(4)
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- 800m 3.00 m
o |
r ! |
3.00m| 300 KkN/m? | | 4300 | +300 3.00m
| 4.50 m kN/m? | kN/m? :
' T 150 | =300 | -300
Jrsom 4 | e [ |
A A T A
i

{1 (3]

Figure 5 12 Ezample 5.2,

on the centre kne 1.5m outside a long edge of the foundation (&) using influence
factors and (k) using Mewmark’ s nfluence chart.

{a) Uaing the principle of superposition the problem i1z dealt wath in the manner
shown m Figure 5 12, For the two rectangles (1) cartying a positive pressure of

200k fm?, m = 1.00 and n = 1.50, and therefore

£ =0.193

For the two rectangles (2) carrying a negative pressure of 300kM/m®, m = 1.00
and 7 = 0.50, and therefore

fi=10.120
Hence,

o, = (2% 300 % 0.193) — (2 x 300 x 0.120)
= 44kN/m?

(b Taing MNewmark s mfluence chart (Fioure 5 110 the scale line reprezents 3m,
fizing the scale to which the rectangular area rust be drawn, The area 15 postioned
such that the pomt A 15 at the centre of the chart. The number of mfluence areas
cowvered by the rectangle i approzmately 30 (e, N = 30, hence

. = 0.005 x 30 x 300
= 45kN/m’

Example 5.3

& strip footng 2m wide carmes a uniform pressure of 250kN/m?® on the surface of
a depostt of sand. The water table 15 at the surface. The saturated unit weight of the
sand is 20kM/m® and Ko = 040 Determine the effective wertical and horizontal
stresses at a point 3m below the centre of the footing before and after the
application of the pressure.
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Befare loading:

ol =39 =3 %102 = 30.6 kN/m"

o, = Ky = 0.40 % 30.6 = 12.2kN/m?

After loading: Beferring to Figure 5.7(a), for a point 3m below the centre of the
tooting,

o= 2tan”! (—:) = 36°52" = 0.643 radians

sin e = (0L600

—dk

2

1=
Loeos(a 4+ 23) =1
The increases in total stress due to the applied pressure are:

i . 2350 s
Ao, == (v + sina) = — (0,643 + 0.600) = Y9.0kN/m*

T i1

250

Ac, = Lo~ sina) (0.643 — 0,600} = 3.4 kN/m?

Hence,

ol =30.6 +99.0 = 129.6 kN/m*

o, =122 4+ 34 = 15.6kN/m’

3.3 DISPLACEMENTS FROM ELASTIC THEORY

The wvertical displacement (s,) under an area carrying a uniform pressure g on the

sutface of a semi-infinite, homogeneous, isotropic mass, with a linear stress—strain
relationship, can be expressed as

gB

T{l — v\,

5=

(5.27)

where [_ 15 an influence factor depending on the shape of the loaded area. In the

case of a rectangular area, & iz the lesser dimension (the greater dimension being 1)
atid i the caze of a circular area, £ 15 the diameter. The loaded area 1z azsumed to
be flexble. Valies of nfluence factors are gven in Table 5.2 for displacements
under the centre and a corner (the edge in the case of a circle) of the area and for
the average displacement under the area as a whole. According to Equation 5.27,
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Table 52 Influence factors for vertical displacement under flesble area
carrying uiform pressure

Shape af area i

Cenire Carnar Average
Suare 1.12 0.56 0.95
Fectangle, i/6=2 1.52 0.7é 1.30
Rectangle, L/5=5 210 1.05 1.83
Circle 1.0a 0.64 085

vertical displacement increases in direct propottion to both the pressure and the
width of the loaded area. The distribution of wertical displacement iz of the form
shown i Fioure 5. 13(a), extending beyond the edges of the area The contact
pressure between the loaded area and the supporting mass 13 uniform. It should be
noted that, unlike the expressions for vertical stress (o, ) given m Section 5.2, the

expression for vertical displacement 1z dependent on the walues of elastic modulus
fE) and Poizson’s ratio () for the sod in question. Because of the uncertanties
iwolved i obtattung elastic parameters, values of vertical displacement calculated
fromm elastic theory, therefore, are less reliable than values of vertical stress.

In the caze of an extensive, homogeneous depostt of saturated clay, it 12 a
reasonable apprommation to assume that & i3 constant throughout the depostt and
the distnbution of Figure 5. 13(a) apples. In the case of sands, however, the value
of B varies with confining pressure and, therefore, will increase with depth and vary
across the width of the loaded area, bemg greater under the centre of the area than
at the edges. As a result, the distribution of vertical displacement will be of the form
shown n Figure 5 13(b3; the contact pressure will agan be vniform o the area is
flezable. Due to the vanation of B, and to heterogeneity, elastic theory 15 lttle used
it practice in the case of sands.

If the loaded area is rigid the vertical displacement will be unform across the
width of the area and its magnitude will be only shghtly less than the average
displacement under a corresponding flexble area. For example, the value of /_ for

a tigid circular area is ™% this value being used in the calculation of £ from the
results of ix-sife plate loading tests. The contact pressure under a rigid area 15 not
uniform; for a circular area the forms of the distnbutions of contact pressure on clay
atd sand, respectively, are shown i Figures 5.14(a) and (b)),

In tost cases m practice the sod deposit will be of linted thickness and will be
underlain by a hard stratum. Christian and Carrier [2] proposed the use of results
by

(a) 1-]]

Figure 513 Disthutions of vertical displacement: (a) clay and (h)
sand.
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T B s
(a)

Figure X 14 Contact pressure under ngd arear (a) clay and (b)
sand.

Girend [V] and by Burland [2] in such cases. The average vertical displacement
under a flesble area cartying a uniforn pressure ¢ 1s given by

g8
$i = poph = {0.28)

where y; depends on the depth of embedment and gz, depends on the layer
thickness and the shape of the loaded area. Values of the coefficients p; and g, for

Potzson’s ratio ecual to 0.5 are given in Fioure 515 The principle of superposition
can be used m cases of a number of zodl layers each having a different walue of &
{zee Example 540

The above solutions for vertical displacement are used manly to estunate the
inmediate settlement of foundations on saturated clays, such setflement occurs
under undratned conditions, the appropriate value of Potsson’s ratio being 0.5 The
value of the undramed modulus & s therefore required and the main difficulty in

predicting imediate settlement 15 i the determination of this parameter. A walue of
Eu could be determined by means of the undrained tnasaal test. However, such a

value would be very sensttive to samphing disturbance and would be too low if the
unconselidated— undrained test were used If the spectmen were inutially
reconsolidated then a more realistic value of & would be obtamed. Consolidation

may be etther 1sotropic under ¥ to 35 of the in-sifu effective overburden pressure,
or under KEI conditions to stmulate the actual in-sife effective stresses. If possible,

however, the value of Eu should be determuned from the results of in-sifu load tests
or pressuremeter tests. It should be recogmzed, however, that the value obtamed
from load tests 15 sensittve to the time wterval between excavation and testing,
because there will be a gradual change from the undraned condition with tiume; the
greater the time interval between excavation and testing the lower the value of &
The value of & can be obtaned directly if settlement observations are taken during

the initial loading of fill-scale foundations. For particular clays, correlations can be
established between & and the undrained shear strength parameter ¢

It has been demonstrated that for certain sods, such as notmally consolidated
clays, there 15 a significant departure from linear stress-stram behawviour within the
range of worling stress, 1e. local wielding will occur within this range, and the
inmediate settlement will be underestimated. A method of correction for local weld
has been given by I Appolonta ef al. [4]
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Figure 515 Coefficients for vertical displacetment.

In prnciple the wvertical displacement under fully draned condiions could be
estitnated using elastic theory if the walue of the modulus for thiz condition (') and
the walue of Potzson’s ratio for the sod skeleton (w7 could be detertruned.

Example 3.4

A foundation 4=2m, carrymg a uniform pressure of 1508 /m?, is located at a
depth of 1m in a layer of clay Sm thick for which the value of & 12 AOMI/m?. The

layer 15 underlam by a second clay layer sm thick for which the value of X, 1=

T5MITfme. A& hard stratum bes below the second layer. Determine the average
inmediate settlement under the foundation.

Wow, DB = 0.5, and therefore from Figure 5,15, Ho = 0.94
1 Considering the upper clay layer, with F. = 40 MN/m?;

H/B=4/2=2, Lif=12
Sy = 060
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Hence, from Equation 5,28

150 = 2

5, = 0.94 x 0,60 x = 4.2 mm

2 Considering the two layers combined, with £u = 75 MN/m?;

HiB=12/2=8, L/B=12
S = 085

. 150 =2
5, = 0.94 « 085 = 75 = 1.7 mm

3 Clonsidering the upper layer, with £u = 75 MN/m?;

HiB=2, L/B=12
oo = 0.60
150 = 2

iy = 0.94 3 0,60 x = 2.3mm

Hence, using the principle of superposttion, the settlement of the foundation 15 given
by

5 =8 +& — 5

424+ 32—-23=5mm

PROBLEMS

5.1 Calculate the wvertical stress i a sod mass at a depth of Sm vertically below a
pott load of 2000k acting near the surface. Plot the vanation of vertical stress
with radial distance (up to 10m) at a depth of Sm.

5.2 Three point loads, 10000, 7300 and 2000k, act in line Sm apatt near the
sutface of a soil mass. Calculate the vertical stress at a depth of 4m vertically
below the centre (7500 load.

5.3 Determine the vertical stress at a depth of 3m below the centre of a shallow
foundation 2x2m carrying a untform pressure of 250/, Plot the variation of
vertical stress with depth {up to 10m) below the centre of the foundation.

24 A shallow foundation 25=18m carries a unform pressure of 175k M/m?,
Determmine the vertical stress at a pomnt 12m below the mud-pomt of one of the
longer sides (&) using mfluence factors, (b) by means of Newmark s chart.

5.5 A line load of 150k m acts 2m behind the back surface of an earth-retaining
structure 4m high. Calculate the total thrust, and plot the distribution of pressure,
on the structure due to the line load.

5.6 A foundation 4=2m carries a unform pressure of 200kN/m at a depth of 1m
in a layer of saturated clay 11m deep and underlain by a hard stratum. If £ for

the clay is A5MIT/m?, determine the average walue of mmediate settlement
under the foundation
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Chapter 6

Lateral earth pressure

6.1 INTRODUCTION

Thiz chapter deals with the magnitide and distribution of lateral pressure between a
soll mass and an adjoiung retaming structure. Conditions of plane stramn are
assumed, 1.e. stratns m the longitudinal direction of the structure are assumed to be
zero. The rigorous treatment of this type of problem, with both stresses and
displacements bemg considered, would mwelve a knowledge of appropnate
equations defining the stress— strain relationship for the soi and the solution of the
equations of equilibrium and compatibiity for the given boundary condiions. It is
possible to determine displacements by means of the fimte element method using
suitable computer software, prowided realistic values of the relevant deformation
parameters are avalable. However, it 15 the falure condiion of the retamned sod
mass which 15 of primary mterest and n this context, prowided a consideration of
displacements 18 not required, it i possible to use the concept of plastic collapse.
Earth pressure problems can thus be considered as problems m plasticity.

It 13 assumed that the stress—strain behawour of the soil can be represented by
the rimd—petfectly plastic idealization, shown i Figure 6.1, in which both wielding
and shear faflure occur at the same state of stress: unrestricted plastic flow takes
place at this stress level A soi mass 18 said to be in a state of plastic equiibrium if
the shear stress at every point within the mass reaches the value reprezented by
pott ¥

Plastic collapse occurs after the state of plastic equiibriom has been reached in
part of a soid mass, resulting i the formation of an unstable mechamsm: that part of

the sod

Shear stress

Shear sirain

Figure 6.1 Idealized stress—strain relationship.
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mass slips relative to the rest of the mass. The applied load system, mcluding body
torces, for this condibon 15 referred to as the collapse load. Deterrunation of the
collapse load using plasticity theory i3 complex and would recquire that the
equilibriurn equations, the weld crterion and the flow rule were satisfed within the
plastic zone. The compatibility condibion would not be mwvelved unless specific
deformation conditions were imposed. Howewer, plasticity theory also prowides the
means of avoiding complex analyses. The limit theorems of plasticity can be used to
calculate lower and upper bounds to the true collapse load In certamn cases, the
theorems produce the same result which would then be the exact value of the
collapse load. The limit theorems can be stated as follows.

Lower bound theorem

If a state of stress can be found, which at no point exceeds the falure crterion for
the zoil and 12 1 equilibrium with a system of external loads (which mcludes the self-
weight of the soil), then collapse cannot occur; the external load system thus
constitutes a lower bound to the true collapse load (because a more efficient stress
distribution may exist, which would be in equilibrium with higher external loads).

Upper bound theorem

It a mechamsm of plastic collapse 15 postulated and ) in an morement of
displacement, the worlke done by a systemn of external loads i1z equal to the
dissipation of energy by the mternal stresses, then collapse must ocour, the external
load system thus constitutes an upper bound to the true collapse load (because a
totre efficient mechantsm may exmst resulting i collapse under lower external
loads),

In the lower bound approach, the conditions of equilibrium and weld are satisfied
without consideration of the mode of deformation The Mohr—Coulomb falure
criterion 15 also taken to be the wield critenion In the upper bound approach, a
mechatism of plastic collapse iz formed by choosing a shp surface and the worl
done by the external forces 15 equated to the loss of energy by the stresses acting
along the shp suwface, without consideration of equilibrum. The chosen collapse
mechatism 18 not necessarily the true mechanism but it must be kinematically
admissible, 1e. the motion of the shding sod mass must be compatible with its
contitmity and with any boundary restrictions. It can be shown that for undrained
conditions the slp suface, i section, should consist of a straight line or a circular
arc (ot a combination of the twe); for dramed condiions the shp surface should
consist of a straight line or a logarithmmic spiral {or a combination of the two).
Exzamples of lower and upper bound plasticity solutions have been gven by
Atkinson [1] and Parry [16].

Lateral pressure calculations are normally based on the classical theories of
Eanline or Coulomb, described i Sections 6.2 and £.3, and these theories can be
related to the concepts of plasticity.

6.2 RANKINE’S THEORY OF EARTH PRESSURE

Eankine’s theory (1857) considers the state of stress in a soil mass when the
condition of plastic equilibrium has been reached, 16, when shear fadure 15 on the

potnt of occurnng
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Figure 6.2 State of plastic equilibrium.

throughout the mass. The theory satisfies the condibions of a lower bound plasticity
solution. The Mohr circle representing the state of stress at falure i a two-
dimensional element i shown tm Figure 6.2, the relevant shear strength parameters
being denoted by o and ¢ Shear fallure occurs along a plane at an angle of
45" + 9/2 to the major principal plane. If the soil mass as a whole is stressed such
that the principal stresses at every point are i the same directions then,
theoretically, there will be a networlk of falure planes (known as a slip lne field)
equally mclined to the principal planes, as shown m Figure 6.2 Tt should be
appreciated that the state of plastic equilibrium can be developed only of sufficient
deformation of the soil mass can take place.

Consider now a semi-infintte mass of sod with a horizontal surface and having a
vertical boundary formed by a smooth wall surface extending to semi-infinite
depth, as represented m Figure & 3(a). The sodl 1 assumed to be homogeneonus and

isotropic. A soil element at any depth z 15 subjected to a vertical stress o, and a
honzontal stress &, and, smce there can be no lateral transfer of weight if the

sutface i3 horizontal, no shear stresses exst on horizontal and wvertical planes. The
vertical and honzontal stresses, therefore, are principal stresses.
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Wall ..
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(b) 6=45+ )

Figure 6.3 Active and passtve Rankine states.

If there iz a movement of the wall away from the sodl, the value of o, decreases as
the soil dilates or expands outwards, the decrease in o, being an unknown finction
of the lateral stran m the sol I the expansion is large enough, the value of o

decreases to a mintmum walue such that a state of plastic equiibrium develops.
since this state 15 developed by a decrease i the horizontal stress o, this must be

the mmor principal stress (o). he vertical stress o 15 then the major principal stress
("3'_1:'-
The stress @1 (=0:) iz the overburden pressure at depth z and is a fized vahue for

any depth. The value of @3 (=0x) i deterrnined when a Mohr circle through the
pomt representing o touches the falure envelope for the soil The relationship

between o) and &, when the soi reaches a state of plastic equilibrium can be

dertved from this Mohr circle. Eankine’s onginal denvation assumed a value of
zero for the shear strength parameter ¢ but a general detivation with < greater than
zero 15 gven below to cover the cases n which undraned parameter ¢ | or tangent

parameter ¢ 15 used.
Eeferring to Fioure 6.2,

1
X ST — 73
S50 @ = 227 )

1 (o) + o3 + 2ccot )

ai(l +sing) = a(1 —sing) — 2ecos o
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i

o m(ﬂ) e [ VU ZSin79) (6.1)

| + sin g | +sind

¥ f » N

| — sin [ 1 —sindg

Ty =d|\\ —2:" '
| + sin ¢ ‘|' | + sin o

Alternatively, tan® (45° = ¢/2) can be substituted for (1 — sin@)/(1 + sin @),
Mg stated, 7y 1z the overburden pressure at depth z. 16

ap =z

The honzontal stress for the above condifion 15 defined as the active pressure (p)
being due directly to the self~weight of the sod. IF
1 —sing

K.

T sing
1z defined as the active pressure coefficient, then Equation §.1 can be written as

pa = Kayz — 2evVK,
(6.2)

When the honzontal stress becomes equal to the active pressure the sod 15 sad to
be in the active Ranline siate, there being two sets of fatlure planes each mclined
at 43° 4+ &2 to the horizontal (the direction of the major principal plane) as shown

in Figure & 5k

In the above demwvation, a mowvement of the wall away from the sod was
constdered. On the other hand, o the wall iz moved agamst the soil mass, there will
be lateral compression of the soil and the value of o, will increase until a state of

plastic equilibrium 15 reached. For this condition, &, becomes a masimum value and
s the major pnncipal stress . The stress o, equal to the overburden pressure, 1s

then the minor principal stress, 1.

0y = %D

The mammum value o, 15 reached when the Mohr circle through the pont
representing the fixed value o, touches the failure envelope for the sed. In this caze,
the horizontal stress 15 defined as the passive pressure (pp) representing the

maxztmin  inherent resistance of the sed to lateral compression. Eearranging
Equation 6.1

J—— | +sing e I.'II | + sin ¢
| \1 =sing B ‘I" | = sing (6.3}

1+ i b

1l —sing

Ky
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1z defined as the passive pressure coefficient, then Equation 6.3 can be written as

Py = Kpyz + 2e/K;

(6.4)

When the honzontal stress becomes equal to the passive pressure the sod 15 sad to
be in the passive Raxkine state, there being two sets of fatlure planes each mclined
at 45° + @/ 2te the vertical (the direction of the major principal plane) as shown in
Figure 6 3(c).

Inspection of Equations & 2 and 6.4 shows that the active and passive pressures

increase lnearly with depth as represented in Figure 6.4, When ¢ = 0. triangular
distributions are obtained in each case.
When ¢ 15 greater than zero, the value of p_ is zero at a particular depth z;. From

Equation 6.2, with Pa = 0.

2e
0=

oWk (6.2

This means that in the active case the sod 15 m a state of tension between the
surface and depth z,. In practice, however, this tension cannot be relied upon to

act on the wall, since cracks are lkely to develop within the tension zone and the
part of the pressure distribution diagram above depth z; should be neglected.

The force per unit length of wall due to the active pressure distnibution i referred
to as the iotal active thrust (F ). For a vertical wall surface of height -

H
Py = [ P dz (5.6;:‘1]

:%H-'.T'[HJ vn" :‘"f‘.-"'}.H.LJ[H n)

1

EK.f.-'.r” — Zn)” (661::]
—2evVEK,
T, _+_ 4
\ NI
H ‘ % H
-
i 1". 1{H+ Za)
N N | .. .
et = pt et i —
Aclive Passive

Figure 6 4 Active and passive pressure distributions.
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The force P& acts at a distance of 4(H — 20) above the bottom of the wall

surface.
The force due to the passive pressure distribution iz referred to as the fofal
passive recistance {PP). For a vertical wall surface of height A

o
.P]-. = /I: j'.i'l-,.l'.lf {6?}

! , .
= 5 Ky 4 2e(\/Ky) H

The two components of PP act at distances of Y254 and Yol respectively, above

the bottom of the wall surface.

It a uniformly distnbuted surcharge pressure of ¢ per umit area acts over the
entire surface of the scil mass, the wertical stress o at any depth 1s increased to
T2t dresulting in an additional pressure of K g m the active case or qu i the

passive case, both distributions being constant with depth as shown in Fioure 6.5
The corresponding forces on a vertical wall surface of height A are X ¢/ and

quﬂ respectively, each actihg at rid-height. The surcharge concept can be used

to obtain the pressure distribution i stratified sod deposits. In the case of two
layers of soil having different shear strengths, the weight of the upper layer can be
considered as a surcharge acting on the lower layer. There will be a discontinuity in
the pressure diagram at the boundaty between the two layers due to the different
values of shear strength parameters.

If the soil below the water table 15 1 the fully drained condition, the active and
passive pressures rst be expressed in tenms of the effective weight of the sodl and
the effective stress parameters ¢ and ¢ For example, if the water table 13 at the
surface and if no seepage 15 taking place, the active pressure at depth 2 15 given by

Pu = Kd"."r:' 2f'r‘\.-"lr-.';"fi.l
where

| —sing’

| 4+ simn ¢

.
’m%____j_

K:-.

vaH Y H

LT T
o R s

Active Passive

T T

Figure 6.5 Additional pressure due to surcharge.
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Corresponding equations apply i the passive case. The hydrostatic pressure y,_z

due to the water m the sol pores must be considered in addifion to the active or
P assive Pressure.

For the undrained condiion in a fully saturated clay, the active and passive
pressures are calculated usmg the parameter ¢, (?v being zero) and the total urit

weight p_, (1.e. the water i the soil pores is not considered separately). The effect

of the tension zone must be considered for this condition. In theory, a (dry) crack
could open to a depth (z;) of 2ew/Yar (ie. Equation 6.5 with Ka =1 for o =0y,
Cracking 15 most likely to occur at the clayfwall ntetface where the resistance to

tracture 1z lower than that within the clay. If'a crack at the mterface were to £l with
water (due to heawy rainfall or another source of inflows), then hydrostatic pressure

would act on the wall Thus the clay would be supported by the water filling the
crack to the depth (z;,) at which the active pressure equals the hydrostatic

pressure. Thus, assuming no surface surcharge:

FsatZow — 264 = Yo Zow
. 2oy
e (“Fsat = )
In the Eanline theory it 15 assumed that the wall surface is smooth whereas i
practice considerable fiiction may be developed between the wall and the adjacent
soll, depending on the wall material In prnnciple, the theory results etther m an
overestination of active pressure and an underestmation of passive pressure (Le.
lower bounds to the respective “collapse loads™ or in exact values of active and
passive pressures.

Example 6.1

{a) Calculate the total active thrust on a vertical wall Sm high retaming a sand of vt
weight 17T for which © the surface @ = 35%: of the sand is horizontal and the
water table 13 below the bottom of the wall, (b) Deternune the thrust on the wall i
the water table rizses to a level 2m below the surface of the sand. The saturated unit

weight of the sand is 206/m?
1 — sin 35°

(a) Ky=——+=1027
1 + sin 35°

1 .1 .
P, = iﬁ.’nH' =3 #0.27 2 17 % 55 = 57.5kN/m

(b The pressure distnbution on the wall 15 now as shown n Figure 6.6, including
hydrostatic pressure on the lower 3m of the wall The components of the thrust are:

(n %x 027 % 17 % 2= 92kN/m
(2) 027 = 17T=x2=3 =276
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% T
200m
Jﬁ "
L __W.T._ _
300m | (2
jl (3} (4}
Active Hydrastatic

Figure 6.8 Example 6.1

1 ) 4
(3) %027 x (20— 9.8) x ¥= 124
1 1
(4 x98x5 = 44.1
Taotal thrust = 933KkN/m
Example 6.2

The sedl conditions adjacent to a sheet pile wall are oven in Fioure 6.7 a surcharge
pressure of S0k being carried on the surface behind the wall For sail 1, a
sand above the water table, € =0, ¢ =38 and 7= IBKN/M® For z0 2. a
saturated clay, ¢ = 10kN/m?, ¢' = 28° and 7w = 20kN/m* Plot the distributions
of active pressure belund the wall and passive pressure in front of the wall.

Forsod 1,

1 — sin 38" 1
y = m—— 2 K, =—=4.17
| + sin 3§° "0.24

50 kN/m?

Sal (1) B6.00 m

i
1.60m WT. i|'

e i m

Soil (2} 3.00m

SR

Passive Active

Figure 6.7 Ezample 6.2,
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Table 6.1

Soil Depth pressyre (IN/m?)

(m)

Achive pressure
1 0 0.24 = 50 = 12.0
| fi (0.24 < 50) + (0.24 = 18 = 6) = 12.0 + 25.9 =379
4 fi 0.36[50 + (18 = 6)] — (2 = 10 = +/0.36) = 56.9 — 12.0 =449
4 9 0.36[50 + (18 = 6)] — (2 = 10 x +/0.36) + (0.36 = 10.2 x 3)

=569 - 120+ 110 =559
Fassive prassure
| 0 0
1 1.5 417 = 18 = 1.5 = 1126
2 13 (2.78 % 18 % 1.5)+ (2 = 10 x +2.78) = 75.1 + 33.3 = 108.4
2 45 (2.78 % 18 x 1.5) + (2 = 10 » +/2.78)

+(2.78 = 102 = 3) = 75.1 + 33.3 + 85.1 = 193.5
Forzol 2,

gl Age
K, = % =036, K, ZFl_m =278

The pressures in sodl 1 are calculated using Ko = 024K, =417 ang
v=18kN/m’ Zoil 1 is then considered as a surcharge of (18 x 6)KN/M* op goi
2, m addition to the surface surcharge. The pressures in sed 2 are calculated using
Ki=1036,K, =2785,4 v = (20 —9.8) = 10.2kN/m* (gee Table 6.1 The active
and passtve pressure distributions are shown i Fioure &7 In addition, there iz
ecqual hydrostatic pressure on each side of the wall below the water table.

Sloping soil surface

The Eankine theory will now be applied to cases in which the soi surface slopes at
a constant angle A to the horizontal It iz assumed that the active and passive
pressures act i a direction parallel to the slopmg swface. Consider a thombac
element of soil, with sides vertical and at angle & to the honzontal, at depth z1h a
semi-infinite mass. The vertical stress and the active or passive pressure are each
mnchned at & to the appropnate sides of the element, as shown mn Figure & 5(a)
since these stresses are not normal to their respective planes (Le. there are shear
components), they are not principal stresses.

In the active case, the vertical stress at depth = on a plane mclined at angle & to
the horizontal 12 given by

T = I CO5 3

and 15 represented by the distance O4 on the stress diagram (Figure 6 8(b0). I
lateral expansion of the soil is sufficient to mduce the state of plastic equilibrium, the
Wlohr circle representing the state of stress m the element must pass through point
A& {zuch that the greater part of the circle lies on the side of & towards the orngm)
and touch the
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Wall _
surface

Active case

(a) Passive case

(B)

Figure 6.8 Active and passive states for slopmg surface.

fatlure envelope for the sol The active pressure p_ 1z then represented by OB
(numencally equal to OB’ on the diagram. When ¢ = 0 the relationship betweenp
and 5, grving the active pressure coefficient, can be denved from the diagram:

_pa_OB OB OD-AD
"o, OA OA OD+AD

How

OD = 0Ccos 3

[ a 3 ¥
AD = /(OC*sin’ ¢ — OC sin )
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therefore

cos 3 — y/(cos’ 7 — cos’ @)

Ky =—— ———== (6.8)

Thus the active pressure, acting parallel to the slope, 12 given by

Pa= K,yzcos 3

(6.9)

and the total active thrust on a vertical wall surface of height A 1=

K;._'\”:CHR I

| =

" (6.10)

In the passive case, the vertical stress o is represented by the distance OB’ i
Fioure & 8ib) The Mohr circle representing the state of stress in the element, after
a state of plastic equiibrium has been mduced by lateral compression of the sod,
tust pass through B (such that the greater part of the circle les on the side of BY
away from the ongin) and touch the failure envelope. The passive pressure Py s
then represented by OA" (numerically equal to OA) and when ¢ = 0 the passive
pressure coetlicient {equal to Pr/7:) 15 given by

_cos 5+ \,f’fl'['t"m: 3 — cos? @)

Ky = ——x = (6.11)

cos 3 — +/(cos? 3 — cos? @)

Then the passive pressure, actng parallel to the slope, 13 given by

Py = Kpyzeos 3

(6.12)

and the total passive resistance on a vertical wall surface of height A 15

Pp = 5 KpyH cos @

Pk | =

(6.13)

The active and passtve pressures can, of course, be obtaned graphically from
Fioure & 8ik) The abowe formulae apply only when the shear strength parameter ¢
1z zero; when ¢ 13 greater than zero the graphical procedure should be used.

The directions of the two sets of failure planes can be obtained from Figure 6.8
(b1 In the active case, the coordinates of point & represent the state of stress ona
plane mchned at angle & to the horizontal, therefore pomt B 15 the ongn of planes,
also known as the pole. (A lne drawn from the origon of planes intersects the
circumnference of the cicle at a point whose coordinates represent the state of
stress on a plane parallel to that ne ) The state of stress on a wertical plane 13
represented by the coordinates of point B, Then the falure planes, which are
shown m Figure 6. 8(a), are parallel to BT and B'G (F and G lying on the fadure
envelope). In the passive case, the coordinates of point B represent the state of
stress on a plane inclined at angle 2
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to the honizontal, and therefore pomnt A i3 the ongin of planes: the state of stress on
a vertical plane 15 represented by the coordmates of pomt A° Then the fadure
planes in the passive case are parallel to AF and AG.

Feferring to Equations £.8 and £.11, 1t 15 clear that both £ and Kp kecome
eequal to unity when 7 = @ this iz incompatible with real soil behaviour. Use of the
theoty 15 mappropnate, therefore, m such crcumstances.

Example 6.3

& vertical wall 6m high, above the water table, retains a 20° sod slope, the retaned
soll having a unit weight of 18kM/m’; the appropriate shear strength parameters are
¢ =0 and ¢ = 40°, Determine the total active thrust on the wall and the directions
of the two sets of falure planes relative to the horizontal

In this case the total active thrust can be obtamed by calculation. TTsmg Equation
6.8,

-

cos 20° + +/(cos? 20° — cos? 40°)

....................... = 0.265

Then

R P
P, = EA;,’j.U cos 7

l 5
=5x L2603 = 18 x 6° x 0,940 = 81 kN/m

The result can also be determined using a stress diagram (Figure 6§ 90 Draw the
failure etvelope on the 7/ plot and a straight line through the otigin at 207 to the
honzontal At a depth of ém,

a. = yzcos § = 18 x 6 x 0.940 = 102kN/m?

and this stress 15 set off to scale (distance OA) along the 20° ine. The Ilohr circle
iz then drawn as in Fiqure 6.9 and the active pressure (distance OB or OBY 1=
scaled from the diagram, 1e.

po = 2TkN/m*
Then

] §
P, = E‘u“” ==x27Tx6=81kN/m

1| =

The falure planes are parallel to BF and B'G m Figure 6.9, The directions of these

lines are measured as 5%° and 71°, respectively, to the horzontal (adding up to
907 + ¢,
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0A =102 kN/m?

kN/m?

Figure 6. 2 Ezample 6.3,

Earth pressure at-rest

It has been shown that active pressure 15 assoctated with lateral expansion of the
sofl and 12 a mintmum value; passtve pressure 18 assoctated with lateral compression
of the zod and 15 a masamom value. The active and passive walues may thus be
referred to as lwnit pressures. If the lateral stran m the soal 15 zero, the
corresponding lateral pressure 12 called the sarth pressure ai-rest and i1z usually
expressed in terms of effective stress by the equation

M= Koy'z
(6143

whete &, 15 defined as the coefficient of earth pressure at-rest, in terms of effective

atress.

omce the at-rest condition does not mvolve fadure of the soil, the MWolr circle
representing the vertical and horizontal stresses does not touch the falure envelope
and the honzontal stress cannot be evaluated. The value of KIII’ howewer, can be

determined expenmentally by means of a tnasal test i which the asal stress and
the allround pressure are mcreased simultaneously such that the lateral strain in the
spectnen 15 maittained at zero: the hydraulic thasdal apparatus 15 most suttable for
this purpose. For soft clays, methods of measunng lateral pressure in sifn have
been developed by Biermum and Andersen [3] and, using the pressuremeter, by
Wroth and Hughes [28].

Generally, for any condibon mtermediate to the active and passive states, the
value of the lateral stress 1z unknown. The range of possible conditions can only be
determined expermmentally and Fimure 6 10 shows the form of the relatonship
between
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=

P+

Lateral pressure coefficient

.

Expangion Compresshon
Lateral strain

Figure @ 10 Relationship hetween lateral strain and lateral pressure
coefficient.

stramn and the lateral pressure coefficient. The exact relationship depends on the
mitial value of X, and on whether excavaton or backfilling is mvolved m

construction. The stram required to mobilize the passive pressure 13 considerably
oreater than that recquired to mobiize the active pressure. Experimental ewvidence
ndicates, for example, that the mobilization of full passive resistance requires a wall
movwement of the order of 2—4% of embedded depth m the case of dense sands
and of the order of 10-12% in the case of loose sands The corresponding
percentages for the mobdization of active pressure are of the order of 0.25 and
1%, respectively.

For normally consolidated sotls, the value of £ can be related approzmately to

the effective stress parameter ¢’ by the following formula proposed by Jaky:

i o
Kn=1—=sn«

(6.152)

For overconsclidated sods the walue of &£ depends on the stress history and can

be greater than unity, a propottion of the at-rest pressure dewveloped dunng mitial
consohdation bemng retaned m the soil when the effective wertical stress is
subsequently reduced  Mayne and Eulhawy [14] proposed the following
correlation for overconsolidated sods during expansion (but not recompression):

Ko = (1 — sin '} Roe )™
(6.15b)

£, bemgthe OCE. In Eurocode 7 it is proposed that

Ko = (1 = sind)(Roe)™
(6.15c)
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3
2 _____....----""""':_-“___—
Kq 1 __,.--"f
-
ul 5 10 15 20 25

OCR

Figure 6.1 Typical relationship between & and overconzolidation
ratin for a clay.

Table 6 2 Coefficient of earth pressure at-rest

Saif Ky
Dense sand 0.35
Loose sand 0.6
Mormally consolidated clays (Morway) 0. 501
Clay, OCE=3.5 (Londomn) 1.0
Clay, OCR=20 {Londomn) 2.8

4 typical relationship between & and OCE for a clay, deterrined i the triasaal
apparatus, 15 shown i Figure 6.11 and some typical values of &}, for different sods
are given in Lable &2,

6.3 COULOMB’S THEORY OF EARTH PRESSURE

Coulomb’s theory (1776) involves consideration of the stabality, as a whole, of the
wedge of soil between a retaiing wall and a trial fatlure plane. The force between
the wedge and the wall surface 12 determined by considering the equiibrium of
forces acting on the wedge when it 13 on the pomnt of shding etther up or down the
failure plane, 1e. when the wedge 15 i a condition of Beiting equilibrinm. Friction
between the wall and the adjacent sodl 1 taken into account. The angle of fiiction
between the sod and the wall matenal, denoted by 4, can be determuned m the
laboratory by means of a ditect shear test At any point on the wall surface a
shearing resistance per unit area of p tan § will be developed, where p_ is the

normal pressure on the wall at that point & constant component of shearing
resistance or “wall adhesion’, ¢, can also be assumed if appropriate in the case of

clays. Due to wall friction the shape of the faldure surface 15 curved near the bottom
of the wall in both the active and passive cases, as mdicated m Figure 6,12, butm
the Coulomb theory the falure surfaces are assumed to be plane in each case In
the active case, the curvature 15 slight and the error mvolved in assuming a plane
sutface, 15 relatively small This 13 also true m the passive case for values of 4 less
than @3 but for the higher walues of 8 normally appropriate in practice the error
becomes relattvely large.
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TR TR
§ o™
{a) Active casa (b) Passive case

Figure 6,12 Curvature due to wall friction

The Coulomb theory s now interpreted as an upper bound plasticity solution
(althcugh analysis 15 based on force equibibrivm and not on the wotk—energy
balance defined m Section &.13; collapse of the soil mass above the chozen falure
plane occurring as the wall moves away from or into the soil Thus, in general, the
theoty underestinates the total active thrust and overestinates the total passive
resistance (1e. upper bounds to the true collapse loads). When ¢ =, the Coulomb
theoty gives results which are identical to those of the Eanline theotry for the case
of a wertical wall and a hortzontal sod swface, 1e. the solution for thiz case 13 exact
because the upper and lower bound results comncide.

Actve case

Figure 6. 13(a) shows the forces acting on the sodl wedge between a wall surface
AR, inchned at angle & to the hortzontal, and a trial failure plane BC, at angle & to
the horzontal. The sod surface AC 15 mchned at angle & to the honzontal. The shear
strength parameter © will be taken as zero, as will be the case for most backfills.

For the falure condition, the soil wedge 13 i equilibrium vnder itz own weight (7,
the

A
,; 180" —x— &
Z
A
2
¥
2

H A fw

oz |
I“'H-‘F

lal (b

Figure 8. 13 Coulomb theory: active case with .

© 1374, 1975, 1383, 1957, 1332, 1997, 2004 R.F.Craig, Spon Press 2= EBE



Lateral earth pressure 178

reaction to the force (F) between the soil and the wall, and the reaction (&) on the
failure plane. Because the soil wedge tends to move down the plane BC at falure,
the reaction & acts at angle 4 below the normal to the wall (If the wall were to
settle motre than the backfill, the reaction & would act at angle 4§ above the normal )
At falure, when the shear strength of the sod has been fully mobilized, the direction
of Bz at angle ¥ below the normal to the falure plane (X being the resultant of the
notmal and shear forces on the falure plane). The directions of all three forces, and
the magmtude of ¥, are known, and therefore the triangle of forces (Figure .13
(b1 can be drawn and the magnitude of & determined for the trial in question.

& mumber of trial falure planes would have to be selected to obtan the
mezarmun wvalue of P, which would be the total active thrust on the wall Howewer,
using the sine rule, & can be expressed i terns of Wand the angles in the triangle
of forces. Then the masomum value of F, corresponding to a particular value of &, 13
given by AP/ =0 Thiz leads to the following solution for £

|
P“:Eh:l .'H (616}
where
sinfa — ¢) _ (6.17)
K, — sin o

= 1
i - I|sin{a 4+ &) sinfg — 3) |
W [sin(a 4 b)) + \L'I [ sinfex — )

The point of applcation of the total active thrust 15 not given by the Coulomb theoty
but 1z assuned to act at a distance of ¥4 abowe the base of the wall

The Coulomb thecry can be extended to cases i which the shear strength
parameter ¢ 15 greater than zero (1e. ¢, m the undramed case or if tangent

parameter ' 15 used m the drammed case). A walue 15 then selected for the wall
adhesion parameter ¢, It 1z assumed that tension cracks may extend to a depth z;,,

the trial falure plane (at angle @ to the honzontal) extending from the heel of the
wall to the bottom of the tension zone, as shown i Figure 614 The forces acting
on the sodl wedge at falure are as follows:

1 The weight of the wedge (7).

& The reaction (7)) between the wall and the sod, acting at angle 8 below the
normal.

3 The force due to the constant component of shearing resistance on the wall
Cu = e % EBg)

4 The reaction (&) on the failure plane, acting at angle @ below the nortal

5 The force on the falure plane due to the constant component of shear strength {
C =cx BCY,

The directions of all five forces are known together with the magnitudes of W,

and O, and therefore the walue of P can be deterrrined from the force diagram for
the trial falure plane. Agan, a number of tnal falure planes would be selected to
obtain the masmum value of P
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Figure 6. 14 Coulomb theory: active case with € > 0.,

The special case of a wertical wall and a horizontal sedl swface will now be
considered. For the undrained condition (%v =), an expression for P can be
obtamed by resolving forces vertically and honzontally, The total active thrust is
given by the masimurm value of P, for which 9P/ = 0. The resulting value is

I p » ] |I [T
Py = =(H® = 22) = 2e4(H - _—_ﬁ}v' (1 i+ —)

2 i

For ™ =0 the earth pressure coefficient £ 13 unity and 1t 1z conventent to

introduce a second coefficient Kﬂc, where

ke=2y/(1+3)

For the fully dramed condition i terms of tangent parameters " and &, it can be
assumed that

In general, the active pressure at depth z can be expressed as

Pa = -K:s‘_': -Fl’:u;ﬂ'
(6.18)

where

Ko =2/ [Ka(1+)] (6.19)
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the shear strength parameters bemng those appropriate to the dramage condiions
of the problem. The depth of a drv tension crack (at which P2 = U iz given by

I .l'l Ew

V (r+7) (6.20)

4 "u-"'rK:'.

= =

The depth of a water-filled crack (z;,) 15 obtamed from the condition Fa = Tw0w,

Hydrostatic pressure in tension cracks can be eltmnated by means of a hortzontal

filter.

Passive case

In the passtve case, the reaction & acts at angle 4 abowve the normal to the wall
sutface (or 4 below the normal if the wall were to settle more than the adjacent soil)
and the reaction £ at angle @ abowe the normal to the falure plane. In the tnangle
of forces, the angle between ¥ and P 15 180" —a+ ¢ and the angle between ¥

and R is ¥+ ¢ The total passive resistance, ecqual to the mirdrmum valie of 2, iz

given by
Py = LK i
R (6.21)
where
Ri]](tl - f-'}::l i (622)
K.o— sin o

V [sin{er = &)] — ‘l‘."

siner + &) sinfcd + F)
sinfev — )

Howewer, i the passive case it 15 not generally realistic to neglect the curvature of
the falure surface and use of Equation 622 overestimates passive resistance,
seriously so for the higher values of @ representing an error on the unsafe side. Tt is
recommended that passive pressure coefficients dertved by Canquot and Eertzel [5]
should be used. Caquot and Eerisel denved both active and passive coefficients by
integrating the differential ecuations of equilibrium, the faure sutfaces being
logarithmic spirals. Coefficients have alse been obtamed by Sokolowsld [24] by
numerical integration.
In general, the passive pressure at depth z can be expressed as

f.’l-l = J::I-."'-: - Klwr_'
(6.23)

where

Ko =2y [Ko(1+2)] (6.24)
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Eenzel and Abst [12] published tables of active and passive coefficients for a
wide range of values of 4, a and 5, the active coefficients bemg very close to
those calculated from Equation 6.17. For a=9%0° and =0° values of
coefficients (denoted X and Kph} tor horizantal comporents of pressure (1e.

K cosdand Kp cos d, respectively) are plotted m Figure 6,15
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Figure 8 15 Coefficients for horizontal components of active and
PASEIVE PrEsSUre.
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Compaction-induced pressure

In the case of backfilled walls, lateral pressure 15 also influenced by the compaction
process, an effect that 18 not considered i the earth pressure theories. During
backfiling, the weight of the compaction plant produces additional lateral pressure
on the wall Pressures signficantly in excess of the active value can result near the
top of the wall, especially if it 12 restratned by propping during compaction. &3 each
layer 1z compacted, the sod adjacent to the wall 15 pushed downwards agamnst
frictional resistance on the wall surface. When the compaction plant iz removed the
potential rebound of the sodl s restricted by wall fiiction, thus mbubiting reduction of
the additional lateral pressure. Also, the lateral strains mduced by compaction have
a significant plastic commponent which 18 wrecoverable. Thus, there 13 a residual
lateral pressure on the wall 4 simple analytical method of estimating the residual
lateral pressure has been proposed by Ingold [10].

Compaction of backfll behind a retaining wall 15 normally effected by rolling. The
compacton plant can be represented apprommately by a line load equal to the
weight of the roller. It a wibratory roller 1s emploved, the centrifigal force due to the
wibrating mechamism should be added to the static weight The wertical stress
imnme diately below a line load & per unit length 15 denved from Equation 514

20
0. =2

Then the lateral pressure on the wall at depth z 12 given by
pe = Kiylyz 4 )

When the stress o, is removed, the lateral stress may not revert to the original value
(£ yz). At shallow depth the residual lateral pressure could be high encugh, relative

to the wertical stress 2, to cause passive falure in the sod Therefore, assuming
there 15 no reduction i lateral stress on removal of the compaction plant, the
mezimum (or critical) depth (z ) to which failure could occur is given by

Pe = Rpize

Thus

& 1374, 1978, 1983, 1987, 1952, 1997, 2004 R.F.Craig, Spon Press = EBE



Coulomb's theory of earth pressure 183

Therefore

o
e = 'R.I {—
kl

IR

The mazmum value of lateral pressure (p, ) occurs at the critical depth, therefore

(again neglecting 17,

20K,
e (6.25)

Py =

1200

e

The fill 1z normally placed and compacted in layers. Assurming that the pressure
- is reached, and remains, in each successive layver, a wertical line can be drawn

as a pressure envelope below the crtical depth. Thus the distnbution shown in
Figure ©.16 represents a conservatve basis for design. However, at a depth z_ the

active pressure will exceed the value p . The depth z_, being the liitng depth of

the vertical envelope, 15 obtaned from the equation

K‘.l.‘.':a = '|'|.' -
|

Thus

=1 — IL_ |': (626)

z

Figure 6 18 Compaction-induced pressure.
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0.4 APPLICATION OF EARTH PRESSURE
THEORY TO RETAINING WALLS

In the Eankine theoty the state of stress i a semi-infintte sod mass 15 considered,
the entire mass being subjected to lateral expansion or compression. Howewer, the
movement of a retatning wall of finite dimensions cannot dewelop the active or
passtve state i the sodl mass as a whole. The active state, for example, would be
developed only within a wedge of soil between the wall and a falure plane passing
through the lower end of the wall and at an angle of 45" + /2 to the horizontal, as
shown i Figure 6 17(a); the remamder of the soil mass would not reach a state of
plastic equihbrium. & specific (mintmum) value of lateral stram would be necessary
for the dewelopment of the active state within the abowve wedge. A uniform strain
within the wedge would be produced by a rotational movement (AB) of the wall,
away from the sod, about its lower end and a deformation of this type, of sufficient
magnitide, constitites the minrom deformation requirement for the development
of the active state. Any deformation configuration enwveloping AB, for example, a
unform translational movement 4B’ would also result i the development of the
active state. If the deformation of the wall were not to satizfy the minimum
deformation requirement, the soil adjacent to the wall would not reach a state of
plastic equihbrium and the lateral pressure would be between the active and at-rest
values. If the wall were to deform by rotation about itz upper end (due, for
example, to restraint by a prop), the conditions for the complete development of
the active state would not be satisfied because of madequate strain m the sodl near
the surface; consequently, the pressure near the top of the wall would approximate
to the at-rest value.

In the passive case the minmum deformation requirement 15 a rotatonal
movement of the wall, about its lower end, mto the sol. If this movement were of
sufficient magnitude, the passive state would be developed within a wedge of soil
between the wall and a falure plane at an angle of 457 + ¢/2 to the vertical as
shown th Fioure & 17000 In practice, however, only part of the potential passive
resistance would normally be mobiized. The relatively large deformation necessaty
tor the full development of passive resistance would be unacceptable, with the
result that the pressure under working conditions would be between the at-rest and
passtve values, as indicated i Figure & 10 (and consequently prowviding a factor of
safety agamnst passive falure).

b

Ry

—

S, -

(a) Active case {b) Passive case

Figure 6. 1 7 Winttmum deformation conditions.
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The zelection of an appropriate value of ¢ is of prime impottance i the passive
case. The difficulty 1z that strans vary sigmficantly throughout the soi mass and mn
patticular along the faillure surface. The effect of strain, which 15 governed by the
mode of wall deformation, 15 neglected both in the falure critenion and i analysis.
In the earth pressure theories, a constant value of ¢ iz assumed throughout the soil

above the falure suface whereas, in fact, the mobiized walue of ¢ waries. In the

case of dense sands the average value of ¢’ along the failure surface, as the passive
condition 15 approached, corresponds to a pomt beyond the peak on the stress—
strain curve (g2 Figure 4 8(a)), use of the peak walue of ¢ would result, therefore,
in an overestimation of passive resistance. It should be noted, however, that peak
valnes of @ obtained from trizsdal tests are normally less than the cotresponding
values in plane strain, the latter being relevant i most retaming wall problems. In
the case of loose sands, the wall deformation required to mobiize the ultimate value
of @ would be unacceptably large i practice. Guidance on design values of ¢ i
given in codes of practice [, 9].

The walues of lateral stramn required to mobidize active and passtve pressures m a
particular case depend on the value of &, representing the mihial state of stress,

and on the subsequent stress path, which depends on the construction technique
and, i patticular, on whether backfilling or excavation 15 wolved i construction.
In general, the required deformation in the backfilled case 1z greater than that in the
excavated case for a particular soi Tt should be noted that for backfilled wallz, the
lateral strain at a given potnt 15 mterpreted as that ocourning after backfill hasz been
placed and compacted to the level of that point.

6.5 DESIGN OF EARTH-RETAINING
STRUCTURES

There are two broad categories of retaming structures: (1) gravity, or freestanding
walls, i which stability 12 due mainly to the weight of the structure; (2) embedded
walls, i which stability 15 due to the passive resistance of the scd ower the
embedded depth and, m most cases, external support. According to the principles
of imit state design, an earth-retaming structure must not (a) collapse or suffer
major damage, (b) be subject to unacceptable deformations m relation to its
location and function and (o) suffer minor damage which would necessitate
excessive maintenance, render it unsightly of reduce its anticipated fe. Tlhmate
lirrut states are those mvolwng the collapse or mstabiity of the structure as a whele
ot the falure of one of itz components. Serviceabdity limit states are those involiing
excessive deformation, leading to damage or loss of function. Both ultimate and
serviceability limit states must always be considered. The philesophy of lirmt states
iz the basiz of Eurocode 7 [2], a standard specifiing all the sitnations which must be
constdered m design.

The design of retaming structures has tradibonally been based on the
spectfication of a factor of safety in tertns of moments, 1 e the ratio of the resisting
{or restonng) moment to the disturbing (or overturng) moment. This 15 known as a
lumped factor of safety and 1z given a walue high enough to allow for all the
uncertanties in the analytical method and i the values of sod parameters. It must be
recogmized that relatively large deformations are required for the mobiization of
available passive resistance and that a structure could be deemed to have failed due
to excessive deformation before reaching a condition of collapse. The approach,
therefore, 13 to
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base design on ultimate mit states with the mcorporation of an appropnate factor
of safety to satisfiy the requirements of serviceabality limit states. In general, the
lgher the factor of safety, the lower will be the deformation required to mobilize
the proportion of passive resistance necessary for stability.

The Hmit state approach is based on the application of partial factors to actions
and sol properties. Partial factors are denoted by the symbol 3 unfortunately the
same symbol as 15 used for unit weight Partial load factors are denoted by yp,

material factors by y, and resistance factors by yp. In general, actions mclude

loading, soil weight, fs-sifn stresses, pore water pressure, seepage pressure and
oround mowements. Actions are fuwther classified as being eitther permanent or
vatiable and as having etther favourable or unfavourable effects m relation to it
states. Soil properties relevant to the design of retaning structures are < tan ¢
and ¢ . as appropriate. Conservative wvalues of the shear strength parameters,

deduced from reliable ground mwestigation and sod test results, are referred to as
the characteristic values: they may be either upper or lower values, whichever is
the more unfavourable. Characteristic walues of shear strength parameters are
diwided by an appropriate partial factor to give the desigs value. The design walues
of actions, on the other hand, are obtamed by multiplang charactenstic values by
an approprate factor. The subscripts k and d can be used to denote characteristic
and design walues, respectively. If the resisting moment in a particular design
problem 15 greater than or equal to the disturbing moment, using design values of
actions and sol properties, then the lirt state in question will be satisfed. Thesze
principles form the basis of Burocode 7 (ECT): Geatechuical Design (2], currently
in the form of a prestandard prior to the publication of a final version.

Three design cases (&, B and C) are specified i ECT and are described in
detail i Section 8.1 The geotechnical design of retaining structures iz notmally
governed by Case C which 1z pnmanly concerned with uncertamnties i sod
properties. Partial factors currently recommended for this case are 1.25, 1.60 and

1.40 for tan %+ ¢' and ¢, respectively. The factor for both favourable and

unfavourable permanent actions 15 1.00 and for vanable unfavourable actions 1.30.
Wariable favourable actions are not considered, 1e. the partial factor 12 zero. Case
& i3 relevant to the overturning, and Case B to the structural design, of a retaning
structure.

In the limit state approach, the design wvalues of active thrust and passive
resistance are calculated from the design values of the relevant shear strength
parameters. In Case C, the active thrust and passive resistance due to the self-
weight of the soil are permanent unfavourable and favourable actions, respectively,
tor both of which the partial factor 13 1.00. The active thrust due to surface
surcharge loading 15 normally a wanable unfawvourable action and should he
multiplied by a partial factor of 1.30.

In the current TE code of practice for eatth-retaiming structures, BS B002:1954
[5] (which will be superseded by ECT), it 15 sunply stated that design loads
(inchiding unit weight), dertved by factoring or otherwnse, are intended to be the
most pesstmistic of unfavourable values. The factors applied to shear strength are
referred to m BS B00Z as mobilization factors, rmunsmum values of 1.20 and 1.50
(with respect to masatm strength) being specified for dramed and undrained
conditions, respectively, the same factor being applied to both components of shear
strength i the dramed case. These values are intended to ensure that both ulbmate
and serviceability lirmit states are
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satished, m particular, except for loose soils, thew use should ensure that wall
displacement 15 unlikely to exceed 0.5% of wall height.

In deterrrining characteristic values of shear strength parameters consideration
should be grven to the possibility of vanations m sod condiions and to the quality of
construction likely to be achieved. According to B3 B00Z, the shear strength uzed
in design should be the lesser of

1 the walue mobilized at a strain which satisfies serviceability limit states,
represented by the masmum (pealk) strength divided by an appropriate
mobiization factor;

2 the walue which would be mobilized at collapse after large strain has taken place,
represented by the cntical-state strength.

The use of the walue specified above 12 intended to ensure that conservative values
of active pressure and passive resistance are used in design. Thus, under working
conditions {at a deformation governed by the serwmceability hrit state), the active
pressure 18 greater than, and the passive resistance less than, the respective values
at meassmum shear strength. If collapse were to occur (an ultimate limit state), the
shear strength would approach the critical-state walue: consequently, the active
pressure would agatn be greater than, and the passive resistance less than, the
corresponding values at measamum shear strength. However, Puller and Lee [20]
hawve cquestioned the application of a constant mobiization factor becausze lateral
wall movement 13 not constant with depth, especially in the case of flexible walls.
Also, 1 the case of layered soils, peak strength 15 attained at different strains in
different soil types.

The design value of the angle of wall friction (8) depends on the type of sod and
the wall material In BS 8002 it 15 recommended that the design walue of 4 should

be the lesser of the charactenstic value determned by test and tan” | {0.75 tan ’-"J},

where @ is the design value of angle of shearing resistance. Stntlarly, i total stress
analysis, the design value of wall adhesion (g ) should be the lesser of the

characteristic test walue and U.T"ﬂcu, where £, 1z the design value of undramed
shear strength. However, for steel sheet pling i clay, the value of ¢ may be cloze
to zero wnmediately after driving but should merease with time.

0.6 GRAVITY WALLS

The stakiity of gravity {or freestanding) walls 15 due to the self>weight of the wall,
pethaps aided by passive resistance developed in front of the toe. The traditional
gravity wall (Figure 6.15(a)), constructed of masomry or mass concrete, is
uneconcmic because the material 13 used only for s dead weight Eenforced
concrete cantlever walls (Figure 6 15(b71) are more econotric because the backdfil
itzelf, acting on the base, 15 emploved to provide most of the required dead weight.
Other types of gravity structure include gabion and crb walls (Fioures 6 15(c) and
(1), Gabions ate cages of steel mesh, rectangular in plan and elevation, filled with
particles generally of cobble size, the unitzs bemng used as the bulding blocks of a
oravity structure. Cribs are open stuctures assembled from precast concrete or
timber members and enclosing coarse-gramed fill, the structure and fll acting as a
composite unit to form a gravity wall

& 1374, 1978, 1983, 1987, 1952, 1997, 2004 R.F.Craig, Spon Press = EBE



Lateral earth pressure 182

T MR
1
Gravity Cantilever |. Y
wall wall | F’j{”’ Lt .!
! Base of B
B ; p wall ""f "|"‘“§—"|
€ '
] wl 1 : Base o
We pressure
" l W' distribution i
Toe Heel -
' 1 bt Key 1
-—
o o] o —>
(a) b (e}

(d)

Figure 6 18 Betamng structures.

Litnit states which must be considered i wall design are as follows:

1 Owrerturning of the wall due to instabiity of the retamned sod mass.

2 Base pressure must not exceed the ulttmate beanmg capacity of the supporting
sofl (Section .20, the masamum base pressure occurring at the toe of the wall
because of the eccentricity and inclination of the resultant load.

3 Shding between the base of the wall and the underlyving sodl.

4 The development of a deep slip surface which enwvelops the structure as a whole
(analysed using the methods described i Chapter 9.

5 Soll and wall deformations which cause adverse effects on the wall tself or on
adjacent structures and services.

f Adverse seepage effects, mternal erosion or leakage through the wall
constderation should be given to the consequences of the fadure of dramage
systems to operate as intended.

7 structural falure of any element of the wall of cotnbined sodfstructure fadure.

The first step i design 15 to determine all the forces on the wall, fom which the
horizontal and wertical components, & and F, respectively, of the resultant force (&)
acting of the base of the wall are obtained. Sod and water lewels should represent
the most unfavourable conditions concervable m practice. Allowance must be made

for the
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possibility of future (planned or unplanned) excavation in front of the wall, a
it depth of 0.0m bemg recommended: accordingly, passive resistance in
front of the wall iz normally neglected. For design purposes it 18 recotmmended that

a mingrum surcharge pressure of 10kI/m? should be assumed to act on the soil
sutface behind the wall In the case of cantilever walls (Figure & 18(b), the wertical
plane through the heel 1z taken to be the wirtual wall surface. o shear stresses act
on this surface, 1e. 8 =0, therefore the Rankine walue of X , 15 appropriate.

surcharge pressure i front of the virtual back of a cantlever wall 15 a vanable
fawourable action and should be neglected The position of the base resultant
(Fioure 6 18(e)) 15 deterrrined by dividing the algebraic sum of the moments of all
forces about any pomt on the base by the vertical component 7 To ensure that
base pressure remains compressive over the entire base wadth, the resultant must
act within the middle third of the base, 1e. the eccentricity (&) must not exceed %B,
where £ 1z the width of the base. If pressure 13 compressive over the entire width of
the base, there will be no possihility of the wall overturning Howewer, the stability
of the wall can be vertied by ensuring that the total resisting moment about the toe
exceeds the total overturming moment. If a lnear distribution of pressure () i3
assumed under the base, the madrm and mintin base pressures can be
calculated from the followang expression {analogous to that for combined bending
and direct stress):

¥ e
f’ﬁﬁ('ii) 6.27)

The shiding resistance between the base and the soi 13 given by

&= Filanéd
(6 28)

where 4 15 the angle of fiiction between the base and the undetlying scd. Ignoring
passive resistance in front of the wall, the shiding hmt state will be satisfied o

S=H

If necessary, the resistance against sliding can be increased by incorporating a
shear key i the base. In the tradiional method of design, the ratio 557 represents
the lumped factor of safety aganst shding, the serviceabiity limt state being
satiztied by an adequate value of this factor.

Example 6.4

Details of a cantilewver retaining wall are shown in Fioure 6,19, the water table being
below the base of the wall The unt weight of the backdll iz 176/’ and a
surcharge pressure of 10kI/m® acts on the surface. Characteristic values of the
shear strength parameters for the backfill are ¢ =0 and ¢ = 36" The angle of
fhction between the base and the foundation sod1s 277 (1e. 075 J}. Iz the design
of the wall satisfactory according to (a) the traditional appreach and (b)) the Lot
state (EC7) approach?

The posthon of the base reaction 15 deterrmned by calculating the moments of all
forces about the toe of the wall, the umt weight of concrete being taken as
23.5kMfm°. The active thrust is calculated on the vertical plane through the heel of
the wall, thus & =0 and the Eankine value of K is appropriate.
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Figure & 19 Example 6.4
Tahie 8.3
(perm)  Force (kM) Arem (1) Motnent (kM)
(13 0.26 % 10 x 5.40 ~ 140 2.70 37.9
(2] I 3 1.80 1159
Ixﬂ.lﬁxl?xi‘rDH: % My — 1538
(Stetmn) 5.00 = 0.30 = 23.5 = 35.3 1.10 3B
(Base) 0.40 x 3.00 x 235 = 282 1.50 42.3
{Soil) 5.00 < 1.75 x 17 = 1488 7125 3162
V= 2123 My = 3973
153.8
M =235
(a} For :’.'}J 1{"3" a_nd ti- = ﬂ. K;_., = U.EEI
The calculations are set out in Table 6.3,
Lever arm of base resultant 15 grven by
M 2435
""'E'/"'"=2i21 = 1.13m
1e. the resultant acts within the middle third of the base.
The factor of safety against overturning 15 397.3/133.8 = 2.58
Eccentricity of base reaction, ¢ = 150 — 1.I5 = 0.35m
The masatmum and rmmom base pressures are given by Equation 6 27 1 e
2123 ! L 6x0.35
P=530 U5 50
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Thus, Pmax = 120KN/M? (3t the toe of the wall) and Pmin = 21 kKN/m? (at the
heel).
The factor of safety against shiding 15 given by

_ Flané

- H

2123 tan 27°
78.4

= 1.38

The design of the wall 15 satisfactory.
(b) The design walue of ¢ = tan'(tan36°/1.25) = 30°, for which Ka =033,
Zase O 18 relevant, therefore a partial factor of 1.30 18 applied to force (1), the

surcharge pressure being a vartable unfavourable action The partial factor for all
other forces 12 1.00. Then

J_ -
H = (033 = 10 = 5.40 = 1.30) + (3 033 % 17 = S.-ﬂﬁi")

=232+ 818 =1050kN
My = (2322 2.70) + (E1.E x 1.BO) = 2099kNm
"= 212.3kN (as beflore)
My = 397.3kNm (as belore)
EM = 187T4kNm

Lever arm of base resultant = 187.4/212.3 = 0.88m

Eccentricity of base reaction, ¢ = 1.50 — 0.88 = 0.62m
Then from Equation 6.27, Pmax = 159 kN/m?* and pyiy = —17kN/m*
The resultant acts outside the middle third of the base, giving a negative value of
[
The design value of 8 is (075 % 307) = 22.57
The sliding limit state 15 not satisfied, the resisting force ¥ tan 4 (28 0LE) being
less than the disturbing force A (105, 0k,
The width of the baze would have to be icreased because of the negative base
pressure at the heel of the wall and the shiding resistance limit state not being
satistied. The overturning lumit state 1z satsfied, the resisting moment M bemg

greater than the disturbing moment M, It should be noted that passive resistance

i front of the wall has been neglected to allow for unplanned excavation. It 1s kely
that the design would be szatisfactory if passive resistance could be relied on
throughout the life of the wall

Zase B 1z likely to govern the structural design of the wall, with partial factors of
1.90 and 1.33 being applied to forces (1) and (2), respectively, and shear strength
being unfactored.

Example 6.5

Details of a gravity-retaiung wall are shown m Figure £ 20, the untt weight of the
wall material being 23.5kMN/m”. The unit weight of the backfill is 13kI/m” and
design values of the shear strength parameters are ¢ =0 and @' = 33 The value
of 4 between

& 1374, 1978, 1983, 1987, 1952, 1997, 2004 R.F.Craig, Spon Press = EBE



Lateral earth pressure 192

Figure 6 20 Ezample 6.5,

wall and backfill and between wall and foundation sodl 12 26° The pressure on the

foundation soil should not exceed 250k /me. Is the design of the wall satisfactory”
Az the back of the wall and the zoi swface are both mchned, the value -::-fKEl wrill

be calculated from Equation 617 The values of the angles i this equation are
a=100°,3=20° ¢ =33 and § = 26" Thus,

.

K sin 67%/sin 100° )
' Vain 1257 + 4 /sin 387 sin 137/ sin 80°

= (45

Then, from Edquation & 16,

Py=— %048 x 18 % 6° = 155.5kN/m

o | =

acting at ¥ height and at 26° abowve the normal, or 36° above the honzontal

Moments are considered about the toe of the wall, the calculations being set out in
Table &.4.

Lever arm of base resultant 15 grven by

M 2871

R = (.97
v T 3125 0 00Em

The overturning hmit state i satisfied since the restoring moment (M) 1s greater
than the disturbing moment (34,

Eccentricity of base reaction, ¢ = 1.375 — 0.92 = 0.455m
The masamum and minitnum base pressures are given by Equation 6 27 16

3 .5( _ fib<(].455)
pP= ==

275
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Table 6.4
(per ) Faree (LN Arm () Meoment (kNm)

F_ oz 36° = 1358 2.00 251.6

. H = 1258 My =251.6
Pa sin 36¢ =014 240 2194
wrall % % 1.05 % 6 x 23.5= 740 2.05 1517
070« 6x23.5= 987 1.35 133.2
i %050 525235~ 308  O-8d 25.6

[.00=075«235= 176 0.50 B8

V=325 My = 5387

2516

M = 287.1
Thus Pmax = 226kN/m? and pmin = TKN/M® The masimum base pressure is less

than the allowabkle bearng capacity of the foundation sod, therefore the bearing
resistance limit state is satisfied.

With respect to kase shiding, the restoring force,
Flan d = 312.5tan 26° = 1524 kN The disturbing force, & 15 125 8k, Therefore
the sliding limit state is satisfed.

The design of the wall 13 satisfactory, the relevant litmut states being satisfied i
terms of design walues of the shear strength parameters.

Example 6.6

Details of a retaming structure, with a vertical drain adjacent to the back surface,
are shown in Fioure & 21(a), the saturated umt weight of the backfill being
20/’ The design pararneters for the backfill are ¢ =0, ¢ = 38" gnd & = 15°,
Azsuming a fature plane at 55° to the horzontal, determne the total horizontal
thrust on the wall when the backfill becomes fully saturated due to contmucus
ratnfall, with steady seepage towards the drain Determine also the thrust on the
wall (a) if the vertical dramn were replaced by an inclned dramn below the falure
plane and (k) f there were no dramage svstem behind the wall

The flow net for seepage towards the wertical drain 18 shown in Figure & 21(a).
since the permeabdity of the drain must be considerably greater than that of the
backfill, the drain retnans unsaturated and the pore pressure at every point within
the dratn 1z zero (atmospheric). Thus, at every point on the boundary between the
dratn and the backfill, total head 15 equal to elevation head. The equipotentials,
therefore, must mtersect this boundary at points spaced at equal vertical mtervals
A the boundary tteelf iz netther a flow line nor an equipotential

The combination of total weight and boundaty water force 1z used. The values of
pore water pressure at the pomts of intersection of the equipotentials wath the
faillure plane are evaluated and plotted normal to the plane. The boundary water

torce (T7), acting normal to the plane, 15 equal to the area of the pressure diagram,
thus

U=55kN/m
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Figure 627 Example 6.6 (Reproduced from K Terzaghs {1943)

Thearstical Soil Mecharmics, Johr Wiey & Sons Inc,,
by permizsion. )

The water forces on the other two boundanes of the soil wedge are zero.

The total weight (W) of the sodl wedge 15 now calculated, 1e.

W = 252kN/m

The forces acting on the wedge are shown in Figure 6 21(b). Since the directions
of the four forces are known, together wath the walues of W and ©F the force
polygon can be drawn, from which

P, = 108kN/m
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The horizontal thrust on the wall 15 given by
FPicosd = 105kN/m

Other fatlure surfaces would hawe to be choszen m order that the masmum walue of
total active thrust can be determuned.

For the inclined drain shown i Figure §.21(c), the flow lines and equipotentials
abowe the dram are vertical and honzontal, respectively. Thus at every pomt on the
failure plane the pore water pressure i3 zero. This form of drain 15 preferable to the
vertical drain. In this case

| -
-P\u =3 K.-.’.':m H*

For ¢ =38° and &=15, Ky (=K,c088) =021 (fom Figure £.15) The
hortzontal thrist 1s

1 ¥ ¥
Pycosd =5 x0.2] x 20 % 67 = T6kN/m

For the case of no dranage system behind the wall, the pore water 15 static, and
therefore the horzontal thrust

1 R
= ih“ H cosd +

1 4 | 4
= (; w0021 = 1002 % ﬁ') - (; U8 ® ﬁ')

=394 176 = 215kN/m

|

5““1”.'

6.7 EMBEDDED WALLS

Cantil ever walls

Walls of thiz type are mamnly of steel sheet piing and are used only when the
retatned height of scdl 15 relatively low. In sands and gravels these walls may be
used as permanent structures but i general they are used only for temporary
suppott. The stabidity of the wall 15 due entirely to passive resistance mobilized mn
front of the wall The principal hmit state 13 mstabiity of the retamed sod mass
causing rotation or translation of the wall Litnit states (4) to (7)) hsted for grawnty
walls (Section &.6) should also be considered. The mode of falure 15 by rotation
about a point O near the lower end of the wall as shown m Figure 6 22(a)
Consecquently, passive resistance acts in front of the wall abowe O and beluind the
wall below O, as shown i Figure 6 22(b), thus prowiding a fimng moment.
However this pressure distnbution 15 an idealization as there 15 unlkely to be a
complete change in passive resistance from the front to the back of the wall at point
0. To allow for over-excavation it i3 recommended that the
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Figure 6 22 Cantilever sheet pile wall

soll level in front of the wall should be reduced by 10% of the retained height,

subject to a maxmum of 0.9m. A minimum surcharge pressure of 10k/m? should
be assumed to act on the 201l surface behind the wall

Design 15 generally based on the simplification shown m Figure 6.22(c), it bemng
assumed that the net passive resistance below point O 18 represented by a
concentrated force £ acting at a point ©, shightly below O, at depth & below the
lower soil surface. The traditional method of analysis mvolves deternmuning the depth
& by equating moments about C, a factor of safety F being applied to the restoring
toment, 1.e. the avalable passive resistance in front of the wall iz diwded by 7. The
value of & 1z then mcreased arbatranly by 20% to allow for the sunplification
inwolved in the method, 1e. the required depth of embedment 1z 1. 24 Howewer, it
12 adwizable to evaluate & by equating horizontal forces and to check that net
passive resistance avalable owver the additonal 20% embedded depth iz equal to or
greater than X The translation kmit state 13 satisfied if the horizontal resisting force is
oreater than or ecual to the disturbing force. Cantilever walls can also be analyzed
by applang partial factors.

Anchored or propped walls

Generally, structures of this type are either of steel sheet piing or reinforced
concrete diaphragm walls, the construction of which 15 described mn Section 6.9,
Addional support to embedded walls 15 prowded by a row of tie-backs or props
near the top of the wall, as flustrated in Figure 6 23(a). Tie-backs are normally
high-tensile steel cables or rods, anchored i the sodl some distance belund the wall
Walls of this type are used extensvely i the support of deep excavations and in
waterfront construction. In the case of sheet pile walls there are two basic modes
of construction. Excavated walls are constructed by diwing a row of sheet piling,
tollowed by excavation or dredging to the required depth m front of the wall
Backfilled walls are constructed by partial drwving, followed by backfilling to the
requited height behind the piing. In the case of diaphragm walls, excavation takes
place i front of the wall after it has been cast iz sifn. Stabiity 12 due to the passive
resistance developed i front of the wall together wath the supporting forces in the
ties of props.
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Figure 6.23 Anchored sheet pile wall: free earth support method.

Free earth support analysis

It 15 assumed that the depth of embedment below excavation level 18 insufficient to
produce fimty at the lower end of the wall Thus the wall 15 free to rotate at its
lower end, the bending moment diagram bemng of the form shown m Figure 6.23(b).
The limit states to be considered are instabdity of the retained scd mass causing
rotation of translation of the wall, the vertical equilibrium of the wall and states (4
to (7) bsted m Zection &6, To satisfy the rotation limt state, the restonng moment
about the anchor of prop rust be greater than or equal to the overturning motnent.
The honizontal forces on the wall are then equated to zero, wielding the mingrmon
value of anchor or prop force required to satisfy the translation limut state, Finally, o
appropriate, the vertical forces on the wall are calculated, it being a requirement
that the dowtward force (e.g the component of the force i an inclined tie back)
should not exceed the {upward) fictional resistance avalable between the wall and
the scil on the passive side minus the {downward) fictional force on the active side.

Four methods of mtroducing safety factors into the calculations have evolved, as
described below. These methods also apply to the analysis of embedded cantilever
walls.

1 The depth of embedment at which the wall 15 on the point of collapse iz
calculated by equating moments to zero, using the fully mobiized values of active
and passive pressures. This depth iz then multiplied by a factor (F ,), known as

the embedment factor. This method i3 not recommended because of the
empirical way i which the factor & is mtroduced but f it were to be used the

design should alse be checked by one of the other methods,
& The factor of safety (F pj 1z expressed as the ratio of the restoring motment to the

overturning momment, 1e. the former must exceed the latter by a specified margin.
Fully mobilized values of active and passive pressures are used m calculating the
moments. Gross soll pressures are used in the calculations, e the active and
passtve pressures are not combined i any way. Being the source of the
restonng moment, gross passive resistance only 15 factored.

3 The factor of safety 15 defined in terms of shear strength. The shear strength
parameters are divided by a factor (#) before the active and passive pressures

are
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calculated, the depth of embedment then beng deternuned by equating the
overturning  and restoring motments. The factor 1z thus appled to the
parameters of greatest uncertainty. The water pressures in an effective stress
analysis, of course, should xof be factored This method sabsfies the
requirements of ECV, #_ being the equivalent of the partial matenal factor y,,

and of BS 8002, FS becoming the mobilization factor AF
4 The factor of safety (&) 15 applied to moments, as m method 2, but 15 defined as

the ratic of the moment of net passive resistance to the moment of net active
thrust. The concept of net passive resistance 13 lustrated m Figure & 23(c), the
active thrust over the embedded depth being subtracted from the passtve
resistance. This method was proposed by Burland & af. [7] because of the lack
of consistency between values of the factors F_ and 7 p OVEr the practical ranges

of wall geometry and shear strength parameters, particulatly in the case of clays.
Burland 2f al. proposed that the factor of safety should be based on net passive
resistance on the basis of an analogy with the ulhmate beanng capacity of a
foundation.

mudance on the selection of sutable factors of safety for uze in the abowe methods
15 gwven by Padfield and Marr [15]. Values of 'y, and M are given n ECY and B>

8002, respectively. Either gross or net water pressures can be used m design
{becanse, unlike earth pressures, no coefficient is mvolved), the latter being more
converdent. To allow for over-excawvation or dredging, the sodl lewvel i front of the
wall should be reduced by 10% of the depth below the lowest tie or prop, subject

to a tasmum of 0.5m. Again, a minitum surcharge pressure of 10k /m? should
be assumed to act on the soil surface behind the wall

It should be realized that full passive resistance 13 only developed under
conditions of miting equilibrium, 1.8, when the safety or mobiization factor 15 unity.
Tnder worlung conditions, with a factor greater than umty, analyhical and
experimental work has indicated that the distnbution of lateral pressure 1z likely to
be of the form shown in Fioure & 24 with passive resistance being fully mobilized
close to the lower surface. The extra depth of embedment required to provide
aderuate safety (whether measured by lumped or partial factors) results m a partial
fzng moment at the lower end of the wall and, consequently, a lower masirmum
bending motment than the walue under limiting equilibrium or collapse condiions. In
wiew of the uncertanty regarding the pressure distributions under working
conditions it 18 recommended that bending moments and tie or prop force under
litniting ecquilibrium conditions (e £ =13

e
Bending
momeant

Active )

Figure 8 24 Anchored sheet ple wall pressure distribution under
working conditions.
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should be used in the stuctural desion of the wall The tie or prop force thus
calculated should be mcreased by 25% to allow for possible redistribution of
pressure due to arching (see below). Bending moments should be calculated on the
satne basis i the case of cantilever walls. In lirit state design, Case B applies to
the deterrmunation of massmum bending moment.

Effect of flexibility and A,

The behawvicur of an anchored wall 15 also influenced by its degree of flexbility or
shiffiess. In the case of fexible sheet pile walls, expertmental and analytical results
indicate that redistnbutions of lateral pressure take place. The pressures on the
tost yielding parts of the wall (between the tie and excavation level) are reduced
and those on the relatively unvielding parts (in the wicmity of the tie and below
excavation level) are imcreased with respect to the theoretical walues, as lustrated
in Figure 625 These redistributions of lateral pressure are the result of the
phenomenon known as arching. Mo such redistnbubions tale place mn the case of
stiff wralls, such as concrete diaphragm walls.

Arching was defined by Terzaght [25] in the following way. “If one patt of the
suppott of a sodl mass welds while the remainder stays m place, the soil adjoing
the welding part mowves out of its onginal position between adjacent stationary soil
masses. The relative mowvement within the sod i3 opposed by sheaning resistance
within the zone of contact between the yielding and stationatry masses. Since the
shearing resistance tends to keep the wielding mass in its original position, the
pressure on the wielding part of the support 15 reduced and the pressure on the
stationaty patts 15 mcoreased. This transfer of pressure from a welding part to
adjacent non-welding parts of a sod mass 15 called the arching effect. Arching also
occurs when one part of a support vields more than the adjacent parts.”

The condtions for arching are present in anchored sheet pile walls when they
deflect. If wield of the anchor takes place, arcling effects are reduced to an extent
depending on the amount of welding. On the passive side of the wall, the pressure
iz increased qust below excavation level as a result of larger deflections info the sodl
In the case of backfilled walls, arching 1z only partly effective until the fill 15 above
tie lewel

"| Tie rod
Sheet pile]
wall

Earth pressura distributions
---- Freg earth support method
—— Exparimental

| 1t

Figure 6 25 Arching effects.
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Arching effects are much greater m sands than m silts or clays and are greater in
dense sands than in loose sands.

Eedistributions of earth pressure result i lower bending moments than those
obtamed from the free earth support method of analysis; the greater the flesdbality of
the wall, the greater the moment reduction. Eowe [21, 22] proposed the use of
moment reduction coefficients, to be appled to the results of free earth support
analyses, based on the flesabality of the wall “Wall flesability 15 represented by the

parameter © = H*/El (units m?/M per m), where & is the overall height of the wall
and EI the flesmral rigidity. The tie force 18 also mfluenced by earth pressure
redistnbution and factors are also given for the adjustment of the free earth support
value of this force. Details of Bowe’s procedure are given by Barden [2].

Eowe’s moment reduction factors should only be used o a factored passive
resistance (F > 1) has been used for the calculation of bending moments. If bending
moments hawve been caleulated for the bmiting equilibrium condiion (F = 1,
Eowes factors should not be used.

Pottzs and Fourte [15, 19] analysed a propped cantilever wall in clay by means
of the finite element method, icorporating an elastic—perfectly plastic stress—strain
relationship. The results indicated that the required depth of embedment was i
agreement with the value obtained by the free earth support method However, the
results alse showed that i general the behawiour of the wall depended on the wall
siffness (confirming Fowe’s earler findings), the mitial value of & (the coefficient

of earth pressure at-rest) for the sod and the method of construction (1 e. backfiling
of eXcavaton).

In particular, meamnomn bending moment and prop force imcreased as wall
stiffhiess mereased. For backfilled walls and for excavated walls in soils hawing a
low & value (of the order of 0.5), both mammum bending moment and prop force

were lower than those obtained using the firee earth support method. Howewver, for
stiff walls, such as diaphragm walls, formed by excavation i soils having a hugh &)

value (i the range 1-2), such as overconsolidated clays, both masmmum bending
moment and prop force were significantly higher than those obtaned using the free
eatth suppott method For the particular (excavated) wall and matenial properties
constdered by Potts and Fourte, the patterns of vanation shown m Fioure £.26
were obtained for a factor of

Figure 626 Analysis of propped cantilever wall in clay by the finite
element method (Reproduced from D M .Fotts and
A B Foune (1985) CGeotechmigus, 35, Moo 3, hy
permission of Thomas Telford Lid)
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safety (%) of 2.0. In this figure, M and T, denote the mazmum bending moment
and prop force, respectively, obtamned from the finite element analysis, and M, and
T, denote the corresponding values obtained from a limiting equilibrium (free earth
suppott) analysis.

Pore water pressure distribution

sheet pile and diaphragm walls are normally analysed in tenms of effective stress.
Care 15 therefore required i deciding on the appropriate distribution of pore water
pressure. Several different situations are dlustrated i Figure 6,27,

[~ L

ity i
(s}

Figure 6 27 Various pore water pressure distnbutions.
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If the water table levels are the same on both sides of the wall, the pore water
pressure distributions will be hydrostatic and will balance (Figure & 27(a)); they can
thus be elimnated from the calculations.

It the water takle levels are different and if steady seepage condifions hawe
developed and are mantaned, the distributions on the two sides of the wall will be
unbalanced The pressure distributions on each side of the wall may be combined
because no pressure coefficient 1z involved. The net distibution on the back of the
wall could be determined from the flow net, as dlustrated m Example 2.1
However, in most sitiations an approzximate distribution, ABC in Figure & 27 (),
can be obtamed by assunung that the total head i1z dissipated uniformly along the
back and front wall surfaces between the two water table levels. The masimum net
pressure occurs opposite the lower water table level and, referring to Fioure 6 27

(b, 12 given by

2ha
e = b+a
In general, the approzmate method will underestmate net water pressure,
espectally f the bottom of the wall i3 relatively close to the lower boundary of the
flow region (Le. fthere are large differences i the sizes of curvilinear squares in the
flow net). The apprommation should not be used m the case of a narrow excavation
between two lines of sheet piling where curvilinear squares are relatively small (and
seepage pressure relatively high) approaching the base of the excawvation.

In Figure 6.27(c), a depth of water 15 shown in front of the wall, the water level
being below that of the water table behind the wall In this case the approximate
distribution DEFG should be used m appropriate cases, the net pressure at G being
given by

(2D =+ c)a
S retra ™
& wall constructed manly i a soi of relatively high permeability but penetrating a
layer of clay of low permeabdlity 12 shown in Fioure 6 27000 T undrained conditions
apply within the clay the pore water pressure i the ovetlying zol would be
hydrostatic and the net pressure distnbution would be HIEL as shown

& wall constructed i a clay which contains thin lavers or partings of fine sand or
silt 15 shown in Figure 6.27(g). In this case it should be assumed that the sand or silt
allows water at hydrostatic pressure to reach the back surface of the wall This
implies pressure i excess of hydrostatic, and consequent upward seepage, i front
of the wall

For short-term sthiations for walls in clay (e.g dunng and immediately after
excavation), there emsts the possibility of tension cracks developing or Hssures
openng. If such cracks or fissures fill with water, hydrostatic pressure should be
assutned over the depth in question: the water in the cracks or Hssures would also
result i softening of the clay. Softerung would also occur near the sod surface i
front of the wall ag a result of stress relief on excavation. An effective stress analysis
would ensure a safe design i the event of rapid softerung of the clay taking place or
it work were delayed during the temporary stage of construction, however, a
relatively low factor of safety could be used i such cases. Padfield and Ifair [15]
give details of a mized total and effective stress design method as an alternative for
shott-term situations

@ 1974, 1978, 1983, 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Embedded wall= 203

i clay, 1e. effective stress condions witlun the zones lable to soften and total
stress conditions below.

Seepage pressure

Tnder conditions of steady seepage, use of the apprommation that total head is
dissipated uniformly along the wall has the consequent advantage that the seepage
pressure 15 constant. For the condions shown n Figure 6 270, for example, the

seepage pressure at any depth iz

i

= 2h4ea ™

The effective unitt weight of the soi below the water table, therefore, would be

ncreased to 7 +J behind the wall, where seepage is downwards, and reduced to
¥ —J in front of the wall, where seepage is upwards. These values should be used
i the calculation of active and passive pressures, respectively, of groundwater
conditions are such that steady seepage is maintamed. Thus, active pressures are
mncreased and passtve pressures are decreased relative to the corresponding static

values,

Anchorages

Tie rods are normally anchored n beams, plates or concrete blocks (known as
dead-man anchors) some distance belind the wall (Fioure 6280 Tltinate Lt
states are pullout of the anchor and fracture of the tie. The serviceabdity hrrut state
iz that anchor wield should be minmal The tie rod force iz resisted by the passive
resistance developed in front of the anchor, reduced by the active pressure on the
back, both calculated etther (a) by applying a lumped factor of safety to gross or
net passive resistance of (b) by applang partial factors to the shear strength
parameters, to ensure that the serviceabdity limit state iz satisfied. The passive
resistance should be calculated assuming no surface surcharge and the active
pressure calculated assurming that at least a minmum surcharge pressure of

10k T/m? is imposed To avold the possibality

q

{ AN T b
= ATEES

Anch
/S Tie rod chor

] /S .
<125 3

(a) (b}

Figure 6 28 (a) Plate anchor and (h) Ground anchor.
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of progressive fature of a line of ties, it should be assumed that any single tie could
fail eitther by fracture or by becoming detached and that its load could be
redistibuted safely to the two adjacent ties. Accordingly, it is recommended that a
load factor of at least 2.0 should be applied to the tie rod force. Ifthe height () of
the anchor s not less than half the depth () from the surface to the bottom of the

anchor, it can be assumed that passive resistance 15 developed over the depth &

The anchor must be located bevond the plane ¥2 (Figure 6. 28(a)) to ensure that
the passive wedge of the anchor does not encroach on the active wedge belund the
wall

The equation of equilibrium 15

1 .\
" LT L = T
3 (Kp — Ky)vd, ! — Kygdyd = Ts (6.29)

where

T=tie force per unit length of wall,
s=spacing of ties,
H=length of anchor per tie,

g=surface surcharge pressure.

Ties can also be anchored to the tops of inclined pales. Tensioned cables, attached
to the wall and anchored m a mass of cement grout or grouted soil (Figure 6 28
(b)), are another means of support. These are known as ground anchors and are
described i Section 8.8,

Example 6.7

The sides of an excavation 2.25m deep m sand are to be supported by a cantlever
sheet pile wall, the water table being 1.25m below the bottom of the excavation.
The umt weight of the sand above the water table 15 176/ and below the water
table the saturated umt weight 15 20kMN/m®. Characteristic parameters are
d=0,¢'=35and 6§ =0 Allowing for a surcharge pressure of 10kMN/m? on the
surface, (a) detenmine the required depth of embedment of the piling to ensure a
factor of safety of 2.0 with respect to gross passive resistance and (b) check that
the rotational and translational lrmt states would be satisfed for the abowe
embedment depth, using appropriate partial factors.

(2) For ¢ = 35" and & = 0, Ky = 027 and Kp = 3.7,

Below the water table the effective unit weight of the sed iz
(20 —9.8) = 10.2kN/m?

To allow for posstble over-excavation the sod level should be reduced by 10%
of the retamed height of 2.25m, 1e. by 0.225m. The depth of the excavation,
therefore, becomes 2 475m, say 2.50m, and the water table will be 1.00m below
thizs level

The design dimensions and the earth pressure diagrams are shown m Figure
6.29 The distributions of hydrostatic pressure on the two sides of the wall balance
and can be elirminated from the caleulations. The procedure i3 to equate motnents

about C, the
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Figure 6.29 Example 6.7,
Table 8 Sa)
(per m) Force (KN Arm () Adoment (KNm)
(1) 0.27 = 10 = {d + 3.5) = 2.70d + 9.45 %d+¥ 1.354% + 9.44d + 16.54
{2} %xﬂ.l?x |7 % 3.58% = 28.11 -d—-¥ 28004+ 3279
3 0.27 % 17 % 3.5 x d — 16.06d %.;r 80342
) % % 027 x 10.2 % d® — 1,384 %d 0.46d°
(5) L 2, 1 Ll . ~
1.\3_?:<I?:<I 3{2 |5.72 d.3 15.72d — 5.24
(6) 37 %17 % | xd>:—i=-—3|.45d lld _15.7242
) % % 3.7 % 102 % d° x;— 9,434 %d —3. 1447

pomt of application of the force representing the net passive resistance below the
point of rotation. The forces, lever arms and moments are set out in Table & 5(a),
forces (90, (6) and (7 being dinded by the spectfied factor of safety.

Equating the algebraic sum of the moments about C to zere produces the
following equation

2.68d% — 6.34d° + 21.83d + 44.09 = 0
Lt +237d — 8154 = 16.45
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By trial, the solution 1s
d =2.75m

The required depth of embedment = 1.2(2.75 4 1.00) +0.25 = 4.75m
The force A should be evaluated and compared with the net passive resistance
available over the additional 20% embedment depth. Thus for d = 2.75m:

R=—(T42+945+28.11 + 44.16 + 10.44 — 15.72 — 86.49 — 71.31)
= T4 kN

Passive pressure acts on the back of the wall between depths of 625 and 7. 00t
At a depth of 6 625m, the net passive pressure 13 given by

Po—Pa = (3.7 % 10 % 6.625) + (3.7 % 17 x 3.5) — (0.27 x 17 x 1.00)
+{(3.7 - 0.27) = 10.2 % 3.125}
= 245.1 +220.1 — 4.6 + 109.3
= 569.9kN/m’

The net passtve resistance avalable over the addiional embedded depth

569.9(7.00 — 6.25)
= 427 kN(=R therefore satisfactory),

(b According to the limit state approach (Case C) the design walue of T
tan~ " (tan 35°/1.25), { & 29° The corresponding values of K and Kp are .35 and
2.9, respectively. Force (1), the active thrust due to the surcharge, 15 multiphed by
a partial factor of 1.30. For d = 2.75m, the forces and moments are set out in

Table 6.5k

Tahkle 8 5(h)

{per m) Farce (LN Arm () Moment (Nm)
{1 0.35 % 10 % 625 = 1.30 = 284 3.125 88.9
(2) % ©035% 1735 = 364 02 142.9
(3) 0.35% 17 %3.5%275 = 57.3 1.575 787
(4) % ©035%102x275 = 135 022 124

1356 ns
(5) % £29 %17 % 1.0% 16 08 B9
(6 29 % 17 1.0x275 = 1356 1.375 186 4
) —;3{2.9}( 102 %278 = 1118 0.92 1029

2720 ELEN-
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The resisting moment (365 2kMNm) exceeds the disturbing moment (222, %1 m),
therefore the rotational Mt state i satisfied. The resistng force (272.0kDN
exceeds the disturbing force (135 6kDT), therefore the translational limit state is
satisfied.

Example 6.8

Details of an anchored sheet pile wall are grven i Fioure § .50, the desigs ground
and water levels being as shown The ties are spaced at 2.0 m centres. Above the
water table the umt weight of the soil i3 17k and below the water table the
saturated  umt  weight s 20kMNfm®.  Characteristic  soil parameters  are
¢ =0,¢0 =30"and 5 is taken to be ¥%¥. Determine the required depth of
embedment and the force m each tie {a) for a factor of safety of 2.0 with respect to
goross passive resistance and (b)) in accordance with the limit state recommendations
(Casze C). Design a contihuous anchot to suppott the ties using the values obtained
in (b).

(a) For @ =36° and § =%¢' the coefficients for the horizontal components of
lateral pressure are Kean =0.23 and Kpn = 7.2 (obtained from Figure 6.15). Below

the water table the effective unit weight of the sod 15 10,2610/, The lateral
pressure diagrams are shown m Figure & 30 The water lewels on the two sides of
the wall are equal, therefore the hydrostatic pressure distributions are m balance
and can be elitminated from the calculations. The procedure is to edquate the
disturbing and resisting moments about the anchor point & The forces and thewr
lewer arms are set out in Table &6, the factor of safety (F p) being applied to the

total passive resistance (force (30).
Equating moments about & wields the following equation:

— 11467 — 109,04 + 240.54 + 691.1 =0
odt 95140 — 20994 = 60.31

10kM/m?
AN
I =N TR
B4 T o
.__i_ ...... wr |12
I 2

4m
WF¥— (1)
(2)
/‘ a ()
(5) —L

Figure 6 30 Example 6.8,
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Table 6.8

(per m)  Force (kB Arem (1)
(1) 0.23 x 10 x (d+ 8.8) = 2.30d + 20.24 %54.9
(2] % €023 % 17 % 6.42 =80.1 2.77

(3) 0.23 % 17 % 6.4 x (d+ 2.4) — 25.0d + 60.1 %d—al
(4) % w 0,23 % 10.2 x (d + 2.4)° = |.17d* + 5.63d + 6.7 %d F6.5
) —%x%x 10.2 % — _18.36d° %d-—?.?l
Tie =T 1]

By tnial, the solution is
o = 3.16m

The required depth of embedment 1z 3. 16m.
The algebraic sutn of the forces in Table &6 must equate to zero. Thus, for
d =3.16m:

27548000 + 1391 + 362 — 1833 -T =0
ST =99.6kN/m

Hence the force in each tie = 2 % 99.6 = 200 kN

{b) The recommended partial factor for shear strength 15 1.25, therefore the
design walue of @ = lan P (1an36°/1.25) = 30° Hence (for 0 =% ¢y Ky = 0.29
and Koh =46. Force (1) in Table 6.6 iz multiplied by the partial factor 1.30,
surcharge being a vanable unfavourable action The partial factor for all other
forces, being permanent unfavourable actions, 13 1.00. The moment equation then
becomes

d* +9.51d% — 21.14d = 60.97

By trial, the required depth of embedment 72 15 3 18m.

For d = 3.18m. the force equation becomes

452+ 1010+ 1760 +46.1 — 2372 -7 =10
LT =131L1kN/m
Hence the force in each tie = 2 % 131.1 = 262kN|

For a continuous anchor, 5 ={ in Equation §.29. The design load to be resisted
by the anchor 13 131, TkI¥/m. Therefore the minmum value of @ 15 given by
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1, y
(4.6 — 0.29)17d; —0.29 x 10 x d, = 131.1
36.64d° — 2.90d, = 131.]

oy = 1.932m

Then the vertical dimension () of the ancher = 2(1.932 - 1.5) = 0.864m
Wertical equilibrium, neglecting the weight of the wall, can be checked as

followes. Downward Cotnp onent of active thrust
=(@52+101.0+176.0+ 46.1)tan 157 = 98.7kN/m  Tlpward component of
passive  resistance = 2372 anl15° =063.6kN/m  The imbalance in wvertical

equilibrivm could be improved if 4 were taken to be tan'(0.75tand¢"), on the
pasatve side of the wall, recalculating the passtve forces accordingly.

Example 6.9

A propped cantlever wall supporting the sides of an excavation in stff clay is
shown th Figure 6,31 The saturated unit weight of the clay (abowe and below the

water table) 1z 20kMfm® The active and passtve coefficients for honzontal
cotnponents of pressure are 0.30 and 4.2, respectively. Uaing the Burland-—T otts—
Walsh method and assuring condiions of steady seepage, determune the required
depth of embedment to give a factor of safety of 2.0 with respect to net passive
resistance. Determine the force in each prop and draw the shearing force and
bending moment diagrams for the wall

The distributions of earth pressure and net pore water pressure (assuming
uniform decrease of total head around the wall) are shown i Figure 6 31, the
diagram (/) represents the net availlable passive resistance. The procedure 13 to
equate moments about A to zero. Howewer, if the forces, lever arms and moments
were expressed in terms of the unknown embedment depth &, complex algebraic
expressions would result and it 15 preferable to assume a senes of trial values of &
and calculate the cotresponding values of factor of safety & (a computer program
could be written). The depth of embedment for £+ = 2.0 can then be obtained by
mterpolation.

Followimng this procedure, a trial value of d = 6.0m will be selected. Then the
mamin et water pressure, at level D s

12.0 ;2
Hpy =——x 4.5 %98 =321 kN/m*
16.5

2 mers. JI_.CI m

Figure 6 3] Example 6.9,
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and the average seepage pressure is

4.5

=165 " 9.8 = 2.7kN/m’

i
Thus, below the water table, active forces are calculated using
(v +j) =102 427 = 129kN/m*
and passtve forces are calculated using
(v = j)=102-27=75kN/m’

The calculations are set out m Table 6.7
Hence the factor of safety 1z

4475.7

- 1.83
2441.1

-'fl-r ==

The calculations are repeated for three other walues of &, the results bemg as
follows:

d (m) 3.9 5.1 6.0 6.9
F 0.37 1.40 1.83 2.33

r

Feferring to Figure £.32 it is apparent that for £+ = 2.0 the required depth of
emnbedment 15 6. 3m.

The prop load, sheaning forces and bending motments will be calculated for the
condition of limiting equilibrivm, ie. for Fr= 1.0 the corresponding valie of & iz
4 2m. For this value of &

Table 6.7

{per m) Farce (kN Arm (m)  Adomernt (kNm)
(1 % £ 0,30 % 20 x | 52 ~ 68 0 0
(2 0.30 : 20 % 1.5 % 45 40.5 275 1114
&) % < 0.30 % 129 % 452 3.1 3.3 136.8
(4) 0.30{(20 x 1.5) + (12.9 x 4.5)16.0 158.2 2.0 1266.0
) Elr <320 %45 722 3.3 252.8
(6 _;x 321 x 6.0 _ 93 7.0 674.1

2441.1
) - % (42 % 7.5) — (0.30 x 12.9)}6.0° = —497.3 5.0 —475 T
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B

A .
Hp = I:—t} 4.5 =98 =28TkN/m"

4.5
129
A 4 =102 + 3.4 = 13.6kN/m*

N —j=10.2—3.4 = 68kN/m*

% 9.8 = 3.4kN/m’

F=

The forces on the wall are calculated for @ = 4.2m, a5 shown in Table 6.8,

Multiplying the calculated walue by 1.25 to allow for arching, the prop force for

2tr spacing 18

1.25 = 2 % 1125 = 281 kN

The shearing forces and bending moments, caleulated for & = 4.2M, are given in
Table 6.9 and are plotted to scale i Fioure 6. 32 For the required embedment
depth of 6 3m it 15 recommended that bending moments given by the dotted line

should be used in design.

Table 6.8

{per m) Fares (KM
1 % < 0.30 x 20 x 1.5 =6.3
(2) 030 20 % 1.5 % 4.5 =40.5
&) ; 40,30 % 13.6 x 4.52 =413
() 0.30{(20 x 1.5) + (13.6  4.5)}4.2 =114.9
® L7 as =549
(8) % w287 = 4.2 =—60.3
328.4
o - %{{4.1 x 6.8) — (0.30 x 13.6)}4.22 =215.3
O Prop force (7T) =112 %

Table 6.9
Depth (m) Shearing force (kM) Bending moment (KNm)

0 0 0
1 —3+109.5 +1
2 +93.6 —103.3
4 +34.6 —248.5
fi 407 2785
a -a0.2 —126.8
10 —14.3 -1.5
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Figure 6 32 Example 6.9,

6.3 BRACED EXCAVATIONS

=heet piing or timbering 15 normally used to support the sides of deep, narrow
excavations, stabdity being mantaned by means of struts acting across the
excavation, as shown i Figure 6. 353(a). The piding 15 usually driven first, the struts
being installed in stages as excavation proceeds. When the first row of struts 1=
installed the depth of excavation iz small and no significant vielding of the sold mass
will have taken place. As the depth of excavation increases, significant yielding of
the scil occurs before strat installation but the first row of struts prevents wielding
near the surface. Deformation of the wall, therefore, will be of the fortm shown in
Figure € 33(a), being neghgible at the top and mcreasmg with depth. Thus the
deformation condition of the Eankine theotv 12 not satisfied and the theory cannot
be used for this type of wall Fature of the sodl will take place along a surface of the
fortn shown mn Figure 6 33(a), only the lower part of the soil wedge within this
sutface reaching a state of plastic equilibrium, the upper patt refmaning i a state of
elastic equilibrium.

Failure of a braced wall 1z normally due to the mitial falure of one of the struts,
resulting in the progressive falure of the whole systern. The forces in the mdrmdual
struts may differ wadely because they depend on such random factors as the force
with which

© 1974 1378, 1983 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= EE



Braced excawvations 213

PS'lm'ls _
o ’ i —]
h i
il : | y —
i [
! H il
i '+
i :- |
45"+§ ! \ | _!
1 - il M -
i =] 065K H =
(a) (b) {c)
. - ——
%ﬂ?}sn % ﬂ;E}EH
0.50H G'TEH
?' 0.25H = |
Y 1

A% okt
0.47H Ky = 1 — moe
yH
(d) (&)

Figure 6. 33 Braced excavations: Peck’s envelopes.

the struts are wedged home and the tme between excavation and mstallation of
struts. The usual design procedure for braced walls 13 semi-empincal, being bazed
on actual measurements of strut loads in excavations m sands and clays i a number
of locations. For example, Figure & 33(k) shows the apparent distnbutions of earth
pressure derived from load measurements in the struts at three sections of a braced
excavation m a densze sand Smee it 15 essential that no mdrndual strat should fal,
the pressure distribution assumed in design 1s taken as the envelope covering all the
randotn distnbutions obtained from field measuretnents. Such an envelope should
not be thought of as representing the actual distnbution of earth pressure with depth
but as a hypothetical pressure diagram from which the strut loads can be obtained
with some degree of confidence. The pressure envelope proposed by Terzaghi and
Peck for medmum to dense sands 15 shown m Figure 6.33(c), bemg a uniform
distribution of 0.6 tines the Eankine active value.

According to Peck [17, 26], the behawiour of a braced excavation i clay
depends on the wvalue of the stability mumber Y/, where ¢ is the average

undrammed shear strength of the clay adjacent to the excavation. It should be noted
that the value of the stabiity number increases as the depth of excavation mcreases
i a particular clay. If'the stabiity number 15 less than 4, most of the clay adjacent to
the excavation should be mn a state of elastic equilibrium and for this condition Peck
proposed that the enwelope shown i Fioure 6 23(d) should be used to estinate the
strut loads. The lower hmut of 0294 should be used only o mdicated by

obzervations in swnlar conditions;
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otherwise a lower lmit of 0395 15 appropriate. If the stabiity number 15 greater
than 4, plastic zones can be expected to develop near the bottom of the excavation
and the envelope shown in Figure & 33(e) should be used prowided the abscissae
are greater than thosze i Figure & 330d) If this 15 not the case, Figure & 33(d)
should be used regardless of the value of the stabiity number. In general, the value
of e mn Figure 6 33(e) should be taken az 1.0; howewer, i the case of soft,
nottnally consolidated clays a value of w2 as low as 0.4 may be appropriate.

In the case of excavations m clay for which the stabiity number 1z greater than 7
there 1z a possibiity that the base of the excavation will faill by heawing (see Section
2.2 and this should be analysed before the strut loads are considered. Due to base
heave and the wward deformation of the clay there will be horizontal and vertical
movement of the sei outside the excawvation Such movements may result in
datnage to adjacent structures and serwices and should be montored dunng
excavation, advance warnung of excessive movement or possible mstabidity can thus
be obtained. ITn general, the greater the flesbility of the wall system and the longer
the tine before struts of anchors are installed, the greater will be the movements
outside the excavation. It should be appreciated that all factors mfluencing wall
behaviour cannot be represented by a stability number.

It should be noted that st leads determined from the envelopes shown in
Figure 633 (which are based on measured walues) should be mulbphed by an
appropriate load factor to obtain the design load.

Mluch more data on strut loads m braced excavations 15 now avalable and,
based on 81 case studies m a range of sods i the TE, Twine and Eoscoe [27]
have updated Peck’s proposals, the rewised envelopes betng shown m Figure 6 35
In clays the envelopes take inte account the increase in sttt load which
accompaties disstpation of the negative excess pore water pressure induced dunng
excavation. The envelopes are based on charactenstic strut leads, the approphate
pattial factor then being appled to give the design load (e the lmit state
approach, Case B). The envelopes alzo allow for a nomminal surface surcharge of

10k fre?.

For soft and finm clays an envelope of the form shown m Figure & 34(a) 15
proposed for flesable walls (e, sheet pile walls and timber sheeting) and tentatrrely
for stiff walls (1e diaphragm and contiquous pide walls) The upper and lower
pressure values are represented by ap™ and &y, respectively, where 9 15 the total
unit weight of the sod

- apH |e
; ;

0zH

i"— byH —"i :"'— byH —"i
(a) ib)

Figure 6 34 Braced excavations: Twine and Roscoe envelopes.
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and A the depth of the excavation, including an allowance for over-excavation. The
pressure values for soft clay also depend on whether the base of the excavation is
stable, 1e. there 13 an adecuate safety margm agamst falure by base heave. Base
stability 12 enhanced of the wall extends below excavation level, reducing wward
yielding of the wall but resulting m higher strut loads. For soft clay wath a stable
base, @ = 0.65 and b= 0.50 For soft clay with enhanced base stabiity, ¢ = 1.15
and B = 0.65 For firm clay the values of @ and & are 0.3 and 0.2, respectively.

The envelopes for stiff and very stff clay and for coarse sols are rectangular
(Fiqure & 34(b)). For stff and very stiff clays the value of & for flexible wallzs 15 0.3
and for stff walls, & = 0.5 For coarse sodls, & = 0.2 but below the water table the
pressure 15 &p"H () being the buovant unit weight) with hydrostatic pressure acting
in addition.

6.9 DIAPHRAGM WALLS

& diaphragm wall 18 a relatively thin reinforced concrete membrane cast in a trench,
the sides of which are suppotrted prior to casting by the hydrostatic pressure of a
slurry of bentontte {a montmorillonte clay) m water. When mixed with water,
bentontte readily disperses to fortn a colleddal suspension which exhibits thizotropdc
properties, 1e. it gels when left undisturbed but becomes fwd when agtated. The
trench, the width of which 15 ecual to that of the wall, 12 excavated progressively in
suitable lengths from the ground surface, generally using a power-closing clamshell
grab: shallow concrete gude walls are nonmally constructed as an ad to
excavation. The trench is filled with the bentontte shirry as excavation proceeds:
excavation thus takes place through the slurry already i place. The excavation
process turns the gel mte a flwd but the gel becomes re-established when
disturbance ceases. The shirry tends to become contaminated with soi and cement
i the course of construction but can be cleaned and re-used.

The bentonite particles form a skin of very low permeabiity, known as the filter
calee, on the excavated soil faces. This ocours due to the fact that water filters from
the slurry mto the sod, leawing a layver of bentonite particles, a few millimetres thick:,
on the surface of the soll Consequently, the full hydrostatic pressure of the slurry
acts against the sides of the trench, enabling stabiity to be mamtained. The filter
cake will form only of the lwd pressure i the trench 15 greater than the pore water
pressure in the sol; a high water table level can thus be a considerable impediment
to diaphragm wall construction. In soils of low permeability, such as clays, there
will be virtually no fltration of water mto the sod and therefore no significant filker
cake formation will take place; howewer, total stress conditions apply and shurry
pressure will act aganst the clay. In sods of high permeabiity, such as sandy
gravels, there may be excesstve loss of bentonite into the soi, resulting i a layer of
bentonite-inpregnated sol and poor filter cake formation Howewer, if a small
gquantity of fine sand (around 1%) 15 added to the slurry the sealing mechamsm mn
sofls of high permeabiity can be mmproved, with a considerable reduction mn
bentonite loss. Trench stabiity depends on the presence of an efficient seal on the
sotl surface; the higher the permeabiity of the soil, the efficiency of the seal
becomes more wital

& slurry hawing a relatively high density 15 desirable from the points of wiew of
trench stability, reduction of loss mto soils of igh permeabiity and the retention of
contaminating particles in suspension. COn the other hand, a slurry of relatively low
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density will be displaced more cleanly from the sod surfaces and the remforcement,
and will be more easily pumped and decontaminated The specification for the
slurty raust reflect a comprotnise between these conflicting requirements. Slurry
spectfications are usually based on density, wiscosity, gel strength and pH.

On completion of excavation the reinforcement is posttioned and the length of
trench 15 filled wath wet concrete using a tremie pipe. The wet concrete (which has
a denstty of approzmately twice that of the slurry) displaces the slunry upwards
from the bottom of the trench, the tremie being raized in stages as the level of
concrete nses. Once the wall (constructed as a senes of mdradual panels keyed
together) has been completed and the concrete has achieved adequate strength, the
sofl on one side of the wall can be excavated. It 1z usual for ground anchots
{(Section 2.8) to be mstalled at appropriate levels, as excavation proceeds, to tie
the wall back inte the retaned soil The method 1z very convenient for the
construction of deep basements and underpasses, an mnportant advantage being
that the wall can be constructed close to adjoming structures, provided that the sod
iz moderately compact and ground deformations are tolerable. Diaphragm walls are
often preferred to sheet pide walls because of their relative rigidity and their ability
to be mcorporated as part of the structure. An alternative to a diaphragm wall 13 the
contiguens pie wall comprising a ne of bored pies, each being in contact with the
adjacent piles.

The decision whether to use a trangular or a trapezoidal distnbution of lateral
pressure in the design of a diaphragm wall depends on the anticipated wall
deformation. A triangular distnbution would probably be mdicated i the case of a
single row of tie-backs near the top of the wall In the case of multiple rows of tie-
backs ower the height of the wall, a trapezoidal distribution might be considered
appropriate.

Trench stability

It 1z assumed that the full hydrostatic pressure of the slurry acts against the sides of
the trench, the bentonite forming a thin, wirtually mmpermeable laver on the surface
of the sod Consider a wedge of sl abowe a plane inclined at angle & to the
honzontal, as shown i Figure 6 35 When the wedge 1z on the pomnt of shding into
the trench, 1.e. the scil within the wedge 15 in a condition of hrmiting equilibrium, the
angle o can be assumed to be 457 + /2. The unit weight of the shirry is ¥, and that

of the soil1s . The depth of the slurry 13 25 and the height of the water table abowe
the bottorn of the

Lo L — -

Figure & 35 Stability of slurry trench
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trench 15 mel, where A 18 the depth of the trench. The normal and tangential
components of the resultant force on the falure plane are M and 7, respectively.
Considering force equilibrium,

P4+Teosea—Nsina=0

(6. 307
W — Tsine— Ncosa =10
(631
Maow
1 2
P= 3 vl i)
and
r_ 1 n
¥ =51H cot o

In the case of a sand (¢’ = 0), an effective stress analysis 15 relevant. Hence
T=(N-U)tang

where U, the boundary water force on the falure plane, 15 given by

;o 2
U= 5 o lmH " cosec o

e
o = 457 4 %l’;‘f

In the case of a saturated clay (%o = U3, a total stress analysis is relevant. Hence

T = ¢, cosec

where @ = 45%,

Tzing Equations £.30 and 6 31, the minrnum slurry denstty can be determined
tor a factor of safety of unity against shear fature (a factor of unity being assumed in
the above expressions). Alternattvely, for a shurry of given density, mobiized shear
strength parameters tan™' (tan¢'/F) or ¢/F must be used in the equations and the
value of & obtained by teration The shunry density required for stabiity i3 very
sensitive to the level of the water table.

6.10 REINFORCED S0OIL

Eeinforced sod consists of a compacted sod mass within which tensile remnforcing
elements, typically i the form of honzontal steel strips, are embedded. (Patents for
the
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techmique were taken out by Hennn Vidal and the Eemforced Earth Company, the
term reinforced earth being thewr trademark ) Other forms of reinforcement
include strips, rods, grids and meshes of metallic or polymernic materials and sheets
of geotextiles. The mass 1z stabihized as a result of mteraction between the sod and
the elements, the lateral stresses within the sod being transterred to the elements
which are thereby placed i tension The sod used as £l matenal should be
predominantly coarse-gramed and must be adequately drained to prevent it from
becotning saturated. In coarse fills the interaction 15 due to fhctional forces which
depend on the characteristics of the sodl together with the type and surface texture
of the elements. In the cases of gnd and mesh remforcement, mteraction is
enhanced by inter-locking between the soil and the apertures in the material

In a remforced-sod retawung structure (also referred to as a compostte wall), a
facing 1z attached to the cutside ends of the elements to prevent the sod spiling out
at the edge of the tass and to satisfy aesthetic requirements: the facing does »of
act as a retaung wall The facing should be sufficiently flesable to withstand any
deformation of the fll. The types of facihg normally used are discrete precast
concrete  panels, full-height panels and phant T-shaped sections  aligned
honzontally. The basic features of a remforced-sol retarung wall are shown in
Fiowe & 326 3Such structures possess considerable inherent flesabality  and,
consequently, can withstand relatively large differential settlement. The reinforced
sofl principle can alse be emploved i embankments, notmally by means of
geotextiles, and in slope stabilization by the insertion of steel rods, a technique
known as sod nating There are many pomts of detad to be considered i
retforced soil construction and reference should be made to BS 8006:195%5 [4],
the TE code of practice for strengthenediremnforced sods and other fills.

Both external and mternal stabiity must be considered i design. The external
stability of a reinforced sod structure should be analysed in the same way as a
gravity wall (Section 663 The back of the wall should ke taken as the vertical
plane (FG) through the mner end of the lowest element, the total active thrust (7))

due to the backfill belund this plane then bemng calculated as for a gravity wall The
ultimate hrmit states for external stabiity are: (1) beanng resistance failure of the
undetlying sod, resulting i tilting of the structure, (2) sliding between the remnforced
fill and the underlying seal and () development of a deep shp surface which
envelops the stucture as a whole, Serviceabdity limit states are excessive values of
settlement and wall deformation. For design according to the recommmendations of
BS BO0&, partial factors are appled to representatve wvalues of dead loads
(inchiding the unit weight of the sal), inposed loads, the shear strength of the soil
and the tensile strength of the remnforcing matenal. An additonal factor 15 mtroduced
to take account of the economic wnplcations of falure. Appropriate values of the
factors are given in the code.

In considermng the mternal stabiity of the structure the prncipal bt states are
tensile falure of the elements and shpping between the elements and the sod
Tensile faiure of one of the elements could lead to the progressive collapse of the
whole structure (an ultmate bt state). Local slipping due to madequate frictional
resistance would result i a redistnbution of tensile stress and the gradual
deformation of the structure, niot necessanly leading to collapse (a serwiceability
lirrut state’).

Consider a reinforcing element at depth z below the surface of a soil tass. The
tensile force in the element due to the transter of lateral stress from the soil 15 given

by

'I'I.. Ko 5.5
(6.32)
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where & 15 the appropriate earth pressure coefficient at depth 2, o the vertical
stress, &, the horizontal spacing of the elements and &5 the vertical spacmg, If the
renforcement consists of a continuous layer, such as a gnd, then the value of Sx 15
unity and Tp is the tensile force per unit length of wall The vertical stress o 15 due

to the owerburden pressure at depth z plus the stresses due to any surcharge
loading and external bending moment (ncluding that due to the total active thrust on
the part of plane FG between the surface and depth z). The average vertical stress
can be expressed as

where 7 iz the vertical component of the resultant force at depth z e the
eccentricity of the force and [ the length of the reinforcing element at that depth.
mven the design tensile strength of the matenial, the required cross-sectional area
or thickness of the element can be obtaned from the value of TP' The addition of

sutface loading will cause an mcrease m vertical stress wluch can be calculated
from elastic theory.

There ate two procedures for the design of retaning structures. One approach is
the fie-back wedge meithod which 15 applicable to structures with reinforcement of
relatively high extensibility such as grids, meshes and geotextile sheets. The active
state 12 assutned to be reached throughout the sod mass becavuse of the relatively
large stramns possible at the mterface between the sod and the remforcement,
therefore the earth pressure coefficient m Equation 632 15 taken as X at all depths

and the falure suface at collapse will be a plane AB nclined at 45° + @/2 to the
horizontal, as shown in Figure & 36(a), dividing the remnforced mass mto an active
zone within which shear stresses on elements act outwards towards the face of the
structure and a resistant zone within which shear stresses act inwards. The frictional
resistance avalable on the top and bottom surfaces of an element 15 then given by

Ty = 2bl .. lanéd

(6.33)

where & ig the width of the element, £ the length of the element m the resistant

zone and 4 the angle of fction between sod and element Slipping between
elements and sod (referred to as bond falure) will not occur f T 15 greater than or

erqual to Tp' The walue of § can be determined by means of direct shear tests or

full-scale pullout tests.

The stability of the wedge ABC iz checked i addition to the external and
internal stakality of the stucture as a whole. The forces acting on the wedge, as
shown i Figure 6 36(a), are the weight of the wedge (1), the reaction on the
failure plane (&) acting at angle % to the normal (being the resultant of the normal
and shear forces) and the total tensie force resisted by all the remnforcing elements
(7). The value of T can thus be determuned. In effect the force 77 replaces the

reaction P of a retaung wall {(as, for example, m Figure & 13(a)). Anv external
torces must be included in the analysiz, in which case the mclination of the failure
plane will not be equal to 43 + @2 and a series of trial wedges must be analysed
to obtain the mastmum value of 7. The design requirement 1s that the factored sum

of the tensile forces mn all the elements, calculated from Equation 6 33, must be
greater than or equal to T

The second design procedure 15 the cokerent gravity method, due to Juran and
schlosser [12], and 15 apphcable to structures wath elements of relatively low
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Figure 8 38 Remnforced sol-retaning structure: (&) tie-hack wedge
method and (h) coherent grawity method.

extensibility such as steel strips. Experimental wotlt indicated that the distribution of
tensile stress () along such an element was of the general form shown n Figure

£.26(k), the mammum value cccurmng not at the face of the structure but at a pomnt
within the reinforced soil, the posttion of this point varying with depth as mndicated
by the curve DE in Figure & 36(b). This curve again divides the reinforced mass
inte an acttve zone and a resistant zone, the method being based on the stability
analysis of the active zone. The assumed mode of fadure is that the reinforcing
elements fracture progressively at the points of mammum tensile stress and,
consequently, that condtions of

© 1974, 1978, 1923, 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



221 221

plastic equilibrium develop i a thin layer of soil along the path of fracture. The
curve of mammum tensile stress therefore defines the potential falure surface. Ifit s
assumed that the scil becomes perfectly plastic, the falure surface will be a
logarithrmic spiral The spiral 18 assumed to pass through the bottom of the facing
and to mtersect the surface of the fill at nght angles, at a point approzmately 035
behind the facmg, as shown in Figure 6 36(b). & simphfied analysis can be made by
assutring that the curwe of mesamum tensile stress 15 represented by the bilinear
approzmation DER shown i Figure 6.36(b), where CD =03 H  Equations £.32
and 6.3% are then applied The earth pressure coefficient m Equation &322 iz
assumed to be equal to & (the at-rest coefficient) at the top of the wall reducing

nearly to & at a depth of dm. The addition of surface loading would result in the

modification of the line of masarmum tensile stress and for this sttuation an amended
bilinear apprommaion 15 proposed m BS 8006,

PROBLEMS

.1 The backfill behind a retaining wall, located above the water table, consists of
a sand of urut weight 17k, The height of the wall 13 6m and the surface of
the backfill 1z horizontal Determine the total active thrust on the wall according
to the Rankine theory if ¢ =0 and ¢ =37 If the wall is prevented from
vielding, what 1s the approximate value of the thrust on the wall?

.2 Plot the distribution of active pressure on the wall surface shown i Figure
6. 37 Calculate the total thrust on the wall (activethydrostatic) and determine its
point of application. Assume 6 =0 and ¢w =0

6.2 A line of sheet piling 12 dnven 4m into a firm clay and retains, on one side, a 3m
depth of fill on top of the clay. Water table level i3 at the surface of the clay. The
umt weight of the fll 15 18k/m” and the saturated unit weight of the clay is
20kM/n”. Caleulate the active and passive pressures at the lower end of the
sheet piing (z) i o= SO0KN/M?, ¢, = 25kN/m* and ¢u=0=0 and ()
¢ = H]ICN_.'ITl:, fw = SkN/m?, &' = 26° and ¢ = 137, for the Ela}f.

.4 Detalls of a remforced concrete cantilever retaining wall are shown m Figure
6,38, the unit weight of concrete being 23 5Mfm°. Due to inadequate dratnage
the water takle has rizsen to the level indicated. Abowe the water table the unit
weight of the retained sedl iz 17k/m” and below the water table the saturated
umit weight 13 20kM/m®. Characteristic values of the shear strength parameters
are ¢ =0 and @ = 38" The angle of friction between the base of the wall and
the foundation sedl 15 25° (&) Using the tradiional approach, deterrmne the
tazirmn and it pressures under the base and the factor of safety agatnst
shding, (k) Tang the limit state approach, checl whether or not the overturmng

and sliding limit states have been satisfied.
£.5 The sides of an excavation 2 0m deep th sand are to be suppotted by a

canblever sheet pide wall The water table 15 1.2t below the bottom of the
excavation. The sand has a saturated unit weight of 20K/, a unit weight
above the water table of 17kMN/nr® and the characteristic value of @ is 36°
Taing the traditional method, determine the required depth of embedment of the
piling below the bottom of the excavation to give a factor of safety of 2.0 with
respect to passive resistance.

.6 The section through a gravity retamng wall 13 shown i Figure 6 39, the umt

weight of the wall material being 23,5k, The unit welght of the backfill 15
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196/ and design values of the shear strength parameters are ¢ =0 and
& =36 The wvalue of & between wall and backfil and between base and
toundation scd 15 25° The ultitnate bearing capactty of the foundation sodl 12
250kN/ . Use the limit state method to determine if the design of the wall 1z
satistactory with respect to the overturning, bearing resistance and shding limit
states.
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6.7 An anchored sheet pile wall 15 constructed by diang a line of piling inte a sod
for which the saturated umit weight is 21kM/m® and the characteristic shear
strength parameters are © = I0kN/m? and ¢' =27", Backfill iz placed to a
depth of 8.00m belund the piing, the backfll having a saturated unit weight of
20kN/, a unit weight above the water table of 17k1/m® and characteristic
shear strength parameters of ¢ =0 and ¢ =35 Tie rods, spaced at 2.5m
centres, are located 1.5m below the swface of the backfill The water lewel in
front of the wall and the water table behind the wall are both 5.00m below the
sutface of the backfill Determmine the required depth of embedment for a factor
of safety of 2.0 with respect to gross passive resistance and the force m each tie
rod,

.8 The 201l on both sides of the anchored sheet pide wall detaded in Figure 640
has a saturated umt weight of 21kI/m and a umt weight abowve the water table
of 18kI/m°. Characteristic parameters for the soil are ¢ =0, ¢ = 36" and
¢ =107 There 1z a lag of 1.2t between the water table betund the wall and tidal
level in front. Determine (a) the factor of safety with respect to gross passive
resistance and the force m each tie rod using the tradibonal method and (k) the
required depth of embedment using the lirnit state method.

6.9 Detalls of a propped cantilever wall are shown m Figure 641 The saturated
unit weight of the soil 18 206 fm® and the unit weight abowe the water table 1z

17k’ Characteristic parameters for the sofl are ¢ =0, ¢/ =30° and
& =15 Tlzing the Butland, Pottz and Walsh method, determine the factor of
safety wiath respect to net passive resistance.

£.10 The struts in a braced excavation 9m deep i a dense sand are placed at
1.5m centres vertically and 3.0m centres honzontally, the bottom of the
excavation being above the water table. The unit weight of the sand 15 19k ¢m?.
Based on shear strength parameters ¢ =0 and ¢ = 40° what load should sach
strut be designed to carry?

Figure 6,30
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611 A diaphragm wall 15 to be constructed i a soi having a unit weight of
18kM/m3 and design shear strength parameters ¢ =0 and @ = 34°. The depth
of the trench 15 3.50m and the water table 15 1.85m above the bottom of the
trench. Deterrnine the factor of safety with respect to shear strength f the vt
weight of the slurty 1z 10,6k and the depth of slurry in the trench 12 3 35m.

6.12 A remnforced sod wall 15 3 2m high The remforcing elements, which are
spaced at 0.65m vertically and 1. 20m honzontally, measure 65% 3mm in section
and are 5 0m in length. The ultimate tensile strength of the remnforcing material 1s
3401/ Design values to be used are as follows: unit weight of the selected
fill=18k T/, angle of shearing resistance of selected Hl1=367, angle of fiiction
between fill and elements=20% Taing (a) the tie-back wedge method and (b)
the coherent grawity method, check that an element 3 ém below the top of the
wall will not suffer tensile falure and that shpping between the element and the
fill will not eccur. The value of & for the matenal retamed by the remnforced fll

15 030, the unit weight of this matenal also beihg 18K/

T o Lo e
I 20m
| s I LA P am
B.0m
e
2.7 m
4!7--ﬁ-_
6.0m
Fligire 6.41
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Chapter 7
Consolidation theory

7.1 INTRODUCTION

As explained i Chapter 3, consolidation 15 the gradual reduction in volume of a
fully saturated soil of low pertneabdlity due to drainage of some of the pore water,
the process contmuing until the excess pore water pressure set up by an mcrease in
total stress has completely dissipated; the simplest case 12 that of one-ditnensional
consolidation, i which a condition of zero lateral strain 15 implicit. The process of
sweling, the reverse of consoldation, 15 the gradual mcrease i volume of a sl
under negative excess pore water pressure.

Conzolidation  settlement 1z the vertical displacement of the surface
cotresponding to the wolume change at any stage of the consolidation process.
Consolidation settlement wall result, for example, if a structure 15 budt ower a layer
of saturated clay or o the water table 1z lowered permanently in a stratum overlying
a clay layer. On the other hand, if an excavation 13 made i a saturated clay,
heawing (the reverse of settlement) will result in the bottom of the excavation due to
sweling of the clay. In cases i which significant lateral stramn takes place, there will
be an immediate settlement due to deformation of the soi under undramned
conditons, m additon to consohdation settlement. Irnmediate settlement can be
estmated using the results from elastic theory given m Chapter 5. This chapter 13
concerned with the prediction of both the magnitide and the rate of consclidation
settlement (required to ensure that serwiceability limit states are satistied).

The progress of consolidation iz sify can be momtored by mstalling piezometers
to record the change in pore water pressure with time. The magnitude of settlement
can ke measured by recording the lewels of suttable reference points on a structure
or i the ground: precise leveling 15 essential, working from a benchmark which 1z
not subject to even the shghtest settlement. Ewery opportunity should be taken of
obtating settlement data, as it 15 only through such measurements that the
aderuacy of theoretical methods can be assessed.

7.2 THE OEDOMETER TEST

The charactenstics of a seil during one-dimensional consohdation or sweling can
be determined by means of the cedometer test. Fiqure 7.1 shows diagrammatically
a cross-section through an cedometer. The test specimen 15 m the form of a disc,
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Specimen

Figure 7. I The vedometer.

held mside a metal nhg and lyng between two porous stones. The upper porous
stone, which can mowe inside the ning with a small clearance, is fized below a metal
loading cap through which pressure can be applied to the specimnen The whale
assembly sits i an open cell of water to which the pore water in the specimen has
free access. The ring confining the specimen may be either fixed (clamped to the
body of the cell) or floating (heing free to move vertically): the mside of the ring
should have a smooth polished surface to reduce side fhiction The confining nng
inposes a condition of zero lateral strain on the specimen, the ratio of lateral to
vertical effective stress bemg X, the coefficient of earth pressure at-rest. The

compression of the spectmen under pressure i3 measured by means of a dial gavuge
operating on the loading cap.

The test procedure has been standardized in BS 1377 (Part ) [4] which
spectfies that the cedometer shall be of the fized ring type. The itial pressure will
depend on the type of soil, then a sequence of pressures 15 applied to the specimen,
each being double the prewious value. Each pressure is normally maintained for a
petiod of 24h (in exceptional cases a period of 48h may be required), compression
readings being observed at sutable mntervals dunng thiz pened. At the end of the
increment period, when the excess pore water pressure has completely dissipated,
the applied pressure equals the effective wertical stress m the specimen. The results
are presented by plotting the thickness (or percentage change m thickness) of the
specitnen of the woid ratio at the end of each mcrement period agamnst the
cotresponding effective stress. The effective stress may be plotted to etther a
natural or a logarithmic scale. If deswed, the expansion of the specimen can be
measured under successtve decreases in applied pressure. However, even if the
sweling characteristics of the sodl are not required, the expansion of the specimen
due to the removwal of the final pressure should be measured.

The woid ratio at the end of each increment period can be calculated from the
dial gauge readings and either the water content or the dry weight of the specimen
at the end of the test REeferring to the phase diagram in Figure 7.2, the two
methods of caleulation are as follows.
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Figure 7.2 Phase diagram.

1 Water content measured at end of test=w,
Void ratio at end of test = €1 = w105 (azsuming & =1000%0)
Thickness of specimen at start of test=1),

Change in thickness dunng test=AH
Void ratio at start of test = €0 = €1 + Ae
where

Ap . 1+ ep
AH T H, (7.1}

In the same way Ae can be calculated up to the end of any merement period.
2 Dry weight measured at end of test=M_ (1 e. mass of solids)

Thickness at end of any increment peniod=/,

Area of specimen=4
Equivalent thickness of solids = Hs = Me/AUspw
Woid ratio,

H, - H, H,

Sl

H. H. (7.2

[ |

Compressibility characteristics

Typical plots of woid ratio fg) after consolidation against effective stress (o) for a
saturated clay are shown m Figure 7.3, the plots showing an mitial compression
tollowed by expansion and recompression (cf Figure 4.9 for isotropic
consolidation). The shapes of the curves are related to the stress history of the clay.
The e-log &' relationship for a normally consohdated clay 15 hnear {or nearly so)
and 1z called the wirgin compression ne. If a clay 13 overconsohdated, itz state will
be represented by a point on the expansion or recompression parts of the e—log &'
plot. The recompression curve ultimately jomns the wirgin compression line: further
compression then occurs along the wirgin ne. During compression, changes in soil
structure contirmously
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Figure 7.3 Voud ratio—effective stress relationship.

take place and the clay does not revert to the oniginal structure dunng expansion
The plots show that a clay m the overconsolidated state will be much less
compressible than that i a normally consohdated state.

The compressibiity of the clay can be represented by one of the following
coefficients.

| The cogfficient af volume compressibility (), defined as the volume

change per unit volume per unit ncrease in effective stress. The umits of w2 are the

inverse of pressure (mEJ’M:N]. The wolume change may be expressed in terms of
o

etther woid ratio or specimen thickness. If, for an increase in effective stress from “o

to 1» the woid ratio decreases from gy to gy, then

o | (E’n—{ﬂ
F"_I+m 7y — 0 (7.3)

m, = L (—”"' — ”')
Y Hy a) = o (7.4

The value of w2 for a particular sod 15 not constant but depends on the stress range
over which 1t 15 caleulated B3 1377 specties the use of the coefficient #2
calculated for a stress increment of 100k/m? in excess of the effective overburden
pressure of the ix-sify sod at the depth of mterest, although the coefficient may alzo

be calculated, if required, for any other stress range.
2 The compression index (T ) 12 the slope of the linear portion of the e—log 5"

plot and 15 dimensionless. For any two points on the linear portion of the plot

£y = ]

© log(a)/e) (7.5)
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The expansion part of the e-log &' plot can be approzmated to a straight line,
the slope of which 15 referred to as the expansion index C_.

Preconsolidation pressure

Casagrande proposed an empincal construction to obtain, from the e-og o' curve
tor an owverconsoldated clay, the masarmum effective vertical stress that has acted

on the clay m the past, referred to as the preconsalidation pressure (”{} Figure
74 shows a typical elog &' curve for a specimen of clay, wuhally
overconsolidated.  The intial cuwwe indicates that the clay iz undergoing
recompression i the oedometer, hawing at some stage in its history undergone
expansion. Expansion of the clay iz sifn may, for example, have been due to
melting of ice sheets, erosion of overburden or a rise in water table level The
construction for estimating the preconsolidation pressure consists of the following
steps:

1 Produce back the straight-line part (B of the curve.

& Deterrrune the point (I of mastmum curvature on the recompression part (AB)
of the curve.

3 Draw the tangent to the curve at D and hisect the angle between the tangent and
the hotizontal through D

4 The wertical through the pomt of mntersection of the bisector and CB produced
agves the approxitate value of the preconsolidation pressure.

Whenever possible the preconsolidation pressure for an overconsohdated clay

should not be exceeded in construction. Compression will not usually be great if the

effective vertical stress remains below O¢: only if T is exceeded wil COMMpression

be large.

[4

.
log &

Figure 7.4 Deterrination of preconsolidation pressure.
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Tri-sitsr e-log ¢' curve

Due to the effects of sampling and preparation, the specimen m an cedometer test
will be shghtly disturbed It has been shown that an imcrease i the degree of
specitnen  disturbance results in a shght decrease in the slope of the wromn
compression bne. It can therefore be expected that the slope of the line
representing wirgin compression of the ix-sifn soi will be shghtly greater than the
slope of the wirgin ine obtained in a laboratory test.

Mo appreciable error wall be mvolved m taling the in-sifn void ratio as bemng
equal to the void ratio (%) at the start of the laboratory test. Schmertmann [15]
pointed out that the laboratory wirgin line may be expected to mtersect the in-sifu
wirgin line at a void ratio of apprommately 0.42 times the wutial void ratio. Thus the
ir-sity wrgn line can be taken as the ine EF in Figure 7.5 where the coordinates of
E are log % and e, and F 15 the pomt on the laboratory virgin ine at a void ratio of
0.42e,.

In the case of overconsolidated clays the in-sifn condition is represented by the
potit (3) hawing coordinates % and gy, Wwhere % iz the present effective

overburden pressure. The ix-sifu recompression curve can be approxmated to the
stranght line GH parallel to the mean slope of the laboratory recompression curve.

Example 7.1

The following compression readings were obtaned in an cedometer test on a
specimen of saturated clay (Os = 2.73y;

Pfesgme(kmfmzj o % 107 214 429 858 1714 3431 0

Dial gauge after 24h 5000 47747 4433 4105 3449 2608 1.674 0737 1.450
(tmm)

e

i ey

— Oedometer

\ i . i {1y — 5 {1

oaze |- ——Lb—— - —— Y

Figure 7.5 In-sity e-log o' curve.
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The wutial thickness of the spectnen was 19.0mm and at the end of the test the
water content was 198%. Plot the e-log o' curve and determine the
preconsolidation pressure. Determine the values of e for the stress mcrements

100-200 and 1000—150061/m?. What is the value of 7 . for the latter mcrement?

Void ratio at end of test = ¢, = w fr, = 0L198 = 2.73 = (1.54]
Void ratio at start of test = ¢y = ¢ + Ae

HMow
Ae  l+en 4o+ Ae
AH Iy i
LE.
Ae 1541 + Ae
3.520 190
Ao = 0350

eg = 0.541 + 0,350 = 0.891

In general, the relationship between Ag and AH 15 given by

Ae 1891
AH 190

1. Ae=0.0996AH, and can be used to obtain the void ratio at the end of each
increment period (see Table 7,10 The e-og o' curve using these values i3 shown in
Fioure 76 Tlasing Casagrande’s construction, the walue of the preconsolidation

pressure 1s 325K M /me,

] fn — )

my = -
7 7
| +ep 7 —ay

Tabls 7.1
Fressure (kKN/m?) & (rom) bz €

oo 0 0.891

24 0,253 0.025 0,266
107 0,507 0.050 0.341
214 0.892 0.089 0,802
428 1.551 0.154 0737
858 2,392 0.238 0.653
1716 3.324 0.331 0.560
3432 4263 0.424 0.467

0 3520 0.350 0.541
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080, T

080 S

QT

114 }

050

G.lﬂiu

a" (kN/mT}

Figure 7.8 Example 7.1

For o = 100kN/m? and &} = 200 kN/m?,

oy = 0.845 and e = 0808
and therefore

| y 0.037
1.845 100

m, =

= 2.0 % 107 m? /kN = 0.20m*/MN
For o = 1000kN/m?* and &} = 1500 kN/m?,

g = 0632 and & =0.577
and therefore

1 0.055

Hly = —— ¥ ———
VL6322 T s00

= 6.7 % 107 m*/kN = 0.067 m*/MN

aned

0.632 —0.577  0.035

Ce = log(1500/1000) ~ 0.176

=(.3]

MNote that ©° will be the same for any stress range on the linear part of the e—log o

curve; #2. will vary according to the stress range, even for ranges on the linear part
of the curve.
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7.3 CONSOLIDATION SETTLEMENT: ONE-
DIMENSIONAL METHOD

In order to esttnate consolidation settlement, the walue of etther the coefficient of
volume compressibility or the compression mdex 15 required. Consider a layer of
saturated clay of thickness A Due to construction the total vertical stress i an
elemental layer of thickness dz at depth z 15 increased by As (Figure 7770 It i3
assumed that the condition of zero lateral stramn applies within the clay layer. After

the completion of consclidation, an equal mcrease Ag’ in effective vertical stress

will have taken place corresponding to a stress imcrease from % to 1 and a

reduction in void ratio from g to ; on the e—o" curve. The reduction in volume per
unit volume of clay can be written i terms of woid ratio:

AV _ &y — €
Fa | + e

since the lateral stratn is zero, the reduction i volume per unit volume 15 ecqual to
the reduction m thickness per umt thickness, 1e. the settlement per unt depth
Therefore, by proportion, the settlement of the layer of thickness dz will be given
by

[T |

d=

ds,

B 1+ e

€y — € a) = '-”f:)d_
oy —op S\ 1+e /o

— m,Ad'dz

where 5 .=cons ohdation settlement.

The settlement of the layer of thickness & 15 given by

H
5= [ myAe'ds
Jo

|| Ag
(L AN L A
" T =

Figure 7.7 Consohdation settlement.
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I’EmV and Ao’ are assumed constant with depth, then

se=myAd' H
(7.6}
or
e=0"%p
e a7
of, i the case of a normally conselidated clay,
_ Ce IDEE""';I'I"'E}}H
e I + eq (7.8}

In order to take into account the waration of e andfor Ae’ with depth, the
graphical procedure shown in Figure 7.8 can be used to determine 5.

The variations of mitial effective wertical stress (”‘irrj and effective vertical stress
mcrement (AT over the depth of the layer are represented n Figure ¥ Bia); the

vanation of w2 15 represented m Figure V.8(b) The curve i Figure 7.3(c)
represents the vanation with depth of the dimensionless product e As' and the

area under this curve 15 the settlement of the laver. Alternatively the layer can be
divided mto a suttable number of sublayers and the product m_As" evaluated at the

centre of each sublayer: each product #e_As" 15 then multiphied by the approprate

sublayer thickness to give the sublayer settlement. The settlement of the whole layer
1z equal to the sum of the sublayer settlements.

Example 7.2

& bulding 15 supported on a raft 4% 30m, the net foundation pressure (assumed to
be uniformly distnbuted) being 1256 fm?. The sodl profile 15 as shown in Figure
1.9 The walue of w2 for the clay 15 035m0, Determine the final settlement

under the centre of the raft due to consolidation of the clay.
The clay layer iz thin relative to the dimensions of the raft, therefore it can be
assumed that consolidation 15 approximately one-dimensional In this casze it will be

—) Aa LT —m, Al
" II _______

{al k) (cl

Figure 7.8 Consolidation settlement: graphical procedure.
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1—-—----- - --30m——-1

) 125 kN/m? 15m f=
T Tl b e
ey T _wx } | f
; I 22:5m : |
25m Sand | I |
E ] z=2|3'5r|‘1 == 7 45m
J, . L
am Clay DU = , T
T }"‘-—BDm—-I

FMigurs 7.9 Example 7.2,

sufficiently accurate to constder the clay layer as a whole. Because the
consolidation settlement 13 to be calculated m terms of i, only the effective stress

increment at mid-depth of the laver 15 required (the mcrement bemg assumed
constant over the depth of the layer). Also, Ad' = Ae for one-dimensional
consolidation and can be evaluated firom Figure 5100

At mid-depth of the layer, = = 23.5m Below the centre of the raft:

22.5 0.9¢
m ?3-5 -]

15
n=g35 = 0064
I =0.140

Ac’ =4 0.140 % 125 = TOkN /m’
5. = myAo' H =035 % 70 % 4 = 98 mm

7.4 SETTLEMENT BY THE SKEMPTON-
BJEREUM METHOD

Predictions of consolidation settlement using the one-dimensional method are based
on the results of cedometer tests using representative samples of the clay. Due to
the confining ring the net lateral strain in the test spectmen is zero and for this
condition the wutial excess pore water pressure 13 equal theoretically to the increase
in total vertical stress, 1e. the pore pressure coefficient A 15 equal to unity.

In practice the condion of zero lateral strain 15 satisfied apprommately i the
cases of thin clay layers and of layers under loaded areas which are large
compared with the layer thickness. In many practical stuations, however, sigmficant
lateral stram will occur and the witial excess pore water pressure will depend on the
in-sity stress condibons and the value of the pore pressure coefficient A (which will
not be equal to unity).
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In cases i which the lateral stran iz not zero, there wil be an snmediate
settlement, under undramned conditions, in addition to the consolidation settlement.
Immediate zettlement 15 zero f the lateral stramn 13 zero, as assumed m the one-
dimensional method of calculating settlement In the Skempton—Bjerrum method
[22], the total settlemnent fg) of a foundation on clay 15 given by

F=58+3

where .S'i=i:rmnediate settlement, occurnng under undraned condiions, and 5.~

consolidation settlement, due to the volume reduction accompanying the gradual
dissipation of excess pore water pressure.

The inmediate settlement (1) can be estimated from the results of elastic theory
(Section 5. 33 The value of Poisson’s ratio () relevant to undramned conditions in a
fully saturated clay 15 taken to be 0.5 The undramed Young's modulus (% ) must

be estunated from the results of laboratory tests, ix-sife load tests or pressuremeter
tests. Howewer, for most soils, the modulus increases with depth. Tse of a constant
value of B overestimates immediate settlement. An approximate analysis has been

proposed by Butler [5] for the case of increasing modulus with depth
If there 1z no change m static pore water pressure, the imifiad value of excess
pore water pressure (denoted by 12} at a point in the clay layer 15 given by Equation

4.25, with # =1 for a filly saturated scdl Thus

My = .-ﬁl"-"_l -+ A{.‘fhﬂ| - ;':!l.l'fl‘;}
~ As, [,4 LB .4)] .3
1

faYes

where Aoy and A, are the total principal stress merements due to surface loading,
From Ecquation 7.9 1t 1z seen that

1w = ATy

if A iz posttive. Mote also that = Ay f A =1, The value of 4 depends on the
type of clay, the stress levels and the stress system.

The in-sifi effective stresses before loading, wnmediately after loading and after
consohdation are represented i Figure 710 and the corresponding MMohr circles
(&, B and C, respectively) in Figure 7.11. In Figure 7.11, abe 15 the ESP for in-
gt loading and consolidation, ab representing an immediate change of stress and
be a gradual change of

n:r'.r-'-::.';.‘ a{,+d.d,—u,l .3,5,+M1‘

nj;=Kq_n.3.-J Koog + Ama __U'-J Komp + &3
—]

(TR e — Uy + U feae Ug i

i | f

(&) Initial conditions (b} Immadiately (e) After consolidation
{70 = effeclive after loading
overburdan prassura)

Figure 7. 10 fn-situ effective stresses.
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dloy = ay)

i dla; +a3)

Figure 711 Stress paths.

stress as the excess pore water pressure dissipates. Immediately after loading there
. . . |:Tr . - .
i8 a reduction i “3due to w, bemng greater than Ae, and lateral expansion wll

ocour. Subseduent consolidation wall therefore mwvolve lateral recompression. Circle
D m Figure 7.11 represents the corresponding stresses m the cedometer test after
consohdation and ad 15 the corresponding ESP for the cedometer test As the
EXCESE pore water pressure dissipates, Poisson’s ratio decreases from the
undramed walue (0.53) to the dramed walue at the end of consolidation. The
decrease m Podsson’s ratio does not significantly affect the wertical stress but results
i a small decrease in honzontal stress (point ¢ would become o in Fioure 7 110
this decrease 1z neglected i the Skempton—EBiernum method.

Skempton and Bierrum proposed that the effect of lateral stram be neglected in
the calculation of consolidation settlement (s_), thus enabling the cedometer test to

be mantamed as the basiz of the method It was adnutted, howewer, that this
stmplification could imwvolve etrors of up to 20% i vertical settlements. Howewer,
the walue of excess pore water pressure given by Equation 7.9 15 used m the
methaod.

By the one-dimensional method, consolidation settlernent (equal to the total
settlement) 15 given as

H
Sod = [ myAadz (ie. Ad’ = Ary)
A

where A 1z the thickness of the clay layer. By the Skempton—Bierrum method,
consolidation settlement 15 expressed in the form

H
e [ mgdz
Jo

H A
-/ iy, [A + ﬁ (1- A}]d:
[ &

b (T
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& settlement coefficient & 15 miroduced such that

S = HSpl
(71
where

3 f”'r‘r myAai[A + (Aey/Aay ) (1 — A)|dz
{E:l'r my ANerpdsz

Ifit can be assumed that 2 and A are constant with depth (sublayers can be used

in analysiz) then 4 can be expressed as

pr=A4 (] = Ao
(1

where

M
o Asdz
o=

I;:f Sz

Taking Potsson’s ratio () as 0.5 for a saturated clay during leading under
undrained condiions, the value of & depends only on the shape of the loaded area
and the thickness of the clay layer m relation to the dimensions of the loaded area;
thus & can be estimated from elastic theory.

The wvalue of mitial excess pore water pressure (i) should, in general,

correspond to the in-sifu stress conditions. The use of a walue of pore pressure
coefficient 4 obtamned from the results of a tramal test on a cylndncal clay
specitmen i strictly applicable only for the condition of amal symmetry, 1e. for the
case of settlement under the centre of a circular footing However, a value of 4 so
obtamed will serve as a good apprommation for the case of settlement under the
centre of a square footing (using a circular footing of the same area). Under a strip
tooting, however, plane strain condiions apply and the mtermediate principal stress
mcrement Aoy, in the direction of the longitudinal asms, 15 equal to 0.5(Aay + Ao3)

oot [20] has shown that the value of i, appropriate n the case of a stp footing

can be obtamed by using a pore pressure coefficient A, where
A, = 0.8664 +0.211

The coefficient A, replaces A (the coefficient for conditions of axal symmetry) in

Equation 711 for the case of a stnp footing, with the expression for & being
unchanged.

Walues of the settlement coefficient g4, for circular and stnp footings, i terms of
A and the ratio of layer thickness/breadth of footing (58 are oiven in Fiqure 7 12
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1-2

0-B =

(+1:]

— Circular footing
04 F -

——— Strip footing

Gz I —

[ Q-2 0-4 6 0-8 10 12
A

Figure 712 Settlement coefficient (Reproduced from R F Scott
(1963 Frinciples of Sail Mechanics, by pertmssion of
Addizon-Wesley  Publishing Company, Inc, Reading
Mass )

Walues of i are typically within the following ranges:

Soft, sensitrve clays 1.0-1.2

Mormally consohdated clays 0.7-1.0

Lightly overconsoldated clays 0.5-0.7

Heawly overconsohdated clays 0.2-0.5
Example 7.3

& footing &m square, carrying a net pressure of 160kIT/m?, is located at a depth of
2m i a deposit of stff clay 17m thick: a firm stratum hes mmediately below the
clay. From cedometer tests on specimens of the clay the value of w2 was found to
be 0.13m* M and from triaszial tests the value of 4 was found to be 0.35, The
undramned Young's modulus for the clay 15 estimated to be 55MN/m?. Determine

the total settlement under the centre of the footing,

In this case there will be significant lateral strain in the clay beneath the footing
{resulting in immediate settlement) and it 15 appropriate to use the Skempton—

Bierrum method. The section 1z shown in Figqure 713

& 1974, 1978, 1923, 1997, 1992, 1997, 2004 R.F.Craig, Spon Press



Consolidation theaory

Gm
. . 160KN/mM*
_'| Zm
-~ . Dy
am —¢—1:5m ]

—-%—4-5111 (2)

17m i : '
—'-fli—?-ﬁm {3)
—?—1&5m 4)

1 —9—1385m  (5)

Figure 713 Example 7.3

(&) Imemediate settlement. The mfluence factors are obtained from Figure 515

Mow
H 15
—=—=25
B 6
no2
— =Z=10.33
I .33
L
3= 1
Jopn =085 and gy = 0.55
Hence
¥i = Jip L ‘]’_
& FE] Eu
160

=095 = 0.55 = ﬁ;; 6 =9mm

(b)) Consalidation seitlement. In Table 7.2,

Ac’ =4 % 160 x I, (kN/m?)
Sod = 0.13 x Ad’ % 3 =0.39A" (mm)

Meow

{eqquivalent diameter=>6 7 7m)

A =10.35
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Table 7.2

Layer z(m) m & L At (kwmzj Spq ()

| 1.5 2.00 0.233 149 581

d 4.5 0.67 0121 7a 30.4

3 7.5 040 0.060 38 143

4 105 0285 0.033 21 8.2

5 135 0222 0.021 13 a1
116.6

Hence, from Fiqure 7.12,

Then

Se = 0L55 x 116.6 = 64 mm
Total settlement = 5; + 5,

=9+ 64
= 73imm

7.5 THE STRESS PATH METHOD

In this method it 13 recogized that sod deformation 15 dependent on the stress path
followed prior to the final state of stress. The stress path for a scd element
subjected to undrained loading followed by consolidation (neglecting the decrease
i Potsson’s ratio) 15 abe m Figure 7 11, while the stress paths for consolidation
only according to the one-dimensional and Skempton—Bjerrum methods are ad
and ed, respectively. In the stress path method, due to Lambe [12], the actual
stress paths for a number of ‘average’ in-sifi elements are estmated and
laboratory tests are run, using the hydraulic trizsial apparatus, as clozely as possible
along the satme stress paths, beginning at the witial stresses prior to constructon.
The measured verical stramns (g,) durmg the test are then used to obtamn the

settlement, 1.e. for a layer of thuickness A

H
A /[: £ dz I:?lzj

In-gifu pore water pressure condibons and partial drainage during the construction
petiod can be simulated f deswwed As an example, Figure 7 14 shows a scid
element under a circular storage tank and the ESP and corresponding wertical
stramns for a tnasgal specimen m which undramed loading fab), consolidation e,
undrained unloading fed) and swelling (de) are siilated.
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Ho, — aa)
b (&
ESP U (TSP)
Ul -
|' """""""" T e
b

'}{01 - o3
4 a

a3
.

Figure 7 i4 The stress path method (Reproduced from
T.W.Latnbe (1967) Jowrmal ASCE 93, Mo SME, by
pertmizsion of the American Society of Crwil Engineers.)

D_/c
e d

£y

Although sound in principle, the method depends on the correct selection of typical
soil elements and on the test specimens being truly representative of the in-sifu
material. In addition, the tnamal techmques mvolved i runmmng the correct stress
paths are complex and tme-consuming unless computer-controlled equipment 1s
avalable. Knowledge of the value of &, 15 also required.

simons and Som [21] investigated the effect of stress path on amal and
volumetnic compressibility and proposed a method of calculating settlement based

on the relationship between the ratio of vertical to volumetnic strain (51/5v) and the
ratio A03/Ad)

7.6 DEGREE OF CONSOLIDATION

For an element of sodl at a particular depth z m a clay laver the progress of the

consolidation process under a particular total stress increment can be expressed in
terms of wvoid ratio as follows:

. ep—e

U:=——

ep — €]
where Uz 1z defined as the degree of consolidation, at a particular imstant of time, at

depth 2 (0 = U: 1), and gg=void ratio before the start of consolidation, e,=veid

ratio at the end of consolidation and e=woid ratio, at the time in question, during
consolidation.

If the e—" curve 1z assumed to be lnear over the stress range m question, as
showen in Fioure 7,15, the degree of consolidation can be expressed in terms of &'

_7 =%

? ]
7 =

.
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Figure 7.1 5 Assumed linear e—o' relationship.

suppose that the total vertical stress i the soil at the depth z 15 increased from o)
to oy and there 15 #o lateral sirain. Immediately after the mcrease takes place,
although the total stress has increased to 51 the effective wertical stress will stil be

”‘irr; only after the completion of conselidation will the effective stress become Ty,
During consolidation the imncrease m effechve vertical stress 15 numerically equal to
the decrease m excess pore water pressure. If o and u_ are, respectively, the

values of effective stress and excess pore water pressure at any time during the
consolidation process and ff ; 15 the wutial excess pore water pressure (1e. the

value immediately after the increase i total stress) then, referring to Fioure 715
) =0g+u =d + i,
The degree of consolidation can then be expressed as

My — Me iy

...

1 1 {]‘ 1 3}

ll.-ll_- —

7.7 TERZAGHI'S THEORY OF ONE-
DIMENSIONAL CONSOLIDATION

The assumnptions made i the theoty are:

1 The sodl 15 homogeneous.

2 The sl 12 fully saturated.

3 The solid particles and water are incompressible.

4 Compression and flow are one-dimensional (vertical).
5 Strains are srnall
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& Darcy’ s law 15 walid at all hydravlic gradients.

7 The coefficient of permeahility and the coefficient of volume compressibility
remmain constant throughout the process.

8 There 1z a unique relationship, mdependent of time, between void ratio and
effective stress.

Eegarding assumption 6, there 13 ewidence of dewation from Darcy’s law at low
hydraulic gradients. Eegarding assumption 7, the coefficient of permeabiity
decreases as the woid ratio decreases during consclidation. The coefficient of
volune compressibility alse  decreases  during  consolidation sice the e—o'
relationship 1z nonbinear. However, for small stress mcrements assumption 7 is
reazonable. The main lmitations of Terzaght's thecory (apart from itz one-
dimensional nature) arise from assumption 2. Experimental results show that the
relationship between void ratio and effective stress 15 not mdependent of time.
The theory relates the following three quantities.

1 The excess pore water pressure ().

& The depth ¢z} below the top of the clay layer.
3 The time (%) from the mstantanesus applcation of a total stress meorement.

Consider ath element hawing dimensions dx, dy and d= within a clay layer of
thickness 24, as shown m Figure 7. 16 An merement of total vertical stress Ao 13
applied to the element.
The flow velocity through the element 15 given by Darcy’ s law as
My

i': —ltl-ll:— IE;E

=ince any change i total head ) 15 due only to a change in pore water pressure:

k u

Yy Oz

Figure 7. 16 Element within a clay layer.
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The condition of continuity (Equation 2.7 can therefore be expressed as

kP, . d
— oo dxdrds=gr (7.14)

The rate of volume change can be expressed m terms of w2

The total stress increment 15 gradually transferred to the sod skeleton, increasing
effective stress, as the excess pore water pressure decreases. Hence the rate of
wolume change can be expressed as

dV i,
— = —ny—dxdydz
ar g Y (7.15)

Cotnbiting Equations 714 and 715,

P, -7
.k PFu,

o 022

n

or

)
i i

PR (7.16)

Thiz 15 the differential equation of consolidation, i which

o k
T (7.17)

¢, being defined as the cogfficient af consolidation, suitable unit being m*/vear.

=mee & and w are assumed as constants, ., 15 constant during consolidation.

Solution of the consolidation equation

The total stress mcrement 15 assumed to be applied mstantaneously. At zero tiune,
therefore, the mcrement will be carried entirely by the pore water, 1e. the mital
value of excess pore water pressure (1) 1s equal to Ar and the mitial condition 15

we=un; lor 0<:z<2d when =10

The upper and lower boundaries of the clay layer are assumed to be free-draning,
the permeabiity of the soid adjacent to each boundary bemng very high compared to
that of the clay. Thus the boundary conditions at any time after the application of
Aoy are

ve=0 for z=0 and z=2dJd when =0
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The solution for the excess pore water pressure at depth = after time t1s

=1 [  nmz . nmz eyt
1, Z(ﬁﬂ u,-smﬁdﬁ) (mnz—“r) cxp(—w) (7.18)

=1

where d=length of the longest dramage path and u=muhal excess pore water

pressure, m general a function of 2.
For the particular case m which u; 15 constant throughout the clay layer:

=20

— 2 . Tz wale
e JZ‘ E{] COS 17 I:::-In ﬁ) :,,\p(- - T) (7.19)

When » is even, (1 —€0snm) =0 gnd when » is odd, (1 —cosam) =2 Only odd
values of »# are therefore relevant and 1t 15 conventent to malce the substitutions

n=2m+ 1

and

M=={2m+1)

[ -t ]

It iz alzo convement to substibute

Gt
Ty =

@ (7.20)

a dimensionless number called the fime factor Equation 7.19 then becomes

me

2 . M=z 1
e = 2_’ %(sm T) exp(—=M-T,) (7.21)

=0

The progress of consolidation can be shown by plotting a senes of curves of 1,

against = for different walues of £ Such curves are called isockrones and thewr form
will depend on the mitial distnbution of excess pore water pressure and the
drainage conditions at the boundanes of the clay layer. A& layer for which both the
uppetr and lower boundaries are free-drawung 15 described as an oper layer; a layer
for which only one boundary 13 free-draiming 13 a half~closed laver Examples of
izochrones are shown in Figure 717 In part (a) of the figure the iutial distnbution
of w 1z constant and for an open layer of tluickness 24 the isochrones are

symmetrical about the centre ine. The upper half of this diagram also represents the
case of a half-closed layer of thickness & The slope of an 1sochrone at any depth
gives the hydraulic gradient and also indicates the direction of flow. In parts (k) and
(c) of the figure, with a tnangular distribution of ;, the direction of flow changes

over cettain parts of the laver. In part (o) the lower boundary 15 mmpermeable and
tor a time swelling takes place in the lower part of the layer.
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!*-— u, = const, —=|

Half clozsed layer

TRl e T T

(s}

Half closed layer

le)

Figure 7. 17 Izochrones.

The degree of consolidation at depth z and titne £ can be obtained by substiuting
the value ofue (Equation 7.21) m Equation 7. 13 grving

M= A

&= . M’: 3
— == — e Y —."r I
=1 v, (sm p )enpl{ -Ty)

m=0

(7.22)
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In practical problems it 15 the average degree of consolidation (L7} over the
depth of the layer as a whole that 15 of interest, the consolidation settlement at time
{ being given by the product of &7 and the final settlement. The average degree of
consohdation at time £ for constant i; 15 given by

. (1/2d) _Iﬁ"lar; dz
v=1 " (7.23)

PP 2 .
=1- Z; —exp(—M?T,)
The relationship between U7 and T given by Ecquation 7. 23 iz represented by curve

1 Figure 718, Equation 723 cah be represented almost exactly by the following
emnpirical equations:

for U <060, T,=-U"
4 (7.24a)
for U =060, 7,=-0933log(l — U)—0.085
{(7.24b)
Fu; 15 not constant the average degree of consolidation iz given by
, _]';,""’-u‘. dz
U=1==
) ."{'r.l.rI dz (7.23)
where
2
/ i, dz = area under isochrone at the time in question
i
atd

2d
[ i dz = area under initial isochrone
i

{For a half-closed layer the hmits of mtegration are 0 and & in the above equations)

The witial vanation of excess pore water pressure i a clay layer can usually ke
approzmated m practice to a bnear distribution. Curves 1, 2 and 3 i Figure 7,18
represent the selution of the consolidation equation for the cases shown in Fioure
719
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1 2
€t
T.= &

Figure 7 18 Relatonships between average degree of consohdation and
time factor.
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Rkrs ‘,.._._.7_ -

R

Curve (1) Curve (1) Curva (1)
{a) Open layers

|

S —

h /
\ I

Yo
T

Cuve(1)  Cuve(2)  Cunve(3)
(b) Half-closed layers

Figre 719 Itmtial wvanations of excess pore water pressure.

7.3 DETERMINATION OF COEFFICIENT OF
CONSOLIDATION

The value of ¢ for a particular pressure mcrement i the cedometer test can be

determined by comparmg the charactenstics of the expenmental and theoretical
consohdation curves, the procedure bemnmg referred to as curve-fitting. The
characteristics of the curwes are brought out cleatly of time 15 plotted to a square
root or a loganthroic scale. It should be noted that once the value of ¢ has been

determined, the coefficient of permeabdity can be calculated from Equation 717,
the cedometer test being a usefil method for obtaining the permeahility of a clay.

The log time method (due to Casagrande)

The forms of the expenmental and theoretical curves are shown m Figure 720 The
expenmental curve 15 obtained by plothng the dial gange readings in the cedometer
test agamnst the loganthm of time m tunutes. The theoretical curve 15 gven as the
plot of the average degree of consolidation agamst the logarithm of the time factor.
The theoretical curve consists of three parts: an mitial curve which approxmates
closely to a parabolic relatonship, a part which 15 linear and a final curve to which
the horizontal asis 15 an asymptote at U = 1.0 {or 100%0). In the experimental curve
the point cotresponding to U =0 can be detertruned by using the fact that the mitial
part of the curve represents an apprommately parabolic relationship between
compression and tine. Two points on the curve are selected (4 and B in Figure
7200 for which the values of # are i the rato of 4:1, and the vertical distance
between thetn 1z measured. An equal distance set off above the first poant fixes the
pomt (@) cotresponding to U =0. Az a check the procedure should be repeated

using different pairs of points. The point corresponding to U =10
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Figure 7. 20 The log time method.
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will not generally correspond to the pomt (@) representing the mitial dial gauge

reading, the difference being due mainly to the compression of small quantities of air
i the sod, the degree of saturation bemng margmally below 100%: this compression
1z called initial compression. The final part of the expenmental curve 13 hnear but
not horizontal and the point (@) corresponding to U = 100% is taken as the

mtersection of the two linear parts of the curve. The compression between the a_
and @, points is called primary consolidation and represents that part of the

process accounted for by Terzaghi's theory Bewond the point of mtersection,
compression of the sod contimues at a very slow rate for an indefinte penod of time
and 1z called secandary compression.

The point corresponding to U = 50% can be located midway between the a_
and a;;; pomts and the cotrespondmg time f;; obtamed The walue of T

corresponding to U = 50% is 0,196 and the coefficient of consolidation is given by

_ 0.1964°
T 'f?- 253‘

Cy

the walue of & being taken as half the awverage thickness of the specimen for the
patticular pressure increment In BS 1577 it iz stated that i the average
temperature of the seodl dn sifn 15 known and differs from the awverage test
temperature, a correction should be applied to the value of ¢, correction factors

being given in the standard.

The root time method (due to Taylor)

Fiqure 7.21 shows the forms of the expertmental and theoretical curves, the dial
gauge readings being plotted agamnst the square root of time i tnotes and the
average degree of consolidation aganst the square root of tume factor. The
theoretical curve 18 linear up to about 60% consolidation and at 20% consolidation
the abscissa (AC) 13 1.15 tines the abscizsa (AB) of the production of the linear
part of the curve. Thiz charactenstic 15 used to deterrmune the point on the
experimental curve corresponding to U = 90%

The experimental curve usually consists of a short curve representing wutial
compression, a hnear part and a second curve. The point (I corresponding to
U =0 1z obtained by producing back the linear part of the curwe to the ordinate at
zere tme. A straght line (DE)Y 15 then drawn hawing abscissae 1.15 times the
cotresponding  abscissae on the linear part of the experimental curve. The
mtersection of the hne DE with the expermmental curve locates the pomt (agy)

cotresponding to U =90% and the corresponding value v can be cbtained.
The wvalue of T corresponding to U=9%iz 0848 and the coefficient of

consolidation 1s given by

 0.8484°

o I:? 2?:'

Oy

I requred, the pomt (@y5,) on the ezpenmental curve correspondmg to

U = 100%.the bt of primary consolidation, can be obtained by proportion. Asin
the log time plot the curve extends beyond the 100% point into the secondaty
compression range. The root time method requires cotmpression readings covenng
a tuch shorter period of time compared with the log time method, which recuires
the accurate definition of
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5.00

4.50

4
S

Dial gauge reading (mm)
£a
=

3.00

Figure 7 27 The root time method.

the second linear part of the curve well mto the secondary compression range. On
the other hand, a straight-line portion 13 not always obtaned on the root time plot
and i such cases the log time method should be uzed.

Other methods of deterrning ¢ have been proposed by Naylor and Doran

[14], Scott [12] and Cour [£].

The compression ratios

The relative magnitndes of the initial compression, the compression due to primary
consolidation and the secondary compression can be expressed by the following
ratios (refer Figures 7.20 and 7210,
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- . . dy = s
Initial compression ratio:  ry =
thy = iy (‘}‘ 28)
A . . N il = £Hq0
Primary compression ratio (log time) :  r, = ———
diy — il (7.29)
. . . \ 104, — aog
Primary compression ratio (rool time) @ rp = :—)
Mg = ap) {7.30)
Secondary compression ratio: rs =1 {ro+ry)
(7.31)

Tre-sitsr value of c,

settlernent observations hawe indicated that the rates of settlement of full-scale
structures are generally much greater than those predicted using wvalues of ¢

obtathed from the results of cedometer tests on small spectmens (e.g Fomm
diatneter=20mm thick) Eowe [16] has shown that such discrepancies are due to
the mnfluence of the clay macro-fabric on dramage behawiour. Features such as
larmnations, layers of st and fine sand, sit-filled Hssures, orgamc mclusions and
root-holes, if they reach a major permeable stratum, have the effect of increasing
the overall permeabiity of the clay mass. In general, the macro-fabnc of a clay is
not represented accurately i a small oedometer specimen and the permeability of
such a specimen will be lower than the mass permeatality.

In cases where fabnic effects are significant, tore realistic values c::-fr:V can be

obtathed by means of the hydraulic cedometer developed by Eowe and Barden
[17] and manufactured for a range of specimen sizes. Specinens 250mm m
diameter by 100mm i thick are considered large encugh to represzent the natural
macro-fabric of most clays: values of ¢ obtamned from tests on specimens of this

size have been shown to be consistent with observed settlement rates.

Details of a hydraulic cedometer are shown in Figure 7 22, Vertical pressure 1s
applied to the specimen by means of water pressure acting across a convoluted
rubber

Constant Spindle

pressure
55U ]
Rubber H
jack % 4 Drainage
Ay 1 i /
| B

N~

e
~ Porous plate
— - Specimen
; e,
o /{;"//’/z .-"{ // e /’fz’{%:/j
Pore water
prassurng

Figure 7. 22 Hydraulic oedometer.
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jack. The system used to apply the pressure must be capable of compensating for
pressure changes due to leakage and specimen volume change. Compression of the
specimen 15 measured by means of a central spindle passing through a sealed
housing i the top plate of the cedometer. Drainage from the specimen can be
etther wertical or radial Pore water pressure can be measured dunng the test and
back-pressure may be applied to the specinen. The apparatus can alse be used for
flow tests, from which the coefficient of permeability can be determined directly.
Methods of test using the hydraulic cedometer are speciiied in BS 1277 (Part &)

Piezometers can be used for the iw-sin determnation of . but the method

requires the use of three-dimensional consolidation theoty, The most satisfactory
procedure 15 to matain a constant head (abowe or below the ambient pore water
pressure in the clay) at the piezometer tip and measure the rate of flow mto or out
of the systemn. If the rate of flow is measured at various times the value of ¢ (and

of the coefficient of permeabiity &) can be deduced. Detads have been given by
Gibson [2, 2] and Willanson [25].
Ancther method of determining ¢ 15 to combine laboratory walues of w2, (which

from expenence are known to be more reliable than laboratory values of ¢_} with

in-sity measurements of &, using Equation 7.17.

Secondary compression

In the Terzaght theory it 15 wnplied by assumption 8 that a change m voad ratio is
due entirely to a change in effective stress brought about by the dissipation of
excess pore water pressure, with permeabiity alone gowerning the time
dependency of the process. However, experimental results show that compression
does not cease when the excess pore water pressure has dissipated to zero but
contitmes at a gradually decreasing rate under constant effective stress. Secondary
compression 15 thought to be due to the gradual readjustment of the clay particles
inte a more stable configuration following the structural disturbance cauzed by the
decrease in void ratio, especially if the clay is laterally confined. An additional
factor 15 the gradual lateral displacements which take place i thick clay layers
subjected to shear stresses. The rate of secondary compression 13 thought to be
controlled by the highly wscous film of adsorbed water surrounding the clay mineral
patticles in the sod & very slow wiscous flow of adsorbed water talces place from
the zones of Him contact, allowing the solid particles to move closer together. The
wscosity of the film increases as the particles mowe closer, resulting in a decrease in
the rate of compression of the sod It 15 presumed that primary consolidation and
secondatry compression proceed stmultanecusly from the tine of loading.

The rate of secondary compression in the oedometer test can be defined by the
slope Ca) of the final part of the compression—og time curve, measured as the vt
compression over one decade on the log time scale. The magmitude of secondary
COMpression in a given time 18 generally greater in normally consclidated clays than
in overconsolidated clays. In overconsolidated clays, strains are mainly elastic but
i normally consobidated clays sigmficant plastic stramns occur. For certan highly
plastic clays and organic clays the zecondary compression part of the
compression—log time curve may completely mask the prmary consolidation patt.
For a particular sodl the magnitude of secondary compression over a given time, as
a percentage of the total compression, increases as the ratio of pressure increment
to titial pressure
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decreases; the magnitude of secondary compression also icreases as the thickness
of the oedometer specimen decreases and as temperature increases. Thus the
secondaty compression characteristics of an cedometer specimen cannot notmally
be extrapolated to the case of a full-scale foundation.

In a small mumber of normally consclidated clays it has been found that
secondary compression forms the greater part of the total compression under
apphed pressure. Bierrum [2] showed that such clays have gradually developed a
reserve resistance aganst further compression as a result of the considerable
decrease m woid ratio which has ocourred, under constant effective stress, over the
hundreds or thousands of years since sedimentation. These clays, although normally
consolidated, exhibit a quasi-preconschidation pressure. It has been shown that
provided any additonal applied pressure 15 less than approzmately 50% of the
difference  between the rcuasi-preconsolidation pressure  and the effective
overburden pressure the resultant settlement will be relatively small

Example 7.4

The following compression readings were talen duning an oedometer test on a
saturated clay specimen (Os = 2.73) when the applied pressure was mcreased from

214 to 429N

Tine (i) 0 Y ¥ 1 2% 4 g 16 25
Gauge (mr) 500 447 462 453 441 428 401 375 349
Tine (roin) Kl 43 i 81 a0 200 400 1440

Gauge (mrr) 328 315 306 300 298 ZEd 276 2.4l

After 1440mun the thickness of the specimen was 13 60mm and the water content
was 32. 9% Determine the coefficient of consohdation from both the log time and
the root time plots and the values of the three compression ratios. Detenmine also
the value of the coefficient of permeability.

Total change in thickness during increment = 500 — 2.61 = 2.39 mm

: o 2.39
Average thickness during increment = 13.60 + —— = 14.80mm

14.80 )

Length of drainage path, d = —— = 7.40mm
From the log tine plot (Figure 7200,
fsp = 12.5min
- 0.1964" 0196 = 7.40° « 1440 = 365 0.45m? /vear
' = 12.5 10° T

300 —4.79 .

I = m = (L.OKE
4.79 - 2.98

m=So0-261

rs =1 — (0.088 + 0.757) = 0.155
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From the root time plot (Figure 7.21) Voo = 7.30, and therefore

tog = 53.3min
B 0.84847 _ 0.848 = 7.40° 1440 x 365

v - = 046 m* fve:

‘ tap 433 x 106 0.46m ."r}"ilr
5.00 — 4.81

0= Soo e 080
10{4.81 - 3.12)

10481 -3.12) oo

= 50500 261 70

ro =1 — (0,080 +0.785) = 0,135

In order to determine the permeability, the value of s must be calculated.

Final void ratio, ¢y = w i, = 0,359 x 2.73 = 0,98

Initial void ratio, 3 = ¢ + Ae

Meow
Ae 1 +ep
Al i
1E.
Ay 198 + A
239 1599
Therefore
Me=10.35 and g;=1.33
HMow
o1t
Yol o) -0
_ | D35 . —4 3
_mxﬁ_?.ﬂx 107 m~/kN
= 0.70m*/MN
Coefficient of perteability:
ko= gy

0.45 = 0.70 = 9.8
B0 1440 % 365 w0 107

=1.0x 10" m/s
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7.9 CORRECTION FOR CONSTRUCTION
PERIOD

In practice, structural loads are appled to the sol not instantaneously but over a
period of time. Tnitially there 1z usually a reduction i net load due to excavation,
resulting in swelling of the clay settlement will not begin untl the appled load
exceeds the weight of the excavated soil Terzaght proposed an empirical method
of cotrecting the instantanecus time—settlement curve to allow for the construction
petiod.

The net load ¢F7) 15 the gross load less the weight of sod excavated, and the

effective construction period (£ ) 15 measured from the tume when ' is zero. It 15
assumed that the net load 15 applied unformly over the time ¢ (Figure 7.23) and
that the degree of consolidation at tune £, is the same as if the load " had been

acting as a constant load for the period Yatc. Thus the settlement at any time dunng
the construction period 12 equal to that eccurnng for mstantaneous loading at half
that time, however, simce the load then acting 15 not the total load, the value of
settlement so obtained must be reduced in the proportion of that load to the total
load.

Load |
Actual
u N
eH Time
- ective
™ construction period T
Loead
Assumed I
B
1
e Time
Lot
4] FEF LY I Time
1 T
I

Corrected curve

1

“Instanfaneouws’” curve

5S¢

Figure 7.23 Correction for construction period.
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For the pertod subsequent to the completion of construction, the settlement
curve will be the mstantaneous curve offset by half the effective construction period.
Thus at any time after the end of construction the corrected titne corresponding to
atry walue of setflement 1z equal to the tine from the start of loading less half the
effective construction period. After a long penod of tume the magmtude of
settlemnent 18 not appreciably affected by the constriction tine.

Alternatively, a tumerical solution (Section 7100 can be used, successive
mcrements of excess pore water pressure bemng apphed over the construction
period.

Example 7.5

& layer of clay Bm thick les between two layers of sand. The upper sand layer
extends from ground level to a depth of 4m, the water table being at a depth of 2m.
The lower sand layer 15 under artesian pressure, the piezometric level bemng fim
above ground level For the clay My =0.94m*/MN and ¢, = Lém?/year, 45 a
result of pumping from the artesian layer the piezometnic level falls by 3m over a
period of 2 yvears. Draw the time—settlement curve due to consolidation of the clay
tor a penod of 3 years from the start of pumpmg,

In this case, consolidation 15 due only to the change in pore water pressure at the
lower boundary of the clay: there 12 no change in total vertical stress. The effective
vertical stress retnains unchanged at the top of the clay layer but will be mncreased
by 3y, at the bottom of the layer due to the decrease mn pore water pressure i the

adjacent artestan layer. The distnbution of As' 13 shown in Figure 7 24 The
problem 18 one-dimensional since the increase i effective vertical stress iz the same
over the

(i

2]

= ==W.T.

Bm Clay

Ag’

Sand

Figure 7. 24 Example 7.5,
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Tahle 7.3
or T, t (years) 5, {mm)
0.10 0.00& 0.09 11
0.20 0.031 0.35 22
0.30 0.070 0.7 33
0.40 0.12a 1.42 44
0.50 0.1%; 2.21 45
0.60 0.28% 3.22 b
0.73 0437 5.00 &0

entire area i question. In calculating the consolidation settlement it 15 necessary to
constder only the value of As® at the centre of the layer. Note that i order to
obtain the value of e it would have been necessary to calculate the mitial and final

values of effective wertical stress in the clay.
At the centre of the clay layer, &¢' = 1.5% = I4TkN/m® The Anal
consolidation settlement 1s given by

sop = myAa' H
=094 = 14.7 = §

= [ 10 mm

The clay layer is open, and therefore = 4m_ For 1= 5 years,

o

Iy = d?
1.4 =5
0.437

From curve 1 of Figure 718, the cotresponding value of T71s 0,72 To obtain the
time— settlement relationshup a senes of values of 1T 13 zelected up to 0,73 and the
cotresponding times calculated from the time factor equation: the corresponding
values of setflement (s} are given by the product of I and s _; (see Table 7.5). The

plot of 5, against ¢ gives the “mstantaneous’ curve. Terzaght's method of correction

for the 2-year period ower which pumping talkes place 1z then carned out as shown
in Figure 7.25.

Example 7.6

An sm depth of sand overlies a ém layer of clay, below which 12 an inpertneable

stratum (Figure 7.26); the water table 15 2m below the surface of the sand. Cwer a
petiod of 1 year, a 2m depth of il (vt weight EDldkamgj iz to be dumnped on the

surface over anh extensive area. The saturated unit weight of the sand 15 196/
atid that of the clay 15 20kIim ; above the water table the vt weight of the sand 12
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t (years)

Flal S

—_—— =

an

__.—Caorrected curve

5. {mm)

&0

A0t

Figure 725 Example 7.5

____wi;41¢+e¢u

2'm

Sand

Clay
B m d=6m

| W T e
Impermeable

{al (o)

Figure 7.28 Example 7.6,
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17k’ For the clay, the relationship between woid ratio and effective stress
{Lnits kl\T.I’mE) can be represented by the equation

a.l
» = (LB8 — .32 log
i UE([UU)

and the coefficient of consolidation 1z 1.26m2f3rear.

{a) Calculate the final settlement of the area due to conschdation of the clay and the
settlemnent after a period of 3 years from the start of dumping.

{b) If a wery thun layer of sand, freely drawung, exmsted 1.5m above the bottom of
the clay layer, what would be the values of the final and 3-year settlemnents?

(a) Since the fill covers a wide area, the problem can be considered to be one-

dimensional. The consoldation settlement will be calculated m terms of C"c,

constdering the clay layer as a whole, and therefore the mibal and final values of
effective vertical stress at the centre of the clay layer are required.

ol = (17 % 2) + (9.2 % 6) + (10.2 x 3) = 119.8kN/m?
e = 088 = 0.3210g 1198 = 088 — 0.025 = 0,835
7, = 119.8 + (3 x 20) = 179.8kN/m’

179.8
log (I 1‘1.1‘1) - 0.176

The final settlement iz caleulated from Equation 7.5

0.32 = (L176 = 6000 182
Bop = = A
ol 1855 mim

In the calculation of the degree of conzelidation 2 vears after the start of dumping,
the cotrected value of titne to allow for the 1-year dumping period i3

=3 ——=2.5 years

|.\_||._..

The layer is half-closed, and therefore d = 6m_ Then

o= _;-::_ _ _] 26 >< 2.5_
o G
= 0.0873

From curve 1 of Figure 7.18, U = 0.335 Settlement after 3 years:

se = L335 = 182 = 61l mm

(b) The final settlement will still be 152mm (ignonng the thickness of the dranage
layer): only the rate of settlement will be affected. From the pomt of wiew of
drainage

© 1974 1378, 1983 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Murnerical solution 265

there 1z now an open layer of thickness 4.5m (d = 2.25m) above a half-closed
layer of thickness 1.5m (d = L.5mY; these layers are numbered 1 and Z,

respectvely.
By proportion
. W
Ty, = 0.0875 % s = 0.622
CU = 0825
atid
- .6
fo, = 00875 = = 1.40)

1.5

S =097

Mow for each layer, % = USer which iz proportional to T/H Hence if 77 ig the
overall degree of consolidation for the two layers combined:

450, + 1.5U; = 6.0T
. (4.5 % 0.825) + (1.5 x 0.97) = 6.0T.

Hence U = 0.86 and the 3-year settlement is

5o = L86 x 182 = 1537 mm

7.10 NUMERICAL SOLUTION

The one-dimensional consohdation equation can be solved numencally by the
method of finte differences. The method has the adwantage that any pattern of mitial
excess pore water pressure can be adopted and it 15 possible to consider problems
in which the load 15 applied gradually over a penod of time. The errors associated
with the method are negligible and the solution iz easily programmed for the
Commputer.

The method 15 based on a depth—time gnd as shown i Fioure 727 The depth
of the clay layer 15 dimded into s equal parts of thickness Az and any spectfied
period of tune 13 dnded mto # equal mtervals Af. Any pomt on the gnd can be
identified by the subscripts § and j, the depth postion of the point being dencted by
{0 < i< m) and the elapsed time by J0 =7 = 1) The value of excess pore water
pressure at any depth after any time 13 therefore denoted by By {In this section the

subscript e 15 dropped from the symbol for excess pore water pressure, 1e u
represents i, as defined m Section 3.3}

The following fingte difference apprommations can be denved from Taylotr's
thecrem:

i 1 ( }
o = o W e TG,

TR R i
3 1
a2 m (i, + vipr; — 205 )
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Figure 7. 27 Depth—time grid.

Substituting these values i Equation 7,16 selds the fimte diference approzmation
of the one-dimensional consolidation equation:

o Af ( . Yty )
M j+1 = Wi+ =5 LIG—1 o Wi 5 — £y
" (Az) ' (7.32)
It 15 convernent to write
g FaAY |
T (Az) (7.33)

thiz tettn being called the aperator of Equation 7.32. It has been shown that for
convergence the walue of the operator must not exceed ¥ The errors due to
neglecting higher-order dertvatives i Taylor’s theorem are reduced to a minitmum
when the value of the operator 15 % .

It 12 usual to specify the mumber of equal parts #e into which the depth of the
layer 15 to be diwmided and as the value of & 15 ltmited a restriction 15 thus placed on

the value of Af. For any specified penod of time £ in the case of an apes laver:

_ ofnAr)
Y LmAz)? (7.34)
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It the case of a haliciossed layer the denominator becomes (mi‘-.z):': atid

T, =3

m* (7.35)

& value of # must therefore be chosen such that the value of 7 in Erquation 7.34 or
725 does not exceed ¥

Equation 7. 32 does not apply to points on an inpermeable boundary. There can
be no flow across an impermeable boundary, a condiion represented by the
ecquation;

i

5 =
which can be represented by the finite difference apprommation:

1

(i1 j—tiipr ) =0

the impermeable boundary being at a depth posttion denoted by subscript i, 16

Ui | j = Mipp g
For all points o an impermeable boundary, Equation 7. 32 becomes

ALY
]

(Az)

i el = Wi+ (20605 — 2u; )

(7.36)

The degree of consolidation at any time £ can be obtaned by determmimng the areas
under the witial isochrone and the izochrone at time £ as in Equation 725
Example 7.7

& half-closed clay layer (free-draining at the upper boundary) is 10m thick and the

value of ¢_1s ?.szfjre at. The itutial distnbution of excess pore water pressure 1s as

follows:
Depth (1) 0oz 4 & & 10
Pressure (kamzj Al 5 41 24 19 15

Ubtatn the values of excess pore water pressure after consohdation has been m
progress for 1 vear.
The layer is half-closed, and therefore d = 10m For 1 = 1 year,

o 79w

-~ = o = 007

v -
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Table 7.4

i

0 1 2 3 4 5 fi 7 8 5 1
0 0 0 0 0 0 a 0 0 0 0
540 406 324 273 235 2007 185 147 153 141 131
41.0 412 387 357 329 304 28 163 244 232 Z1.9
290 294 289 300 Z28e 290 Z83 275 247 260 2573
120 2002 Z1.3 224 233 240 245 249 51 252 Z5%
150 1a4 130 194 20a 2177 2246 234 240 244 247

L T U IS R N =]

The layer 15 dinded mto five equal parts, 18, m =35, Now

T.=— 43

Therefore
nd =0.079 x 5° = 1.98 (say 2.0)

(This makes the actual vatlue of Tv = 0.080 and = 101 years ) The value of 2 will
be taken as 10 (Le. Ar=JYoyear), making . 7= 0.2, The finite diference equation
then becomes

ey =ty 02 (o + ooy — 20 4)

but on the inpermeable boundary:

Wiier = i+ 0.2 (2w — 205 5)

Zn the permeable boundary, # =0 for all values of ¢ assuming the intial pressure

of 60k /m? mstantaneously becomes zero.
The computation 15 set out in Table 74 Convemently, the computation can be
petformed using a spreadsheet.

7.11 VERTICAL DRAINS

The slow rate of consolidation i saturated clays of low permeabiity may be
accelerated by means of vertical drains which shotten the drammage path within the
clay. Conschidation 15 then due mamly to honzontal radial drainage, resulting i the
faster dizsipation of excess pore water pressure;, vertical drainage becomes of
minot wnpottance. In theory the final magnitude of consolidation settlement 15 the
same, only the rafe of settlement bemng affected.

In the case of an embankment constnucted ower a highly compressible clay layer
(Figure 7 2H), vertical drains installed i the clay would enable the embanliment to
be brought mnto service much sooner and there would be a quicker increase mn the
shear strength of the clay. & degree of consclidation of the order of B0% would be
desirable
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Figure 7. 28 Vertical dramns.

at the end of construction Any advantages, of course, must be zet aganst the
additional cost of the mstallation.

The traditional method of mstalling vertical draing 18 by dnwing boreholes through
the clay layer and backfiling with a suitably graded sand Typical diameters are
200-400mm and drains have been mnstalled to depths of ower 30m. The sand must
be capable of allowing the efficient flow of water while preventing fine soil particles
from bemng washed . Careful bacldfilling 1z essential to aveid discontmuties which
could give rise to ‘necking’ and render a drain meffectve. Necking could also be
caused by lateral sodl displacement during consolidation.

Prefabricated drams are now generally used and tend to be more economic than
backfilled drains for a given area of treatment. One type of drain (often referred to
as a “sandwick’) conststs of a filter stocking, usually of woven polypropyvlene, filled
with sand. Compressed ar 15 used to ensure that the stoclung 15 completely flled
with sand. Thiz type of drain, a typical diameter being &3, 12 very flezble and 1=
generally unaffected by lateral sod displacement, the possibility of necling being
wirtunally elirinated. The drains are mstalled etther by mzertion mto pre-bored holes
of, more commonly, by placing them inside a mandrel or casing which 18 then
driven of wibrated into the ground.

Ancther type of prefabnicated dran 15 the Baxd drain, consisting of a flat plastic
core idented with dratnage channels, surrounded by a layer of filter fabric. The
fabnc tust have sufficient strength to prevent it from being squeezed into the
channels and the mesh size must be small encugh to prevent the passage of sl
patticles which could cleg the channels. Typical dinensions of a band drain are
100=4dmm and i design the equivalent diameter 1z assumed to be the peruneter
dimided by . Band drains are installed by placing them inside a steel mandrel which
1z ether pushed, dnven or wibrated into the ground. An anchor 18 attached to the
lower end of the dram to keep it m posthon as the mandrel 15 withdrawn, The
anchor alzo prevents soi from entering the mandrel during installation.
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Dramns are nonmally mstalled m etther a square or a tnangular pattern. As the
obiect 12 to reduce the length of the drainage path, the spacing of the drains is the
most inpottant desigh consideration. The spacing must obwiously be less than the
thickness of the clay laver and there 13 no point i using vertical drams in relatvely
thin layers. It 15 essential for a successfil design that the coefficients of consclidation
m both the honzontal and the wertical directions (¢, and ¢, respectvely) are

known as accurately as possible. In particular, the accuracy of ) 15 the most

crucial factor m design, more wnportant, for example, than the effect of sunphifing
assumptions in the theory used. The ratio o6y is normally between 1 and 2; the
higher the ratio, the more advantageous a drain installation will be. The values of the
coefficients for the clay immediately surrounding the drains may be sigmficantly
reduced due to remoulding during installation, especially if boring iz used, an effect
known as smeear. The smear effect can be taken mto account etther by assuming a
reduced wvalue of ¢, or by using a reduced dram diameter. Another design

complication mn the case of large diameter sand dramns 15 that the column of sand
tends to act as a weak pile, reducing the wertical stress increment imposed on the
clay layer by an unknown degree, resulting i lower excess pore water pressure
and therefore reduced consolidation settlernent. Thiz effect 1z rumimal i the case of
prefabricated drains because of their fexibiity.

Wertical drains may not be effective m overconsoldated clays if the vertical
stress after consolidation remnains less than the preconselidation pressure. Indeed,
disturbance of overconsolidated clay during dram mstallation rght even result mn
increased final consolidation settlement. It should be realized that the rate of
secondaty compression cannot be controlled by wertical dratns.

In polar coordinates the three-dunensional form of the conschdation equation,
with different soil properties in the horizontal and vertical directions, 1z

i P, 1w i,
=Ch| 535 T T Oy o5
i I'( it i ihz* (1.37)

The wertical prismatic blocks of sol suwrrounding the drains are replaced by
cylindnical blocks, of radius & hawing the same cross-sectional area (Figure 7. 2590,
The solution to Equation /.37 can be wntten i two parts:

Uy = f(Ty)
atd
Ur = f(T3)
where U7 =average degree of consolidation due to verfical dramage only, U=
average degree of consolidation due to honzontal (radial) dratnage only,
Ol

T (7.38)

= lime lactor for consolidation due to vertical drainage only

T,
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= time factor for consolidation due Lo radial drainage only

The expression for T, confirms the fact that the closer the spacing of the dramns, the

gquicker the conschdation process due to radial drammage proceeds. The solution for
radial drainage, due to Barron, iz given in Figure 7.30, the Yo7t relationship
depending on the ratio 7 = R/ra. where R is the radius of the equivalent cylindrical
block and rd the radis of the drain. It can alse be shown that

(1=-U)=(1-UH1-U;)

(7.40)

where {715 the average degree of conzolidation under combined vertical and radial
drainage.

Example 7.8

An embankment is to be constructed ower a layer of clay 10m thick, with an
impermeable lower boundary, Construction of the embanlment will mcrease the
total wertical stress i the clay  layer by 65Mfm?. For the clay,
¢y =4.7m?/year, ¢, = 7.9m7 /yearand m, = 0.25m*/MN_ The design requirement is
that all but 25t of the settlement due to consolidation of the clay layer will have
talken place after & months. Detertine the spacing, m a square pattern, of 400tmum
diameter sand drains to achiewe the above recquirement.

Final settlement = m, Ae’ H = 0.25 % 65 % 10

= 162 mm
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Figure 730 Solution for radial consolidation.
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For § = 6 months,

. 162 =125
{} T - {:LHS'

Diameter of sand drains iz 0.4m, 1.e. fa =0.2m
Eadms of cylindncal block:

R=nry =020
The layer 1z half-closed, and therefore d = 10m,

oo 4T = 0.5
To=20 =2 2 0023
! d? 10+ 00233

From curve 1 of Figure 7.18, U =017,

ol 7.9 % 0.5 24.7

T, = = L
TTART T 4% 02w ne

LE.

347

"=V

Mow (1= Uy = (1 - U1 — Up), and therefore

0.15 = 0.83(1 — Uy)
U, =082

A trial-and-error solution 15 necessary to obtain the value of . Starting with a value

of # corresponding to one of the curves in Figure 7. 30 the value of T for Ur = 0.82

ig obtaned from that curve. Using thiz value of T, the value of V24T, gz
calculated and plotted against the selected walue of #.

7 Tr W 2ATIT,
5 0.20 11.1
10 0.33 2.6
15 0.42 A

From Figure 7. 31 it 13 seen that # = 9. Therefore
R=02=9=1.8m
Spacing of drains i a square pattern 15 given by

R 1.8

5= 0.564  0.564

=32m
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PROBLEMS

7.1 In an oedometer test on a specimen of saturated clay (Gs = 2.72) the applied

pressure was ncreased from 107 to 214kfm? and the following compression
readings recorded:

Time (it a Y Ve 1 24 4 i 9 16
Fauge (mn) B2 7430 732 TI1 493 4TE a4l 448 .37
Tirme (i) 25 36 44 fig gl oo 300 1440

Gauge (o) 6.29 624 6.2l 618 616 615 ald a0z

After 1440mun the thickness of the specunen was 12.20mm and the water
content was 23 2%, Deterrne the walues of the coefficient of consolidation
and the compression ratios from (a) the root tine plot and (b) the log time plot.
Determine also the values of the coefficient of volume compressibility and the
coefficient of permeability.
7.2 The following results were obtained from an ocedometer test on a specitnen of
saturated clay:

Pressure {kamzj 27 54 wr 214 4290 214 mr 34
Woid ratio 1.243 1217 1144 1065 0554 1001 1.012 1.024

& layer of thus clay 3m thick les below a 4m depth of sand, the water table
keing at the surface. The saturated unit weight for both sods is 19610/, 4 4m

depth of fill of umit weight 2 1fm? is placed on the sand over an extensive
area. Determine the final settlement due to consolidation of the clay. If the £
were to
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ke removed some tune after the completion of consohdation, what heave
would eventually takee place due to swelling of the clay?

7.3 In an cedometer test a specimen of saturated clay 1%mm thick reaches 50%
consohdation m 20min. How long would it take a layer of this clay 5m thick to
reach the same degree of consolidation under the same stress and dranage
conditions? How long would it talce the layer to reach 30% consohdation?

T4 Asauming the fll i Problem 7.2 15 dumped very rapidly, what would be the
value of excess pore water pressure at the centre of the clay layer after a period

of 3 years? The layer 15 open and the value of ¢_ 15 2.4m2f3rear.
7.5 An open clay layer iz &m thick, the value of ¢ being I.szfj.rear. The mitial

distibution of excess pore water pressure varies hnearly from G0 /m® at the
top of the laver to zero at the bottom. Taing the finite difference approxmation
of the one-dimensional consolidaton equation, plot the isochrone after
consohdation has been i progress for a period of 3 vears and from the
isochrone determine the average degree of consolidation in the layer.

T8 A 10m depth of sand owerlies an Bm layer of clay, below which 1z a further
depth of sand. For the clay, m. = 0.83 m*/MN and ¢, = 4.4m?*/vear. The water
table 1z at surface level but 15 to be lowered permanently by 4m, the mital
lowering taking place over a period of 40 weeks. Calculate the final settlement
due to consolidation of the clay, assuming no change i the weight of the sand,
and the settlement 2 years after the start of lowermg.

77 A raft foundation 60x40m carrying a net pressure of 145k N/m? is located at a
depth of 4 5m below the surface i a depostt of dense sandy gravel 22m deep:
the water table 15 at a depth of 7. Below the sandy grawvel iz a laver of clay Sim
thuck which, m turn, 15 underlain by dense sand. The walue of e for the clay 1z

0.22m2 WM. Determine the settlement below the centre of the raft, the cormer
of the raft and the centre of each edge of the raft, due to consclidation of the
clay.

T8 An ol storage tank 35m m diameter 15 located 2m below the surface of a
depostt of clay 22m thiclk, the water table being at the surface: the net

foundation pressure iz 1056 Tim? A firm stratum underlies the clay. The
average value of me for the clay 1s 0. 14mANIT and that of pOTE pressure

coefficient 4 15 065 The undramed value of Toung' s modulus 15 estimated to

be 40MI/mé. Determine the total settlement under the centre of the tank.

79 A half-closed clay layer 13 Bm thick and it can be assumed that ¢ = Ch
Wertical sand drains 300mim i diameter, spaced at 3m centres in a souare
pattern, are to be used to mcrease the rate of consolidation of the clay under the
increased vertical stress due to the construction of an embankment. Without
sand drains the degree of consolidation at the tine the embankment 15 due to
come mto use has been calculated as 22%. What degree of consohdation would
be reached with the sand drains at the same time?

T10 A layer of saturated clay iz 10m thick, the lower boundary being
impermeable; an embankment 15 to be constructed above the clay. Deterrune
the time recuired for 0% consolidation of the clay layer If 200mim diameter
sahd drains at dm centres in a squatre pattern were installed in the clay, i what
time would the same owverall degree of consolidation be reached? The
coefficients of consolidation in the wertical and horizontal directions, respectively,

are 9.6 and 14.Dm2f§.raar.
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Chapter 8

Bearing capacity

8.1 FOUNDATION DESIGN

& foundation 15 that patt of a structure which transtmits loads directly to the
undetlying sodl. This chapter 1z concerned with the beanng capacity of sols on
which foundations are supported, alied to the general philosophy of foundation
design. If a zoil stratum near the surface 15 capable of adecuately supporting the
structural loads it 15 possible to use gither footings or a rafi, these being referred
to i general as shallow foundations. & footing 15 a relatively small slab grnng
separate suppott to part of the structore. A footing supporting a single column is
referred to as an mdindual footing or pad, one supporting a closely spaced group
of colunng as a combined footing and one supporting a load-bearing wall az a strip
tooting A raft 15 a relatively large single slab, usually stiffened with cross members,
supporting the structure as a whole, If the soid near the surface iz mcapable of
adequately supporting the structural loads, piles, or other forms of deep
toundations such as piers of cassons, are used to transtit the loads to sutable sod
{or rock) at greater depth. In addibion to being located within an adequate beanng
stratum, a foundation should be below the depth which 12 subjected to frost action
{around 0.5 in the Tnited Eingdom) and, where appropriate, the depth to which
seascnal swelling and shrinkage of the soil takes place. Consideration must also be
gven to the problems ansing from excawating below the water table i it 1=
necessaty to locate foundations below this level The choiwce of foundation level
may also be influenced by the possibility of future excavations for services close to
the structure and by the effect of construction, particulatly excavation, on exsting
structures and services.

Eesults from elastic theory (Figure 5. 8) mdicate that the mcrease i vertical stress
i the soil below the centre of a strip footing of wadth & 1s apprommately 20% of
the foundation pressure at a depth of 28 In the case of a square footing the
corresponding depth 1z 1,55, For practical purposes these depths can normally be
accepted as the limits of the zones of mfluence of the respective foundations and
are called the sigmificant depihs. An alternative approach 15 to take the sigmficant
depth as that at which the wvertical stress 13 20% of the effective owerburden
pressure. It 18 essential that the soil condiions are known within the significant
depth of any foundation.

There are two possible approaches to foundation design, as follows.

(11 The permicsible stress method, as used m BS BO04: 1986 [7], uses a
lumped factor of safety to ensure that the pressure applied to a foundation element
1z significantly less than the walue which would cause shear failure in the supporting
soil. The applied pressure is
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due to dead load and mammum mmposed load A relatively high factor of 2-3
imotre often the latter) 15 specified to allow for uncertainties in 2odl conditions and
analytical method, and to ensure that settlement 13 not excessive. The allowable
bearing capacity (g ) 1s defined as the masmum pressure which may be applied

to the sedl such that an adedquate factor of safety against shear failure 15 ensured and
that settlement (especially differential settlement) should not cause unacceptable
damage nor interfere with the function of the structure. For prelimnary design
purpoeses, presumed bearing walues (Takle 8.1 are gwen in BS 2004, being
pressure ranges which would normally result m an adequate factor of safety agamnst
shear fatlure for particular sodl types, but without consideration of settlement.

(2) The fHmif state method, on which BEurocode 7 (ECY) 15 based, aims at
ensunng that all relevant performance requiremnents are satisfied under all
concewvable circumstances. Ultinate bt states are concerned with the avoidance
of collapse or major damage. Serviceability bt states are amed at the avoidance
of unacceptable settlement which could give rnse to minor damage or impairment of
finction. To these ends, design 15 based on partial safety factors which are applied
te charactenstic permanent (dead) and vanable (mposed) loads, referred to as
actions, and szoll parameters, referred to as ground properties. Each action is
multiplied by an appropriate partial factor and each ground property 15 dimded by
an appropriate factor. The margm of safety 15 thus denved from two sources.

The following limit states should be considered as appropnate. Both ultimate
livut states and serviceabiity lirmit states must be satisfed.

Uliismaite Hwt siaios

1 Bearing resistance falure caused by shear falure of the supporting sodl

& Loss of overall stabdity due to the development of a deep shp surface within the
supporting soil (analysed using the methods described in Chapter 93

2 Fatlure by shiding under inclined loading

4 Combined solfstructure falure or structural falure of the foundation element due
to excesstve foundation moverment.

Tahle & I Presumed bearing values (BE 5004:1986)

Seil bppe Bearing  Remarks
walie
(kM)
Dense gravel or dense =00 Width of foundation (B) not less than 1m.
sand and gravel Water table at least B below base of

Medium-dense gravel or 200-6pq foundation

medum-dense zand and

gravel

Loose gravel or loose sand <200

and grawvel

Dense sand =300
Medim-dense sand 100-300

Loose sand <100

Very stiff houlder clays 300—-600 Susceptihle to long-term consolidation
and hard clays settletnent
Saff clays 150300

Firm clays T5—150

Soft clays and silts <75

Very soft clays and silts -
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merviceability fimit states

5 Excesaive settlement {or heaving): excessive angular distortion.
& Vibration resulting i unacceptable effects such as settlement and sed
liruefaction.

Three design cases are described m ECV. Case A concerns situations m which
stability 15 gowverned by the weight of the structure, with ground properties such as
shear strength being relatively msignificant. An example 15 the uplift on a foundation
due to hydrostatic pressure. In this case, weight 15 a favourable permanent action to
which a parttial factor of 095 15 applied while hydrostatic force 15 an unfavourable
variable action to which a parhal factor of 1.50 13 applied. Ancther example is the
overturning of a retaning wall Case B concerns siuations of uncertamnty in
unfavourable permnanent and vanable actions to which pattial factors of 1.25 and
1.50, respectively, are applied while ground properties are unfactored. This case 15
notmally relevant to the structural design of foundations and retaming walls. Case ©C
deals with situations i which the walues of ground properties are uncertain,
therefore partial factors greater than umty are appled to the relevant sod
parammeters. For parameters ' and tan ¢ factors of 1.60 and 1.25, respectively,
have been propesed. For parameter | the proposed factor 15 1.40. In thiz case a

factor of unity 15 appled to both favourable and unfavourable permanent actions
and a factor of 1.30 to variable actions. In all cases, vanable favourable actions are
not considered, 1e the partial factor 13 zero. Case C 15 normally critical in
determining the dimensions of foundations, the depth of embedded retamng walls
and i analysing the stabiity of slopes (Chapter 9. For settlement calculations all
pattial factors are 1.00.

In the lwmt state method kearing resistaxce (a load) 15 uzed m contrast to
bearing capacity (a pressure) in the permissible stress method. The ultimate bearing
resistance 13 developed when shear fatlure of the supporting sol 15 on the pomt of
occurting. Bearing resistance 15 used m it state design to be consistent with the
resistance of other materials used m construction and because it talees account of
the shape of the foundation and the nature of loadng Bearing resistance falure
{and other ultimate states) should be checked for both Casze B and Case C, as
defined above Both undramed and dramed condiions should be checked in the
case of clays, although the undramned condiion 15 usually criical.

Settlement damage

Damage due to settlement may be classified as architectural, fonctional or
structural. In the case of framed structures, settlement damage 15 usually confined to
the cladding and finishes {(Le. architectural damage): such damage 18 due only to the
settlement occurring subsequent to the apphcation of the cladding and firushes. In
some cases, structures can be designed and constructed i such a way that a
certain degree of movement can be accommedated wathout damage. In other cases
a certain degree of cracking may be wnewitable if the structure iz to be econorme. It
may be that damage to services, and not to the structure, will be the lmiting
criterion.  Based on observations of damage m buldings, Skempton and
WlacDonald [43] proposed lts for masarmum settlement at wlich damage could
be expected and related massirum settlement to
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Table £ 2 Angular distortion limits

1/150  Structural damage of general huldings expected
1/250  Tiltng of lugh nigd buldings may be nsthle

11300 Cracking in panel walls expected
Difficulties wath overhead cranes

14500 Lamit for buddings m which craclang is not pertmissible
1600 Cwerstressing of structural frames with diagonals
1750 Difficulties with machinery sensitive to settlement

angular distortion. The angular distortion (also known as relative rotation) between
two points under a structure 15 equal to the differential settlement between the
potts dinded by the distance between them. Mo damage was observed where the
angular  distortion was less than 1/2000 for indiidual footings this figure
corresponds roughly to a masarmum settlement of 50mim on sands and of 7omm on
clays. Angular distortion limnits were subsequently proposed by Bierrum [32] as a
general ouide for a number of structural sttiations (Takle B 2% It is recommended
that the safe limit to avoid crackmg i the panel walls of framed structures should be
14500, In the case of load-bearing brickwork the criteria recommended by Polshin
and Tolcar [25] are generally used. These criteria are given in terms of the ratio of
deflection to the length of the deflected part and depend on the length-to-height
ratio of the building: recommended deflection ratios are within the range 0.3 x 10}
to 0.7 % 1077 In the case of buildings subjected to hogging the criteria of Polshin
and Tokar should be halved.

The abowve approach to settlement himits 12 empirical and i3 intended to be only a
general gmde for simple structures. A more findamental damage crterion 15 the
lirruting tensile stramn at which wisible cracking occurs m a given matenal Ideally the
concept of limiting tensile strain should be used i conjunction with an elastic strain
analysis using a sunple idealization of the structure, including foundations, partitions
and fmshes. & comprehensive discussion of settlement damage m buldings has
been presented by Butland and "Wroth [13].

Geotechnical categories

Foundation problems, and geotechnical problems i general, can be dinded into
three categories, as follows, the scope of the ground iwestigation and design
procedure depending on the category in question.

Category 1 comprises typacally the foundations for relatvely small and simple
structures (e.g. lightly loaded 1-2 storey builldings) for which the ground conditions
(confirmed by sitnple procedures such as trial pits) are known from experience to
be uncomplcated with no lecse or compressible strata and ne sigmficant
groundwater problems. Design 15 normally based on experience and routine
procedures such as the application of presumed bearmg walues. Stability and
settlement calculations are not usually necessary.

Category 2 includes shallow or deep foundations for conventional structures,
bridges, retaming walls and embanliments for which abhormal risk, unusual loading
conditions and difficult ground condmions are all absent Detals of ground
conditions
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are determined from routine iwestigation procedures such as boreholes plus field
and laboratory tests. Mo sigmficant problems with groundwater condiions should
ocour either during or after construction. Design normally involves routine stability
and zettlement calculations.

Category 3 mcludes shallow and deep foundations for relatively large or unusual
structures, deep excavations and embankments mvolving abnormal risk andfor
excepticnally  difficult ground conditons (ncluding  groundwater conditions).
Extensive ground mvestigation supplemented by feld and laboratory testing is
normally required, often requinng the use of advanced techriques. Design usually
tiecessitates extensive stabdity and settlernent caleulations, often involwng the use of
computer analyses such as the finte element method.

8.2 ULTIMATE BEARING CAPACITY

The ultmate beanng capacity (g 15 defined as the pressure which would cause

shear falure of the supporting sod imme diately below and adjacent to a foundation.

Three distinct modes of failure have been identfied and these are illustrated in
Fioure H.1: they will be descnbed with reference to a stip footing In the case of
general shear failure, contitmous falure surfaces develop between the edges of
the footing and the ground surface as shown m Figure 5.1 As the pressure is
mcreased towards the value g the state of plastic equilibrium 15 reached mitially i

the soil arcund the edges of the footing, then gradually spreads downwards and
outwards. Ulttnately the state of plastic equiibrium 15 fully developed throughout
the soil above the fmlure surfaces. Heaving of the ground surface occurs on both
sides of the footing although the final slip movement would ocour only on one side,
accotnpatied by tilting of the footing This mode of falure 15 typical of sods of low
compressibility (1e. dense or shff sois) and the pressure—settlement curve 13 of the
general form shown in Figure 8.1, the ultimate beanng capacity being well defined.
In the mode of local shear failure there 12 significant compression of the ol under
the footing and only partal development of the state of plastic equilibrium. The
fallure surfaces, therefore, do not reach

Pressure

EL
(bl

Settlement

ic

&

el . ’
‘\\// £

N y

Figure § 7 Modes of falure: (a) general shear, (b) local shear and
(c) punching shear.
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the ground surface and only shght heawing occurs. Tilting of the foundation would
not be expected. Local shear falure 15 assoctated with sodls of high compressibiity
and, as wndicated in Figure 8.1, 15 charactenzed by the occurrence of relatively large
settlements (which would be unacceptable i practice) and the fact that the ulbmate
bearing capacity 18 not cleatly defined. Punching chear faifure ocours when there
1z relattvely high compression of the sodl under the footng, accompamed by
sheanng i the wertical direction around the edges of the footing. There 15 no
heawing of the ground surface away from the edges and no tilting of the footing.
Eelatively large settlements are also a characteristic of this mode and agamn the
ultitnate beanng capacity 15 not well defined. Punching shear failure will also occour
i a sodl of low compressibility if the foundation 1s located at considerable depth. In
general the mode of fadure depends on the compressibility of the sod and the depth
of the foundation relative to its breadth.

The bearing capacity problemn can be constdered in terms of plasticity theoty,
The lower and upper bound theorems (Secton 6.1 can be appled to give
solutions for the ultimate bearing capacity of a soil. In certain cases, exact solutions
can be obtaned corresponding to the equality of the lower and upper bound
solutions. Hewever, such solutions are based on the assumption that the sod can be
represented by a petfectly plastic stress—stram relationship, as shown m Figure 6.1
This apprommation 13 only realistic for soils of low compressibiity, 1e sods
corresponding to the general shear mode of fatlure. However, for the other modes,
settlemnent and not shear fatlure 15 normally the imiting criterion.

& sutable falure mechanistm for a strip footing 15 shown i Fioure 5.2 The
tooting, of width B and mifinite length, carnies a unidform pressure ¢ on the surface of
a mass of homogeneonus, 1sotropic soil The shear strength parameters for the soil
are dencted by the general symbols £ and @ As a sinplifiing assumption the vt
weight of the soil is neglected (e, ¥ =0, When the pressure becotmes equal to the
ulimate bearmg capacity g, the footing will have been pushed downwards mto the

sofl mass, producing a state of plastic equilibrinm, i the form of an active Eankine
zone, below the footing, the angles ABC and BAG being 45" + @2 The
dovwnward mowement of the wedge ABC forces the adjoining sod sideways,
producing cutward lateral forces on both sides of the wedge. Passive Eankine
zones ADE and BGFE therefore develop on both sides of the wedge ABC, the
angles DEA and GFB being 45" = ¢/2. The transition between the downward
mowvement of the wedge ABC and the lateral movement of the wedges ADE and
BGF takes place through zones of radial shear (also known as ship fans) ACD and
BCG, the surfaces CD and CG being logarithmic spirals (or circular arce if @ = 0y
to which BC and ED, or AC and FG, are tangential & state of plastic equilibrium
thus

Figure £ 2 Fallure under a stnp footing,
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exists above the surface EDCGE, the remamder of the scdl mass being in a state of
elastic equilibrinm.

The following exact solution can be obtaned, usmg plasticity theory, for the
ultitnate beanng capacity of a stnip footing on the surface of a weightless soil, based
on the mechanism described above. For the undrained condition (% = Uy in which
the shear strength 15 gven by ¢

gr = (2 + mey = 5.14e,

(3.1)

The dertvation of this walue has been given by Atkinzon [1] and Parry [32].

For the general case i which the shear strength parameters are ¢ and @, it 15
necessary to consider a surcharge pressure ¢ acting on the soil surface as shown
o qr =ccotdlexp(m tan ) tan(45° + 6/2) — 1] |
in Fyure 8.2, otherwise if + g |exp(mtan ¢) tan®(45° + i/ 2]] the bearing
capacity of a sod for which the unit weight 12 neglected would be zero, The solution
for thiz case, attributed to Prandt]l and Eeissner, 15

qu = ...rD
(2.2)

Howewer, an addiional term must be added to Equation 8.2 to take mto account
the component of bearing capacity due to the self-weight of the sod This
component can only be determined approzmately, by numerical or graphical
tneans, and 15 sensitive to the value assumed for the angles ABC and BAG in
Figure 8.2

Foundations are not normally located on the suface of a soil mass, as assumed
in the abowve solutions, but at a depth O below the surface as shown m Fioure 8.3
In applying these solutions in prachice it 15 assumed that the shear strength of the sod
between the surface and depth 215 neglected, this soil being considered only as a

surcharge imposing a unfform  pressure  dr !-"ru—".-l’l"u+§“.-ff-"'*-_ on  the

honzontal plane at foundation level This 15 a reasonable assumphion for a shadlow
foundation (interpreted as a foundation for which the depth £ 15 not greater than the
breadth 5). The soil above foundation lewel 13 normally weaker, especially of

backfilled, than the sod at greater depth.
The ultimate bearing capacity of the sod under a shallow strip footing can be
expressed by the following equation:

2 (8.3)

]

Figure & 3 Footing at depth 2 below the surface.
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where MV, Nq atd NT are bearing capacity factors depending only on the value

of the shear strength parameter @ The first tern in Equation 8.3 15 the contribution
to bearing capacity due to the shear strength component represented by parameter
¢, the second term is the contribution due to the surcharge pressure and the third
term 13 due to the weight of the 201 below foundation level The superposition of
components of bearing capacity 15 theoretically ncorrect for a plastic material but
the resulting error is considered to be on the zafe side.

The walues of Nq and N, implett in Equation 8.2 should be used in bearing

capacity calculations, 1.6

, ) ) af L. W
Ny = expl7tlan ¢) tan” (4}' + ?)

Ne=1(Ng—=1)cola

Walues for factor N’:f hawe been obtained by Hansen [23] and Meverhof [27].
represented by the following approzmations:

N. = 1LEB(N; — I)tan¢ (Hansen)
N, (Ng = D)tan (1.4¢)  (Meverhaf)

In EC7 the following value 15 proposed:

N, =20(N; — 1} 1an ¢

Walues of NE, Nq and N’r‘ are plotted m terms of @ in Figure 8.4 Hansen' s values
of N’r‘ are used in the examples in thiz chapter.

The problems involved i extending the two-dimensional solution for a strp
footing to three dinensions would be considerable. Accordingly, the bearing
capactties of square, rectangular and circular footings are determined by means of
serni-empirical shape factors applied to the solution for a stnp footing. The bearing
capactty factors N, Nq atiel N’:f should ke multiphed by the respective shape

factors 5, & q atid Ey WVarious proposals for shape factors have been published. The

tollowing stmplified values are sufficiently accurate for tnost cases i practice:
S¢ = 8¢ = 1.2 for both square and circular footings, S = U for a square footing or
0.6 for a circular footing (Le. the third term in Equation 8.3 becomes 0480y or
0.3p8My, respectively). For a rectangular footing of breadth & and length £, the
shape factors are obtained by lnear interpolation between the values for a strip
footing (B/L =07 and a square footing (B/L=1) ie % =35 =1+028/L 49
s =1 =0.2B/L. More detailed proposals for shape factors, as functions of &,
have been grven by Hansen [23, 20] and DeBeer [17]. Detaled expressions are
also given n ECY [18] Depth factors 4, I::J:'I:1 and d’:f hawve also been given in terms

of the ratio L¥8 bt these should only be used 1f it 15 certain that the shear strength
of the sodl abowe foundation level 1z, and will remain, equal (or almost equal) to that
below foundation lewvel.

The effect of mchned loading on bearing capacity can be taken into account by
means of inclhnation factors. I the angle of inchination of the resultant load to the
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Figure & 4 Beanng capacity factors for shallow foundations.
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vertical 15 & then IV, Nq atied N’:" should be multiplied, respectively, by the following

factors:

H

=1 ST (8.4)
) l 1.5H
NT T (2.5)
i f:
(2.6)

where I and A are the vertical and honzontal components of the resultant load,
respectively. More detalled walues of inchnation factors, as functions of the shear
strength parameters, have been given by Hansen [23, 50].

The bearing capactty equation can be wntten m general form by mcluding the
shape and mclnation factors (plus depth factors ff appropriate). Thus

1
i = ['.'\'.n_-.‘-'n_-l'.u_ T h ."'I-:..:_-'I'|.|!:\_§ + ;F: BN 5 L (8 F."‘j

Footings may be subjected to eccentric and mclined loading resulting i a reduction
in bearing capacity. If ¢ 13 the eccentricity of the resultant load on the base of a
tooting of width &, an effective foundation width B° should be used i Equations 2.2
and 5.7, where

HI = - 2{"
(3.8)

The resultant load 15 assumed to be umformly distributed owver the effective width
B If the resultant load 15 also eccentnic m the length dwection of a rectangular
footing, a stmilar expression is used for the effective length L

It 15 wital that the appropriate walues of unit weight are used in the bearing
capacity equation. In an effective stress analysis three diferent stuations should be
considered. (1) If the water table 15 well below foundation level, the bull umt
weight ) 15 used m the second and third terms of Equation 2.2 or 8.7 (2) If the
water table 1z at foundation level, the effective (buovant) umt weight /%) must be
used in the third term (which represents the resistance due to the weight of the soil
below foundation level), the bulk umt weight being vsed i the second tern
{representing the resistance due to the surcharge above foundation level). (2) Ifthe
water table iz at the surface, the effective unit weight must be uzed in both the
second and third terms. In the case of a sand (¢’ = 0) the first term iz, of course,
zere. In a total stress analysiz of a foundation on fully saturated clay the saturated
(Le. total) unit weight (y__) 15 used in the second term, the third term bemg zero (
"r =1 for Wy = D:I

For foundations under wotlung load the masomum shear stram wathun the
supporting soll will normally be less than that required to develop peak shear
strength i dense sands or stiff clays. Strain must be low encough to ensure that the
settlement of the foundation 1z acceptable. The allowable beanng capacity or the
design beanng resistance should be calculated, therefore, using the peak strength
parameters corresponding to the appropriate stress lewels. Tt should be recognized,
howewer, that the results of beanng capacity calculations are very sensitive to the
values assumed for the shear strength parameters, especially the higher values of
¢’ Due consideration must therefore be given to the probable degree of accuracy
of the parameters.
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Lumped and partial factors

The pressure applied to the sed at the base of a foundation due to all vertical
loading abowve that level 12 referred to as the total or gross foundation pressure i),
The net foundation pressure (g, ) 15 the mcrease n pressure at foundaton level

being the total foundation pressure less the weight of sod per unit area permanently
removed, 1e the diference m pressure on the soi before and after construction
Thus

gy =g — D

The umt weight ¢ may be ether the total stress or the effective stress wvalue,
depending on the type of analysis,

According to the perrnissible stress method, the factor of safety (7)) with respect
to shear fatlure 15 defined i terms of net ultimate bearmg capacity (g, g, 1.2,

_ e gr — D

F
in =0 (8.9

However in the case of shallow footings, if the walue of ¥ iz relatively high, there 1=
no significant difference between the values of & in terms of net and total pressures.
In the it state method the design beanng resistance (&) 15 calculated using the

factored shear strength parameters. The vertical design acton (¥ ) 15 caleulated

from factored loads without subtracting the weight of overburden sod (because
safety is not defined in terms of the ratio Ra/Va). The bearing resistance bt state
1z satisfied if the design action iz less than or equal to the design bearing resistance.

Skempton’s values of IV

In a review of bearing capacity theory, Skempton [40] concluded that n the case
of saturated clays under undrained conditions (9 = cuNe + 70 the ultimate bearing
capactty of a footing could be expressed by the equation:

#= L
(3.10)

the factor NV, being a finction of the shape of the footing and the depth/breadth
ratio. skempton’s values of IV, are given m Figure 8 5. The factor for a rectangular
footing of dimensions B < L (where 0.84 +0.168/Lyz the walue for a square

footing multipled by (%] . The values of N may be used for stratfied deposits

provided the value of ¢ for a particular stratum 15 not greater than nor less than the

average value for all strata within the significant depth by more than 50% of that
average value.

Base lailure in excavations

Beanng capacity theory can be applied to the problem of baze falure in braced
excavations i clay under undrained condiions. The application 18 limited to the
analysis of cases i which the bracing 15 adequate to prevent sigmficant lateral
deformation of the sl adjacent to the excavation A simple falure mechanizsm,
otiginally proposed by Terzaght [45], 15 dlustrated i Figure 8.6, the angle at
being
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45% and be being a circular arc if o = U; therefore the length of ab is (B/2)cos 457
{apprommately 0.7B). Falure occurs when the shear strength of the clay is

insufficient to resist the average shear stress resulting from the wertical pressure ()
on ac due to the weight of the sod (0.7p85) reduced by the shear strength on o

(e
Thus

oo
078

p=~H -

The problem iz essentially that of a bearing capacity analysis in reverse, the sod
below the base bemg unloaded as excavation proceeds, there being zero pressure
at the bottom of the excavation and p representing the overburden pressure. The
shear strength avadable along the fature sutface, acting m the opposite direction to
that m the beanng capacity problem, can be ezpressed as ¢ N, where N 1z the

appropriate bearing capacity factor (taken to be 5.7 by Terzaght). Thus for lirnting
ecquilibrivugn

oo
0.78

N = “I-ff —

The factor of safety agamnst base fatlure 15 given by

Cy -""'ra.'

o = e O TBH (2.11)

It a firm stratum were to exst at depth beelow the base of the excavation, where
Dy < 078, then D replaces 0.7B m Equation 8.11.

Bazed on observations of actual base falures m Oslo, Bierrum and Eide [2]
concluded that Equation 8.11 gave reliable results only in the case of excavations
with relatively low depthifbreadth ratios. In the case of excavations with relatively
large depthibreadth ratios, local falure occurred before shear falure on od was
fully mobidized up to suface level Biermum and Fide proposed that Skempton’s
beanng capacity factors (Figure 8.5, wath D bemg replaced by &) should be used
i the analysiz of base heave, the condition of hmiting equilibrinm being given by
writing ¢ =0 in Ecuation 8.10. Thus, the factor of safety against base failure is
given by

oy Ve

~H (8.12)

Fy =

It a surcharge pressure (@) acts on the surface adjacent to the excawvation, the
denotninator in Equation 8.12 becomes YH + 4.

Example 8.1

A footng 2.25%2 25m 15 located at a depth of 1.5m in a sand, the shear strength
parameters to be used in design being ¢ =0 and ¢ = 38" Determine the ultimate
beatihg capacity (a) if the water table 15 well below foundation lewel and (b) o the
water
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table 1z at the surface. The umt weight of the sand above the water table is

18k10/m?; the saturated unit weight is 20k17/m?.
For a square footing the ultimate beanng capacity (with © = 07 1z given by

g = -"IrD_-J'\'rLI -+ ﬂq-"-ﬁ.\n

For ¢ = 3%° the bearing capacity factors (Figure 8.4) are ¢ = 387 and Ny =49
Therefore

gr = (18 % 1.5 % 49) + (0.4 % 18 x 2.25 x 67)
= 1323 + 1085
= 2408 KN /m?

When the water table iz at the surface, the ultimate bearing capacity 13 given by

gr = ' DN, + 0.4+ BN,
= {102 % 1.5 x49) + (0.4 = 10.2 = 2.25 = 67)
= T50 + 613

= 1365kN/m’

Example 8.2

& strip footing 15 to be designed to suppott a dead load of J00kM/m and an
mmposed load of 300k An at a depth of 0.7m m a gravelly sand. Characteristic
values of the shear strength parameters are ¢ =0 and ¢ = 40° Determine the
requited width of the footing of a (lumped) factor of safety of 3.0 agamnst shear
failure 15 specified and assurming that the water table may nse to foundation level
Would a foundation of that wadth satisfy the bearing resistance limit state? The urt
weight of the sand abowe the water table 15 17k17/m” and below the water table the
saturated unit weight 1z 20,

For ¢ =40° the bearing capacity factors (Figure 2.4) are N+ =93 and
Ny =03 For an analysis in terms of effective stress (the buoyant unit weight of the

sand bemng relevant below the water table), the gross ulbmate bearing capacity
{(units kMim) 1z

A B
i = F:I]r}."‘l-"l + i": H"\.".‘

1
—.{I?xﬂ.?xﬁ-ﬂl}+(;

* 12 = B ox ‘JS)

= 762 + 4858

Then the net ultumate bearing capacity is

gar = gr — 70 =750 + 4858
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It should be noted that net ultunate bearng capactty would be obtamed directly o
Ng = 1 were used in the bearing capacity equation.

The net foundation pressure 1

)

ffn ﬁ_ []?K{'}.T]’

Then, for a factor of safety of =,

| 200
3(750 4+ 4858) = <= — 12
Hence B=1.55m

In the lmit state approach, Casze C is relevant to the determination of footing
width, TTaing the partial factors given m Section 8.1 the design wvalue of @i
tan~' (lan40°/1.25) = 34° (e ¢} =tan ' (tan¢{/1.25)) and the corresponding
bearing capacity factors are o =
resistance 18

35 and No =30 Hence the design bearing

| .
Ry = 1.55((17 = 0.7 = 30) <4 (gx 102 x 1.55 = 35) = 982 kN/m

and the design action 1z

Vg = (500 % 1.00) + {300 x 1.30) = 890kN/m

The design action i3 less than the design bearing resistance; therefore, the bearing
resistance limit state 15 satisfied.

For Caze B, which iz relevant to the stuctural design of the footing, the design
value of @' is 40° (partial factor 1.00), then No = 64, Ny =95 and R is calculated
to be 22344k m. The partial factors used m the calculation of the design action are
135 and 150, hence ¥, is (500 % 1.35) + (300 = 1.50) = 1125kN/m, e

considerably less than &, Case C clearly controls the design.

Example 8.3

A foundation 2.0x2 Om 15 located at a depth of 4. 0m 10 a stff clay of saturated umt
weight 21kM/m®. The undrained shear strength at a depth of 4.0m 15 given by the
characteristic parameter ¢u = 120kN/m® (¢, =0), The foundation supports a
permanent load of 1200k and a vanable load of 700K, Is the foundation
satisfactory with respect to the beanng resistance limit state? "What 13 the factor of
safety with respect to shear strength?

In the it state approach the design action 1s

Vg = (1200 x 1.00) + (700 x 1.30) = 2110kN
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The design value of £, 15 120140, 16 85kM . In this case P/B =2, then

from Figure .5 the value of coefficient Nc is 8.4 For =0, Ny =1 Hence the
design bearing resistance 1s

Ry = 1:[[55 w 3_4;. 4 |:2| % 4:' = J1Y2kN

The design action 15 less than the design beanng resistance, therefore, the
feundation 15 satisfactory with respect to the bearing resistance limnit state.
The design should be checked for the draned condition using parameters ¢ and

¢’

In the pertrissible stress method unfactored loads are used, hence the net
foundation pressure 1z

1900} 2
g = (—_jj—-) = (21 x 4) = 91 kN/m~

The net ulbmate bearing capacity iz

gor = 120 x 8.4 = 1008 kN /m?

The factor of safety 15 1008/391 = 2.58.

Example 8.4

The base of a long retaimng wall 15 3m wide and 13 1m below the ground surface in
front of the wall the water table 15 well below base level The wertical and
honzontal components of the base reaction are 282 and 102kMNfm, respectively.
The eccentnicity of the base reaction 15 0.36m  Approprate shear strength
parameters for the foundation soil are ¢ =0 and @ = 35", and the unit weight of
the soil is 18KM/m? Determine the factor of safety agatnst shear falure.

The effective wadth of the base 15 given by

B =8-2=228m

For ¢ = 35" the bearing capacity factors (Figure 8.4) are Vo = 33 and Ny =41

The mchnation factors are:

, 1.5 =102
Iy 1 - (T) 0.46

i, = 0467 = 0.21
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The ultimate bearing capacity 13 given by

, 1
gr = TONgiq + =18 N, i,

]
= (18 x 1 %33 = 0.46) + (; 18 = 228 = 41 xﬂ.ll)

=273 4+ 177 = 450 kN/m’?
Cooger = gy — 7D = 432 Ich.fm:

The net base pressure 1z

282 : s
fn = === — 18 = 106 KN/m"

224
Then the factor of safety 18

gy 106

8.3 ALLOWABLE BEARING CAPACITY OF CLAYS

The allowable bearing capacity of clays, sty clays and plastic sits may be hrmted
either by the requirement of an adecuate factor of safety agamst shear fallure or by
settlement constderations. Suntlatly, i the limnit state approach, etther the ultinate or
the serwiceabiity state may be the ruling crterion. Shear strength, and hence the
factor of safety, will mcrease whenever consolidation takes place. For
homogeneous clays with low mass permeabdity, the factor of safety, therefore,
should be checked for the condibon mumediately after construction, using the
undrammed shear strength parameters. However, in the case of clays exhibiting
sigrificant macro-fabnc features the mass permeabdity may be relatively lugh and
the undramed conditton may be overconservative at the end of construction. The
methods of estimating the immediate settlement under undramed conditions and the
long-term conselidation settlement are detaded i Chapters 5 and 7, respectively.
For most cases m practice, sunple settlement caloulations are adequate prowvided
that reliable values of scil parameters for the in-siti soi have been deterrmined. It
should be appreciated that the precision of settlement predictions 15 much more
mnfluenced by maccuracies m the values of soil parameters than by shortcomings in
the methods of analysiz. Sampling disturbance can have a senous effect on the
values of parameters determined in the laboratory. In settlement analysis the same
degree of precision should not be expected as, for example, m structural
calculations.

The factor of safety and wnmediate settlement should be estimated on the basis
of dead load plus mibal (short-term) wnposed load Estmates of consolidation
settlement should be based on dead load plus the average mmposed load expected
over a long period of time.

settlement on overconsolidated clays depends on whether the preconsolidation
pressure 15 exceeded, and if so to what extent, for a grven foundation. The bearing
pressure should notmally be limited so that the preconsolidation pressure 15 not
exceeded. In the case of a senies of footings, differential settlement may be reduced
by increasing the size of the largest footings above that required by the allowable
bearing capacity. Foundations are not usually supported on normally consolidated
clays because the resulting consolidation settlement would almost certanly be
EXCESSIVE.
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If a stratum of soft clay lies below a firm stratum in which footings are located,
there 1z a possibiity that the footings may break through into the soft stratum. Such
a possibiity can be avoided o the vertical stress increments at the top level of the
clay are less than the allowable bearing capacity of the clay by an adequate factor.

8.4 ALLOWABLE BEARING CAPACITY OF SANDS

In this section the term “sand’ includes gravelly sands, sty sands and non-plastic
silts. Mlost sand deposits are non-homogeneous and the allowable beanng capacity
of shallow foundations 13 linited by settlement considerations except possibly i the
case of narrow footings, Thus m bt state design the serwceability bt state 13
normally the gowverning criterion and in the traditional approach the allowable
settlement 15 reached at a pressure for which the factor of zafety aganst shear
failure 15 greater than 2. In the case of narrow footings, however, shear falure may
be the lmiting consideration. Other factors being ecual, the pressure that will
produce the allowable settlement in a dense sand will be greater than that needed
to produce the allowable settlement m a loose sand. Settlement i sand 15 rapid and
ocours almost entirely during construction and intial loading Settlement, therefore,
should be estinated using the dead load plus the masmom wnposed load,

Differential settlement between a number of footings 15 governed mamly by
variations i the homogeneity of the sand wathin the significant depth and to a lesser
extent by vanations i foundation pressure. Settlement records published ower
many years mdicate that differential settlement between footngs of apprommately
equal size carrying the same pressure is unlikely to exceed 50% of the masmum
settlernent. If the footings are of different size the differential settlement will be
greater. For footings carrying the same pressure the masomum settlement mereases
with icreasing footing size. There i3 no appreciable difference between the
settlement of square and strp footings of the same width. For a given pressure and
footing size the settlement decreases shghtly with mcreasing footing depth below
ground level due to the fact that the lateral confining pressure will be greater. In
most cases, even under extreme wvanations of footing size and depth, it 12 unlikely
that differential settlement will be greater than 75% of the mamimum settlement. 4
tew cases have been reported, however, in which the differential settlement was
almast edqual to the mastmum settlement.

& reascnable design criterion for footings on sands 15 an allowable mastmum
settlement of 25t The differential settlement between any two footings 15 then
likely to be less than 20mm. Differential settlement may be decreased by reducing
the size of the smallest footings, provided the factor of safety with respect to shear
tallure remains above the specified value.

The setflement distribution under a raft 15 different from that for a series of
tootings. The settlement of footings 13 governed by the soi characteristics relatively
near the surface and any one footing may be nfluenced by a loose pocket of sodl
The settlement of a raft, on the other hand, 12 governed by the soil characteristics
over a tuch greater depth. Loose pockets of 20i may ocour at randotm within this
depth but they tend to be bridged over. The differential settlement of a raft as a
percentage of the mamirmm settlernent 18 roughly half the corresponding percentage
tor a series of
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tootngs. Thus for a differential settlement of 20mm or less, the same as for a series
of footings, the criterion for the mastmum settlement of a raft 1s 50mm.

The allowable bearing capacity of a sand depends primarily on the density index,
the stress history, the postion of the water table relative to foundation level and the
size of the foundation Of secondary importance are particle shape and grading.
EBoth the magmtude of settlement and the value of the shear strength parameter ¢
are strongly dependent on density index; the denser the sand, the less scope there
iz for particle reatrangement Howewer, the magnitude of settlement 1z alzo
nfluenced by the stress history of the depost, 16 whether the sand i1z normally
consolidated or overconsolidated and the prewvious stress path. If two sands hawing
the satme grading were to exst at the same density index but one were normally
consohdated and the other overconsolidated, the settlement would be greater m the
normally consolidated sand for identical loading conditions. The water table
position affects both the settlement and the ultimate bearng capacity. If the sand
within the sigmficant depth 1z fully saturated the effective unitt weight 13 roughly
halved, resulting in a reduction in lateral confining pressure and a corresponding
mcrease m settlement; the reduced effective urit weight will also result in a lower
value of ultimate beanng capacity. The size of the foundation governs the depth to
which the soil characteristics are relevant It should be realized that unpredictable
settlement can be caused by a reduction in density mdex due to disturbance of the
sand during construction. Settlement can also be caused as a result of a reduction in
lateral confining pressure, eg due to adjacent excavation If a sand deposit is
loose, wibration may result m volume decrease, causimng appreciable settlement.
Loose sands should be compacted prior to constuction, eg by using the
techiicue of vibro-campaciion (Section 8.6), of else pides should be used.

Due to the extreme difficulty of obtamung undistiwbed sand samples for
laboratory testing and to the mherent heterogenetty of sand deposits, the allowable
beatihg capacity 15 normally estinated by means of correlations based on the
results of ix-sifes tests. The tests i question are plate bearing tests and dynamic or
static penetration tests.

The plate bearing test

In thus test the sand 15 loaded through a steel plate at least 300mm square, readings
of load and setflement being observed up to falure or to at least 1.5 tines the
estimated allowable bearing capacity. The load mcrements should be approzmately
one-fifth of the estmated allowable bearing capacity. The test plate 13 generally
located at foundation lewel in a pit at least 1.9m square. The test iz reliable only if
the sand iz reasonably uniform over the significant depth of the full-scale foundation.
Minor local weaknesses near the surface will influence the results of the test while
hawing no appreciable effect on the fill-scale foundation On the other hand, a
wealt stratum below the significant depth of the test plate but within the sigraficant
depth of the foundation, as shown i Figure 8.7, would have no wfluence on the
test results; the wealk stratum, however, would have an appreciable effect on the
petformance of the foundation.

settlernent i a sand mcreases as the size of the loaded area increases and the
maitr problem with the use of plate bearing tests 15 the extrapolation of the
settlement of a test plate to that of a full-scale foundation. The required correlation
appears to depend on the density mdex, particle size distribution and stress history
of the sand, and at
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Figure & 7 Influence of weak stratum.

present there 15 no reliable method of extrapolation. Bierrum and Eggestad [4], for
example, from a study of case records, showed that there 1z a considerable scatter
i the relationship between settlement and the size of the loaded area for a given
pressure. Ideally, plate bearing tests should be carned out at different depths and
using plates of different sizes i order that extrapolations may be made, but this is
generally ruled out on econotmic grounds; further problems would be mtroduced of
the tests had to be carnied out below water table level

The screw-plate test 15 a form of beanng test i which no excavation 15 required.
The plate penetrates the sand by rotation and can therefore be posttioned, i turmn,
at a series of depths above of below the water table. Loading 15 carried out through
the shaft of the screw plate.

The standard penetration test

This dynamic penetration test, speciied m BS 1377 (Part 9, 15 used to assess the
density index of a sand deposit. The test 15 performed using a splt-barrel sampler
(Figure 10.5(c)), S0mm i external diameter, 35min i internal diameter and about
£50mm m length, connected to the end of boring rods. The sampler 15 driven mto
the sand at the bottom of a cased borehole by means of a 63kg hammer falling
freely through a height of 760mm onto the top of the bonng rods. In the TE a trip-
release mechansm and guding assembly are normally used to control the fall of the
hatnmer, and an anwil at the lower end of the assembly iz used to transmit the blow
to the boring rods. However, different methods of releasing the hammer are used in
different countries. The borehole must be cleaned out to the required depth, care
being taken to ensure that the material to be tested 15 not disturbed: jetiing as patt
of the bonng operation 15 undesirable. The casmg must not be drven below the
lewvel at which the test is to begin.

Initially the sampler 15 driven 150mm mto the sand to seat the dewvice and to
bypass any disturbed sand at the bottom of the borehole. The number of blows
requited to dowve the sampler a further 200mm 15 then recorded: this number 1s
called the standard penstration resisiance {A). The number of blows required for
each 75mm of penetration
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{including the mitial drive) should be recorded separately. If 50 blows are reached
before a penetration of 300mm, no further blows should be applied but the actual
penetration should be recorded At the conclusion of a test the sampler is
withdrawn and the sand extracted. Tests are notmally carned out at intervals of
between 0.72 and 1.50m to a depth below foundation level at least equal to the
width B of the foundation If the test iz to be carnied out i gravelly sois the
driving shoe iz replaced by a solid 60%one. There 13 evidence that slightly higher
results are obtamed i the same matenal when the normal driving shoe iz replaced
by the 60%cone.

When testing below the water table, care must be taken to avoid entry of water
through the bottom of the borehole as this would tend to locsen the sand due to
upward seepage pressure. Water should be added as necessary to mantain the
water table lewel in the borehole (or at the lewel required to balance any excess
pore water pressure). When the test 15 carried out i fine sand or silty sand below
the water table the measured A walue, if greater than 15, should be corrected for
the increased resistance due to negative excess pore water pressure set up during
driving and unable to dissipate immediately: the corrected walue 15 given by

' L. .. _
5L (N =15
N 15 2[.\ 15) (8.13)

slkempton [42] summarized the ewndence regarding the mfluence of test procedure
on the value of standard penetration resistance. Measured N wvalues should be
cotrected to allow for the different methods of releasing the hamnmer, the type of
anvil and the total length of bonng rods. Only energy delivered to the sampler 13
applied i penetrating the sand, the ratio of the delivered energy to the free-fall
energy of the hammer being referred to as the rod energy ratio. Eod energy ratios
for the operating procedures used i several countries vary between 45 and 78%.
For the tnp-release mechanism, ouiding assembly and anwil generally used in the
TE the energy ratio for rod lengths exceeding 10m 15 60%. It has been
recommended that a standard rod energy ratio of 60% should be adopted and that
all measured A walues should be normalized, by sitnple proportion of energy ratios,
to this standard: the normalized values are denoted M. If a short length of boring

tods (<10m) 15 used m a test, a reflection of energy occurs and a further loss in
delivered energy results. A& fuwther correchion should therefore be appled to the
measured A values if the total length of rods is less than 10m, e.g if a 2—4m length
1z uzed a cotrection factor of 0.7 has been proposed. An addiional effect relates
to the borehole diameter, there bemg ewvidence that lower N values are obtamned in
150 and 200mm diameter boreholes than i those less than 115mm i diameter.
Tentative correction factors for 150 and 200nun boreholes are 1.05 and 1.15,
respectvely.

& density classification for sands was proposed onginally, i general terms, by
Terzaght and Peck, on the basis of standard penetration resistance, as shown in
columns (1) and (2) of Table 8.2 Mumerical walues of density index, as shown mn
column (3), were subsequently added by Gibbs and Holtz [22] Howewer,
standard penetration resistance depends not only on density index but also on the
effective stresses at the depth of measurement; effective stresses can hbe
represented to a first apprommation by effective owerburden pressure. This
dependence was first demonstrated m the laboratery by Gibbs and Holtz and was
later confirmed in the feld. Sand at the same density index would thus grve diferent

values of standard penetration
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Table & 3 Density index of zands

(1) (2) (3) (4)
N value lassification 0D (%) (4, )60
0—4 Very loose 0-15 0-3
4-10 Looze 15-35 3-8
1030 Mednin dense 565 E—25
30-50 Denze ] 2542
=50 Very dense g5—100 4258

resistance at different depths. Several proposzals have been made for the correction
of measured N values following the work of Gibbs and Heltz. The corrected value
() 15 related to the measured value (M) by the factor Cf, where

N = CuN
(8.14)

The relationship between Cl; and effective overburden pressure shown in Figure

B.B represents a consensus of published proposals.
The following relaticonship between standard penetration resistance (A, density

mdex (J) and effective overburden pressure ("rirrmfmzj was proposed by
Meverhof

N
It b 100 (8.15)

Walues of the parameters @ and & for a number of sands have been given by
=kempton [42] The charactenstics of a sand can be represented by (V). and

(NDao/ Ty where (M )gp 18 the standard penetration resistance normalized to a rod

energy ratio of 60%

Correction factor Cy,
Iv] 0.5 1.0 1.5 2.0

"

100
200 [
300

400

Effective overburden pressure [ki/m?)

ool

Figure 8§ & Correction of measured values of standard penetration
resistance.
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Figure & 9 Correlation between shear strength parameter ¢,
standard penetration resistance and effective overburden
pressure. (Reproduced from J H.Sclunertmann (1975)
Praceaedings of Conference on In-Sity Measurement
af Soil Properties, by permission of the Amencan
Society of Crnl Engineers.)

and an effective overburden pressure of 100k /m?. Appropriate walues of (I, ).,

were added to the Terzaght and Peck classification of density index by Skempton,
as shown m column (4) of Table 8.3 Table 8.3 should be conaidered to apply to
normally consolidated sands.

There 13 ewidence that standard penetration resistance i3 also mfluenced by the
grading and shape of the particles, the degree of overconsoldation and the tine
during which the sand has been undergoing consolidation (referred to as the ageing
effect). Al other factors being equal, the ewidence indicates that standard
penetration resistance mcreases with mcreasing particle size, mcreasing OCE and
ageing.

& correlation between the shear strength parameter &' standard penetration
resistance and effective overburden pressure, published by Schmertmann [ 28], but
based on previous wotk by Deldello, 15 shown m Figure 5.9 It must be
appreciated that this chart prowvides only a rough estinate of the walue of @ and
should not be used for very shallow depths.

Associated design methods

The dewvelopment of procedures to obtam the allowable bearing capacity of sands
iz described historically in this section. Tritially, in 1948, Terzaghi and Peck [46], in
their first ediion, presented empinical correlations between standard penetration
resistance, width of footing and the beanng pressure lmubing masamum settlement to
25mm (and differential zettlement to 72% of mamimum settlement). According to
Terzaght and Peck, the correlations, represented in Figure 8,10, are applicable to
sttuations m which the water table 15 not less than 25 below the footing, where 513
the width of the footing If the sand at foundation lewvel 15 saturated, the pressures
obtathed from Figure 8,10 should
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Figure & 10 Relationship between standard penetration resistance
and allowable bearng pressure. (Reproduced from
K.Terzaght and R B Peck (1967) Soil Meckanics ir
Enginesring Practice, by permizsion of John Wiley &
Sons, Inc)

be reduced by one-half if the depthibreadth ratio of the footing s zero, and
reduced by cne-thurd of the depth/breadih ratio 15 unity. For mtermediate posttions
of the water table and intermediate walues of depthibreadth ratio the appropriate
value of bearing pressure may be obtained by linear wterpolation. However, these
recommendations subsequently were considered to produce too severe a reduction
in allowable pressure, and a correction should be made only if the water table 1=
within a depth & below the foundation Peck of @l [34] proposed that linear
mterpolation should be used between a reduction of 50% if the water table 15 at
oround lewel and zero reduction if the water table 15 at depth B below the
toundation. Thus the prowsional value of allowable bearing pressure obtaned from
Fizure 8.10 should be multipled by a factor ', given by

D W

(1'. = ﬂ:‘ - U-} .D ;

B (8.16)
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where L) 15 the depth of the water table below the surface and D) the depth of

the foundation.

Terzaghi and Peck stated that thetr correlations were a conservative basis for the
design of shallow footings. It was mtended that the largest footing should not settle
by more than 25mm even of it were situated on the most compressible pocket of
sand. It should be realized that the Terraght and Peck correlations were not
mtended to weld actual settlement values for particular footings but only to ensure
that the measmum settlement wowld rot exceed 25mm.

In vsing the correlations the average A wvalue (cotrected as appropriate), to
depth B below the foundation, 15 deterrmined for each borehole and the lowest
average ig then used in desion. For a szenes of footings the bearing pressure is
obtathed for the largest footing, this value of pressure iz then vsed to calculate the
dimenstions of all other footings, subject to a check on the factor of safety against
shear fafure. In the case of rafts the allowable bearing pressure obtained from the
design chart should be doubled because a masgmum settlement of S0mun 13
considered acceptable.

settlement tneasuretnents on actual structures have shown that the Terzaghy and
Peck method (ncorporating the water table correction as ongmally proposed) is
excesstvely conservative. Meyerhof [28] recomimended that the allowable bearing
pressure given by the Terzaght and Peck method should be increased by 50% and
that ne correction should be applied for the posttion of the water table, argung that
itz effect 15 reflected in the measured A values.

The wfluence of effective overburden pressure was not considered m the onginal
Terzaght and Peck correlations and it 15 now recognized that corrected values of
standard penetration resistance (), determined from Figure 8.8, should be used

in detertruning allowable bearing pressures. It should be noted that the stress hustory
of the sand iz not taken mto account i the Terzaghy and Pecl design procedure.

Burland 2¢ @l [10] collated settlement data from a number of sources and
plotted zettlement per umt pressure fefg) aganst foundation breadth (B lines
representing upper htmts were then drawn for dense and medmm-densze sands (as
defined in Table 527,

Thiz graph, shown m Fioure 211, may be adequate for routine worl, The
‘probable’ settlement could perhaps be taken as 50% of the upper it value. In
tnost cases the masamum settlement would be unlikely to exceed 73% of the upper
ltrat walue. Factors such as foundation depth and water table postion are not
considered. Tse of the graph implies that the settlement—pressure relationship
remains approximately inear.

Burland and Burbidge [11] subsequently carried out a statistical analyais of over
200 settlement records of foundations on sands and gravels. & relationship was
established between the compressibility of the soil (@), the width of the foundation

(B) and the average walue of standard penetration resistance (V) over the depth of
influence of the foundation The compressibiity i3 given by the slope of the

pressure— settlement plot, m nmﬂ{ldﬂmzj, over the wotliang range of pressure.
Ewidence was presented which indicated that if & tends to increase with depth or 15
approxmately constant with depth then the ratio of the depth of mfluence to
foundation width (208 decreases with increasing foundation width, walues of 7

obtained from

& 1974, 1972, 1952, 1997, 1992, 1997, 2004 R.F.Craig, Spon Press 22 =e



Bearing capacity a0z

1.0 =
—
.
_ T tLoose) L
L b T L]
- i ‘--‘__--"'"# L=
s AT L
E o Medium dens_g,.f‘# f
||l mm J .,.--""r
WA Tl
kM m - —~="Fanse
T
"
0.0
0.1 L 10 100
B (m)

Figure £ 11 Envelopes of settlement per unit pressure. (Reproduced
from J. B Burland, B B Broms and V.F B .De Mello (1977
Procesdings  Oth  Intermafional  Conferemce SMFE,
Tolyo, Vol 2, by perrmssion of the Japanese Society of
Soil Mechanics and Foundation Engineering, )

Figure £.12 can be used as a guide in design. However, f 3 tends to decrease with
depth, the walue of 7 should be taken as 28, prowided the stratum thickness

exceeds thiz walue. The compressibiity 12 related to foundation wadth by a
compressibility index (1), where

B (8.17)

The compressibaity indesx, in turn, 15 related to the average walue of standard
penetration resistance (N ) by the expression

L7
R (3.18)

The A wvalues should not be corrected for effective overburden pressure as this has
a major mfluence on both standard penetration resistance and compressibility, ths
influence, therefore, should not be elrmnated from the correlation. The results of the
analysis tend to confirm Meyerhof s conclusion that the influence of water table
level 15 reflected i the measured M values. Howewer, the posttion of the water table
does influence setilement and of the level were to fall subsequent to the
determination of the A wvalues then a greater settlement would be expected
Equation 8.13 should be applied in the case of fine sands and sty sands below the
water table. It was further

€ 1974 1973, 1983, 1987, 1932, 1997, 2004 R.F.Craig, Spon Press 2= ==



Allowable bearing capacity of sands 203

50

a0 :

20

10 /

Zlm) 7

"

/]

1 2 3 5 10 0 30 50 100
Bim)

Figure 812 Belationshup between depth of mfluence and
foundation wadth. {Reproduced from J B Burland and
M.C Burhidge (1985) Proceedings Institution af Cihvil
Ergineers, Part I Vol 78 hy permizsion of Thomas
Telford Lid )

proposed that m the case of gravels or sandy gravels the measured A values should
be mcreased by 25%.

In a normally consclidated sand the average settlement s (mrm) at the end of

construction for a foundation of wadth & (m) carrying a foundation pressure g
(kM) is given by

5 = gB" I,
(8.19a)

If it can be established that the sand 15 overconscolidated and an estimate of

preconsolidation pressure {”{] can be made, the settlement 15 given by one or other
of the following expressions:

2 F T L ¥’y
5 = (q — _ED',_.)E"IC (if ¢ = a.) (2. 19h)

il ;
5 = qB" 3 (if g <o) (8.1%c)

The analysis indicated that foundation depth had no significant mfluence on
settlement for depthfbreadth ratics less than 3 Howewer, a significant correlation
was found between settlement and the lengthibreadth ratio (158) of the foundation;

accordingly the settlement given by Equations 8 1%a—8 1%¢ should be multiplied by
a shape factor 7, where

~{ 1.25L/B
fi= (m) (8.20)
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Table & 4 Compressibiity classification for nornmally consohdated sands and
gravels (Burland and Burhudge [11])

N valus Compressibility grade
0—4 WII

45 VI

8—15 W

1625 I

2640 111

41-40 I1

=60 [

It was tentatively proposed that if the thickness (&) of the sand stratum below
foundation level 15 less than the depth of mfluence (z;), the settlement should be

multiphed by a factor ), where

-5(-1)
LA . (2.21)

Although it 15 normally assumed that settlement in sands 15 wirtually complete by the
end of construction and wutial loading, the records mdicated that continuing
settlement can occur and it was proposed that the settlement should be mulbpled
by afactor 7, for time in excess of 3 years after the end of construction, where

o (14 s () o

whete R, 1z the time-dependent setflement, as a proportion of &, eccurring duning
the first 3 years after construction and &, the settlement occurning during each log

cycle of time i excess of 2 years. A conservative interpretation of the data
mdhicates that after 30 years f, can reach 1.5 for state loads and 2.5 for fluctuating

loads.

It should be noted that, unhke the Terzaghi and Peck procedure, the Burland
and Burbidge method enables a spectfic value of settlement to be predicted for a
gven foundation pressure. The Burland and Burbadge procedure iz now the
recommended method in design, prownded sufficient data are awvailable. In the
absence of data, the use of Figure 8.11 may be adequate for routine design.

Burland and Burbidge also miroduced the concept of compressibility grades,
based on uncorrected AN walues, as detaled m Table 5.4, these grades bemg a
function of both density index and owerburden pressure. Charts for the assessment
of compressibiity grades from the results of plate bearing tests were also
presented.

Example 8.5

A foothg 2x3m 15 to be located at a depth of 1.9m m a sand depostt, the water
table being 3 5t below the surface. WValues of standard penetration resistance were
determined as detaled i Tabkle 8 5. Determine the allowable bearing capacity using
the various design methods.
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Table 8.5
Depih () N (kamE) Car Ny
0.75 8 — - -
1.55 il 2.0 14
2.30 9 39 1.8 14
3.00 13 51 1.4 la
3.70 12 65 1.25 15
4.45 16 70 1.2 19
520 20 — - -

(awv. 16)

Terzaght and Peck recommended that & walues should be detertrined between
toundation level and a depth of apprommately B below the foundation; n this case
between depths of 1.5 and 4 5m: the values at depths of 075 and 5. 20m are
therefore superfluous. The measured M values are corrected using Equation 8,14
Values of effective overburden pressure are calculated (using ¥ = 17kN/m? above
the water table and 7' = 10kN/m® below the water table) and the corresponding
values of Cy; determined from Figure 5.8 The average of the corrected values () )

1z 16, Then referring to Figure 8. 10, for B =3m and N = 16 the prowisional value

of allowable beanng capacity is 165kN/m?. For the givet, water table level the
provisional value should be multiphed by the factor C (Equation 8.16), where

5= 35 0.89
45

Cy = 0.5+

Hence the allowable beanng capacity 15 grven by
s = 0.89 x 165 = 150 kN /m*

Taing Meverhof s method the average of the measured M values between depths of
15 and 4 5m 15 11, For B=3m and N =11 the provisional value of allowable
bearing capacity 1z 100kIT/m?. This value is increased by S0% with no correction
being made for the posttion of the water table. Thus

ga = 1.5 % 100 = 150 kN,/m?

Taing the Burland and Burbidge method, and assuming that the sand 15 normally
consolidated, the depth of nfluence (Figure 8.12) for B=3m 15 2.2m, 1e. 3 7m
below the sutface. The average of the measured N values between depths of 1.5
and 2. 7m1s 10, hence the compressibiity index (Equation 2.17) 15 given by
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Then the allowable beanng capactty for a setflement of 25mm at the end of
construction 13 given by

5 25
ffa = BT 7% 0,068

- 170kN/m’

In design the usual requirement 18 to determine the foundation dimensions for the
suppott of a given lead and an iterative techmeoue 13 necessary.

The static cone penetration test

The dewvice used m thus test consists of a cylindncal penetrometer {or probe), the
lower end of which is fitted wath a cone having an apex angle of 60° (Fioure 813
(a)). The diameter of the dewice 15 25 7tmn, the projected area of the cone thus
being 1000mm? The penetrometer 12 attached to the lower end of a sting of
hollew boring rods, the diameter of the rods also being 35 7mm. The rig 1z usually
mounted on a trafler or vehicle. The test (specified m B3 1377, Part 9) consists of

pushing the penetrometer directly mnto the ground (Le. no bonng 15 mvolved) at a
rate of 20mmfs by means of static thrust, vsually applied by hydraulic jacking, and

measuring the cone peretration resistance (g ), defined as the force required to

advance the cone diided by the projected area. The penetrometer normally
incotporates a slightly roughened sleeve 1337mm i length, giving a surface area of
150cm®. The sleeve enables the local frictional resistance (f,) between sleeve and
soil, defined as the fictional force on the sleeve divided by the surface area, to be

measured. The resistances are measured by

"

(a) (b} (<)

Figure & 13 (a) 'Electnc’ penetrometer, (h) mantle cone and (c)
friction jacket cone.
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load sensors in the cone and sleeve, the cables from the sensors passing through
the hollow rods to monitoring and recording equipment at the surface, enabling
plots of the vanation of ¢, and 7, with depth to be produced. Some models,

referred to as piezocones, also mcorporate a piezometer (Section 11,20 consisting
of a porous tip and a pressure transducer for the measurement of pore water
pressure. During a test it is possible that the penetrometer may be deflected from
the wettical by large soil particles such as cobbles. Ttis advisable, therefore, that the
penetrometer should meoorporate an mchnometer (Section 11.2) to detect loss of
alignment and to give accurate values of wertical depth. The dewice also serves as a
ground ivestigation tool i that it can detect thin layers of sod that can easily be
mizssed by conventional procedures (Chapter 100 and indicate strata vartations
between boreholes. Sod types can be broadly identified from walues of cone
resistance (g ) and the “friction ratio’ (147, see, e.g Ref [25].

The ‘electrical’ penetrometer described above has largely superseded
mechanical dewices. However, mechanical penetrometers are stll used in some
areas and are usefil for preliminary tests to assess whether or not the more
sensitive electrical models could be damaged by the particular ground conditions.
There are two forms of mechanical penetrometer, the mantle cone and the fiction
jacket cone.

——]
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Effective ovarburden pressure (kM/m?)

Figure & 14 Correlation between shear strength parameter &,
cone penetration resistance and effective  overburden
pressure. (Reproduced  from  H.T.Durgunogln and
I K Mitchell {1975) Procgedings of Conference on in-
Situ Measurement af Soil Properties, by perrnission of
the Amenican Society of Crnl Engineers.)
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The mantle cone (Fiowe B 13(k1, which measures only cone resistance, is
attached to a stnng of sohd rods running mside the hollow outer rods. The outer
rods are attached to a union sleeve, the lower end of which has a reduced diameter
and runs mside the body of the cone. The cone 15 pushed 20min mto the sod at a
rate of 20mun's by means of the mner rods, the uon sleeve remaming stationary.
The thrust 15 usually measured by a hydraulic load cell at the surface. After the
penetration resistance has been determined the outer rods are pushed downwards.
The cone and sleeve are thus adwvanced together after the travel inside the body of
the device has been taken up. The test is then repeated, cone penetration resistance
notmally being determined at depth mtervals of 200mm. The fiction jacket cone
(Fizure 5. 13(c)) mcorporates a sleeve of erqual diameter to that of the cone.
Ieasurements are made of cone resistance alone and cotnbined cone and sleeve
resistances (sleeve resistance then being obtamed by subtraction).

& correlaton between the shear strength parameter ¢, cone penetration
resistance and effective overburden pressure, shown in Figure ¥ 14, was obtaned

by Durgunogly and Mitchell [18].

Settlement by Schmertmann’s method

This method of settlement estimation 15 based on a simphfied distribution of vertical
strainn under the centre, of centre-line, of a shallew foundation, expressed in the
form of a stran influence factor fz. The wertical strain £ 15 written as

cz =”_I.1f:

E;

where g 12 the net pressure on the foundation and Z_ the appropnate value of

deformation modulus. The assumed distnbutions of stran influence factor with
depth for seuare (L/8 =13 and long (L/8 = 10Y or strip foundations are shown in
Figure 215, depth being expressed m terms of the wadth of the foundations. The
two cases correspond to conditions of amal symmetry and plane  strain,
respectively. These are siunplified distributions, based on both theoretical and
expertmental results, m which it 15 assumed that strams become msigmficant at
depths of 28 and 45, respectively, below the foundations. The peak value of strain
influence factor fzp in each case 15 given by the expression

.5

'-f-.llll

=0.5 &1, ALY
Ip=0 {}1( )

P

where 7 15 the effective overburden pressure at the depth of IZP. For rectangular

foundations with £/8 ratios between 1 and 10, distnbutions of stramn wmfluence
factor are obtained by interpolation. It should be noted that the mastmum wertical
strains do not ocour nmediately below the foundations, as is the case with vertical
stress. Cotrections can be appled to the strain distnbutions for the depth of the
foundation below the surface and for creep. Although it 13 usually assumed that
settlement m sands 15 virtwally complete by the end of construction, some case
records indicate
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Foundation level
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Figure & 15 Distnbution of stram mfluence factor,

contitmed settlernent with time, thus suggesting a creep effect; however, the creep
cotrection 18 often omitted. The correction factor for footing depth 15 given by

%
O =1 —ﬂ.bq: (823}
where To=effective overburden pressure at foundation level and ¢ =net foundation

pressure. The correction factor for creep 15 grven by

Cr=1+ U.Elug(%) (8.24)

where £ 12 the time in vears at which the settlement 18 recuired.
The settlement of a footing carrying a net pressure ¢ 12 written as

2
.\':f £- Uz
]

of, approxmately,

=

L,
5 = 'E‘l Eﬂ:fju Z_E Las (825)

0
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ochmertmann  obtamed correlations, based on im-sifu load tests, between
deformation modulus and cone penetration resistance for normally consolidated
sands as follows:

E, = 2.5g. for square foundations (L/B=1)
E, =35g. forlong foundations (L/8 = 10}

For overconsolidated sands the abowe walues should be doubled.
The g fdepth profile, to a depth of etther 25 or 45 (or an mterpolated depth)

below the foundation, 15 divided mto sutable layers of thicknesses Az within each of
which the value of ¢ _ 15 assumed to be constant. The value of [ at the centre of

each layer iz obtained from Fioure 8. 15 Equation 8 25 18 then evaluated to give the
settlement of the foundation.

Example 8.6

A footing 2.5% 2. 5m supports a net foundation pressure of 150k T¢m® at a depth of

1.0m i a deep deposit of normally consolidated fine sand of unit weight 17k,
The wanation of cone penetration resistance with depth 15 given i Fioure 816
Estitnate the settlement of the footing using Schmertmann’s method.

0 02 0.4 0.6 04 I

I T T T 1

0 2 4 & 8 10 12 g, (MNmY

T T T T T 1
%qt
I =
B I,
(1) T T~
T ‘.

S
2y >
S

5| "
E‘- (3} '{:}
] / &
4 ya =
“ / ¥
- _:_____._.—-—-—'-_
s
5 () / :j
/ i-_-__—=— —
4 =

Figure & 18 Example § 6.
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Table £ & Schmertmann’ s method

Az 7, E L I, AzlE,
(mn) (M) (MM (e M)
1 0.90 2.3 575 041 0.064
2050 16 9.00 068 0.038
3160 5.0 12.50 0.50  0.064
4 0.40 TA 1874 0.33 0.007
5 1.20 3.3 825 0.1%8 0.026
6 040 aa 2475 0.04 0.001
0.200

The #</Z plot below foundation lewel 15 divided mto a number of layers, of
thicknesses Az for each of which the value of ¢ , can be assumed constant.

The peak value of strain mfluence factor occurs at a depth 2.25m (1. 52 below
foundation level) and 1z given by

q
.‘r:|1 = ':]-5 { ':}-]. (_

=0.70

The distribution of stram influence factor with depth s supenmposed on the 4</2
plot as shown in Figure 8 16 and the value of [ 15 determined at the centre of each

layer. The value of £_for each layer 1z equal to 2.5g .
The correction factor for foundation depth (Equation 8237 15

0.5 %= 17
=1 150 0.9

The correction factor for creep () will be taken as unity.

The calculations are set out i Table 8.6 The settlement iz then given by
Equation 8.25:

=094 x 1.0 = 150 = 0.200

= 28 mm

8.5 BEARING CAPACITY OF PILES

Piles may be divided mto two main categories according to their method of
installation. The first category consiste of driven piles of steel or precast concrete
and piles formed by dnving tubes or shells which are fitted with a driving shoe: the
tubes or shells are filled with concrete after drwving. Also included in this category
are piles fortned by placing concrete as the driven tubes are withdrawn. The
mstallation of any type of driven pile causes displacement and disturbance of the
soil around the pie.
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Howewer, in the case of steel H piles and tubes without a drving shoe, sod
displacement 15 small The second category consists of piles which are mstalled
without sodl displacement. Seod 15 removed by bormng or dnlling to form a shaft,
concrete then being cast mn the shaft to form the pile: the shaft may be caszed or
uncased depending on the type of ol In clays the shaft may be enlarged at its
base by a process known as under-reaming: the resultant pile then has a larger base
area in contact with the soil The principal types of pile are illustrated m Figure
8.17

The beanng resistance of a pile can be determmed by etther analytical or semu-
emnpirical methods, it being desirable to cahbrate the results obtained against those
from im-sifu load testz. The ultimate bearing capacity 15 equal to the sum of the
{ultimate) base and shaft resistances. The base resistance is the product of the base
area (4, ) and the pressure (g, ) which would cause shear falure of the supporting

soll tnmediately below and adjacent to the base of the pile. The shaft resistance 1z
the product of the pertmeter area of the shaft (4 ) and the average value of ulimate

shearing resistatice per unit

o H ©® O O (0

qI
[
L
=
=-£:l1

AR R

T-rom . s
-

g

e F o=

=
= A

L \
v .,

(a) [b) icl {d} [a] {f)

Figure & 17 Principal types of pile: (&) precast RC pile, (h) steel H
pile, (c) shell pide, (d) concrete pile cast as drven tube
withdrawn, (8) bored ple (cast iz situ) and () under-
reatmed hored pile (cast i situ)
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area (g ), generally referred to as the “skun fiction’, between the pile and the sodl
Thus the ultimate bearng resistance () of a pile i compression 15 given by the

equation

O = Anipn + Asge
(8.26)

The weight of the soil displaced or removed m mstallabon 15 generally assumed to
be equal to the weight of the pile. For a pie subjected to uphft or tension, only the
shaft resistance (4 g ) 1s relevant. Methods of determining the values of ¢, and g

are described i the following sections.

Ewidence from load tests on mstrumented pies mdicates that m the wutial stages
of loading, most of the load 15 supported by skin fiiction on the upper part of the
pile. Subsequently, as the load iz mcreased, further mohbilization of skin fiiction
takes place but gradually a greater proportion of the load s supported by base
resistance. The wvertical displacement of the pie required for full mobiization of
base resistance 1 significantly greater than that for fll shaft resistance. It should be
realized that other himut states {e.g excessive settlement) may be reached before
that of bearing resistance.

In the traditonal method of design, etther an overall load factor 15 applied to ()

to obtain the allowable resistance or different factors are applied to the base and
shaft components. In the case of large-diameter bored piles, mcluding under-
reamed piles, the shaft resistance may be fully mobilized at the design load and it 1s
adwizable to ensure a load factor of 3.0 for basze resistance, with a factor of 1.0 for
shaft resistance, m addition to an appropriate overall load factor, typacally 2.0

In the lnmit state method descnibed i ECY, the “design bearing resistance” (R )

of a pile in compression 15 expressed as

_ R, Ry

Rea =251, (8.27)

where p, and y, are parhial factors for base and shaft resistance, respectively. A
partial factor of 1.50 15 apphed to ¢, and ¢, the base and shaft resistances per urut
area, rather than to ground properties. Values of ¢, and ¢ denved from the results

of laboratory or in-sifn tests are thus daded by 1.50 to give charactenstic values
Fyy and g, which are then multiphed by the base and shaft areas, respectively, to

give the characteristic base and shaft resistances Rble: and Rsk’ denoted i Equation

8.27 For bored piles the charactenistic resistances are finally divided by partial
factors of 1.60 and 1.30, respectively, to give the design values of base and shaft
resistances (&, , and &_,, respectively); alternatvely the sum of the charactenstic

resistances can be dnded by a factor (p,) of 1.50 to give the total design resistance
of the pile m compression (R ). If the pile shaft 15 excavated by a continuous-flight

auger, the pattial factors for base and shaft resistances are 145 and 1.30,
respectively; for total resistance the factor 15 1.40. For dnven piles, a partial factor
of 1.20 15 applied to the characteristic values of both basze and shaft resistances.

Piles in sands

The ultimate beanng capacity and settlement of a pile depend mainly on the density
index of the sand. Howewer, if a pile 1z diven into sand the density index adjoining
the
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pile 1z increased by compaction due to sod displacement (except in dense sands,
which may be loosened) The zoil charactenistics govermng ultimate bearing
capacity and settlement, therefore, are different from the original characteristics
priotr to drowng. This fact, in addiion to the heterogenecus nature of sand deposits,
malces the prediction of pile behawiour by analytical methods extremely difficult.

The ultimate bearing capacity at base level can be expressed as

ih = ”Er 'ﬂ"rq

(8.28)

where 0 is the effective overburden pressure at base level (It should be noted that
the N’:" term for a pile 15 neghgible because the width £ 15 small compared with the
length L)

Berezantzev of al [2] developed a theory for the ulbimate bearing capacity of
piles i which falure 1z assumed to have talcen place when the falure surfaces reach
the level of the base, as shown i Figure 5 18 The surcharge at base level consists
of the pressure due to the weight of an antilus of sodl surrounding the pile, reduced
by the fictional force on the outer surface of the annulus. The resulting factor Nq

depends on the shear strength parameter ¢ and the ratio /8. For a given value of
@ the walue of I‘Jq decreases with mereasmg LA8 rato. Values of Nq tor an 178

ratto of 25 are given i Table 8.7 extrapolated wvalues for an L/F ratio of 50 are
shown in brackets.

The average walue of skin friction ower the length of pile embedded in sand can
be expressed as

s = K7, lan b

(3.29)

where X _=the average coefficient of earth pressure along the embedded length,

Ty= the average effective overburden pressure along the embedded length and
d=the

;' q 1

e

Figure & 18 Falure mechamsm m theory of Berezantzewv et af [2].
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Table & 7 Berezantzev et ol theory: relationship between ¢ and Nq

o (9 28 30 3z 34 36 38 410

w, 1209y 17(14)  25(22)  40(37)  S8(56)  89(38)  137(136)

angle of fction between the pile and the sand. For concrete piles driven i sand,
values of KS of 1.0 and 2.0 for loose and dense sand, respectively, have been

suggested for use m design. These walues should be halved for steel H piles.
suggested values of 4 are 0,75 ¢'for concrete piles and 207 for steel piles.
Equations 5.28 and 5.29 represent a imear merease with depth of both ¢, and

g, However, tests on full-scale and model piles have mdicated that these equations

are valid only above a criical depth of roughly 155, Below the critical depth both
¢y, and g remain approzimately constant at hmiting values m umform soil

conditions. This 1s thought to be due to arching of the scil around the lower part of
the pile when the sod welds below the base. Another possible explanation of the
development of limiting values 15 that the peal value of ¢ decreases with mcreasing
confinng pressure untl the ltmting crtical-state value 15 reached.

Due to the critical depth limitation and the problem of obtaining walues of the
requited paramneters, the abowe equations are difficult to apply i practice. It is
preferable to use empincal correlations, based on the results of pile loading tests
and dynamic or static penetration tests, to estimate the values of ¢, and g The

following correlations have been proposed by Meverhof [29] for piles driven into a
sand stratum

Dy, o
s = 40N — < 400N (KN/m”
4 p = 400N (kN/m’) (8.30)

where A 15 the value of standard penetration resistance in the wiciuty of the pie

base and [, the length of the pile embedded in the sand. For piles driven mto non-
plastic sits an upper hrmt of 2001 15 approprate. Also

g = 2N(kN/m?")
(8.31)

where N iz the average value of standard penetration resistance owver the
embedded length of the pile within the sand stratum. The value of ¢ given by

Equaticn 8.31 should be halved m the case of small-displacement piles such as
steel H piles. For bored piles the values of ¢, and ¢ are apprommately ¥ and %,

respectively, of the corresponding walues for dnven pales.
The results of static cone penetration tests can also be used m pile design. The
end bearing capacity (g,) can be taken to be equal to the average value of cone

penetration resistance (9 in the vicinity of the pile base. Different procedures hawve
been suggested for determining thiz average. One approach, descrbed by
Tomlinson [50], 15 to plot all relevant g fdepth profiles together and draw an

average line for the section around the pile base. A load factor of 2.0-2.5 1z then
appled to the base resistance (4, g, ) depending on the scatter of the profile. A

lower bound line should alse be drawn and a checlk made to ensure that a lead
factor in excess of 1.0 for base resistance iz achieved using the lower bound
average. Another method, based on practice i the MNethetlands, uses the mean of
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two averages ¢ ; and g, for single profiles, deterrmined (1) between 0.75 and 45
below the pile base and (Z) 85 abowe the base, respectively. If ¢ increases

steadily below the pile, the awverage 15 determined only to depth 078 If a
pronounced decrease m g occurs between 0.75 and 45 the lowest walue within

that range 1z taken as ¢,. The average value g, above the base should be

determined, wotling upwards from the base, using only values which decrease
from or are equal to that at the base. The value of end beanng capacity (g, ) should

be restricted to 15MT/me.

=hatt resistance per unit area (g ) can be determmed from values of local sleeve
resistance (7 ). However, £ must be multiphed by a factor to allow for the effect of

pile mstallation on the density of the sand The factor depends on the material and
end shape of the pile, suggested values bemmg 1.1 for a concrete pile with a pomted
end and 0.7 for a steel H pile. Shaft resistance can also be determined from direct
correlations with cone resistance, eg @ = 00124 for timber, precast concrete

and steel displacement piles. The value of ¢ should be restricted to 0. 12MT/m?,
In the limit state method both the values of ¢, and ¢ determned by the above

procedures are divided by 1.50 to gve the characterishe values ¢, and g .

respectvely.

Piles in clays

In the case of driven pies, the clay adjacent to the pile 15 displaced both laterally
and wvertically, Upward displacement of the clay results m heaving of the ground
surface around the pile and can cause a reduction mn the beanng capacity of
adjacent piles already nstalled. The clay in the distibed zone around the pie iz
completely remoulded dunng drving. The excess pore water pressure set up by the
driving stresses dissipates within a few months as the disturbed zone 15 relatively
nattow [of the order of B m general, dissipation iz wirtually complete before
significant structural load 15 applied to the pile. Dissipation 15 accompatied by an
increase in the shear strength of the remoulded clay and a corresponding increase in
shan friction. Thus the skun friction at the end of dizsipation 15 normally appropriate
in design.

In the case of bored piles, a thin layer of clay (of the order of 25mm)
immediately adjoining the shaft will be remoulded dunng boring In addition, a
gradual softening of the clay will take place adjacent to the shaft due to stress
release, pore water seeping from the surrounding clay towards the shaft. “Water can
also be absorbed from the wet concrete when it comes mto contact with the clay.
Softering 13 accompanied by a reduction i shear strength and a reduction m skin
frhction. Construction of a bored pile, therefore, should be completed as quickly as
possible. Limted reconschdation of the remoulded and softened clay takes place
after installation of the pile.

The relevant shear strength for the determnation of the base resistance of a pie
i clay 15 the undramed strength at base level The ultmate beanng capacty is
expressed as

i = €y N,

(8.32)

Based on theoretical and experimental ewidence, a value of IV, of 3 is appropriate

(ie. Skempton’s vale for /B >4 If the clay iz fissured the shear strength of a
stmall
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laboratory specimen (e.g 28mm dameter) will be greater than the i»-sifu strength
because it will be relatively less fissured than the sod mass m the wicmity of the pde
basze: a reduction factor should thus be applied to the laboratory strength (e.g 075
has been suggested for London clay).

The skin fhcton can be correlated empirically wath the average undramned
strength (“u) of the undisturbed clay over the depth occupied by the pile, ie.

i = Oy,

(8.33)

where & 15 a coefficient depending on the type of clay, the method of mstallation
and the pile material The appropriate value of @ 15 obtained from the results of load
tests. Values of & can range from around 0.3 to around 1.0, One difficulty with this
approach 15 that there 1z usually a considerable scatter i the plot of undramed shear
strength against depth and it may be difficult to define the value of ©u.

An alternative approach i3 to express skin fiiction i terms of effective stress.
The zone of sol disturbance around the pde 1z relatively thin, therefore dissipation
of the positive or negative excess pore water pressure set up during installation
should be wirtually cotmplete by the tine the structural load 15 applied. In principle,
therefore, an effective stress approach has more justification than one based on
total stress. In terms of effective stress the skin friction can be expressed as

gy = K., lan ¢

(8.34)

where K _ 15 the average coefficient of earth pressure and “o the average effective

overburden pressure adjacent to the pile shaft Failure 15 assumed to take place n
the remnoulded soid close to the pie shaft and, therefore, the angle of fiiction
between the pile and the zodl 15 represented by the critical-state walue of the angle of
sheanng resistance.

The product £ tan @' is written as a coefficient /3, thus

iy = "-'!ﬁ:r

(8.35)

Apprommate values of # can be deduced by making assumptions regarding the
value of X, espectally i the case of normally consolidated clays. However, the

coefficient 12 generally obtained empirically from the results of load tests carned out
a few months after mstallation. For normally consolidated clays the value of 5 i3
usually wathin the range 0.25-040 but for overconsoldated clavs wvalues are
sigrific antly higher and waty within relatively wide limits.

In the case of under-reamed pies, as a result of settlement, there iz a possibility
that a small gap will develop between the top of the under-ream and the overlying
soll, leading to a drag-down of soi on the pie shaft Accordingly no skin fiiction
should be taken mto account below a level 28 above the top of the under-ream. It
should be noted that in the case of under-reamed piles the reduction in pressure on
the soil at base level due to the remowal of soil 15 greater than the subsedquent
increase i pressure due to the weight of the pile. The left-hand side of Equation
8.26 must then be written as (@r + W = ¥DAv) where W is the weight of the pile,
A, the area of the enlarged base and [ the depth to base level
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Figure & 19 Megative skin friction.

Negative skin friction

Megative skin friction can occur on the perimeter of a pie driven through a layer of
clay undergomg consolidation (e g due to a fill recently placed over the clay) mto a
firm bearing stratum (Figure 8.19). The consolidating layer exerts a downward drag
ont the pile and, therefore, the direction of skin friction in this layer 15 reversed. The
force due to thiz dewnward or negative slan friction 15 thus carned by the pde
instead of helping to support the external load on the pile. MNegative skin fiiction

increases gradually as consolidation of the clay layer proceeds, the effective

overburden pressure 7 gradually increasing as the excess pore water pressure

dissipates. Equation 8. 35 can also be used to represent negative skun fricton. In
notmally consolidated clays, present ewndence mdicates that a value of & of 0.25
represents a reasonable upper limt to negative skin friction for prelirminary design
purposes. It should be noted that there will be a reducton in effective overburden
pressure adjacent to the pile in the beanng stratim due to the transter of part of the
ovetlying sol weight to the pide: f the bearing stratum 15 sand, thiz will result i a
reduction i bearing capacity abowe the critical depth.

Load tesis

The loading of a test pide enables the ultimate load to be determuned directly and
provides a means of assessing the accuracy of predicted walues. Tests may alzo be
carried out i which loading 15 stopped when the proposed wotking load has been
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exceeded by a specified percentage. The results from a test on a particular pile will
not necessarily reflect the performance of all other pies on the same site, and
therefore an adecuate number of tests are required, depending on the extent of the
ground vestigation. Drven piles i clays should not be tested for at least a month
after mstallation to allow most of the mcrease m skin fiction (a result of disstpation
of the excess pore water pressure due to the driving stresses) to take place.

Two test procedures are detaled m BS B004 [F] In the maintained load test
the load— settlement relatonship for the test pie 12 obtaned by loading i suitable
increments, allowing sufficient time between increments for settlement to be
substantially complete. The ultunate load 15 normally takeen as that corresponding to
a specified settlement, e g 10% of the pile diameter. Unloading stages are normally
included i the test programine. In the consiant rate of pensiration (CET) test
the pie iz jacked mto the scd at a constant rate, the load appled m order to
maintain the penetration being continuously measured. Suitable rates of penetration
for tests m sands and clays are 1.5 and 0.75mmimin, respecttvely. The test is
contiued untl etther shear falure of the sod talees place or the penetration 15 equal
to 10% of the diameter of the pile basze, thus defining the ultimate load. Allowance
should be made for the elastic deformation of the pie under test. The settlement of
a pile under maintained load cannot be estimated from the results of a CEP test
Typical load—settlement plots are shown tn Figure 8. 200 In Fioure 8 200k, curves
& and B are typical of piles for which shaft resistance 15 the

1
_J'J“J-I--r--r-- o Load

Load

[=]

Settlement

Seftlement

(a)

Load

} Failura

Penetration
[b)

Figure £20 Pile loading tests: {a) mamntamed load test and (h)
constant rate of penetration test.
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dominant component of bearing capacity, curve C 12 typical of piles for which base
resistance predotmnates.

In ECY the following procedure i3 given for interpreting the results of pile load
tests. The characteristic pile resistance iz detertmined by dividing the average
measured resistance by a correlation factor (£) of 1.2-1.5, depending on the
mumber of tests. The design bearing resistance 12 then obtained by drnding the
characteristic resistance by the appropriate partial factor as specified eatlier in this
section. Bearing resistance should be based etther on calculations validated by load
tests or on load tests alone.

Wlany pile load tests are not continmed to the state of general shear fatlure, due to
the cost mvolved andfor to the relatively large settlement required. However, a
mumber of methods of exmtrapolating test data to ultimate failure hawve been
proposed, these methods have been summarized by Fellenms [20].

Pile groups

& pile foundation may consist of a group of piles installed faitly close together
(typically 25458 where B iz the width or diameter of a single pide) and jomed by a
slab, known as the pde cap, cast on top of the pdes. The cap 15 usually in contact
with the soil, in which case part of the structural load 1z carned directly on the soi
intne diately below the surface. If the cap 15 clear of the ground surface, the piles in
the group are referred to as freestanding The principles described i this section
also apply to pied rafts In sbff clays, piles at spacings of 45 or greater may be
installed under a raft for the prime purpose of reducing settlement. An excellent
review of the design of piled rafts has been presented by Coolke [16].

In general, the ultimate load which can be supported by a group of 2 piles 13 not
equal to » times the ultimate load of a single isolated pile of the same dimensions in
the same sod The ratio of the average load per pide m a group at faure to the
ultitnate load for a single pile 15 defined as the efficiesncy of the group. It is generally
assumed that the distribution of load between the pies in an asally loaded group is
unform. Howewver, experimental evidence mdicates that for a group mn sand the
piles at the centre of the group carry greater loads than those on the perimeter; in
clay, on the other hand, the piles on the penmeter of the group cany greater loads
than those at the centre. It can generally be assumed that all piles m a group wil
settle by the same amount, due to the ngidity of the pile cap. The settlement of a
pile group 18 always greater than the settlement of a corresponding single pile, as a
result of the ovetlapping of the indrmdual zones of influence of the pies in the group.
The bulks of pressure of a single pile and a pile group (with pies of the same length
as the single pie) are of the form fdlustrated in Fioure B 21, significant stresses are
thuz developed over a much wider area and much greater depth in the case of a
pile group than in the case of a corresponding single pile. The seétlement raiio of a
oroup 18 defined as the ratio of the settlement of the group to the settlement of a
single pile when both are carrying the same propotfion of thewr ultimate load.

The dnving of a group of piles mto locse or medmm-dense sand causes
compaction of the zsand between the piles, prowided that the spacing 1s less than
about 28 consecquently, the efficiency of the group 15 greater than unity. & walue of
1.2 1z often used m design. However, for a group of bored pales the efficiency may
be as low as 3% because the sand between the pies i not compacted during
installation but the zones
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'—TW = Tz

Figure & 21 Bulhs of pressure for a single pile and a pile group.

of shear of adjacent piles will ovetlap. In the case of piles dnven into dense sand,
the group efficiency iz less than umity due to loosemng of the sand and the
ovetlapping of zones of shear It difficult dnwing conditions are anticipated,
wbtrocompacton (Section £ 6) may be a better solution.

A closely spaced group of piles i clay may fail as a unt, with shear failure taking
place around the perimeter of the group and below the area covered by the piles
and the enclosed sodl; this 15 referred to as block fadure, Tests by Whitaleer [52] on
freestanding model piles showed that for groups comprsing a given number of piles
of a gven length there was a cnfical spacing of the order of 25 at which the mode
of falure changed. For spacings above the cribcal value, falure occurred below
individual piles. For spacings below the critical walue, the group failed as a block,
like at equivalent pier comprising the pides and the enclosed sod The group
efficiency at the critical spacing was between 0.6 and 0.7 However, when the pile
cap was i contact with the soil, no change in the mode of falure was indicated at
pile spacings above 25 and the efficiency exceeded unity at spacings greater than
around 458 However, it 15 now considered that the length of the piles and the size
and shape of the group also influence the critical spacing. It is recommended that
the minmum centre-line spacing of pides m clay should not be less than the pde
perimeter. The ultimate load in the case of a pile group which fails az a block 1=
given by

!‘?r = _e]'hqh -+1- JL:",_
(8.36)

whete A, 15 equal to the base area of the group, A_ equal to the perimeter area of
the group and ¢ the average value of shearing resistance, per unit area, on the
perimeter. The shearing resistance ¢ should be taken as the undrained strength of

the remoulded clay unless loading i3 to be delayed for at least & months, i which
case the undrammed strength of the undisturbed clay can be used Dizsipation of
EXCESE pore water pressure due to nstallation will take longer in the case of a pile
group than in the case of a single pile and mught not be complete before the early
application of structural load. In
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design, the ultimate load should be taleen as the lesser of the block falure value and
the sum of the mdradual pide values, prowided the pile cap rests on the sod
However, if the piles are freestanding the ultimate load should be the lesser of the
block falure value and 35 of the sum of the mdiwidual pie values.

The settlement of a pide group i clay can be estunated by assurming that the total
load 15 carned by an “equivalent raft” located at a depth of 20/2 where £ iz the
length of the piles. It may be assumed, as shown in Figure 8 220a), that the load i3
spread from the penmeter of the group at a slope of 1 horizontal to 4 vertical to
allow for that part of the load transferred to the soi by skin friction. The wertical
stress icrement at any depth below the equivalent raft may be estinated by
assuming m turn that the total load 15 spread to the underlying sod at a slope of 1
horizontal to 2 wvertical The consolidation settlement is then calculated from
Equation 7. 10, The #nimediate settlement 1z deterrined by applying Equation 5 28
to the equivalent raft.

The settlement of a pile group underlain by a depth of sand can alse be
estirnated by means of the equivalent raft concept. In thiz case it may be assumed,
as showr in Figure B.22(b), that the equivalent raft is located at a depth of 206/3 in
the sand stratum with a 1:4 load spread from the penmeter of the group. Agamn a
1:2 load spread 15 assumed below the equivalent raft. The settletnent 15 detertnined
from values of standard penetration resistance or cone penetration resistance below
the equivalent raft, using the methods detaled in Section 8.4

It 1z also possible to estinate the settlernent due to the consolidation of a clay
layer situated below a sand stratum m which a pilde group i supported. The
possibility of a pile group i a sand stratum punching through mto an underlying
layer of soft clay should alse be considered i relevant cases; the vertical stress
mcrement at the top of the clay layer should not exceed the presumed bearing value
of the clay.

An alternative proposal regarding the equivalent raft is that its area should be
equal to that of the pile group. In clays the equivalent raft should, as abowve, be
located at a depth of 25/3 but m sands tt should be located at the base of the pile
oroup. A 1.2 load spread should be assumed below the equivalent raft in each
case. The alternatve proposals should be used of shaft resistance 15 neghgible
compared with base resistance.
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Figure & 22 Equivalent raft concept.

& 1974, 1978, 1953, 1957, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Bearing capacity of piles 23

A method based on elastic theory for estimating the settlement of a pile group
has been developed by Poulos and Daws [36] It should be appreciated that
settlement 15 normally the lrmbing design criterion for pide groups m both sands and
clays.

Pile driving formulae

& number of formulae have been proposed m which the dynamics of the pie
driving operation 15 considered m a very idealistic way and the dynamic resistance
to dnwving is assumed to be equal to the static beanng capacity of the pile.

TTpon stribing the pile, the kunetic energy of the drving hammer 15 assumed to ke

Wit — (energy losses)

where W 1s the weight of the hammer and A the equivalent free fall The energy
losses may be due to fiiction, heat, hammer rebound, wbration and elastic
compression of the pile, the packing assembly and the sodl The net kinetic energy 13
equated to the work done by the pie in penetrating the soil. The work done 15 A=
where £ iz the awverage resistance of the sod to penetration and s the set or
penetration of the pide per blow. The smaller the set, the greater the resistance to
penetration.

The Engineering Mews formula takes into account the energy loss due to
temporary Compression (cp]l resulting from elastic compression of the pide. Thus

|
sS4 =0y | = W)
R(s+30) = (8.37)
from which & can be deterrnined. In practice, empinical values are given to the term
/2 (e.g. for drop hammers Cp/2 = 25 mmy,

The Hiley formula takes ite account the energy losses due to elastic
compression of the pile, the soil and the packing assembly on top of the pile, all
represented by a term ¢, and the energy losses due to mpact, represented by an
efficiency factor . Thus

! .
R(.H‘ -+ Ec) = Wh (838)

The elastic compression of the pile and the soil can be obtamed from the drving
trace of the pile (Figure .23 The compression of the packing assembly must be
estimated separately by assuming a walue of the stress in the assembly dunng

Diriwing forrmila should normally be used only for piles in sands and gravels and
tst be calibrated agast the results of static load tests on sitvilar pies in siralar
soil conditions.

The wave equation

The wawve equation i1z a differential equation descrbing the transtssion of
compression waves, produced by the impact of a driving harnmer, along the length
of a pile. The pile 15 assumed to behave as a slender rod rather than as a rigid mass.
A computer program can be written for the solution of the equation i finite
difference form.
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Elastic comprassion

Figure £ 23 Pile dnving trace.

Details of the method have been given by Stuth [44] The pile, packing assembly
and driving ram are represented by a senes of discrete weights and springs. The
shaft and base resistances are represented by a series of springs and dashpots.
Walues of the parameters describing the behawiour of these elements and of the sod
must be estimated.

The relationship can be obtaned between the final set and the ulbimate load
which can be suppotted by the pile immediately after dowing, no information can be
obtamed regarding the long-term behawiour of the pide. The equation also enables
the stresszes in the pie dunng dowing to be determined, for use i the stuctural
design of the pide. An assessment can also be made of the adequacy of the driving
equipment to produce the deswed load capactty for a gven pile. Agamn, the validity
of the analysis must be checked against the results of static load tests.

Example 8.7

A precast concrete pie 450=450 mm n section, to form part of a jetty, 13 to be
driven into a river bed which consists of a depth of sand. The results of standard
penetration tests m the sand are as follows:

Depth (m) 15 30 45 60 75 80 105
N 4 i 13 12 20 24 35

The pile 15 required to support a design compressive load of &30k and to
withstand a design upldft load of 140kIN. Determine the depth (D)) to which the

pile must be driven (&) according to the tradional method wath an overall load
factor of 2.0 and (b) according to the limit state method.

(a)} Required bearing resistance = Adpgp + Ao = 2.0 % 650 = 1300kN
Required uplift resistance = Ayq, = 2.0 = 140 = 2B0 kN

whete Ap = ﬂ451 aticd A 4 =045 = Dh
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Table §. 8

D) N N Ag () o Gavimd) A () A A ()

%Nﬂb 400 A
1.5 4 4 22 535 108 130
g a5 54 1a00 324 7
45 13 & 130 5200 5200 1053 1183
g0 12 9 194 4800 97 1166
7520 11 297 &000 1420 1917
9.0 24 13 421 2400 1344 2365
105 35 14 s 14000 2835 3440

Tzing Meverhof s correlations,

g = J0NDy/B > 400N (kN/m?)
s = 2N (kN/m?)

The calculations are set out i Table B8 By mspection, uplft 1z the limiting
constderation. By mterpolation, the pie must be driven to at least 7. 25m.
(b} The values of ¢, and g_ calculated using Meyerhof's correlations are dinded

by 1.50 to gve the charactenstic values (g, and ¢, ). For a drnven pile a partal

tactor of 1.30 1z appled to both the charactenstic beanng and uphft resistances.
Thus

Required design bearing resistance, Rpg = 1.30 x 650 = 845kN
Required design uplift resistance, Ry = 1.30 » 140 = |82 kN

The values in Table 8.8 are re-calculated. By interpolation, the pile must be driven
to at least 7. 15m, uplft agam bemng the lmiting consideration.

Example 8.8

An under-reamed bored pie 15 to be installed m a stff clay. The diameters of the
pile shaft and under-reamed base are 1.05 and 200, respectively. The pile 15 to
extend from a depth of dm to a depth of 22m m the clay, the top of the under-ream
being at a depth of 20m. The relationship between undrammed shear strength and
depth 15 shown i Figure ¥ 24 and the adhesion coefficient & 15 0.4, Deterrmine the
beanng resistance of the pile (a) using the traditional method to ensure (1) an overall
load factor of 2 and (1) a load factor of 2 under the base when shaft resistance 1s
fully mobiized, and (b) accordmg to the Lt state method.

(a) At baze level (22m) the undrammed strength is 220kI/m?. Therefore

g = oy = 220 2 9 = 1980 kN,-"m:
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Figure & 24 Ezample 5.8

It 1z adwisable to disregard slan fiiction ower a length of 25 akbowe the top of the
under-ream, 1e. below a depth of 17 %m. The average value of undramned strength
between depths of 4 and 17 9m 15 130kI0/m?. Therefore

g = iy = 0.4 = 130 = 52 kf\!..-"m:
The vltimate load iz given by

O = Anign + Augs
- G % 3 x 1%'0) + (7% 105 % 13.9 % 52)
= 13996+ 2384
= 16380 kN

The allowable load 12 the legzer of

. O 16380 .
(1) %— 1j = 8190 kN
vor Antfh 13996
(11) rﬁffl FAsgs = > 4 2384
2 -
= 7049 kN

Howewer, an allowance should be made for the difference between the pressure
removed at the base of the under-ream due to boring of the shaft and the pressure
subsequently applied due to the weight of the pide. Thus the allowable load may be
increased by (7P4s = W3, Taking the unit weights of clay and concrete as 20

and 23, 5kM/m’, respectively, and neglecting the additional weight of the under-
rearn, the additional load i3
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%{(3{] x 18 x%x 33) - (2_1.5 x 18 xgx l.ﬂsi)}. 726 kN

Thus the allowable load on the pile i3
TOH9 + 726 = 7775 kN
(b1 The characteristic undrained strength at base level 12

220 .
Cuk = ﬁ kH.- m-

The average value of undrammed strength between 4.0 and 17 9m 15

]:’!'0 ’
= —— kN /m*
Ck = T2g kN/m

Then the charactenstic values of base and shaft resistances per unit area are

37 .

ok = 2 T;{;{] = 1320kN/m*  (N.=9)
. 3

iy = M = 35kN ;’ml

1.50

Theretore the characteristic base and shaft resistances are

Ry = i x 3 % 1320 = 9330 kN

Ry =mx 105 % 139 % 35=1605kN

For a bored pile the appropriate partial factors are T = 160 and 7 = 1.30,
therefore the design beaning resistance iz

9330 1605

- . = §83] + 1235 = -
0 T30 5831 + 1235 = 7066 kN

‘r{.’ d

Example 8.9

& square group of 25 pies extends between depths of 1 and 13m m a deposit of
stiff clay 25m thick overlying a hard stratum. The piles are 0.6m m diameter and are
spaced at 2m centres in the group, as shown in Fioure 825 The characteristic
value of undrained shear strength of the clay at pile base level 13 175/ m? and the
average characteristic value over the length of the piles 1z 105k10¢m?. The adhesion
coefficient a 15 0.45, Eu 12 651!.@11’1112, . is 0.07mMT and pore water pressure
coefficient A 1z 024 The pie group supports a permanent load of 2000k and a
vartable load of 3000k, The allowable settlement 1z 30mm. Are the bearing

resistance and serviceabiity limit states satisfied according to the requirements of
the lirrt state method?
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Figure £25 Example 8.9,

According to the mit state method, the design compressive load 15

Fog = (1.00 = 9000} + {1.30 x 3000) = 12900 kN

The characteristic baze and shaft resistances per unit area are

C 7
oy = % = 1030 kamE
0.45 = 105 5
= =1 . ] F
sk 150 JL5KN/m

Then, applyng partial factors of 1.60 and 1.30 for base and shaft resistances,
respectively, the design bearing resistance of a single pie 12

(m/4 % 0.6° x 1050) (7 = 0.6 % 12 x 31.5)
. 1.60 N 1.30
= |86 + 548 = T3 kN

R{d

The design bearing resistance of the group, assuming single pie falure and a group
efficiency of 1.0 i (23 % 734 x 1.0) = 18 350kN

Ros = Fea therefore the bearing resistance limnit state is satisfed.
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The width of the group 15 B 6m, therefore, assuming block falure and the fill
characteristic undramned strength on the perimeter, the design bearing resistance of
the group is:

] 105
(8.6% % 1050) + (4 % 8.6 % 12 % 1_3;) = 77658 + 28 896 = 106 554 kN.

Ewen if the remoulded strength of the clay were assumed to act on the perimeter,
there would ke no likelthood of block falure.
The design load for the serviceabiity bt state 15 (9000 4 3000) = 12000 kN
Eefernng to Fioure 8 220a), the equivalent raft 15 located Sm (T?iix 12m) below
the top of the piles. The wadth of the equivalent raft 1z 12 6m. The load on the
equivalent raft 1s assumed to be spread at a slope of 1.2 in the undetlying clay. The
pressure on the equivalent raft 15 given by

12000
12.6°

g = = 76 kN/m’

The immediate settlement 15 deterrmned using Figure 515 Now
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To calculate the consolidation settlement the clay below the equivalent raft will be
dimided mto four sublayers each of thickness () 4m. The pressure increment {Ae)
at the centre of each sublayer i equal to the load of 12000k dinded by the
spread area (Table 8.9 The settlement coefficient 15 obtained from Figure 712,
The diameter of

Table §.9
Layer 20 oy () A (k) m_ A (o)
1 e 56.3 15.8
2 6 152 .7 9.7
3 10 55 42 235 6.6
4 14 56 2 17.0 43

F 0.2
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a ctcle hawing the same area as the equivalent raft 15 14.2m, thus
HiB=16/14.2 = L1 Then from Figure 7.12, for A =024 and H/B= L1 the
value of p1s 052 and the consolidation settlement 1z

So = ey = 0,52 % 36.9 = 19 mm

The total settlement 12

F=8+5=0+19=23mm

Thiz 1z less than the allowable zettlement, therefore the serviceabdity hmit state 1s
satisfied.

Lateral loading of piles

Piles are capable of resisting lateral loading due to the resistance of the adjacent
soll, lateral stresses in the sod mcreasing i front of the pide and decreasing behind,
as load 12 appled. Most piles are subjected to a honzontal component of loading
but if this 15 relatively small in relation to the vertical component, it need not be
constdered i design, e g the wind loading on a structure can normally be carried
safely by the foundation piles. Howewer, iof the lateral component 13 relatively large
the lateral resistance of the pide should be deterrned Very large lateral
components may require the istallation of inclined (or raked) pies. Lateral loading
on piles can alse be mduced by sod movement, e g lateral movement of the sl
below an embankment behind a piled bridge abutment.

The mode of falure of a pile under lateral load depends on its length and
whether or not it 13 restrained by a pile cap. & relatwely short, rigd, unrestramned
pile will rotate about a point B near the bottom, as shown in Fioure 8. 26(a). In the
case of a relatvely long flesable pide, a plastic unge will develop at some pomt D
along the length of the pile, as shown in Figure 8 26(k), and only above this pomnt
will there be significant displacement of the pile and sed. For piles sunmounted by a
pile cap which s restramed from rotation, there are three possible modes of falure.
& short rigid pile will undergo translational displacement as shown in Figure 8 26
() A pie of mtermediate length will develop a plastic hinge at cap level, then
rotate about a pomt near the bottom of the pile as dlustrated m Figure 8 26(d) A
long pile will develop plastic hinges at cap level and at a point along the length of
the pile as indicated i Figure 8 26(e).

Close to the surface (at a depth not exceeding the wadth of the pale), falure i the
sofl 13 assumed to be analogous to the formation of a passive wedge m front of a
retating wall, the sol surface bemg pushed upwards. In a cohesionless sod the
ulimate or rmuting value of lateral pressure (p) m front of the pile can therefore be

approzimated to Kpol- ignering three-dimensional effects, where Kp 15 the passive

pressure coefficient and T\ the effective overburden pressure at the depth in
question. At greater depth the sodl in front of the pile deforms i a manner sirdlar to
that in a pressuremeter test (Section 5 1) and, based on experimental data, the
lirruting lateral pressure can be apprommated to K30l Behind the pile the lateral
stress decreases with mcreasing lateral deformation of the sodl In a cohestve soil of
undramed strength ¢, , using the
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Figure & 28 Lateral loading of piles.

pressuremeter analogy, the limitmg pressure can be denwed from Equation 5.5 A
generalized relationship between p; and depth has been proposed by Fleming of
al. [21] m which p; mcreases linearly from a value of 2e | at the surface to 3z, ata

depth of 38, where & 15 the width or diameter of the pile, and remains at a constant
value of 8¢ at depths below 3.5,
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The honrontal force which would result m fadure within the sod 15 denoted by /4,

acting at a distance ¢ above the surface. For a short unrestrained pile the depth of
the point of rotation 15 written as zp, The limit forces on the front of the pile abowve

the point of rotation and on the back of the pile below the point of rotation are
denoted by F,p and FPp., respectively, caleulated using the abowve values of lumit

pressure. These forces act at depths of h,p and Jp., respectively. Then for
hotizontal equiibeim

Hy = Pap — Prc
and for moment equilibrium
Hele + zp) = Paplze = has) + Poelfpe = zp)

The unknown quantifies are /7 and zp,

For along unrestramed pile a plastic hinge develops at depth z; and at thiz pomt
the bending moment will be a masmum, of value Mp, and the shear force will be

zere. Only the forces above the hinge, 18 over the length AT, need be considered.
Then for honizontal equilibrinm

H] = P,'.,L]
and for moment equilibrium

."1'.|r|1 = Hy _-(' R [z ;I_.u-;]_-
= Hle + hiap)

In the case of piles restrained by a pile cap a plastic hinge forms at the base of the
cap and the additional moment at this pomt must be introduced into the abowe
eruations.

Fleming 2 @l [21] produced design charts, in dimensionless form, bazed on the
abowe equations for shott and long pies, unrestraned and restrained, im uniform sodl
depostts. An appropnate load factor should be appled to the value of & m

traditional design. In limit state design a partial factor should be applied to the shear
strength paratmeter i question.

8.6 GROUND IMPROVEMENT TECHNIQUES

An alternative to the use of deep foundations iz the mmprovement of the sod
properties near the surface; shallow foundations are then a possibiity. The
improwvement technirues descnbed below all require the services of a specialist
contractor.

Vibrocompaction

The density index of loose to medium-dense sand deposits can be ncreased by the
process of wbrocompaction. The techmaue emplovs a depth wbrator suspended
from the jib of a crane or carried on special mountings, typical whrators having
lengths of 3—5m and diameters of 300—-430mim. The wibrator section iz located at
the lower end
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of, and 1seolated from, the mam body of the umt The wbrator, which can be
hydranlically or electrically powered, operates with a gyratory motion i a
honzontal plane, produced by the rotation of eccentric masses. The unit penetrates
the zoil under itz own weight, usually assisted by jets of water emitted from the
conical point of the wbrator. The combined effects of whbration and water jetting
mnduce local hquetaction of the adjacent soil, enabling the vt to penetrate readily
under itz own weight After reaching the required depth, jetting iz halted or
reduced, the wibrator 1 gradually withdrawn and the surrounding sod s compacted
by the honzontal wibratory action. The process creates a comical depression at the
surface which 15 continuously filled with granular material, etther from the site or
inpotted, as the wbrator 15 withdrawn Signficant compaction of the soi can
usually be achieved to a radms of up to 2.5m from the ams of the wibrator,
depending on the patticle size distnbution and itial density of the soi and the
characteristics of the equipment The zod should be compacted to at least the
significant depth of the foundations i queston, depths up to 12m hawving been
treated. The process is repeated at sutable spacings ower the area in question
creating a soll mass of wereased bearng capacity. Vibrocompaction cannot be
used m fine sods, especially saturated clays, because the wbrations would be
damped within a relatvely small rads. The process may be less efficient if the sl
has a significant content of fine sand and non-plastic st particles.

The effectiveness of the wibrocompacton process can be assessed by
petforming either standard penetration or cone penetration tests before and after
the event In the larger contracts it 15 usual to commission a test progratremne to
determine the optimum spacing between msertions of the wibrator.

Vibroreplacement

Vibroreplacement inwolves the remforcement of fine soil deposits with “stone
columns’ to provide adequate support for relatively Light structures. The columns
do not transfer load to greater depth, 12 they do not function in the same way as
pilles—they rely largely on the lateral resistance of the surrounding soll—therefore
are not adequate to support relatvely heavy loading Stone columns alse fulfil a
sitnilar finction to vertical sand drang in accelerating the rate of consolidation of the
surrounding soi

& depth wbrator 15 again used to penetrate the soil "Water or air jets may be
used to facilitate the process. The soil 18 displaced radially by the wbrator resulting
in the formation of a cylindrical cawty. The wibrator 15 then withdrawn, compressed
ar bemg mtroduced to break the suction and the cavity 15 filled i stages with layers
of 20=75mm angular agoregate, each layer being compacted by re-inserting the
wibrator. The aggregate i3 displaced both laterally and downwards with firther
displacement of the adjacent sod. A stone column 1s thus formed which mterlocks
with the surrounding sed Stone columns may be installed either in a gnd
configuration over the area i question, forming a compostte sol mass of enhanced
beanhg capacity, or in positons where structural columns are to be located. The
strength and stiffhess of stone columns depends on their degree of lateral
confinernent within the surrounding soil. Again, field trals are vsually petformed to
confirm optimum design details. Some design charts for stone columns have been
published by Moseley [30].
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In szoft clays, material may be removed by means of water emitted under
pressure through the jet holes at the point of the wibrator, 1e. the sod 12 then not
displaced. It 12 uncertain if adequate suppott can be relied upon ih soft clays if the
rate of load application 15 slow. Soft clay may be gradually squeezed mto the voids
within the column i which case there will be reduced lateral resistance and reduced
efficiency as a drain.

Dynamic deep compaction

This process mvolves the use of lugh-energy tamping to wnprove the engmeering
properties of relatvely weak soil, improvement to depths of arcound 10m being
possible. The technicque consists of dropping a heavy mass, usually within the range
6—20 tonnes, onto the ground sutface from a height of 5—20m (although greater
maszses and heights have been used), the drop energy per blow being the mass
rraltiphied by the drop height A crawler crane or Ufting frame 15 used to raise the
tamper, then release it m fee fall The mmpact of the tamper creates a hole, known
as the mmprnt, i the ground surface and causes shock waves to be transmitted
through the sod to a considerable depth. Typically the tamper 15 dropped 5-10
times at each posthon and the process 15 repeated at 5—15m centres i a square
grid over the area being treated. In practice different walues of drop energy may be
used to treat different depth ranges wathin the sod The foll available energy at
relatively wide drop spacing may be employed to treat the deepest levels of sod
and reduced energy at closer drop spacing to treat levels nearer the surface. The
average reduction i the lewel of the area under treatment 12 referred to as the
nduced settlement and 15 dependent on the total energy applied and details of the
application sequence. Coarse and fine soils behave in different ways under the
process.

In coarse sods abowe the water table the shock waves produced by impact
cause the particles to be packed closer together, resulting i a higher density mdex
and consequently an increase in the bearing capacity of the soil Below the water
table, excess pore water pressure 15 developed by the wnpact stresses and,
depending on the grading and density mdex of the sodl, hquefaction may be mitiated.
The density index will subsequently increase as the excess pore water pressure
dissipates. Liquefaction may be avoided by the use of lower drop energy.

In fine sois the unprovements m properties achieved are normally less
pronounced, and require a larger number of blows, than in coarse sods.
Eeasonable results can be achieved in solds above the water table but very little
improvement can be expected in thick layers of saturated clay. Impact by the
tamper induces local excess pore water pressure which dissipates by outward
drathage into the surrounding sod In addiion, drainage channels can be formed by
hydraulic fracture and the development of shear planes within the soi below the
inpact area, producing a temporary ihcrease i mass permeabdity and resulting in
an acceleration i the rate of consclidation In fine sods the process has been
referred to as dynamic consolidation.

The effectiveness of the process can be monttored by means of load tests andfor
in-sity penetration tests. Induced settlement ower the site would alzo be measured
as operations proceed. Inhal trials are normally comumssioned to determne the
optitnum . drop energy, tumber of drops and imprint spacing In fine sods,
piezometers
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tight be matalled to determine the time necessary for dissipation of excess pore
water pressure. If necessary, vibration gauges would be used to ensure that the
operations did not cause adverse effects on structures in the wicinity.

Lime stahilization

The bearing properties of soft clay and =it can be enhanced by the formation of a
oroup of fme cofumns within the soil The technigque uses a special misng tool
mounted on a long wvertical shaft of hollow section which passes through the rotary
drive untt of the rig. The muxer 15 rotated mto the sod, penetrating it to the required
depth. The mixer 15 then gradually withdrawn and at the same time unslaked lime
(Calh 15 introduced through holes inmediately above the miang blades, the lime
being forced down the mside of the shaft by compressed ar. The ortentation of the
mizer blades 1z such that the sod-lime tixbawe iz compacted as the tool 1=
withdrawn, The propottion of lime 15 normally within the range of 3-10% of the dtv
weight of the sod Lime columns are usually S00-600 mun m diameter, typical
spacing 15 at 1-2 m centres and they can be up to 15m in length. Lime stakalization
results it higher bearing capactty and lower compressibility of the treated soil mass.

The added line reacts with the pore water, resulting i chermcal bonding
between scil particles, a reduction i water content and, in turn, an imcrease in
undramed shear strength. The heat of hydration of unslaked lime contributes to the
reduction m water content. Base exchange takes place, cations adsorbed on the
particle surfaces being replaced by calcium, resulting in the coagulation of particles.
The process depends, therefore, on there being a relatvely high clay mineral
content m the sod and 15 most successful in sods with a clay content of at least 20—
40%. Fly ash can be added to the sod-lime mix to compensate for a lower clay
content. The addition of gypsum accelerates the chemical reaction and increases
the strength of the treated sod Although the shear strength is mutially decreased by
the rotation of the mimng tool, it subsequently increases rapidly and becomes higher
than the original walie shortly after completion of the column. The strength
continues to imcrease for many months due to the pozzolatc reaction of the hime
with the silicates and alumimates of the clay. The stabilized soil 15 likely to be more
friakle than the untreated mass because strength wall be lost if particle bonds are
broken.

Lime columns can provide an econcemic foundation for relatively hght structures
compared to piing especially 1if the allowable bearing capacity of the latter 13 not
fully utilized. The columns are mstalled prmanly to reduce settlement, the shear
strength of the untreated soidl usually bemg adecuate to support the mmposed
loading. The permeability of a litne column can be much higher than that of the
surrounding zoil, the column then acting as a vertical drain, increasing the rate of
settlement. The bearing capacity of a column depends on both the undramed shear
strength of the stabilized zoil and the lateral confining pressure of the surrounding
soll, which 15 normally greater than the total overburden pressure. The column
material 15 subject to creep, te. slow continuous deformation will occur at constant
load. The load at which creep 1s mitiated 18 normally 65—80% of the (short-term)
ultitnate load.

There are alternative construction techniques and other materials such as cement
and slaked (hydrated) lime can be used. Full detals of the process, its uses and
methods of design have been given by Broms [20].
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8.7 EXCAVATIONS

Foundation wotks tay recquire a relatively deep excavation with vertical sidez. The
sides may be suppotted by soldier pies with tiunber sheeting, sheet pile walls or
diaphragm walls; these structures can be braced by means of honzontal or inclned
struts or by tie-backs In addition to the design of the supporting structure,
constderation must be given to the ground movements which will occur arcund the
excavation, especially if the excavation 15 close to exmsting structures. The following
movements (Figure 3 .27 should be considered:

1 settlement of the ground surface adjacent to the excavation,
2 lateral movement of the vertical supports, and
3 heave of the base of the excavation.

To a large extent the above movements are mterdependent because they are a
result of stramns in the sod mass due to stress relief when excavation takes place.
The magnitude and distribution of the ground movements depend on the type of
sol, the dmmensions of the excavation, details of the construction procedure and the
standard of wotkmanship., Ground mowements should be montored during
excavation so that advance warning of excessive movement of possible matability
can be obtamned.

Lzauming comparable construction technigques and workmanship, the magrtide
of settlement adjacent to an excavation iz likely to be relatively small in dense
cohestonless soils but can be excessive i soft plastic clays. Envelopes of the upper
limits of obzerved settlements in watious types of soil have been produced by Peck
[22], settlement being given i relation to tnasmum depth of excavation and
distance from the edge of the excavation. These envelopes, shown m Figure 8. 25,
are applicable to excavations supported by sheet piling or soldier piles, wath
bracihg of te-backs, and relate to average wotlmanship. For excavations
suppotrted by diaphragm walls the settlements are lkely to be sigmficantly lower
than those indicated by Peck’s envelopes.

settlement can be reduced by adopting construction procedures which decrease
lateral movement and base heave. For a given type of soil, therefore, settlement can
be kept to a minttmun by installing the struts or tie-backs as soon as possible and
before excavation proceeds significantly below the pomnt of support. Care should
also be taken to ensure that no voids are left between the supporting structure and
the soil In cohesionless sofs it 13 wital that groundwater flow iz controlled;
otherwise erratic settlement may be caused by a loss of sod mto the excavation. It

should be realized that

[

e

Figure & 27 Ground movements associated with deep excavation.
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Figure £28 Envelopes of settlement adjacent to excavation: (&)
sand and firm to stff clay, (B) wery soft to soft clay of
limited depth and {C) very soft to soft clay of considerahle
depth. (Feproduced by pertnizsion of the Mexican Society
SMFE.)

tor a grven method of construction and the best possible standard of wotlimanship,
the settlement at a given point cannot be reduced below a minimum walue which
depends on the type of sod and the depth of excavation.

The magnitude and distnbution of lateral mowement depends, to a large extent,
oft the mode of deformation of the suppotting stucture (e g whether the structure
1z allowed to deflect as a cantilever or whether it 15 braced near the surface wath the
mazmum deflection then taking place at greater depth). Lateral movement thus
depends on the spacing and tring of installation of the struts or tie-backs. As i the
case of settlement, excessive movements can ocour of excavation 13 allowed to
proceed too far before the first strut or tie-back 15 mstalled. The other main factor
iz the type of sod Under comparable condiions, lateral movements m soft to
medium clay: are substantally greater than those m dense cohesionless sodls,

Most problems concerning braced excavations are the result of excessive
ground movements and the control of such movements should be considered at the
beginmng of the design process. The design of the suppott system should be based
oft the requirements of mowvement control, 1.6, a serwceabiity limit state. There are
three general approaches to the estimation of ground moverments, namely emmpirical
correlations based on ix-sife measurements (such as Peck’s envelopes), the use of
analytical procedures such as the finte element method and seri-empirical
procedures which combine ix-sifie observations with an analytical frameworle.

& semi-empirical method for estimating the masamum lateral movement of a
braced wall i clay was proposed by Mana and Clough [24] Meamtum lateral
movement, as a percentage of excavation depth, was correlated wath the factor of
safety against base heave (Equation 5.11), using both ix-sifn measurements and
results from a fintte element analysis. Factor of safety against base heave was used
i the correlation because it takes mto account the effects of vartables such as shear
strength and excavation geometry. Modification factors were alzso prezented to
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account for the effects of wall stiffhess, strut spacing, shffness and prelead, depth to
a firm stratim, excavation width and sed modulus. Subsequently the chart shown in
Fioure ¥ 29 wasz presented by Clough of @l [15] i which the effects of wall
stiffhiess per horizontal umt length (&) and average vertical strut spactg ) were
incorporated in the primary cotrelation. The chart 1 based on “average conditions’
and good workmanship, and on the assumption that the struts are placed before
significant movement takes place. The aim of the method i3 to ensure that the value
of tnasarmum lateral moverment obtaned from the chart 15 unlikcely to be exceeded,
1e. the approach iz analogous to that of the Terzaghy and Peck method (Section
B.40 which aims to limit the settlement of shallow foundations on sand to 25mm.

Wlaztnum surface settlement 15 generally less than masamum lateral movement.
In-gitu observations indicate that masmum settlement 15 within the range of 1.0—
0.5 of masitmum lateral mowement, while fintte element analysis indicates a range of
0.8-04. Conservatively, magmum settlement could be taken to be equal to
mazmum lateral movement m design. The chart shown m Figure 8.29 enables an
estimation to be made of the vanation of settlement with distance from the wall

Basze heave 15 generally a problem only m cohesive soils. The sod outside the
excavation acts as a surcharge with respect to that below the base of the
excavation,
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Figure & 29 Braced excavation: (a) lateral movement and (h)
surface settlement. (Reproduced from GW Clough ef af
(1989 Movement control of excavation support systems
by terative design, m Procesdings of the ASCE
Congress  on  Foundalion Eunginesring—Current
Principles and Practices, hy permission of the Amencan
Society of Crnl Engineers.)
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and therefore upward deformation, and m extreme cases shear falure (Section
2.2, will occur. Short-term heawve will be mainly elastic, unless the factor of safety
against base falure i3 low, but additional heave will occur due to swelling if the base
remains unloaded for any length of tine. In heawly overconsolidated clays, heawve
can be associated with the relief of the high lateral stresses exsting in the clay prior
to excavation.

8.8 GROUND ANCHORS

& ground anchor normally consists of a lugh-tensile steel cable or bar, called the
tendon, one end of which 15 held securely i the soil by a mass of cement grout or
grouted sodl; the other end of the tendon 15 anchored aganst a bearing plate on the
structural umit to be supported. The mam application of ground anchors 15 i the
construction of tie-backs for diaphragm or sheet pile walls. Other applications are
in the anchonng of structures subjected to overturming, shiding or buoyancy, i the
provision of reaction for in-sifi load tests and m preloading to reduce settlement.
Ground anchors can be constructed in sands (ncluding gravelly sands and silty
sands) and stiff clays, and they can be used m situations where etther temporaty of
permanent suppott 18 required.

The grouted length of tendon, through which force iz transmitted to the
sutrounding sod, 15 called the fized anchor length. The length of tendon between the
fized anchor and the bearing plate 1z called the free anchor length: no force s
transmitted to the soil ower this length For temporary anchors the tendon is
notmally greased and covered with plastic tape owver the free anchor length. This
allows for free movement of the tendon and gives protection agamst corrosion. For
permmanent anchors the tendon 13 normally greased and sheathed with polythene
under factory conditions; on site the tendon 15 stnpped and degreased over what
will be the fixed anchor length.

The ultitnate load which can be carnied by an anchor depends on the sod
resistance (principally skin fiction) mobiized adjacent to the fxed anchor length
(Thiz, of course, assumes that there will be no prior falure at the grout—tendon
interface or of the tendon ttzelf) Anchors are usually prestressed i order to reduce
the lateral displacement required to mobilize sod reststance and to mmimmize ground
mowemnents in general Each anchor is subjected to a test loading after installation,
temporary anchors usually bemng tested to 1.2 times the worlung load and
permanent anchors to 1.5 tunes the working load Finally, prestressing of the
anchor takes place. Creep displacements under constant load will occur in ground
atwchors. A creep coefficient, defined as the displacement per ut log time, can be
determined by means of a load test Tt has been suggested that this coefficient
should not exceed lmm for 1.5 times the wotlong load.

& comprehensive ground mvestigation 15 essential i any location where ground
anchors are to be employed. The soi profile must be determined accurately, any
vatiations in the lewel and thickness of strata being particulatly snpotrtant. In the
case of sands the particle size distribution should be determined, m order that
permeabdity and grout acceptabdity can be estimated. The density index of sands 1=
also required to allow an estunate of ¢ to be made. In the case of stiff clays the
undrained shear strength should be determined.

© 1974 1378, 1983 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Bearing capacity 240

Full details concerning the design, construction and testing of ground anchors are
gven in BS B081:198% [B], the TE code of practice for ground anchorages.

Anchors in sands

In general the sequence of construction 15 as follows. & cased borehole (diameter
usually within the range 7/5—125mm) 15 advanced through the sod to the required
depth. The tendon 18 then positioned in the hole and cement grout 1= injected under
pressure over the fiwed anchor length asz the casing 15 withdrawn The grout
penetrates the sodl around the borehole, to an extent depending on the permeability
of the zoll and on the ijection pressure, forming a zone of grouted sed, the
diatneter of which can be up to four times that of the borehole (Figure 2 20{a)).
Care must be taken to ensure that the injection pressure does not exceed the
overburden pressure of the soil abowe the anchor, otherwise heawng or fissuring
may result. When the grout has achieved adequate strength, the other end of the
tendon 15 anchored aganst the beanng plate. The space between the sheathed
tendon and the sides of the borehole, over the fiee anchor length, 15 normally filled
with grout (under low pressure): this grout grves addiional corrosion protection to
the tendon.

E

i F'-x

1o}

fc)

Figure & 30 Ground anchors: (a) grouted mass formed by pressure
ijection, (h) grout cylinder and () multiple under-reamed
anchor.
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The ultimate resistance of an anchor to pull-out 15 equal to the sum of the side
resistance and the end resistance of the grouted mass. The following theoretical
expression has been proposed:

Ti = Ad mDLtan &' + Byh= (D' — d)
4 (8.39)

where T=ultimate load capacity of anchor, A=ratic of normal pressure at mterface

to effective overburden pressure, 7\ =effective overburden pressure adjacent to the
fized anchor and S=beanng capacity factor.

It was suggested that the value of A 15 normally wathin the range 1-2. The factor
B iz analogous to the bearing capacity factor Nq in the case of pies and it was

suggested that the ratio quB 15 within the range 1.3-1.4, using the Nq values of

Berezantzew, Ehristoforow and Golublow, Howewer, the abowve expression is
unlikely to represent all the relevant factors i a complex problem. The ultmate
resistance also depends on detals of the mstallation techmique and a number of
seti-emnpitical formmulae have been proposed by specialist contractors, suitable for
use with ther particular techricque. An example of such a formula 1z

o =103
(8.40)

The value of the empinical factor # 15 normally within the range 400-600 kI m for
coarse sands and gravels, and within the range 130-165kMN/m for fine to medium
satds.

Anchors in stiff clays

The simplest construction technique for anchors in stiff clays 12 to auger a hole to
the required depth, posttion the tendon and grout the fized anchor length using a
tremie pipe (Figure 8. 3000, Howewer, such a techmaque would produce an anchor
of relatively low capacity because the skin fiiction at the grout—clay interface would
be unlikely to exceed 03¢, (1e. a = 0.3}

Anchor capactty can be mcreased by the techruque of gravel mjection. The
augered hole 15 filled with pea gravel over the fixed anchor length, then a casing,
fitted with a pointed shoe, 18 driven into the grawvel, forcing it into the surrounding
clay. The tendon is then posthioned and grout 15 myected mto the gravel as the
casing 15 withdrawn (leaving the shoe behind). This technique results in an increase
in the effective diamneter of the fized anchor (of the order of 50%) and an imcrease
i side resistance: a value of & of around 0.6 can be expected. In addibion there will
be some end resistance. The borehole 12 again filled with grout owver the free anchor
length.

Ancther techrique emplovs an expanding cutter to form a series of enlargements
{or under-reams) of the augered hole at close mtervals over the fized anchor length
(Figure 8.300c)): the cuthngs are generally removed by flushing with water. The
cable 15 then posthoned and grouting takes place. & value of & of unity can normally
be assumed along the cylindrical surface through the esmtremities of the
enlargernents.

The following design formula can be used for anchors in stiff clays:

Ty = mDLacy + —(D* — d*)e N,
4 (8.41)
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where T=ulimate load capactty of anchor, L=fized anchor length, D=diameter
of fized anchor, d=diameter of borehole, a=slin friction coefficient and NC=

bearing capacity factor (generally assumed to be 9. Eesistance at the grout—clay
mterface along the free anchor length may also be taken mto account.

PROBLEMS

8.1 A load of 425k m 15 carried on a stnp footing 2m wide at a depth of Imina
stiff clay of saturated unit weight 2 1K/, the water table kethg at ground level
Deterrmine the factor of safety with respect to shear faluwre (a) when
¢y = 105KN/mM* and %0 = 0 and (b) when ¢ = 10kN/m? and ¢ = 287,

8.2 A strp footing 1.0m wide 15 located at a depth of 0.70m m a sand of umt
weight 18kMfm’, the water table being well below foundation lewel The
characteristic shear strength parameters are ¢ =0 and @ = 38° The footing
suppotts a design load of 500k /m. Determine the factor of safety with respect
to shear falure. TTsing the it state method, determine if the bearing resistance
lirnit state 15 satisfied.

8.3 Determine the design load on a footing 4 20x2 25t at a depth of 250m in a
siff clay of a factor of safety of 3 with respect to shear falure 15 speciied. The
saturated unit weight of the clay 1z 20k Mfm® and the characteristic shear strength
parameters are ¢ = 135kN/m? and ¢ = 0. Is the bearing resistance limit state
then satisfied i accordance with the linit state method?

84 A& footing 2 5%2 5m carries a pressure of AN /m? at a depth of lm in a
sand. The saturated unit weight of the sand i1z 20kM/m® and the unit weight
above the water table is 17kI/m°. The design shear strength parameters are
¢ =0 and ¢ =4 Determine the factor of safety with respect to shear failure
for the following cases:

{a) the water table 15 5m below ground lewvel,

(k) the water table 1= 1m below ground lewel,

(c) the water takle 1z at ground level and there 15 seepage vertically upwards
under a hydraulic gradient of 0.2,

8.5 A foundation 3.0x3 Om suppotts a permanent load of 4000k and a variable
load of 1500k at a depth of 1.5m i sand. The water table 15 at the surface,
the saturated unit weight of the sand being 20kN/nr. Characteristic values of the
shear strength parameters are ¢ = 0 and ¢ = 39" Is the bearing resistance limit
state satisfed m accordance with the it state method?

a.6 A foundation 4x4m 15 located at a depth of 1m m a layer of saturated clay 13m
thick. Characteristic parammeters for the clay are
ey = I00KN/m?, @, =0, ¢ =0,
af = 32°, m, = 0.065 ]‘.Il:_-".‘r'IN. A =042, vy = 21 }QN."TIII'I_ Deterrnine the des@
load of the foundation to ensure (a) a factor of safety with respect to shear
failure of 3 using the traditional method, (b) the beanng resistance it state 13
satisfied using the limit state recormendations and (o) consolidation settlement
does not exceed 30mm.

8.7 A long braced excavation in soft clay 15 4m wide and Bm deep. The saturated
umat weight of the clay i3 20k1/m’ and the undrained shear strength adjacent to
the bottom of the excavation is given by ¢y = 40kN/m*(¢, = 0), Determine the
factor of safety agamnst base falure of the excavation.
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8.8 A permanent load of 2500k and an inposed load of 1250k are to be
suppotted on a foundation 2.50%2.50m at a depth of 1.0m m a depostt of
gravelly sand extending from the surface to a depth of 6 0m. & laver of clay
2.0m thick les mnmediately below the sand The water table may rize to
feundation lewel. The unit weight of the sand abowve the water table iz 170/

and below the water table the saturated unit weight 13 20kM/m?. Characteristic
values of the shear strength parameters for the sand are ¢ =0 and ¢ = 387

The coefficient of wolume compressibility for the clay is 0.15m N I is
specified that the longterm settlement of the foundation due to consolidation of
the clay should not exceed 20mm. In accordance with the lLmit state
recomntnendations, are the bearing resistance and serviceabiity (settlement) lirnat
states satisfied?

H.9 A foundation 3. 5x3 3m 18 to be constructed at a depth of 1.2m in a deep sand
deposit, the water table being 3 Om below the surface. The following walues of
standard penetration resistance were deterrmned at the location:

Depth (1) o0 13y 2o 295 365 440 5150 400
N fi 5 1a & 12 13 17 23

If the settlement 1z not to exceed 25, deterrine the allowable bearing
capacity according to the following design procedures: (a) Terzaghi and Pecle,
{b) Meverhof and (o) Burland and Burbadge.

8.10 A footing 2.0%3 0m carries a net foundation pressure of 130kM/m? at a

depth of 1.2m i a deep deposit of sand of unit weight 16K/, the water table
being well below the surface. The vanation of cone penetration resistance (g}

with depth (2) 15 as follows:

z (tn) 1.2 14 20 Z4 Z4 30 34 38 41

g (I'u'Imezj iz 21 Z% 23 a4l 50 346 45 35
e

z (tn) 446 50 54 538 62 64 7.0 74 8.0

g (I'u'Imezj 40 &1 64 7F4 4% 132 117 12% 143
e

Determine the settlement of the footing using Schmertmann’ s method.

811 A bored pile wath an enlarged base i3 to be wmstalled i a stff clay, the
characteristic undrained strength at base lewel being 220k /m?. The saturated
unit weight of the clay 13 21kM¢m°. The diameters of the pile shaft and base are
1.05 and 3. 00m, respectively. The pile extends from a depth of dm to a depth
of 22m, the top of the under-ream bemng at a depth of 20m. Past expenence
indicates that a skin frction coefficient & of 0.70 13 appropriate for the clay.
Deterrnine the design load of the pie (&) according to the traditional method,
ensunng (1) an overall load factor of 2 and (1) a load factor of 3 under the base

when shaft resistance iz fully mohilized, and (b)) according to the lirmt state
methaod.

8.12 Thuty sz piles, 0.60m m diameter, are spaced at 2.40m centres m a 6x6
group. The piles extend between depths of 3 and 18 m in a deposit of stiff clay
28m thick ovetlying rock. The charactenstic undrained strength of the clay at a
depth of 18m 12 145 KIMim? and the awerage characteristic value ower the pile

length 13 10541/m?. The following parameters have also been determimned for
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the cla}r; =040, 4 =028, E.. =65M h-_-":lll:, i, = 0.08 :Il'l:_-':"rJIN_ If the p]]_e
group supports a permanent load of 121 and an inpozed load of 6MI, (a)
determine the overall load factor according to the traditional method, (b)) check
that the beanng resistance hmut state 15 satised according to the lrmt state
recommendations and () determine the total settlement of the group.

8.13 At a particular site the sod profile consists of a layer of soft clay underlan by
a depth of sand. The values of standard penetration resistance at depths of 075,
1.90, 2.25, 3.00 and 3 75m i the sand are 18, 24, 26, 34 and 32, respectively.
Mine precast concrete pies, m a square group, are driven through the clay and
2m into the sand The pies are 0.25=0.25m i section and are spaced at 0.75m
centres. The pie group supports a permanent load of 2000k and an wnposed
load of 1000k, Settlement should not exceed 20mm. MNeglecting skin fiction
i the clay, (a) determine the load factor using the traditional method, (b) check
that the beanng resistance litnit state 15 satisfied vsing the limat state method and
{c) checl that the serviceabiity hirrut state 15 satisfied.

#.14 & ground anchor in a stff clay, formed by the gravel injection technique, has a
fized anchor length of Sm and an effective fized anchor diameter of 200mim: the
diatneter of the borehole 13 100t The relevant shear strength parameters for
the clay are o = HOKN/M® and ®u =0 What would be the expected ultimate
load capactty of the anchor, assuming a skin friction coefficient of 067
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Chapter 9
Stability of slopes

9.1 INTRODUCTION

Gravitaticonal and seepage forces tend to cause mstabiity in natural slopes, i slopes
tormed by excavation and in the slopes of embanloments. The most important types
of slope falure are dlustrated m Figure 9.1 In rofafional slips the shape of the
tailure surface i section may be a circular arc or a non-circular curve. In general,
circular shps are associated with homogenesus, isotropic soi conditions and non-
circular ships with non-homogeneous condiions. Transiafional and compound
slips ocour where the form of the falure surface 15 mfluenced by the presence of an
adjacent stratum of significantly different strength, most of the fatlare surface being
likely to pass through the stratum of lower shear strength. The form of the surface
would also be mfluenced by the presence of discontinuities such as fssures and
pre-exsting shps. Translational slips tend to ocour where the adjacent stratium 12 at
a relatively shallow depth below the surface of the slope, the fatlure surface tending
to be plane and roughly parallel to the slope. Compound shps usually occur where
the adjacent stratum 15 at greater depth, the faillure surface consisting of curved and
plane sections. In tnost cases, slope stability can be considered as a two-
dimensional problem, conditions of plane stram being assumed.

Design 1z based on the requirement to mamntatn stability rather than on the need
to tmtnize deformation. If deformation were such that the stram i an element of
soll exceeded the value corresponding to pealk strength, then the strength would fall
towards the ultimate value. Thus it 15 appropriate to use the cntical-state strength in
analysing stabiity. Howewer, if a pre-exsting slip surface were to be present within
the zodl, use of the residual strength would be appropnate. Limiting equilibrium
methods are normally used i the analysiz of slope stabiity in which it 15 considered
that failure iz on the point of occurting along an assumed or a known faiure surface.
In the tradifional approach the shear strength required to mantain a condifion of
lirrmiting equiibriam 15 compared with the available shear strength of the sod, grvng
the average (lumped) factor of safety along the falure surface.

Alternatively, the hmt state method can be used i which pattial factors are
appled to the shear strength parameters. Case C (Section 3.1) apples to slope
problems, the greatest uncertanties being the soi properties. The ultimate limit state
of overall stability 15 then satisfied of, depending on the method of analysis, either the
design disturbing force (5,) 15 less than or equal to the design resistmg force (R )

along the potential falure surface or the design disturbing moment 15 less than or
ecual to the
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Figure 9 1 Types of slope falure.

design resisting moment. Charactenistic values of shear strength parameters £ and
tan @ should be divided by factors 1.60 and 1.25, respectively. (Howewer, the
value of £ 12 zero if the cribcal-state strength 1z used.) The charactenstic value of
parameter ¢, should be drnded by 1.40. A factor of untty 15 appropniate for the

self-weight of the sod and for pore water pressures. However, vanable loads on
the soil surface adjacent to the slope should be multiphed by a factor of 1.30.
The followang it states should be considered as appropriate:

1 Loss of overall stability due to shp falure.

2 Bearing resistance falure below embankments.

3 Internal erosion due to high hydraulic gradients andfor poor compaction.

4 Fatlure as a result of surface eroston.

4 Fatlure due to hydraulic upht.

t Excessive sod deformation resulting i structural damage to, or loss of
serviceability of, adjacent structures, highways or services.

9.2 ANALYSIS FOR THE CASE OF ¢.=0

Thiz analysis, in terms of total stress, cowvers the case of a fully saturated clay under
undramned conditions, 1e for the condition inmediately after construction Only
moment equilibnium 15 considered m the analysis. In section, the potential falure
sutface 15 assumed to be a circular arc. A trial fatare surface (centre O, radms »
and length L ) 15 shown in Figure 9.2, Potental instability 15 due to the total weight

of the sod mass (W per unit length) above the falure surface. For equilibrium the
shear strength which must be mobilized along the falure surface 15 expressed as

£y

Tm ?I F
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Figure 5.2 The @ = 0 analysis.

where & iz the factor of safety with respect to shear strength. Equating moments
about O

Therefore
F = (9.1)

The moments of any addiional forces must be taken into account. In the event of a
tension crack developing, the arc length £ 15 shortened and a hydrostatic force wll

act normal to the crack if it fills with water. It is necessary to analyse the slope for a
munber of tnal falure surfaces m order that the manrmun factor of safety can be
determined.

Baszed on the principle of geometric similarity, Tavlor [19] published sfabifify
cogfficients tor the analysis of homogeneous slopes in terms of total stress. For a

slope of height /7 the stabiity coefficient (M) for the falure surface along whuch the

factor of safety 15 a toummum 15

Oy

N, =
FrH (9.2)

For the case of @u =Y wvalues of NS can be obtammed from Figure 9.3 The

coefficient iV, depends on the slope angle 5 and the depth factor L), where D 15
the depth to a firm stratum.

Gibeon and Morgenstern [2] published stability coefficients for slopes in
normally consclidated clays in which the undrained strength Cul®u = 0) yaries
linearly with depth.

In limit state design the characteristic value of undrained strength (2 ) 15 divided
by the appropriate partial factor to obtain the design value (z ). The limit state of
overall stability 13 satisfied f the design disturbing moment (W) 15 less than or ecqual
to the design resisting moment (¢, L 1),

A three-dimnensional analysis for slopes m clay under undramned conditions has
been presented by Gens 2f al [7].
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Figure 9.2 Taylor's stability coefficients for @0 =0, (Reproduced
by permizsion of the Boston Society of Crnl Engineers )

Example 9.1

L 457 slope 15 excavated to a depth of 8min a deep layer of saturated clay of urt
weight 19kIT/m”: the relevant shear strength parameters are ¢u = 65kN/m? and

@ =0 Determine the factor of safety for the trial failure surface specified in Figure
9.4 Check that no loss of overall stabiity will occur according to the lirmt state

approach.
In Figure 9.4, the cross-sectional area ABCD 1z 70m?.

Weight of soil mass = 70 = 19 = 1330kN/m

The centroid of ABCD 1z 4. 5m from O, The angle AOC 15 893" and radius OC 15
12 1. The arc length ABC iz calculated as 18 9m. The factor of safety 18 given by
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_ 65 = 189 = 12.1
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[

43

This 15 the factor of safety for the trial faure surface selected and 15 not necessarily
the rinttrumn factor of safety.

The minttnum factor of safety can be estimated by using Equation 2.2 From
Figure 2.3, 9 = 45" and assuming that 1) 15 large, the value of W_is 0.18. Then

i)

T018x 198
=237

Using the limit state method the charactenstc value of undraned strength (c ) 15
drnded by a partal factor of 1.40. Thus the design value of the parameter (¢ ) 15
65/1.40 e, 46k1T/m?, hence

design disturbing moment per m = W = 1330 x 4.5 = 3985 kNm

design resisting moment per m = ¢ygloyr =46 = 189 = 12.] = [05320kN m
The design disturbing moment is less than the design resisting motment, therefore the
overall stability liut state 15 satisfied.

9.3 THE METHOD OF SLICES

In this method the potental falure surface, i section, 15 agam assumed to be a

circular arc with centre O and radmg » The soill mass (ABCD) abowe a trial failure
sutface
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Figure 95 The method of slices.

(ACY 13 dnded by vertical planes mte a senes of shoes of wadth & as shown mn
Fioure 9.5 The base of each slice iz assumed to be a straight line. For any slice the
inchnation of the base to the horizontal i3 & and the height, measured on the
centreling, 15 & The analysis 13 based on the use of a lumped factor of safety (7,
defined as the ratio of the avallable shear strength (7)) to the shear strength (7 )

which st be mobidlized to matntain a condition of irmiting ecquilibrium, 1.e.

F=—

Tim

The factor of safety 12 taken to be the same for each shice, inplyng that there must
be mutual support between slices, 1e. forces must act between the shices.
The forces (per unit dimension nonmal to the section) acting on a slice are:

1 The total weight of the slice, W = 30k (¥, o Where approptiate).

& The total normal force on the base, M (equal to &), In general this force has two
components, the effective normal force MN' {equal to ') and the boundary water
force OF (ecqual to ), where u 15 the pore water pressure at the centre of the
base and [ the length of the base.

3 The shear force on the base, T = 7wl

4 The total normal forces on the sides, El and EE'

5 The shear forces on the sides,}fl and}fz.

Lny external forces must also be included in the analysis.

The problem s statically mdeterrinate and i order to obtan a solution
assumphions must be made regarding the mtershce forces & and X in general the
resulting solution for factor of safety 15 not exact.
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Constdering motnents about O, the sum of the moments of the shear forces T on
the falure arc AC must equal the moment of the weight of the sodl mass ABCD.

For any slice the lever arm of Wiz » sih a, therefore

Y =X Wrsino

Mow

- i}
= -'_m"I ==l

=
E%f = Y sina

El

= —rl
YW sma

For an effective stress analysis (in terms of tangent parameters ¢ and ﬁ"f):

i+ o tan g’y

F= -
W s o

or

¢ . ] "
Ly tan g’ EN

F= YW sina {9 3a)

where L 1z the arc length AC. Equation 9 3(a) 15 exact but approzimations are
introduced i deterrritung the forces A7 For a gven falure arc the walue of & will
depend on the way i which the forces MVN' are estunated.

However, the crtical-state strength iz normally approprate in the analysis of
slope stability, 1e. ¢ = @y and ¢ = 0, therefore the factor of safety is given by

ir o
_ landg, BN

F =

YW sin o (9.3

The Fellenius (or Swedish) solution

In this selution it 15 assumed that for each shice the resultant of the intershice forces is
zere. The solution iwolves resolnng the forces on each slice normal to the base,
LE.

N = Weosa —

Hence the factor of safety in terms of effective stress (Equation 2.3(a)) iz grven by

Ly A tan g S W eos o — uf)

EW sina (9.4

F

The components W cos a and # sin & can be determined graphically for each shce.
Alternatively, the value of & can be measured or calculated. Again, a series of trial
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failure surfaces must be chosen in order to obtain the mintmum factor of safety. This
solution underestimates the factor of safety the error, compared with more
accurate methods of analysis, 15 usually withun the range 5—20%.

For an analysis in terms of total stress the parameter ¢ 15 used m Equation 3.3

{a) twith v = 07 and the value of u is zero. The factor of safety then becomes

;11 _ {L“ 'r'll
Y Wsina (9.5

Lz A does not appear in Equation 2.5, an exact value of & 15 obtaned.
Tze of the Fellenius method i3 not now recommended in practice.

The Bishop routine solution

In thuz solution it iz assumed that the resultant forces on the sides of the slices are
horizontal, 1.6

Xi =X =0

For equilibrium the shear force on the base of any slice 15
T= ! ('l + N'tang')
7l AN tan o |

Eesolving forces in the vertical direction:

] J|"r|'

I!'u'r . 1
» I b
W= Ncosa+ uwlcosa + T‘_il['lﬂ lan ¢ sin o

(9.6)
A | W — (1] F)sinee — nf cos o

o lcos o + (lan g sino) /F
It is convenient to substitute

I =hsecn

From Equation 9. 3(a), after some rearrangement,

. S€C 0
b+ (W — ub)tan ¢' 7
> L{L ( b) tan ¢} 1 + (tana tan -;:*“;"FJJ (37

1
F=

YW sin e

Bishop [2] also showed how non-zere values of the resultant forces (X1 — A2
could be mtroduced into the analysis but this refinement has only a marginal effect
on the factor of safety.

The pore water pressure can be related to the total “fill pressure” at any pomnt by
means of the dimensionless pore pressure ratin, defined as

It

yh (9.8

Fy
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(¥, Where appropriate). For any slice,

i

"Wk
Hence Equation 9.7 can be written as

I SCC 1

7 = —— 'rj v H; AL |'_':.lr
F EW sina E[{t ’ (1= ra)tan &} 1 + {tanctan '/ F) (9.9

bz the factor of safety occurs on both sides of Equation 9.9, a process of
successive apprommation must be used to obtan a solution but conwvergence is
rapid.

Due to the repettive nature of the calculations and the need to select an
adecuate number of tnial fatlure surfaces, the method of slices 15 particularly sutable
for solution by computer. More complex slope geometry and different soil strata
can be introduced.

In most problems the value of the pore pressure rafio 7, 15 not constant over the

whole falure surface but, unless there are 1zolated regions of lugh pore pressure, an
average value (weighted on an area basis) 13 nonmally used m design. Again, the
factor of safety determined by this method 18 an underestimate but the error is
unlikely to exceed 7% and m most cases 15 less than 2%,

Spencer [18] proposed a method of analysis in which the resultant mterslice
torces are parallel and m which both force and moment equiibrium are satisfied.
spencer showed that the accuracy of the Bishop routine method, m which only
moment equilibrium 1z satisfied, 13 due to the insensitiaty of the moment equation to
the slope of the interslice forces.

Dimensionless stabiity coefficients for homogenecus slopes, based on Equation
9.9 hawve been published by Bishop and MMorgenstern [4]. It can be shown that for
a given slope angle and given sod properties the factor of safety varies lineatly with
r,, and can thus be expressed as

F=m-nry,

(9.10)

where m and » are the stabiity coefficients. The coefficients #2 and # are functions
of B @+ depth factor D and the dimensioless factor €/7H (which is zero if the
critical-state strength 18 used).

Example 9.2

zing the Fellenius method of shces, determine the factor of safety, in terms of
effective stress, of the slope shown i Figure 9.6 for the given faillure surface (a)

using peak strength parameters ¢ = 10kN/m? and ¢ =297 and (b) using critical-
state parameter Po = 317, The unit weight of the seil both above and below the

water table is 20kN /.
{a) The factor of safety 13 given by Equation 2.4 The sod mass 15 divided into
shices 1.5m wade. The weight {7 of each slice 15 given by

W o=bh =20 1.5 x i = 30hkN/m
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Figure 9.6 Example 9.2,

The height & for each shee 15 set off below the centre of the base, and the normal
and tangential components & cos @ and & sin @ respectively, are determimed
graphically, as shown in Fioure 5.6 Then

Weoso = 30hcosa
W osina = 30hsin o

The pore water pressure at the centre of the base of each slice 1s taken to be y_z_.
where z,_ 1z the vertical distance of the centre poimnt below the water table (as

shown tn the figure). This procedure shightly overestimates the pore water pressure
wihuch strictly should be y_z,, where z, 15 the vertical distance below the pomt of

intersection of the water table and the equipotential through the centre of the slice

base. The error mwvolved 12 on the safe side.
The arc length (L_) 15 calculated as 14.35m. The results are given i Table 3.1,

EWceosa =3 x 17.50 = 525kN/m
EWsino = 30 x 8.45 = 254 kN/m

LW cosa —uf) = 525 — 132 = 393kN/m
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Tahle 21

Slice Na. hocos a (m) hosina (m) . {kwmzj flmy ad (kNim)

1 0.75 —0.15 5.9 1.55 9.1
2 1.50 —0.10 11.3 150 17.7
3 2.70 0.40 16.2 155  25.1
4 3.25 1.00 13.1 160 29.0
5 3.45 1.75 17.1 170 29.1
6 3.10 2.35 11.3 195 22.0
7 1.90 2.25 0 2.35 0
3 0.55 0.95 0 2.15 0
17.50 3.45 1435 1320

'Ly Flan 'S W eosa — ulf)

I~
W sin o
_ (10 14.35) 4 (0,554 = 393)
254
_ 143.5 £ 218 142

(b In terms of critical-state strength

tan 317 = 393
BT R
Deformation 15 lkely to result m strains along a potential fadure surface exceeding
the walue cotresponding to peak strength. Therefore the strength mobidized for
stability 12 likely to fall below the peak walue and to approach the critical-state
value, Therefore the slope iz unsafe. It should be noted that m case (a), the
proportion of shear strength represented by £f, generally a parameter of uncertain
value, 13 40%0.

9.4 ANALYSIS OF A PLANE TRANSLATIONAL
SLIP

It 18 assumed that the potential faihure surface 1= parallel to the surface of the slope
and 12 at a depth that 15 small compared with the length of the slope. The slope can
then be considered as bemg of mbnite length, with end effects being 1gnored. The
slope 12 inclined at angle 5 to the honzontal and the depth of the falure plane 15 z, as
showmn in section i Figure 27 The water table 15 taken to be parallel to the slope
at a height of m=2(0 < m < 1) gbove the failure plane. Steady seepage 15 assumed to
ke taking place i a direction parallel to the slope. The forces on the sides of any
vertical shice are equal and opposite, and the stress conditons are the same at
every point on the failure plane.

In terms of effective stress, the shear strength of the sod along the falure plane
{using the critcal-state strength) 15

. U
T = (o —u)tan g,
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Figure 97 Plane translational shp.

and the factor of safety 15

po

The expressions for o, T and & are

7= {(1 — m)y + my }zcos* 3
T = {{1 — M)y + mye 2 sin Feos 3

il
1= I, C05" 3

It the soil between the surface and the falure plane 15 not fully saturated (e
n = (]j then

- i
Laam g,

tan 4 (91

If the water table coincides with the surface of the slope (e, M = 1) then

ad fa Lf
v lan oy

Yo tan 3 (9.12)

For a total stress analysis the shear strength parameter ¢ 15 used (with @0 = Uy and

the walue of i 12 zZero.

Example 9.3

A long natural slope i an overconsolidated fissured clay of saturated unit weight
20KN/m” is inclined at 12° to the horizontal The water table is at the surface and
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seepage 15 roughly parallel to the slope. & shp has developed on a plane parallel to
the surface at a depth of 3m. (1) Determine the factor of safety along the slp plane

wsing (a) the critical-state parameter ®o =28 and (b) the residual strength
parameter O = 207 (2) Analyee the stability of the slope by the limit state method,
1 Equation 2.12 applies in both caszes,

{a) In terms of critical-state strength

o 10 2tan 28°

5
20an 127 1.2
(b1 In terms of residual strength
2 tan 20°
10.2 tan 20 0.87

2 tan 127

% In the limit state method the characteristic values of the @ parameters are
divided by the partial factor 1.25. Thus the design values are

tan 28° .
U 1 — s
=1z = 21
Ve lan ( 125

tan 20¢°
R | YT
o, = tan ( 135 ) &

“With the water table at the surface the value of m=1

(a) The design disturbing force per m® is

84 = Fenzsin Foos 3
=20 x5 xsinl2%cos 27
= 20.3kN

The design resisting force per m? is

Ry = (o —u)tan r.‘-;.
= (e — Y )z C0S% T 1an 23°
=10.2 x 5 x cos” 12° tan 23'
=20.7kN

The design disturbing force 15 less than the design resisting force; therefore, m
terms of critical-state strength, the limit state for owerall stability 12 satisfied.

(b) With @ =16° the design resisting force becomes 14.0kN. The design

disturbing force rematns 20 3k, therefore, in terms of residual strength, the

lirrut state i not satisfied.
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Both methods (1) and (2) show that failure of the slope has taken place as
sheatr strength has decreased below the crtical-state value towards the
residual value.

9.5 GENERAL METHODS OF ANALYSIS

Llorgenstern and Price [12] developed a general analysis i which all boundary and
equilibrinm conditions are satisfied and in which the fathuwre surface may be any
shape, circular, non-circular of compound. The ground surface 15 represented by a
function V' = 2(%) and the trial falure surface by ¥ = YY) ag shown in Figure 2.8,
The forces acting on an infinttesinal shice of width &x are also shown i the figure.
The forces are denoted as follows:

Ae=effective normal force on a side of the shice,
JX=chear force on a side,

Pw=hnundaiy water force on a side,

d? =effecttve normal force on the basze of the slice,

dS=shear force on the base,
de=h|:|undaij.r water force on the base,

di¥=total weight of the slice.

The line of thrust of the effective normal forces ¢&7) 12 represented by a function
y=11(x) and that of the internal water forces (P, by ¥ =HX) Two governing
differential equations are obtained by equating moments about the mmid-point of the

Ground surface
Failura surface
¥ = yix)

|—— X X Y= I{H}
Slice boundary Line of intermal water force
- ¥ = h(x)
_ b ‘ Line of thrust

| ' (a) y = yilx)

|
/lxmx
x| _Pu+dP,
P, I"W E + dE’ -T+
-T_ E’ {y + dy) {_Y{h T:rldh}
{y —h) f . — [yi + dyi)
v-vi| o ' " i
P g
ds 1
Wap,
dn’
(b)

Figure 9 & The Morgenstern—Price tethod.
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base, and forces perpendicular and parallel to the base, to zero. The equations are
simplfied by worling in terms of the total normal force (7). where

E=FE4p,
The posthion of force & on a side of the shce 1z obtained from the expression
Evy = E'V 4+ Pl

The problemn iz rendered statically determinate by assuming a relationship between
the forces & and X of the form

X =MxE
(913

where f{x) 15 a funchion chosen to represent the pattern of vanation of the ratio X505
across the fallure mass and A 15 a scale factor. The value of 13 obtammed as part of
the solution along with the factor of safety 7'

To obtain a solubon the sol mass above a trial fatlure surface 15 diwided mto a
series of slices of finite wadth such that the failure surface within each slice can be
assumed to be lnear. The boundary conditions at each end of the failure surface
are i terms of the force B and a moment 3 which 1z given by the mtegral of an
expression contatng both & and A normally both & and M are zero at each end
of the fallure surface. The method of selution invelves choosing trial values of 4 and
5, setting the force & to zero at the begmning of the falure surface and integrating
across each shee m tum, obtamung walues of &, X and y,: the resulting values of &

and A at the end of the falure surface will 1 general not be zero. A systematic
tteration technicque, based on the MNewton—Eaphson method and dezcribed by
Wlorgenstern and Price [12], 15 used to modify the values of 4 and & unti the
resulting values of both & and A at the end of the falure surface are zero. The
factor of safety 18 not significantly affected by the choice of the fanction fx) and as
a consequence J(¥) = 1iz a commeon assumption,

For any assumed falure surface it 13 necessary to exarnine the solution to ensure
that it 1z valid in respect of the inplied state of stress within the sodl mass abowve that
sutface. Accordmngly, a check iz made to ensure that neither shear falure nor a
state of tension 15 imphed within the mass The first condition 13 satished if the
available shearing resistance on each wertical mterface 15 greater than the
cotresponding value of the force A the ratio of these two forces represents the
local factor of safety agamst shear falure along the mnterface. The requirement that
no tension should be developed iz satisfied if the lne of thrust of the & forces, as
given by the computed values of y,, lies wholly abowe the failure surface.

Computer software for the Morgenstern—Price analysis 12 readily avalable. The
method can be fully explotted of an mteractive approach, using computer graphics,
iz adopted.

Eell [1] proposed a method of analysiz in which all the condifions of equilibrium
are satisfed and the assumed falure surface mav be of any shape. The soil mass 13
divided inte a number of vertical shices and statical determminacy 15 obtatned by
means of an assumed distribution of normal stress along the fadure surface.

warma [15] developed a method, based on the method of shces, mn which the
criical eartheuake acceleration recquired to produce a condition of limiting
ecquiltbriugm 13
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determined. An assumed distribution of vertical mtershice forces is used m the
analysis. Again, all the condiions of equiibrium are satisfed and the assumed
failure surface may be of any shape The static factor of safety i3 the factor by
which the shear strength of the scd must be reduced such that the critical
acceleration 15 zero.

The use of a computer 15 alzso essential for the Bell and Sarma methods and all
solutions must be checked to ensure that they are physically acceptable.

9.6 END-OF-CONSTRUCTION AND LONG-TERM
STABILITY

Excavated slopes

“When a slope 15 formed by excavation, the decreases i total stress result i
changes i pore water pressure in the wcintty of the slope and, i particular, along a
potential falure suwrface. For the case dustrated in Figure 2.9, the wutial pore water
pressure () depends on the depth of the pomnt n question below the mihial (state)

water table (1e. Y0 =) The change m pore water pressure (Aw) due to
excavation i given theoretically by Equation 4.25 or 4 26 After excavation, pore
water will flow towards the slope and drawdeown of the water table will occur a
steady seepage condiion will become established for which a flow net can be
drawn. The final pore water pressure (up), after dissipation of excess pore water

pressure 18 complete, will be the steady seepage walue deterrmined from the fow net
(Le M= i),

If the permeability of the sodl 13 low, a considerable time will elapse before any
siontficant dissipation of excess pore water pressure will have taken place. At the
end of construction the scd wall be wirtually in the undrained condition and a total
stress analysis will be relevant In prnciple an effective stress analysis 13 also
possible for the end-of-construction condition using the appropriate walue of pore
water pressure (Mo + AWy for this condition. However, because of its greater
sitnplicity, a total stress analysiz 15 generally used It should be realized that the
same factor of safety will not generally be obtained from a total stress and an
effective stress analysis of the

Figure 99 Pore pressure dissipation and factor of safety after
excavation. (Reproduced from A W Bishop and L. Bjerrum
(1960% Praceedings ASCE Research Conferemce an Shear
Strepgth of Cokesive Sails, Boulder, Colorado, by permmzsion
of the Amencan Society of Crnl Engineers)
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end-of-construction condition. In a total stress analysiz it 15 implied that the pore
water pressures are those for a falure condition (being the equivalent of the pore
water pressure at falure m an undramed triamal test): i an effectve stress analysis
the pore water pressures used are those predicted for a non-falure condition. In
the long tertn, the fully dramed condition will be reached and only an effective stress
analysis will be appropriate.

iOn the other hand, if the pertneability of the sodl 13 high, dissipation of excess
pore water pressure will be largely complete by the end of construction An
effective stress analysis 18 relevant for all conditions with wvalues of pore water
pressure being obtained firom the static water table level or the steady seepage flow
net.

It 18 important to 1dentify the most dangerous condition in any practical problem
i order that the appropriate shear strength parameters are used in design.

Equation 4. 25, with =1 for a fully saturated clay, can be rearranged as
followes:

» Aot < (A= DN Ag — Ao
.-’_"i.u--il:-ﬁﬂl-l-ﬁ”.*} - ("l 2){‘3"7- Aas) (9. 14

For a typical point P on a potential fadure surface (Figure 2.9 the first term in
Equation 914 1z negative and the second term will alse be negative o the value of A
iz less than 0.5 Owerall, the pore water pressure change Ax iz negative. The effect
of the rotation of the principal stress directions i3 neglected As dissipation
proceeds the pore water pressure mcreases to the steady seepage value as shown
i Fioure 9.9 The factor of safety wall therefore have a lower walue i the long tern,
when dizsstpation 15 complete, than at the end of construction.

Slopes i overconschdated fissured clays require special consideration. A
tnber of cases are on record i which falures in this type of clay have occurred
long after dissipation of excess pore water pressure had been completed. Analysis
of these fallures showed that the average shear strength at fallure was well below
the peak walue. It iz probable that large strains occur locally due to the presence of
Hasures, resulting i the peak strength bemng reached, followed by a gradual
decrease towards the crtical-state walue. The dewelopment of large local strains
can lead eventually to a progressive slope fatlure. However, Hssures may not be the
only cause of progressive falure; there i1z considerable non-unformity of shear
stress along a potential falure surface and local owverstressing may iitiate
progressive falure. It 15 also possible that there could be a pre-exmsting shp surface
i this type of clay and that it could be reactivated by excavation In such cases a
constderable ship movement could hawve taken place previously, sufficiently large for
the shear strength to fall below the cntical-state value and towards the residual
walue.

Thus for an wubial falure (a “first time” slip) i overconsolidated fissured clay the
relevant strength for the analysis of long-term stability 15 the critical-state value.
Howewer, for falure along a pre-emsting shp sutface the relevant strength 1s the
residual value, Cleatly it 15 wital that the presence of a pre-emsting shp surface i the
wictity  of a projected excawation should be detected during the ground
investigation.

The strength of an owverconsolidated clay at the cntical state, for use m the
analysis of a potential first time shp, is difficult to detenmine accurately. Skempton
[17] has suggested that the masamum strength of the remoulded clay m the normally
consohdated condiion can be taken as a practical approzimation to the strength of
the
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Figure § 10 Pore pressure disstpation and factor of safety m an
embankment.

overconsolidated clay at the cntical state, 1e when it has fully softened adjacent to
the shp plane as the result of expansion dunng shear.

Embankments

The construction of an embanloment results i increases m total stress, both within
the embanlment itself’ as successive layers of fill are placed and m the foundation
sol. The mitial pore water pressure (1) depends primarily on the placement water

content of the fill The constuction penod of a typical embankment 15 relatrrely
shott and, f the permeability of the compacted fll 15 low, no significant dissipation 1z
likely during construction. Dissipation proceeds after the end of construction wath
the pore water pressure decreasing to the final walue in the long term, as shown in
Figure 910, The factor of safety of an embankment at the end of construction is
therefore lower than in the long term. Shear strength parameters for the fll material
should be determined from tests on specimens compacted to the values of dry
density and water content to be spectfied for the embanliment.

The stakiity of an embankment may alse depend on the shear strength of the
foundation scil. The possibiity of falure along a surface such as that dlustrated in
Figure 211 should be considered m appropriate cases.

9.7 EMBANKMENT DAMS

An embankment dam would normally be used where the foundation and abutment
condiions were unsuitable for a concrete dam and where suitable materials for the
emnbanlment were present at or close to the site. An extensive ground mvestigation
1z essential, general at first but becoming more detaled as design studies proceed,
to
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Embankment

Soft clay

Figure 9 1§ Falure below an embanlament.

determine foundation and abutment conditons and to identify sutable borrow
areas. It 13 important to determine both the quantity and quality of avalable
material. The natural water content of fine sods should be determined for
comparison with the optirmum water content for compaction.

Wlost embantment dams are not homogeneous but are of zoned construction,
the detaled section depending on the avalability of sod types. Typically a dam will
consist of a core of low-permeability soi with shoulders of other suitable material
on each side. The upstream slope 13 usually covered by a thin laver of rockdll
{(known as np-rap) to protect it from erosion by wawve action. The downstream
slope 15 usually grassed. An mternal drammage system, to allewate the detritnental
effects of seeping water, would normally be mcorporated. Depending on the
materials used, horizontal drainage layers may also be mmcorporated to accelerate
the dissipation of excess pore water pressure. Slope angles should be such that
stability 12 ensured but overconservative design must be avoided: a decrease m
slope angle of as lttle az 2-3° (to the horizontal) would mean a significant mcrease
i the volume of fill for a large dam.

Fallure of an embankment dam could result from the following causes: (1)
instability of etther the upstream or downstrearn slope, (2) mternal erosion and (3)
erosion of the crest and downstream slope by overtopping, (The third cause arises
basically from errors in the hydrological predictions )

The factor of szafety for both slopes must be determined as accurately as
possible for the most cnfical stages m the hfe of the dam. The potental falure
sutface tay le entirely within the embanlkment or tay pass through the
embanlkment and the foundation soil In the case of the upstream slope the most
critical stages are at the end of construction and dunng rapid drawdoewn of the
reservolt level The critical stages for the downstreamn slope are at the end of
construction and during steady seepage when the reservoir 15 full. The pore water
pressure distnbution at any stage has a dominant influence on the factor of safety of
the slopes and it 15 common practice to mstall a piezometer system so that the
actual pore water pressures can be measured and compared with the predicted
values used in design (prowided an effective stress analysiz has been used).
Eemedial action could then be taken of the factor of safety, based on the measured
values, was considered to be too low.

The Morgenstern—Price analysis 15 the tmost appropriate because of itz wnherent
accuracy and because it can deal with non-circular fature surfaces. Values of the

rr . . .
parameters ¢, ¢+ 7, and y are required for each sod zone. However, it must be
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recognized that although the analysis itzelf iz accurate, the values of factor of zafety
produced depend on the correctness of the parameters used.

If a potential falure surface were to pass through foundation material containing
fzsures, joints of pre-emsting slp surfaces, then progressive falure (Section 9.6)
would be a possibility. The different stress—stram charactenstics of vanous zone
materials through which a potential fathwre surface passes, together with non-
urdfortmity of shear stress, could also lead to progressive falure.

Ancther problem 15 the danger of crackung due to differential movements
between scil zones and between the dam and the abutments. The possibiity of
bydravlic fracturing, particulatly within the clay core, should alse be considered.
Hydravlic fractunng occurs on a plane where the total normal stress 15 less than the
local value of pore water pressure. Following the completion of construction the
clay core tends to settle relative to the rest of the embankment due to long-term
consohdation: consequently the core will be partially supported by the rest of the
embankment. Thus vertical stress in the core will be reduced and the chances of
hydraulic fracture increased. The transfer of stress firom the core to the shoulders of
the embankment 15 ancther example of the arching phenomenon (Section 6.7
Following fracture or cracking the resulting leakage could lead to senious mnternal
eroston and impair stability. The finite element method has been used to predict the
stresses and deformations wathin embankiment dams, enabling potential areas of
cracking and fracture to be predicted.

End of constiruction

Wlost slope falures 1 embankment dams occur etther during construction or at the
end of construction. Pore water pressures depend on the placement water content
of the fill and on the rate of construction A commitment to achiewve rapid
completion will result i the mesmization of pore water pressure at the end of
construction. However, the construction pened of an embankment dam 15 likely to
be long enough to allow partial dissipation of excess pore water pressure,
especially for a dam with internal draihage. A total stress analysis, therefore, would
result i an overconservatve design. An effective stress analysis 15 preferable, using
predicted values of 7, . An upper bound value of 7, can be deduced.

The pore pressure (L) at any point can be whtten as
i =y + A

whete w4 i5 the wutial value and Am the change in pore water pressure under

undrammed conditions. In terms of the change i total major principal stress

u = 1ty + By
Then

ot A

u = ~h + =il
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Figure 9 12 Horrontal dratnage layers.

If it 1z assumed that the mcrease in total major principal stress 15 approximately
equal to the 8ll pressure along a potential falure surface

9k (9.15)

The soil 1z partially saturated when compacted and therefore the mital pore water
pressure (zy) 15 negative. The actual value of uy depends on the placement water

content; the higher the water content, the closer the value of 1y to zZero. The value

of B also depends on the placement water content; the higher the water content,
the higher the value of B. Thus, for an upper bound

Py = B
(9.16)

The walue B of must correspond to the stress conditions in the dam. Equations
915 and 216 assume no disstpation dunng construction. & factor of safety as low
as 1.3 may be acceptable at the end of construction prowided there 15 reasonable
confidence in the design data.

Ihigh values of 7, are anticipated, dissipation of excess pore water pressure can

be accelerated by means of hotizontal dranage layers mcorporated  the datn,
dramage talung place vertically towards the layers: a typical dam section 15 shown
in Figure .12  The efficiency of dramage layers has been examined theoretically
by (ibson and Shefford [9] and it was shown that i a typical case the layers, in
order to be fully effective, should have a permeability at least 109 times that of the
embanlkment sod an acceptable efficiency would be obtained with a permeability
ratio of about 107,

Steady seepage

After the reservorr has been full for some time, condiions of steady seepage
becote established through the dam with the soi below the top flow line in the fially
saturated state. This conditon must be analysed m terms of effective stress wath
values of pore pressure being determined from the flow net. Values of 7, up to

0.45 are possible in homogeneous dams but much lower values can be achieved mn
dams hawing mternal drainage. The factor of safety for this condiion should be at
least 1.5, Internal erosion 15 a particular danger when the reservoir 15 full because it
can anse and develop within a relatively shott time, sertously inpairing the safety of
the datm.
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Rapid drawdown

After a condiion of steady seepage has become estabhished, a drawdown of the
reservolt lewel will result in a change in the pore water pressure distribution. If the
permeability of the sod iz low, a drawdown period measured i weels may be
‘rapid’ i relation to dissipation time and the change i pore water pressure can be
assumed to take place under undrained conditions. Eeferring to Fioure 213, the
pore water pressure before drawdown at a typical pomt P oon a potential falure
surface 15 grven by

ty = vl ho -+l — 1)

where &' 15 the loss m total head due to seepage between the upstream slope
sutface and the pomt P It 15 again assumed that the total major principal stress at P
iz equal to the fill pressure. The change in total major principal stress 18 due to the
total or partial removal of water above the slope on the vertical through P For a
drawdown depth exceeding &

d-"TII = —‘."-.1.-"-'1'.
and the change in pore water pressure 13 then given by

Ay = B A
= _ﬁﬂ:wﬂu

Therefore the pore water pressure at P unmediately after drawdown 15
w =ty + Au

= Jullt + byl = B) — i}

Hence

I

satht (9.17)

Y i — W
_":':-:ll.{] ‘-T{l - 'Hl] _F}

'I!I

Figure 977 Rapid drawdown condiions. (Beproduced from
A W Bishop and L Biernum (1960) Frocesdings ASCE
Research Conference on Shear Strength of Cohesive
Sails, Boulder, Colorado, by pertrussion of the American
Society of Crnl Engineers.)
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P i i i i i T

Figure 914 Drawdown flow net.

For total stress decreases the value of B is slightly greater than 1. An upper bound
value of r,, could be obtaned by assuming B =1 and neglecting 2° Typical values

of r,, tnmediately after drawdown are within the range 0.3-0.4. A mintmum factor

of safety of 1.2 may be acceptable after rapid drawdowmn.

Morgenstern [11] published stability coefficients for the approxmate analysis of
homogeneous slopes after rapid drawdown.

The pore water pressure distnbution after drawdown i sodls of high permeability
decreases as pore water drams out of the soid above the drawdown level The
saturation line mowves downwards at a rate depending on the permeability of the
soll. & series of flow nets can be drawn for different posttions of the saturation line
and walues of pore water pressure obtamed. The factor of safety can thus be
detertnined, using an effective stress analysis, for any posittion of the saturation line.
An example of a drawdown flow net 15 shown i Figure 914

PROBLEMS

9.1 For the gven failure surface, determine the factor of safety m terms of total
stress for the slope detailed in Figure 915, The umt weight for both sods 15

——— i
/ 20 kN/m

1.30m

L
—-_..___‘f._g_q,?

Sail (1)

Soil (2)

Figure 215
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19kN/m®. The characteristic undrained strength (c_)) is 30kM/m? for soil 1

and 45kI/m? for soil 2. What is the factor of safety i allowance 18 made for
the development of a tension crack? Checl the stabiity of the slope using the
lirnit state method.

92 A cutting 9m deep 15 to be excavated i a saturated clay of vt weight
19K/, The design shear strength parameters are ¢ = 30kN/m? and ¢u =0
A hard stratun undetlies the clay at a depth of 11m below ground level Tsing
Taylor’s stability coefficients, determine the slope angle at which falure would
occur. W hat 15 the allowable slope angle o a factor of safety of 1.2 13 specified?

9.3 For the given failure surface, determine the factor of safety in termns of effective
stress for the slope detaled in Figure 9 16, using the Fellens method of shces.
The unit weight of the sod iz 21K/’ and the characteristic shear strength
parameters are ¢ = 8kN/m? and ¢' = 32° According to the limit state method,
will a slip fadure occur?

[+ L] 10 0 30 m

Figure 978 (Reproduced from Skempton and Brown (1961) A
landshde i bhoulder clay  at  Selset,  Yorlshire,
Geatechmigues, 11, p. 280, by permizsion of the Council
of the Institution of Cinl Engineers )
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Figure 217

9.4 Eepeat the analysis of the slope detaded m Problem 9.3 using the Bishop
routine method of slices.
9.5 Tsing the Bishop routine method of shces, determune the factor of safety m

terms of effective stress for the slope detaled in Figure 917 for the specified
felure surface. The walue of » 15 0.20 and the unt weight of the sod is

20kM/m®. Characteristic values of the shear strength parameters are ¢ =0 and
L_.'_l" = 33-

6 A long slope 13 to be formed in a soil of unit weight 196/ for which the
characteristic shear strength parameters are ¢ = 0 and @ = 36° 4 firm stratum
lies below the slope. It 15 to be assumed that the water table may occasionally
rise to the sutface, with seepage talung place parallel to the slope, (a) Using the
traditional method, deterrrune the masamum slope angle to ensure a factor of
safety of 1.5, assurming a potential falore surface parallel to the slope. What
would be the factor of safety of the slope, formed at this angle, if the water table
were well below the surface? (b) Using the lmut state method, check the
stability for the slope angle deterrmined abowe when the water table 18 at the
sutface.
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Chapter 10

Ground investigation

10.1 INTRODUCTION

An adecuate ground mvestigation 13 an essential preliminary to the execution of a
cvil engineenng project. Sufficient mformation must be obtamed to enable a safe
and economic design to be made and to aveid any difficulties during construction.
The prncipal objects of the mvestgation are: (1) to detertune the sequence,
thicknesses and lateral extent of the scdl strata and, where appropnate, the level of
bedrock, (2) to obtan representative samples of the soils (and rock) for
identification and classification and, f necessary, for use m laboratory tests to
determine relevant sodl parameters; (3) to dentfy the groundwater conditions. The
investigation tmay aso mclude the petformance of iw-sifn tests to assess
appropriate sol charactenistics. Addibional considerations arize it 15 suspected that
the ground may be contarmmated. The results of a ground investigation should
provide adequate mformation, for example, to enable the most swtable type of
toundation for a propesed structure to be selected and to indicate if special
problems are likely to arise during excavation.

& study of geological maps and memoirs, if avalable, should give an mdication
of the probable soil conditions of the site i question. If the site 15 extensive and of
no exsting information 15 avalable, the use of aenal photographs can be usefil in
identifping features of geological sigmficance. Before the start of feldwork an
inspection of the site and the surrounding area should be made on foot River
banlks, emsting excavations, quarties and road of ralway cuttings, for example, can
wield waluable information regarding the nature of the strata and groundwater
conditions: exsting structures should be examined for signs of settlement damage.
Prewious expenience of condiions in the area may have been obtaned by adjacent
owners of local authorities. All mformation obtamed i advance enables the most
suitable type of investigation to be decided.

The actual imwestigation procedure depends on the nature of the strata and the
type of project but will normally imvolve the excavation of boreholes or tnal pits.
The mumber and location of boreholes or pits should be planned to enable the basic
geclogical structure of the site to be determined and sigmficant wregulanities n the
subsurface condibions to be detected. The greater the degree of vanahality of the
oround conditions, the greater the number of boreholes or pits required. The
locations should be offset from areas on which it 15 known that foundations are to
be sited. A preliminary mvestigation on a modest scale may be carnied out to obtain
the general charactenistics of the strata, followed by a more extensive and carefilly
planned mvestigation including sampling and ix-sifn testing,
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It iz eszential that the investigation is taken to an adequate depth. This depth
depends on the type and size of the project but must mclude all strata hable to be
significantly affected by the structure and its construction The mvestigation mmust
extend below all strata which rmight hawve madequate shear strength for the support
of foundations or which would give nise to significant settlement. If the use of piles 13
anticipated the mvestigation will thus hawve to extend to a considerable depth below
the surface. A general tule often applied i the case of foundations iz that the
ground conditons must be known wathin the significant depth (Section 510
provided there 13 no weak stratun below this depth which would cause
unacceptable settlement. If rock 15 encountered it should be penetrated at least 3m
in tnore than one location to confirm that bedrock, and not a large boulder has
been reached, unless geclogical knowledge mdicates otherwise. The mwestigation
may have to be taken to depths greater than normal m areas of old mune worlangs
ot other underground cavities.

Boreholes and trial pits should be backfilled after use Backfiling with
compacted soil may be adequate i many cases but if the groundwater conditions
are altered by a borehole and the resultant flow could produce adverse effects then
it 15 necessary to use a cement-based grout to seal the hole,

The cost of an mvestigation depends on the location and extent of the site, the
nature of the strata and the type of project under consideration. In general, the
larger the project, and the less cntical the ground condibons are to the design and
construction of the project, the lower the cost of the ground mvestigation as a
percentage of the total cost. The cost 15 generally within the range 0. 1-2% of the
project cost. To reduce the scope of an investigation for financial reasons alone 13
newver justified.

10.2 METHODS OF INVESTIGATION

Trial pits

The excavation of trial pits 12 a sumple and relable method of mvestigation but is
limited to a masimum depth of 4-5 . The sodl 12 generally remowved by means of
the back-shovel of a mechanical excavater. BEefore any person enters the pit, the
sides must always be supported unless they are sloped at a safe angle or are
stepped: the excavated sod should be placed at least 1m from the edge of the pit. It
the pit 15 to extend below the water table, some form of dewatering 15 necessary in
the more permeable sois, resulting i mcreased costs. The use of tral pits enables
the in-sifu soll conditions to be examined wisually, and thus the boundaries between
strata and the nature of any macro-fabric can be accurately determmed. It 1s
relatively easy to obtain distiwbed or undisturbed soil samples: in cohesive soils
block samples can be cut by hand from the sides or bottom of the pit and tube
samples can be obtaned below the bottom of the pit. Thal pits are suttable for
investigations m all types of sod, mcluding those contatning cobbles or boulders.

Shafts and headings

Deep pits or shafts are usually adwanced by hand excavation, the sides being
suppotted by tunbering. Headings or adits are excavated laterally from the bottom
of shafts or
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from the surface mto hillsides, both the sides and roof being supported. Tt 1s unlikely
that shafts or headings would be excavated below the water table. Shafts and
headings are very costly and therr use would be justfied only m mvestigations for
very large structures, such as dams, if the ground condiions could not be
ascertained adequately by other means.

Percussion boring

The bonng g (Figure 10.1) consists of a derrick, a power unit and a winch
catrying a hght steel cable which passes through a pulley on top of the dernick.
Wlost ngs are fitted with road wheels and when folded down can be towed belund
a wehicle. Warious borng tools can be attached to the cable. The borehole 13
advanced by the percussive action of the tool which 18 alternately raised and
dropped (usually over a distance of 1-2m) by means of the winch umt. The two
most widely used tools are the shell for baler) and the clay cutier ITnecessary a
heawy steel element called a sinker bar can be fitted immediately abowve the tool to
increase the impact energy.

The shell, which 15 used m sands and other coarse soils, 13 a heavy steel tube
fitted with a flap or clack wvalve at the lower end Below the water table the
percussive action of the shell locsens the sold and produces a shurry in the borehole.
Abowe the water table a slurry 15 produced by mtroducing water mto the borehole.
The shirry paszses through the clack walve during the downward movement of the
shell and 15 retained by the valve during the upward movement. When fiall, the shell
1z ratsed to the surface to be emptied. In cohesionless sods the borehole must be
cased to prevent collapse. The casing, which consists of lengths of steel tubing
screwed together, 15 lowered into the borehole and will normally slide down under
itz own welght, however, f necessary, mstallation of the casmng can be aded by
driving. On completion of the investigation
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Figure 101 (a) Percussion bortng nig, (b) shell, (o) clay cutter and
(d) chizsel.
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the casing is recovered by means of the wanch or by the use of jacks: excessive
drrving dunng mstallation may make recovery of the casing difficult.

The clay cutter, which 1z used i cohesive sods, 15 an open steel tube with a
cutting shoe and a retaning fing at the lower end: the tool i3 used in a dry borehole.
The percusstve action of the tool cuts a plug of sod which eventually fractures near
its base due to the presence of the retatning ring. The ring also ensures that the zodl
15 retained inside the cutter when it 15 ratsed to the surface to be emptied.

=mall boulders, cobbles and hard strata can be broken up by means of a chisel,
aided by the additional weight of a sinker bar f necessary.

Borehole diameters can range from 150 to 200 The mamimum borehaole
depth 13 generally between 50 and &0m. Percussion bonng can be employed in
most types of scdl, including those containing cobbles and boulders. Howewer, there
15 generally some distwbance of the soil below the bottom of the borehole, from
which samples are taken, and it 15 extremely difficult to detect thin sodl layers and
minor geclogical features with this method The ng 1z extremely wersatile and can
normally be fitted with a hydraulic power umt and attachments for mechanical

augering, rotary core drlling and cone penetration testing,

Mechanical angers

Power-operated augers are generally mounted on welicles or i the form of
attachments to the derrick used for percussion boting The power required to
rotate the auger depends on the type and size of the avuger itzelf and the type of s0d
to be penetrated. Downward pressure on the auger can be applied hydraulically,
mechanically or by dead weight The types of tool generally used are the fhighs
auger and the buckef auger. The diameter of a flight auger 15 usually between 75
and 300mem, although diameters as large as 1m are avalable: the diameter of a
bucket auger can range from 200mm to 2m. Howewer, the larger sizes are used
principally for excavating shafts for bored piles. Augers are used manly in sods in
which the borehole requires no support and remains dry, 1e. mainly mn stiffer,
overconsolidated clays. The use of casig would be thconvenient because of the
necessity of removing the auger before dnving the casing, howewer, it 15 possible to
use bentonite sluny (Section 69 to support the sides of unstable holes. The
presence of cobbles or boulders creates difficulties with the smaller-sized augers.

short-flight augers (Figure 10 2{a)) consist of a hels of hrmted length, with
cutters below the helr The auger 12 attached to a steel shaft, known az a kelly bar,
which passes through the rotary head of the rig. The auger iz advanced untid it 1z fall
of so1l, then it 15 raised to the surface where the soil 13 ejected by rotatmg the auger
i the reverse direction. Cleatly, the shorter the heliz, the more often the auger must
ke raized and lowered for a given borehole depth. The depth of the hole 15 hvuted
b the length of the kelly bar.

Contimous-flight avugers (Figure 10 2001 consist of rods with a heltr covering
the entire length. The sodl rizses to the suwrface along the heliz, obwating the necessity
for withdrawal additional lengths of auger are added as the hole 15 advanced.
Borehole depths up to 50t are possible with contimous-flight augers, but there 15 a
posstbility that different sod types may become mixed as they rise to the surface
atd it may be difficult to determine the depths at which changes of strata ocour.
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Figure 102 (a) Short-fight auger, (h) contimaous-flight auger, (c)
hucket anger and (d) Iwan Chand) auger.

Continucus-fight augers with hollow stems are alse used When borng 15 m
progress the hollow stem iz closed at the lower end by a plug fitted to a rod running
inside the stern Additonal lengths of auger (and mternal rod) are again added as
the hole 15 advanced. At any depth the rod and plug may be withdrawn from the
hollow stem to allow undisturbed samples to be taken, a sample tube mounted on
tods being lowered down the stem and driven into the sod below the auger. If
bedrock 15 reached, dnlling can also take place through the hollow stem. The
internal diameter of the stem can range from 75 to 150mm. Az the auger performs
the function of a casing it can be used i sands below the water table, although
difficulty may be expenenced with sand being forced upwards mto the stem by
hydrostatic pressure: this can be avoided by filling the stem with water up to water
table level

Bucket augers (Figure 10 2{c)) consist of a steel cylinder, open at the top but
fitted with a base plate on which cutters are mounted, adjacent to slots in the plate:
the auger 15 attached to a kelly bar. When the auger 15 rotated and pressed
downwards the soil removed by the cutters passes through the slots mto the
bucket. When the bucket 1s fiull it 1z raized to the sutface to be emptied by releasing
the hinged base plate.

Augered holes of 1m diameter and larger can be used for the examination of the
soll strata iz sifw, the person cartying out the exarnination being lowered down the
hole mn a special cage. The hole must be cased when used for thiz purpose and
adequate ventilation i1z essential
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Hand and portable augers

Hand augers can be used to excavate boreholes to depths of around S using a set
of extension rods. The auger 1z rotated and pressed down mto the sod by means of
a T-handle on the upper rod. The two common types are the Iwan or post-hole
auger (Figure 10.20d0) with diameters up to 200mm, and the small helical auger,
with diameters of about 50mm. Hand augers are generally used only if the sides of
the hole require no support and if particles of coarse grawel size and abowe are
absent. The auger must be withdrawn at frequent ntervals for the remowval of sodl
Tndisturbed samples can be obtamed by dnwving small-diameter tubes below the
bottom of the borehole.

small portable power augers, generally transported and operated by two
persons, are suitable for boring to depths of 10—-15tm; the hole diameter may range
from 75 to 300mm. The borehole may be cased if necessary and therefore the
auger can be used m most sod types provided the larger particle sizes are abzent.

Wash boring
In this method, water 15 pumped through a stng of hollow bonng rods and is

released under pressure through narrow holes i a chisel attached to the lower end
of the rods (Figure 10.3) The soil 15 loosened and broken up by the water jets and
the up-and-down movement of the chisel There 15 alse prowision for the manual
rotation of the chisel by means of a tiller attached to the bonng rods abowe the
sutface. The zoil particles are washed to the surface between the rods and the side
of the borehole and are allowed to settle out m a sump. The ng consists of a
derrick with a power unit, a winch and a water pump. The winch carries a light
steel cable which passes through the sheaf of the dernick and 1= attached to the top
of the boring rods. The string of rods iz raised and dropped by means of the winch
unit, producing the chopping action of the chizel The borehole 13 generally cased
but the method can be used m uncased heles. Drlling fud may be used as an
alternative to water in the method, eliminating the need for casing.

Wash boring can be used i most types of sod but progress becomes slow o
particles of coarse gravel size and larger are present The accurate identification of
soil types 15 difficult due to particles being brolen up by the chisel and to mising as
the material 1z washed to the surface: m addibon, segregation of particles takes
place as they settle out in the sump. Howewer, a change in the feel of the boring
tool can sometines ke detected, and there may be a change i the colour of the
water rising to the surface, when the boundanes between different strata are
reached. The method 18 unacceptable as a means of obtatning soil samples. It 1s
used only as a means of advancing a borehole to enable tube samples to be taken
of ig-sity tests to be carnied out below the bottom of the hole. An advantage of the
tethod 15 that the sod immediately below the hole remains relatively undisturbed.

Rotary drilling

Although primarily mtended for mwvestigations in rock, the method 15 also uzed in
sotls. The drilling tool, which 15 attached to the lower end of a stiing of hollow

drilling
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rods (Figure 10.4), may be etther a cutting bit or a coring kit the cornng bit 1z fxed
to the lower end of a core barrel which in turn 12 catried by the drilling rods. “Water
ot driling fluid 1z pumped down the hollow rods and passes under pressure through
narrow holes m the bit or barrel: this 15 the same prnciple as used i wash boring,
The drilling fluid cocls and lubricates the dnlling tool and catries the loose debriz to
the surface between the rods and the side of the hole. The flmd also prowides some
suppott to the sides of the hole f'ne casing 15 used.

The ng consists of a dernick, power unit, winch, pump and a drill head to apply
high-speed rotary dnve and downward thrust to the drlling rods. A rotary head
attachment can be suppled as an accessory to a percussion bonhg ng.

There are two forms of rotary dnlling, open-hole drilling and core dnlling Cpen-
hole drilling, which 1z generally used in sods and wealk rock, uses a cutting bit to
break down all the material within the diameter of the hole. Open-hole drlling can
thus be used only as a means of adwvancing the hole: the drilling rods can then be
removed to allow tube samples to be taken or ix-sifn tests to be carried out In

core drilling, which
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1z uzed i rocks and hard clays, the diamond or tungsten carbide bit cutz an annular
hole m the material and an mtact core enters the barrel, to be removed as a sample.
Heowewer, the natural water content of the matenial 1z hable to be mereased due to
contact with the driling fud. Typical core diameters are 41, 54 and 76mm, but can

range up to 165mm.

The advantage of rotary drilling i sodls 15 that progress 15 ruch faster than with
other mvestigation methods and disturbance of the sod below the borehole 13 shight.
The method 18 not suitable if the sodl contatns a high percentage of gravel (or larger)

patticles as they tend to rotate beneath the bit and are not broleen up.
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Groundwater obhservations

An wmpotrtant part of any ground investigation 15 the determination of water table
lewel and of any artesian pressure in parbicular strata. The vanation of lewvel or
pressure over a given period of time may also require determination. Groundwater
observations are of particular inpotrtance if deep excavations are to be carried out.

Water table level can be determined by measuring the depth to the water surface
i a borehole. Water lewels in boreholes may take a considerable time to stabalize;
thiz time, known as the response time, depends on the permeabdity of the sod
Ileasurements, therefore, should be taken at regular mtervals untl the water level
becotnes constant It is preferable that the level should be detenmined as soon as
the borehole has reached water table level If the borehole 1z further advanced it
may penetrate a stratum under artesian pressure, resulting in the water level m the
hole being above water table level It is mmpotrtant that a stratum of low permeability
below a perched water table should not be penetrated before the water level has
been established. If a perched water table exmsts, the borehole must be cased i
order that the main water table level 18 correctly determined: if the perched aquifer
12 not sealed, the water level in the borehole will be abowe the man water table
lesrel.

When it 15 recuired to determine the pore water pressure in a particular stratum,
a piezometer (Section 1120 should be used. The sinplest type i3 the open
standpipe piezometer (Figure 1190 with the porous element sealed at the
appropriate depth. Howewer, this type has a long response time in soils of low
petneability and i such cases it 15 preferable to mstall a hydraulic piezometer
{Fizure 11.7) having a relatively short response time.

Groundwater samples may be required for chemical analysis to determine if they
cottain sulphates (which may attack Potrtland cement concrete) or other corrostve
constituents. It 15 wnportant to ensure that samples are not contammmated or diduted.
A sample should be taken inmediately the water-beanng stratum is reached in
bonng. Tt 18 preferable to obtain samples from the standpipe plezometers if these
have been matalled.

10.3 SAMPLING

Soll samples are diwded mto two matn categories, undisturbed and disturbed.
Tndisturbed  samples, which are required mamly for shear strength and
consolidation tests, are obtained by techniques which aim at preserving the in-sifu
structure and water content of the sed. In boreholes, undistirbed samples can be
obtammed by withdrawmg the boring tools (exzcept when hollow-stem contimions-
flight augers are used) and drivng or pushing a sample tube into the soi at the
bottom of the hole. The sampler 15 normally attached to a length of boning rod
which can be lowered and raized by the cable of the percussion rig. "When the tube
iz brought to the surface, some soil is removed from each end and molten was 1=
applied, in thin layers, to fortm a seal apprommately 25mim thick: the ends of the
tube are then covered by protective caps. Undisturbed block samples can be cut
by hand from the bottom or sides of a tnal pit. Dunng cutting, the samples must be
protected from water, wind and sun to aveld any change i water content: the
samples should be covered with molten was tmmediately they have been brought to
the surface. It iz mmpossible to obtain a sample that is completely undistirbed, no
tnatter how elaborate or carefil the ground investigation and sampling technique
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might be. In the case of clays, for example, sweling will take place adjacent to the
bottom of a borehole due to the reduction in total stresses when soil 15 removed
and structural distirbance may be caused by the action of the boring tools;
subsequently, when a sample 15 removed from the ground the total stresses are
reduced to zero.

Soft clays are extremely sensitive to sampling disturbance, the effects being more
proncunced in clays of low plastictty than in those of high plasticity. The central
core of a soft clay sample will be relatively less disturbed than the outer zone
adjacent to the sampling tube. Immediately after sampling, the pore water pressure
in the relattvely undisturbed core will be negative due to the release of the ixn-situ
total stresses. Swelling of the relatvely undistorbed core will gradually take place
due to water bemng drawn from the more disturbed outer zone and resulting i the
dissipation of the negative excess pore water pressure the outer zone of sod will
consolidate due to the redistribution of water within the sample. The dissipation of
the negatve excess pore water pressure 15 accomnpaned by a corresponding
reduction i effective stresses. The soil structure of the sample wall thus offer less
resistance to shear and will be less rigd than the ix-sifn sol

& disturbed sample 13 one having the same particle size distnbution as the ix-sifu
sofl but m which the sod structure has been significantly damaged or completely
destroved; m addition, the water content may be different from that of the ix-sifu
soill. Disturbed samples, which are used mainly for sed classification tests, wisual
classification and compaction tests, can be excavated from trial pits or obtaned
from the tools used to advance boreholes {e.g from augers and the clay cutter).
The sodl recovered from the shell i percussion boring will be deficient in fines and
will be unsutable for use as a disturbed sample. Samples mn which the natural water
content has been preserved should be placed in airtight, non-corrostve containers:
all containers should be completely filled so that there 15 neghgible air space abowe
the sample.

A1 samples should be cleatly labelled to show the project name, date, location,
borehole number, depth and method of sampling, i addition, each sample should
be given a sertal number. Special care 15 required m the handling, transportation and
storage of samples (particulatly undisturbed samples) prior to testing,

The sammphng method used should be related to the quality of sample required.
uality can be classified as follows, according to the uses to which the sample can
be put:

Class  classification, water content, density, shear strength, deformation and
1: consohdation tests.

Class  classification, water content and density tests.
2

Class  classification and water content tests.

3

Class  classification tests only.

4:

Class  strata identification only.
3

For Classes 1 and 2 the sample must be undisturbed. Samples of Classes 2, 4 and
5 may be disturbed.
The principal types of tube samplers are described below,

Open drive sampler

An open dove sampler (Figure 10.5(a)) consists of a long steel tube with a screw
thread at each end A cutting shoe is attached to one end of the tube. The other
end of
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Figure 105 () Open dnve sampler, (h) thin-walled sampler, (c)
split-barrel samnpler and (d) stationary piston sampler.

the tube screws into a sampler head to which, i turn, the bonng rods are
connected. The sampler head also mcorporates a non-return valve to allow air and
water to escape as the sod fills the tube and to help retan the sample as the tube i3
withdrawn, The mside of the tube should have a smooth surface and must be
mamtained in a clean condibion.

The internal diameter of the cutting edge (d_) should be approxmately 1 %o

smaller than that of the tube to reduce fiictional resistance between the tube and the
satnple. This size difference also allows for slight elastic expansion of the sample on
entering the tube and assists m sample retention. The external diameter of the
cutting shoe (d_) should be shightly greater than that of the tube to reduce the force

required to withdraw
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the tube. The volume of sodl displaced by the sampler as a proportion of the sample
volume 15 represented by the area ratio (T)) of the sampler, where

2 5
dy, = d
v e

C, & (10.1)

The area ratio 13 generally expressed as a percentage. Other factors bemg equal,
the lower the area ratio, the lower the degree of sample disturbance.

The zampler can be dnven dynamically by means of a drop weight or shiding
hammer, or statically by hydraulic or mechanical jacking. Prior to sampling all locse
soil should be removed from the bottom of the borehole. Care should be taken to
ensure that the sampler 15 not driven beyvond its capacity, otherwise the sample will
be compressed agamst the sampler head Some types of sampler head have an
overdnve space below the wvalve to reduce the nsk of sample damage After
withdrawal, the cutting shoe and sampler head are detached and the ends of the
sample are sealed.

The most wadely used sample tube has an mternal diameter of 100mm and a
length of 450mm: the area ratio 12 approxmately 30% . This sampler 18 suitable for
all clay soils. When uszed to obtain samples of sand, a core-catcher, a short length
of tube with spring-loaded flaps, should be fitted between the tube and cutting shee
to prevent loss of soil The class of sample obtained depends on o type.

‘Thin-walled sampler

Thin-walled szamplers (Figure 10.5(b1) are used m sois which are sensiive to
disturbance such as soft to firm clays and plastic silts. The sampler does not employ
a separate cuthihg shoe, the lower end of the tube itself being machined to form a
cutting edge. The mtemal diameter may range from 35 to 100mm. The area ratio 13
apprommately 10% and samples of first-clazs quality can be obtained prowded the
soll has not been disturbed i advancing the borehole. In trial pits and shallow
boreholes the tuke can often be dnven manually.

split-barrel sampler

split-batrel samplers (Figure 10.50c)) consist of a tube which iz split lengitudinally
inte two halves: a shoe and a sampler head mcorporating ar-release holes are
screwed onto the ends. The two halves of the tube can be separated when the shoe
and head are detached to allow the sample to be removed The mternal and
external diameters are 35 and S0mm, respectively, the area ratio bemg
apprommately 100%, with the result that there 12 considerable disturbance of the
sample (Class 3 or 4). Thiz sampler 15 used mainly i sands, being the tool specified
i the standard penetration test.

Stationary piston sampler

Stationaty piston samplers (Figure 10 5(d)) consist of a thin-walled tube fitted wath
a piston. The piston 1z attached to a long rod which passes through the sampler
head and runs mside the hollow boring rods. The sampler 1z lowered mto the
borehole with the
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pistont located at the lower end of the tube, the tube and piston being locked
together by means of a clamping device at the top of the rods. The piston prevents
water of loose zoll from entering the tube. In soft sodls the sampler can be pushed
below the bottomn of the borehole, bypassing any disturbed sol. The piston 12 held
against the sl (generally by clamping the piston rod to the casing) and the tube 13
pushed past the piston (until the sampler head meets the top of the piston) to obtain
the sample. The sampler 1z then withdrawn, a locking device i the sampler head
holding the piston at the top of the tube as this takes place. The vacuum between
the piston and the sample helps to retain the sodl in the tube: the piston thus serves
as a noti-return valve,

Piston samplers should always be pushed down by hydraulic or mechamcal
jacking: they should never be driven The diameter of the sampler 1= usually
between 25 and 100mm but can be as large as 250mm. The samplers are generally
used for soft clays and can produce samples of first-class qualty up to 1m in

length.

Continuous sampler

The continucus sampler 15 a highly specialized type of sampler which 15 capable of
obtaining undisturbed samples up to 29m in length: the sampler 18 used mainly in
soft clays. Details of the sod fabric can be detertuned more easily f a continuous
sample 1z avalable. An essential requirement of conbimuous samplers 15 the
elirmination of fctional resistance between the sample and the inside of the sampler
tube. In one type of sampler, developed mn Sweden [F], this 15 aclueved by
superimposing thin stnps of metal foil between the sample and the tube. The lower
end of the sampler (Figure 10.6) has a sharp cutting edge abowve which the external
diatneter 15 enlarged to enable 16 rolls of fodl to be housed m recesses within the
wall of the sampler. The ends of the fodl are attached to a piston which fits loosely
inside the sampler: the piston 15 suppotted on a cable which is fimed at the surface.
Lengths of sample tube (68mm m Jdiameter) are attached as required to the upper
end of the sampler.

Az the sampler 1z pushed mito the sod the foil unrolls and encases the sample, the
pistonn bemng held at a constant level by means of the cable. As the sampler is
withdrawmn the lengths of tube are uncoupled and a cut 1s made, between adjacent
tubes, through the foid and sample. Sample quality 13 generally Class 1 or 2.

Ancther type 15 the Delft continuous sampler, of etther 29 or 66mm i diameter.
The sample feeds into an inpernous nylon stockinette sleeve. The sleeved sample,
in turn, 15 fed nto a fud-supported thin-walled plastic tube.

Compressed air sampler

The compressed air sampler (Fioure 10,7 12 used to obtain undisturbed samples of
sand (generally Class 2) below the water table. The sample tube, usually 60mm in
diatneter, 15 attached to a sampler head hawving a relef wvalve which can be closed
by a rubber diaphragm  Attached to the sampler head 15 a hollow gude rod
surtnounted by a guide head. An outer tube, of bell, surrounds the sample tube, the
bell being attached to a weight which shides on the gude rod. The bonng rods fit
loozely into a plan socket in the top of the gude head, the weight of the bell and
sampler being supported by means of a shackle which hooks over a peg i the
lower length of boring rod: a light cable, leading to the surface, 15 fized to the
shackle. Compressed air, produced by a foot
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Figure 108 Contihuous sampler.

pump, 13 supphed through a tube leading to the gmde head, the air passing down
the hollow guide rod to the bell

The sampler 13 lowered on the boring rods to the bottom of the borehole, which
will contam water below the level of the water table. When the sampler comes to
rest at the bottom of the borehole the shackle springs off the peg, remowing the
connection between the sampler and the botring rods. The tube 15 pushed into the
sofl by means of the bonng rods, a stop on the gmde rod preventing overdriving:
the bonng rods are then withdrawn, Compressed air 18 now introduced to expel the
water from the bell and to close the walve in the sampler head by pressing the
diaphragm downwards. The
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tube 1z withdrawn mto the bell by means of the cable and then the tuke and bell
together are raised to the surface. The sand sample retnains m the tube by virtue of
arching and the slight negative pore water pressure in the zod A plug iz placed at
the bottom of the tube before the suction 15 released and the tube i3 removed from
the sampler head.

Window sampler

This sampler, which 1z most sutted to dry cohesive soils, emplovs a senes of tubes,
usually 1m in length and of different diameters (tepacally 20, &0, 30 and =émm).
Tubes
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of the satme diameter can be coupled together. A cuthing shoe 15 attached to the end
of the bottom tube. The tubes are driven mto the sod by percussion usmng either a
matal or rig-supported device and are extracted etther manually or by means of
the tig. The tube of largest diameter 12 the first to be driven and extracted wath its
sample mside. & tube of lesser diameter 1z then dnven below the bottom of the
open hole left by extraction of the larger tube. The operation is repeated using
tubes of successively lower diameter and depths of up to B can be reached
There are longtudmal slots or “windows™ i the walls at one side of the tubes to
allow the sod to be examined and enable distirbed samples of Class 3 or 4 to be
taken.

10.4 BOREFHOLE LOGS

After an investigation has been completed and the results of any laboratory tests
are avalable, the ground condiions discovered i each borehole {or trial pit) are
summarized i the form of a borehole log An example of such a log appears in
Table 10.1, but details of the layout can vary. The last few columns are ongmally
left wathout headings to allow for varations m the data presented. The method of
ivestigation and detalls of the equipment used should be stated on each log The
location, ground level and diameter of the hole should be specified together with
details of any casing used. The names of the client and the project should be stated.

The log should enable a rapid appraisal of the sod profile to be made. The log iz
prepared with reference to a vertical scale. A detaled description of each stratum
1z given and the levels of strata boundanes clearly shown: the level at which boring
was terminated should be indicated The different soid {and rock) types are
represented by means of a legend using standard symbols. The depths, of ranges of
depth, at which samples were taken or at which is-sifn tests were petformed are
recorded: the type of sample 12 also specified. The results of certain laboratory or
in-sify tests may be given in the log The depths at which groundwater was
encountered and subsequent changes in levels, with times, should be detailed.

The soil description should be based on particle size distnbution and plasticity,
generally using the rapid procedure in which these characteristics are assessed by
means of wisual mspection and feel disturbed samples are generally used for this
purpose. The description should nclude details of sed colour, particle shape and
composition: if possible the geological formation and type of deposit should be
given. The structural characteristics of the soil mass should alse be descnbed but
this requires an examination of undisturbed samples or of the soil in St (eg ha
trial pit). Details should be given of the presence and spacing of bedding features,
fizsures and other relevant charactenstics. The density mdex of sands (Table 5.3)
and the stiffness of clays (Table 4.1 should be indicated.

10.5 GEOPHYSICAL METHODS

Under certatn conditions geophysical methods may be usefil 1 ground
mveshgation, especially at the reconnaissance stage. However, the methods are not
suttable for all ground conditions and there are himitations to the nformation that can
be obtained:
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Tahle 10

BOREHOLE LOG
Locatian: Barnhill
Cliene  RFC Consultants
Boring method: Shell and auger to 144 m
Retary core drilling te 17.8m
Diameter: 150 mm
M
Casing; 150mm ta 5m

Borehole Mo |
Sheet 1 ol |
Ground level: 36.30
Dace: 30.7.77
Seale: 1:100

Description of straty Lewvel

€,
(kN m?)

TOPSDIL

LT

Lewse, light brawn
SAMD

337
Mediurmn dense, brown
gravelly SAND 2

k1R

Firm, yellewish-brewn,
clenely fissured CLAY

24,1
Very dense, red, sily
SAMD with decompaosed
SAMDETOME

219

Red, medium-grained,
granular, fresh
SANDSTONE,
meaderately weak, thickly
bedded

as

97

10%

50 dor
210 mm

Lk Undisturbed sample
D Diseurbed sample

B: Bulk disturbed sample
Wi Warer sample

s Warer mble

Warer level {8530 b
777 tIm
0777 15m
AT 3Em
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they tust be considered mainly as supplementary methods. It 13 possible to locate
strata boundaries only o the physical properties of the adjacent matenals are
significantly different. Tt i1z alwaws necessary to check the results agamst data
obtathed by direct tethods such as boting Geophysical methods can produce
rapid and economuc results, e.g for the filing m of detal between wadely spaced
boreholes or to indicate where addiional boreholes may be required, prowded
such correlations are established. The methods can be usefil in estimating the depth
to bedrock or to the water table. There are several geophysical techmeues, based
on different physical principles. Two of these techmoues are described below

Seismic refraction method

The seistnic refraction method depends on the fact that seismic wawves hawve
different welocities in different types of sod (or rock); m addition, the waves are
reftacted when they cross the boundary between different types of sol The
method enables the general soil types and the apprommate depths to strata
boundaries, or to bedrock, to be determined.

Waves are generated etther by the detonation of explostves or by stnking a
metal plate with a large hammer. The equipment consists of one of motre sensitive
wibration transducers, called geophones, and an extremely accurate time-measuring
dewice called a zetsmograph. A circuit between the detonator or hammer and the
setstnograph statts the tining mechanism at the instant of detonation or impact. The
geophone 15 also connected electrically to the seismograph: when the first wawve
reaches the geophone the timing mechanismm stops and the time interval 15 recorded
i milliseconds,

When detonation or impact takes place, waves are emitted in every direction.
One particular wave, called the direct wave, will travel parallel to the surface i the
direction of the geophone. Other waves travel m a downward direction, at vanious
angles to the honzontal, and will be reffacted if they pass into a stratum of different
setstnic velocity, If the setsmic velocity of the lower stratum 15 higher than that of the
upper stratum, one particular wave will travel along the top of the lower stratum,
parallel to the boundary, as shown in Fioure 10 8(a); this wave contimially “leaks’
energy back to the surface. Energy from this refracted wave can be detected by the
geophone.

The procedure (Figure 10.3(a)) conststs of mnstaling a geophone in turn at a
number of points m a straght bne, at mcreasmg distances from the source of wave
generation. The length of the line of points should be 3-3 times the required depth
of iwestigation. & senies of detonations or wnpacts are produced and the arrival
time of the first wave at each geophone postion s recorded m turn. When the
distance between the source and the geophone 1z shott, the arrival time will be that
of the direct wave. "When the distance between the source and the gecphone
exceeds a certan value (depending on the thickness of the upper stratum) the
refracted wave will be the first to be detected by the geophone. This 15 because the
path of the refracted wawve, although longer than that of the direct wave, 15 partly
through a stratum of higher seismic welocity, The use of explostves 1z generally
necessaty if the source—geophone distance exceeds 20-350 m or if the upper sod
stratum 15 loose.

An alternative procedure consists of using a single geophone postion and
producing a series of detonations or wnpacts at mcreasing distances from the
geophone.
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Arrval time 13 plotted agamst the distance between the source and the geophone, a
typical plot being shown in Figure 10.8(b). If the source—geophone spacing 15 less
than &, the direct wawve reaches the geophone i advance of the refracted wave and
the time—distance relationship 15 represented by a straght hne (AB) through the
otigin. On the other hand, if the source—geophone distance 1 greater than o the
refracted wave arrives i advance of the direct wave and the tune—distance
relationship 15 represented by a straight hine (BC) at a different slope to that of 4B
The slopes of the lines AB and BC are the seismic velocthes (v, and v,) of the

upper and lower strata, respectively. The general types of ol or rock can be
determined from a knowledge of these velocities. The depth (£ of the boundary
between the two strata (prowded the thickness of the upper stratum 15 constant)
can be estnated from the forrmla

=

The method can also be used where there are tnore than two strata and procedures
ezxst for the identification of inclined strata boundaries and vertical discontimuties.

The formulae used to estimate the depths of strata boundaries are baszed on the
assumptions that each stratum iz homogeneous and isotropic, the boundaries are
plane, each stratum 1z thick enough to produce a change i slope on the time—
distance plot and the seismic velocity increases i each successive stratium from the
sutface downwards. A layer of clay lymg below a layer of compact gravel, for
example, would not be detected.
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Dther difficulties arze if the wvelocity ranges of adjacent strata overlap, malking it
difficult to distinguish between them, and if the velocity increases with depth i a
particular stratum. It 15 wnportant that the results are correlated wath data from

bonngs.

Electrical resistivity method

The method depends on differences in the electrical resistance of different sod (and
rock) types. The flow of current through a sodl 13 manly due to electrolytic action
and therefore depends on the concentration of dissolved salts in the pore water: the
mineral particles of a sod ate poor conductors of current. The resistivity of a sod
therefore decreases as both the water content and the concentration of salts
increase. A dense, clean sand abowe the water table, for example, would exhibat a
hgh resistvity due to its low degree of saturation and the wirtual absence of
dizsolved salts. A saturated clay of high woid ratio, on the other hand, would esxhibat
a low resistivity due to the relative abundance of pore water and the firee ions in
that water.

In itz usual form (Figure 10 2(a)) the method inwolves driang four electrodes nto
the ground at equal distances (L) apart in a straight ine. Current (7). from a battery,
flows through the soil between the two outer electrodes, producing an electric field
within the soil The potential drop (E) 15 then measured between the two nner
electrodes. The apparent resistivity (8) 15 given by the ecuation

2rLE

k== (10.3)

The apparent resistivity represents a weighted average of true resistinty in a large
volume of soll, the soil close to the surface being more heawily weighted than the
soil at depth. The presence of a stratum of sod of lugh resistnty lying below a
straturmn of low
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Figure 10 @ Electrical resistivity method.
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resistivity forces the current to flow closer to the surface, resulting in a higher
voltage drop and hence a higher walue of apparent resistivity. The opposite 18 true if
a stratum of low resistvity lies below a stratum of hugh resistivity.

The procedure known as sousding 13 used when the variation of resistivity with
depth 18 required: this enables rough estimates to be made of the types and depths
of strata. & senes of readings are taken, the (equal) spacing of the electrodes bemng
increased for each successtve reading, however, the centre of the four electrodes
remains at a fized point As the spacihg iz creased the apparent resistinty is
mnfluenced by a greater depth of sod If the resistvity mcreases with mcreasing
electrode spacmg it can be concluded that an undetlying stratum of higher resistinty
iz beginning to influence the readings. If increased separation produces decreasing
resistivity, on the other hand, a stratum of lower resistivity 12 beginning to mfluence
the readings. The greater the thickness of alayer, the greater the electrode spacing
ower which its nfluence wil be obzerved, and wice versa.

Apparent resistivity 15 plotted aganst electrode spacing, preferably on log-log
paper. Characteristic curves for a two-layer structure are illustrated m Figure 109
(k). For curve A the resistivity of laver 1 15 lower than that of layer 20 for curwe B
layer 1 has a higher resistivity than layer 2. The curves become asymptotic to lines
representing the true resstvines &, and &, of the respectve layers. Apprommate

layer thicknesses can be obtamed by companng the observed curve of resistiaty
versus electrode spacihg with a set of standard curves. Other methods of
interpretation hawve also been dewveloped for two-layer and three-layer systems.

The procedure known as profifing 1z used i the investigation of lateral variation
of soil types. A series of readings are taken, the four electrodes being mowed
laterally as a wmt for each successive reading the electrode spacing rematns
constant for each reading. Apparent resistivity 15 plotted aganst the centre postion
of the four electrodes, to natural scales: such plots can be used to locate the
positions of sotl of ligh or low resistivity. Contours of resistivity can be plotted over
a given area.

The apparent resistivity for a particular sodl or rock type can vary over a wide
range of wvalues, in addition, overlap occurs between the ranges for different types.
This makes the identfication of sodl or rock type and the locaton of strata
boundaries extremely uncertain. The presence of wregular features near the surface
and of stray potentials can also cause difficulties in mterpretation. It i essential,
therefore, that the results obtamed are correlated with borehole data. The method
1z not considered to be as reliable as the seismic method.

10.6 GROUND CONTAMINATION

The scope of an mvestigation must be extended €1t 15 known or suspected that the
ground i question has been contaminated. In such cases the zoil and groundwater
may contain potentially harmful substances such as organic of morganic chemicals,
fibrous matenals such as asbestos, tomc or explosive gases, biological agents and
radicactive eletnents. The contamminant may be n solid, hoqud or gaseous form.
Chetnical contarminants may be adsorbed on the surfaces of fine sod particles. The
presence of contammnation fluences all other aspects of ground mvestigation and
may have consedquences for foundation design and the general sutabdity of the site
for
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the project under consideration. Adequate precautions rnust be taken to ensure the
safety from health hazards of all personnel worlung on the site and when dealing
with samples. During the inwestigation, precautions must be taken to prevent the
spread of contarmnants by personnel, by sutface of groundwater flow and by wind.

At the outset, possible contarmnation may be predicted from mformation on
previous uses of the site or adjacent areas, such as by certain types of industry,
minitg operations, repotted leakage of hazardous hgquds on the swface or from
underground pipelines. The wsual presence of contarmnants and the presence of
odours give direct ewidence of potential problems. Eemote sensing and geophysical
techiicues (e.g infra-red photography and conductiwity testing, respectively) can
be useful in assessing possible contarmination.

Soil and groundwater samples are normally obtained from shallow trial pits or
boreholes. The depths at which samples are taleen depend on the probable source
of contamination and details of the types and structures of the strata. Expenence
and qudgement are thus recuired in formulating the sampling programme. Solid
samples, which would normally be takeen at depth mtervals of 100-150mm, are
obtaned by means of stanless steel tools, which are easily cleaned and are not
contaminated, or i driven steel tubes. Samples should be sealed in water-tight
containers made of material that will not react with the sample. Care must be takeen
to avoid the loss of volatle contarmnants to the atmosphere. Groundwater samples
can be taken directly from tral pits, from observation pipes in boreholes or by
means of specially designed sampling probes. Water samples should be taken over
a suttable period to determine f properties are constant or vanable. Gas samples
can be obtained from tubes suspended in a perforated standpipe i a borehole, or
from special probes. There are several types of receptacle sutable for collecting
the gas. Detals of the sampling process should be based on the adwice of the
analysts who will undertalce the testing programme and report on the results.
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Chapter 11

Case studies

11.1 INTRODUCTION

There can be many uncettainties in the application of sod mechanics m geotechnical
engineenng practce. Soi 15 a natural (hot a manufactured) matenal, therefore some
degree of heterogenetty can be expected within a deposit. & ground investigation
may not detect all the vanations and geological detail within sod strata so that the
risk of encountering unexpected conditions during construction 13 always possible.
specimens of relatively small size, and subject to some degree of disturbance even
with the most careful sampling techrque, are tested to model the behawour of large
in-situ masses. Kesults obtained from ix-sifu tests can reflect uncertainties due to
heterogenetty. Consequently, judgements must be made regarding the accuracy of
soll parameters obtamed for use i design. In clays the scatter normally apparent m
plotz of undrained shear strength against depth 12 an illustration of the problem of
selecting parameters. & geotechnical design 15 based on an appropriate theotry
which mevitably invelves simplification of real soil behaviour and a simplfied scd
profile. In general, howewer, such simplifications are of lesser significance than
uncertainties in the values of the sod parameters necessary for the calculation of
quantitative  results. Detals of construction procedure and the standard of
wotkmanship can result in firther uncertainties in the prediction of sod behawionr.

In most cases of simple, routine construction the design 15 based on precedent
and serious difficulties seldom arize. In larger or unusual projects, however, it may
be destrable, or even essential, to compare actual and predicted behaviour. Lambe
[9] classified the different types of prediction. Type & predictions are those made
before the event Predictions made dunng the event are classed as Type B and
those made after the event are Type C: i both these cases no results from
observations are known before predictions are made but f observational data are
availlable at the time of prediction these types are classified as B1 and C1,
respectvely.

Studies of particular projects, as well as showing whether or not a safe and
econotnic design has been achiewed, prowide the raw matenal for advances in the
theoty and application of sod mechanics. Case studies normally inwolve the
monttoring over a penod of time of quantities such as ground movement, pore
water pressure and stress. Comparisons are then made wath the theoretical or
predicted walues, e.g the measured settlement of a foundation could be compared
with the calculated walue. If fature of a soil tass has occurred and the profile of the
slip sutface has been determined, eg in the slope of a cutting or emmbanlment, the
mobilized shear strength parameters could
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be back-calculated and compared with the test walues. Empincal design
procedures are based on ix-sify measurements, eg the design of braced
excavations 13 based on measurements of strut loads i different sodl types.

The measurements required i case studies depend on the avalabiity of sutable
instrumentation, the role of which 15 to monitor soi response as construction
proceeds so that decisions made at the design stage can be evaluated and iof
necessary revised. Instrumentation can alse be used at the ground mwestigation
stage to obtan mformation for use in design, e g detals of groundwater conditions.
However, mstrumentation 15 only justified of #t can lead to the answer to a specific
fquestion: it cannot by itzelf ensure a safe and economic design and the elimination
of unpredicted problems during construction. The observational method, described
in Section 113, 15 a set of procedures which makes use of instrumentation as patt
of a design and construction strategy or as a teans of progressing a project in
which unexpected difficultes have ansen It should be appreciated that a sound
understanding of the basic principles of soil mechamics 15 essential o the data
obtained from field mstnunentation are to be correctly interpreted. 4 selection of
studies of various construction projects 15 presented later i this chapter.

11.2 FIELD INSTRUMENTATION

The most mportant requirements of a geotechnical mstrument are reliabiity and
sensitivity. In general the greater the simplicity of an mstriment, the more reliable it
1z likely to be. On the other hand, the simplest mstrument may not be sensitve
encugh to ensure that measurements are obtaned to the required degree of
accuracy and a comprotnise tay have to be made between sensitvity and
reliabiity. Instrumentation can be based on optical, mechamcal, hydraulic,
pneumatic and electrical principles: these prnciples are lsted in order of decreasing
simplicity and reliabidity. It should be appreciated, however, that the reliability of
modern instruments of all types 15 of a high standard The most widely used
instruments for the various types of measurement are described below,

YVertical movement

The most straightforward technique for measuning surface settlement or heave is
precise leveling & stable bench matk must be established as a datum and i sotne
cases it may be necessary to anchor a datum rod, separated by a sleeve from the
surrounding sodl, i rock or a firm stratim at depth. For settlement observations of
the foundations of structures, durable levelling stations should be established in
foundation slabs or near the bottom of columns or walls. A conventent form of
station, fustrated in Fiowe 111, consists of a stanless steel socket into which a
round-headed plug 15 screwed prior to leveling After levelling the plug s removed
and the socket 15 sealed with a perspex screw. To measure the settlement due to
placement of an overlying fill, a horizontal plate, to which a vertical rod or tube i3
attached, 1z located on the ground surface before the fill 15 placed, as shown mn
Fioure 11 2(z). The lewel of the top of the rod or tube iz then determined The
settlement of the 8l itself could be determined from surface levels, generally using
lewelling stations embedded in
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concrete. Vertical movements i an underlying stratum can be determined by means
of a deep settlement probe. One type of probe, dlustrated m Figure 11.27k),
consiste of a screw auger attached to a rod which 1= surrounded by a sleeve to
izolate it from the surrounding sodl. The auger 15 located at the bottom of a borehole
and anchored at the required lewvel by rotating the immer rod The borehole i3
backfilled after installation of the probe.

The rod extensometer, shown m Figure 11.2(c), 12 a simple and accurate device
tor measuring mowement. The rods used are generally aluminium alloy tubes,
typically 1dmm m diameter. Various lengths of rod can be coupled together as
requited. The lower end of the rod iz grouted mbto the sod at the bottom of a
borehole, a ragged anchor being threaded onto the rod, and the upper end passes
inte a reference tube grouted mto the top of the borehole. The rod 15 1sclated maide
a plastic sleeve. The relattve mowvement between the bottom anchor and the
reference tube 15 measured with a dial gauge or displacement transducer operating
against the top of the rod. An adstment screw 15 fitted mnto a threaded collar at the
upper end of the rod to extend the range of measurement & mulbple rod
installation with rods anchored at different levels i the borehole enables settlernent
over different depths to be determuned. The borehole 15 backfilled after mstallation
of the emtensometer. The use of rod extensometers is not limited to the
teasuretnent of vertical movernent, they can be used i botreholes inclined in any
direction.

Settlemnent at various depths within a soil mass can also be determined by means
of a multi-point extensometer, one such dewice being the magnetic extensometer,
shown m Fioure 11.20d), designed for use i boreholes i clay. The equipment
consists of permanent nhg magnets, amally magnetized, mounted in plastic holders
which are suppotted at the required levels i the borehole by springs. The magnets,
which are coated with epoxy resin as a guard against corrosion, are mserted
around a plastic guide tube placed down the centre of the borehole. If necessary
for stability, the borehole 15 flled with bentorute slurry. The levels of the magnets
are determined by lowenng a sensor mcorporating a reed switch down the central
plastic tube. When the reed switch moves into the feld of a magnet it snaps shut
and actrvates an indicator hght or buzzer. A steel tape attached to the sensor
enables the lewel of the station to be obtamed to an accuracy of 1-2mm. Greater
accuracy can be obtaned by locating, inside the guide tube, a measuring rod to
which separate reed switches are attached at the level of each magnet, each switch
operating on a separate electrical circuit.

© 1974 1378, 1983 1987, 1992, 1997, 2004 R.F.Craig, Spon Press 2= ==



Case studies 298

Embankmeant 1
surface
{ Rod
e
|- Coupled rod m |- Sleeva
= L=,
= N
i
]
L
ol
Dtigiggl
grow
Square plale Suace
Auger
H-Lk
(b}
Readout Tapa
unit
—
..l Probe with
", reed switch

ey

Borehole —" |.*
Spring
Cireular
magnet
PVC g
ALCRSS

d)

Figure 11 2 Measurement of wertical movement: (a) plate and rod,
{b) deep settlement probe, (c) rod extensometer and {d)
magnetic extensometer.

The measunng rod, which consists of hollow stainless steel tubing wath the electrical
witthg  tunning  inside, 15 drawn upwards by means of a measuring head
mcotporating a screw micrometer, the level of each magnet being determined in
turn. As a precaution against fallure, two switches may be mounted at each lewvel
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The settlement of embankments can be measured by means of steel plates wath
central holes which are threaded over a length of vertical plastic tubing and lad, at
various levels, on the surface of the fill as it 15 placed. Subsequently, the levels of
the plates are determined by means of an induction cod which 12 lowered down the
inside of the tubing.

Hydravlic settlement gauges, which are used mamly in embankments, provide
another means of determiming vertical movement In principle the hydrauhc
overflow settlernent cell (Fioure 11.3) conststs of a TT-tube wath imbs of unequal
height: water overflows from the lower imb when settlement ocours causmg a fall in
water level, equal to the settlement, in the higher limb. The cell, which iz cast mto a
concrete block at the chosen location, consists of a sealed rigid plastic cylindrical
container housing a vertical tube achng as an overflow werr. Polythene-coated
nylon tubing leads from the werr to a vertical graduated standpipe remote from the
cell. & drain tube leading from the base of the cell allows overflow water to be
removed and another tube acting as an ar vent ensures that the interior of the cell s
matntained at atmospheric pressure. The water tube 13 filled with de-atred water
untl it overflows at the weir. The standpipe 18 also filled and, when connected to
the water tube from the cell, the water level i the standpipe wall fall unti it 13 equal
to that of the wer De-atred water 15 used to prevent the formation of air locks
which would affect the accuracy of the gauge. The use of back air pressure appled
to the cell enables it to be located below the level of the manometer. The systemn
gives the settlement at one point only but can be used at locations which are
ihaccessible to other dewices and 12 free of rods and tubes which might interfere
with constructon.

Horizontal movement

In principle the honzontal mowvement of stations relative to a fized datum can be
measured by means of a theodolite, using precision surveying techtniques. However
i many situations thiz method 15 wnpractical due to site conditions. MMovement i
otie particular direction can be measured by means of an extensometer, of which
there are several types.
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The tape extensometer (Figure 11400 15 used to measure the relative
mowvemnent between two reference studs with sphenical heads, which may be
permanent or demountable as shown m Figure 11 4{a). The extensometer consists
of a stanless steel measunng tape with punched holes at equal spacings. The free
end of the tape 15 fized to a sprng-loaded connector which locates onto one of the
spherical reference studs. The tape reel 15 housed mn a cyhndrical body
mcorporating a sprng-tensioning device and a digital readout display. The end of
the body locates onto the second spherical stud. The tape 15 locked by engaging a
pin 1 one of the punched holes and tension appled to the spring by rotating the
front section of the body, an indicator showang when the required tension has been
applied. The distance iz obtatned fom the reading on the tape at the pinned hole
and the reading on the digital display. An accuracy of 0. lmm 15 possible.

For relatvely short measurements a rod extensometer (Figure 11.4(0ch)
mcorporating a micrometer can be uzed The mstriment consists of a micrometer
head with extension rods of different lengths and two end pieces, one with a contcal
seating and another with a flat surface, which locate against sphencal reference
studs. The rods have precision connectors to fumtrize errors when assembling the
device. An appropriate gauge length 15 selected and the micrometer 15 adjusted untl
the end pieces make contact with the reference studs. The distance between the
studs 15 read from the graduated ticrometer barrel A typical rod extensotneter can
measure a masgmutn movernent of 25mm,

The tube extensometer (Figure 11.40d0 operates on a stmilar principle. One end
piece has a comcal seating as abowe, the other consists of a slotted tube with a cod
spring mside. The slotted end piece 13 placed over one of the sphencal reference
studs, compressing the spring and ensunng finm contact between the second stud
and the conical end piece at the other end of the extensometer. The distance
between the outside end of the slotted tube and the reference stud 15 measured by
means of a dial gauge enabling the movement between the two studs to be
deduced. Movements up to 100mm can be measured using a tube extensometer.

WVarious extensometers using transducers have also been developed. One such
instrument uses a wibrating wire stratn gauge, the diagram of which iz shown in
Figure 11.5. The wire i3 made to oscillate by means of an electromagnet sitnated
approzmately lmun from the wire, The oscillation mduces alternating current, of
frequency erual to that of the wire, in a second magnet & change in the tension of
the wire causes a change m its frequency of whration and a cotresponding change
in the frequency of the nduced current. The meter recording the output frequency
can be calibrated i unts of length. One end of the dewice 1 fized to the first
reference point by a pinned connector, the other end consisting of a sliding head
which moves with the other reference point. The wibrating wire 15 fized at one end
and 1z connected to the mowing head through a tensioned sprng When a
displacement occurs there 15 a change i spring tension resulting, i turn, i a change
in the frequency of whbration of the wire which 15 a finction of the movement
between the reference points. MMowvements of 200tmm can be measured to an
accuracy of 0. lmn A number of extensometer units can be jomed together by
lengths of connecting rod to enable movements to be measured over a considerable
length.

The potentiometric  extensometer consists of a  rectlinear resistance
potentiometer inside a cylndncal housing filled with ol Contacts attached to the
piston of the
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Figure 11 4 Measurement of horizontal movement: (a) reference
studs, (b} tape extensometer, () rod extensometer and {d)
tube extensometer.

extensormeter siide along the resistance wire. The piston position 18 determined by
means of a noll balance readout unit calibrated directly i displacement units.
Extension rods coupled to the mstnument are used to give the required gauge
length. Mowvements of up to 300mm can be measured to an accuracy of 0 Zmim.
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Horizontal movements at depth wathin a sodl mass can be deterrmined by means of
the mchnometer, lustrated i Figure 11 6(a). The strument operates mside a
vertical {or nearly vertical) access tube which 15 grouted mto a borehole or
embedded within a fill, enabling the displacement profile along the length of the tube
to ke determined. The tube has four internal key ways at 20° centres. The
mchnometer probe (known as the torpedo) consists of a stanless steel casing which
houses a force balance accelerometer. The casing 18 fitted with two diametnically
oppostte spring-loaded wheels at each end, enabling the probe to travel along the
access tube, the wheels bemng located m one pawr of keyways, the accelercmeter
sensing the inchination of the tube in the plane of the keyways. The principle of the
force balance accelerometer 15 shown m Figure 11.6(c). The dewice conststs of a
mass suspended between two electromagnets—a detector cod and a restoring cod
& lateral movement of the mass induces a current in the detector cod The current 1s
ted back through a servo-amplifier to the restoring col which tnparts an
electromotive force to the mass equal and opposte to the component of
gravitational force which causes the wutial movement. Thus the forces are balanced
and the mass does not, in fact, mowve. The voltage across a resistor in the restoring
circutt 18 proportional to the restonng force and, m turn, to the angle of tilt of the
probe. This voltage 13 measured and the woltmeter can be calibrated to give both
angular and horizontal displacements. The wertical position of the probe iz obtained
from graduations on the cable attached to the dewice. Use of the other par of
keyways enables movements m the orthogonal direction to be deterrmined
Eeadings are taken at intervals f4) along the casing and honzontal movement 1s
calculated as shown i Figure 11 6(k). Dependmng on the readout equipment,
movwements can be determmmed to an accuracy of 0. 1mm.

The slip indicator 15 a simple dewice to enable the location of a shp surface to be
detected. & flesable plastic tube, to which a baseplate 1z attached, 15 placed i a
borehole. The tuke, typically 25mim in diameter, 15 surrounded by a stiff sleeve. The
tube 1z surrounded with sand, the sleeve being withdrawn as the sand iz mtroduced.
& probe at the end of a cable 13 lowered to the bottom of the tube If a shp
movement takes place the tube will deform. The postion of the shp zone is
detertnined both by raising the probe and by lowering a second probe from the
sutface untl they meet resistance.
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Figure 116 Inclinometer: {(a) probe and gude tube, (b) method of
calculation and (c) force balance accelerometer.

Pore water pressure

Predicted values of pore water pressure can be venfied by in-sifn measurements.
In-gitu pore pressures may be used, for example, to check the stabiity of slopes
both during and after constniction by monttonng the dissipation of excess pore
water pressure. Pressure i3 measured by means of piezometers placed in the
ground.
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A piezometer consists of an element, filled with de-atred water, and
mcorporating a porens tip which prowides continuity between the pore water in the
sotl and the water within the element. The element 15 comnected to a pressure-
measuring systern. A high atr-entry ceramic tip 15 essential for the measurement of
pore water pressure in partially saturated sodls (e.g compacted fills), the air-entry
value beimg the pressure difference at which ar would bubble through a saturated
filter. Therefore the ar-entry value must exceed the difference between the pore ar
and pore water pressures, otherwise pore air pressure will be recorded. & coarse
porous tip can only be used if it 15 known that the sod 1z fully saturated. If the pore
water pressure 15 different from the pressure of the water in the measuring svstem, a
fow of water into or out of the element will take place. Thiz, in turn, results i a
change m pressure adjacent to the tip and consequent seepage of pore water
towards or away from the tip. Measurement involives balancing the pressure in the
measuring system with the pore water pressure in the wicinty of the tip. Howewer
the tune taken for the pressures to equalize, known as the response tume, depends
on the permeability of the soi and the flesability of the measunng system. The
response time of a piezometer should be as shott as possible. Factors governing
flesability are: the wolume change required to actuate the measuring dewice, the
expansion of the connections and the presence of entrapped air. 4 de-atring umt
fortns an essential part of the equipment: efficient de-awring dunng mstallation is
essential if errors i pressure measurement are to be avoided. To achieve a rapid
response time in soils of low permeability the measuring system must be as stff as
possible, requiring the use of a closed hydraulic systetn in which wirtually no flow of
water 15 required to operate the measuring device.

Three types of piezometer for use with a closed hydraulic system are fllustrated
in Fioure 11.7 The piezometers consist of a brass or plastic body mnto which a
porous tip of ceramic, bronze or stone 15 sealed. Two tubes lead from the device to
the measunng instrument, which may be a Bourdon gauge, a mercury manometer
of a transducer. Tse of a transducer enables results to be recorded automatically.
The tubes are of nylon coated with polythene, nvlon bemg mmpermeable to ar and
polythene to water.

Embankment tip

Borehole tip E:E?s?'lgg;;; P

Figure 117 Plezometer tips.
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The two tubes enable the system to be kept air-free by the penodic circulation of
de-ared water. Allowance must be made for the difference m level between the tip
and the measunng instnument, which should be sited below the tip whenever
possible.

The pneumatic piezometer, represented diagramatically m Figure 115,
imcorporates a flexble diaphragm within the body of the unit, close to the porous
tipp, and has a rapid response time due to its neghaible lesbility. The water pressure
on one stde of the diaphragm iz balanced by pneumnatic pressure, generally applied
by air or nitrogen, on the other side. Gas milet and outlet tubes lead through the
body of the transducer, terrinating at the diaphragrm. Tutially the water presses the
diaphragm aganst the body, closing the ends of the mlet and outlet tubes. Gas 13
introduced at a low rate of flow and when its pressure st exceeds that of the
water the diaphragm iz pushed outwards allowing gas to flow into the cutlet tube.
The pressures are then m balance, the wvalue being read from a pressure gauge
attached to the mlet tube.

The wbrating-wire plezometer also emplovs a diaphragm housed within the unit.
& steel ware mn tension iz Hxed to the back of the diaphragm. Deflection of the
diaphragm due to a change i water pressure causes a change in the tension of the
wire and a corresponding change i the frequency of wibration. The frecquency
meter can be calbrated m umts of pressure. Agam, because the sensor 15 adjacent
to the porous tip, the flesability of the system 15 negligible and the response time is
rapid.

It the sod 1z fully saturated and the permeability 15 relatively hugh, pore water
pressure can be determined by measuring the water level m an open standpipe
sealed i a cased borehole, as shown ih Fioure 11,9 The water lewel is normally
determined by means of an electrical dipper, a probe with two conductors on the
end of a measuring tape: the battery-operated cirowt closes, tnggenng an indicator,
when the conductors come into contact with the water. The standpipe 18 normally a
plastic tube of 50mm diameter or smaller, the lower end of wlich 1z ether
petforated or fitted with a porous element. & relatively large wolume of water must
pass through the porous element to change the standpipe level, therefore a shott
response time will only be obtathed i sodls of relatively high permeability. Sand or
fine gravel 1z packed arcound the lower end and the standpipe 15 sealed i the
borehole with clay (generally by the use of bentonite pellets) immediately abowe the
lewel at which pore pressure is to be measured. The remainder of the borehole i3
backfilled with sand except near the

Gas flow
Gas supply  controller
—

Gas flow meter
{orat x )

Pﬂt'i'g"'s Transducer
7 £-body Pressura
LI
7 gauge
}) }
3-, »
al Went to

ube atmosphere
Flexible diaphragm

Figure 11§ Pneumatic plezometer.
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Figure 11 9 Open standpipe pezometer.

surface where a second seal 13 placed to prevent the inflow of surface water. The
top of the standpipe 15 ftted with a cap, again to prevent mngress of water. The
piezometer llustrated in Figure 11.9 15 a type first developed by Casagrande. Open
standpipe piezometers which can be pushed or drven into the ground hawve also
been developed.

Total normal stress

Total stress in any direction can be measured by means of pressure cells placed in
the ground. Cells are normally disc-shaped and house a relatvely stiff membrane in
contact with the sed. Such cells are also used for the measurement of soil pressure
on structures. It should be appreciated that the presence of a cell, as well as the
process of nstallation, modifies the in-sifn stresses due to arching and stress
redistribution. Cells must be desioned to reduce stress modification to within
acceptable lumits. Theoretical studies hawve mdicated that the extent of stress
modification depends on a complex relationship between the aspect ratio (the
thicknessidiameter ratio of the cell), the flestbiity factor (depending on the sodfcell
shffhiess ratio and the thickness/ diameter ratio of the diaphragm) and the sod stress
ratio (the ratio of stresses normal and parallel to the cell). The central deflection of
the diaphragm should not exceed 155000 of its diameter and the cell should have a
stff’ cuter ring. Cell diameter should also be related to the massmum particle size of
the sod

There are two broad categonies of matrument, known as the diaphragm cell and
the hydraulic cell, represented m Figure 11.10. In the first category the deflection of
the diaphragm 18 measured by means of szensing dewices such as electrical
resistance stramn gauges, hnear transducers and wbrating wires, the readout in each
case being calbrated i stress units. In the hydraulic cell, which normally consists of
two stanless steel plates welded together around their peniphery, the mtenior of the
cell bemg filled with oal The o pressure, which 15 equal to the total normal stress
acting on the outside of the cell, 15 measured by a transducer {generally of the
preunatic of hydraulic type) connected to the cell by a shott length of steel tubing
Thin spade-shaped cells, which can be jacked mto the sod, are usefil for the

measuremnent of ix-sifn honzontal stress.
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Figure 1110 (a) Diaphragm pressure cell and (h) hydraulic
pressure cell

Load

The cells described above can be calbrated to measure load, the hydraulic type
being the most widely used for this purpoese. Such cells are used, e.g., in the load
testing of piles and the measurement of strut loads in braced excavations. Cells with
a central hole can be used to measure tensle loads m tie-backs The use of
sutface-mounted strain gauges (e.g electrical resistance or wibrating wire) 18 an
alternative method for the measurement of load i strutz and tie-backs. Load cells
based on the principle of photo-elasticity are alse used. The load 15 appled to a
cylinder of optical glass, the corresponding strains producing interference fringe
patterns which are wisible under polarized lght The number of finges iz observed
by means of a ftinge counter, the load bemg obtaned by multiplying the fhinge count
by a calibration factor. Another method of determining the load i a stuctural
metnber such as a tie-back iz by using a tell-tale. A tell-tale 15 an unstressed rod
attached to the member at one end and running parallel to . The change i length
of the member under load 12 measured using the free end of the tell-tale as datum.
The load can then be deterrined from the change i length prowded the elastic
moduluz of the member 15 known,

11.3 THE OBSERVATIONAL METHOD

The math uncertamties m gectechnical prediction are the degree of waration and
contitnity of strata, pore water pressures (which mav be dependent on macro-
tabnic features) and the values of sod parameters. Standard methods of coping with
these uncertamnties are the use of an excessive factor of safety, which 1z
uneconomic, and the making of assumptions related to general expenence, which
wnores the danger of the unexpected. The observational method, as described by
Peck [11], offtrs an alternative approach. The method 13 one of the design
approaches listed in Eurocode 7 by which it can be venfied that no relevant lirmit
state 1z exceeded.

The philosophy of the observational method 15 to base the design imtally on
whatever mformation can be obtained, then to set out all concervable differences
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between assumphions and reality. Calculations are then made, on the basis of the
original assumptions, of relevant quantities which can be measured reliably in the
field, e g settlement, lateral mowement, pore water pressure. Predicted and
measured values are compared as construction proceeds and the design or the
construction procedure is modified if necessary. The engineer must have a plan of
action, prepared i adwance, for every unfavourable situation that observations
tight disclose. It 15 essential, therefore, that the appropriate mstrumentation to
detect all such sttuations should be mstalled. If, howewer, the nature of the project 12
such that the design cannot be changed during construction if certain unfavourable
condiions arize, the method 15 not applicable. In such circumstances a design
kased on the least favourable conditions conceved must be adopted even if the
probabiity of their ocourrence 15 very low. If an unforeseen event were to arise for
which no strategy emsted, then the project could be in senous trouble. The
potential advantages of the method are; sawngs m cost, sawngs m tme and
assurance of safety.

There are two distinct stuations i which the method tay be appropnate. (1)
Projects m wlach use of the method 15 enwsaged from concephion, known as ab
ixitio applications. It tay be that an acceptable working hypothesis 12 not possible
and that use of the observational method offers the only hope of achiewing the
obiecttve. (2) Stations m which circumstances anse such that the method 1z
necessary to ensure successfil completion of the project, known as best-way-out
applications. It should be appreciated that projects do go wrong and the
observational method may then offer the only satisfactory way out of the difficulties
encountered.

The comprehensive application of the method mvolves the followmg steps. The
extent to which all steps can be followed depends on the type and complexity of
the project.

1 Investigation to establish the general nature, sequence, extent and properties of
the strata, but not necessarily in detail

2 Assessment of the most probable condibons and the most unfavourable
concetvable dewations from these conditions, geclogical conditions usually being
of major tnpottance.

3 Design process based on a worlung hypothesis of behawour under the most
probable conditions.

4 Selection of quantiies to be observed as construction proceeds and calculation
of their antictpated values on the basis of the working hypothesis.

5 Calculation of values of the same quantities under the most unfavourable
condittons compatible with the avalable data on ground condiions.

& Decision i advance on a course of action or design modification for every
conceivable dewiation between observations and predictions based on the
wotking hypothesis.

7 Measurement of quantities to be observed and evaluation of actual condiions.

8 Modfication of design or construction procedure to suit actual condibions.

A stmple example, given by Peck, of the uze of the method planned from the design
stage i3 the case of a braced excawvation in clay, with struts at three levels. The
excavation, to a depth of 14m, was for the construction of a buidding m Chicago.
The design of the struts was based on the trapezoidal diagram (Figure & 33040,
which iz an envelope of strut load measurements repotted from a variety of sites.
Fora
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patticular site, therefore, most of the struts could be expected to carry loads
significantly less than those predicted from the diagram. For the stte i question the
struts were designed for loads equal to two-thirds of those given by the diagram
atd the load factor used was relatively low. On this basis a total of 39 struts was
requited. The probabiity then emsted that a few struts would be overloaded
(reaching loads around the wvalues given by the diagram) and would fal The
procedure adopted was to measure the loads ih every strut at critical stages of
construction and to have addiional struts avalable for wnmediate msertion if
necessaty. Only three additional struts were required. The extra cost of monitoring
the loads and m having additional struts avadable was low compared to the overall
saving it using struts of smaller section. The procedure also ensured that no strut
became ovetloaded. If a much higher mumber of additional struts had been required
the overall cost tmght have been lugher and construction mught have been delayed

but such a nisk was judged to be mintmal.

11.4 ILLUSTRATIVE CASES

Bearing capacity failure

This case concerns the collapse m 1955, dunng wihal flng, of a remforced
concrete grain elevator near Fargo, MNorth Dakota, reported by Nordlund and
Deere [10]. The structure consisted of 20 eylindrical storage bins 27m high, i tweo
rows of 10, constructed on a raft foundation §6x 16m located at a depth of 1.8m.
The thickness of the raft was 0.7m except for the outer 0. %m which wasz 1.3m
thick. The profile of sod heave which occurred at the south side of the elevator
during collapse 13 shown in Figure 11.11{a). The pattern of heave mdicated that sl
displacement and settlernent were greater at the west end of the structure than at
the east end It was established from loading records that the average net

toundation pressure at collapse was 228kNim? but due to unedual loading in the
binz the total load was appled at an eccentnicty of around 1.0m from the centroad
of the raft. Because of the relative rigidity of the structure, the pressures at the

corners varied between 206 and 250k1/m? as a result of this eccentricity: the two
highest pressures occurred at the west end of the structure where the sod
displacement was greater. Settlement measurements had been taken by leveling
but only after apprommately 20% of the live load at fathure had been applied. The
recorded settlements of the centre of the raft are shown in Fioure 111100, the last
ohservation bemg taken 4 days before collapse.

Subszequent to collapse the ground condiions were wvestigated by means of
three botreholes at the locatons shown m Figwre 11.110a). The mwestgation
showed the presence of four distinct strata. The strata, denoted 4 to D respectively
in Figure 11.110a), were as follows: sty clay (within which shrinkage cracks were
evident); stratified clay and sit; fine sand (nterbedded with st and sdty clay i its
lower reaches); and a deep deposit of clay (with a weathered crust owver the upper
1.5m). Tube samples of 47mm diameter were taken at frequent mterwvals i the
cohestve strata and standard penetration tests were performed mn the sand. Je-sifu
vane tests were also commissioned. The probable falure surface, shown in Fioure
11.11{a), was identfied from the extent of the heave area and from the posthion of
a zone of remoulded clay
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encountered in the second borehole. This borehole was uncased below a depth of
Tm and difficulty was expenenced m advancing the boring at a depth of around
15m due to soft soil being squeezed into the hole: it was assumed that this 2o had
been remoulded by the slip movement.
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In the laboratory, unconfined compression and vane tests (on samples retained
within the samplng tube) were petformed. Conschdated undramned triasal tests
were performed on specimens from borehole 1 only. Values of undramed shear
strength obtatned by the different test methods for samples from borehole 1 are
gven m Froure 11.111(c), the dotted line representing the results from consclidated
undrained tnamal tests. Unconfined compression tests on spectmens that had not
been trimmed prior to testing showed significantly lower strength than that for
tnmmed specimens, the difference probably being the result of sample disturbance
and swelling (although MNordhind and Deere were uncertain that thiz was the case).
The stramns at falure in the various laboratory tests varied between 1.25 and 8%
strength values mobilized at 1.25% strain were used i the analysis because the
tazmrmun shear strength of each stratum would not be mobilized simultaneously
along a fadure surface. Although the test results mdicated a shight mcrease m shear
strength with depth, a constant distribution was used i analysiz. Nowadays it iz
unlikely that unconfined compression tests would be used i such an investigation—
unconsohdated-undrained triamal or ix-sifn vane tests would be employed.

The application of beanng capacity theory to this case 18 not straightforward due
to the presence of the layer of sand (stratum ). Based on the standard penetration
resistance (A within this layer, which vaned within the range 5—13, Nordlund and
Deere assumed a value of shear strength parameter @' of 25% however, based on
Figure 8.9, a value of 30° would have been more realistic. The shear strength

within the sand layer was calculated as the average value of &' tan @ over the
depth of sand mntersected by the falure surface, as shown m Figure 11.11{a),
adopting the satne principle as 15 used in the method of shices i slope stability
analysis. Uaing this procedure a shear strength of 30k /m® was obtained and this
was concetved to be an equivalent ¢ value. The strength profile used in the

analysis of the faure 15 shown in Figure 11.11(c), the average value of £, OVer a

depth of 5B (where B 1z the width of the raft) bemng A6k, The exercise of
considerable udgement was required i deciding the appropriate shear strength
distribution.

In stratfied deposits the use of Skempton’s walues of bearing capacity factor
(M) 12 considered to be appropriate only if the value of ¢, of any stratum is within

50% of the average walue of all strata within the sigificant depth of the foundation.
such a condiion 15 not met i this case. An effect of the above condition 13 to
reduce the influence of progressive failure due to diferent failure strains in the
indindual strata. However, because differences i stress—stram characteristics of
the strata were considered i deciding average strength wvalues, the use of
Skempton’s approach was considered to be qustfied For a foundation of
dimensions 56x 16m at a depth of 1.8m (B/L = 0.24 and D/B =0.120%he value of

N_ from Figure 8.5 is 5.4. Thus the net ultimate bearing capacity (€u/Ve = 70 ig

250kM/m?. This cotresponds exactly to the highest net foundation pressure at a

corner of the elevator but 15 greater than the average pressure of 228k im?.

Thus an analysis m advance of construction, using the average foundation
pressure, would have indicated a factor of safety of only 1.1, Even wath the most
optitristic interpretation of the shear strength data, it 15 clear that the factor of safety
would have been madequate and that an alternative foundation design would have
been required, perhaps inwolving partial loading for a penod long enough to allow
some consolidation, and a cotresponding increase in shear strength, to take place.

Piling would have
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been a satisfactory solution but would have increased the cost of the structure. The
settlement data cleatly ndicated that falure was mmmmment but no action was taken:
immediate unloading would have prevented collapse. Fortunately beanng capacity
talures are rare and it 15 difficult to imagine that the circumstances of this falure
would occur i present tunes: even the simplest mvestigation and testing programme
would have shown that the factor of safety was dangerously low.

Foundation settlement in clay

This case, reported by Somerwlle and Shelton [13], concerns the settlement
petformance of st 15-storey blocks of flats at two sites in Glasgow. The sites le
over a buried river channel, the ground imvestgations showing alluwmal deposits of
firm laminated clays and sitts, undetlamm by glacial depostts of stff sandy clay with
grawvel, cobbles and boulders. Piled foundations would notmally have been used in
such conditions but, because of the presence at a deeper level of coal measures
which had been extensively mined, it was considered inadwnszable to inpose
concentrated loading on these strata by pdes terrnating a shott distance above.
The solubion adopted was the use of semi-buoyant cellular raft foundations to
reduce the net foundation pressure on the clayvs and silts to a wvalue which would
give at adequate factor of safety against shear falure and which would Lt long-
term settlement to 65—75mm, a it mmposed by the structural engineer on the basis
of tolerable differential settlement. Prowision was also made for the jacking of each
structure from the cellular raft to cotrect any distortion which might result from
future mining subsidence. Settlement observations were made during construction
and over the subsequent 2 vears to compare predicted and actual values.

The soil profile for one of the sites (Parkhead) 15 shown m Figure 11.120a)
Values of undrained shear strength (¢, ) were determned by means of triaxal tests

on undisturbed samples and im-sifn vane tests. Values of coefficient of volume
compressibility (2 ) were obtamed from oedometer tests. Distnbutions of ¢, and

", with depth are also shown in Figure 11.12(a), the scatter of £, values being

patticulatly pronounced.
The raft was located at a depth of 4.3m and the gross foundation pressure

inposed by the structure was 135K /m?, Taking the average unit weight of the

soils as 19kM/r” the net foundation pressure, therefore, 1z 535k, The plan of
the raft, detaled in Figwe 11 12(k), can be apprommated to a rectangle of the
same area having dimensions of 335 and 22 2m. Consolidation settlements at the
centre of the raft and at the mid-point of the longer side, calculated by the one-
dimensional method, are 57 and 30mm, respectively. For a foundation breadth of
22.2m and a depth of consohdatng soil of 13.5m, it would be appropriate to
multiply the abowe settlements by a settlement coefficient fic)s in the absence of a
value of pore pressure coefficient A, a settlement coefficient of 0.85 was judged to
be appropriate, reducing the calculated settlements to 45 and 25mm, respectively.
Howewer, these walues wnply that the foundation 1s flemible, whereas the cellular raft
i this case 15 stff Thus the settlement distribution across the breadth of the
structure would be expected to be less extreme, bemng less than the calculated walue
at the centre and greater than the calculated walue at the edge. In the absence of
realistic values of undramed modulus (& ), Somerville and Shelton assumed that

wmme diate settlement would be 20% of consolidation settlement, 1e. 10 and Srm,
respectively. Consideration was also given to the rate of
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data and (b} settlement contours. (Reproduced from
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settlement of the foundation but because radial dramnage would be sigmficant due to
the fact that the clay and silt were larnated, use of Terzaght's theory was
mappropriate. However a value of coefficient of consolidation (z_) was deduced
from published settlement—time observations of a storage tank foundation on sirralar

sofls th Kent Uasing this walue (7F Bﬂmzfjrear) it was estimated that 20% of
consolidation settlement would have takeen place after 9 months.
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& check was made on the factor of safety agamst shear fatlure. The relevant
foundation dimensions are depth (20 4 3m, breadth (8) 22 2m and length ¢7)
33.5m; thus P/B=0.19 and B/L=0.66 The appropriate value of bearng
capactty factor M, therefore, 15 585 Eefernng to the distribution of undramned

shear strength (z, ) with depth shown i Figure 11.12(a) and selecting a worst-

conceivable walie of 30kMim®, the net ultimate hearing capacity 18
30 > 5.85 = 175kN/m*  Therefore the factor of safety is 175/53.5= 3.3 which is

satistactory. UTsing a more reahishc value for £, of, say, EDH\T.-’mE, the factor of
safety would be m excess of 6.

settlement observations were made by means of levelling, using plugs screwed
inte soclkets set into a munber of columns Levels were recorded at intervals of
approzmately 2 months. The observations showed that settlements did not exceed
the predicted waluez and that 90% consolidation settlement occurred after
approxmmately 12 months. Masmrm settlements of the three blocks at the site i
gquestion were 322, 46 and Slmm, minmum settlements were 23, 23 and 24mm,
respectively. Settlement contours are shown in Fioure 1112000 and indicate shght
tilting of the foundations: masmum angular distortions of 1/1280, 17350 and 1/550,
respectively, can be deduced The study showed that acceptable settlement
predictions were made.

Foundation settlement in sand

The settlement performance of a raft foundation supporting a 13-storey building in
Belfast was observed by Stuart and Graham [14] The raft, which carries a net

foundation pressure of 16141 /m? ithe net load being 12104, has a length (L) of
S5mm, a breadth ¢B) of 20m and 15 located at a depth of 6m below final ground
lewel It was established from boreholes adjacent to each end of the structure that
the soil condiions consisted of apprommately 25m of glaciodacustnne sands and
oravels undetlain by hard boulder clay, as detaled in Fioure 11.13(a), the water
table being at a depth of around 9m. The results of standard penetration tests are
also shown The ongmal design was based on the Terzaghi and Peck method, the
criterion being that the masrmimn settlement for a raft should not exceed S0mm.
This crterion 15 met by doubling the pressure derwed from Figure 210, the
resultant value then being multiphed by the water table correction factor (Equation
2161 Conwversely, if the above foundation pressure i3 halved and dinded by the

water table correction factor, calculated to be 067, a walue of 12062 i
obtathed and it 15 apparent from Figure 8,10 that an average & value of 14 over a
depth of 20m (&) below foundation level would result m an acceptable design,
Loose sand, with A walues as low as &, was located at foundation level, especially
at one end of the raft, and it was decided to excavate this matenal and replace it
with lean concrete over depths varyng between 2.3 and 0.5m.

The average wvaluezs of standard penetration resistance (AD, corrected for
overburden pressure (using Figure 2.8, for the two boreholes are 19 and 21
{although values were not available over the full depth of B below foundation level),
Tsing the lower average value of 19 in Figure 8.10 and extrapolating to 8= 20m,

a pressure of 180kM/m? is obtained. Doubling this value for a raft and multplying
by the water table correction factor welds an allowable bearing capacity of

240k M/m?. The settlement under an actual pressure of lﬂlklﬂmz, therefore,
should ke well within the design criterion.
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1173 Foundation settlement i sand: (&) soi profile and test
data and (b} settlement ohservations. (Reproduced from
I.G Stuart and T Graham (1975 Settlement performance
of a raft foundation on sand, in Settlement of Structures,
hy pertnission of Thomas Telford Lid)

It should be recalled that the Terzaght and Peck method i3 not mtended to weld
actual settlernent walues.

Tzing the Burland and Burkidge method (which, of course, post-dates the
project in question) the value of mfluence depth (z;) for B =20m 15 10m (Figure
8.1 The average (uncorrected) value of M between depths of & and 16m1s 23,
grving a value of
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Ic (Equation #.18) of 0.021 and a settlement (Equation 8 1%¢) of 9mm, it being

assumed that the lower strata are owverconsolidated. However thiz value must be

multiphed by the shape factor 7 (Equation 8 200, the value of which 15 1.31. Thus

the calculated settlement 15 12mm.

Settlement points were established by castng stanless steel pegs into the
basement floor and observations were made by means of a level fitted with a
parallel plate micrometer. However access to the basement became difficult and
pegs were madwvertently displaced with the result that there was considerable
uncertainty about the accuracy of the readings towards and shortly after the end of
construction, as 15 apparent from the settlement—time plot. Later observations were
taken on pegs at ground level The datum for levelling was a bench mark on a
nearby bulding constructed 4 wears eatlier on pied foundations. This datum, in
turn, was checked at regular mtervals aganst Ordnance Survey benchmarls and
was found to be rising at the rate of about 1.5mm per year the settlement
observations were adjusted accordingly. The average settlements recorded for the
two ends of the buldmg over a period of 12 years, together with the loading
detalls, are shown m Fioure 11,1500, At the end of construction the settlements at
the two ends of the foundation were 5 and 12mm (a difference of 7mm). After the
end of construction, settlement continued at a constant rate, probably due to creep.
The observations confinm that the Terzaghi and Peck method 13 excessively

conservative.

Pre-loading

It may be necessary to locate groups of il storage tanks on sttes undetlam by soft
compressible  sotls.  Large long-term  consolidation  settlements  would  hbe
unacceptable and the use of pied foundations would normally be ruled out on
econotmc grounds. One possible selutton would be to pre-load the newly
constructed tanks for an appropriate penod by filling themn waith water and allowing
most of the settlement to take place before the tanks are brought mto serwice
{Tanks are usually water-tested for leakage m any event) The pre-load may have
to be applied in increments to avold undrained shear falure of the supporting sodl.
Az consolidation proceeds, the shear strength of the sol increases, allowing firther
load mecrements to be apphed The rate of dissipation of excess pore water
pressure can be monitored by mstalling piezometers below the tanks, thus providing
a means of controlling the rate of loading. It should be appreciated that differential
settlement will occur if non-uiform sol condibions exst and re-levelling of the tanks
may then be necessary at the end of the pre-loading peniod. If'the compressible soil
were of imited depth, ancther possible solution to the settlement problem would be
to excavate and replace it with compacted fll. If the level of the site were to be
raized, the fill used might itself prowde sufficient pre-load prior to construction of
the tanks.

An example of water pre-loading, reported by Darragh [2], occurred during the
construction of ower 100 tanks at the Pascagoula refinery on the coast of
Whizsizsippt. The soll condiions at the site consisted of 2 .0m of silty sand underlain
by 4.8m of soft clay of very high plastictty and 12.0m of firm sandy clay, dense
clayey sand and stff clay. Further deposits of clay occurred below this level
Parameters determined for the soft clay were ¢, = 20-28kN/m*, C. = 1.0 and

oy = 10,93 IH::'}'EUJ'_ The section 1o
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Fioure 11.14{a) shows a tank 38m in diameter and 14 5t in height constructed on
a berm of sty sand The final settlement under the centre of this tank was
calculated as 200mm (and approxmately half this value under the edge), two-thirds
of which was due to consolidation of the soft clay. Iritially three tanks were pre-
loaded and cbservations of settlement, lateral movement and pore water pressure
were made. Leveling points were established on the sides of the tanks and on the
adjacent ground surface, the ground points also being used for measurements of
lateral mowement. Lateral movements within the soft clay were detenrmined by
means of four inchnometers below the edge of each tank. Piezometers were
mstalled at different levels m the soft clay to measure pore water pressure below
four points around the rim of each tank.

The tanks were filled with water icrementally over a period of about 10 months,
as wdicated m Figure 11.14(b). Based on observations dunng the first two
increments, the rates of settlement, lateral movement and pore water pressure
dissipation were estimated, by extrapolation, for subsequent imcrements. Each
increment was held for a period long enough to ensure that pre-determined values
of settlement, lateral movement and pore water pressure were not exceeded.
During the test penod, however, settlements were well below the perrtted values
and cdifferential settlements were small The mammum and mintmum settlements
recorded for one of the tanks are shown i Figure 11 14(b) along wath the
predicted  settlement—tume curve, the predicted curve bemng developed by
extrapolating the observed setflements dunng the early stages of loading In
developing this curve it was assumed (1) that the rate of settlement was
propottional to the square root of time as fitted to the observations dunng the first
increment and the early observations of the second mcrement and (20 that
settlements under subsequent merements were directly proportional to load.
Subsequent back-calculation indicated that the observed settlements could have
been predicted by elastic theory using an undramed modulus of 200¢ and the rate

of settlement by a value of ¢ of approxzmately twice the average laboratory value.

Eeadings from one of the piezometers at the centre of the soft clay, showing the
development and dissipation of excess pore water pressure, are also shown mn
Figure 11.14(b). Using observed increases i pore water pressure under load
increments, values of pore pressure coefficient A were calculated from Equation
4 25 At the higher loads the results mdicated that A approached the falure value
obtained i undrained tnasial tests on spectmens of the soft clay, Although there are
uncertamties in such compansons (e.g mn the calculaton of Asy i Equation 4.25),

the observed pore water pressures indicated that the factor of safety agamst shear
failure was relatively low. The inchnometer readings (Fizure 11 14(c)) ndicated
tnazrmn lateral movernents of around 175 and S0imm, respectively, at the top and
bottom of the soft clav layer. Under a given load, lateral movement consisted of
both elastic and plastic components. The rate of plastic movement decreased at the
higher loads, mdicating increased shear strength due to consolidation of the clay
under previcus load meorements and that shear fatlure was unhikely.

Based on the results from the initial three tanks, the loading period for all other
tanlcs was reduced to & months, the wutial load merement was mereased by 35%
and settlement observations alone were employed as the means of loading control.
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Figure 11 14 Pre-loading of storage tanks: (a) soml profile, (h)
settlernent and pore water pressure ohservations and (o)
ohserved  lateral mowement  (Reproduced  from
FE. D Darragh (1964) Controlled water tests to pre-load
tanls foundations, in Froceedings ASTE, 90, 303-29, by
permission of the Amencan Soctety of Crnl Engineers.)

The principle of pre-loading can also be appled to accelerate the settlement of
embanlments by surcharging with an addiional depth of £l At the end of an

appropriate period, surcharge 15 removed dowen to formation level
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Pile load test

This case concerns the choice of pile foundations for an office bulding i Perth,
reported by Whitworth and Thomson [16], and the difficulties in predicting their
ultinate load capacity. Due to the use of hugh-quality architectural fimshes it was a
design requirement that total and differential settlements were to be minimal
Colunn loads of up to 1.65WI were to be carried on a total of 123 piles, each
requited to suppott a worlang load of 550, For aload factor of 2.5, this would
necesstate an ultimate load capacity of 1373k The ground investigation showed
the presence of relatively recent deposits consisting of soft clay (plasticity mndex
207, a thin layer of peat, medium dense to dense sand and gravel, and soft to firm
silty clay (plasticity index 18), the soil profile uszed in design betng shown i Figure
11.15{a). These soils were undetlain at depth by till and sandstone. Groundwater
conditions were investgated by observation of water levels in boreholes and by
means of piezometers. However groundwater level could not be deterrnined wath
cettainty and a level of 9.0m abowve Ordnance Datum was used i the mitial design
calculations. Undramed shear strength in the two clay layers was measured by in-
sifye wane tests and by triamal tests on specimens from 100mm diameter tube
samples. The results are shown m Figure 11 15(a), it being apparent that the
laboratory walues were significantly less than those from the in-sifn tests. From
Fioure 4 12 the correction factor for vane strength 15 1.0 for a plasticity index of
18, Standard penetration tests m the sand and gravel gave {uncorrected) M values
varying between 11 and in excess of 50, with an average value of 25

Initially, warious pile types were considered. Dirven piles were ruled out because
of the effects dunng mstallation of wikration and noise on adjacent buddings and
their occupants. The use of cast-ix-sifn piles i shafts excavated by conwentional
continueus-flight augers was also rejected because of doubts about the abdity of
the auger to penetrate the sand and gravel layer: of rotation of the auger were then
to contime without penetration of the layer, soil could be dravn laterally towards
the auger, resulting m adjacent settlement Bored pales cast under bentonite slurry,
however, were considered to be a wable option. Consideration was given to the
possibiity of locating the piles in the sand and gravel layer but uncertainty about the
contimty of the layer ruled out this option. The solubion eventually adopted was the
use of cast-in-situ concrete piles of 620mm diameter, the shafts being excavated
by a special type of contimous-flight auger incorporating an mtegral rock dridling bit
and a tremie pipe mside the stem, through which the concrete was pumped (these
being known as Stareod piles). Inttal calculations mdicated that piles installed to a
level of —14. 5t OD would be satisfactory but subsequently this was increased to —
16.5m m view of the lumted data available on the performance of thus form of pile
the above types of strata.

In the watial design, shaft resistance m the upper layer of soft clay was neglected.

For the zoft to firm clay an average value of undrained shear strength of AN
and an adhesion coefficient (&) of 0.85 were used, grving a resistance of 827k on
a shaft length of 12.5m. A beanng capacity coefficient (V) of ¥ was used for base

resistance, giving a value of 108KIT for cu = 40kN/m? The calculation of shaft
resistance in the sand and gravel stratum was based on Equation 8.29 (with ¢ = &7
talkcing K< = 0.9.a typical value for continuous auger piles, and 9 = 35% bazed on
the average A value. The effective overburden pressure at the centre of the stratum
is 8.09 =65KN/m’, assuming a total unit weight of 18kMim®, therefore the
resistance on a shaft length of
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Figure 1115 Pie load test: {a) sod profile and undramed shear
strength  and  (b)  load-—settlement  observations.
{Reproduced from L.J Whitworth and N Thomson (1995)
The design, construction and load testing of Starsol piles,
Ferth, Scotland, i Proceedings Inshtution of Chail
Engineers, Geotechumical Engineering, 113, 23341, hy
perrnizsion of Thomas Telford Lid)

&.0m 15 479k, Thus the ultimate pile load 15 1414k, giving a load factor of 2.57.
The shaft resistance in the clay was also calculated by the effective stress method,
assurring a conservative value of 5 of 0,25 At the centre of the clay stratum the
effective overburden pressure is 18.259" = 149kN/m?, therefore the shaft resistance
iz 900kM. Using this value the ultimate pie load becomes 1487k, giving a load
tactor of 270

For the test pile the mantained load procedure was adopted, it being enwnsaged
that five mcrements would be applied up to 1100kM, twice the working load,
tollowed by a further load mcrease to ultimate falure. Howewer it became apparent
that ultinate falure would not be aclueved and, m the event, eight cycles were
applied up to aload of 3000KM, the mamxitnum possible for the test equipment. The
test results are shown i
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Figure 11.15(b). Based on wanous extrapolation procedures {described mn Eef
[20], Chapter 8) it was concluded that a reasonable estimate of ultimnate load for
the test pile was 2300k, 1e. almost 2% tunes the predicted value,

The large discrepancy between prediction and observation led to a re-evaluation
of design assumptions. & groundwater level of 4 0m OD was considered to be
mote reahstic. The worlung level of 10.8m used for the pile test was taken as
ground level rather than % Om, the length of the test pie thus being 27 3m. Both
these rewsions influenced the walue of owverburden pressure in the effective stress
calculations (values of effectve overburden pressure at the centres of the

successtve strata being 21, 147 and 2311&%112]. An average value of ¢ of

25kMfm® was assumed for the upper layer of soft clay, the contribution to pde
resistance of this layer mitially having been neglected. The design value of ¢, for the

soft to firm sty clay was re-assessed as 65kI/m?, based only on the results of the
in-sity wane tests, these not being subject to samplng disturbance. An adhesion
coefficient fa) of 1.0 was adopted, this value being considered more approphate
tor a pile cast by concrete wmjection. Using correlations between @ and plasticity
index, and taking & = Ko in Equation 8.34, a value of 5 of 0.29 was obtained for
both clays. Tlaing thesze rewised parameters and the increased shaft length of 14 Sm
in the lower clay stratum, ultinate loads of arcund 3250k were obtaned using the
two methods of calculation, consistent with the extrapolated test values.

The case flustrates how the appraisal of sodl conditions and parameters is the
most crucial factor i predicting pile performance and the importance of pile loading
tests i calbrating and refining design calculations. In sittuations where little or no
previous performance data 15 available, it i3 inewitable that conservative walues of
design parameters mitally will be used.

Piled rafi

The behawour of a pided raft foundation i London clay, suppotting a bulding 90tn
high with a basement 8. 8m deep, was mottored by Hooper [7]. The raft, caston a
blinding laver i contact with the clay, 15 1.5m thick and 1z supported by 51 under-
reamed bored piles 25m m length, the shaft and base diameters being 0.9 and

2.4m, respectvely. 4 section through the foundation 12 shown m Figure 11.16(a),
The gross pressure on the raftis 36 8k /m? (cotresponding to a gross bulding load
of 228N but overburden pressure of 172 kI fm? was removed by excavation,

resulting m a net foundation pressure of 1964 /m? {the corresponding net load
being 121MIN). The sod profile and values of parameters ¢ | and w2, determmned

from laboratory tests on specimnens obtaned from wvarious depths, are shown in
Figure 11 1é(kb). These distributions show the degree of scatter typical in practice,
due mainly to samplng disturbance and to natural varations in soil structure.
Ewidence from a nearby borehole indicated that the clay extended to a depth of
around &0m. Strata below this depth would have no signficant effect on the
behawviour of the foundation.

Settlement was montored by means of 14 leveling sockets installed in the
columns and walls at ground floor lewvel The loads m three of the piles were
measured by means of load cells, located 2m below the tops of the pides. Each cell
consisted of st photo-elastic load gauges located between two circular steel plates
of the same diameter as the pides. The stiffhess of the cells was approzmately equal
to that of the piles to ensure that the load distribution in the piles was not affected.
The pressure between the raft
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Figure 11 14 Piled raft: (a) foundation section, (h) test data and (c)
load and zettlement ohservations. (Reproduced from
I.A Hooper {1977 Chservations on the hehawiour of a
piled-raft foundation on London Clay, Procesdings
Imsfitution af Chil Engimeers, 58(2), 855-77, by
permission of Thomas Telford Lid.)

and the clay, adjacent to the mstrumented piles, was measured by single photo-
elastic load gauges on top of a concrete piston in contact with the sed (the pressure
being corrected for the upward movement of the piston). The load gauges were
read by means of a polarized lght unit which was lowered down access tubes, the
fringe patterns being wewed by means of an inclined rmirror within the unit.

The cells enabled the load distribution between the raft and the piles to ke
determined, the results bemng shown in Figure 11.160c). During the mitial stages of

loading it 1=
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apparent that most of the load was supported directly by the soil in contact with the
raft but most of the subsequent loading was supported by the pies. At the end of
construction approzmately 60% of the structural load was supported by the piles
atd 40% by the soil in contact with the raft. As consolidation proceeded it would
be expected that the proportion of load supported by the pies would mereasze and
the raft contact pressure would decrease. The settlement observations are also
shown i Figure 11.160c), the data being obtaned using a precision level
mcorporating a parallel plate micrometer capable of readmg to an accuracy of
0.025mm. The temporary bench marks emploved for leveling were checked
penodically against a permanent deep bench mark based in the chalk bedrock. The
observations show that consolidation was wrtually complete & years after the start
of construction and that the mamroun settlement at the centre of the raft was
2Zmm, an acceptable value, Differential settlement varied between 7mm across one
diagonal ams and 3mimn along one longitdinal axs. There were no signs of cracking
in the concrete structure and the architectural firishes.
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The calculated load factor for the pale group assuting a group efficiency of 1,015
6.4 and the final consolidation szettlement, calculated using the equivalent raft
concept, 15 40mm. In these calculations no allowance was made for the proportion
ofload supported at the sodl—raft mterface and the above values, therefore, are very
conservative. At the end of construction, the load supported by the piles 15 around
130K, as mdicated m Figure 11.16{c), whereas the ulbunate load for the pde
group was calculated to be 770MN. Calculation of rate of settlement using values
of ¢ determined from small ocedometer specimens would be unrealistic due to the

presence of fissures and laminations i the clay. Subsequently, the behawour of the
raft was analysed by means of a lnearly elastic fnte element model m which the
soil modulus was assumed to mcrease lineatly with depth, the objective being to
reproduce the measured loads and settlements. & trial-and-etror approach was

used to establish the distibution of undramed modulus & with depth z which

would match the calculated to the observed walues of load and settlement at the
sofl—raft mterface. It was established by back calculation that

E,=10+52:

the units of & and z being MM/ and m, respectively. In the analysis the walue of
Foisson’s ratto for undraned condiions (v ) was assumed to be constant with

depth and was taken az 047, rather than the theoretical walue of 0.5, to awvoid
computational difficulties. The walue of Potsson’s ratie for dramned conditions %)
was assumed to be 0.10 and if 15 accepted that the shear modulus () 13
independent of drainage conditions then from Equation 5.2 it 1z apparent that

E' = 0.75E,

cettlements were computed for both undrained and dramned conditions, the
tamrmn (dramned) settlement being 20men. Further analysis showed that the
under-reamed bases contributed very little to the performance of the group and that
without piles the mamimum settlement would be d8mm. The piles effectively act as
settlement reducers and prowide a reserve capacity against local instabiity and

tilting

Slope failure

This case concerns the fature of a slope i clay near Oslo which was the subject of
an extensive investigation by Sevaldson [12] Intally, natural slopes exsted at an
inchnation of arcund 1:2%: on each side of an old tiver bed and there was a lustory
of shdes in the area. However, about 30 years before the fatlure ocourred, the soil
was trimmed back to a slope of 1.2 on one side of the area to accommodate a
rattway marshalling vard. Approzmately O yvears before the falure the ground was
tnmmed back further at the same slope. The case, therefore, 13 an example of long-
term falure. A section through the centre of the slip area 13 shown in Fioure 11,17
(a) and a plan of the area (the lateral extent of wlich was about 40m) i Figure
11.17 (b

The ground conditions i the area had been determined prior to the falure from
borehole data PBelow a drang crust, the sodl consisted of a finm, hotmogenecus,
intact, ightly owerconsolidated clay with some thin layers of silt and sand. & further
ground investigation tock place subsequent to the shde mcluding bonngs from
which
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Figure 11 17 Slope falure: (&) section of shp area and (h) plan of
slip area. (Reproduced from FoA Sevaldson (1956) The
side i Lodalen, October fith 1954, Geotechmigue, 6,
16782, by pertrussion of Thomas Telford Ltd.)

undisturbed samples, 54mm i diameter and S00mm 1 length, were obtamed both
within and adjacent to the shde area by means of thin-walled piston samplers. In
addition, samples of 100mm in dameter and 600mm in length were obtained
outside the shde area only. The samples from within the shde area were exammed
carefilly n the laboratory to identify the posttion of the shp surface. However,
direct ewvidence of the slp suface was found only in samples from two of the
boreholes. This ewidence consisted of thin zones of clay which had been partially
remoulded and which had a greater water content than the adjacent sol Tweo
samples also exhibited fissures, ndicating prosmity to the falure surface. The
evidence described and the wsible profile of the upper section of the ship surface
enabled the surface to be identfied, the shape of which could be represented mn
section by a circular arc. Pore water pressure was also measured at different
depths i four boreholes, one inside and three outside the shide
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area, using open standpipe piezometers. The piezometers consisted of 300mm
lengths of brass tube with radially bored holes and cowvered by filters of porous
sintered bronze, the lower ends being fitted with solid cones to give protection
during mstallation. Plastic tubes were connected to the filter ponts and protected
by casing screwed into the points, pressure head being indicated by the water
levels i the tubes. Contours of pressure head deterrined from the piezometer
observations are shown m Figure 11.17(a).

Walues of the shear strength parameters i tenmns of effective stress (the
appropriate parameters for analysis of a long-term failure) were determined from
consohdated undrained tnasial tests with pore water pressure measurement. Three
ot four specttmens of clay obtained from the same sample were tested at different
values of allround pressure and ' and ¢ determined for that sample. Ten separate
determinations were tnade i this way, grnng the paratneters at various depths in
different boreholes.  The average walues of the parameters were
¢ = 10kN/m*(£2.2kN/m?) and ¢ =27"(tang’' = 0.512 £ 0.038). {e ranges of
22 and £7%, respectively.

The stability of the slope, as represented by the three cross-sections shown in
Figure 11 17(b), was analysed using the Bishop routne method, 18 assuming
failure along circular arcs. It was assumed that a tension crack opened to a depth
of 1.0m below the upper ground surface. The mingrmun walues of factor of safety
calculated for Sections 1, 2 and 3, respectively, were 1.10, 1.00 and 1,19, grving a
weighted awverage for the owerall slide of 105 The cntical falure arc,
cotresponding to the minttmum factor of safety, corresponded closely to the actual
ship surface, as shown m Figure 11.17(a). Sevaldson stated that if ' were taken to
be zero with the same value of @ then the factor of safety would be 0,773

it
Lt}

It iz now recognized that the parameter %o (£" bemg zero) should be uzed in
slope stabiity analysis. A study of Sevaldson's test results mdicates that the
probable value of P ig around 31° TTaing that value, a rough calculation would
ndicate a factor of safety of approzmately 0.86. The case shows that falure of the

slope would have been predicted using a simple analytical procedure and the
avallable shear strength data.

Vertical drains

& section of a motorway lnk road in Belfast 15 carnied on embanknents up to Stn
i height over apprommately 10m of soft alluwial sods, the case being reported by
Dawes and Humpheson [3]. The ground imnwvestigation, using boreholes
supplemented by contimuous sampling and Dutch cone tests, showed that below
0.5-1.0m of fill there were two distinct layers. Typically, the upper layer was 4—5m
i thickness, the soil varying from silty fine sand to sty clay. The lower layer, also
4-=0m thick, consisted of soft sty clay of high plasticity. These layers were
undetlain by 0.5-1.0m of peat, below which there were depths of gravel and
glacial till

Piston samplers of 100mm diameter were used to obtain matenal for a
comprehensive laboratory programme of oedometer and undrained triaoal tests.
In-gifu vane tests were also mcluded as part of the ground mwestigation. Undrained

shear strength (z ) wvaried over depth between 10 and 251 Mfm?, as shown i

Fiouwe 11 18(a). The cedometer tests enabled the walues of compression index
(C,) and coefficient of consolidation (z_) to be determmed. Using the T /depth

profiles for appropriate boreholes, consolidation settlements were calculated for a
range of embankment pressures. The resulting pressure—settlement relationship is

showmn i Fioure 11180k, the diwision of
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settlement between the upper and lower layers also bemg mdicated: for an
embankment of Bm high (pressure around ltﬁﬂmfmzj, settlemnents of the order of

lm are predicted. For the upper layer, values of ¢, deterruned from specimens

obtamed at diferent depths m four boreholes, waned from around 5 to ower

5DDm2f3rear. For the lower layer, ¢ vaned between 0.25 and D.5Um2f3rear at

vertical effective

values as high as 14m2f§.rear were obtained. The range of values obtained for the
lower layer 15 shown m Figure 11.18(c) together with the vanation used i design.
some oedometer spectmens were cut horizontally in order that values of ¢ could

be determined. Values of ¢ for the lower layer were very close to those of c_,

pressure—settlement  relationships, (o) coefficient of
consohidation, (d) field mstrumentation and (&) piezometer
ohservations.  (Reproduced from  J A Dawes  and
C.Humpheson {19817 A companson  between  the
performance of two types of vertical drain heneath a tnal
embanlomnent i Belfast, Geotechmigus, 31, 19-31, hy
pertnizsion of Thomas Telford Lid)

stress lewvels above IDDILNImE; however at lower stress levels

indicating the absence of preferred drainage paths
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within the clay. Values of coefficient of consclidation were also obtaned from the
results of ix-sifu permeability tests using piezotneters mstalled i some of the
boreholes.

Bearing capacity calculations based on the profile of undrained shear strength
showed that for an embankment = 5m in height the factor of safety would be at

least
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1,25 therefore because the factor of safety would mcrease as the clay
consolidated, stabiity was not considered to be a problem. Settflement, howewer,
did present a problem. In the upper layer it was assumed that consolidation
settlement would keep pace with the application of fill pressure because of the
relatively high values of ¢ . However, calculations based on the values of ¢ in the

lower layer indicated that significant conselidation settlement would contitme well
beyond the construction penied of the road. It was decided, therefore, that vertical
drainz would be mstalled to ensure that post-construction settlement would be
reduced to an acceptable value. The design of a system of vertical drains depends
crucially on the values of coefficient of consclidation n the vertical and honzontal
directions. Even if a carefil and comprehensive mvestigation and testing programme
iz catried out, there i always uncertamnty regarding the reliability of parameters
determined from small cedometer specimens when apphed to an ix-sify soi mass.
Arccordingly, to ensure a reliable and economic design, two tnal embankments,
mcorporating comprehensive mstrumentation, were constructed. Two types of
drain were assessed: backfilled sand drans of 200mm diameter were mstalled
below one embankment and band drains of dimensions 100=7Fmm (assumed to
have an equivalent diameter of S0mm) below the other. In the tnal the spacings of
the two types of drain were designed to produce the same rate of disstpation of

excess pore water pressure. The design value of ¢ was taken as D.5Dm2.-’§.rear,

based on the final value of vertical effective stress in the lower layer. The spacings
were 1.3 and 0 9m for the sand and band drains, respectively. The mstnimentation
comprised pneumatic and standpipe plezometers, pneumatic settlement gauges and
mchnometers, as shown m Fioure 11.18(d).

The sequences of construction of the two trial embankments and the
corresponding responses of pore water pressure below the centre lines, recorded
by piezometers at mid-depth of the lower laver, are shown i Figure 11.18(e). The
responses of plezometers i the upper layer indicated very rapid dizsipation of
excess pore water pressure. The rate of dissipation was greater m the trial wath
sand drains than in the one with band drains. If vertical drainage is neglected the
coefficient of consolidation can be back-calculated, using consolidation theory,
from the dissipation rates recorded by the piezometers. Values of ¢, at mid-depth

in the lower layer, under the two tnal embankments, are supenmposed in Figure
11.18(c). Values from the ixn-sifu permeability tests are also shown At low stress
levels the ix-sifu values are hugher than those determmed m the laboratory but at
higher lewels the in-sifi and laboratory walues are relatively close. The design value

(D.ﬂﬂmzfj.rear], therefore, would result m the rate of dissipation being sigmficantly
underestimated dunng the early stages of embankment construction Tze of a
constant value of ¢ does not represent the observed rate of dissipation: the

coefficient should be vanied according to the value of vertical effective stress. It was
shown that satisfactory predictions of dissipation rate could be made by varying ¢

at short time mtervals, generally five days. Companson of the dizssipation rates
shows that the sand drains appeared to be the more efficient type. This could be
due to the smear effect being less pronounced than mn the case of the band drans
which were nstalled by means of a mandrel, or to the equivalent diameter assumed
tor the band drains being incorrect.

Laboratory determination of coefficient of consolidation 15 normally expected to
result in the significant underestimation of rate of settlement because of the presence
of tacro-fabnc features m the sod mass. In this case, however, it 13 apparent that
there i3
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relatively close agreement between predicted and observed rates, due largely to the
absence of a preferred dramage direction wathun the clay.

Embankment dam

This case concerns the performance of Balderhead dam i the north of England,
constructed between 1961 and 1965, as reported by Eennard 2 @l [B] and
Waughan ef al [15] The dam hasz a maszmum height of 48m and a crest length of
925m. The foundation material 13 matnly shale with occasional thin horizontal layers
of sandstone and hmestone, but depostts of boulder clay occur on the lower valley
slopes. The cross-section of the dam 18 shown i Fiowre 11.190a) The core
conststs of boulder clay, watered before and after placement and compacted in
180mm layers by a sheepsfoot roller. Subsequent measurements showed that the
placement water content vaned between 10 and 13%, being 2-3% below the
optitmum value at some levels, Around 20% of the core matenal was of clay size
and particles larger than 150mun were removed. The shoulders of the dam consist
of shale, watered and compacted i 200mm layers by a grid roller over the lower
l8m and m 200t layers by a wibrating roller above that height. The nternal
dramnage layers consisted of crushed limestone, the ratio of 1, . for the filter to [,

for the Hll (Equation 2.35) bemg specified as 3. Cut-off in the foundation material
was effected by means of a concrete wall 1.5m thick and 25m deep below the
centre-line of the dam and a grout curtain extending to a depth of about 20m below
the base of the wall Piezometers and water-overflow settlement gauges were
installed in the shale fill, mamnly adjacent to the clay core. Two plate settlement
gauges, five pressure cells and three horizontal deformation gauges were located in
the clay core. The settlement gauges in the core consisted of steel plates, laid at 3m
mntervals as the fill was placed, threaded owver plastic tubing set into the concrete
cut-off wall, the subszequent lewels of the plates were determined by means of an
mnduction col lowered nside the tubing The honzontal gauges measured
deformation over a 1.8m gauge length by means of wbrating wire sensors, each end
of the dewvice being attached to a steel beam encased in concrete. Prowision was
also made for the measurement of the quantty of seepage through the dam. The
layout of mstruments in the core at the highest section of the dam 15 shown m Figure
11.19(k). Eesults from the nstnuments at this section are shown i Figures 11.19(c)
atd ().

Shottly before masamum reserveir level was reached on impoundimg, a large
icrease in seepage flow, measured at the outlets to the underfilter, occurred
through the dam, as mdicated i Figure 11.190c) A few months later a small
depression was discovered in the crest above the clumney dram. Later, a sink hole,
about 3m in diameter and 2 5m in depth, developed abowe the upstream edge of
the core. In addition, the flow from the undetfilter, which had previously been clear,
became cloudy, mdicating that the filter had faled to block particles from the core.
In response to these developiments the water level in the rezervolr was drawn down
by 9m, resulting i a matked decrease i the downstream flow (shown in Figure
11.19{c)) and the water fom the underfilter becoming clear. However during
drawdown a second sink hole deweloped in the crest.

& trial pit was excavated to a depth of 12m in the chimney drain to expose the
downstream face of the core and no sigmicant softerung of the clay or other
damage was ewident Further investigations by wash borings advanced from the
crest of the
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Figure 11 19 Embanlment dam (a) dam cross-section, (h) mstrumentation
i core, (c) observations of flow and piezometric level and (d)
observations of stress and differential settlement {Reproduced
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dam to a depth of 18m showed that wash water pumped through the boning rods
was lost through the core. Further boreholes were advanced by means of a flight
auger and at a depth of 1dm i one hole softened clay and water, which roze
rapidly to reservoir level, were encountered From all the ewidence it was
concluded that leakage had occurred through the core below drawdown level but
that the seepage paths had clozed up when the pore water pressure had decreazed
on drawdown. Eeadings from two of the plezometers upstream of the core (4 and
E m Figure 11.19(c)) confinmed thus mterpretation. The pressure heads mdicated
by these piezometers were i phase with the increase in reservotr level until the final
stages of unpounding when the heads decreased below reservotr level, matching
the mcrease m seepage, showing that lealtage was occurnng at arcund the level of
these piezometers. After drawdown the heads again corresponded to reservoir
lewel On the other hand, the pressure heads indicated by piezometers at a lower
level (T and D m Figure 11.1%(c)) remained m step with the mcrease m reservorr
lesel throughout.

Differential settlements between the core and the shoulders, at two levels where
water overflow gauges were located close to the core, are plotted in Figure 11,15
(d), the masmum value being about 200mm. Readings from two of the pressure
gauges, indicating the values of total wertical and horizontal stress, are also plotted
mn Fygure 11.190d). (It should be noted that Figures 11.1%{c) and (d) cowver
different time spans ) It s apparent that the total vertical stress became less than the
overburden pressure indicating that load was being transferred from the core to the
shoulders as a result of differential settlement and arching Howewer the total
vertical stress was not low enough to cause hydraulic fracture. On the other hand,
the total horizontal stress could have been lower than the local pore water pressure,
producing the condiions necessary for fracture. Vertical and honzontal stramns at
two points in the core were denved from readings of the plate settlement gauges
and the honzontal deformation gauges, respectively. The maminum wertical and
honzontal stramns m the part of the core over a shale foundation are 2 and ¥,
respectively. The corresponding walues m the part of the core founded on boulder
clay are 5¥% and 1%

It was concluded that the lealage through the dam was due to hydravlic fracture.
The fact that the water content in the core was less than the optimum value was a
contributory factor. The remedial measures adopted consisted of grouting the core
to icrease the total honizontal stresses and prevent firther hydravlic fracture and
the construction of a diaphragm wall within damaged sections of the core. It was
judged that the filter would be adequate prowded that the core remained intact.
The grout consisted of equal proportions of cement and bentontte with a
waterfsolids ratio of 4. It was important to ensure that the grout pressure was less
than the owerburden pressure at the points of mjection Subsecquent borehole
samples showed that the grout had flowed along apprommately vertical planes
within the core. The diaphragm wall was considered to be necessary because of
segregation of core matenial under the flow during leakage: complete permeation by
the grout could not ke assured and the nisk of ungrouted silt and fine sand adjacent
to the flter was unacceptable. The diaphragm wall, 200m m length, was
constructed on top of the cut-off wall using plastic concrete with 2.5% of bentonite
in the iz Bxtra piezometers were installed i mchned boreholes just upstream
from the core to detect any further leakage. After refiling no significant flow was
apparent, although, 2 wears later, piezometer readings mdicated decreasing
pressure head at one cross-section and addiional grouting was undertakeen.
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Observaiional method

An example of the use of the observational method occurred during construction of
the cut and cowver section of the Limehouse Link, a highway between the City of
London and the Docldands area, descnbed by Glass and Powderham [5]. The sod
condiions and a cross-section of the tunnel at one location are shown i Figure
11.20; howewver soil conditions were variable along the line of construction. During
excavation, more detals of the sod condibons were obtained to supplement the
original ground investigation data Work proceeded at nine construction fronts
along the 1.8km length of the tunnel Ower most of the length, diaphragm walls
were used to support the sides of the excavation dunng construction and to form
the permanent sides of the tunnel As well as ensuring an adequate factor of safety
with respect to passive resistance for the walls, the design recuiremnents were that
ground movements around the tunnel should be low encugh to aved damage to
adjacent structures. Prior to construction, parametnic studies using the fimte element
method were performed to obtain an indicative range of wall displacements. De to
uncertahties regarding the variable sod condiions the onginal design was based on
the use of props, both abowe the level of the roof slab and midway between the
roof slab and formation level, dunng excavation.

The observational method was introduced with the objective of eliinating the
need for props at mid-height, thus prowiding a clear worlung space for excavation
below the roof slab and leading to a consequent increase in the rate of construction.
Calculations based on the most probable sod condiions mdicated that excavation
could be undertaken without the use of nud-height props. However there was
insufficient confidence in the data to justify starting construction without the use of
these props. The procedure adopted was to start construction at each front using
mid-height props then to mtreduce, m stages, planned modifications m technicue as
excavation proceeded, with each stage being shown to be zafe by means of in-sifu
tonttoring. & pre-deterrmined course of action was avalable ff monttoring were to
show unacceptable risk to the mtegrity of the walls or adjacent structures. The
monitoring of wall mowement was the principal means of constniction control. This
approach was mtermediate between the ab ixifio and best-way-out applications of
the observational method descnbed by Pecle
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Figure 11 20 Limehouse Link soil profile and tunnel cross-section.
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The first stage of construction invelwed the mstallation of mid-height props n
accordance with the ongmal design, the props bemng prestressed to 10% of the
design load. The prop loads were monttored dunng excavation by means of
whrating wire strain gavuges and it was found that the loads were considerably less
than expected, bemng within the range of only 6-12% of the design values. After
excavation to formation level the concrete base slab was cast on top of a 100mm
blinding layer. The second stage consisted of placing the props as above, followed
by the placing of a 200mum blinding layer to act as a strut at formation level When
this layer had gained sufficient strength, the mid-height props were de-stressed and
iward wall movement was motitored. The third stage wwolved positioning the
mid-height props but leaving a small gap at one end between wall and prop,
allowing a movement of 20mm to take place before load acted on the prop, the
size of the gap bemg monttored to mdicate whether or not the prop was bemng
loaded. The fourth stage was to dispense with the mid-height props but to hrmit the
length of excawation at formation lewel to Sm, the blinding laver being cast
inmediately, Wall movement was momtored at frequent mtervals by means of a
tape extensometer and using surveving techniques. To guard against the possibility
of excessive wall movement a number of reserve props were readily avalable.

Wall convergence (the sum of the two wall movements), at formation level, was
plotted  against time and compared with pre-determined “warning'  walues.
Wowements of less than 20mm (0. 1% of the typical tunnel depth of 20m) were of
no concern and confirmed that dispensing with rud-height props was justified.
Increaszed frequency of monitoring would be inttiated iff movements between 20 and
2omm were recorded. I movements exceeded 25mm during the fourth stage then
the reserve props would be used. Mowements exceeding 25mm during the third
stage would have resulted in the remtroduction of prestressed props. The masimum
allowable convergence was 7lmun (35mm for each wall) In the event the
mazmum recorded wall convergence was 1lmm with most values being less than
Fmm. For all nine construction fironts, no fiurther propping was necessary after the
first three stages described above, sawing the requirement for most of the steelwork
nitially envizaged.

A further stage concerned an assessment of the action of the blinding strut.
Lengths of blinding were cast with a 15mm gap at one end. The closure of this gap
was monitored and the readings showed that the struts did not become active
before the basze slab itzelf was cast Values of wall movement were essentially the
same as those during the earher construction stages. Accordingly, the thickness of
the blinding layer was reduced to 100mm.
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Principal symbols

A o Atea
A A content
A A Pore pressure coefficients

@ Modified shear strength parameter (effective
stress)

Dial gauge reading in oedometer test
Width of footing
Pore pressure coefficients

==

Coefficient of uniformity

Correction factor for overburden pressure
Coefficient of curvature

Area ratio

Compression indesx

Izotropic compressibility of sod skeleton

L0 0 0.0 o0& W

q Uriasaal compressibility of sod skeleton

a0

Compressihility of pore fluid
Correction factor for water tahle position

Rate of secondaty compression

ﬁgqﬁqf:

Shear strength parameter
Undraned (total stress) shear strength parameter

]
=

ef Drained (effective stress) shear strength
parameter

Wall adhesion
Coefficient of consohidation (vertical dramage)
Coefficient of consohdation (horizontal drainage)

Depth of footing, depth of excawvation
Depth factor

Particle size

Depth of embedment of pile i hearing stratum
Length of drainage path

Drameter; depth

Depth factor

Young s moduhis

Void ratio

Eccentricity

Factor of safety

Amal load on pile

Tyt o RRLR Iyl oo
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Sleeve resistance of static penstrometer
shear modulus

Specific grawity of sod patticles

9.8 mis?

Height

Horizontal component of load
Layer or specimen thickness
Total head

Influence factor
Compressibility ndesx

Density mdex
Plasticity index
Liguidity index
Hydraulic gradient
Inclination factor
Seepage force
SEEpage pressure

Lateral pressure coefficient
Active pressure coefficient

Pazzive pressure coefficient
Coefficient of earth pressure at-rest

Ahbsolute permeabality
Coefficient of perrneability

Length
Iiass

Iloment
Slope of cnitical-state line
Coefficient of wolume compressthility

Mortnal force
Standard penetration resistance
Number of equipotential drops

Mutmnber of flow channels
Bearing capacity factor
Bearing capacity factor
Bearing capacity factor
Stabihty coefficient

Porosity
Equipotential numnber

Total active thrust
Total passive resistance

Freszsure
Active pressure

Passive pressure
At-rest pressure
Litnit pressure

Surface load
Ultinate load
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Flow per unit time

Total foundation pressure
Surface pressure
Allowahle hearing capacity

Base resistance of pie per unit area
Cone penetration resistance
Ulttnate hearing capacity

Met ultimate hearing capacity

Wet foundation pressure

Shaft resistance of pile per umt area

Radius
Beating resistance
Overconsolidation ratio

Cotnpression ratio
Pore pressure ratio
Sheanng or shiding resistance

Degree of saturation

Shape factor
Settlement
Consolidation settlement

Immediate settlement

Time factor (vertical drainage)
Time factor (radial drainage)
Time

Boundatry water force

Degree of consolidation
Pore water pressure

Pore air pressure

Excess pore water pressure

Initial excess pore water pressure
Static pore water pressure

Steady seepage pore water pressure

Volume

Vertical component of load
Specific volume
Discharge welocity
Seepage veloctty
Weight

Water content
Lacquid Lirnit

Plastic Lt

Depth coordinate
Elevation head

Modified shear strength parameter (effective

stress)

Angle of wall inchnation
Slan friction coefficient
Slan friction coefficient
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Cl'l, 52, 53

oy & oY

ke (subzcript)
d (zsuhscript)
¢ {subscrpt)
t (suhscript)

Slope angle

Partial factor

Shear strain

Ut weight

Dy unit weight
Saturated unit weight

Buoyant unit weight
Uit weight of water

Angle of wall friction

MWortnal strain

Volumetric stram

Dnatnic wiscosity

Slope of izotropic swelling/recompression line
Slope of 1sotropic normal consolidation line
Settlement coefficient

Poisson’s ratio

Correlation (or reduction) factor for pile load tests
Bull density

Dy density

Patticle density
Saturated density
Denstty of water

Total normal stress
Effective normal stress
Total principal stresses

Effective principal stresses

Shear stress
Shear strength;, peak shear strength

Eesidual shear strength

Potential function
Shear strength parameter
Undramed (total stress) shear strength parameter

Drained (effective stress) shear strength
paratneter

Drained residual shear strength parameter
Mamimum (peak) angle of shearing resistance

Angle of shearing resistance at constant volume
{ie. at the critical state)

True angle of friction

Parameter i effective stress equation for partally
saturated sol

Flow function
Angle of dilation
Characteristic
Diesign
Compression
Tension
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Craig's Soil Mechanics

Answers to problems

CHAPTER 1

1.1 5W, M, ML, CV
1.20.55, 46.6%, 2.10Mg/m’, 20.4%

1.3 15. 7, 19 7k, 9 9k, 18, 7kt ime, 19.3%
1.4 98%

1.5 1.92Mg/m’, 0.38, 83.7%, 4.5%: no

1.6 15%, 1.83Mgim’, 3.5%
1.7 70%

CHAPTER 2

2149108 m/s

22 1.3 % 107" m*/s(per m)

22 58 % 107" m'/s(per m), 316 kN/m
24 2.0 % 107" m?/s(per m)

25 4.7 % 107" m? /s (per m)

26 1.1 = 107" m? /s (per m)

o7 1.8 % 107" m’/s(per m)

28 5.9 x 107 m?/s(per m)

25 1.0 % 107° m*/s(per m)

CHAPTER 3

3.1 51kM/m?

3.2 51k/m?

3.3 51 4k, 33 4kT/m?
3.4 105, 9% /m?

3.5 (a) 94.0 kN/m?, 154 2k0im?; (b) 94.0 kN/m?, 133.8 kD /m?
3.6 9.9k, 73 below horizontal

3.7 30 26N, 10,611/ me

3.8 1.5, 14kMN/m?, 90kM/m?
2.0 2.0 0.65m

& 1974, 1975, 1953, 1957, 1992, 1997, 2004 R.F.Craig, Spon Press

= 2=



Ansveers to problems 44

CHAPTER 4

4.1 113N
4.2 44°

4.3 110k/m?, 0°

4.4 36k m?

4.5 0, 256, 1706/

4.6 34° 31.5°, 29° 20kMNfm?, 31°

47 76k
48073
49096 023

CHAPTER 5

5.1 96k T/m?
5.2 277k fm?
5.2 45k T/m?

5.4 62 kIT/m?
5.5 76kMm
5.6 Tmm

CHAPTER 6

6.1 765 kI, 122 k1Tim

6.2 571 kIfm, 8.57m

6.3 11.5kM/m?, 2026 im?, 18, 7 im?, 198k T/m?

64 (@ 195 KNmd, 49 kNAe, 17 (b
034 kN m = 345kNm, 227TkN = 163 kN

6.5 3.95m

66 Tes 1307kNm > 512kNm, 250 kN/m® > 228 kN/m?, 245kN > 205kN

6.7 5.60m, 226 kM

6.8 (2) 1.8, 354K1T; (b) 5.44m

6.9 225

6.10 110KkIT; 154k

61117

Yes:

6.12 (a) 340N/mm® > 71 N/mm®, 21.3kN > 13.8KkN; (b) 340N/mm* > 87 N/mm?,

214kN = 17T.0kN

CHAPTER 7

7.1 e0 = 2.7, 2.6m*/year, m, = 0.98m*/MN,k = 8.1 x 10" "'m/s
7.2 318 mn, 38 mn (four sublayers)
7.3 2.6 years, 0,95 years

7.4 352 kM e
75065
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Ansveers to problems e

7.6 130mm, 95mm

7.7 124mm, 38mm, 72mm, 6 5mm
7.8 280 mm (s sublayers)

7.5 080

T10 8.8 years, 0.7 years

CHAPTER 8

8128 29

8248 Tez YT0KN/m > 500 kN/m
234100 kI, Yes: 7241 kN > 4100kN
ad 70,53 33

25 Yes 677TkKN > 3950kN

8.6 2600 kI

8.7 1.8
28 M d03TEN < 4125kN: Yes: 13mm < 20 mm

2.9 1206M/m?, 13561 0m?, 1506 /m?

210 25mm

211 (&) 9200 kLT, (b) 9650117

8.12 (a) 2.7, (&) Tes: 30.27MN > 22.80 MN: (c) 30 mm

213 (a} 2.1 |:b:| Tes 3348KN = 3300 RN; (c) Yes 15mm < 20 mm
214 230k1]

CHAPTER 9
911.67, 149 4175kN/m > 3628 kN/m
B250° 27
93091 Yes 734kN/m < 1075kN/m
84101
85108

96 (&) 13° 3.1, (b) Yes 5.04zkN > 4.162kN
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Craig's Soil Mechanics

Index

Actions 186, 278
Active pressure 165, 177
A ctive Ranlane state 165
& ctivity T
Adsortbed water 3
& geing 209
Ajr content 128
Ajrwoids 18
Allowrable bearing capacity 278, 293, 294
of clays 293
of sands 294
Anchorages 203
Anchored sheet pile walls 196
Angle of dilation 104, 144
Angle of sheating resistance 91
Angular distortion 280
Arching 199
Area ratio 354
Artesian conditions 30, 281
Augers 378

Back pressure 59
Baler 375
Band drains 268, 429
Base exchange 3
Baze failure it excavations 214, 287 336
Base resistatice 312
Bearing capacity 277
allowrahle 278, 293 204
factors 284, 285, 28E, 315
failure case study 409
of piles 311
ultithate 28]
Beatitnz resistance 279
Bearing walue, presumed 278
Bentonite 215
Bernioulli*s theotem 38
Bishop®s method of slices 354
Boiling 24
Bookhouse stracture 4
Botehole logs 358
Borehole tests 36
Boreholes 375
Bouldera 11, 14
Boundary water force 81
Boussitnesq equations 144
Braced excavations 212
Bulb of pressure 148 331
Buowyatt whit weight 20
Burland and Burbidge method 301
Butlatid, Potta, Walsh method 198

Catitilever retaining walls 187
Cantilever sheet pile walls 195
Capillary rise 30, 77
Cauot and Kerizel coefficients 120
Case studies 395
Casing 206, 375
Charactetristic walues 1386
Chitney draity 61
Chisels 378
Clagsification of soils 13
Clay 4, 11, 13, 32, 106, 118, 145, 239, 478, 403, 316, 337, 341, 348, 362
Clay cutter 375
Clay minerals |
Coarse soils 5
Cobhles 11, 14
Coefficient of consolidation 247, 252, 270
Coefficient of curvature 7
Coefficient of permeability 31, 247, 253, 257
Coefficient of unifiormity 7
Coefficient of volume compressibility 230
Cohesion 4
Cohesion intercept 91
Compaction 21
euipmert 25
i1 the field 24
standard tests 22
Compaction-induced pressure 152
Compactive effort 22
Compatibility equation 157

-
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Inde::

Compressed air sampler 385
Compressibility characteristics 229
Compressibility grade 304
Compression itndex 230
Compression ratios 235
Consoldated—undramed triaal test 100, 102
Consolidation 75, 97, 100, 106, 227
anialogy 75
Terzaghi’s one-dirmensional theory 245, 265
Consolidation settlement 235, 293 3232
one-dimensional method 235
Skempton—DBierram method 237
Constant head permeability test 32
Constant rate of penetration test 319
Construction period correction 260
Contitiaity equation 39
Contitmaous sampler 385
Coulomb theory of earth pressure 176
Critical hydraulic gradient 83
Critical state 104, 111, 118, 187, 347, 353, 358
Critical state line 120

Dratey’s law 31, 38

Degree of consolidation 244, 270
Diegree of saturation 12

Drelft sampler 385

Drensity 18

Drensity index 20, 296, 208
Description of soils 2, 11

Design cases 186, 279

Design values 126

Dieviator stress 97

Diaphragm walls 215

Differential settlement 278, 294
Diilataticy 104

Dilataticy test 10

Direct sheat test 94

Dizcharge velocity 31

Dizpersed structure 4

Dizplacements from elastic theory 155
Dizsipation 74, 97, 100, 228, 245 316, 362, 364
Driouble layer 3

Diyainage 74, 95, 100, 228

Drained condition 74, 100, 362
Dirained triadal test 100

Dy densityiwater content relationship 22

Dy strength 11
Drnatvde deep compaction 334

Eatth pressure at-rest 174, 199
Eatth pressure coefficients 181
Eatth retaining stractures 185
Eccentric loading of foundations 286
Effective size 7, 31
Effective stress 71
it partially saturated soils 79
ptinciple of 71
Elastic modulus 139
Elastic—petfectly plastic model 137
Elastic—strain hardening plastic model 137
Elastic—strain softening plastic model 135
Elasticity 136
Electiic penetrometer 306
Electrical resistivity method 392
Elewation head 30
Embanloment dams 364
case study 430
pote pressure conditions 366
seepage cottrol 60
seepage theory 55
stahility 365
Embanbment surcharge 418
Embankments 21, 26, 264
Embedded wallz 185 195
End-product compaction 24
Engineered fill 22
Equilibrivem equations 136
Equipotentials 39
Euwrocode 7, 185, 278
Excawvations 212, 287, 338, 382
Excess pore water pressure 74 07 100, 232 245 316, 36
Expansion index 231
Extensometers 397, 399

Factor of safetsy 125, 107, 277, 287 347
Fadum’s chart 151
Failure envwelope 91
Falling head permeability test 33
Fellenias method of slices 333
Filter cake 215
Filter design 62
Fine soils 3
Fissured clay 332, 107, 363
Flocoulated stracture 4
Flow function 39
Flow lites 40
Flow tiets 42
Flow rule 138
Footings 278
Foundation pressure 287
Foundations 277
case studies 409 412 414 416, 419, 421
factor of safety 275, 2587
pattial factors 186, 279, 287, 348
significant depth 277, 374
Free earth support method 197
Friction jacket cone 307
Frost heave 68
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Inde:x

Gap-graded soil 6

Creneral shear failure 281
Greophysical methods 388
Geotechnical categories 280
Gibbsite 2

Craded filter 63

Grawel 3, 11, 13, 32, 372
Cravity walls 187

Crid rollers 26

Ground anchors 203, 339
Cround contamination 393
Cround itrvestigation 373
Croup symbols 13
Grouting 66

Half closed layer 248

Headings 374

Heaving 24, 227, 280, 336
Horizontal drainage layers 367
Hotizontal movement 399
Hvorslev suface 123
Hydraulic gradient 31, 43
Hydraulic oedometer 256
Hydraulic settlement gauge 300
Hyrdraulic triavial apparatus 113

[ite 2

Imimediate settlement 157, 227 238 293
Impetmeahle blanket 62

Inclined loading of foundations 286
Inclinometer 402

Initial compression 234
Instrumentation 336

Isochrones 248

Isomorphous substitution 2

Isotropic consolidation 106

Eaolinite 2
Kozeny’'s basic parabola 58

Lateral loading of piles 330

Lime stabilization 333

Limit state design 186, 128 105 2TH 313 347
Litrdt theotetms of plasticity 162

Limdtityg ecuilibeim 184, 347
Liguefaction 105

Liquid limit 7

Liguidity index 7

Load cells 408

Load factor 313

Laocal sheat failure 281

Log titne method 252

Lower hound theorem 162

Lumnped factor of safetsy 185, 277, 287, 347

Mlagnetic extensometer 397
Mairitained load test 319

Mantle cone 207

Iethod compaction 24

Method of shices 351
Molr—Coulomb failure criterion 93
Moisture condition test 27
Moisture content 17
MMontmorillonite 3
Meorgenstern—Trice analysis 360

Negative skin friction 318
Mewmark's chat 152
Normally consolidated clay 104, 111, 119

Ohgervational method 407
case study 433
Oedometer teat 227, 258
Openy deive sampler 382
Open layer 248
Oiptitenm water content 22
Oygzanic soil 11,13
Crrercotisolidated sodl 106, 111, 130, 343
Crrercotisolidation ratio 106

Pads 273
Patrtial factors 34, 186, 279, 287 313
Particle density 19
Particle shape 1,2
Particle size analysis 6
Pagsive pressure 165, 180
Passive Ranlane state 166
Peat 11,13
Penetration tests 296, 308
Perched water table 30, 381
Percussion boring 375
Permeability 31
Permissible stress method 277
Phase relationships 17
Phreatic surface 20
Piezotneters 364, 381, 403
Piled raft 220
Piles 277, 311
bearing capacity 311
case studies 419 421
driving formulae 323
groups 320
ity clays 316
it1 satids 313
lateral loading 330
load factor 213
load tests 318
pattial factors 313
settlement 332
Piping A
Plane slip analysis 357
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Plane strain 102, 105, 161, 185, 347
Plastic eguilibeivm 163, 281
Plastic limit 7
Plasticity chart 14
Plasticity index 7
Plasticity theory 136, 161, 282
Plate bearing test 205
Priewmatic piezometer 403
Prievmatic tyred rollers 26
Poisson's ratio 139, 155
Pootly-graded soil
Potre air pressure 79, 99, 404
Pore pressure coefficients 137
Pore pressure ratio 354, 367, 368
Pore water pressure 30, 71, 201, 403
measurement 92, 403
Porosity 12
Potential function 38
Potentiomettic extensometer 402
P owrer rattaners 27
Pre-loading 416
Preconsolidation pressure 231
Prediction classes 393
Prefabricated drains 269
Pressure cells 407
Pressuremmeter test 140
Presumed bearing walues 275
Pritmaty consolidation 254
Piinciple of effective stress 71
Progressive failure 363
Propped cantilewver walls 196
Puniching shear failure 282

Chaick clay 109
Cnick condition 2
Onicksand 23

Raft 273

Ratldne theoty of earth pressure 162
Rapid assessment procedure 10
Rapid drawdown 368
Recompression 107, 220

Reinforced soil 217

Residual shear strength 125 363
Fesidual aoil 1

Response tire 321, 404

Resultant body force 20

Retaining stractures 183
Rigid-petfectly plastic model 137, 161
Ring shear test 125

Fock flowr 1

Rod energy ratio 207

Fod extetisometer 397, 400

Foot time method 254

Rotary deilling 378

Satnple quality 352
Sampling 381
Sand 3, 11, 13, 34, 103, 2475, 234, 313, 340
Sand drains 268, 436
Handwricks 269
Saturation line 23
Achmertmann’s method 308
Secant parameters 32
decondary compression 254, 257
Sedimentation g
Seepage 30

atdsotropic sois 49

basic theoty 37

emhankment dams 35

flow neta 42

force 20

non-homogeneous soils 52

pressure 22, 203

transfer conudition 33

velocity 32
Seismic refraction method 290
Sensitivity of clays 109
Serviceability limit states 185, 270

Settlement 157, 237, 435, 357, 243 478, 3075, 204, 00 305, 344
case studies 412 414 451
dathage 279
instnimentation 396

Shaft resistance 312

Shafts 274

Shear modulus 129

Shear strength 91
it1 terms of effective stress 110
patratmeters 81, 104, 107, 137
residual 125
ganda 102
saturated clays 106
tests 94
undrained 107

Sheathiox test 34

Sheepsfoot rollers 26

Shell 375

Ahrinkage lirdt 8

Sieving &

Significant depth 277

Hilica 2

Silt 5, 11, 13, 33, 278, 295, 304

Single grain stracture 1

Skin friction 213, 317

Sleeve resistance 306

Slip indicator 402

Slip live fleld 163

Slope stability 347
@y =0 analysis 348
case study 424
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method of slices 351
Bishop solution 354
Fellenius (Gwedish) solution 353
platie slip analysis 357
pore pressure conditions 354, 362
progressive failure 363
Sty trench stability 216
Smooth wheeled rollers 25
Soil classification 9, 13
Soil description @, 11
Soll fabric 9, 12, 256, 203, 388
ZAoil suction 30, 79
Specific gravity of sod particles 19
Specific suface 1
Specific volume 12
Split barrel sampler 384
Standard penetration resistance 296
Atandard penetration test 296
Standpipe piezometer 3281, 405
State boundary surface 120
Static cone penetration test 306
Static pote water pressure 84
Stationary piston satmpler 384
Ateady seepage pore water pressure 73
Stokes’s law
Strain hardening 111, 138
Strain softening 113, 138
Stress path method 243
Stress paths 113, 119, 239
Stress point 94
Stresses from elastic theory 144
citoular area 150
line load 147
poit load 144
rectangular area 151
strip atea 148
Surcharge pressure 167
Swedish method of slices 353
Awelling 75

Tangent parameters 92

Tape extensometer 400

Taylot’s slope stability coefficients 349
Tension zone 166

Tetzaghi and Peck method 200
Terzaghi’s theoty of one-dimensional consolidation 245, 265
Thity walled sampler 384

Titne factor 248, 2668, 271

Total active thraat 166, 179

Total head 30

Total passive resistance 167, 120

Total stress 71

Toughtiess test 10

Transported soil 1

Trial pits 374

Triaxial test 25, 113

Tube extensometer 401

Tutbostratic structure 4

Ultimate beating capacity 281, 312

Ultimate lirat states 125, 378

Unconfined compression test 92
Theoonisolidated—undrained triavial test 99, 107
Tndrained condition 74, 99, 168, 237, 287, 203, 348 362
Tniform soil &

Uit weight 20

Upper bound theorem 162

WVan detr Waals forces 4
Vane sheat test 100, 110
Vertical drains 208

case study 426
Vertical movement 394
Vibratitg plates 27
Vibrating wire transducer 400
Vibratory rollers 26
Vibto-compaction 332
Vibro-replacement 333
Virgin compression 220
Void ratio 18
Void ratio/effective stress relationship 106, 220

Wall adhesion 178
Wall flexibility 199
Wiall friction 176

W ash boting 378
Water content 17
Water table 30

Wave equation 323
Well-graded soil &
Well pumping test 34
Window sampler 35T

Field function 138
Toung' s modulus 139, 156, 238, 308

Zeto alt woids line 23
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