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CHAPTER 1

Introduction

1.1 WHY THIS BOOK?

“Things should be made as simple as possible but not a
bit simpler than that.”
Albert Einstein (Safir and Safire 1982)

Finding the Einstein threshold of optimum simplicity was
a constant goal for the author when writing this book
(Figure 1.1).

The first driving force for writing it was the coming
of age of unsaturated soil mechanics: There was a need
to introduce geotechnical engineering as dealing with true
three-phase soils while treating saturated soil as a special
case, rather than the other way around. The second driving
force was to cover as many geotechnical engineering topics
as reasonably possible in an introductory book, to show the
vast domain covered by geotechnical engineering and its
important contributions to society. Dams, bridges, buildings,
pavements, landfills, tunnels, and many other infrastructure
elements involve geotechnical engineering. The intended
audience is anyone who is starting in the field of geotechnical
engineering, including university students.

1.2 GEOTECHNICAL ENGINEERING

Geotechnical engineering is a young (~100 years) profes-
sional field dealing with soils within a few hundred meters

Too complex

/\ N\ A~ Threshold of

\/ \/ 7 optimum simplicity

Too simple

Figure 1.1 Einstein threshold of optimum simplicity. (Photo by
Ferdinand Schmutzer)

of a planet’s surface for the purpose of civil engineering
structures. For geotechnical engineers, soils can be defined as
loosely bound to unbound, naturally occurring materials that
cover the top few hundred meters of a planet. In contrast, rock
is a strongly bound, naturally occurring material found within
similar depths or deeper. At the boundary between soils and
rocks are intermediate geo-materials. The classification tests
and the range of properties described in this book help to
distinguish between these three types of naturally occurring
materials.

Geotechnical engineers must make decisions in the best
interest of the public with respect to safety and economy.
Their decisions are related to topics such as:

e Foundations

* Slopes

* Retaining walls
e Dams
Landfills

e Tunnels

These structures or projects are subjected to loads, which
include:

 Loads from a structure

* Weight of a slope

* Push on a retaining wall

¢ Environmental loads such as waves, wind, rivers, earth-
quakes, floods, droughts, and chemical changes, among
others

Note that current practice is based on testing an extremely
small portion of the soil or rock present in the project area.
A typical soil investigation might involve testing 0.001%
of the soil that will provide the foundation support for the
structure. Yet, on the basis of this extremely limited data, the
geotechnical engineer must predict the behavior of the entire
mass of soil. This is why geotechnical engineering is a very
difficult discipline.
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1.3 THE PAST AND THE FUTURE

While it is commonly agreed that geotechnical engineering
started with the work of Karl Terzaghi at the beginning of the
20th century, history is rich in instances where soils and soils-
related engineering played an important role in the evolution
of humankind (Kerisel 1985; Peck 1985; Skempton 1985). In
prehistoric times (before 3000 BC), soil was used as a building
material. In ancient times (3000-300 Bc), roads, canals, and
bridges were very important to warriors. In Roman times
(300 BC-300 AD), structures started to become larger and
foundations could no longer be ignored. The Middle Ages (AD
300-1400) were mainly a period of war, in which structures
became even heavier, including castles and cathedrals with
very thick walls. Severe settlements and instabilities were
experienced. The Tower of Pisa was started in 1174 and
completed in 1370. The Renaissance (AD 1400—1650) was a
period of enormous development in the arts, and several great
artists proved to be great engineers as well. This was the case
of Leonardo da Vinci and more particularly Michelangelo.
Modern times (AD 1650-1900) saw significant engineering
development, with a shift from military engineering to civil
engineering. In 1776, Charles Coulomb developed his earth
pressure theory, followed in 1855 by Henry Darcy and his
seepage law. In 1857, William Rankine proposed his own
earth pressure theory, closely followed by Carl Culman and
his graphical earth pressure solution. In 1882, Otto Mohr
presented his stress theory and the famous Mohr circle,
and in 1885 Joseph Boussinesq provided the solution to an
important elasticity problem for soils. From 1900 to 2000
was the true period of development of modern geotechnical
engineering, with the publication of Karl Terzaghi’s book
Erdbaumechanik (in 1925), which was soon translated into
English; new editions were co-authored with Ralph Peck
beginning in 1948. The progress over the past 50 years
has been stunning, with advances in the understanding of
fundamental soil behavior and associated soil models (e.g.,
unsaturated soils), numerical simulations made possible by
the computer revolution, the development of large machines

(e.g., drill rigs for bored piles), and a number of ingenious
ideas (e.g., reinforced earth walls).

Geotechnical engineering has transcended the ages because
all structures built on or in a planet have to rest on a soil or rock
surface; as a result, the geotechnical engineer is here to stay
and will continue to be a very important part of humanity’s
evolution. The Tower of Pisa is one of the most famous
examples of a project that did not go as planned, mostly
because of the limited knowledge extant some 900 years ago.
Today designing a proper foundation for the Tower of Pisa is
a very simple exercise, because of our progress. One cannot
help but project another 900 years ahead and wonder what
progress will have been made. Will we have:

* complete nonintrusive site investigation of the entire soil
volume?

e automated four-dimensional (4D) computer-generated
design by voice recognition and based on a target risk?

e tiny and easily installed instruments to monitor geotech-
nical structures?

e unmanned robotic machines working at great depth?

* significant development of the underground?

e extension of projects into the sea?

¢ soil structure interaction extended to thermal and mag-
netic engineering?

* failures down to a minimum?

e expert systems to optimize repair of defective geotechni-
cal engineering projects?

e geospace engineering of other planets?

 geotechnical engineers with advanced engineering judg-
ment taught in universities?

* no more lawyers, because of the drastic increase in
project reliability?

1.4 SOME RECENT AND NOTABLE PROJECTS

Among some notable geotechnical engineering projects and
developments are the underpinning of the foundation of the
Washington Monument in 1878 (Figure 1.2; Briaud et al.

F

411 m

|

Figure 1.2 The Washington Monument.
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Figure1.3 Culebracutofthe Panama Canal, 1913. (a: Courtesy of Fernando Alvarado; b: Courtesy

of United States Geological Survey)

2009); the Panama Canal (1913) and its slope stability prob-
lems (Figure 1.3; Marcuson 2001); the Tower of Pisa (1310)
and its foundation repair in 1990 (Figure 1.4; Jamiolkowski
2001); the locks and dams on the Mississippi River and their
gigantic deep foundations (Figure 1.5); and airports built
offshore, as in the case of the Tokyo Haneda airport runway
extension (Figure 1.6). Among the most significant milestones

in the progress of geotechnical engineering are the discov-
ery of the effective stress principle in saturated and then
unsaturated soil mechanics; the development of laboratory
testing and in situ testing to obtain fundamental soil proper-
ties; the combination of soil models with numerical methods
to simulate three-dimensional behavior; the advent of geo-
synthetics and of reinforced soil, which is to geotechnical

Figure 1.4 The Tower of Pisa and its successful repair in 1995. (c: Courtesy of Dr. Gianluca De
Felice (General Secretary), Opera Primaziale Pisana.)
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Figure 1.5 Lock and Dam 26 on the Mississippi River in 1990. (a: Courtesy of United States
Army Corps of Engineers, b: Courtesy of Thomas F. Wolff, St. Louis District Corps of Engineers,
1981. c: Courtesy of Missouri Department of Transportation.)

Figure 1.6 Extension of the Tokyo Haneda airport in 2010. (Courtesy of Kanto Regional
Development Bureau, Ministry of Land, Infrastructure, Transport and Tourism, Japan.)



engineering what reinforced concrete is to structural engineer-
ing; and the development of instruments to monitor full-scale
behavior of geotechnical engineering structures.

1.5 FAILURES MAY OCCUR

Failures do occur. The fact remains that it is not possible
to design geotechnical engineering structures that will have
zero probability of failure. This is because any calculation is
associated with some uncertainty; because the geotechnical
engineering profession’s knowledge, despite having made
great strides, is still incomplete in many respects; because
human beings are not error free; and because the engineer
designs the geotechnical engineering structure for conditions
that do not include extremely unlikely events such as an
asteroid hitting the structure at the same time as an earthquake,
a hurricane, and a 100-year flood during rush hour.

Nevertheless, geotechnical engineers learn a lot from fail-
ures, because thorough analysis of what happened often
points out weaknesses and needed improvement in our ap-
proaches. Some of the most notable geotechnical engineering
failures have been the Transcona silo bearing capacity failure
in 1913 (Figure 1.7), the Teton dam seepage failure in 1976
(Figure 1.8), and the failure of some of the New Orleans
levees during Hurricane Katrina in 2005 (Figure 1.9).

1.6  OUR WORK IS BURIED

As Terzaghi is said to have noted, there is no glory in
foundations. Indeed, most of our work is buried (Figure 1.10).

Figure 1.7 Transcona silo bearing capacity failure and repair
(1913). (Courtesy of the Canadian Geotechnical Society.)
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For example, everyone knows the Eiffel Tower in Paris, but
very few know about its foundation (Figure 1.11; Lemoine
2006). The foundation was built by excavating down to the
water level about 7 m deep—but the soil at that depth was
not strong enough to support the 100 MN weight of the
Tower, so digging continued. Because of the water coming
from the River Seine, the deepening of the excavation had
to be done using pressurized caissons (upside-down coffee
cans, big ones!) so that the air pressure could balance the
water pressure and keep it out of the excavation. Workers got
into these 14 x 6 x 15 m caissons (Figure 1.12) and worked
literally under pressure until they reached a depth where the
soil was strong enough to support the Tower (about 13 m on
the side closest to the river and about 8 m on the side away
from the river).

1.7 GEOTECHNICAL ENGINEERING CAN BE FUN

Geotechnical engineering can be fun and entertaining, as the
book by Elton (1999; Figure 1.13) on geo-magic demon-
strates. Such phenomena as the magic sand (watch this movie:
www.stevespanglerscience.com/product/1331?gclid=CNiW
luu-alCFc9J2godZwuiwg), water going uphill, the surpris-
ingly strong sand pile (Figure 1.13), the swelling clay pie
(Figure 1.13), and the suddenly very stiff glove full of
sand will puzzle the uninitiated. Geotechnical engineering
is seldom boring; indeed: the complexity of soil deposits
and soil behavior can always surprise us with unanticipated
results. The best geotechnical engineering work will
always include considerations regarding geology, proper
site characterization, sound fundamental soil mechanics
principles, advanced knowledge of all the tools available,
keen observation, and engineering judgment. The fact that
geotechnical engineering is so complex makes this field an
unending discovery process, which keeps the interest of its
adepts over their lifetimes.

1.8 UNITS

In engineering, a number without units is usually worthless
and often dangerous. On this planet, the unit system most
commonly used in geotechnical engineering is the System
International or SI system. In the SI system, the unit of
mass is the kilogram (kg), which is defined as the mass of a
platinum-iridium international prototype kept at the Interna-
tional Bureau of Weights and Measures in Paris, France. On
Earth, the kilogram-mass weighs about the same as 10 small
apples. The unit of length is the meter, defined as the length
of the path travelled by light in vacuum during a time interval
of 1/299,792,458 of a second. A meter is about the length of
a big step for an average human. The second is the duration
of 9,192,631,770 periods of the radiation corresponding to
the transition between the two hyperfine levels of the ground
state of the cesium 133 atom. Watches and clocks often have
a hand ticking off the seconds. The unit of temperature is the


http://www.stevespanglerscience.com/product/1331?gclid=CNiW
http://www.stevespanglerscience.com/product/1331?gclid=CNiW
http://www.stevespanglerscience.com/product/1331?gclid=CNiW
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Figure 1.8 Teton Dam seepage failure (1976) (Photos by Mrs. Eunice Olson. Courtesy of Arthur

G. Sylvester.)

Kelvin, defined as 1/273.16 of the difference in temperature
between the absolute zero and the triple point of water. The
degree Celsius (C) is also commonly used; it has the same
magnitude as the degree Kelvin but starts at ~0°C (~273 K)
for the freezing point of water and uses ~100°C (~373 K)
for the boiling point of water. There are seven fundamental

units in a unit system, but these four (kg, m, s, K) are the
most commonly used in geotechnical engineering. The other
fundamental units in the SI system are the mole (substance),
the candela (light), and the ampere (electricity).

Other geotechnical engineering units are derived from
these fundamental units. The unit of force is the Newton,
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Figure 1.9 New Orleans levee failures during the Katrina hurricane in 2005. (Courtesy of United
States Army Corps of Engineers.)

Figure 1.10 A rendition of the geotechnical engineering world. (Courtesy of Hayward Baker
Inc., Geotechnical Contractor.)
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Figure 1.11 The Eiffel Tower foundation plan.
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Figure 1.12 The Eiffel Tower foundation. (Photos b, c: Courtesy of the Musée d’Orsay, Paris.)

Figure 1.13  Soil magic. (Courtesy of David J. Elton.)
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which is the force required to accelerate a mass of 1kg
to 1 m/s>.
IN=1kgx 1m/s’ (1.1

This force is about the weight of a small apple. Humans
typically weigh between 600 and 1000 N. Most often the kilo-
Newton (kN) is used rather than the Newton. The kilogram
force is the weight of one kilogram mass. On Earth, the
equation is:

1 kgf = 1 kg x 9.81 m/s? (1.2)
The unit of stress is the kN/m?, also called kilo-Pascal
(kPa); there is about 20 kPa under your feet when you stand

on both feet. Note that a kilogram force is the weight of a
kilogram mass and depends on what planet you are on and

PROBLEMS

even where you are on Earth. Other units are shown in a table
at the beginning of this book.
Accepted multiples of units, also called SI prefixes, are:

terra 10'2
giga 10°
mega 10°
kilo 103
milli 1073
micro 107¢
nano 107
pico 10712

(An angstrom is 10710 meter.)

1.1 How would you decide if you have reached the threshold of optimum simplicity?
1.2 What was achieved by underpinning the 608 MN Washington Monument foundation from a 24.4 m square foundation to a

38.5 m square ring, as shown in Figure 1.27

1.3 How would you go about deciding if the slopes of the Panama Canal are too steep?

1.4 What major geotechnical engineering problems come to mind for the extension of the Tokyo Airport?
1.5 Write a step-by-step procedure for the up-righting of the Transcona Silo.

1.6 For the 100 MN Eiffel Tower, calculate the average pressure under the foundation elements.

7m

13m

- 5.4 m—><3.6m>

14 m

Figure 1.1s Foundation of the Eiffel Tower.

1.7 For the Tower of Pisa, calculate the pressure under the foundation, given that the foundation is a ring with a 19.6 m outside
diameter and a 4.5 m inside diameter. Compare this pressure to the pressure obtained for the Eiffel Tower in problem 1.6.

Figure 1.2s Tower of Pisa foundation.
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1.8 Calculate the pressure under your feet.

Figure 1.3s Feet geometry.

1.9 What do you think caused the failure of the Teton Dam? What do you think might have avoided this problem?
1.10 Explain the magic behind Figures 1.13d and 1.13e.
1.11 Are the following equations correct?
1 kgf = 1 kg x 9.81 m/s?
IN=1kgx 1.0m/s’
1 kgf =981 N

1.12 What is the relationship between a kilopascal (kPa) and a pound per square foot (psf)? What is the net pressure in psf under
the Eiffel Tower foundation?

Problems and Solutions

Problem 1.1
How would you decide if you have reached the threshold of optimum simplicity?

Solution 1.1
The threshold is not reached if:

e The solution seems too simple or too complicated.

* The solution is not used in practice.

¢ It costs too much time and money to obtain the solution.

* The solution leads to erroneous answers.

 The solution does not contain or address the essential elements of the problem.

The threshold is likely reached if:

* The solution seems reasonably simple and cannot be simplified further.

 The solution is used in practice.

* The cost of obtaining and implementing the solution is consistent with the budget of a large number of projects.
 The solution leads to reasonable answers.

e The solution is based on fundamental elements of the problem.

Problem 1.2

What was achieved by underpinning the 608 MN Washington Monument foundation from a 24.4 m square foundation to a
38.5 m square ring, as shown in Figure 1.27

Solution 1.2

By increasing the area of the foundation, the pressure under the Washington Monument was decreased. This allowed the
construction of the column to be completed with greatly reduced settlement and avoided the overturning or collapse of the
structure that would likely have occurred if no underpinning had been done.

Problem 1.3

How would you go about deciding if the slopes of the Panama Canal are too steep?
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Solution 1.3

I would draw a free-body diagram of the mass that would be likely to fail, I would show all the external forces, and I would
check the equilibrium of the system.

I would also check the site and make observations of the slope as a function of time. If it had not already been built, I could
observe neighboring slopes and make measurements.

Problem 1.4
What major geotechnical engineering problems come to mind for the extension of the Tokyo Airport?

Solution 1.4
Some of the problems associated with the extension of the Tokyo airport include:
* Soil failure in the form of rotational sliding at the edges of the embankment.
» Excessive settlement of the embankment, and in particular differential movements.

* Erosion problems during storms.
* Earthquake-induced problems, as the airport is in a high-seismicity area.

Problem 1.5
Write a step-by-step procedure for the up-righting of the Transcona Silo.

Solution 1.5

The following steps could be considered for the successful up-righting of the silo:

* Build footings on top of which hydraulic jacks can be installed to raise the structure. Make sure the footings can resist
the force necessary to lift the structure.

o Lift the structure upward and start to backfill the failed soil. An alternative is to reinforce the existing failed soil.

* Complete the reinforcement of the key locations beneath the silo.

* Lower the jacks and allow the silo to rest on the reinforced earth.

Problem 1.6
For the 100 MN Eiffel Tower, calculate the average pressure under the foundation elements.

Solution 1.6

Pressure is force over area. The problem states that the Eiffel Tower exerts 100 MN of force on the foundation. From
Figure 1.11, we know that the foundation of each leg of the Eiffel Tower is made of one rectangular foundation of 14 m
by 6 m and three rectangular foundations of 10 m by 6 m. Therefore, the total area for the foundation of each leg is
14m x 6 m +3(10 m x 6 m) = 264 m?. Assuming that the load is evenly distributed among the four legs, the load per leg
is 100 MN divided by 4, or 25 MN. The average pressure per foundation element is

25000
=
264

Note that this pressure does not include the weight of the foundation.
Weight of the largest foundation element:

26%x36 54x86
W:25x<Mx7+36x6+ x x )

> T2
— 25 x (98 4 21.6 + 4.68 + 23.22) x 6 = 221

Average pressure due to the weight of this foundation is:

foundation 14 % 6

which is much larger than the pressure due to the tower alone. Indeed, the weight of all the foundation elements is a lot more
than the weight of the tower.
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Figure 1.1s Foundation of the Eiffel Tower.

If we assume a total unit weight of soil of 20 kN/m?, this pressure Py, .00 1S €quivalent to the pressure created by a
height of soil equal to

h' g = — =
soil 20

Because 13 meters of soil were excavated, the weight of soil removed during the excavation was approximately equal to
the weight of the foundation and the net pressure increase on the soil is P, = 94.6 kPa. However, the actual pressure under
the biggest foundation element is P,,,; = 94.6 + 263 = 357 kPa.

Problem 1.7

For the Tower of Pisa, calculate the pressure under the foundation, given that the foundation is a ring with a 19.6 m outside
diameter and a 4.5 m inside diameter. Compare this pressure to the pressure obtained for the Eiffel Tower in problem 1.6.

Solution 1.7
Pressure under the foundation = —— = 469

If this pressure does not include the weight of the foundation, then P,,, = 496.8 kPa is the net pressure. Net pressure under
the Eiffel Tower foundation = 94.6 kPa. The net pressure under the Tower of Pisa is about five times higher than the net
pressure under the Eiffel Tower.

Problem 1.8

Calculate the pressure under your feet.

Solution 1.8
Effective area for one foot = (0.28 — 0.08) x 0.09 = 0.018 m?

Average weight of a person = 750 N

750 x 1073
Pressure under two feet : ——— =20
2 x 0.018

Figure 1.3s Feet geometry.
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Problem 1.9
What do you think caused the failure of the Teton Dam? What do you think might have avoided this problem?

Solution 1.9

The failure of the Teton Dam was likely due to seepage at the boundary between the dam and the abutment. This seepage led
to piping in the dam and ultimately to its breach. One way to avoid such a problem is to build a wall penetrating into the
abutment, called a key, to minimize the seepage at that interface.

Problem 1.10
Explain the magic behind Figures 1.13d and 1.13e.

Solution 1.10

The swelling clay pie is made of smectite clay, which has a tremendous ability to attract water in the presence of
a free water source. This is due to the chemical attraction between the water molecules and the smectite mineral
(Al,S1,0,7(OH), and x interlayers of H,O). This clay type can swell an amount equal to its initial height or more. This is
why the clay pie swelled to twice its height when subjected to a water source.

The sand pile at the top of the figure fails under the load applied (50 N) because the load exceeds the shear strength of the
sand. The sand pile at the bottom of the figure is internally reinforced by sheets of toilet paper that are not visible from the
outside. These paper sheets provide enough tension and increased shear strength in the sand for it to resist a much higher
load (220 N) than the unreinforced sand pile.

Problem 1.11

Are the following equations correct?

Solution 1.11
1 kgf = 1 kg x 9.81 m/s”: Correct

I N =1kg x 1.0m/s>: Correct
1 kgf = 9.81 N: Correct

Problem 1.12
What is the relationship between a kilopascal (kPa) and a pound per square foot (psf)?

Solution 1.12

0.22481 1b
1000N X ———

IN
( (3.28 ft>2>
1 m?2 x

1m

What is the net pressure in psf under the Eiffel Tower foundation?

1kPa=1000N/m* = =20.9 psf

Total weight = 100 MN
Total area = (14 m x 6 m+ 3(10m x 6 m)) x 4 = 10

P P 100 MN 100 x 10°
ressure i a = =
1056 m? 1056 N/m?

= 94697 N/m? = 94
Pressure in psf = 94.7 kPa x 20.9(psf/kPa) = 1975




CHAPTER 2

Engineering Geology

his chapter is intended to give readers a general overview

of engineering geology. More detailed information
should be sought in textbooks and other publications
(Waltham 1994; Bell 2007).

2.1 DEFINITION

Geology is to geotechnical engineering what history is to
humankind. It is the history of the Earth’s crust. Engineer-
ing geology is the application of the science of geology to
geotechnical engineering in particular and engineering in gen-
eral. The same way we learn from history to avoid repeating
mistakes in the future, we learn from engineering geology to
improve geotechnical engineering for better design of future
structures. Engineering geology gives the geotechnical engi-
neer a large-scale, qualitative picture of the site conditions.
This picture is essential to the geotechnical engineer and
must always be obtained as a first step in any geotechnical
engineering project.

2.2 THE EARTH

The age of the universe and of the Earth is a matter of debate.
The most popular scientific views are that the universe started
with a “big bang” some 15 billion years ago and that the
Earth (Figure 2.1) began to be formed some 4.5 billion years
ago (Dalrymple 1994), when a cloud of interstellar matter
was disturbed, possibly by the explosion of a nearby star.
Gravitational forces in this flat, spinning cloud caused its
constituent material to coalesce at different distances from
the Sun, depending on their mass density, and eventually to
form planets. The Earth ended up with mostly iron at its
center and silicates at the surface.

The Earth has a radius of approximately 6400 km (Jefferis
2008). The first layer, known as the crust (Figure 2.2), is
about 100 km thick and is made of plates of hard silica rocks.
The next layer, called the mantle, is some 2800 km thick and
made of hot plastic iron silicates. The core is the third and

last layer; it has a radius of 3500 km and is largely made of
molten iron.

Early on, the planet was very hot and all earth materials
were melted like they are on the Sun today. The cooling
process started right away and has been progressing ever
since. The present temperature gradient, shown in Figure 2.2,
represents an average increase in temperature with depth of
15 degrees Celsius per kilometer in the crust, although the
overall average is only 1 degree Celsius per kilometer. The
gravity field is governed by the acceleration due to gravity
(9.81 m/s? on the average). This gravity field generates an
increase in stress versus depth, which leads to an enormous
pressure at the center of the Earth of about 340 GPa. The
Earth’s magnetic field is created by magma movement in the
core and varies between 30 and 60 microteslas; it is strongest
near the poles, which act as the two ends of the Earth dipole.

The Earth is a dynamic medium that changes and evolves
through major events such as plate tectonics and earthquakes.
The rock plates (about 100km thick) that “float” on the
semiliquid and liquid layers below accumulate strains at
various locations where they run into each other. When the
stress buildup is released abruptly, the result is an earthquake.
Earthquakes and other movements allow the plates to move
slowly (centimeters per year) yet significantly over millions
of years. For example, on today’s world map South America
still looks like it could fit together with Africa—because in
the distant past they were in fact joined (Figure 2.3).

2.3 GEOLOGIC TIME

Geologic time is a scale dividing the age of the earth (4600
million years) into 5 eras (Figure 2.4): Precambrian (4600
million years ago [MYA] to 570 MYA), Paleozoic (570
MYA to 245 MYA), Mesozoic (245 MYA to 65 MYA),
Tertiary (65 MYA to 2 MYA), and Quaternary (2 MYA to
the present) (Harland et al. 1989). Each era is subdivided into
periods and then into epochs (Figure 2.5). The Quaternary
era, for example, is divided into the Pleistocene period and
the Holocene or Recent period.

15
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Figure 2.1 The Earth. (Courtesy of NOAA-NASA GOES Project.)
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Figure 2.2 Earth temperature, pressure, and density.
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Figure 2.3 South America and Africa fit. (Courtesy of John Harvey.)

Typically, the older the earth material, the stronger it is.
The last Ice Age occurred about 10,000 years ago at the
beginning of the Holocene period. Glaciers, some of them
100 meters thick, covered the earth from the North Pole
down to about the 40th parallel (St. Louis in the USA) and
preloaded the soil. Because of this very heavy preloading,

called overconsolidation or OC, those soil types (e.g., till) are
very stiff and strong and do not settle much under load, but
may erode quickly (as in the Schoharie Creek bridge failure
disaster in 1987). When the glaciers melted, the soil surface
rebounded; in some places this movement is still ongoing at
a rate of about 10 mm per year.
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Figure 2.5 Geologic time (periods and epochs).

2.4 ROCKS 2.5 SOILS

The Earth crust is 95% silica—and when silica cools, it
hardens. This cooling creates the first kind of rocks: igneous
rocks. Igneous rocks (e.g., granite, basalt, gneiss) are created
by the crystallization of magma. Sedimentary rocks (e.g.,
sandstone, limestone, clay shales) are made of erosional
debris on the Earth surface which was typically granular
and recemented; they are created by wind erosion and water
erosion, and are recemented by long-term high pressure or
by chemical agents such as calcium. Metamorphic rocks
(e.g., schist, slate) are rocks that have been altered by heat
and/or pressure. The strength of rocks varies greatly, from
10 times stronger than concrete (granite) to 10 times weaker
than concrete (sandstone). Older rocks are typically stronger
than younger rocks. Figure 2.6 shows some of the main
rock types.

Soils are created by the exposure of rocks to the weather.
This weathering can be physical (wetting/drying, thermal
expansion, frost shatter) or chemical (solution, oxidation, hy-
drolysis). The elementary components of rocks and soils are
minerals such as quartz and montmorillonite. Some miner-
als are easier to break down (montmorillonite) than others
(quartz). As a result, the coarse-grained soils (sand, gravel)
tend to be made of stable minerals such as quartz, whereas the
fine-grained soils (silt and clay) tend to be made of less stable
minerals such as montmorillonite. Organic soils may contain
a significant amount of organic matter (wood, leaves, plants)
mixed with the minerals, or may be made entirely of organic
matter, such as the peat often found at the edges of swamps.
Figure 2.7 shows some of those soils categories. Note that
what the geotechnical engineer calls soil may be called rock
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Igneous rocks

8r

Basalt Gabbro Granlte Obsidian Pumlce
Sedimentary rocks

Breccia Conglomerate Limestone Sandstone Shale

Metamorphic rocks

Gneiss Marble Metaquartzﬂe Schlst Slate

Minerals
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Biotite Copper Diamond Feldspar
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Halite ~ Magnetite Quartz Silver Talc

Figure 2.6 Main categories of rocks. (Courtesy of EDUCAT Publishers)

X

Figure 2.7 Main soil categories (crushed rock, gravel, sand, silt, clay).



by the engineering geologist; this can create confusion during
discussion and interpretation.

2.6 GEOLOGIC FEATURES

The ability to recognize geologic features helps one to assess
how the material at the site may be distributed. These fea-
tures (Waltham 1994; Bell 2007) include geologic structures
(faults, synclines, anticlines), floodplains and river deposits
(alluviums, meander migration), glacial deposits (glacial tills
and boulders left behind by a glacier), arid landforms (dunes,
collapsible soils, shrink-swell soils), and coastal processes
(shoreline erosion, sea-level changes).

The following list identifies some of the most common
and important geological features that can affect geotechnical
engineering projects.

Faults (Figure 2.8) are fractures in a rock mass that has
experienced movement. They can lead to differences in ele-
vation at the ground surface, differential erosion, contrasting
visual appearance, and weaker bearing capacity of the fault
material compared to the parent rock.

Outcrops show up at the ground surface when the rock
layers are inclined. The area on the ground surface associated
with an outcrop depends on the thickness of the layer and its
dip or angle with the horizontal.

Escarpments are asymmetric hills formed when an outcrop
is eroded unevenly or when the edge of rock layers is not flat.
A cliff is an extreme case of an escarpment.

Folds (Figure 2.9) are created when rock layers are curved
or bent by earth crust movement. Synclines are concave
features (valleys), whereas anticlines are convex features
(hills). Folds are best seen on escarpments.

Inliers and outliers are the result of erosion. Older rocks
are typically below younger rocks. When an anticline erodes,
the old rock appears at the surface between two zones of
younger rocks (inlier). When a syncline erodes, it can lead to
the reverse situation (outlier).

Figure 2.8 Example of rock fault. (Courtesy of USGS U.S.
Geological Survey.)
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Figure 2.9 Example of anticline—syncline combination. (Photo by
R. W. Schlische.)

Figure 2.10 Examples of sinkholes. (Left: Courtesy of R.E. Wal-
lace, United States Geological Survey, USA,; Right: Courtesy of
International Association of Certified Home Inspectors, Inc.)

Karst is the underground landscape created when limestone
is eroded or dissolved by groundwater. This process leads
to holes in the limestone, called sinkholes, which can range
from 1 meter to more than 100 meters in size and may
become apparent while drilling during the site investigation
(Figure 2.10).

Subsidence refers to settlement of the ground surface over
large areas (in the order of square kilometers). Subsidence can
be caused by pumping water out of the ground for irrigation
or drinking purposes (Houston, Mexico City), pumping oil,
digging large tunnels and mines, the presence of sinkholes,
melting of the permafrost, and wetting of certain soils that
collapse in the presence of water (called collapsible soils).

Meander migration occurs because rivers are dynamic fea-
tures that change their contours by lateral erosion, particularly
around bends or meanders. The soil forming the bank on the
outside of the meander is eroded and is sent to the inside of
the meander by the helical current of the river as it takes the
meander turn. The inside of the meander then forms a sand
bar (Figure 2.11).

Flood plain deposits occur when rivers experience flooding
and the water spills over from the main channel into the
floodplain. The main channel is a high-energy deposition
environment, and only coarse-grained soils heavy enough
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Figure 2.11 Example of meander migration.

not to be transported away are found there. In contrast,
floodplains are a low-energy deposition environment where
fine-grained soils are typically found. Floodplains and main
channels can end up being buried or abandoned as the river
migrates laterally and vertically. Abandoned floodplains are
called river terraces.

Alluvium and alluvial fans are soil deposits transported to
the bottom of a steep slope by the erosion of a river flowing
down that steep slope (Figure 2.12).

Colluvial fans are deposits that form by gravity at the
bottom of steep slopes when the slope fails.

Dunes are wind-blown sediments that accumulate over
time to form a hill.

Permafrost is a zone of soil that remains frozen year round.

2.7 GEOLOGIC MAPS

Geologic maps are very useful to the geotechnical engineer
when evaluating the large-scale soil and rock environment
to be dealt with in a project. These maps typically have a
scale from 1:10,000 to 1:100,000 and show the base rock
or geologic unit and major geologic features such as faults.

Figure 2.12 Example of an alluvial fan. (Courtesy of Mike
Norton.)

Figure 2.13 Example of geologic map. (Courtesy of National Park
Service, NPS.)

Each rock area of a certain age is given a different color
(Figure 2.13); soil is usually not shown on those maps. These
maps can provide useful information regarding groundwater
and hydrogeology, landslide hazards, sinkhole susceptibility,
earthquakes, collapsible soils, flood hazards, and karst topog-
raphy. Remember that what the geotechnical engineer calls
soil may be called rock by the engineering geologist; to avoid
confusion during discussion and interpretation, it is best to
clarify the terminology.

2.8 GROUNDWATER

Another important contribution of engineering geology to
geotechnical engineering is a better understanding of how the
groundwater is organized at a large scale. This field involves
aquifer conditions, permeability of the rocks, and weather
patterns (Winter et al. 1999). If you drill a hole in the ground,
at some point you are likely to come to a depth where there
is water. This water is called groundwater and it comes from
infiltration from rain, rivers, springs, and the ocean. It may be
stationary or flow slowly underground. If you go very deep
(about 3 km or more), you will get to a point where there is
no more water and the rocks are dry. The groundwater table
(Figure 2.14) is the surface of the water within the soil or rock
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Figure 2.14

where the water stress is equal to the atmospheric pressure
(zero gauge pressure). Under natural conditions and in the
common case, the groundwater table is close to being flat.
The phreatic surface, also called the piezometric surface,
is the level to which the water would rise in a tube connected
to the point considered in the soil mass. Most of the time,
the groundwater table and the phreatic surface are the same.
In some cases, though, they are different: artesian pressure
refers to the case where the pressure in the water at some
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depth below the groundwater table is higher than the pressure
created by a column of water equal in height to the distance
between the point considered and the groundwater table. This
can occur when a less permeable clay layer lies on top of a
more permeable sand layer connected to a higher water source
(Figure 2.14). Indeed, if you were to drill a hole through the
soil down to a zone with artesian pressure, the water would
rise above the level of the ground surface and could gush out
into a spring (Figure 2.15).

Figure 2.15 Example of flow due to artesian pressure. (Courtesy of USGS U.S. Geological
Survey.)
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Perched water is a zone of water in the soil where the water
appears at a certain depth in a boring and then disappears at
a deeper depth; it acts as a pocket of water in the ground.
Agquifers are typically deeper reservoirs of water that are sup-
plied by surrounding water through a relatively porous rock.
Aquifers are often pumped for human consumption. Their
depletion can create kilometers-wide zones of settlement

called subsidence, and in some instances the settlement can
reach several meters in depth.

In geotechnical engineering, it is very important to know
where the groundwater table is located, as it often affects
many aspects of the project. Furthermore, it is important
to identify irregularities in groundwater, such as artesian
pressure or perched water.

PROBLEMS

2.1 Calculate the pressure at the center of the Earth.
2.2 Calculate the temperature at the center of the Earth
2.3 What is the depth of interest for most geotechnical engineering projects?
2.4 List the Tertiary and Quaternary epochs.
2.5 What happened about 10,000 years ago on the Earth? What are some of the consequences for soil and rock behavior
today?
2.6 What are the three main categories of rocks, and what is the origin of each category?
2.7 What are the four main categories of soil sizes? How were each of these soils generated?
2.8 What engineering geology features can you look for when you visit a site for a geotechnical engineering project?
2.9 How can geologic maps be useful to the geotechnical engineer?
2.10 Define the following terms: groundwater level, perched water, phreatic surface, aquifer.

Problems and Solutions

Problem 2.1
Calculate the pressure at the center of the Earth.

Solution 2.1

To calculate the pressure at the center of the Earth, we will use Newton’s law of universal gravitation. The force between
two masses, m, and m,, separated by a distance r, is:
my.m
F=G—2
-
where G is the gravitational constant = 6.67 s 10~'' N m?kg—2
The density of soil layers varies with depth; the average density value for each layer is given in the following table:

Layer Thickness (km)  Average Density (kg/m?)

Crust 100 2700
Mantle 2800 5000
Core 3500 12000

Consider a small element of Earth dr thick and rdf wide at a depth such that the distance from the center of the Earth is
r (Figure 2.1s). This small element has a mass dm,. The force acting on that element consists of three gravitational force
components: the force due to mass Ma, which pulls the element away from the center; the force due to mass Mb, which pulls
the element toward the center, and the force due to mass Mc, which also pulls the element toward the center. Newton showed
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that the forces due to mass Ma and Mb are equal and opposite so that the only force acting on the element is the force due to
mass Mc. Therefore:

Earth Ma
pdr

Mc

Mb

Figure 2.1s Parameters definition.

The pressure P is P = % where A is the area of the element, so:

_dmy Gmy, pdV Gm, p.dr.A Gm,

G.
dp = = p.dr M

A2 T AT 2T A r2 T2

4
P = /p.G.m—;.dr, where m, = —7rip
r 3

4 2
P = §7T’G‘ p-.r.dr

Because the density of the Earth’s layers is not constant (see Figure 2.2), the pressure at the center of the Earth is:

4 3500x 1000 6300x 1000 6400x 1000
P=—-7 x667x107"! ( / 120007 rdr + / 50007 rdr + / 2700 rdr
3 0 3500x 1000 6300x 1000

6.4 x 10°
3.3 x 10°

6.3 x 10°

rs < 106 +3.645r2‘

3.5 x 10° N
P=279x10* (72#‘0 4 12.5r2‘ ) =344 x 10" = = 344 GPa
m

Note that in geotechnical engineering we calculate the pressure, also called vertical total stress, at a given depth z as:

P = ZViAZi

Where y; is the unit weight of the AZ; thick i™ layer within the depth z. This is an approximation, as the unit weight
Y = pg is not constant and depends on the depth z (since g is a function of z). This approximation is very acceptable for
the usual depth involved in a geotechnical project (a few hundred meters at most); indeed, this approximation only makes a
difference of a small fraction of a percent.

Problem 2.2
Calculate the temperature at the center of the Earth.

Solution 2.2

The temperature gradient is 15° Celsius per kilometer in the crust and 0.63° Celsius per kilometer in the mantle and the core.
Therefore, the temperature at the center of the Earth is:

T, =15 x 100 + 0.63 x 6300 = 5469°

center

Problem 2.3

What is the depth of interest for most geotechnical engineering projects?

Solution 2.3
The depth of interest for most geotechnical engineers is a few hundred meters.

Problem 2.4
List the Tertiary and Quaternary epochs.
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Solution 2.4
Holocene 0 to 10,000 years ago
Pleistocene 10,000 to 1.8 million years ago
Pliocene 1.8 to 5.3 million years ago
Miocene 5.3 to 23.8 million years ago
Oligocene 23.8 to 33.7 million years ago
Eocene 33.7 to 54.8 million years ago
Paleocene 54.8 to 65 million years ago

Problem 2.5

What happened about 10,000 years ago on the Earth? What are some of the consequences for soil and rock behavior
today?

Solution 2.5

An ice age occurred about 10,000 years ago, at the beginning of the Holocene period. At that time, glaciers about 100 meters
thick covered the earth from the North Pole down to about the 40th parallel and loaded the soil. This very heavy loading
increased the density, stiffness, and strength of the soils below the glaciers. When the glaciers melted, they left behind
these very dense, overconsolidated soils, called glacial tills. These soils do not settle much as long as the pressure does not
exceed the pressure exerted by the Ice-Age glacier. (The glaciers also carried within them very large and heavy rocks, and
deposited these boulders along their paths when they melted.) When the glaciers melted, the soil surface rebounded, and
in some places this movement still goes on today at a rate of about 10 mm per year. An example of this is the landmass
in England.

Problem 2.6

What are the three main categories of rocks, and what is the origin of each category?

Solution 2.6

The three main categories of rocks are:

* Igneous rocks, which come from the solidification and crystallization of magma. Common igneous rocks are granite,
basalt, and gneiss.

* Sedimentary rocks, which are composed of rocks previously eroded through wind and hydraulic erosion and recemented
by long-term high pressure or chemical agents (e.g., calcium). Common sedimentary rocks are sandstone, limestone, and
clay shales.

* Metamorphic rocks, which have been altered by heat and/or pressure. Common types of metamorphic rocks are schist
and slate.

Problem 2.7

What are the four main categories of soil sizes? How were each of these soils generated?

Solution 2.7

Soil class Soil type Size (by USCS)

Coarse-grained soil Gravel 75 mm to 4.75 mm
Sand 4.75 mm to 0.075 mm

Fine-grained soil Silt 0.075mm to 2 um
Clay <2 pum




2.8 GROUNDWATER 25

Soils are generated by the exposure of rocks to the weather and other altering mechanisms. The weathering can be physical
(wetting/drying, thermal expansion, frost shatter) or chemical (solution, oxidation, and hydrolysis). Erosion and deposition
is another mechanism responsible for soil formation.

Problem 2.8
What engineering geology features can you look for when you visit a site for a geotechnical engineering project?

Solution 2.8

* Geologic structures (faults, synclines, anticlines)

* Floodplains and river deposits (alluviums, meander migration)

* Glacial deposits (glacial tills and boulders left behind after glacier melting)
* Arid landforms (dunes, collapsible soils, shrink-swell soils)

 Coastal processes (shoreline erosion, sea level changes)

Problem 2.9
How can geologic maps be useful to the geotechnical engineer?

Solution 2.9

Geologic maps help geotechnical engineers to evaluate the soil and rock in an area and to find specific geologic features such
as faults.

Problem 2.10

Define the following terms: groundwater level, perched water, phreatic surface, aquifer.

Solution 2.10

Groundwater level: the level at which water is found in an open borehole.

Perched water: a zone of water in the soil where the water appears at a certain depth in a boring and then disappears at a
deeper depth; it acts as a pocket of water in the ground.

Phreatic surface: the level where the water would rise in a tube connected to the point considered in the soil mass. Most
of the time, the groundwater table and the phreatic surface are the same. Some exceptions include artesian pressure and
water flow.

Agquifer: a deep reservoir of water created by infiltration of surrounding water through a porous soil or rock. Drinking
water may come from an aquifer.




CHAPTER 3

Soil Components and Weight-Volume Parameters

3.1 PARTICLES, LIQUID, AND GAS

Soils are made of particles, gas (most often air), and fluid
(most often water). Particles are also called grains. The
space between the particles makes up the voids sometimes
also called pores. If the voids are completely filled with
air, the soil is called dry. If the voids are completely filled
with water, the soil is called saturated. If the soil is filled
partly with air and partly with water, the soil is called
unsaturated. Figure 3.1 shows a soil sample and its graphical
representation (the three-phase diagram discussed later in this
chapter).

Note that in some cases, there is a subtle distinction between
saying that a soil is dry and saying that a soil has no water.
If a small sample of wet soft clay is left in the sun or in a
low-humidity laboratory, it will become “dry” after a while
and at the same time much stronger than when it was wet.
This “dry” clay still has a tiny bit of water firmly bound
between the particles. This water is in tension and sucks
the particles together through a phenomenon called suction
(explained in Chapter 10 on effective stress). This suction
is responsible for the increase in strength of the clay. If the
dried clay is ground into individual particles and placed in
an oven at 100°C, then it will have no water and no strength.
Thus, it becomes important to make a distinction between
dried and no water; for example, a dried clay is a hard
block of soil whereas a clay with no water may simply be a
dry powder.

V, Arr | [w,

V4 | V| | Water | |W,,

VS Soil Ws

(a) (b)

Figure 3.1 Three-phase diagram representation.
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3.2 PARTICLE SIZE, SHAPE, AND COLOR

Depending on their size, soil particles are called gravel size
particles, sand size particles, silt size particles, or clay size
particles. Gravel, sand, and the coarser silt particles are
typically made of quartz and are more rounded in shape.
They can be seen with the naked eye or a simple microscope.
Clay and the finer silt particles are too small to be seen with
the naked eye; they are visible only with the use of electron
microscopy or X-ray diffractometry. Figure 3.2 shows photos
of soil particles.
Ranges of particle sizes are defined as:

Gravel-size particles: 20 mm to 4.75 mm
Sand-size particles: 4.75 mm to 0.075 mm
Silt-size particles: 0.075 mm to 0.002 mm
Clay-size particles: less than 0.002 mm

These ranges indicate a huge difference in size between a
sand-size particle and a clay-size particle. For example, if
the clay particle were a postage stamp, the sand particle
would be a very large airplane. Soil particle sizes are so
dramatically different that showing them on a natural scale
is not very helpful (Figure 3.3); instead, a logarithmic scale
is used which allows the very small particle to appear on the
scale as well as the very large ones. Figure 3.4 shows such
a scale and summarizes the main differences between soil
particles.

There is also a big difference in shape between the gravel-
and sand-size particles on the one hand and the silt- and
clay-size particles on the other. Gravel, sand, and the larger
silt particles tend to be rounded, whereas clays and the
smaller silt size particles tend to be rodlike or platelike. This
is because minerals such as quartz, which form the larger
particles, are much more stable and resistant to weathering
than the minerals, such as kaolinite (baby powder), that form
the smaller particles. The surface of sand and gravel particles
can present various degrees of roughness. At one end of the
spectrum are the angular particles (freshly broken from the
parent rock, for example) and at the other are the smooth,
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Figure 3.2 Examples of cobbles, gravel-, sand-, silt-, and clay-size particles.

Particle size (mm)

00.075 2 4 475 8 10 12
' Sand size E Gravel size
Silt and
Clay size

Figure 3.3 Particle sizes on a natural scale.

Particle size Clay size | Silt size | Sand size Gravel size
-4 -3 -2 -1 0 1 2
Particle size in mm 10 10, 10, 10, 19 19 19 -
on a log scale ' s ' p ' b '
Log of particle size -4 -3 E -2 E -1 0 E 1 2

on an arithmatic

log (0.002) = —2.7 log (0.075) = —1.125

log (4.75) = 0.677

bentonite-illite-kaolinite

scale
Seeing the particle Electron microscope | Microscope | Hand lens | Naked eye
Shape Plate like-rod like Sphere like
Minerals Smectite-montmorillonite- Mostly quartz-some felspar and mica

Electostatic-electromagnetic-

Forces involved

van der waals-
intermolecular-gravity

Gravity

Structure

Flocculated-dispersed

Loose-dense

Other factors

Cation exchange capacity-

Surface roughness-suction

suction

L

Figure 3.4 Particle sizes on logarithmic scale and some characteristics of each size.

rounded particles (eroded by water over a long period of time,
for example). Clays and silts are typically much smoother to
the touch than sands and gravels.

Soil particles are grey, tan, brown, or reddish. The brown
or reddish color may come from the presence of iron. The

wetter the soil is, the darker the color will be; this may help
in determining the location of the groundwater level when
retrieving samples from a boring. A darker color may also
indicate the presence of organic matter, although a foul smell
is another and possibly better indicator.
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3.3 COMPOSITION OF GRAVEL, SAND,
AND SILT PARTICLES

Soil particles are made of mineral or organic matter. Mineral
matter is inert matter such as silica, whereas organic mat-
ter is of biological origin (basically, anything that lives or
has lived). Organic particles include leaves, plants, grasses,
fibers, tree trunks, shells, and fossils. Most soil particles are
made of minerals, which have a crystalline structure. The
most common mineral is silica; indeed, silica makes up 95%
of the Earth’s crust. Minerals are to particles what bricks
are to houses: they are the building blocks of the particle.
The most stable minerals are framework minerals, which
are resistant to erosion and weathering, and form the larger
particles (gravel and sand). The least stable minerals are the
sheet minerals which make up the clay particles. The most
common constituent mineral in gravel, sand, and the coarser
silt particles is quartz (SiO,), but feldspar (KAISi;Og), and
mica (SiO,, Al,O3) are also encountered. The behavior of
gravel particles, sand particles, and the coarser silt particles
is determined by the weight of the particle and associated
friction. Other phenomena, such as electromagnetic and in-
termolecular forces, do exist, but in these coarser particles
their effects are negligible compared to the weight. However,
this is not the case for extremely small particles, such as clay
particles or the finer silt particles.

3.4 COMPOSITION OF CLAY AND SILT
PARTICLES

Note that silt particles are listed in the title of this section
and the last section. The reason is that silt particles straddle
the properties of coarse-grained particles and clay particles.
Three major minerals make up clay particles. In decreas-
ing order of size, they are kaolinite, illite, and smectite
(Mitchell and Soga 2005). Montmorillonite and bentonite
are subgroups of the smectite minerals. These minerals are
composed of elementary sheets, which are the silica sheet
(Si0,), the gibbsite sheet (Al,(OH)g), and the brucite sheet
(Mg;(OH)s).

The mineral kaolinite (Al,Si,O5(OH),) is made of a stack
of a silica sheet and a gibbsite sheet. Kaolinite makes up
the larger clay particles with length on the order of 1000
nanometers (Figure 3.5), a thickness of about 100 nanome-
ters, and a specific surface (particle surface per unit mass)
of 10 m?/g. Kaolinite is commonly used in baby powder.
Smectite (Al,Si,O,,(OH), and x interlayers of H,0O) is made
of a gibbsite sheet sandwiched between two silica sheets.
Smectite makes up the smaller clay particles with length on
the order of 100 nanometers (Figure 3.5), a thickness on the
order of 1 nanometer, and a specific surface (particle surface
per unit mass) of 800 m?/g. This remarkably high specific
surface allows the smectite particle to absorb a significant
amount of water between the elementary sheets. This leads
to extreme swelling and shrinking potential for these clays

Montmorillonite TN
particle
1nm=10""m 20 nm

3 nm.

1M}/ 20 nm,|

Kaolinite
particle
40 nm.

100 nm. 1000 nm.

Figure 3.5 Approximate dimensions of montmorillonite and kaoli-
nite particles.

(Figure 3.6). Montmorillonite and bentonite are subgroups of
the smectite mineral group. Bentonite is sold commercially
for drilling mud applications because it can form a nearly
impervious cake on the wall of the borehole and keep ground-
water from penetrating the borehole (see Chapter 6 on site
investigation). The mineral illite has properties intermediate
between those of kaolinite and smectite.

Cations are positive ions that are attracted to the sur-
face of clay particles. Silicium (Si**) is a very common
cation in soils. Because Si** has a high valence, a negative
charge will be generated if it is replaced by another cation
such as APt or Mg?* or Na*. This cation exchange is
called isomorphous substitution because the exchange cation
has the same shape (isomorphous means “same shape” in
Greek), allowing it to fit in the crystalline lattice, but a
lower valence. This substitution will occur if an exchange
cation is available when a Si** cation is not. The cation
exchange capacity or CEC is a measure of how many cations
a clay particle can catch; it is measured in milliequivalents
per unit mass (meq/100g). The milliequivalent is a unit
of amount of substance and is related to the mole, the SI
unit used to quantify the amount of substance. Kaolinite
has a smaller CEC (~5 meq/100 g) than montmorillonite
(~80meq/100 g). As a result of isomorphous substitution,
the surface of clay particles is negatively charged except at the
ends of the particles, where positive charges may appear due
to broken bonds. In this case, clay particles can be thought of
as little magnets that attract or repel each other. The negative
and sometimes positive electrical charges on the surface of
clay particles influence the way the structure of the clay mass
develops (flocculated or dispersed).

The water next to the clay particle surface is made
of molecules that can be thought of as electrical dipoles
(H" and OH™). The H* end of the dipole is attracted to
the negative charges on the clay particle surface and the
water molecule adheres to the surface. Cations such as Na™
may also be present in the water and will be attracted to the
surface in an effort to neutralize the negative charge. The
sodium adsorption ratio or SAR gives an indication of how
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Figure 3.6 Absorption of water in bentonite. (Courtesy of Komine and Ogata, 2004.)

Double layer
water

Adsorbed

water layer

Figure 3.7 The electrical double layer of clay particles.

much sodium is available around the particles. It is defined as:

+
SAR = [Na”] G.1)

( [Ca2+] + [Mg*] )0‘5

2

where the value within brackets [] is the concentration of
cations in meq/liter. This layer of bound water is called the
electrical double layer (Figure 3.7) and its thickness is on
the order of 1 to 50 nm, with the higher values found in very
active clay particles such as montmorillonite and bentonite.
The layer of water most closely bound to the particle surface
within the electrical double layer is called the adsorbed water
layer (Figure 3.7).

The attraction between clay particles is attributed to the
Van der Waals forces that overcome the repulsion between
two negatively charged particles. Van der Waals forces are
intermolecular forces that give water its tensile strength, for
example. The other important source of cohesion in a clay
is the attraction between water and silica, which sucks the
particles together. This phenomenon, called suction, and is
discussed in Chapter 10 on effective stress.

3.5 PARTICLE BEHAVIOR

Gravels and sands are called coarse-grained soils, while silts
and clays are called fine-grained soils. The weight of soil par-
ticles varies tremendously; for example, a gravel-size particle
is about 10 billion times heavier than a clay-size particle.
Coarse-grained soil particles tend to behave according to

their weight. In contrast, the behavior of fine-grained, clay-
size particles is significantly influenced by the electrostatic
and electromagnetic forces that exist at the particle surface.
These forces create attraction and repulsion much like small
magnets would do. They give clays their consistency, which
you might wish to think of as stickiness. The behavior of
silt-size particles is intermediate between that of gravel and
sand on the one hand and that of clay on the other.

In addition to the weight of the particle and the electro-
static/electromagnetic forces affecting the particles, water can
strongly influence the behavior of an assembly of particles
(Figure 3.8). First, the water can create buoyancy if the par-
ticle is below the groundwater level. This buoyancy reduces
the effective weight of the particle (like when you go into

f.; = Forces at contacts between particles

- fe; = Electrical forces between particles

C.G. = Center of Gravity
W = Weight of particle
u,, = Water pressure around particle

Figure 3.8 Forces acting on a soil particle.
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a swimming pool) and therefore reduces the friction that it
can generate when rubbing against other particles. Second,
even above the groundwater level water is still present in the
voids because of two fundamental phenomena: the attraction
between water and the clay minerals (e.g., water is attracted
to silica, which leads to capillary suction) and the attraction
between water and salt (osmosis). Both phenomena allow
the water to stay in the voids, go into tension, and suck the
particles together. This “glue” between particles influences
the behavior of the particles, contributes to soil plasticity
(stickiness), and is responsible for the strength of a dry clay.
This topic is developed in Chapter 10 on effective stress.

3.6 SOIL STRUCTURE

The structure of a soil refers to the arrangement of the soil
grains. Loose or dense structures are found in coarse-grained
soils, whereas flocculated and dispersed structures exist in
fine-grained soils.

A loose soil structure is similar to the arrangement of the
spheres shown in Figure 3.9. In this case, the contacts between
particles are mostly at 90 and 180 degrees on the rosette of
contacts. Shearing the mass would lead to a loss of volume
of the mass, as the particles will tend to move toward a more
stable arrangement. This soil would be called contractive.
Such loose structures are found, for example, when the soil
settles under water in a very low-energy environment and
without vibration. This can be the case with hydraulic fills.
A dense soil structure is similar to the arrangement of the
spheres shown in Figure 3.10. In this case, the contacts
between particles are mostly at 45 and 135 degrees on the
rosette of contacts. Shearing the mass would lead to an
increase in volume of the mass, as each particle will tend
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Figure 3.9 Sphere organized in a loose structure and associated
rosette of contacts.

Figure 3.10 Sphere organized in a dense structure and associated
rosette of contacts.

to ride on top of the next one. This soil would be called
dilatant. Such dense structures are found in compacted soils
for dams or pavements that are densified during placement
by a combination of pressure and vibration.

In a dispersed structure, the particle arrangement is like a
deck of cards (Figure 3.11). Such structures tend to be very
stable and exhibit high stiffness. However, they have little
strength against shearing that takes place in the direction
of the “cards.” The stacks of particles can, however, be
organized in different ways within a single soil, and that will
influence the overall behavior. In a flocculated structure, the
particle arrangement looks like a card castle (Figure 3.11).
Such structures tend to be unstable and can easily collapse.
When a flocculated clay derives the strength of its particle
contact from salt bonding, a quick clay may be formed. These
quick clays (such as found in Norway and Canada) may
liquefy if the salt is leached from the contacts by exposure
to fresh water and/or if an event triggers the breaking of
the bonds. The Risa event in Norway was a remarkable
quick-clay landslide in which the clay literally turned into
liquid—to the extent that houses floated down the hill. (This
landslide was videotaped by an amateur, and the movie can be
obtained by contacting the Norwegian Geotechnical Institute
(NGI) in Oslo, Norway.) Most natural clays exhibit a mixture
of dispersed and flocculated structures. Examples of clay and
sand structures are shown in Figure 3.12 (Terzaghi et al.
1996).

Composite structures are associated with mixtures of coarse
particles and fine particles. In a matrix structure, the fine
particles are predominant and the coarse particles do not
touch each other. In a void bound structure, the coarse
particles touch each other and are bound together by the fine
particles, which effectively act as a glue.

3.7 THREE-PHASE DIAGRAM

The three-phase diagram is a graphical representation of the
soil components. Figure 3.1(a) shows a soil sample in its
natural state, with particles, gas (most often air), and liquid
(most often water) all mixed together. All the air can be
regrouped into one volume V,, and all the water can be
regrouped into one volume V,,. The sum of V, and V,, is the
volume of voids V,. Once all the air is in V,, and all the water
is in V,,, then what is left are the particles regrouped into
one volume V;. This particle volume has no voids, because
they have been sucked out into V, and V,,; therefore, the
volume V| is a solid piece of rock with no voids. The unit
weight of this solid piece of rock made with the particulate
material has a unit weight called the unit weight of solids, v,
a ratio of the weight of solids W, over the volume of solids
V. The unit weight of solids varies depending on the mineral
or organic matter of the particles, but for mineral matter it is
in the range of 25.5 to 27 kN/m? and for organic matter it is
9 to 13 kN/m?>. The specific gravity of solids, Gs, is the ratio
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() — Flocculated structure

(b) — Dispersed structure

Figure 3.11 Flocculated and dispersed clay structures.

Figure 3.12 Example of clay and sand structure. (From Terzaghi et al. 1996. This material is
reproduced with permission of John Wiley & Sons.)

between the unit weight of solids y, and the unit weight of
water y,,.

3.8 WEIGHT-VOLUME PARAMETERS

Some of the most important parameters describing the volume
and weight of soils are the unit weight, the water content, the
void ratio, the porosity, the degree of saturation, the specific
gravity of solids, and the density index (Table 3.1).

The natural unit weight (total weight of soil W, over total
volume of soil V,) is the unit weight of the soil as it is
found in its natural environment. The natural unit weight is
also called total unit weight or simply unit weight. Numbers
between 17 and 22 kN/m? are common. The dry unit weight
is the unit weight of the dry soil (weight of solids W over
total volume of soil V;). Numbers between 14 and 18 kN/m?
are common. The saturated unit weight is the ratio of the
weight of the soil when the voids are full of water or
liquid over the total volume of the soil. The weight of the
saturated soil is the weight of solids plus the weight of water
necessary to fill the voids (W, + V,y,,). Numbers between
18 and 22 kN/m?® are common. The submerged unit weight
is the difference between the saturated unit weight and the

unit weight of water. The effective unit weight is equal to
the total unit weight for a point in the soil mass above the
groundwater level and equal to the submerged unit weight for
apoint below the groundwater level. The unit weight of solids
¥, 1s the unit weight of the particle itself. It is the ratio of the
weight of solids W over the volume of solids V. The unit
weight of solids varies depending on the composition of the
particles (mineral or organic matter), but for mineral matter
it is in the range of 25.5 to 27 kN/m?> and for organic matter
it is in the range of 9 to 13 kN/m?>. The specific gravity of
solids G is the ratio between the unit weight of solids y, and
the unit weight of water y,,.

The water content w, also called gravimetric water content,
is the ratio of the weight of water W,, over the weight of
solids W, or weight of dry soil. Although the water content is
a ratio and should be used as such in most formulas, it is most
often quoted as a percentage. Numbers around 10 to 40% are
common, but the water content can be 0 for a dry soil and
can reach 400%, as in the Mexico City silt, or even 2000%
for some peaty soils (soil near swamps, made up mostly
of grass and plants). Indeed, there is no theoretical upper
limit to the water content. The gravimetric water content is
the water content measure most widely used in geotechnical



32 3 SOIL COMPONENTS AND WEIGHT-VOLUME PARAMETERS

Table 3.1 Weight-Volume Parameters and Typical Values
Parameter Symbol Definition Typical range Observation
Total unit weight Y W,/V, 17-22 kN/m? Unit weight of soil in natural
state
Dry unit weight Ya W,/V, 14-18 kN/m? Unit weight of dry soil
Maximum dry unit weight Yemax Wnax/ Vs 15-19 kN/m? Densest state
Minimum dry unit weight Ydmin Wonin/ Vs 13-17 kN/m? Loosest state
Unit weight of solids Ve W,/ V, 25.5-27 kN/m? for Unit weight of particles
mineral
9-13 kN/m? for organic
Specific gravity of solids G, Yo/ Vi 2.6-2.7 for mineral Dimensionless
0.9-1.3 for organic
Saturated unit weight Yeat W+ Voy,)/ Vv, 18-22 kN/m? Voids are full of water
Submerged unit weight Yeub Veat—Yw 8-12 kN/m? Buoyancy force accounted for
Effective unit weight Veif v, if above GWL See y; and
Yeat—Ysw 1f below GWL
Unit weight of water Vi W./V., 9.81 kN/m’
Water content (gravimetric) w W,/ W, 10-40% 0—o0 theoretical range
Volumetric water content 0, V,/V, 5-30% 0-1 theoretical range
Degree of saturation S V./V, 50-100% 0-100% theoretical range
Porosity n V./V, 25-50% 0-100% theoretical range
Void ratio e V,/ Vi 0.4-1 0—oc theoretical range
Maximum void ratio €max Viomax/ Vs 0.6-1.2 Loosest state
Minimum void ratio €min Vemin/ Vs 0.3-0.9 Densest state
Density Index I;or D, (epix—€)/(max—€min) 20-90% 0-100% theoretical range
engineering. Sometimes for unsaturated soils, the volumetric emin and the maximum void ratio e, . The minimum void

water content 6,, is used; 6,, is defined as the ratio of the
volume of water V,, over the total volume V,. Numbers
between 5 and 30% are common; 6,, is zero for a dry soil and
approaches 100% for extremely wet soils such as peat. The
degree of saturation S is the volume of water V,, over the
volume of voids V,. Although the degree of saturation is a
ratio and should be used as such in most formulas, it is most
often quoted as a percentage. Numbers from 0 to 100% are
found, although most soils below the groundwater level and
some distance above it are saturated or nearly saturated. In
many cases soils near the surface are unsaturated.

The porosity n is the ratio of the volume of voids V,
over the total volume V,. Although the porosity is a ratio
and should be used as such in most formulas, it is most
often quoted as a percentage. Numbers in the range of 25 to
50% are common, and the porosity is always between 0 and
100%. The void ratio e is the ratio of the volume of voids
V, over the volume of solids V. It is most often quoted as
a number. Numbers from 0.4 to 1 are common. Although
the theoretical limits of the void ratio are 0 and infinity, the
practical limits for a given soil are the minimum void ratio

ratio corresponds to the densest state of a given soil, and the
maximum void ratio corresponds to the loosest state for a
given soil. Both e_;  and e are particularly useful in the
case of coarse-grained soils and lead to the definition of the
density index /, (also designated as D,.), which is quoted as a
percentage and expresses the density of a coarse-grained soil
as a percentage between the two extreme states of density
Iy = (€max — €)/(emax — €min))- Also associated with the
densest and loosest states are the maximum and minimum
dry densities Vypax and Vgmin- Note that y4.,., corresponds to
€nin and that 4., corresponds to e ... The density index
can be expressed in terms of ¥y, Yymax> @04 Ygmin a8

Id — Yd max < Yd — Ydmin >
Ya Ydmax — Yd min

(3.2)

3.9 MEASUREMENT OF THE WEIGHT-VOLUME
PARAMETERS

To obtain the natural or total unit weight of a soil, the sample
is trimmed into a simple geometrical shape, the dimensions



are measured to obtain the volume, the weight is measured,
and the weight over volume is calculated (ASTM 2005b
[ASTM D2937]). This test is possible only if the sample can
keep a geometric shape long enough for the measurements
to be made. If this is not possible, as in the case of a dry
sand or gravel for example, then the unit weight is typically
obtained by correlation with other measurements such as the
blow count during a standard penetration test (SPT) (ASTM
2005a [ASTM D1586]). The water content is obtained by
taking a small piece of the sample and measuring its wet
weight (W,), drying it in an oven at 100°C for 24 hours, and
obtaining its dry weight W, and then calculating the water
content w = (W, — W,)/ W, (ASTM 2005c [ASTM D4959]).
These two measurements, natural unit weight and water
content, are the two most common measurements on a soil
sample.

Unless the sample is dry or saturated, a third input parameter
is necessary to obtain all the weight-volume parameters for
a soil. This parameter is often the specific gravity of solids
G,. If it is known that the soil particles are mineral and not
organic, then a reasonable assumption can be made for G,
such as G, = 2.65. If the composition is not known, or if a
more precise value for Gy is needed, then G, is determined
by the specific gravity test (ASTM 2005d [ASTM D854]).
This test consists of drying the soil in an oven, pulverizing
it by grinding, placing the ground-up material in a container,
and filling the container with water up to a chosen level.
The container with water plus soil is weighed. Then the
container is emptied, cleaned, and filled up to the same
chosen level with water only and weighed. The weight of
the container with water plus soil minus the weight of the
container with water only gives the weight of the buoyant
soil. The buoyancy force is the difference between the weight
of the buoyant soil and the dry soil. The ratio of the dry
weight over the buoyancy force is the specific gravity of
the solids.

If the unit weight of the soil, its water content, and the
specific gravity of solids are known, all other weight-volume
parameters can be obtained by calculations (see section 3.10),
including the dry unit weight, the saturated unit weight, the
submerged unit weight, the effective unit weight, the degree
of saturation, the porosity, and the void ratio.

Finding the density index of a coarse-grained soil requires
two special tests in addition to the determination of the
natural dry unit weight y,: one test to obtain the maximum
dry unit weight y4.... (ASTM D4253) and one test to obtain
the minimum dry unit weight y4... (ASTM D4254). The
maximum dry unit weight is obtained by pouring the dry
sand or dry gravel into a container of known volume, placing
a standard weight on top of the sample surface, and vibrating
the soil and the container for a standard time. During the
vibrations, the soil volume decreases and reaches equilibrium
at the maximum dry unit weight. Measurements of weight
and volume at that time allow one to calculate the maximum
dry unit weight. The minimum dry unit weight is obtained
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by very gently pouring a dry sand or gravel sample into
a container of known volume, measuring the weight, and
calculating the dry unit weight. Once ¥y, Ygmax> a0d Ygmin are
known, the density index I, (or D,.) is calculated according to
equation 3.2.

3.10 SOLVING A WEIGHT-VOLUME PROBLEM

Geotechnical engineers often encounter problems where some
information related to the weight or volume of a soil is
known but different weight-volume properties are required.
The best way to solve such problems is to follow these
steps:

1. Draw a three-phase diagram and indicate the known
quantities. If the soil is dry or saturated, then only a
two-phase diagram is necessary.

2. If no quantity is given (for example, you are given a unit
weight but not a weight or a volume), assume a volume
of solid of 1 m?.

3. Using the information in the specific problem case,
complete the weight and volume values for the dif-
ferent phases. If some information is missing, make
reasonable assumptions (e.g., the unit weight of solids.)
Also realize that the unit weight of water is known
(9.81 kKN/m?).

4. Complete the calculations to derive the weight-volume
parameters required.

The assumptions made in step 2 have no impact on the
answers as long as the answers are in the form of ratios (unit
weight, void ratio, porosity, degree of saturation); if a different
volume of solids were assumed, the final answer would be
the same. Although the step-by-step procedure described
here is foolproof, it might be faster in some cases to use the
relationships existing between weight-volume parameters.
Table 3.2 shows some of these.

Table 3.2 Useful Relationships between
Weight-Volume Parameters

n=¢e/(l +e)
e=n/(l —n)
e= (Vs — Ya)/Va
Se = Gyw

W, =W,/ +w)
ie=va (I +w)

Y =V, (Gg(1 —n) + Sn)
Y=V (G +Se)/(1+e)
Ya = Vw Gs(1 —n)
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PROBLEMS

3.1 A sample of clay is brought back from the field, extruded from the Shelby tube, and trimmed to the following dimensions:
height = 150 mm, diameter = 75 mm. It weighs 13.2 N. The water content has been determined to be 25% and the soil
does not exhibit any signs of the presence of organic matter (e.g., the soil is not very dark and does not smell foul). Find
the following parameters for the clay:

. Natural unit weight

. Degree of saturation

. Porosity

. Void ratio

. Dry unit weight

. Saturated unit weight

. The sample from problem 3.1 shrinks by 10% when it dries. What is the difference between the dry unit weight and

the unit weight of the dry soil?
b. The sample from problem 3.1 is placed under water and has swollen by 15% when it reaches its swell limit. What is
the difference between the saturated unit weight and the unit weight of the soil at the swell limit?

3.3 A farmer wants to buy a 10 kg bag of fertilizer (organic soil). He has the choice between two merchants. Merchant A sells
the 10 kg bag for $10 and the bag indicates that the fertilizer is completely dry. Merchant B sells the 10kg bag for $8 and
the bag indicates that the fertilizer has a water content equal to 20%. If the farmer wishes to buy the least expensive solid
constituents, which merchant should he buy from? Show your calculations.

3.4 An airport runway is being extended into a bay and requires a 10 m high embankment above the bottom of the bay.
Calculations indicate that, once constructed, the long-term settlement of the soil beneath the embankment will be about
1 m. The sand used to build the embankment is taken from a pit where the sand has a relative density of 40%. The maximum
void ratio is 0.7; the minimum void ratio is 0.4. Once compacted in the embankment, the sand will have a relative density
of 90%. What height of sand must be obtained from the borrow pit so that, a long time after completion, the embankment
will be 10 m above the initial position of the bottom of the bay before construction started?

3.5 A shrink test is performed on a sample of clay. At time zero, the sample is 25 mm high, 75 mm in diameter, weighs 2.2 N,
and is saturated. The sample is left on a laboratory table; this laboratory is at 20°C and 50% relative humidity. The sample
dries and shrinks. It is weighed and the dimensions are measured with digital calipers as a function of time. At the end of
the test, the sample is placed in the oven to obtain its dry weight, which comes out to be 1.8 N. The results of the test are
shown in the following table.

[ R A N SR

32

Time (hr) 0 1 2 3 5 8 12 24

Height (mm) 25 24.932 24.662 24.490 24.315 24.138 23.958 23.958
Diameter (mm) 75 74.497 73.987 73.470 72.946 72.414 71.874 71.874
Weight (N) 2.200 2.160 2.115 2.079 2.034 1.989 1.944 1.872

Plot the curve of water content versus relative decrease in volume. Comment on the shape of that curve.

3.6 A 2.2N sample of clay is 25 mm high and 75 mm in diameter and has a water content of 22.2% (same sample as in
problem 3.5). It is placed in a stainless steel ring has the same dimensions as the sample, so the sample cannot expand
laterally. The sample is inundated and allowed to swell vertically for several weeks until it reaches equilibrium. The height
and time measurements are shown in the following table. At the end of this free swell test, the sample is taken out of
the steel ring and weighed; it weighs 2.40 N. Plot the relative increase in volume of the sample versus time and calculate
the swell limit for this clay. The swell limit is the water content at which the soil can no longer absorb any additional
water.

Time (hr) 0 100 200 300 400 500
Height (mm) 25 28 29.5 30.25 30.75 31




3.10 SOLVING A WEIGHT-VOLUME PROBLEM 35

3.7 A silty sand is compacted in a mold. The volume of the mold is 9.46 x 10~* m>. The weight of compacted soil in the
mold is 18.9N and the water content is 8%. Assume that G, is 2.65 and calculate the dry unit weight and the degree of

saturation.
Vo= (9.46-1.43-6.74) x 1074 = 1.29 x 1074| ,; -
v, —2.69x 1042~ %3 Alr Wa=0
3
m
W,, = 0.08 x 17.51
_ _ —4 3 w
V =946 x 10~ V,, = 1.4/9810 = 1.43x 10" m Water — 140 W = 18.91 N
3
m
| Wg=18.91/1.08
_ _ —4 .3 S
Vs = 17.51/9810/2.65 = 6.74 x 10™* m Soil — 1751 N

Figure 3.10s Three-phase diagram.

3.8 A consolidation test is performed on a sample of soft clay that is 25 mm high and 50 mm in diameter. The test consists
of placing a disk of soil in a steel ring and applying load on the sample in a series of steps. The steps last 24 hours and
measurements of vertical compression are obtained at the end of each step. The following table shows the time, load, and
compression results of the test. Calculate the pressure and vertical strain for the sample at the end of each load step and
plot the curve that links the pressure to the vertical strain (stress-strain curve). Why does this curve indicate an apparently
surprising result, in that the more load applied to the sample, the stiffer the sample becomes? Can the sample fail?

Time (days) 0 1 2 3 4 5 6
Load (N) 0 294 589 1177 2453 4906 9812
Stress (kN/m?) 0 149.73 299.98 599.45 1249.31 2498.61 4997.21
Height (mm) 25 24.62 24.25 23.62 22.87 21.47 19.7
Displacement (mm) 0 0.38 0.75 1.38 2.13 3.53 5.3
Strain 0 0.0152 0.03 0.0552 0.0852 0.1412 0.212

3.9 Asilt has a unit weight of 20 kN/m? and a water content of 26%. What is the specific gravity of the particles?

3.10 A 5m high embankment is made of a sand that has a void ratio of 0.55 and the following boundary void ratios:
emax = 0.0, e.;, = 0.4. The embankment is subjected to an earthquake that creates a settlement of 0.32 m due to vibration
without a change in lateral dimensions. Calculate the void ratio and the relative density of the sand after the earthquake.

3.11 Find the relationship between the dry unit weight, the void ratio, and the specific gravity of solids for a soil.

3.12 Demonstrate that S - e = G - w.

Problems and Solutions

Problem 3.1

A sample of clay is brought back from the field, extruded from the Shelby tube, and trimmed to the following dimensions:
height = 150 mm, diameter = 75 mm. It weighs 13.2N. The water content has been determined to be 25% and the soil
does not exhibit any signs of the presence of organic matter (e.g., the soil is not very dark and does not smell foul). Find the
following parameters for the clay:

. Natural unit weight

. Degree of saturation
. Porosity

. Void ratio

. Dry unit weight

. Saturated unit weight

- 0 0 O
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Solution 3.1
nD> 7 %0075

The volume of the sample is: V, = 1 x h = — x 0.15 = 6.62 x 107 m?
W, 132 x 107
The weight of the solid is: W, = L= . =10.6 x 107> kN
I+w 1.25

The weight of the water is: W, = W, — W, = 0.0132 — 0.0106 = 2.64 x 107> kN.
Assuming that the unit weight of the solids is ¥, = 27 kN/m?, the volume of solid is:

W, _ 0.01056

V,=— =391 x 107 m’
= > x m
W, 0.00264
The volume of water is: V,, = —% = YTl 2.69 x 1074 m?
Yw :

The volume of airis: V, = V, = V,, — V, = 6.62 x 107* —3.91 x 107* —2.69 x 107* =2.48 x 107 °m>.

Based on these results, the three-phase diagram of this sample is shown in Figure 3.1s.

_ Vp =
Wa= OKNT L Air | | 2.48x106m?

VV =
v 2.72x10*m3
Wy =264 x 103KN| |Water| | , o'W 4 5 Vi =6.62x10*m?

Wy = 0.0132
KN

Wg =0.0106 KN| | Soil 30 1\)’3 oma

Figure 3.1s Three-phase diagram.

a. Natural unit weight

W 13.2 N kN
y,=—1 = - =19.92x 10° — =19.92 —
Vv 7 x 0.075 m m
T %015
4
b. Degree of saturation
vV, 269 x107*
S=r =X = 0991 x 100% = 99.1%
Vy  272x10”
c. Porosity
1% 272 x 107
n=L= =X 0409 x 100% = 40.9%
Vi 6627 x 10~
d. Void ratio
vy 272x107*
e=-Y =222 0694
V, 391 x 10
e. Dry unit weight
Vi 19.92 kN
= = =15.94 —
Y W T 14025 m3
[- Saturated unit weight
W, + (V. 0.0106 + (2.72 x 107* x 9.81 kN
L/ RAUZS + (272 X 98D _ 1995 KN

% 6.627 x 1074 m3
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Problem 3.2

a. The sample from problem 3.1 shrinks by 10% when it dries. What is the difference between the dry unit weight and the
unit weight of the dry soil?

b. The sample from problem 3.1 is placed under water and has swollen by 15% when it reaches its swell limit. What is the
difference between the saturated unit weight and the unit weight of the soil at the swell limit?

Solution 3.2

a. Shrinking case
The volume of the sample is 6.627 x 10™% m3.
The volume of the sample after the 10% reduction due to shrinkage is Vz (gpink) = 6.627 X 107 m? x 0.90 = 5.96 x
107 m?,
Wy 10.6

= = =17.78 103N—1778kN
)/driedsoil—7—m— .18 X 3 =1778 -3

Based on these results, the unit weight of the dry soil is higher than the dry unit weight and the difference is
17.78 — 15.94 = 1.84 K.

b. Swelling case

The volume of the sample after the 15% volume increase due to swelling is 6.627 x 107* m3 x 1.15 = 7.62 x 10~* m>. It is
assumed that during the swelling process the soil becomes completely saturated. Therefore, the volume of air in the original
sample is replaced by a volume of water.

The increase in weight of the sample is equal to the weight of water corresponding to an increase in volume of water equal
to (7.62 — 6.627) x 10~* m? plus the volume of water necessary to fill the air voids in the original sample.

Additional weight of water: (7.62 — 6.627) x 107* x 9.81 +2.48 x 107% x 9.81 = 9.98 x 10~* kN = 0.998 N

W, 132+0.998

Wy D3240998 g3 100 = 18635
. g = = = . X = .
Vswollen soil % 762 % 1074 3 3 3

Based on these results, the unit weight of the swollen soil at the swell limit is lower than the unit weight of the saturated
soil in the previous problem and the difference is: 19.95 — 18.63 = 1.32 %

Problem 3.3

A farmer wants to buy a 10 kg bag of fertilizer (organic soil). He has the choice between two merchants. Merchant A sells
the 10kg bag for $10 and the bag indicates that the fertilizer is completely dry. Merchant B sells the 10kg bag for $8 and
the bag indicates that the fertilizer has a water content equal to 20%. If the farmer wishes to buy the least expensive solid
constituents, which merchant should he buy from? Show your calculations.

Solution 3.3

Case 1
Merchant A (fertilizer in completely dry condition). The three-phase diagram for the fertilizer from merchant A is shown in
Figure 3.2s.

Completely dry

Air MA =0
Merchant A: M; = 10 kg

Solid M, = 10 kg

Figure 3.2s Three-phase diagram for the fertilizer from merchant A.

The unit price for the solid constituents of merchant A is })Llfg = 1$/kg
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Case 2

Merchant B (fertilizer with water content = 20%). The three-phase diagram for the fertilizer from merchant B is shown in
Figure 3.3s.

Air Ma=0
Merchant B: | Water M,, = 0.2 x My = 10 kg
Solid Mg = x

Water content = 20%

Figure 3.3s Three-phase diagram for the fertilizer from merchant B.

Assume that the mass of the solids is x; then the mass of the water is 0.2x. The total mass of the fertilizer bag is 1.2x,
which is equal to 10 kg. So the mass of the solids can be obtained from the following equation: 1.2x = 10.

Sox = 8.33 kg
The unit price for the solid constituents in merchant B’s bag is: %ﬂ(g = 0.96$/kg

So, the farmer should buy the fertilizer from merchant B.

Problem 3.4

An airport runway is being extended into a bay and requires a 10m high embankment above the bottom of the bay.
Calculations indicate that, once constructed, the long-term settlement of the soil beneath the embankment will be about 1 m.
The sand used to build the embankment is taken from a pit where the sand has a relative density of 40%. The maximum void
ratio is 0.7; the minimum void ratio is 0.4. Once compacted in the embankment, the sand will have a relative density of 90%.
What height of sand must be obtained from the borrow pit so that, a long time after completion, the embankment will be
10m above the initial position of the bottom of the bay before construction started?

Embankment
10m / D, = 90% \ 11m

Settlement = 1 m

Solution 3.4

embankment

Pit

D, = 40%

Pit

Figure 3.4s Illustration of embankment and pit.

The void ratio of the soil in the pit is obtained with the equation:

Cmax — €10 0.7 —eyg

D, = =% = =04
€mnax — €min 0.7 —0.4
Therefore, e,, = 0.58. For the soil after compaction:
D — Cmax —€90 0.7 —egy 0.9

"Te —e. 07-04

max 'min

Therefore, ey = 0.43




3.10 SOLVING A WEIGHT-VOLUME PROBLEM 39

The three-phase diagram for the soil in both conditions is shown in Figure 3.5s.

o
SF T T ettt 71 AH = HygHo
; Air & Air
F VV = Vse40 + VV = VSeQO
) Water - Water
T -+ "
< | 8 |
I Vs Solid T A Solid
<
= _ I
-
Soil from pit > Soil in embankment
after compaction
Figure 3.5s Three-phase diagram for the soil in the two conditions.

Based on the three-phase diagram in Figure 3.5s, we can write:

Hy _ Vi +ey)

Hyy V(1 4 eg)
Knowing that the long-term settlement of the soil in the bay beneath the embankment will be 1 m, the total height of soil

necessary is 11 m. We have to calculate the height of soil H, that should be taken from the pit with a 40% relative density

such that when compacted to 90% relative density, the height Hg, will equal 11 m.

H H V.(1 1+0.58

2740 2740 o +e40)= + or Hyy =12.15m

Hy, 11 Vil +eqy) 14043

The height of the soil that must be taken from the pit is 12.15 m.

Problem 3.5
A shrink test is performed on a sample of clay. At time zero, the sample is 25 mm high, 75 mm in diameter, weighs 2.2 N,

and is saturated. The sample is left on a laboratory table; this laboratory is at 20°C and 50% relative humidity. The sample
dries and shrinks. It is weighed and the dimensions are measured with digital calipers as a function of time. At the end of the
test, the sample is placed in the oven to obtain its dry weight, which comes out to be 1.8 N. The results of the test are shown

in the following table.

Time (hr) 0 1 2 3 5 8 12 24

Height (mm) 25 24.932 24.662 24.490 24.315 24.138 23.958 23.958
Diameter (mm) 75 74.497 73.987 73.470 72.946 72.414 71.874 71.874
Weight (N) 2.200 2.160 2.115 2.079 2.034 1.989 1.944 1.872

Plot the curve of water content versus decrease in volume. Comment on the shape of that curve.

Solution 3.5
The water content and decrease in volume at each reading is given by the following equations:
(W -V, r )
Wi = —2L___d7 100
Wiry
nD,? nD?
AV = H ——H
4 4
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25
~ 20}
R
S 15} Sh_rinkage
c limit
8
« 10
2
©
= 5

o 1 1 1 1 1 1
-14.0 -120 -10.0 -80 6.0 40 20 00 20 4.0

Volume change (cm?3)

Figure 3.6s Water content versus decrease in volume.

We can make two observations:

1. The curve is almost linear for most of the test. This indicates that within that range of water content, the relative change
in volume of the soil is linearly proportional to the change in water content.

2. At a water content of 8%, further drying does not lead to further reduction in volume. The soil has reached its shrinkage
limit, which is 8% in this case. Note that this shrinkage limit is the shrinkage limit of the undisturbed soil, not the
shrinkage limit of the Atterberg limit that would be obtained from a remolded sample.

Problem 3.6

A 2.2 N sample of clay is 25 mm high and 75 mm in diameter and has a water content of 22.2% (same sample as in problem
3.5). It is placed in a stainless steel ring has the same dimensions as the sample, so the sample cannot expand laterally.
The sample is inundated and allowed to swell vertically for several weeks until it reaches equilibrium. The height and time
measurements are shown in the following table. At the end of this free swell test, the sample is taken out of the steel ring and
weighed; it weighs 2.40 N. Plot the relative increase in volume of the sample versus time and calculate the swell limit for this
clay. The swell limit is the water content at which the soil can no longer absorb any additional water.

Time (hr) 0 100 200 300 400 500
Height (mm) 25 28 29.5 30.25 30.75 31

Solution 3.6

The volume, relative volume, and relative increase in volume are calculated in the following table:

Time (hr) 0 100 200 300 400 500
Height (mm) 25 28 29.5 30.25 30.75 31
Volume (cm?) 11045 123770  130.33  133.64  135.85 136.95
Relative volume V/V,, 1 1.12 1.18 1.21 1.23 1.24
Relative increase in volume AV/Vj 0 0.12 0.18 0.21 0.23 0.24

t/(AV/Vy) 833 1111 1428 1739 2083
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-
N

1.15
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1.05

Relative volume V/V,

OIlx
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Time (hr)

Figure 3.7s Relative volume variation with time.
As can be seen in Figure 3.7s, the sample did not reach the swell limit because at the end of the test its volume is still

increasing slightly. One way to solve this issue is to use the hyperbolic extension method. To do so, we assume that the curve
in the figure is a hyperbola with an equation:

AV 1
V. a+bt
To determine the constants a and b, we write:
t
—_— = bt
avivy 4F

Then we plot (AVIW versus ¢ and fit a straight line through the data as shown in Figure 3.8s.

2500
y = 3.128 x + 500.4
2000 R? = 0.9987
'23 1500}
< 1000| 4’ b
500
a
O i i i i i
0 100 200 300 400 500 600

Time (hr)

Figure 3.8s Graph showing the parameters a and b.

According to this graph, a = 500.4 hr and b = 3.13. The extended swell test curve is shown in Figure 3.9s.

0.35
0.3 — * A

0.25

0.2

0.15

0.1

Relative volume (AV/V)

0.05

0 1000 2000 3000 4000 5000
Time (hr)

Figure 3.9s Extended swell test curve.
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When ¢ goes to infinity, AV/V goesto 1/b.

. AV . t 1
Iim [ — ) = lim = —
oo\ V t—oo \ a + bt b

So, the limit value of AV/V = 1/b = 0.319. The asymptotic volume of the sample at the swell limit is:

\% .
swell limit =1319 or
Vinitial
2

7.5
szell limit — 1.319 x 2.5 x T x 71 = 145.67 x 10_6 m3
The volume of solids in the sample is:

Wy = L8N
W, =22-18=04N

0.4 _
= M><106 =40.77 x 107 m’®

Total volume

752 1 6 3
Vi=25x — xm x —— —40.77 = 69.67 x 107" m
4 1000

At the swell limit, the water content of the sample is:

V, = V=V, = 145.67 — 69.67 = 76 x 107° m’
W, =76 x 107° x 9810 = 0.745 N

w 0.745
wh = —~ x 100 = —— x 100 = 41.3%
\W 1.8

S
Problem 3.7

A silty sand is compacted in a mold. The volume of the mold is 9.46 x 10~ m?. The weight of compacted soil in the mold
is 18.9 N and the water content is 8%. Assume that G is 2.65 and calculate the dry unit weight and the degree of saturation.

Solution 3.7

The volume of the sample is:
V, =9.46 x 10~* m*

The weight of the sample is:

W, =189 N
The weight of the solids is:
w, 18.9
W, = =——=175N
I+ 1.08

The weight of the water is:
W, =W, -W,=189-175=140N

Assuming that the density of solids is G, = 2.65, the volume of solids is:

W, 17.5

V. = =
* Gyxvy, 2.65x9810

=6.74 x 1074 m?
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The volume of water is:

W, 140
V,=—Y=_""=143x10"*m’
Ve 9810

The volume of airis: V, =V, — V, — V, = (9.46 — 6.74 — 1.42) x 107* = 1.29 x 10~*m?

Vo= (9.46-1.43-6.74) x 1074 = 1.29 x 1074| 4 -
v, =269 x 107 A~ ) Alr Wa=0
3
m
W,, = 0.08 x 17.51
— _ —4 3 w
V =946 x 104 V, = 1.4/9810 = 1.43x 107" m Water — 140 W = 18.91 N
3
m
| W, =18.91/1.08
_ _ -4 3
V, = 17.51/9810/2.65 = 6.74 x 1074 m Soil S 4751N

Figure 3.10s Three-phase diagram.

The degree of saturation can be calculated from the following formula:

v, 1.43 x 107
=—= — x 100 = 53%
V.,  (1.29+143) x 10
or
w.G, = S.e
1.2941.43
0.08 x 265 = § x ~o T 143
6.74
S =53%
The dry unit weight of the sample is:
W, 17.5 kN
=—=——=185—
Y& =y = 946 x 10 m

Problem 3.8

A consolidation test is performed on a sample of soft clay that is 25 mm high and 50 mm in diameter. The test consists
of placing a disk of soil in a steel ring and applying load on the sample in a series of steps. The steps last 24 hours and
measurements of vertical compression are obtained at the end of each step. The following table shows the time, load, and
compression results of the test. Calculate the pressure and vertical strain for the sample at the end of each load step and
plot the curve that links the pressure to the vertical strain (stress-strain curve). Why does this curve indicate an apparently
surprising result, in that the more load applied to the sample, the stiffer the sample becomes? Can the sample fail?

Time (days) 0 1 2 3 4 5 6
Load (N) 0 294 589 1177 2453 4906 9812
Stress (kN/m?) 0 149.73 299.98 599.45 1249.31 2498.61 4997.21
Height (mm) 25 24.62 24.25 23.62 22.87 21.47 19.7
Displacement (mm) 0 0.38 0.75 1.38 2.13 3.53 5.3

Strain 0 0.0152 0.03 0.0552 0.0852 0.1412 0.212
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Solution 3.8
6000
5000
& 4000
=
@ 3000
F
£ 2000
(7]
1000

O
0 0.05 0.1 0.15 0.2 0.25

Strain

Figure 3.11s  Stress-strain curve.

The stress-strain curve indicates that the soil become stiffer as the stress increases. Indeed, the ratio of stress increment
to strain increment becomes increasingly larger. The reason is that as the stress increases, the influence of the steel ring
becomes more important in providing confinement to the sample. With increased confinement, the sample becomes stiffer.
The sample cannot fail unless the steel ring fails.

Problem 3.9
A silt has a unit weight of 20 kN/m? and a water content of 26%. What is the specific gravity of the particles?

Solution 3.9
The information given in this problem is not sufficient to solve for specific gravity; thus, the exact answer is that it is not
possible to solve this problem. However, if we make one assumption, then it becomes possible. For example, assume that the
sample is saturated.
w=026,Y =20kN/m?, Y, = 10kN/m?, S = 1

G, v, (IL+w)

1+e
Se=Ggw and S =1 therefore e=G,.w

G, 1 G, x 10(1 +0.26

_GonldAw oy Gex 100402600 n oy

1+ G,w 1+ G, .0.26

Problem 3.10

A 5m high embankment is made of a sand that has a void ratio of 0.55 and the following boundary void ratios:
emax = 0.6, e.;, = 0.4. The embankment is subjected to an earthquake that creates a settlement of 0.32 m due to vibration
without a change in lateral dimensions. Calculate the void ratio and the relative density of the sand after the earthquake.

Solution 3.10
Let’s assume a reference volume of solids equal to 1 m?:
VV VV
= — = — = Vv
V 1

The total height of the embankment, H, is proportional to 1 + e, so that

H (before earthquake) 5 B 1+0.55
H (after earthquake) T 5-0.32 1+ e(after earthquake)
(5-0.32)
Therefore e(after earthquake) = — X (140.55)—1=045
The relative density is _ 0.6 — 0.45
D, = "¢ L 100(%) = " % 100 = 75%
€rax — € 0.6 —-04

max min




3.10  SOLVING A WEIGHT-VOLUME PROBLEM

Problem 3.11
Find the relationship between the dry unit weight, the void ratio, and the specific gravity of solids for a soil.

Solution 3.11
Va Air W,
V, A Y
V,
Vr v Water Wy | Wr
v, Soil W,

Figure 3.12s Three-phase diagram.

Definition:

S= Vw/Vv’ e = Vv/Vs? Gs = W:/(Vs ' yw)7

w=W, /Wy, =W;/Vr,and y;, = W,/V;

Using the definition of S and e, the volume of water and air can be rewritten as:
Va:Vv_Vw:e'Vs_S'e'Vx:(l_S)'e'Vs
VW =S-e- VS

Using the relationships and definitions, the dry unit weight is:

_ Ws‘ _ Ws‘ _ Gs i yw‘VS
va = VT B Vs+vw+va B VS+VW+V11
_ Gs'yw‘Vs _ Gs i ywvs _ Gs *Vw
V4 SeV,+(U—=8-e-V, V.-(I+e) l4e
Problem 3.12
Demonstrate that S - e = G - w.
Solution 3.12
Definition:

S=V,/V,.e=V,/V.,G,=W/(V,-y,).andw = W, /W,

G'W— Wq &: WW :VW'VW:&
! Vs o W\' Vs o VS “VYw Vs
Sie=w B _ W

Vv VS Vs
S-e=G,-w
Va Air Wa
V| & Ny
vr| [V Water Wy | Wr
Vg Soil Wi

Figure 3.13s

Three-phase diagram.
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CHAPTER 4

Soil Classification

o classify a soil, tests are performed according to the

American Society for Testing and Materials (ASTM)
standards, and the results of these tests are used in a classifi-
cation system recommended by the International Society for
Soil Mechanics and Geotechnical Engineering (ISSMGE).
The tests are the sieve analysis, the hydrometer analysis, and
the Atterberg limits. The classification system is called the
Unified Soil Classification System (USCS).

4.1 SIEVE ANALYSIS

Sieve analysis is used for the classification of gravels and
sands, which are coarse-grained soils. It consists of taking a
given weight of dry soil, breaking the clumps of soil down
to individual particles (using a mortar and rubber-tipped
pestle), washing the soil through the smallest sieve (sieve
#200), drying what remains on the sieve #200, and then
sieving that remainder by shaking it through a stack of sieves
of decreasing openings (Figure 4.1), the last one being a
retaining pan. Recording all the weights involved during this
process leads to the percent of soil finer than a given particle
size by weight versus the particle size; this is the particle size
distribution curve (Figure 4.2).

A typical set of sieve numbers and sieve openings is given
in Table 4.1. The sieve number corresponds to the number
of openings per 25 mm. For example, the no. 200 sieve—the
smallest sieve commonly used—has 200 openings per 25 mm;
however, each opening is not equal to 25 mm divided by 200
because of the thickness of the wire between openings. In
fact, the opening of the no. 200 sieve is 0.075 mm. This
opening corresponds to the boundary between sand- and silt-
size particles; this is why sieve analysis is limited to the
classification of gravels and sands.

The sieve analysis proceeds as follows. First, each sieve
is weighed empty. Then the dry soil sample is weighed, soil
clumps are broken down, and the soil sample is placed on a
sieve #200. The sample is washed under a gentle stream of
water and the soil left on the sieve #200 is dried in the oven.
The purpose is to wash out the fine particles that may adhere
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to the larger particles or form clumps. Sieves are stacked in
order of increasing opening, with the largest-opening sieve at
the top. The dry soil is placed on the top sieve, which is then
covered so that no soil is ejected during shaking. The stack is
shaken in a vibrator for a given period of time. At the end of
shaking, each sieve is weighed with the soil retained on it.

Because the total weight of the dry sample is known, the
proportion of the soil sample on each sieve is calculated as
the weight of that sieve plus soil minus the weight of the
empty sieve divided by the total weight of the sample. With
this data, the particle size distribution curve can be obtained.
This curve is a plot of the percent finer by weight (sum
of the weight of soil passing a certain sieve divided by the
total weight of the sample, expressed as a percentage) on
the vertical axis and the sieve opening taken as the particle
size on the horizontal axis (log scale). Figure 4.3 shows the
sieves and the dry weight retained on each sieve. The sieve
analysis calculations are shown in Table 4.2. Figure 4.4 gives
examples of particle size distribution curves. Note that the
particle size determined by sieving through a given sieve is
the second largest dimension of the particle that can pass
through the sieve opening.

Figure 4.1 Stack of sieves and shaker.



42 HYDROMETER ANALYSIS 47

Clay | Silt | Sand | Gravel
100 0.002 mm 0.075 mm 4.75 mm
Gravel
80 fraction
S
E f— — e e B e e e e e —
£ 60
£ Sand
3 fraction
o 40
o
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silt '
o fraction_ — . Clay fraction| . .
1074 1078 1072 107! 100 10’ 102

Particle size (mm)

Figure 4.2 Particle size distribution curve.

Table 4.1 Sieve Numbers and Sieve Openings

Sieve Number Sieve Opening
#1 25.4 mm
#4 4.75 mm
#10 2 mm
#20 0.85 mm
#40 0.425 mm
#80 0.18 mm
#200 0.075 mm
¢
Sieve no. 4
/VVD (4.75 mm)
l ! Sieve no. 10
/vm (2.00 mm)
I
! Sieve no. 40
Wyo (0.425 mm)
| ! Sieve no. 200
@ (0.075 mm)
[ [
Pan
WD /W

Figure 4.3 Dry weight retained on a stack of sieves.

4.2 HYDROMETER ANALYSIS

A hydrometer is an instrument made of glass (Figure 4.5)
with a graduated stem on top of a bulb ballasted with lead
beads so that it can float upright. It is used to measure the ratio
of the density of the liquid in which it is immersed over the

density of water. This ratio is read at the liquid surface (level
of flotation of the hydrometer) on the graduated scale placed
on the stem of the hydrometer. If the liquid being tested is
very dense, the hydrometer does not sink very deep into the
liquid, and vice versa. Therefore, the higher ratios are at the

bottom of the stem.

Hydrometer analysis is used to obtain the particle size
distribution curve of fine-grained soils: silts and clays. The

Table 4.2 Sieve Analysis Calculations

Initial weight of dry soil

Weight of dry soil
retained on #200 after
washing through #200

Weight of dry soil
washed through #200

Dry weight retained
on #4

Dry weight retained
on #10

Dry weight retained
on #40

Dry weight retained
on #200

Dry weight retained on
bottom pan

Percent finer than #4
(4.75 mm)

Percent finer than #10
(2 mm)

Percent finer than #40
(0.425 mm)

Percent finer than #200
(0.075 mm)

Wt
W, (washed)

Wiines = W, — W, (washed)

((Wyo+ Wyo + Wigo +
W, + Wineo) /W) x 100
(Wyo+ Wapo + W, +
Wiines)/ W) x 100
((Wyoo + Wp +
Wiines)/ W) x 100
((Wp + Whnes)/W,) x 100
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Figure 4.4 Examples of particle size distribution curves.
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Figure 4.5 Hydrometer and hydrometer reading.



test consists of taking a given weight of dry soil, breaking
it down into individual particles if clumps exist, mixing it
with a dispersing agent (liquid), placing the wet mixture in
a graduated cylinder, filling the container with water up to
a known volume, shaking the cylinder to reach a uniform
mixture, letting the soil particles settle, and recording the fall
velocity at which the particles settle. The dispersing agent
is used to ensure that the fine particles remain individually
separated and do not form clusters. The fall velocity is
obtained by measuring the unit weight of the soil-water
mixture at a given depth z and at a given time ¢ with a
hydrometer. This unit weight decreases with time as the
particles settle to the bottom of the container (Figure 4.6).

George Stokes was a British mathematician and physicist
who made important contributions in fluid dynamics in the
mid-1800s. Stokes’s law relates the diameter of a sphere to
its fall velocity in a liquid:

ys_yf 2
=|——)D 4.1
' ( 18 ) @D

where v is the fall velocity of the sphere, y; is the unit weight
of the sphere, y; is the unit weight of the fluid (soil plus
water), 1 is the viscosity of the liquid, and D is the sphere
diameter.

The depth z below the surface corresponding to the hy-
drometer reading (r = y;/y,,) is the depth to the center of
gravity of the hydrometer. At a time ¢ after the beginning
of the test, the smallest particles (equivalent spheres) which
just passed the depth z have fallen at the velocity v = z/t.

Figure 4.6 Different stages of the hydrometer analysis.
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Knowing this velocity, plus the viscosity of water at the right
temperature (e.g., 107> N.s/m? at 20°C), the unit weight of
the sphere, and the unit weight of the liquid at time 7 as mea-
sured by the hydrometer, one can obtain the diameter D of
this smallest particle (equivalent sphere) from Equation 4.1.
The unit weight of the sphere is the unit weight of the soil
particle (~26 kN/m? for mineral particles). The particle size
determined by the hydrometer analysis is therefore the diam-
eter D of a sphere made of the same material as the particle
and falling at the same velocity as the particle.

Because the purpose of hydrometer analysis is to obtain the
particle distribution curve, it is now necessary to obtain the
percent finer P associated with the sphere diameter D. The
unit weight measured by the hydrometer y; can be expressed
as follows:

14 (<D) + yw(V - Vs(<D))

Vp=— v 4.2)

where W _p, is the weight of particles finer than the particle
size D, y,, is the unit weight of water, V is the total volume
involved in the hydrometer measurement, and V_ ) is the
volume of particles finer than the particle size D within
the volume V.

But

Wipy = PW,

V =
Vs G,V

s(<D) = 4.3)

where y is the unit weight of solids (~26 kN/m? for mineral
particles), P the percentage by weight of particles finer than
the particle size D, and G, is the specific gravity of the

particles.
Therefore G. — )W, P
VE=Vw T T (4.4)
and G.V
P = myw(r -1 (4.5)

where V is taken as the volume of water in the graduated
cylinder (usually 1000 cubic centimeters), W, is the total
weight of dry soil placed into the cylinder, and r is the
hydrometer reading (r = y;/y,,). Hydrometer readings are
taken at various times as the particles fall through the water
column; the particle size D and associated percent finer P
are calculated from these readings. This gives several points
on the particle distribution curve.

Using the results of the hydrometer analysis, the particle
size distribution curve can be obtained for particles ranging
from 0.075 mm down to at least 0.001 mm (Figure 4.7). The
hydrometer curve can be added to the sieve analysis curve so
as to generate a curve from 0.001 mm up to 10 mm particle
size. Note that there may be a discontinuity at the 0.075 mm
size, as the sieve analysis and the hydrometer analysis do
not strictly measure the same particle size (as explained
earlier). The second largest dimension is measured in the sieve
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Figure 4.7 Combined sieve analysis and hydrometer analysis results.

analysis while the equivalent sphere diameter is measured in
the hydrometer analysis. A discontinuity could also be due to
other factors, such as the dispersing agent not working and
fine particles clustering, thereby yielding a higher percentage
of larger particles.

4.3 ATTERBERG LIMITS AND OTHER LIMITS

As mentioned earlier, particle size is not the main factor con-
trolling the behavior of silts and clays. Instead, the behavior
and therefore the classification are based on the ability of
the soil to be deformed and stay together (consistency). This
is measured by the Aftterberg limits. Albert Atterberg was
a Swedish chemist who worked in the field of agricultural
science; he came up with what is now known as the Atterberg
limits around 1910 as a means of classifying fine-grained
soils. The Atterberg limits are water contents of remolded
fine-grained soil. The limit tests are performed on remolded
samples of silts or clays or more generally on the portion
of a sample finer than sieve #40 (0.425 mm opening). These
limits indicate the points at which the consistency of a fine-
grained soil (Figure 4.8) changes from a liquid state to a
plastic state (liquid limit), from a plastic state to a semisolid
state (plastic limit), and from a semisolid state to a solid state
(shrinkage limit).

The liquid limit w; has a precise ASTM definition (ASTM
D4318; ASTM 2004a). In short, it is the water content at
which the remolded soil behaves like a soft paste (toothpaste
consistency). This particular water content varies significantly
depending on how fine the particles are. For example, very
fine clay particles can have liquid limits approaching 100%,
whereas silt particles may have liquid limits of around 30%.
More precisely (Figure 4.9), the liquid limit is defined as the
water content at which the two sides of a small amount of

soil placed in a standard cup and grooved by a standard tool
will flow together over a distance of 12.5 mm when hit by 25
blows in a standard liquid limit apparatus.

The plastic limit wp also has a precise ASTM definition
(ASTM D4318; ASTM 2004a). In short, it is the water
content at which the remolded soil behaves like a hard paste
(soft caramel). More precisely (Figure 4.10), the plastic limit
is the water content at which a soil will begin to crumble
when rolled into a thread 3.2 mm in diameter. The difference
between the liquid limit and the plastic limit is the plasticity
index or I,. The plasticity index has been found to be related
to a number of useful soil properties.

The shrinkage limit wg is defined in ASTM D4943 (ASTM
2004b). The shrinkage limit is the water content correspond-
ing to the amount of water necessary to fill all the voids of the
dry soil after shrinkage. It is close to the lowest water content
at which the remolded soil is still saturated during a drying
process; any further drying leads to a degree of saturation less
than 100%. The test consists of remolding the soil to a water

Water
content Liquid (tooth
Liquid paste)
limit [T T
Plastic (soft
Plastic caramel) ®
s Wp€-mmmm oo
limit | g emi-solid (hard
chocolate)
Shrmkggg | wg <-4
limit| ol
(peanut
brittle)

Volume

Figure 4.8 States of consistency and Atterberg limits.
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Figure 4.9 Liquid limit apparatus and test.

Figure 4.10 Plastic limit test and soil threads.

Figure 4.11 Shrinkage limit equipment and test.

content, w,, above the shrinkage limit and filling a small
cup of known volume, V,, with the soil paste (Figure 4.11).
The cup is weighed empty and then with the wet soil in
it. The soil in the cup is then left to dry until it no longer
shrinks. At this point, the cup plus dry soil is weighed and
the weight of the dry soil is obtained (W,). The dry sample
is attached to a thread, dipped in hot wax, and pulled out.
Once the film of wax now covering the sample has hardened,
the sample is plunged into a graduated cylinder with water in
it. The volume of the sample plus wax is measured by water
displacement (V, , ). The wax is removed and weighed;
knowing the unit weight of the wax, the volume of wax V,,

is calculated. The shrinkage limit is then:

(Vo — Vd+w + Vw)yw
Wd

Wg =W, —

where y,, is the unit weight of water.

The liquid limit can also be determined by the fall-cone
method (Figure 4.12). This method, developed in the early
1900 in Sweden, is now used in other countries such as
France and the UK. In this test, a standard cone is brought to
barely touch the surface of the soil and is released suddenly.
The cone with a mass M and an apex angle 6 penetrates
into the soil a distance d. The liquid limit is reached when a
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Figure 4.12 Fall-cone test for Atterberg limits.

Table 4.3 Fall-Cone Parameters for Liquid Limit
Determination

Cone Cone apex Cone
Country mass angle penetration
Sweden 60¢g 60° 10 mm
United Kingdom 80¢g 30° 20 mm
France 80¢g 30° 17mm

chosen value of d is obtained. Table 4.3 shows the values of
M, 0, and d in different countries. There is as yet no ASTM
standard for the fall-cone test.

The plastic limit can also be determined by the fall-cone
method, but in this case the distance d is much smaller and a
value of 2.2 mm seems to be appropriate.

Although not associated with the Atterberg limits, the swell
limit wgqyy is important as well. It is defined as the water con-
tent at which a soil submerged in water can no longer absorb
water. The test consists of placing a soil sample in a snug-
fitting cylindrical container (Figure 4.13), inundating the soil,
and measuring the vertical swell movement as a function of
time. When the swelling stops, the water content is measured;
this gives the soil’s swell limit. This test is called a free swell
test because no pressure is applied on top of the sample. Note
that in this case the sample is undisturbed, whereas the At-
terberg limits are performed on remolded samples.

Associated with the undisturbed-sample swell limit wgqyy is
the undisturbed-sample shrinkage limit wgy. This shrinkage

Figure 4.13 Free swell test for swell limit of undisturbed sample.

limit is obtained by performing a free shrink test (Figure 4.14).
A sample of soil is trimmed in a cylinder, its dimensions are
measured, and it is weighed. The initial volume V and the
initial weight W are recorded. The sample is then left to
dry while the dimensions and the weight are measured as
a function of time. This gives the volume V(t) and weight
W(t). When the sample is air-dried, it is placed in the oven
to obtain the oven dry weight W. The average water content



Figure 4.14 Free shrink test for shrinkage limit of undisturbed
sample.

of the sample at any time during the test is (W(t)—Ws)/Ws.
A graph of the water content versus relative change in volume
is plotted. The undisturbed-sample shrinkage limit wgy is the
water content corresponding to the point where the sample
first stops decreasing in volume (point A on Figure 4.8).

0.8
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Table 4.4 Summary of Water Content Limits

Atterberg liquid wp Remolded soil, toothpaste
limit consistency

Atterberg plastic Wp Remolded soil, soft toffee
limit consistency

Atterberg wg Remolded soil, hard

shrinkage limit chocolate consistency

Swell limit Wew Undisturbed soil, maximum
natural water content
Shrinkage limit Wey Undisturbed soil, highest

water content at which
further drying yields no
more shrinkage

Sometimes point A is not clearly definable, particularly for
high-plasticity soils (Figure 4.15), but there is always a
distinct change in slope around the shrinkage limit. Table 4.4
summarizes the water content limits for soils.

4.4 CLASSIFICATION PARAMETERS

A number of reference particle sizes are determined from
the particle size distribution curve. The parameter Ds is
the particle size corresponding to a percent finer equal to

0.6

0.4

=
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T
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Figure 4.15  Shrink-swell test for porcelain clay and bentonite clay.
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50 percent, D is the particle size corresponding to a percent
finer equal to 10 percent, and so on. Dy, D3, and Dy, are
used to calculate the coefficient of uniformity C, and the
coefficient of curvature C,., as shown in Table 4.5.

Figure 4.4 illustrates some of these parameters. A coeffi-
cient of uniformity C, close to 1 indicates that most of the
particles in the soil have the same size. If C, is large—say,
larger than 6—then the soil contains particles that cover a
wide range of sizes. If C, is small, then the soil may be
quite uniform with many particles of similar sizes. If the
coefficient of curvature C, is less than 1, then the particle
size distribution has a downward curvature; if it is more than
3, then the particle size distribution has an upward curva-
ture. If C, is between 1 and 3, the particle size distribution
curve will be reasonably straight and the soil is likely to
contain particles with a wide range of sizes. Both C, and
C. are used to classify coarse-grained soils. The size Ds,
is used extensively in erosion studies as a parameter that
correlates well with the velocity at which a coarse-grained
soil starts to erode. D;5 and Dgs are used in filter design
for earth dams and other water-retaining structures. The par-
ticle size distribution curve is simple to obtain but very
useful in geotechnical engineering as shown by these various
applications.

Table 4.5 Classification P

A number of indices are determined from the Atterberg
limits. The plasticity index 1, is the difference between the
liquid limit w; (quoted as a percent) and the plastic limit
wp (also quoted as a percent). The shrinkage index Ig is
the difference between the plastic limit and the shrinkage
limit, both in percent. The liquidity index, I;, is defined in
Table 4.5 and is quoted as a ratio or a percent; it indicates
the relative position of the natural water content between the
plastic limit and the liquid limit. The shrink-swell index, I,
is the difference between the undisturbed swell limit wqy, and
the undisturbed shrinkage limit wgy. It is very useful as an
indicator of the shrink-swell potential of a soil. Other but less
used indices are defined in Table 4.5.

Activity, A, is another parameter that helps describe a soil.
This parameter is used for fine-grained soils, and is defined
as the ratio between the plasticity index and the percent finer
than 0.002 mm:

Ip
% finer than 0.002 mm

A

c =

(4.6)

The values of A vary from less than 0.75 for relatively
inactive soils (kaolinite) to more than 1.25 for very active
soils (montmorillonite).

arameters Definitions

Parameter Symbol Name Definition

Applications

Dy Particle size corresponding to Filter design, erosion of
X% finer coarse-grained soils

D

C, Coefficient of uniformity C,= D—60 Classification of soils

10
c Cocffici (D3p)’ I :
. oefficient of curvature = Classification of soils

Dgo Dy

I Plasticity index b =w;, —wp Shrink-swell soil, fill specifications,

correlations

I Shrink-swell index Igg = weow — wgy Shrink-swell potential

Ig Shrinkage index I¢ =wp —wg

I Liquidity index I, = (v = wp) Correlations
(WL - W P)

I Consi . (wp —w)

c onsistency index I- =

(WL - Wp)

I Flow index, slope of the water I, = %

content vs. lg of number of (gN, —IgNy)
blows in the liquid limit test

1

Iy Toughness index I =2
Ip

.. Ip
Ac Activity A

¢~ % finer than 0.002 mm




4.5 ENGINEERING SIGNIFICANCE OF
CLASSIFICATION PARAMETERS AND
PLASTICITY CHART

The plasticity index [p is definitely the index most used
in practice, with the liquidity index a distant second. The
others are rarely used. The I, essentially relates to how
small the clay particles are in the soil: the higher 7, is, the
smaller the clay particles are. Table 4.6 shows the range of
values that can be expected for common soils. Very high I
values (60 or more) are associated with a predominance of
very small clay particles, such as in montmorillonite; low [
values (20 or less) are associated with a predominance of
larger clay particles, such as in kaolinite. Thus, the I, value
gives an indication of some important properties of a soil.
For example, a high I, value indicates a soil that will be
very difficult to compact, has a high shrink-swell potential,
and has low permeability. A low I, value is often required
for fill material when good drainage is important, such as for
pavement layers and retaining walls backfill.

From the point of view of soil strength, the friction between
particles decreases with increasing /p. Also, a comparison
between the natural water content and the limits can give
an indication of possible soil behavior. For example, if the
natural water content is higher than the liquid limit, the
soil is likely to be sensitive (it may lose significant strength
when remolded). If the soil has a water content close to the
shrinkage limit and a high shrink-swell index, beware of
swelling problems if the soil can get wet.

The plasticity chart was developed by Arthur Cassagrande,
an Austrian-born American civil engineer, around 1932. The
plasticity chart is a plot of the plasticity index versus the
liquid limit of a soil (Figure 4.16), and is used for the
purpose of classifying fine-grained soils according to their
plasticity. The A line is an empirically chosen line that
splits the chart between clays above the A line and silts
below the A line. The vertical line, corresponding to a
liquid limit equal to 50%, separates high-plasticity fine-
grained soils (w; > 50) from low-plasticity fine-grained soils
(w; < 50). To classify a soil, the plasticity index and liquid

Table 4.6 Range of Values for Atterberg Limits and
Some Indices

Parameter Low Medium High
Liquid limit 10-40 40-80 >80
Plastic limit 10-20 20-30 >30
Shrinkage limit 5-15 10-20 >20
Plasticity index 0-20 20-50 >50
Shrink-swell index 0-25 25-60 >60
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Figure 4.16 Plasticity chart.

limit of that soil are plotted on the chart; the region in which
the point falls indicates what type of fine-grained soil it is
or what kind of fines are encountered in a coarse-grained
soil. The plasticity chart is the basis for the classification
of fine-grained soils and of the fines fraction of coarse-
grained soils.

4.6 UNIFIED SOIL CLASSIFICATION SYSTEM

The Unified Soil Classification System, or USCS, is the
system used internationally to classify soils. Most commonly,
it employs a two-letter symbol. The first letter indicates
whether the soil is gravel (G), sand (S), silt (M), or clay (C).
The letter for silt could not be S, as that letter was already
used for sand, so the letter M was chosen; in Swedish myjdla
means silt. The second letter gives additional information on
the soil. For coarse-grained soils, the second letter can be
M or C, indicating that the gravel or sand has a significant
amount of silt or clay particles in it. For coarse-grained
soils, the second letter can be W or P. W indicates that the
gravel or sand is clean and well graded, meaning that all
particle sizes are more or less represented. P indicates that the
gravel or sand is clean and poorly graded, meaning that not
all particle sizes are represented. For fine-grained soils, the
second letter can be H, meaning high plasticity (high liquid
limit and high 7,), or L for low plasticity (low liquid limit
and low /).

An SC would be a soil with the majority of its particles
in the sand-size range and Atterberg limits of the portion
smaller than 0.425 mm, consistent with the Atterberg limits
of clay. A GP would be a soil with the majority of its
particles in the gravel-size range and poorly graded. An
ML would be a low-plasticity silt, based on its Atterberg
limits, and a CH would be a high-plasticity clay, again
based on its Atterberg limits. The USCS two-letter symbols
are understood throughout the world and help geotechnical
engineers communicate with each other regardless of their
native languages.
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Figure 4.17 Flowchart to classify a soil by the USCS.

The exact process for classifying a soil consists of a series
of steps organized in a decision tree as shown in Figure 4.17.
The first decision is based on the percent passing the no. 200
sieve (#200), which has an opening of 0.075 mm. If the soil
has more than 50% particles by weight larger than 0.075 mm
(#200), the soil is a coarse-grained soil. If the soil has more
than 50% by weight smaller than 0.075 mm (#200), the soil is
a fine-grained soil. For coarse-grained soils, if the percent by
weight of the gravel-size particles is larger than the percent
by weight of the sand-size particles, the soil is a gravel and
the first letter is G. If not, the soil is a sand and the first
letter is S.

The second letter for a coarse-grained soil is W, P, M, or
C. If the soil has less than 5% passing #200, it is clean and
the second letter will be W or P, depending on the coefficient

PROBLEMS

4.1 Calculate the thickness of the wire in the no. 200 sieve.

of uniformity C, and the coefficient of curvature C, obtained
from the particle size distribution curve. If the coarse-grained
soil has more than 12% passing #200, the soil is dirty and the
second letter will be M or C, depending on the Atterberg lim-
its of the portion smaller than 0.425 mm; M will be selected
if the soil plots below the A line on the plasticity chart and
C if it plots above. If the percent passing #200 is between
5% and 12%, then a dual symbol will be required, as the soil
is intermediate between clean and dirty. In this instance, the
classification for the <5% case and the >12% case are ob-
tained and the soil ends up with a dual symbol (e.g., GP-GC
or SW-SM). For fine-grained soils, the plasticity index and
the liquid limit are plotted on the plasticity chart and the dual
symbol is read from the quadrant of the chart where the point
is situated.

4.2 A dry sample of soil weighs 5N. It is shaken on a set of sieves: No. 4 (4.75 mm), No. 40 (0.425 mm), No. 200 (0.075 mm),
and a pan. The weight retained on No. 4 is 2N, on No. 40 is 1.5 N, and on No. 200 is 1 N. Calculate:

» The percent of coarse grain size particles by weight
* The percent of gravel-size particles by weight

* The percent of sand-size particles by weight

* The percent of fine grain size particles by weight

* The coefficient of uniformity and the coefficient of curvature

Based on these results, what would you call the soil?



4.6 UNIFIED SOIL CLASSIFICATION SYSTEM 57

4.3 Why is the particle size of the particle size curve plotted on a log scale? Plot the particle size curve of problem 2 as
percent finer vs. particle size on a log scale and then as percent finer vs. log of particle size. Determine by calculations the
position of a particle size equal to 0.075 mm and 4.75 mm on the particle size (log scale) axis and on the log of particle
size axis.

4.4 Calculate how fast a particle of soil will settle in water if its equivalent diameter is 0.075 mm and then if its equivalent
diameter is 0.002 mm.

4.5 A cylindrical hydrometer has a radius of 20 mm and weighs 2 N. It is lowered into water mixed with fine soil particles. If
the hydrometer sinks and comes to floating equilibrium when it is 100 mm in the liquid, calculate the ratio of soil solids by
volume that exists in the liquid. Assume that Gs = 2.65 if needed.

4.6 Explain the hydrometer analysis in your own words. Develop the equations necessary.

4.7 A soil has a natural water content of 22% and the following limits.

e Shrinkage limit = 13%
e Plastic limit = 25%
e Swell limit = 36%
 Liquid limit = 55%
Calculate the
¢ Plasticity index
* Liquidity index
e Shrink-swell index
4.8 Classify the following soils:

S1 S2 S3 S4 S5
(% finer) (% finer) (% finer) (% finer) (% finer)

#4 52 52 63 98 100
#10 38 38 56 90 97
#40 18 18 42 47 82
#200 8 2 4 20 70
W, 17 NP NP 32 48
Wp 11 NP NP 26 34

Problems and Solutions

Problem 4.1

Calculate the thickness of the wire in the no. 200 sieve.

Solution 4.1

The sieve number corresponds to the number of openings per 25 mm. For the sieve #200, the width of any opening
is 0.075 mm; therefore, the total width of the openings in 25 mm of the #200 mesh is 200 x 0.075 = 15 mm. The total
thickness of the wires in 25 mm of the #200 mesh is (25 — 15) = 10 mm, so the thickness of the wires in a sieve #200 is
10/200 = 0.05 mm (about the diameter of a human hair).

Problem 4.2

A dry sample of soil weighs 5 N. It is shaken on a set of sieves: No. 4 (4.75 mm), No. 40 (0.425 mm), No. 200 (0.075 mm),
and a pan. The weight retained on No. 4 is 2N, on No. 40 is 1.5 N, and on No. 200 is 1 N. Calculate:

» The percent of coarse grain size particles by weight
* The percent of gravel-size particles by weight
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* The percent of sand-size particles by weight
» The percent of fine grain size particles by weight
* The coefficient of uniformity and the coefficient of curvature

Based on these results, what would you call the soil?

Solution 4.2

L . . 2415+1
The percent of coarse grain size particles is = — s x 100 = 90%

2
The percent of gravel-size particles is = 3 x 100 = 40%

1.5+1

The percent of sand-size particles is = x 100 = 50%

0.5
The percent of fine grain size particles is = 5 x 100 = 10%

Retained soil on sieve Passing through sieve
Weight  Accumulated weight  Accumulated weight Weight  Accumulated weight
N) N) (%) N) (%)
No. 4 (4.75 mm) 2 2 40 3 60
No. 40 (0.425 mm) 1.5 3.5 70 L5 30
No. 200 (0.075 mm) 1 4.5 90 0.5 10
Pan 0.5 5 100 0 0

From these results, D¢y = 4.75 mm, D5, = 0.425 mm, and D,, = 0.075 mm.

D 4.75
C,=-0=_""-¢63
Dy, 0.075
D%, 0425’

0.5

C = = =
©7 Dy xDg 0075 x 475

Based on these results, the soil has 90% coarse fraction, therefore the soil is a coarse-grained soil; furthermore, 50% of the
soil is retained between sieves #40 and #200, so the soil is sand.

Problem 4.3

Why is the particle size of the particle size curve plotted on a log scale? Plot the particle size curve of problem 2 as
percent finer vs. particle size on a log scale and then as percent finer vs. log of particle size. Determine by calculations the
position of a particle size equal to 0.075 mm and 4.75 mm on the particle size (log scale) axis and on the log of particle
size axis.

Solution 4.3

The range of particle sizes in soils is very large, so we use the logarithmic scale because this scale stretches out the particle
size distribution in the very small range. This allows us to distinguish the small sizes as well as the large sizes. Figure 4.1s
shows the particle size curve as percent finer vs. particle size on a log scale. Figure 4.2s shows the particle size curve as
percent finer vs. log of particle size. For the 0.075 mm particle, log 0.075 = —1.125; this point can easily be found on the
linear scale of Figure 4.2s. The position of this point is the same on the scale of Figure 4.1s. The same approach applies to
the 4.75 mm particle: log 4.75 = 0.677.
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Figure 4.1s Percent finer vs. particle size on a log scale. Figure 4.2s Percent finer vs. log of particle size on a normal scale.
Problem 4.4

Calculate how fast a particle of soil will settle in water if its equivalent diameter is 0.075 mm and then if its equivalent
diameter is 0.002 mm.

Solution 4.4

Assume that:

e Water temperature = 20°C

 Specific gravity of particles is 2.65

* Viscosity of water is . = 107> N - s/m?

« Unit weight of water is y,, = 9.79 kN/m?

« Unit weight of soil particles y, = 2.65 x 9.79 kN/m? = 25.95 kN/m?

The fall velocity of a soil particle in water can be calculated using Stokes’s law:

v = Vs — yf D2
181

where y, = 25.95 kN/m’ and y; = y,, = 9.79 kN/m’. For particles with D = 0.075 mm

25.95 —9.79 0.075\> 0.0051(m/ sec) = 5.1(m/ s6¢)
V= X = U. m/ sec) = J.1(mm/ seC
18 x 107 1000

For particles with D = 0.002 mm:

25.95 —9.79 0.002\* »
V= X = 3.59 x 107°(m/ sec) = 0.00359 (mm/ sec)

18 x 107 1000

Problem 4.5

A cylindrical hydrometer has a radius of 20 mm and weighs 2 N. It is lowered into water mixed with fine soil particles. If
the hydrometer sinks and comes to floating equilibrium when it is 100 mm in the liquid, calculate the ratio of soil solids by
volume that exists in the liquid. Assume that Gs = 2.65 if needed.
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Solution 4.5
R =20 mm
(——>
—————— > =
’ 0.62m3 Water
3
100 mm 10m Y
0.38 m® Soil

Y - -

Figure 4.3s Hydrometer and three-phase diagram.

F Buoyancy — w
V x Vmixture = w

7 x 0.042

x 0.1 x Vmixture = 2

Vimixture = 15.92 x 103 N/m? = 15.92 kN/m?

Assuming 1 m? of the mixture and G, = 2.65:

Wy + Wy = 1592 kN
Vi + Vg =1m?
ywVw + vsVg = 15.92 kN
9.81 x (1 = Vg) +(2.65 x 9.81) x Vg = 1592 kN
V¢=038m’, V, =062m’
The volumetric percent of solids in the mixture is 38%.

Problem 4.6

Explain the hydrometer analysis in your own words. Develop the equations necessary.

Solution 4.6
See Section 4.2 in this chapter.

Problem 4.7

A soil has a natural water content of 22% and the following limits.
 Shrinkage limit = 13%
e Plastic limit = 25%

e Swell limit = 36%
* Liquid limit = 55%
Calculate the
e Plasticity index
* Liquidity index
* Shrink-swell index
Solution 4.7
* Plasticity index: Pl = LL — PL =55 —25 =30

* Liquidity index: LI = (w — PL)/PI = (22 — 25)/30 = —0.1
 Shrink-swell index: Iss = swell limit—shrinkage limit = 36 — 13 = 23

15.92 kN
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Problem 4.8
Classify the following soils:

S1 (% finer)  S2 (% finer)  S3 (% finer)  S4 (% finer) S5 (% finer)

#4 52 52 63 98 100
#10 38 38 56 90 97
#40 18 18 42 47 82
#200 8 2 4 20 70
Wi 17 NP NP 32 48
Wp 11 NP NP 26 34

Solution 4.8
The soils are classified based on the following criteria:

e Coarse grain size particles: retained on the no. 200 sieve (0.075 mm)
* Gravel-size particles: retained on the no. 4 sieve (4.75 mm)

» Sand-size particles: passing no. 4 sieve, retained on the no. 200

¢ Fine grain size particles: passing no. 200

e Plastic and liquid limit:

Coefficient of uniformity C,, = Deo
Dy,
D2
Coefficient of curvature C. = 730
Dy x Dg

The particle size distribution curves are drawn on Figures 4.4s to 4.8s and theclassification of the 5 soils is presented in the
Table below.

S1 (% finer) S2 (% finer) S3 (% finer) S4 (% finer) S5 (% finer)
Sieve Opening (mm) Percent Finer
10 80 80 80 — —
4.75 52 52 63 98 100
2 38 38 56 90 97
0.425 18 18 42 47 82
0.075 8 2 4 20 70
0.03 from hydrometer — — — — 9
Other properties
W 17 NP NP 32 48
Wp 11 NP NP 26 34
L 6 NP NP 6 14
Coarse fraction (%) 92 98 96 80 30
Fine fraction (%) 8 2 4 20 70
Gravel fraction (%) 48 48 37 2 0
Sand fraction (%) 44 50 59 78 30
D, (mm) 0.11 0.19 0.098 0.036
D;, (mm) 1.05 1.05 0.23 0.16
D¢ (mm) 7 7 32 0.7
C, 63.6 36.8 32.7 19.4
C 1.4 0.8 0.2 1.0

C

Classification GW-(GC-GM) SP Sp SM ML
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CHAPTER 5

Rocks

In many instances geotechnical engineers work on rock
problems. For example, locating the depth of bedrock
is often an important part of any soil investigation. Rock
slopes, rock tunneling, rock excavations, rock fill in dams,
and foundations on rock are other examples of projects
requiring the expertise of the geotechnical engineer. This
chapter is intended to give the reader an overview of rocks,
rock properties, and rock engineering. Further information
and more detailed coverage of the topic should be sought in
textbooks and other publications such as Goodman (1989).

5.1 ROCK GROUPS AND IDENTIFICATION

A rock is a mixture of minerals (Sorrell and Sandstrém 2001).
You may wish to think of minerals as being the building
blocks of the various rocks. The primary mineral groups form-
ing rocks are silicates (e.g., feldspar and mica), oxides (e.g.,
quartz), carbonates (e.g., dolomite and calcite), and sulfates
(e.g., gypsum). Some of the rare minerals are topaz, jade, and
emerald (silicate); ruby and sapphire (oxides); and turquoise
(phosphate). Diamond is pure carbon, so it is a basic element
rather than a mineral. From the point of view of their origin,
rocks are classified as igneous, sedimentary, or metamorphic.

Igneous rocks (Figure 5.1) are formed by the cooling process
of magma (i.e., granite and basalt). Granite is formed when
viscous lava cools slowly. Itis light in color and contains large
elements such as quartz and feldspar. Basalt is formed by the
rapid cooling of fluid lava. It is dark-colored and contains
fine-grained elements undetectable by the naked eye.

Sedimentary rocks (Figure 5.2) are formed by the weath-
ering of a parent rock, when the weathered materials are
transported and redeposited into a different setting and lithi-
fied back into rock by some form of cementation, or pressure,
or a heat process. They are divided into clastic rocks (rocks
made from particles of other rocks) and nonclastic rocks
(rocks formed by chemical precipitates, often calcite). Sand-
stone, siltstone, mudstone, marl, and shale are clastic rocks,
whereas limestone, dolomite, gypsum, lignite, and coal are
nonclastic rocks.

Metamorphic rocks (Figure 5.3) are formed when the con-
stituents of sedimentary and igneous rocks are changed by
tremendous heat and pressure, with the possible influence of
water and gases. The two main types of metamorphism pro-
cesses involve temperature and pressure or temperature alone.
Pressure alone is uncommon. In order of decreasing strength,
marble, gneiss, slate, and schist are all metamorphic rocks.

For identification purposes, the charts in Figure 5.4 and
5.5a are very useful. Figure 5.4 helps in identifying the
minerals that form a rock. It proceeds through a series of
testing steps, including use of a hand lens to observe the rock-
forming mineral; use of a knife and one’s fingernail to test
the strength; and observation of the cleavage, the color, and
the luster. Figure 5.5a helps in identifying the rock itself. It
distinguishes between rocks with a crystalline texture, rocks
that have no grains visible and are uniformly smooth, and
rocks with a clastic texture.

5.2 ROCK MASS VS. ROCK SUBSTANCE

Rock mechanics makes a major distinction between rock
substance and rock mass. Rock substance refers to a piece
of intact rock with no fissures; rock mass refers to the entire
mass of rock, including fissures and joints. There is usually a
big difference between the tensile strength of an intact piece
of rock (rock substance), and a weathered mass of rock (rock
mass). In most cases the rock mass is much weaker than the
rock substance. Therefore, a description of the joint pattern
is very important, and should include joint spacing (less than
50mm for very fractured rock to more than 3 m for solid
rock), joint width, joint roughness, joint direction (using a
rose diagram), and joint strength.

Although it is easiest to measure the properties of the
rock substance through laboratory testing, it is often more
important to determine the behavior of the rock mass. This
is the case for rock slopes, foundations on or in rock, and
seepage through rock. An exception is the behavior of rock
fill and rip rap, where the properties of the rock substance are
critical.
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Granite Felspar Basalt

Figure 5.1 Igneous rocks: (a) granite, (b) feldspar, (c) basalt. (Courtesy of Mineral Information
Institute, an affiliate of the SME Foundation.)

Sandstone

Limestone Siltstone

Figure 5.2 Sedimentary rocks: (a) sandstone, () slate, (¢) limestone, (d) siltstone. (Courtesy of
Mineral Information Institute, an affiliate of the SME Foundation.)

Gneiss Marble

Figure 5.3 Metamorphic rocks: gneiss, marble. (Courtesy of Mineral Information Institute, an
affiliate of the SME Foundation.)



5.2 ROCK MASS VS. ROCK SUBSTANCE

Examine mineral in rock specimen
using hand lens

Can be scratched by Can be scratched by a knife Cannot be scratched
Hardness: fingernail but not by a fingernail by a knife
| | | |
[ | |
Cleavage: One perfect One perfect Three good | | No cleavage Two good Two good
: cleavage cleavage cleavages at cleavages cleavages at
75° and 105° at90° 60°, 120°
| | ‘ Gl Whit Dark D | k
Colorand  Glassy or Light Dark Glassy or assy, S, ar ar
. Black Green . grey, or grey, glassy, glassy,
luster: sugary colored colored white white or pink orpearly  or pearly
Name: Gypsum  Graphite Chlorite Muscovite Biotite Calcit_e, Quartz  Feldspar Pyroxene Amphibole
N » dolomite
CaS0, - 2H,0 Carbon o SiO; v
N 2 Sheet silicate CaCO,, Network Chain silicates
Ca, Mg {COg}, silicate

Plagioclase  Orthoclase

NaAlSizOg KaAlSizOg
CaAlSi,Og
“ _
~"
Network
silicates

Figure 5.4 Identifying rock minerals. (From Goodman, 1989. Reprinted with permission of John
Wiley & Sons, Inc.)

Crystalline
. texture - -
Isotropic T Anisotropic
structure ! structure
T Softer than
knife blade
T
I I I I I I I I
Calcite Calcite and Halite Gypsum Anhydrite  Very dense, Green with Green without
dolomite calcite or sheared sheared
dolomite surfaces surfaces
I I I
Limestone Dolomitic Rock Gypsum Anhydrite Marble*  Serpentinite*  Greenstone*
limestone salt
Altered Hydrothermally
Harder than peridotite altered diabase
knife blade
I I I ] [ I I
Fine, Mixed sizes; Coarse, Parallel Bands of Parallel
uniform coarse with fine uniform needle light and platey
crystal size or very fine crystal size shaped dark layers minerals
distribution crystal sizes distribution grains
Light Aplite Rhyolite Pegmatite Amphibole Gneiss Schist
colored | Latite Granite schist and | |_|_|
| Diabase Arg;izlltte Gragad gg’;gnte amphibolite Micais  Continuous Chlorite
Dark Peridotite | disseminated mica
colored Mica |
absent Mica Green
*May be anisotropic in hand specimen. schist schist

Figure 5.5a Identification of rocks with crystalline texture. (From Goodman, 1989. Reprinted
with permission of John Wiley & Sons.)
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No grains visible,
uniformly smooth

Isotropic
structure
| l |
Harder than Softer than
knife blade knife blade
No associated ~ Associated  spheroidal
volcanic features ~ Volcanic weathering
| features |
Hornfels or Feliste Claystone Fine-
granulite (light Siltstone gralned
colored) Mudstone limestone
Trap rock

(dark colored)

|
Anisotropic
structure

Weak Vitreous luster, Razor sharp Silvery

fissile  conchoidal edges after  sheen, no
structure fracture cleavage visible mica
Shale Siliceous Slate Phyillite
shale and | |
cbert | .
Mica Finely
absent divided
mica

Figure 5.5b Identification of rocks with no grains visible. (From Goodman, 1989. Reprinted with

permission of John Wiley & Sons.)

Clastic
texture
Isotropic or
anisotropic
Mainly Mainly Angular ~ Sand Mainly
volcanic nonvolcanic blocks grains volcanic
pebbles and pebbles and sand (lapilli)
cobbles cobbles and ash
Agglomerate  Conglomerate Breccia Sandstone Tuff
Quartzite Greywacke Arkose

Uniform  Dirty sand Quartz

quartz with rock feldspar

grains grains (some mica
and other
minerals)

Figure 5.5¢ Identification of rocks with clastic texture. (From
Goodman, 1989. Reprinted with permission of John Wiley & Sons.)

5.3 ROCK DISCONTINUITIES

Rocks usually exhibit a network of discontinuities that sig-
nificantly affect the mass behavior. Many words exist to refer
to these discontinuities: fissures, cracks, fractures, joints, and
faults (Priest 1993). Fissures are the smallest and faults are
the largest (Figure 5.6 and Figure 5.7). Nonetheless, the
two main types are joints and faults. Joints are created over

geologic time by bending of the rock mass, by vertical expan-
sion, by horizontal stress relief (e.g., cliffs), by temperature
differences, and sometimes by chemical action. Joints tend
to exhibit a pattern. Faults are due to the movement of rock
plates on a large scale and tend to be singular elements. These
discontinuities introduce nonlinearities in behavior, stress de-
pendency and anisotropy in properties, and weaknesses with
regard to deformation and strength. Cementation in clastic
rocks also significantly influences a rock’s properties; often
the properties of the binder control the behavior of the rock,
much as cement controls the behavior of concrete. If the net-
work of joints is random (rare), it weakens the rock evenly,
but if the joints are directional (common), the weakness is
accentuated in the direction of the joints in shear and reduces
the shear strength to the strength of the joint surfaces. The
tensile strength of the rock mass perpendicular to the joint
direction is reduced to a small fraction of the intact rock
strength. Compression perpendicular to joints increases de-
formation compared to the intact rock but has little influence
on strength.

Another type of discontinuity is cavities and voids in the
rock mass. These cavities most commonly form in limestone,
dolomite, gypsum, and salt. Sinkholes in limestone occur in
karst regions and can reach impressive dimensions.

5.4 ROCK INDEX PROPERTIES

Rock index properties include the dry unit weight of the rock
substance and the porosity of the rock substance. The dry unit
weight of the rock substance varies from a possible 21 kN/m?
for a shale or a limestone to a possible 27 kN/m? for a marble
or a granite. The most common values are between 25 and
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Figure 5.6 Fissures and joints. (a: Courtesy of Lupin. c: Courtesy of Charles DeMets, University

of Wisconsin-Madison. d: Courtesy of Alex Brollo.)

Figure 5.7 A fault. (Courtesy of The United State Geological
Survey USGS, USA)

26 kN/m?. The porosity of rock substance is at most a few
percent; exceptions include shale, sandstone, and schist, for
which the porosity can reach that of soils at several tens
of percent. The degree of weathering significantly affects
the rock mass unit weight and porosity, with the lowest
unit weights and highest porosities for the highest degree of
weathering.

5.5 ROCK ENGINEERING PROPERTIES

Engineering properties of the rock substance include durabil-
ity, hardness, permeability, modulus, and strength (Waltham
1994). Although it is generally more important to know the
properties of the rock mass, the first step is to find out the
properties of the rock substance. An exception to this “rule”
is when rip rap or rock fill has to be used for protection, as in
scour or stability in rock-fill dams.

The durability of a rock is measured by a test called
the slaking durability test. Ten pieces of rock are weighed
and placed in a rotating drum lined with a 2 mm opening
mesh. The drum is slowly rotated through a water bath for
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10 minutes and the rock pieces remaining after the test are
weighed again. The ratio in percent of the weight after and
before the test is the slaking durability index /,;. Rocks
typically have I, values in excess of 90%. Values below 70
are undesirable for rip-rap applications.

Hardness is a measure of how hard a surface is. For rocks,
it may refer to the hardness of the parent mineral or the
rock surface. Talc is one of the softest minerals, whereas
diamond is the hardest known mineral. On Mohs scale of
hardness, talc has a rating of 1, gypsum 2, quartz 7, and
diamond 10. The hardness of a rock surface can be measured
by using a Schmidt hammer. The Schmidt hammer generates
an impact on the rock surface and the mass that impacts the
surface rebounds to a measured height. The rebound height
divided by the maximum height is called the rebound value
R. The rebound value has been correlated to the unconfined
compression strength and the modulus of rocks.

The hydraulic conductivity, k, of a rock can be measured in
the laboratory on an intact sample or in the field on the rock
mass. The results are usually extremely different, with the
field values being 10 to 100,000 times (or even more) larger
than the laboratory values depending on the extent of the
network of discontinuities in the rock mass. The densest intact
rocks will have k values in the 107'° to 107! m/s range, but
volcanic intact rocks can have hydraulic conductivities in the
range of 1073 m/s. In the field, the hydraulic conductivity
is drastically increased compared to the intact rock, as water
could be gushing out of the joints of the rock mass. The
k value can exhibit significant anisotropy depending on the
direction of the joints.

The modulus of deformation, E, of the rock substance
is measured on samples in the laboratory, most commonly
using the unconfined compression test. In the field, the plate
test, the half cylinder test, or the pressuremeter test can be
used. Values of E for intact rock or rock substance are in
the range of 2000 MPa to 100,000 MPa (concrete is around
20,000 MPa). The softer rocks include chalk and shale; the
stiffer ones include granite and marble. The Poisson’s ratio of
rocks is relatively small, with values ranging from 0.15 to 0.3.

The strength of the intact rock, as measured by unconfined
compression tests, can vary from more than 200 MPa for very
hard rock to less than 10 MPa for very soft rock. Concrete has
an unconfined compression strength of 20 MPa. Therefore,
concrete is a soft to medium rock.

The ratio between the rock modulus of deformation E and
the unconfined compression strength ¢, is in the range of 150
to 600, with an average of 350. The lower values are found
for the softer rocks (sandstone, shale), while the higher values
are found for the harder rocks (marble, granite).

The tensile strength of a rock can be measured indirectly
by using a special splitting test called the Brazilian test. The
values range from less than 1 MPa for a shale up to about
15 MPa for granite. The shear strength of intact rocks leads to
cohesion intercepts in the range of 5 to 40 MPa and friction
angles in the range of 30 to 50 degrees.

5.6 ROCK MASS RATING

Rock masses are rated by using indices that help in evaluating
the relationship between the rock substance properties and
the rock mass properties.

Samples of rock are obtained by coring the rock, a process
which consists of rotating an open steel tube or barrel with
a coring bit (diamond) on the end of the steel tube wall.
The tube is rotated into the rock at high speed while water
is simultaneously injected for lubrication and cooling. Cores
are retrieved and placed in core boxes. The recovery ratio
(RR) is the ratio expressed in percent of the length of the
core recovered divided by the length cored. The rock quality
designation (RQD) is the ratio of the length obtained by
adding all the pieces of core longer than 100 mm over the
length cored. The velocity index I, is also a useful index to
evaluate the difference between the rock substance properties
and the rock mass properties. It is defined as the ratio of the
square of the compression-wave velocity of the rock mass
in the field to the square of the compression-wave velocity
of the intact rock in the laboratory. Rock mass quality is
excellent for an RQD higher than 90% and a velocity index
higher than 0.8. Rock mass quality is very poor for an RQD
less than 25% and a velocity index less than 0.2.

The Unified Rock Classification System or URCS
(Williamson 1984) was developed to parallel the Unified Soil
Classification System (USCS). It provides a systematic and
reproducible method of describing rock weathering, strength,
discontinuities, and density in a manner directly usable by
engineers. The URCS is described in ASTM D5878.

In 1989, Bieniawski proposed the rock mass rating (RMR)
by combining several indicators of rock mass features. They
include the strength of the rock substance (g,), the rock
quality designation (RQD), the joint spacing, the joint con-
dition, the joint orientation, and the groundwater conditions.
Table 5.1 shows the RMR categories. The RMR value is
obtained by adding the ratings defined in each category.
Rock mass classes I through V correspond to RMR values
between 80-100, 60-80, 40-60, 20—40, and 0-20, respec-
tively. A class I rock mass would be labeled a very good
rock, whereas a class V rock mass would be considered
very poor rock. Such classes can be correlated to estimated
values of rock mass strength and safe bearing pressures, for
example. Another and similar rock mass rating system exists
and is called the Norwegian Q system. This system, created
in 1974, is credited to Barton, Lien, and Lunde of the Norwe-
gian Geotechnical Institute (1974). It is based primarily on the
analysis of tunneling case histories and uses six parameters to
assess the rock mass quality. The parameters are the RQD, the
joint set number J,, the roughness of the joints J,., the degree
of alteration and filling of the joints J,, the water inflow J,,,
and the stress reduction factor SRF. Using these six parame-
ters, the Q factor is derived with the following equation:

Q_RQDxJ,xJW
~ J, x J, x SRF
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Table 5.1 Rock Mass Rating (RMR) Geomechanics System (Waltham 1994)

Parameter

Assessment of values and rating

Intact rock USCS, MPa >250 100-250
rating 15 12

RQD % >90 75-90
rating 20 17

Mean fracture spacing >2m 0.6-2m
rating 20 15

Fracture conditions Rough tight Open <1 mm
rating 30 25

Groundwater state Dry Damp
rating 15 10

Fracture orientation Very favorable Favorable
rating 0 -2

50-100 25-50 1-25

7 4 1

50-75 25-50 >25

13 8 3

200-600 mm 60-200 mm <60 mm

10 8 5

Weathered Gouge <5 mm Gouge >5 mm
20 10 0

Wet Dripping Flowing

7 4 0

Fair Unfavorable Very unfavorable
=7 —15 -25

Rock mass rating (RMR) is sum of the six ratings. Note that orientation ratings are negative.

In 1994, Hoek introduced the geologic strength index (GSI)
to rate jointed rock masses. The GSI takes into consideration
the interlocking of rock pieces or “blockiness” of the rock
mass on the one hand and the condition of the rock surfaces
or joints on the other (Figure 5.8). Then the GSI is used to
extrapolate from the intact rock strength and modulus to the
strength and modulus of the rock mass.

5.7 ROCK ENGINEERING PROBLEMS

Some common rock engineering problems include allowable
pressures for foundations, ultimate side shear and ultimate
point pressure for bored piles, slope stability, tunneling,
excavations, blasting, rippability, and scour.

The allowable pressure for shallow foundations in rock
is sometimes used prescriptively. These values vary signif-
icantly and depend on the quality of the rock mass, which
can be described by the RMR classes of the geomechanics
system. Estimates of these allowable values are from 6000 to
10,000 kPa for a very good rock (Class I), 4000 to 6000 kPa
for a good rock (Class II), 1000 to 4000 kPa for a fair rock
(Class III), 200 to 1000 kPa for a poor rock (Class IV), and
less than 200kPa for a very poor rock (Class V). The set-
tlement associated with these allowable pressures is usually
calculated using elasticity theory; the main issue is obtaining
the right modulus of deformation for the rock mass.

The columns of the World Trade Center towers were on
shallow foundations on rock (Figures 5.9, 5.10, and 5.11).
The towers weighed approximately 4500 MN each, were
417 m high, and had a footprint of 62 m x 62 m. The mica
schist bedrock was found at a depth of about 21 m and
exhibited inclined joints. Excavation took place so the shallow
foundations could rest directly on the rock. The rock substance
modulus was determined through laboratory tests that gave
an average of 80,000 MPa. The rock mass was tested by a
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Figure 5.8 Geologic strength index (GSI) for jointed rock masses.
(After Marinos and Hoek, 2000.)

full-scale footing test which gave a rock mass modulus equal
to 1400 MPa or 1/57 of the rock substance value, due to the
presence of joints. The design pressure for the footings was
approximately 3000 kPa and the maximum pressure applied
during the full-scale footing test was well over 3000 kPa.
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Figure 5.9 Foundation plan for the World Trade Center. (Courtesy of the Port Authority of

New York and New Jersey.)

Figure 5.10 Photo of the foundation for the World Trade Center.
(Courtesy of the Port Authority of New York and New Jersey.)

The shallow foundations are shown on Figure 5.8 and 5.9;
the total area was 1426 m?. The calculated settlement for the
foundation elements using elasticity theory and the measured
modulus was very small, varying from 6 to 12 mm. Most of
this settlement is likely to have happened during construction.

The cliffs at the Pointe du Hoc site in Normandy, France,
are made of interbedded layers of limestone and sandstone.
These cliffs are eroded at their base by wave action from
the sea; caverns develop at the base as a result of this
wave action (Figure 5.12). When the caverns become deep
enough, the overhanging rock mass fails. These failures allow

back-calculation of the tensile strength of the rock mass. The
tensile strength of the rock substance tested in the laboratory
by the Brazilian test (Figure 5.13) gave an average tensile
strength of 3400 kPa in the limestone and 4500kPa in the
sandstone. The average tensile strength of the rock mass
back-calculated from the overhang failures (Figure 5.14)
indicated 40 kPa tensile strength, or about 1/100 of the rock
substance value.

Recommendations for the ultimate side shear values for
a bored pile socketed in rock range from 300kPa for a
weak, fractured, decomposed rock (say, RQD = 20%) to
3000 kPa for a massive competent rock. Common formulas

Figure 5.11 Photo of the World Trade Center twin towers. (Cour-
tesy of the Port Authority of New York and New Jersey.)



5.8 PERMAFROST 71

Figure 5.12 Jointed rock mass and caverns at Pointe du Hoc.

Figure 5.13 Brazilian tension test on Pointe du Hoc limestone.

equate the ultimate side shear with the square root of the
unconfined compression strength diminished by additional
factors that take the rock mass quality into consideration.
The ultimate bearing pressure at the bottom of a bored
pile or a driven pile to rock can range from 4000 kPa for
a poor rock mass quality to 400,000kPa for a massive
competent rock with a high strength. Of course, the ultimate
bearing capacity may be limited by the strength of the pile
itself. The ultimate bearing pressure is usually given as
proportional to the unconfined compression strength of the
intact rock diminished by a coefficient that takes the rock
mass quality into consideration.

In rock slope stability, the main influencing factors are
the direction of the joints compared to the direction of the

Figure 5.14 Massive collapse of rock cliff at Pointe du Hoc.

potential failure surface, the shear strength of the joints,
and the water pressures in the joints. Failure analyses usu-
ally use planar surfaces and wedges following the joints’
contours. The failing mass is analyzed using fundamen-
tal laws and constitutive laws to give a factor of safety.
The factor of safety is defined as the ratio of the resist-
ing moment or resisting force in the direction of sliding
over the driving moment or driving force in the direction of
sliding.

Other rock engineering problems include tunneling, exca-
vations, blasting, rippability, and scour.

5.8 PERMAFROST

In areas of the Earth where the mean annual temperature
of the air does not get above 0° Celsius, the soil may be
permanently frozen down to a certain depth. These areas
include the North Pole, the South Pole, and any mountain
above about 5000 m high (Figure 5.15). The permafrost can
be shallow (a few meters) or deep (several hundred me-
ters). Because permafrost is rich in ice, its properties are
very much tied to the properties of the ice. This implies
that, much like ice, the strength and modulus of permafrost
increase when the temperature decreases and are rate de-
pendent. Note that the influence of temperature is much
more important than the influence of rate effect. Permafrost
also exhibits creep under sustained loading. Because ice is
the binder that strengthens permafrost, like cement for con-
crete, the higher the degree of saturation of permafrost, the
stronger the permafrost is. For construction on permafrost,
it is best to isolate the building or structure from the per-
mafrost so as to minimize the temperature changes incurred
in the permafrost. Indeed, when permafrost melts, it loses
tremendous strength. This is why buildings and pipelines are
elevated above permafrost ground through the use of piles
(Figure 5.16).



72

5 ROCKS

Figure 5.16 Elevated structure on permafrost. (Courtesy of
Anadarko Petroleum Corporation.)

1988 3808 5708 kn

Figure 5.15 Zones of permafrost in the Northern hemisphere.
(Courtesy of NSIDC.)

PROBLEMS

5.1

5.2
53

54
55
5.6
5.7
5.8

59
5.10

Answer the following questions:

a. What are the three main categories of rocks?

b. Are granite, feldspar, and basalt igneous, metamorphic, or sedimentary rocks?

c. Are sandstone, shale, limestone, and lignite igneous, metamorphic, or sedimentary rocks?

d. Are gneiss and marble igneous, metamorphic, or sedimentary rocks?
Is diamond a rock or a mineral? Is there any rock harder than diamond? Is there anything harder than diamond?
What is the difference between rock mass and rock substance, and how does this difference affect the engineering
properties?
What is the typical range of values for the dry unit weight and porosity of a rock substance?
How is the durability of a rock substance measured? Describe the test.
What are the typical range of modulus and Poisson’s ratio values for rock substance? How do this range and values
compare with concrete?
What is the typical range of unconfined compression strength for rock substance and its ratio to the rock substance
modulus? What is the typical range of tensile strength for rock substance? How does this compare with concrete?
Explain what the RR, the RQD, and the I, are and use the words excellent, good, fair, poor, or very poor to qualify ranges
of values of these various indices.
Explain what the RMR and the GSI are and how they are obtained.
Attempt a correlation between the safe pressure for a foundation on rock using the rock substance strength on the one hand
and the RMR or GSI on the other.
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5.11 Calculate the settlement of the foundation of the World Trade Center towers (Figure 5.15s).

¥2.90 m A <
+ A~
B
E E
3 B
1)
‘| [=—=]
| 11 2.59 m
—>[<2.59m >\~
_L- 63.14 m I
*2.90 m
Plan

Fl. slab j 4 '

Sound rock
Section A-A Section B-B

Figure 5.1s World Trade Center foundations section.

5.12 Calculate the stress distribution along the plane of failure for the cliff overhang in Figure 5.2s. Give the solution if the
stresses are in the elastic range and assume that there is no failure due to tensile stress (no crack). Find the maximum stress
when the cliff is 30 m high and the cave is 4 m deep and 3 m high.

-
~
30m
-
—4 m— -
» L - -~
3m ~
<
Figure 5.2s Geometry of the cliff. Figure 5.3s Dimensions of the cliff.

5.13 What is the best way to design a foundation on permafrost?
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Problems and Solutions
Problem 5.1

Answer the following questions:

a. What are the three main categories of rocks?
b. Are granite, feldspar, and basalt igneous, metamorphic, or sedimentary rocks?
c. Are sandstone, shale, limestone, and lignite igneous, metamorphic, or sedimentary rocks?
d. Are gneiss and marble igneous, metamorphic, or sedimentary rocks?
Solution 5.1
a. From the point of view of their origin, rocks are classified as igneous, sedimentary, or metamorphic.
b. Granite, feldspar, and basalt are igneous rocks.
c. Sandstone, shale, limestone, and lignite are sedimentary rocks.
d. Gneiss and marble are metamorphic rocks.
Problem 5.2

Is diamond a rock or a mineral? Is there any rock harder than diamond? Is there anything harder than diamond?

Solution 5.2

Diamond is pure carbon, so it is a basic element and is classified as a mineral. Diamond is the hardest mineral on the
Mohs scale of mineral hardness, based on its resistance to scratching. There is no rock or other natural material harder than
diamond. A few manmade materials—all made of carbon—have been claimed to be harder than diamond.

Problem 5.3
What is the difference between rock mass and rock substance, and how does this difference affect the engineering properties?

Solution 5.3

Rock substance refers to a piece of intact rock with no fissures; rock mass refers to a large volume of rock, including the
fissures and joints. In most cases, the rock mass is much weaker than the rock substance. The presence of fissures and joints
weakens the rock mass and affects all its engineering properties.

Problem 5.4

What is the typical range of values for the dry unit weight and porosity of a rock substance?
Solution 5.4

The dry unit weight of rock substance varies from about 21 kN/m? (e.g., a shale or a limestone) to about 27 kN/m? (e.g., a
marble or a granite). The most common values are between 25 and 26 kN/m?3. The porosity of rock substance is very low
except for shale, sandstone, and schist, for which the porosity can reach that of soils (several tens of percent).

Problem 5.5

How is the durability of a rock substance measured? Describe the test.

Solution 5.5

The durability of a rock is measured by a test called the slaking durability test. Ten pieces of rock are weighed and placed in
arotating drum lined with a 2 mm opening mesh. The drum is slowly rotated through a water bath for 10 minutes and the dry
weight of the rock pieces remaining after the test is measured again. The ratio in percent of the weight after and before the
test is the slaking durability index /,,;. Rocks typically have I, values in excess of 90%. Values below 70% are undesirable
for rip-rap applications.

Problem 5.6

What are the typical range of modulus and Poisson’s ratio values for rock substance? How do this range and values compare
with concrete?

Solution 5.6

Values of the modulus of deformation for rock substance range from 2000 MPa to 100,000 MPa and the Poisson’s ratio
values of rock substance range from 0.15 to 0.3. By comparison, concrete has a modulus of 20,000 MPa, equivalent to that
of a soft to medium rock.




5.8 PERMAFROST 75

Problem 5.7

What is the typical range of unconfined compression strength for rock substance and its ratio to the rock substance modulus?
What is the typical range of tensile strength for rock substance? How does this compare with concrete?

Solution 5.7

The typical range of unconfined compression strength for rock substance is from 10 MPa for very soft rock to 200 MPa for
very hard rock. By comparison, concrete has an unconfined compression strength of 20 MPa, equivalent to the strength of a
soft rock.

The ratio between the rock modulus of deformation E and the unconfined compression strength q,, is in the range of 150 to
600, with an average of 350.

The typical range of tensile strength for rock substance is 1 MPa to 15 MPa. The average tensile strength for concrete is
about 2.5 MPa, so concrete is equivalent to a soft rock.

Problem 5.8

Explain what the RR, the RQD, and the I, are and use the words excellent, good, fair, poor, or very poor to qualify ranges of
values of these various indices.

Solution 5.8

The recovery ratio (RR) is the ratio of the length of the core recovered divided by the length cored, expressed in percent.
The rock quality designation (RQD) is the ratio of the length obtained by adding all the pieces with length longer than
100 mm over the length cored, expressed in percent.
The velocity index I, is used to evaluate the difference between the rock substance properties and the rock mass properties.
It is defined as the ratio of the square of the compression-wave velocity of the rock mass in the field to the square of the
compression-wave velocity of the rock substance.

Rock Quality RR RQD (%) I,
Excellent 97-100 90-100 >0.8
Good 90-97 75-90 0.6-0.8
Fair 67-90 50-75 0.4-0.59
Poor 35-67 25-50 0.2-0.39
Very poor <35 <25 <0.2

Problem 5.9
Explain what the RMR and the GSI are and how they are obtained.

Solution 5.9

The rock mass rating (RMR) is a value defined as the sum of ratings for several indicators of rock mass features. These
indicators are the strength of the rock substance (q,), rock quality designation (RQD), joint spacing, joint condition, joint
orientation, and the groundwater conditions.

Rock Quality RMR

Excellent 81-100
Good 61-80
Fair 41-60
Poor 21-40

Very poor 0-20
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The geologic strength index or GSI is used to rate jointed rock masses, taking into consideration the interlocking of rock
pieces or blockiness of the rock mass on the one hand and the condition of the rock surfaces or joints on the other.

The RMR and GSI can be used to extrapolate from the strength and modulus of the rock substance to the strength and
modulus of the rock mass.

Problem 5.10

Attempt a correlation between the safe pressure for a foundation on rock using the rock substance strength on the one hand
and the RMR or GSI on the other.

Solution 5.10

It has been suggested (Sjoberg 1997) that GSI can be related to RMR by GSI = RMR — 5 for rock masses with RMR larger
than 25. Therefore, the following correlation between the safe pressure and the RMR or GSI may be developed:

Pressure (kPa) RMR GSI

6, 000 ~ 10, 000 Class I (81 ~ 100) 76 ~ 95

4,000 ~ 6,000 Class II (61 ~ 80) 56 ~ 75
1, 000 ~ 4, 000 Class IIT (41 ~ 60) 36 ~ 55
200 ~ 1,000 Class IV (21 ~ 40) 21 ~ 35
<200 Class V (0 ~ 20) 0~ 20

Sjoberg, J. 1997.

Problem 5.11

Calculate the settlement of the foundation of the World Trade Center towers.

Solution 5.11

The sections of the World Trade Center foundations are shown in Figure 5.1s.
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Figure 5.1s World Trade Center foundations section.
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The pressure acting on the shallow foundation is p = 3.0 x 10°Pa, and the rock mass modulus is E = 1.4 x 10°Pa. The
ratio between the effective length and the effective width of the foundation (L’/B’) is 10.0, and Poisson’s ratio (v) of the rock
is 0.3. The settlement of the foundation, assuming that the thickness of the bedrock layer is infinite, is given by the following

equation:
1—?
s = C,pB z

where C, is the shape factor (2 for a rigid foundation with an L/B = 10.0, Fang 1991). Therefore, the settlement is:

1-0.3?

9

s(mm):2x3x106-B-<
1.4 x 10

>><1000=3.9-B

For B=229m,S; =893 mm.
For B=1.68m,S, =6.55mm.

For B=29m,S; =11.31 mm.

Problem 5.12

Calculate the stress distribution along the plane of failure for the cliff overhang in Figure 5.2s. Give the solution if the stresses
are in the elastic range and assume that there is no failure due to tensile stress (no crack). Find the maximum stress when the
cliff is 30 m high and the cave is 4 m deep and 3 m high.

Figure 5.2s Geometry of the cliff.

Solution 5.12
The weight W of the rock overhang above the cave is:

W=y xbxhxl

where Y is the unit weight of the cliff rock, b is the unit width, % is height of the overhang, and [ is the depth of the cave. The
bending moment due to this mass of rock is:

M=Wxa
Witha =1/2
The stress distribution in the cliff due to the bending moment is:
M xy
o =
1

where I is the moment of inertia of the cliff section and y is the vertical distance from the neutral axis (Figure 5.2s). The

moment of inertia of the cliff section is:
b x h3

12

1
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Combining the previous equations gives the equation for the normal stress distribution in the cliff section:

12xy xlxa
0= —""7>7"—

0 Y
Numerical application:
h=27Tm
l=4m
a=2m
b=1m

Y =26 x 10° N/m?

Weight per meter of cliff above the cave:

W=26 x 10° x 27 x 4 = 28.08 x 10° N/m

30m
—
~
~—4 m— ~
N L _ —
am ~

Figure 5.3s Dimensions of the cliff.

The moment due to the cliff mass above the cave:
M =28.08 x 10° x 2 =56.16 x 10° N.m/m

The moment of inertia of the cliff section:
I=27°/12 = 1640 m*/m

The stress at the top and bottom of the section is:

12x26x10° x4x2 27

o X — = 46.22 x 10° Pa = 46.22 kPa
272 2

The tension capacity of the intact rock varied between 2 and 20 MPa, yet the cliffs failed when the depth of the caverns
reached about 4 m. Therefore, the rock mass tensile strength must have been about 46 kPa, or less than about 2% of the intact
rock strength.

Problem 5.13

What is the best way to design a foundation on permafrost?
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Solution 5.13

The best way to design a foundation on permafrost is to provide a space between the foundation slab and the soil layer
(Figure 5.4s). That way air can circulate and prevent building-generated heat from thawing out the soil layer below and
thereby dramatically decreasing the soil strength.

Figure 5.4s Solution for designing a foundation on permafrost.




CHAPTER 6

Site Investigation, Drilling, and Sampling

6.1 GENERAL

Site investigation is the first step in solving most geotechnical
engineering problems (Figure 6.1). Indeed, when a geotech-
nical engineer is asked to solve a problem at a site, the
first reflex is to go to the site, drill borings, take samples,
and/or run in situ tests. Back in the laboratory, additional
soil properties are determined and the problem is studied on
the basis of the site-specific information already obtained.
Note that laboratory tests and in situ tests are not mutually
exclusive. The best site investigation features a combination
of in situ tests and laboratory tests. Indeed, the advantages of
laboratory tests and the advantages of in situ tests comple-
ment each other, as shown in Table 6.1. Boring logs add a
very important component to the site investigation. The first
part of this chapter deals with onshore site investigations, the
second part with offshore site investigations.

A site investigation takes place in two steps: the prelimi-
nary investigation and the main investigation. Once the site
investigation is completed, the geotechnical engineer makes
appropriate calculations and recommendations to the project
owner or representative. Sometimes additional site investiga-
tion allows the geotechnical engineer to optimize the design
and propose less expensive options. For most projects, the
cost of the soil investigation is a very small fraction of the
cost of the project; it can be 0.1% for buildings up to 3% for
dams. Yet it is extremely important that it be well carried out,
as a poor site investigation can have disastrous consequences,
generate great expenses, delay the project, and lead to lit-
igation. For geotechnically complicated projects, it is very
desirable for the geotechnical engineer to act as inspector of
the work being done at the site.

Note that under current practice, only an extremely small
portion of the soil involved in the project is tested. In a typical
soil investigation, 0.001% of the soil involved in providing
the foundation support for the structure might be tested. The
proportion of soil tested is much smaller than the amount of
testing done for the structure itself (concrete cylinder testing,
for example).
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6.2 PRELIMINARY SITE INVESTIGATION

The preliminary site investigation takes place in two steps:
a paper study and a site visit. The paper study consists of
obtaining documents related to the site information and
history. In addition to maps, previous records of site uses
are very helpful. Maps include geologic maps (e.g., http://
ngmdb.usgs.gov/), aerial photographs (www.terraserver.com/,
http://maps.google.com/), flood maps (www.fema.gov/hazard
/map/flood.shtm), and seismicity maps (http://earthquake
.usgs.gov/earthquakes/world/seismicity/). The site visit
consists of going to the site, taking notes and photos of the
site conditions, including the behavior of other projects in
the vicinity. The site conditions include general topography,
rig access, geologic features, stream banks exposing the
stratigraphy, land use, water-flow conditions, and possibility
of flood. A good site visit requires a keen eye and keeping
a detailed record of what is found and observed at the
site. In the case of environmentally related problems,
special guidelines exist for what is called environmental site
assessments (ESAs). The rest of this chapter describes the
main site investigation.

6.3 NUMBER AND DEPTH OF BORINGS
AND IN SITU TESTS

The word sounding is used in this section to refer to both
borings and in situ tests. The number, location, and depth of
soundings on the one hand and the type of samples and in
situ tests on the other depend on several factors, including the
type of geotechnical project, the stratigraphy of the site, the
soil type, and the water table conditions.

About 2 to 6 soundings are performed for average size
buildings and bridges. A common rule for a building is to
perform 1 sounding per 250 m? of foundation surface area.
For major bridges, a sounding is performed at each pier. For
extended projects such as runways and highways, soundings
are located anywhere from every 50 m for major runways to
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Figure 6.1 Flowchart for a geotechnical engineering project.

Table 6.1 Advantages and Drawbacks of Laboratory and In Situ Tests

Laboratory Testing

In Situ Testing

Advantages Drawbacks

Advantages Drawbacks

Easier to analyze
theoretically

Small-scale testing
Time-consuming

Stresses must be simulated
Some disturbance

Drainage can be controlled

Elementary parameters easier
to obtain
Soil identification possible

Large-scale testing

Relatively fast to perform

Testing done under in situ
stresses

Difficult to analyze
theoretically

Drainage difficult to control

Elementary paramaters
harder to obtain

Soil identification rarely
possible

Less disturbance for some
tests

every 500m for secondary highways. For power lines and
pipelines, soundings are performed for locations associated
with difficult soil conditions and for special loading like
corner towers. The depth of the soundings is typically equal
to twice the foundation width below the foundation depth.
Shallower borings may be accepted if a hard layer is found
and confirmed to be thick enough for the project. Depths of
soundings commonly vary from 5 m to 30 m.

It is critical to think about the zone of influence of the
geotechnical project and ensure that the soil conditions are
reasonably well known within that zone. For example, the
zone of influence below the tip of a pile may be a few meters,
but if 10,000 piles are driven with close spacing, the zone of
influence of the foundation is related to the width of the pile
group, not the width of a single pile. It is also critical to think
about the cost-benefit ratio of the site investigation. The cost
of an additional sounding is trivial compared to the cost of
repair for most geotechnical projects.

6.4 DRILLING

The two most common methods of drilling for soil samples
are the wet rotary method and the hollow stem auger.

6.4.1 Wet Rotary Drilling Method

The wet rotary method consists of drilling a borehole with a
drill bit (Figure 6.2) while circulating drilling mud through
the center of the rods. The drill bit is typically 75 to 150 mm
in diameter and the rods 40 to 70 mm in diameter. The

Figure 6.2 Drill bits.
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Figure 6.3 Wet rotary drilling method including mud pit. (Right: Courtesy of Wikimedia. See
also this video: http://cee.engr.ucdavis.edu/faculty/boulanger/video.html)

drilling mud flows down the center of the rods while they
rotate and back to the surface on the outside of the rods
between the wall of the borehole and the exterior wall of the
rods. This return flow carries the soil cuttings back to the
surface by entrainment. The drilling mud arrives in the mud
pit (Figure 6.3), where it is sucked back up to the top of the
drilling rods by a pump. The connection between the hose
carrying the drilling mud back to the top of the rods and the
rods themselves is called the water swivel; this connection
allows the hose to remain stationary while the rods keep
rotating. The drill bit at the bottom end of the drill rods is
typically either a drag bit or a roller bit (Figure 6.2). Drag bits
tend to carve the soil with finger-like protrusions and are used
for fine-grained soils. Roller bits are made of three rollers
that roll against the soil and erode it or push it aside; they are
used for drilling in gravel because the larger particles could
get stuck between the fingers of a drag bit, damage it, and
create excessive disturbance. In sand, either bit can be used;
the bit itself is not that critical because the drilling proceeds
by washing or eroding the sand with the mud flow in front of
the bit. When the rods progress smoothly downward, the soil
is likely a fine-grained soil; when the rods go down in a more
jerky fashion, the soil is likely a coarse-grained soil. The
grinding sound associated with drilling in gravel, cobbles, or
rock can be easily identified. Once the borehole is advanced

to the required depth, the rods and bit are withdrawn, the bit
is uncoupled, and a sampling tube or an in situ test device is
connected at the bottom of the rods.

6.4.2 Hollow Stem Auger Drilling Method

The hollow stem auger method (Figure 6.4 and 6.5) sometimes
also called the continuous flight auger method consists of

Figure 6.4 Hollow stem augers. (Courtesy of C. Jeffries, Environ-
mental Sampling Ltd.)


http://cee.engr.ucdavis.edu/faculty/boulanger/video.html

Figure 6.5 Hollow stem auger drilling method. (Courtesy of
Geovil Ltd)

rotating hollow stem augers into the soil; these augers are
150 to 300 mm in diameter. The hollow center part of the
augers gives access for sampling or any other testing device
that can be lowered to the bottom of the hole. The hollow
stem auger has the advantage of providing a casing against
collapse of the side walls of the borehole, but is limited in
penetration depth because it requires significant torque to
advance the augers. The wet rotary method is much less
limited by depth, but sometimes faces problems of borehole
instability.

6.5 SAMPLING
6.5.1 Sample Disturbance

The objective in sampling a soil or rock deposit is to obtain
samples that have the least amount of disturbance. This
disturbance can come from:

1. Change in stress condition
2. Mechanical disturbance of the soil structure
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3. Changes in water content and porosity
4. Chemical changes
5. Mixing and segregation of soil constituents

The goal is to minimize factors 1, 2, and 3, and to eliminate
factors 4 and 5. Factor 1 recognizes that the sample follows a
certain sequence of stress states as it goes from the intact field
situation to testing in the laboratory. In the field, the sample
exists under an at-rest effective vertical stress o, and an
at-rest effective horizontal stress o/, . During sampling, both
stresses are likely to increase; o/, because the friction between
the sample wall and the inside of the sampler compresses the
sample and o, because the thickness of the sampler creates
horizontal displacement and associated compression. Upon
extrusion of the sample from the sampling tube, both total
stresses are decreased, but the effective stresses may or
may not decrease as much as the total stresses. Indeed, as
the sample tries to expand upon extrusion, the expansion
may be limited by the inability of the air to get into the
pores if the soil has a high degree of saturation and a low
hydraulic conductivity. During transport, vibrations are likely
and can affect the internal stress state. Figure 6.6 shows a
possible scenario before and after testing the sample in the
laboratory. It is important to remember this sequence to better
understand sample behavior in the laboratory, especially at
smaller strains. For one, it is clear that the sample does not
start at a state of stress equal to the one it was at in the field. It
is desirable to try to recreate this initial state of stress before
starting the laboratory test. Similar observations can be made
for in situ testing.

Factors 1 and 2 can be minimized by using samplers with
a low area ratio. The area ratio, AR, is the ratio of the cross-
sectional area of the tube wall over the cross-sectional area

of the sample:
Dy> — D*)/4 Dy’
AR:M:—O—I (6.1)
nD;?/4 D;?

where D, and D; are the outside and inside diameter of the
sampling tube, respectively.

Ratios less than 10% are desirable. Factor 3 in the preceding
list can be minimized by sealing the samples as soon as they

Sampling -~~~
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Figure 6.6 Sequence of stress strain behavior during sampling.
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are extruded from the sampler. This can be done by pouring
hot wax at each end or sealing them with a thin plastic film
or foil wrap. Also, it is necessary to keep the vibrations
during transport to a minimum, and store the samples in a
humidity room as soon as possible. Note that humidity rooms
are actually drying rooms, as the humidity level very rarely
reaches 100%. Indeed, even at 95% humidity, significant
suction exists that can draw water out of the soil into the air.
Efforts should be made to seal the sample as well as possible
for storage. Despite these best efforts, samples that have been
in a humidity room for more than one month are likely to
have been affected by drying.

The least disturbed samples of mineral soils are obtained
when the sampler is pushed into the soil in one continuous
motion. Driving creates much more disturbance. Repeated
pushes are not acceptable either, as they create a series of
compressions and extensions in the sample and disturbs it
(Figure 6.7). There is one exception to this, for organic
fibrous soils such as peats. In this case it is best to drive
the sampler, because the driving action has a better chance
of cutting the fibers rather than pushing them and simply
compressing and disturbing the peat excessively. Further
information on sample disturbance can be found in Hvorslev
(1949).

6.5.2 Common Sampling Methods

The two most common samplers are the Shelby tube sampler
for clays and silts, also called thin-wall steel tube, and the

Figure 6.7 X-ray photographs of a driven sample (/eff) and pushed
sample (right). (Courtesy of FUGRO Inc.)

Figure 6.8 Shelby tube sampling. (Courtesy of Leslie Kanat, 2010,
http://kanat.jsc.vsc.edu/drh/.)

split spoon sampler for sands and gravels.! The Shelby tube
(Figure 6.8) is a seamless, thin-wall steel tube (e.g., 76.2 mm
outside diameter, 73 mm inside diameter, 0.9 m long). The
area ratio for the Shelby tube is 9%. This is a very low area
ratio, so samples taken with the Shelby tube are considered
undisturbed. The tube is pushed into the silt or clay at a steady
pace under one continuous push. The tube is then pulled out
of the soil and the sample stays in the tube by friction. At
the surface, the sample is extruded, wrapped and sealed to
prevent moisture loss, and then shipped to the laboratory for
testing.

Note that the length of the sample recovered is rarely
equal to the length pushed. One reason is that the friction
that develops between the sample and the inner wall of
the sampler increases as the sample enters the sampler. If
the friction on the sample becomes larger than the ultimate
bearing capacity of the silt or clay below the lower end of the
sampler, the sampler becomes plugged and the soil ahead of
the sampler experiences bearing-capacity failure, so no more
soil enters the sampler. The length of sample required to plug

'The name “Shelby” comes from the Shelby seamless steel tube company
established in the late 1800s in Shelby, Ohio. The city of Shelby was named
after General Isaac Shelby, a hero of the Revolutionary War and War of
1812 and first governor of Kentucky.
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Figure 6.10 Split spoon sampler. (a: From DeJong and Boulanger 2000.)

the sampler depends on the soil and on the sampler, but a
length equal to a few sampler diameters may be sufficient
to plug the sampler. To minimize the friction between the
sample and the inner wall of the sampler, Shelby tubes have
an inward curl near the penetrating end (Figure 6.9).

The split spoon sampler (Figure 6.10) is a thick-wall steel
tube (50.8 mm outside diameter, 34.9 mm inside diameter,
about 0.6 m long) made of two half tubes kept together at the
top and the bottom by rings. A core catcher in the bottom
ring helps keep the sample in place upon retrieval. The area
ratio of the split spoon sampler is 112%. This is a high area
ratio, so the samples collected with a split spoon sampler are
considered to be disturbed samples. The sampler is driven
into the sand or gravel with a standard 623N hammer falling
on an anvil at the top of the rods from a height of 0.76 m.
This is called the standard penetration test (SPT). The driving
process further contributes to the disturbance of the sample.
The sampler is brought back to the surface, the tube is opened,
and the sample is typically collected in glass jars.

The thin-wall steel tube sampler is used primarily with
clays and silts and gives undisturbed samples well suited

to many quality laboratory tests. By comparison, the split
spoon sampler is used primarily with sands and gravels and
gives disturbed samples well suited for soil identification
and classification purposes. Other, more advanced samplers
exist, such as the Osterberg piston sampler, Swedish foil
sampler, Denison sampler, and Pitcher sampler (Hunt, 2005).
Piston samplers have the advantage that they minimize part
of the disturbance associated with open-tube samplers. Piston
samplers have a piston blocking the opening at the bottom of
the sampler (Figure 6.11). This piston is locked in place as
the sampler is lowered to the desired depth. The piston is then
held at that depth while the sampling tube is pushed past the
piston into the soil. The vacuum that can develop at the top
of the sample helps the soil enter the sampler and minimizes
the plugging effect mentioned earlier.

6.6 GROUNDWATER LEVEL

The level of the groundwater at a site is a very important
piece of information for any geotechnical investigation. This
level can be found in a number of ways: existing information,
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/ Drill rod — water level in open borings, standpipe piezometer, and driven
Vent (ai piezometers. Existing information can be found in records of
ent (ai) water wells drilled in the area (Figure 6.12). These records
| . .
% % are often kept by government agencies, such as those dealing
with water resources, hydrology, natural resources, geology,
A and transportation. The well owners may have some very

useful information on the seasonal fluctuation of the water
Sampling _ Pressure level 1n'the well. ' '
tube cylinder Reading the water level in an open borehole is often done as
part of a site investigation. At the end of the drilling process,
the water or drilling mud is bailed out of the borehole and
Hole in Hollow the water fills the borehole back up to the groundwater level.
piston rod piston rod Water level readings are typically taken 24 hours after the
boring is completed and recorded as such in the boring
log. Note that 24 hours may not be long enough for the
287 water level to come to equilibrium with the surrounding
/‘% groundwater. Standpipe piezometers are made by preparing a
Piston special borehole (Figure 6.12). After the borehole is drilled, a
plastic casing, slotted with holes at its bottom part and smaller
in diameter than the borehole, is lowered to the bottom of
the borehole. The annulus between the slotted casing and the
borehole is filled with sand over the portion where the water
pressure measurement is intended. The annulus above the
Figure 6.11 Piston sampler diagram. sand-filled portion is filled with bentonite pellets to form an
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Figure 6.12 Measurement of groundwater level and phreatic surface: (a) groundwater level
measurement; (b) phreatic surface measurement observation well. (Courtesy of FHWA.)



impervious plug and isolate the zone to be studied. Water is
allowed to rise in the standpipe and the water level is measured
when equilibrium is reached. This gives the pressure head at
the depth of the slotted casing. Driven piezometers are pushed
into the ground like a cone penetrometer and water-pressure
measurements are made through pore-pressure transducers
located at the bottom of the piezometer. After equilibrium is
reached, the pressure measured is equal to the unit weight of
water times the height to where the water level would rise in
the pipe.

A distinction has to be made between the groundwater level
and the phreatic surface. The groundwater level is the level
to which the water rises in an open borehole. The phreatic
surface is the line where the water would rise in a pipe
(not an open borehole) connected to a point in the ground.
These two definitions amount to the same thing unless there
is a water pressure in the ground different from hydrostatic.
This is the case with an artesian pressure, where the phreatic
surface is higher than the groundwater level (Figure 2.14).
Standpipe piezometers measure the phreatic surface, whereas
open boreholes measure the groundwater level (Figure 6.12).

6.7 FIELD IDENTIFICATION AND BORING LOGS

The best way to identify the soil type is to classify the soil
through proper laboratory tests, as described in Chapter 4 on
soil classification. In the field, it is also possible to classify
the soil through a series of simple tests (ASTM D2488).

Sands and gravels are easily identified, as the particle size
is large enough to be seen with the naked eye. Sands will feel
gritty when rubbed between your fingers. Dirty sands such
as SM and SC tend to leave stains on your hands when wet,
whereas SW and SP will have much less tendency to do so. If
the sand is dry, taking a handful of sand and dropping it from
a height of about 0.3 m will generate a cloud of fine particles
for an SC or SM; very little dust will be observed for an SP
or SW. Observations about obvious gradation gaps can help
in deciding whether the sand is SP or SW.

The type of silt or clay is more difficult to identify. First,
wet silts and clays will feel smooth when rubbed between
your fingers. The tests described in this section help you
decide whether the soil is an ML, MH, CL, or CH; this is
the typical order from one extreme to another because in this
sequence the soil particles become smaller and smaller and
induce a progression in certain properties. The wash hands
test simply refers to the fact that high-plasticity clays are very
difficult to wash off your hands compared to low-plasticity
clays and silts. High-plasticity clays tend to feel greasy and
it requires quite a bit of rubbing to remove the soil from
your skin. Also, when you wash your hands after handling
a high-plasticity clay, the pores of your hands will tend to
contract and your skin will feel tight after your hands dry. The
dry strength test also helps you distinguish between high- and
low-plasticity materials. Take a piece of soil and let it dry
under the sun or in a field office. In a few hours, most soils
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will be dry enough that the dry strength test can be performed.
High-plasticity clays will exhibit high dry strength: difficult
to crush between your fingers, difficult to break a small
piece by bending. Low-plasticity soils will crush easily or
break easily by bending. Silts exhibit little cohesion. The
thread rolling test, also called the toughness test, consists of
taking the piece of soil used in the hand shaking test and
trying to roll it into a thread as thin as 3 mm in diameter.
If it is nearly impossible without the thread cracking, the
soil is low plasticity; if it is possible, the soil is likely high
plasticity.

The hand shaking test, also called the dilatancy test, can
help in evaluating the hydraulic conductivity of a soil. Silts
have a much higher hydraulic conductivity than clays because
of the larger particles. The hand shaking test consists of taking
a small piece of very wet soil, placing it in the bottom of your
cupped hand such that it forms a mushroom-sized patty, and
tapping your hand against your other hand to impart horizontal
shaking blows to the soil. If the surface of the soil becomes
glossy after a few blows, it means that water is coming to the
surface and the soil has relatively high hydraulic conductivity
(silt). If the soil surface stays matte after 10 blows, the soil
has much lower hydraulic conductivity (clay). Organic soils
have a distinct foul smell and dark color. Peat is fibrous when
young and dark and smooth when decomposed.

Some simple tests can also be used to gauge the strength
of the soil encountered. In clays and silts, the tests consist of
taking a sample in your hand and trying to deform the sample
with your thumb or fingernail. In sands and gravels, the tests
consist of trying to push or drive a steel bar into the soil
from the surface, as well as checking for footprints behind
you. These tests and corresponding categories of strengths are
presented in Table 6.2. Note that the tests for silts and clays
can be performed on samples retrieved at depth, while the
tests for sands and gravels are limited to the ground surface.
The SPT blow count is used for evaluating the strength
properties of sand and gravel at depth.

During drilling, the driller usually has a good idea what
soil is being drilled through: the driller can hear the noise
made by the drilling bit, the driller can observe the downward
progress of the rods, and the driller can catch the cuttings
coming back to the surface (in the mud pit, for example).
Clays are carved by a drill bit without much noise and with
smooth continuous penetration. Sands are washed by the mud
flow and the downward movement of the rods is more erratic.
Gravels make a grinding noise during drilling. The driller
writes down the soil type that is encountered as the borehole
advances; this is the field borehole log. (An example of a
field log is shown in Figure 6.13.) While in the field the
geotechnical engineer will take notes, collect samples, and
perform simple tests. Back in the office, she or he will ask the
lab technician to run classification tests and other engineering
property tests best suited for the project. On the basis of the
data collected, the engineer will prepare the final boring log
corresponding to each borehole. Examples of boring logs are
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Table 6.2 Simple Field Evaluation of Strength

Silts and Clays Strength

Description S, (kPa) N (bpf) Simple field test!
Very soft <12 <2 Squeezes between your fingers.
Soft 12-25 2-4 Easily penetrated by light thumb pressure.
Medium or firm 25-50 4-8 Penetrated by strong thumb pressure.
Stiff 50-100 8-15 Indented by strong thumb pressure.
Very stiff 100-200 15-30 Slightly indented by strong thumb pressure.
Hard 200-400 30-50 Slightly indented by thumbnail.
Very hard >400 >50 Not indented by thumbnail.
Gravels and Sands Strength
Description ®° N (bpf) Simple field test?
Very loose <28° <4 12 mm diameter rebar pushed in 0.3 m by hand
Shows definite marks of footsteps; hard to walk on
Loose 28°-30° 4-10 12 mm diameter rebar pushed in 0.1 m by hand
Shows footsteps
Medium or compact 30°-36° 10-30 12 mm diameter rebar driven 0.3 m with carpenter hammer
Footsteps barely noticeable
Dense 36°-41° 30-50 12 mm diameter rebar driven 0.1 m with carpenter hammer
No marks or footsteps
Very dense >41° >50 12 mm diameter rebar driven 0.03 m with carpenter hammer

No marks of footsteps

Note that these tests are performed on a sample of the soil.

ZNote that these tests are performed at the ground surface of the gravel or sand deposit, not on a sample.

shown in Figure 6.14 and the key to soil type representation
on boring logs is shown in Figure 6.15.

6.8 SOIL NAMES

In a natural soil, the four groups of particle sizes may exist
side by side. A gravel will be a soil that has most of its
particles in the gravel size range. A sand will be a soil that
has most of its particles in the sand size range. Silts and clays
are recognized according to their plasticity; that is, the ability
of the soil to deform without breaking. Silts exhibit moderate
plasticity, whereas clays can exhibit very high plasticity.
Soils are classified as gravel, sand, silt, or clay according to
arigorous classification system described in Chapter 4.

Soils may also be given other names, such as those in the
following list:

* Adobe: alocal term describing silts and clays in semiarid
regions
* Aeolian soil: soil deposited by wind such as loess

Alluvium: soil carried by moving water and deposited
when the water slows down

Bentonite: a very fine clay with extreme swelling and
shrinking properties; used with water as drilling mud
Calcareous sands: sands formed by the shells of marine
mollusks

Caliche: soil cemented by calcium carbonate
Collapsible soils: soils that exhibit sudden settlement
(collapse of the structure) when placed under load and
under water

Colluvium: soil deposited by gravity at the bottom of a
slope

Dispersive clays: clays in which the particles separate
from each other when exposed to water even when the
water does not flow and the soil is not loaded

Expansive soils: see shrink-swell soils

Lacustrine deposits: soil deposited by settling in water
under a low-energy environment such as a lake

Laterite: soil rich in iron (red color) and found in hot and
humid climates (tropics)
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Project name: Book Borehole ID: Borehole |
Project location Texas A&M Borehole length: 15 mm
Date: 6 Feb. 2011
Depth | Drilling -Il-gi!f dsel:;; Blow count St:(-:l;lgy penF:t,r(:)kriteter Water_ Description and notes
(m) method (mm) ™ [ Tz T Ty | depth (m) | value (kPay observation
Oto3 Auger 35 1 2|5|6 [N No Brown silty sand
1t02 Auger 35 No Brown silty sand
2t03 Auger 35 3 4 16 |7 |13 No Brown silty sand
3to4 Auger 35 Yes Brown silty sand
4t05 Auger 35 5 3|4 |6 |10 Yes Brown silty sand
5t06 Auger 35 Yes Brown silty sand
6t07 Auger 35 7 9 |12 |17 |29 Yes Brown silty sand
7t08 Auger 35 8 70 Yes Gray Plastic clay
8t09 Auger 76 Yes Gray Plastic clay
9t0o 10 | Auger 76 10 120 Yes Gray Plastic clay
10to 11| Auger 76 Yes Gray Plastic clay
11to 12| Auger 76 12 130 Yes Gray Plastic clay
12 to 13| Auger 76 Yes Gray Plastic clay
13to 14| Auger 76 14 135 Yes Gray Plastic clay
Generak notes: Water found @ 3.4 m.
After 24 hours still @ 3.4 m.

Figure 6.13 Example of a driller’s field log.

Loam: a mixture of sand, clay, and decaying organic
materials

Loess: lightly cemented soil made mostly of silt, and
deposited by wind

Marl: very stiff clay of marine origin and with calcareous
content

Montmorillonite: a very fine clay with extreme swelling
and shrinking properties

Organic clay or silt: a clay or a silt with a significant
amount of organic constituents

Peat: organic soil made of live or decayed plant fragments
Quick clay: clay that can liquefy when sheared exces-
sively

Quick sand: sand that turns into a liquid when subjected
to a sufficiently strong upward flow of water

Residual soils: soils created by intense weathering of
crystalline rock (tropical regions)

Shale: a very hard soil or soft rock made of silt and clay
particles; can slake when subjected to wet-dry cycles
Shrink-swell soils: soils above the groundwater level that
shrink and swell when exposed to the seasonal cycles;
also but less appropriately called expansive soils
Slickensided clay: clay with fissures, the surfaces of
which have been smoothened by repeated movement

e Till: soil created by glaciers and containing many particle
sizes well distributed across the range from very small to
very large; typically very strong

e Tuff: soil deposited by a volcanic explosion, usually silt
size

e Varved clay: a clay made of thin alternating layers of silt
and clay.

6.9 OFFSHORE SITE INVESTIGATIONS

Offshore structures (Figure 6.16) are built primarily to drill
for oil, to collect any oil found, and to send it to shore
through pipelines. The depth of offshore platforms can reach
several thousand meters of water depth, and the foundation of
these enormous structures requires proper site investigations.
Other types of offshore structures requiring site investigation
include windmills, pipelines, and bridges.

The site investigation is performed from boats, ships, or
sometimes jack-up rigs. The size of the ship used depends
on the water depth. Figure 6.17 shows some of the ves-
sels available for various water depths. In shallow waters,
ships are simply anchored. In deep waters, the most sophisti-
cated ships have dynamic global positioning systems (GPSs)
where motors on the hull of the ship are able to maintain
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Figure 6.14 Examples of final borehole logs. (Copyright © 2011 Bentley Systems, Incorporated.

All Rights Reserved.)
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Figure 6.14 (Continued)
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Majors Letterand | Name
divisions symbol
R
GW @%’“@ Gravel or sandy gravel well graded
Gravel
;\f GP Gravel or sandy gravel poorly graded
gravelly pEaTe:
soils GM  [eetesd Silty gravel or silty sandy gravel
Coarse- GC "_ Clayey gravel or clayey sandy gravel
grained EER
soils sw Sand or gravelly sand well graded
Sands
and sandy SP Sand or gravelly sand poorly graded
soils
SM il Silty sand or silty gravelly sand
sC Clayey sand or clayey gravelly sand
sittand ML Silts, sandy silts, gravelly silts or diatomaceous soil
clay soils L
(low liquid C Lean clays, sandy clays, or gravelly clays
limit T — -
Fine- it oL i i i i Organic silts or lean organic clays
grained
soils Sitand | MH Micaceous silts, diatomaceous soils, or elastic silts
clay soils 7!
(high liquid CH / Fat clays
limit) AL -
OH ////// Fat organic clays
Fibrous organic soils| PT [====== Peat humus, and other organic swamp soils

Figure 6.15 Key to soil type representation.
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(460 to 2150 m.)

Figure 6.16 Types of offshore oil platforms. (Courtesy of Otis Armstrong and Greg Overton.)
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Figure 6.17  Ships, jack-up rig, and remotely operated vehicle (ROV) for offshore investigations.
(a, and c: Courtesy of FUGROSeacore., b and d: Courtesy of the ISSMGE Technical Committee
on Offshore Geotechnics)

the ship in the same position (x and y) with respect to
known satellite positions. Minimizing the movement of the
drilling tool in the z direction due to ship movement is also
important and is done through the use of heave compen-
sators, described later in this chapter. Offshore geotechnical
investigations include drilling, sampling, and in situ test-
ing much like onshore investigations. The difference is a
matter of scale, complexity, and cost. Another difference is
the increased use of geophysical investigations for offshore
work.

6.9.1 Offshore Geophysical Investigations

Offshore investigations rely on geophysics in addition to
geotechnical investigations. The geophysics techniques most
commonly used are seismic reflection and seismic refrac-
tion. Electrical resistivity methods are also used, but less
frequently.

Seismic reflection systems use sound propagation energy
generated by a device towed behind a ship. The device
measures the travel time required for the acoustic energy or

wave to travel to the seabed or an interface between two
distinct soil layers below the seabed and be reflected to the
same device or to a receiving array (Figure 6.18). The seismic
refraction systems also use sound propagation energy, in
this case generated by a device including an acoustic pulse
generator and a line of hydrophones dragged on the sea bottom
by a ship. The device measures the travel time required for
the acoustic energy or wave to travel to an interface between
two distinct soil layers below the seabed, refract critically
along that interface, and send the wave back to the line of
receivers or hydrophones. Seismic refraction is more often
used for shallow penetration below the seafloor (pipelines,
cables) and gives the thickness and the shear wave velocity
of the material.

Precision of the measurement and penetration into the soil
depend on the frequency and amplitude of the acoustic wave.
A wave with a high frequency and low amplitude will give
high resolution (good precision on the distance measured) but
low penetration into the soil. A wave with a low frequency
and high amplitude will give deeper penetration but lower res-
olution. Measurements of water depth or bathymetry (bathos
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Figure 6.18 Offshore geophysics investigations: seismic reflection. (Courtesy of Ozcoast.)

Figure 6.19 Sidescan sonar and sea-bottom image generated therefrom. (Courtesy of the ISSMGE
Technical Committee on Offshore Geotechnics.)

means “depth” in Greek) are made using echosounders towed
in the water column behind a boat. Pictures of the sea floor
are obtained with sidescan sonars (Figure 6.19). These sonars
aim sideways to capture a wide image of the sea floor. Images
of the soil layers below the sea bottom are generated by using
sub-bottom profilers such as pingers, chirpers, boomers, and
sparkers (Figure 6.18). The frequencies generated by these
devices vary from 0.5 kHz to 40 kHz and give penetration of

the soil from 1 to 100 m with about a 1 to 10% resolution.
Examples of the results obtained through geophysics tests are
shown in Figure 6.20.

6.9.2 Offshore Geotechnical Drilling

Compared to onshore drilling, offshore drilling adds at least
two complexities: larger depths, which can reach thousands
of meters of combined water depth and penetration depth;



96 6 SITE INVESTIGATION, DRILLING, AND SAMPLING
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Figure 6.20 Examples of sub-bottom profiler results. (a: Courtesy of EdgeTech; image captured
by EdgeTech 3100 Portable sub-bottom profiling system, b: Courtesy of United States Geological

Survey, USA)

and vertical motion of the drill rig due to waves. The wet
rotary drilling method is always used for offshore work, but
it is very difficult to recirculate the drilling mud; this would
require injecting the drilling mud from the ship down the
drill pipes, and bringing it back to the ship. It would be
necessary to have a double set of concentric drill pipes and
would complicate the process dramatically while increasing
the weight significantly. Instead, a single string of drill pipes
is used and the biodegradable drilling mud is expended as
waste on the sea floor. Many offshore sediments are very
soft near the sea floor, so a casing is necessary to prevent
collapse of the borehole. Furthermore, access to the borehole
after drilling is necessary to take a sample or run an in situ
test. For these reasons offshore drilling is done by rotating
casing-size drill pipes, typically 127 mm outside diameter and

102 mm inside diameter. The drill bit at the end of the pipes
is about 220 mm in outside diameter (Figure 6.21) and allows
free access to the soil for various tools through the center of
the pipes and the bit. Often the drill pipes will go through a
support bottom platform (Figure 6.22) to guide the pipes and
provide bottom support.

The ship movement must not be transmitted to the drill
pipes or the drill bit would go up and down with the ship.
This would lead to very poor borehole quality and could
plug the bit. Heave compensators or motion compensators
are instruments that minimize this problem (Figure 6.23).
They can be passive (spring-and-dashpot system from which
the top of the rods is hanging) or active (computer-controlled
hydraulic jacks acting on the rods to compensate for measured
motion).
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Figure 6.21 Bottom of drill pipes with drill bit. (Left: Courtesy of Rok Max Drilling Tools, Ltd.;
Right: After Richards and Zuidberg 1985.)
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Figure 6.22 Drilling, sampling, and in situ testing through the drill string. (Courtesy of the
ISSMGE Technical Committee on Offshore Geotechnics.)
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Figure 6.23 Drill derrick with heave compensator. (a: Courtesy of Pulse Guard; b: Courtesy of
Integrated Ocean Drilling Program.)

Barrel

,— Liner

Core catcher

[

Cutting shoe

Figure 6.24 Drop core samplers. (a: After ISSMGE Technical Committee on Offshore Geotech-
nics, b: Courtesy of Offshore Magazine//PennWell Corp.)



6.9.3 Offshore Geotechnical Sampling

Sampling can be done remotely from a platform placed on the
seabed (seabed mode) or through a drill pipe controlled from
the ship deck (drilling mode). In the seabed mode, samples or
in situ tests can be performed to a depth of 20 to 60 m below
the sea floor, depending on the soil strength and the weight
of the bottom platform. In the drilling mode, larger depths
below the sea floor can be reached.

The simplest way to obtain soil samples offshore is by
drop core sampling (Figure 6.24). These samples are taken by
dropping a long, hollow tube (75 to 150 mm diameter) from a
limited height above the sea floor. The length of these gravity
samplers can reach tens of meters. Sometimes the process
is aided by vibrating the sampler. In the seabed mode, the
sampler is pushed hydraulically from a sea-bottom platform
(Figure 6.25). In the drilling mode, the sampler is lowered
through the drill pipes, locked in the bottom of the drill pipes
by latches, and then pushed hydraulically out of the drill pipe
into the soil by reaction against the weight of the drill pipes
(Figure 6.22).

A piston sampler is preferred for softer, fine-grained
soils. Otherwise, open tubes are used. In all cases, pushing
is preferred to driving, although it may be necessary to
drive the sampler into denser, coarse-grained soils to ensure
penetration.

Further details on onshore site investigations can be found
in Clayton, Simons, and Matthews (1982) and Hunt (2005).
Further details on offshore investigations can be found in Pou-
los (1988) and a ISSMGE Technical Committee report (2010).

PROBLEMS
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Figure 6.25 Push sampling from a seabed platform. (Courtesy of

the ISSMGE Technical Committee on Offshore Geotechnics.)
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6.2

6.3
6.4

6.5
6.6
6.7

A 70-story building has an imprint of 35 m by 25 m and will be supported on a mat foundation located at a depth of 10 m.
How many borings would you propose and to what depth? Where would you place the borings on the building plan view?
For problem 6.1, estimate the ratio between the volume of soil that is tested over the volume of soil involved in supporting
the building. Comment on the result.

What drill bit would you use for drilling in clay and which one would you use for drilling in gravel? Explain your choice.
Discuss and compare the wet rotary method and the hollow stem auger method. Make recommendations as to when to use
one and when to use the other.

Give three sources of sample disturbance and calculate the area ratio for the Shelby tube sampler and the split spoon sampler.
Discuss when a sampler should be pushed and when it should be driven.

Calculate the length of clay sample necessary to plug a Shelby tube. (Plugging means that the friction between the sample
and the inner wall of the sampler becomes equal to the ultimate bearing capacity of the soil below the sampler.) Give a
parametric answer and do a few sample calculations to gauge the problem.

Fu (kN)

~<—Sample length—-

T Py (kN)

Figure 6.2s Free-body diagram of clay sample.
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6.8 Describe the simple tests that would allow you to identify a soil in the field.

6.9 Explain the differences between drilling onshore and drilling offshore.
6.10 Explain the difference between the seismic reflection and the seismic refraction methods used for offshore investigations.
6.11 What is a piston sampler?

Problems and Solutions

Problem 6.1
A 70-story building has an imprint of 35 m by 25 m and will be supported on a mat foundation located at a depth of 10 m.
How many borings would you propose and to what depth? Where would you place the borings on the building plan view?

Solution 6.1
A boring is required roughly every 250 m?, so the minimum number of boreholes is

35 x 25 _35
250
So, 4 or 5 borings are reasonable. The depth of the borings is usually one to two times the width of the foundation, with at
least one boring extending to two times the width of the foundation below the foundation level. The depth of borings should
be: 2B =2 x 25 =50 m.
For a rectangular mat, it is desirable to have a boring near each corner of the mat and one in the center. Therefore, a
possible layout of the boring plan is shown in Figure 6.1s. Particular site specific soil conditions may affect this solution.

o. e

o o

Figure 6.1s Borehole locations.

Problem 6.2

For problem 6.1, estimate the ratio between the volume of soil that is tested over the volume of soil involved in supporting
the building. Comment on the result.

Solution 6.2

The depth of influence for the mat foundation can be considered to be 2B = 2 x 25 = 50 m. The volume of soil affected by
the mat foundation of the building can be estimated as:

Veou = 35 % 25 x 50 = 43,750 m*
The volume of soil drilled (given a boring diameter of 100 mm) is:

7 x 0.1 3
Vbnreholes =5x T x 50 = 1.96 m”

If it is assumed that the volume of soil tested is one-third of the volume of soil drilled, then:
Vsrea = 0.33 x 1.96 = 0.65 m?

The ratio of the volume of soil that is tested over the volume of soil involved in supporting the building is:

Vs
—tested _ 1 48 x 107> = 0.00148 %
soil
This shows that the volume of soil tested in a typical soil investigation is extremely small. Add to this the fact that soils are
known to be heterogeneous, and it is obvious that one must accept a significant degree of imprecision in geotechnical prediction.
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Problem 6.3

What drill bit would you use for drilling in clay and which one would you use for drilling in gravel? Explain your choice.

Solution 6.3

A drag bit or finger bit is recommended for drilling in clay because it carves the soil with finger-like protrusions. This reduces
the disturbance of the clay. Roller bits are used for drilling in gravel because it is made of three rollers that roll against the
soil and erode it or push it aside. Finger bits are not used for drilling in gravel because the larger particles could get stuck
between the fingers of the drag bit, damage it, and create excessive disturbance.

Problem 6.4

Discuss and compare the wet rotary method and the hollow stem auger method. Make recommendations as to when to use
one and when to use the other.

Solution 6.4

The wet rotary method consists of drilling a borehole with a drill bit while circulating drilling mud through the center of the
rods. The drill bit is typically 75 to 150 mm in diameter and the rods 40 to 70 mm in diameter. The drilling mud flows down
the center of the rods while they rotate and back to the surface on the outside of the rods between the wall of the borehole and
the exterior wall of the rods. This return flow carries the soil cuttings back to the surface by entrainment. The drilling mud
arrives in the mud pit where it is sucked back up to the top of the drilling rods by a pump. The water swivel, which connects
the hose carrying the drilling mud back to the top of the rods and the rods themselves, allows the hose to remain stationary
while the rods keep rotating. The drill bit at the bottom end of the drill rods is typically either a drag bit or a roller bit.

The hollow stem auger method consists of rotating hollow stem augers into the soil; these augers are 150 to 300 mm in
diameter. The hollow center part of the augers gives access for sampling or any other testing device that is to be lowered to
the bottom of the hole. The hollow stem auger has the advantage of providing a casing against collapse of the side walls of
the borehole, but is limited in penetration depth because it requires a significant torque to advance the augers. The wet rotary
method has the advantage of being much less limited by depth, but sometimes faces problems of borehole instability.

Problem 6.5

(a) Give three sources of sample disturbance and (b) calculate the area ratio for the Shelby tube sampler and the split spoon
sampler.

Solution 6.5

a. Three sources of sample disturbance:
* Change in stress condition
* Mechanical disturbance of the soil structure
» Changes in water content and porosity

b. The equation to calculate the area ratio is:

AR = (7(D? — D})/4)/(r D?/4)

where D, is the outside diameter of the sampling tube, and D, is the inside diameter of the sampling tube.
* For the Shelby tube sampler, D, = 76.2 mm and D; = 72.9 mm; therefore:

AR = (1(D? — D})/4)/(x D?/4) = (D,/D;)* — 1 = (76.2/72.9)> — 1 = 0.092

The area ratio for the Shelby tube sampler is 9.2%.
* For the split spoon sampler, D, = 50.8 mm and D; = 34.9 mm; therefore:

AR = (n(D? — D})/4)/(n D} /4) = (D,/D;)* — 1 = (50.8/34.9)* — 1 = 1.13
The area ratio for the split spoon sampler is 113%.

Problem 6.6
Discuss when a sampler should be pushed and when it should be driven.
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Solution 6.6

Samplers should usually be pushed in clays or silts to minimize soil disturbance and yield samples well suited for quality
laboratory tests. Samplers are usually driven in sands or gravels because it is very difficult to push them into these soils
without damaging the tube and therefore the sample. Driven samples are disturbed and only well suited for soil identification
and classification purposes. For organic fibrous soils such as peats, it is best to drive the sampler, because the driving
action has a better chance to cut the fibers rather than pushing them and simply compressing and disturbing the peat
excessively.

Problem 6.7

Calculate the length of clay sample necessary to plug a Shelby tube. (Plugging means that the friction between the sample
and the inner wall of the sampler becomes equal to the ultimate bearing capacity of the soil below the sampler.) Give a
parametric answer and do a few sample calculations to gauge the problem.

Solution 6.7
The free-body diagram of the clay sample is shown in Figure 6.2s.

1
g Fu (kN)
£
®
\
T Py (kN)

Figure 6.2s Free-body diagram of clay sample.

Unit side friction between Shelby tube and the soil
Diameter of the sample

Length of clay sample

Undrained shear strength

Friction coefficient

Unit weight of the soil

Depth of clay sample

Bearing capacity factor

ZNIRATOS
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F,= f,nDL = «aS,nDL
D2
P, = (NS, + yz)nT

2
(N.S, +yamh-

P
Plugging occurs when: —* < 1 — <1
F, aS,tDL
(NS, +v2)D <1
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Sample calculations:
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Problem 6.8

Describe the simple tests that would allow you to identify a soil in the field.

Solution 6.8
On cuttings:

. Visual inspection

. Feel the graininess or smoothness of the soil
. Wash hands test

. Dilatancy test (hand shaking test)

. Dry strength test

. Thread rolling test (toughness test)

AN N B W =

On samples:

1. On clays and silts, the thumb or nail test for undrained shear strength
2. On the ground surface of a sand or gravel deposit, the 12 mm diameter steel bar test for strength

ASTM D2488, “Standard Practice for Description and Identification of Soils (Visual-Manual Procedure),” describes some
of these tests.

Problem 6.9
Explain the differences between drilling onshore and drilling offshore.

Solution 6.9

Offshore geotechnical investigations include drilling, sampling, and in situ testing, much like onshore investigations. The
difference is a matter of scale, complexity, and cost. Compared to onshore drilling, offshore drilling has at least two
complexities: larger depths, which can reach thousands of meters of combined water depth and penetration depth; and vertical
motion of the drill rig due to waves. Another difference is the increased use of geophysical investigations for offshore work.

Problem 6.10

Explain the difference between the seismic reflection and the seismic refraction methods used for offshore investigations.

Solution 6.10

Seismic reflection systems use sound propagation energy generated by a device towed behind a ship. The device measures
the travel time required for the acoustic energy or wave to travel to the seabed or an interface between two distinct soil
layers below the sea bed and be reflected to the same device or to a receiving array. Seismic refraction systems use sound
propagation energy generated by a device including an acoustic pulse generator and a line of hydrophones dragged on the
sea bottom by a ship. The device measures the travel time required for the acoustic energy or wave to travel to an interface
between two distinct soil layers below the seabed, refract critically along that interface, and send the wave back to the line of
receivers or hydrophones. Seismic refraction is more often used for shallow penetration below the seafloor (pipelines, cables)
and gives the thickness and the shear wave velocity of the material.

Precision of the measurement and penetration into the soil depend on the frequency and amplitude of the acoustic wave.
A wave with a high frequency and low amplitude will give high resolution (good precision on the distance measured) but
low penetration into the soil while a wave with a low frequency and high amplitude will give deeper penetration but lower
resolution.

Problem 6.11
What is a piston sampler?

Solution 6.11

A piston sampler has a piston blocking the opening at the bottom of the sampler (see Figure 6.10). This piston is locked in
place as the sampler is lowered to the desired depth. The piston is then held at that depth while the sampling tube is pushed
past the piston into the soil. The vacuum that can develop at the top of the sample helps the soil enter the sampler and
minimizes the plugging effect.




CHAPTER 7

In Situ Tests

his chapter is devoted to the description of in situ tests

and the test data that they generate. This chapter does not
describe which soil properties can be inferred by correlation
or other means from the test results; those correlations are
discussed in Chapters 13, 14, and 15, dedicated to these soil
properties. This chapter also does not describe the design
methods that make use of in situ test results; this is covered
in Chapters 17, 18, and 22, dedicated to design methods.

In situ tests are tests conducted on or in the soil at the site.
They have been developed over the years as a complement to
laboratory testing. Indeed, the drawbacks of laboratory tests
are typically balanced by the advantages of in situ tests and
vice versa (Table 6.1). Therefore, the best site investigation
program uses a combination of in situ tests and laboratory
tests. The most commonly used in situ tests are the standard
penetration test, the field vane tests, the cone penetration test,
the pressuremeter test, and the dilatometer test. Many other
tests also exist, as shown in Figure 7.1 (Mayne et al. 2009).

7.1 STANDARD PENETRATION TEST

The standard penetration test (SPT) is the oldest of the in situ
tests, and can be credited to Charles Gow in the United States
who started developing it in 1902. After several decades of
use, it was standardized in the mid-1930s (ASTM D1586).
Today, the SPT (Figure 7.2) consists of driving a split spoon
sampler into the soil using a standard 623N hammer falling
from a height of 0.76 m onto an anvil at the top of the
rods. The oldest hammer was the donut hammer, followed by
the safety hammer and more recently the automatic hammer
(Figure 7.3). For the donut hammer and the safety hammer,
a person would raise the hammer with a rope. The rope
would be wrapped around a cathead system (rotating drum)
and the person would pull and release the rope to raise and
drop the hammer in rhythm at about one blow per second.
In the case of the automatic hammer, the hammer is raised
automatically by a hydraulic jack. The rated energy of each
blow is 623N x 0.76 m or 473 joules.
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The rope-and-cathead system for the donut hammer and the
safety hammer generate friction and other energy losses that
decrease the amount of energy delivered to the split spoon
sampler. Measurements have indicated that the mean energy
actually delivered by these systems is around 285 J, or 60% of
the maximum energy (ASTM D1586). Thus, the blow count
N is often referred to as Ng,. Because so much experience has
been accumulated with these older systems, most correlations
refer to Ng,. However, automatic hammers may have much
lower losses, so one should be careful about using the blow
count N obtained with an automatic hammer without paying
attention to this difference. The impact of the hammer on
the anvil creates a compression wave in the steel rods which
propagates at some 21,000 km/h (this, by the way, approaches
the speed of the space shuttle in free space). The number of
blows N, necessary to drive the split spoon sampler 0.15 m
into the soil is recorded. The SPT test continues and the
number of blows N, necessary to drive the sampler another
0.15m is recorded. The SPT test continues and the number
of blows N, needed to drive the sampler yet another 0.15m
is recorded. The SPT blow count N (blows/0.3 m) is the sum
of N, + N, as N, is considered to be a set of seating blows.
A typical profile of SPT results is shown in Figure 7.4.

For design purposes, the N value is often corrected to
account for influencing factors such as the energy level, the
stress level, and the presence of silt (Table 7.1). Additional
correction factors take into account the length of the rods, the
diameter of the borehole, and whether or not the sampler has
a liner. As explained earlier, the maximum energy that can
be delivered by an SPT hammer system is 473J (623 N x
0.76 m). If N caqureq 18 the field value (N, plus N, as
explained earlier), N e,aured cOrresponds to the energy (E)
measured in the field, E,qeq- 10 obtain the Ng, value
corresponding to 60% of the maximum energy that can
be delivered by the system (0.6 x 435J = 2851J), a linear
interpolation is done as follows:

Emeasured (J) ) (7 1)

N60 = Nmeasured ( 285 )
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In-situ testing methods

TSC SPTT
RCPTu Plate - LPT
CPT SDMT penetrometer SASW
HF CPT T-bar pLT Suspension \rcin SCPMTUu
u ISCPTu Ball logging J|_
FTS csw PPT |HPT
BST I /u!oSeis Shaker =
I B T L

V.l

S
Standard penetration test Total stress cell Suspension logger

Texas penetration test Freestand torsional shear Crosshole geophysical test

Vane shear test Cone penetration test Downhole test

Pressuremeter test Piezocone penetration Spectral analysis of surface waves
Cone pressuremeter Resistivity piezocone Modal analysis (rayleigh waves)
Dilatometer test Seismic cone Continuous surface waves

Screw plate test Seismic flat dilatometer Standard penetration test with torque
Ko stepped blade T-bar penetrometer Large penetration test

Swedish weight sounding Ball penetrometer Piezoprobe test

Hydraulic fracture Plate penetrometer Seismic piezocone pressuremeter
Borehole shear test Plate load test Helix probe test

Figure 7.1 In situ tests. (Courtesy of Professor Paul Mayne, Georgia Institute of Technology,
USA))

Standard penetration test (SPT)

SPT L
resistance ~ 140 Ib Hammer
(N-value) is dropping
total number of Anvil 30"

blows to drive
sampler the 2nd
and 3rd 6”
increments

Splitbarrel .
"drive sampler - .

i S e
B e M1 b e s
£ P Second~" . . jncrement=6"
? . Seating. -=-%" . _.  increment=6"

N T A i A o

T

Figure 7.2 Standard penetration testing sequence. (Courtesy of Professor Kamal Tawfiq, Florida
State University, USA.)
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0.76 m
drop
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0.76 m
1 | Rods

) Cable or chains
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- 623 N safe
Chains N\~ hammer v Cable or
Airhole

N Anvil Chain or

chains

hydraulic_ | L Cylinder

— Rods jack

623 N

<~ Sleeve m hammer

Anvil
Airholes ﬁa:;()d

177"

drop
» Anvil 1

Figure 7.3 Standard penetration test hammers. (a: Courtesy of Fugro, b: Photo from Bray et al.
2001. Used by permission. c: Central Mine Equipment Co.)
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Figure 7.4 Example of SPT sounding result.

N easured @S0 corresponds to the vertical effective stress
at rest o, at the depth of the test. To obtain the N; value
corresponding to a reference value of ¢, equal to 100kPa, a
power law interpolation is used:

100 0.5
Nl = Nmeasured m (72)
vo

Table 7.1 Correction of the SPT Blow Count Value N

E *
Energy level N, 60 = N measured X ( néegssu}ed_)
100kPa >
Stress level Nl = Nmeasured x ( / **a> ra
UVO
N, — 15
High silt content N =15+ (%)
and effect of
capillary

* . .
E easured MUst be in joules
**g,, must be in kPa

N heasured 18 Sometimes corrected for silt content as follows:

N

N =15+ <7“‘2d = 15) (1.3)

Note that the decision to correct or not correct the N
value requires engineering judgment. In general, Ng, should



always be used as a standardizing method, but this requires
to measure the actual energy which is rarely done. If one
needs to evaluate the friction angle ¢ of the soil, then N,
should be used because N includes the effect of stress level,
while ¢ does not. However, if one uses N in a direct design
such as an ultimate bearing capacity equation of the form
p, = kN + yD, then N should not be corrected for stress
level, as the stress level is part of the soil resistance in both
the SPT and the foundation capacity. Liquefaction charts do
include most of the correction factors for N.

In the United States, the number N is used extensively in
the design of structures over sand and gravel, but it is not used
with silts and clays because it is felt that a better approach
is possible, such as taking undisturbed samples. Some other
countries, like Brazil, extend use of the SPT to silts and
clays. Applications include settlement and ultimate bearing
pressure for shallow and deep foundations, soil properties
such as shear strength parameters and modulus values, and
liquefaction potential. The advantages of the SPT include
that it is a rugged test which can nearly always be performed
and give results; that it is performed with the same drill rig
used to collect samples; that it has been used for a long time
and thus is well known and understood; and that it yields
both an evaluation of strength and a sample for identification
purposes at the same time. A primary drawback is that the
amount of energy reaching the sample can vary quite a bit.

7.2 CONE PENETRATION TEST

The development of the cone penetration or penetrometer test
(CPT) started in the early 1930s in the Netherlands, and can
be credited to Pieter Barentsen, who performed the first CPT
in 1932. At that time, a mechanical cone was used (Briaud and
Miran 1992a; ASTM D3441), but in the mid-1950s electronic

I —
1o
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cones came into use (Mayne 2007a, b; ASTM D5778). Today,
the CPT (Figure 7.5) consists of pushing a 35.6 mm diameter
instrumented rod into the soil at 20 mm/s. A drill rig, or more
commonly a truck, weighing as much as 200 kN provides the
vertical reaction (Figure 7.6). At the bottom of the rods is the
instrumented cone tip (Figure 7.7), which can be equipped
with different sensors to make many measurements. The
two primary measurements are the tip resistance ¢, at the
point of the cone and the sleeve friction f; on a sleeve right
behind the point. Note that the measured tip resistance i
should be corrected for the influence of water pressure inside
the cone to obtain the total cone tip resistance g, (Mayne
2007a). Examples of continuous profiles obtained with the
CPT are shown in Figure 7.8. Other possible measurements
include water pressure measurements, shear wave velocity,
electrical resistivity, inclination, sound level, lateral stress,
camera, radio isotope, and temperature. The CPT can also be
equipped with a soil and water sampler. The most common
location for water pressure measurement is right behind the
cone point (Figure 7.7); the measurement is made through a
saturated porous element behind which a transducer senses
the compression in the water as the cone advances. The shear
wave velocity is typically measured between the surface and
a geophone located in the rods and sensing the arrival of
a shear wave generated at the ground surface (Figure 7.9).
The electrical resistivity is measured between two electrodes
mounted on the rods and separated by a nonconducting
material to force the electrical current to go through the soil
instead of through the rods.

The cone penetrometer point resistance ¢, is influenced
by the stress level surrounding the point where the test is
performed and by the properties of the soil in the vicinity
of that location. To use a cone parameter that is depen-
dent only on an intrinsic soil property, it is desirable to

Cone penetration test (CPT)

test procedures

e Continuous push at
20 mm/s

e Add rods at 1-m
vertical intervals

i ¢ * ASTM D-5778 field

fslf -
U2 § .
At T
Readings taken =
every 1or5cm

-

Electronic penetrometer
ic = Inclination

f

? fs = Sleeve friction resistance

f

—> Up = Porewater pressure

g, = Measured tip resistance

T MMM q; = Total cone tip resistance

Figure 7.5 Cone penetrometer test. (From Mayne 2007a. Courtesy of Professor Paul Mayne,

Georgia Institute of Technology)
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Figure 7.6 Cone penetrometer truck. (From Mayne 2007a. Cour-
tesy of Professor Paul Mayne, Georgia Institute of Technology.)

correct the g, value for the stress level, as was done for
the SPT (equation 7.2). The following corrections may be
recommended.

For sands:

0.5
qt Ua qt
() (Ze) = I 7.4
an (o)(%) o5 U

For clays:
(7.5)

Friction
sleeve
'\
\ \
Py
i Strain
) gauges
Pressure
" transducer

Porous filter
u2 location

where q,; is the dimensionless corrected normalized CPT
point resistance, g, the total CPT point resistance, o, and
o,, the vertical effective stress and vertical total stress at
the depth of the cone respectively, and o, the atmospheric
pressure used to nondimensionalize equation 7.4. The reason
for not using Eq. 7.4 for clays is that the undrained shear
strength of clays has been shown to be linearly proportional
to the vertical effective stress. Alternatively, a progressive
transition between the two soil types can be used through
equation 7.6, which also includes a fine content influence
factor K, useful in liquefaction studies.

o, \"
g = (q—> (—) K, (7.6)
Ua GVO

where n is 0.5 for sand, 0.7 for silty sand, 0.8 for silt, and
1 for clay, and K, is a fine content factor gradually varying
from 1 to 1.5 for clean sands, 1.5 to 3.5 for silty sands, and
3.5 to 6 for silts.

The most useful application of the CPT is stratigraphy,
because the CPT penetration resistance profile gives the
engineer a continuous display of the strength of the deposit.
Note that the scale of the cone influences the thickness of the
layer that can be detected, as well as the strength of that layer.
If a layer is smaller than about 10 times the diameter of the
cone, the tip resistance will not reach the value that would
be obtained if the layer were infinitely deep. Associated with
stratigraphy is the ability to classify the soil on the basis of the
friction ratio, that is, the ratio of the sleeve friction over the

Figure 7.7 Cone penetrometers. (From Mayne 2007a. Courtesy of Professor Paul Mayne, Georgia

Institute of Technology.)



Depth (m)

Tip resistance
qr (MPa)

10 20 30 40

Sleeve friction
fs (kPa)

0 200 400 600

Porewater pressure
u, (kPa)

7.2 CONE PENETRATION TEST 109

Friction ratio
FR (%)

-500 0 500 1000 O 2 4 6 8 10

v

—— — —

Figure 7.8 Examples of CPT profiles. (From Mayne 2007a. Courtesy of Professor Paul Mayne,
Georgia Institute of Technology.)

Cone truck

Seismic cone penetration test (SCPT
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intervals / 7 fs = Sleeve friction resistance
. L
. °H .~ Enlargement
s
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Penetrometer readings \‘\\_ — Total cone tip resistance
taken every 1 or 2 seconds - - Pl

Figure 7.9 Seismic cone penetrometer test. (From Mayne 2007a. Courtesy of Professor Paul
Mayne, Georgia Institute of Technology.)
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Robertson & Campanella (1983)

Friction ratio, FR = f/q; (%)
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Figure 7.10 Robertson & Campanella (1983) soil classification using CPT results. (From Mayne
2007a. Courtesy of Professor Paul Mayne, Georgia Institute of Technology, USA.)
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2 = Organic soil

3 = Clay
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6 = Sandy silt

—— 7 = Silty sand

8 = Sand to silty
sand

——9=S8and

10 = Gravelly sand

Friction ratio, FR = fJ/q; (%)

Figure 7.11 Robertson et al. (1986) soil classification using CPT results. (From Mayne 2007a.

Courtesy of Professor Paul Mayne, Georgia Institute of Technology, USA.)

tip resistance (FR = f,/g,). Several classification schemes
have been proposed; Figure 7.10 and 7.11 show two of them.
The reason why it is possible to estimate the soil classification
from the friction ratio is that the sleeve friction value does
not change significantly between a sand and a clay, whereas
the tip resistance changes dramatically. Maximum values of
sleeve friction might be about 200 kPa for both sand and clay,
whereas the maximum tip resistance may be 2000kPa in a
hard clay and 20,000 kPa in a dense sand. The friction ratio
would be 10% for the clay and 1% for the sand.

The CPT parameters are used extensively in geotechnical
engineering worldwide. Applications include obtaining soil
properties such as shear strength parameters and modulus
values, ultimate bearing pressure and settlement of shallow
and deep foundations, and liquefaction potential. The advan-
tages of the CPT include that it gives a rapid and continuous
profile of soil strength; that it is much less operator depen-
dent than other in situ tests; that it is relatively economical;
that it does not create cuttings; and that it has a wide range
of applications. For example, it is one of the best ways to



obtain ultimate vertical pile capacity. One drawback is that
the penetration depth is limited in stronger soils.

7.3 PRESSUREMETER TEST

There are three types of pressuremeters: the preboring pres-
suremeter, the self-boring pressuremeter, and the push-in
or cone pressuremeter. In the preboring pressuremeter test
(PMT), a borehole is drilled first, the drilling tool is removed,
and the PMT probe is inserted in the open hole. For the
self-boring PMT, the probe is equipped with its own drilling
equipment and bores itself into the soil to avoid decompres-
sion of the soil due to preboring. For the push-in PMT, the
probe is pushed into the soil and full displacement takes
place during the insertion, as in the cone penetration test.
This section discusses the preboring PMT, which is the most
common of the three.

Counter for
volume

- Screw jack

increase
Air

Water

==
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The pressuremeter test was developed in France in the late
1950s, and can be credited to Louis Menard, who conceived
it as part of his university graduation project in 1957. The
PMT (Figure 7.12; Briaud 1992; ASTM D4719) consists of
boring a hole of a given diameter (e.g., 75 mm) down to the
selected testing depth, withdrawing the drilling tool, lowering
acylindrical probe to the testing depth, and inflating the cylin-
der while recording the pressure necessary to do so and the
corresponding increase in radius. The test result (Figure 7.13)
is an in situ stress-strain curve that gives a number of useful
soil parameters: the modulus E, called the first load mod-
ulus; the pressure p,,, found at the beginning of the curve
where the horizontal soil pressure is being reestablished; a
yield pressure p,; and a soil strength called the limit pressure
py- Often an unload-reload loop is performed near p, and a
reload modulus E, is determined. Typical profiles resulting
from a PMT program are shown in Figure 7.14.

Crank

. Pressure gage

Volume

increase

Pressure

Figure 7.12 TEXAM and Menard pressuremeters.
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Figure 7.13 Pressuremeter test result.
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Figure 7.14 Typical PMT profile.

The most important part of a PMT is the preparation of the
borehole in which to place the PMT probe. The disturbance
of the walls of the borehole should be kept to a minimum and
the diameter of the borehole should be only slightly larger
than the PMT probe. If D, D,, and D5 refer to the diameter
of the drilling tool, of the deflated probe, and of the borehole
before inflation of the probe, respectively, then the following
is recommended:

D, < D, <103D,

(7.7)
(7.8)

The most commonly recommended method for preparing
the borehole is the wet rotary method. In this case the
rotation of the drill bit should be slow (about 60 rpm) and
the circulation of the drilling mud should also be slow. The
borehole should be advanced only as deep as necessary to
perform one pressuremeter test at a time. The bottom of the
borehole should be at least 1 m deeper than the PMT location,
to allow any cuttings not transported up to the surface to settle
at the bottom of the hole. The borehole should be prepared
in one downward passage of the bit, followed by immediate
retrieval of the bit; no multiple passages should be allowed,
as they lead to an enlarged borehole. The borehole should be
drilled to perform one PMT at a time. Other methods can also
be used, as shown in Table 7.2.

The probe is calibrated to determine the amount of pressure
p. required to inflate the probe in the air. It is also calibrated
to determine the amount of volume v, necessary to inflate the
probe in a tight-fitting thick steel tube. In the field and once the
probe is in the borehole, the PMT is run in increments of either
pressure or volume. Increases in volume have the advantage
that they do not require a guess at the limit pressure. The test
lasts about 10 minutes. Data reduction consists of converting
the raw data into the actual pressure exerted against the wall
of the borehole and the actual relative increase in borehole
radius (Briaud 1992).

The modulus E, and E, are obtained from the portion of
the curve between B and C, and D and E on Figure 7.13,
respectively, by using linear elasticity. The equations to obtain

)

AR

(%

0

Eo =1+ U)(Pz—Pl)

(+ (%)) (&
RO 2 RO 1
(7.9)
(+(5)) - 0+(&))
R R
Er = (1 +'U)(p4_p3) <1+<A;>4>2 (1+<A;)3)2
Ry /4 Ry /5
(7.10)
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All parameter definitions are found in Figure 7.13. Note
that the reload modulus E, depends significantly on the
amplitude of the unload-reload loop; therefore, unlike £, E,
is not unique. The parameter p, is obtained by inspection
as the point where the curve first departs from linearity.
The limit pressure p; is obtained by visual extrapolation
of the data to a large value of AR/R, equal to 0.40 or 40%.
The pressure p, is found at the beginning of the curve at the
point of maximum curvature during the reestablishment of
the horizontal pressure that existed before placement of the
PMT probe. The difference p; — p,, is called the net limit
pressure p; *. Expected values of these PMT parameters are
shown in Table 7.3; correlations to other soil properties are
shown in Table 7.4 for sands and gravels and in Table 7.5 for
silts and clays. The correlations in Tables 7.4 and 7.5 exhibit
very large scatter and should be used for crude estimates only.

The applications of the PMT include the design of deep
foundations under horizontal loads, the design of shallow
foundations, the design of deep foundations under vertical
loads, and the development of a modulus profile and the

determination of other soil properties. The PMT is not very
useful for slope stability and retaining structures. The ad-
vantages of the PMT are that it can be performed in most
soils and rocks; that it stresses a larger soil mass than other
tests; that it gives a complete stress-strain curve of the soil in
situ, including cyclic loading and long-term loading; that it
is relatively inexpensive; and that the quality of the test can
be judged by the shape of the curve obtained. One drawback
of the PMT is that the quality of the borehole influences the
PMT parameters, in particular the first load modulus E,,.

74 DILATOMETER TEST

The dilatometer test (DMT) was developed in Italy in the mid-
1970s and can be credited to Silvano Marchetti. The DMT
(Marchetti 1975; Briaud and Miran 1992b; ASTM D6635)
consists of pushing a flat blade located at the end of a series of
rods (Figure 7.15) into a soil to a desired depth. The blade is
230 mm long, 95 mm wide, and 15 mm thick. Once the testing

Table 7.3 Expected Values of E, and P; in Soils

Clay
Soil Strength Soft Medium Stiff Very Stiff Hard
p*L(kPa) 0-200 200-400 400-800 800-1600 > 1600
E,(kPa) 0-2500 2500-5000 5000-12,000 12,000-25,000 >2500

Sand
Soil Strength Loose Compact Dense Very Dense
p*L (kPa) 0-500 500-1500 1500-2500 >2500
E,(kPa) 0-3500 3500-12,000 12,000-22,500 >22,500

Table 7.4 Correlations for Sand
Column A = number in table x row B

B EO ER p*L dc fs N
A (kPa) (kPa) (kPa) (kPa) (kPa) (bl/30 cm)
E,(kPa) 1 0.125 8 1.15 57.5 383
Eg (kPa) 8 1 64 6.25 312.5 2174
p*L(kPa) 0.125 0.0156 1 0.11 5.5 479
q.(kPa) 0.87 0.16 9 1 50 479
f, (kPa) 0.0174 0.0032 0.182 0.02 1 9.58
N (bl/30 cm) 0.0026 0.00046 0.021 0.0021 0.104 1
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Table 7.5 Correlations for Clay

Column A = number in table x row B

B EO ER p*L e fs Su N

A (kPa) (kPa) (kPa) (kPa) (kPa) (kPa) (bl/30 cm)
E,(kPa) 1 0.278 14 2.5 56 100 667

Eg (kPa) 3.6 1 50 13 260 300 2000
p*L(kPa) 0.071 0.02 1 0.2 4 7.5 50
q.(kPa) 0.40 0.077 5 1 20 27 180
f,(kPa) 0.079 0.0038 0.25 0.05 1 1.6 10.7

s, (kPa) 0.010 0.0033 0.133 0.037 0.625 1 6.7

N (bl/30 cm) 0.0015 0.0005 0.02 0.0056 0.091 0.14 1

Figure 7.15 Dilatometer test and equipment. (Courtesy of Dr. Sylvano Marchetti,
www.marchetti-dmt.it)

depth is reached, the operator uses gas pressure to expand
horizontally into the soil a circular membrane located on one
side of the blade. The membrane is 60 mm in diameter and
expands 1.1 mm into the soil. Two pressures are recorded: p,
and p, : p, is the pressure on the blade before expansion, and
p; is the pressure required to produce the 1.1 mm expansion
into the soil. A number of soil parameters are obtained from
the DMT by using the formulas and correlations shown in
Table 7.6.

The applications of the DMT include the design of founda-
tions, the determination of soil properties, and soil classifica-
tion (Figure 7.16). The advantages of the DMT include that it
is fast, economical, easy to perform, and reproducible, giving
a wealth of soil properties through correlations. A drawback
is that it cannot be used in soils that are difficult to penetrate
by pushing. Sample profiles are presented in Figure 7.17.

7.5 VANE SHEAR TEST

The vane shear test (VST) can be traced back to 1919 when it
was first used in Sweden, but it is unclear if it can be credited

to one person (Richards 1988). The VST (Figure 7.18) is used
to determine the undrained shear strength of fine-grained soils
(clays and silts). It can be performed either in the field with
a field vane (ASTM D2573; Figure 7.19) or on the sample
with a mini vane or a hand vane (ASTM D4648, Figure 7.20).
The vane is made of two perpendicular blades, each having
a 2-to-1 height-to-width ratio. The width of the field vanes
varies from 38 to 92 mm; the larger vanes are used in softer
soils. The width of the lab vanes varies from 10 to 20 mm.
The VST consists of pushing a vane at the end of a rod into
the soil until the desired depth is reached. Once the testing
depth is reached, the vane is rotated at a slow rate (less than
1 degree per minute) while measuring the torque developed
and the rotation angle (Figure 7.21). The peak value of the
torque is recorded as T,,,,. Then the blade is rotated at least
10 times rapidly and a new maximum torque value, T , is
measured.

The VST is used in saturated fine-grained soils to obtain
the undrained shear strength s,. The reason is that these
soils have a low permeability and do not allow appreciable
drainage during a test that typically lasts less than 10 minutes.
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Table 7.6 Soil Parameters from Dilatometer Test

Symbol  Description Basic Reduction Formulae
Po Corrected first reading po=105(A—-Zm+ AA) —0.05(B—-Zm —  Zm = Gage reading when vented to
AB) atmosphere. However, if AA and
AB are measured with the same
gage used for current readings A
& B, setZm = 0 (Zm is
compensated)
Pi Corrected second reading p; =B —Zm — AB
I Material index Ip = (py — po)/(Py — ug) u, = pre-insertion pore pressure
Kp Horizontal stress index Kp = (pg — up)/ovg oy, = pre-insertion overburden
stress
Ep Dilatometer modulus Ep =347 (p; — po) Ep, is not a Young’s modulus E.
Ep, should be used only after
combining it with Ky, (stress
history). First obtain
Mpumr = RyEp, then (e.g.)
E"0.8 Mpyt
K, Coefficient of Earth Ko.pmr = (Kp/1.5)%47 — 0.6 forIp < 1.2
pressure in situ
OCR Overconsolidation ratio OCRpyr = (0.5 Kp)!-3¢ forlp < 1.2
Cy Undrained shear strength ~ C, pyr = 0.2203,(0.5 Kp)'? for Iy < 1.2
10 Friction angle Psafe.pomT = 28 + 14.6 log Kd — 2.1 log’Kd forIp > 1.8
Ch Coefficient of C.pmTA ~ Tem?/Tyey Tpex from A—log t DMTA—decay
consolidation curve
ky, Coefficient of ki, = G,/ MMy, =~ KgMpuir)
permeability
y Unit weight and (see chart)
description
M Vertical drained Mpumr = RuEp
constrained modulus If (Ip < 0.6) Ry; = 0.14 +2.36 log Kd
If Ip > 3) Ry =0.5+2 log Kd
If (0.6 <Ip <3)Ry =
Ry + (2.5 =Ry o) log Kd
where Ry o = 0.14 + 0.15(I, — 0.6)
If Kd > 10 Ry, = 0.32 4 2.18 log Kd
If Ry; < 0.85, set Ry; = 0.85
U, Equilibrium pore Uy =p, ®* C-Zm+ AA In freely draining soils

pressure

(Courtesy of Dr. Sylvano Marchetti, www.marchetti-dmt.it)

Therefore, in these saturated fine-grained soils, itis reasonable
to assume that the shearing process is undrained and that the
undrained shear strength s, is the parameter being measured.
For a rectangular vane, the following equation gives s, from

Tmax: T B D2 E 2
max JTSM 2 + 6

where D is the diameter of the vane and H is the height
of the vane. Proof of this equation is shown in the solution

(7.11)

to problem 7.4. The residual undrained shear strength s, is

obtained from the same formula using T.:

H D
Tres = 7TsurD2 (7 + g)

The VST can be used in coarse-grained soils, but no useful
result can be obtained. These soils drain fast enough that
one would not be measuring the undrained shear strength,
but instead the drained or partially drained shear strength.

(7.12)
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Figure 7.16 Soil classification using the DMT. (Courtesy of
Dr. Sylvano Marchetti, www.marchetti-dmt.it)

Back-calculating the shear strength parameters from this test
would require knowledge of the normal effective stress on
the plane of failure in addition to 7},,,. This is not measured
during the VST. The advantages of the VST include that
it is fast, simple, economical, and useful for obtaining the
undrained shear strength of fine-grained soils. A drawback
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is that it is limited to fine-grained soils where other methods
are commonly used to obtain s,,. One exception is in offshore
applications, where obtaining samples is very expensive and
sample decompression can alter the true undrained strength
of the soil in situ; in this case the VST is extremely useful.

7.6 BOREHOLE SHEAR TEST

The borehole shear test (BST) was developed in the USA in
the 1960s and is credited to Richard Handy (Handy 1975,
1986). The BST (Figures 7.22 and 7.23) consists of drilling
a borehole, removing the drilling tool, and inserting the
borehole shear tester down to the testing depth. The device
is made of two diametrically opposed grooved plates, which,
once at the testing depth, are pushed horizontally against the
wall of the borehole under a chosen total stress o;,. After a
proper time for dissipation of the pore pressures generated
by the application of oy, the device is pulled upward to shear
the soil along the side of the borehole. The force applied
is measured as a function of time as it increases, and the
peak force generated divided by the plates area gives the
shear strength of the soil 7;. If the shearing part of the test
is performed slowly enough to ensure that no excess pore
pressures arise, and if the soil has no effective stress cohesion
intercept (¢ = 0), the ratio /0y, is equal to tan¢’ and ¢’
can be measured with the BST. If the shearing part of the
test is performed slowly enough to ensure that no excess pore
pressures arise, and if the soil has an effective stress cohesion
intercept (¢ > 0), a stage test can be performed where a
second test at a higher value of o, follows the first one. The
two tests give enough information to back-calculate ¢’ and ¢’
for the soil (Figure 7.24). If, however, the test is performed
rapidly, and does not allow any drainage to take place in the
soil, an undrained shear strength s, of the soil is obtained.

z Material z Constrained z Undrained z Horizontal z Shear wave
(m) index (m) modulus (m) shear strength (m) stress index (m) velocity
A 51 510 0 10 20 0 40 80 0 2 4 6 8 0 200 400
0 T TTT ol SA[\‘ID U T T T \% T T T U T T T \% T T
a4t 4 e a4t al
8 8 81 8r 81
12 12 12+ 12 12
16+ 16 16 16| 16
20 - 20 F 20 | 20 20
24 |- 24 24 —-_.:, 24 24
28 28 28 281 28
32| 32 F 321 321 32r
36 L1 11 36 1 1 36 L L 36 1 L A1 36 L 1
6 1.8 0 10 20 O 40 80 0 2 4 6 8 0 200 400
Id M (MPa) Cu (kPa) Kd Vs (m/s)

Figure 7.17 Example of dilatometer test results. (Courtesy of Dr. Sylvano Marchetti,

www.marchetti-dmt.it)
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Vane Push in vane Torquemeter
rods at bottom of

borehole lal ) ) <

Lower vane
to bottom of
prebored hole

Four-bladed.
vane shear
Device:.

D =62.5mm

H =130 mm H = blade -
e=2mm height
B\ B A _ T N 'C-‘ = =
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Undrained shear stren:qth: S,, =6 T/(7nD% ForH/D =2
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Figure 7.18 The vane shear test. (From Mayne et al. 2002. Courtesy of Professor Paul Mayne,
Georgia Institute of Technology)

Figure 7.19 Field vane shear test. (Courtesy of Dr. Dimitrios P. Zekkos.)
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Figure 7.20 Laboratory vane shear test. (a: Courtesy of ELE International, b: Courtesy of Impact

Test Equipment Ltd)

{ 7 A\)\/Vane Trax

B P N ﬁ € 10 rapid rotations

| | 2

| | 2 .

| | i <2 R

; 14ﬂure S es

| 1 surface [

3 0 Brmax Rotation angle (°)
\ N

Figure 7.21 Vane shear test results.

The advantages of the BST are that it is simple, economical,
and one of the best tools—if not the only tool—to obtain the
friction angle of sands by direct measurements in the field.
One drawback is that it is difficult to know exactly what
pore pressures are generated. A pore pressure sensor on the
plates helps in that respect. The phicometer developed by
Philiponat (Philiponat, 1986, Philionat and Zerhouni, 1993)
is a similar tool.

7.7 PLATE LOAD TEST

The plate load test or PLT (Figure 7.25; ASTM D1196
and D1195) is one of the simplest and oldest in situ tests.
It consists of placing a circular plate with a diameter D
on a prepared soil surface and loading the plate in steps
until the desired pressure p is reached. The plate diameter
is usually on the order of 0.3 m. Sometimes one or more
unload-reload loops are performed during the test. All load



120 7 INSITU TESTS

Rod clamp
Ring gear
Bearing

Base plate
Shear head
e —— Not to scale
Pull strap |- Gas lines
Shear plate -

Figure 7.23 Borehole shear test device. (Courtesy of Professor
Richard L. Handy, Handy Geotechnical Instruments, Inc.)

steps are held for the same period of time, during which
readings of the plate settlement s are made as a function of
time ¢. Loading the plate to soil failure is often desirable
but not always possible. The load is measured with a load

Failure envelope given
by stage BST

Shear force divided by
area of plates 7, (kPa)

Pa)

a,

Th1 Tha Th3

c (kl

Pressure applied on wall of borehole o, (kPa)

Figure 7.24 Results of a borehole shear test.

cell and the settlement is measured by using dial gages
or electronic displacement devices (e.g., a linear variable
differential transformer [LVDT]) attached to a settlement
beam. It is critical that the supports of the settlement beam be
far enough from the plate influence zone. Five plate diameters
on each side seem appropriate.

The result of the test is aload Q versus displacement s curve
(Figure 7.26), which can also be presented in normalized
form as the ratio of the average pressure p under the plate
over a measure of soil strength SS versus settlement of the
plate s over the plate diameter D. The soil strength SS can
be the ultimate bearing pressure under the plate p,, the
pressuremeter limit pressure p; , the cone penetrometer point
resistance ¢,., the undrained shear strength s,,, the SPT blow
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Figure 7.25 Plate load tests. (a: Photo by David Wilkins. Courtesy of Raeburn Drilling and
Geotechnical (Northern) Limited; www.raeburndrillingnorthern.com. b: Courtesy of GEMTECH

Limited, Fredericton, New Brunswick.)
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Figure 7.26 Results of load test for 0.3-m-diameter plate on medium dense silty sand.

count N, or another measure of soil strength. The ultimate
bearing pressure p,, is often defined as the pressure reached
when settlement of the plate is equal to 10% of the plate
diameter. The advantage of plotting the results in this fashion
(p/SS versus s/D) is that the results of the test become a
property of the soil within the zone of influence of the plate
and do not depend on the plate size (Briaud 2007). The soil
modulus as measured during a plate test is obtained from the
initial loading portion E, (O to A on Figure 7.26) or from the
slope of the reloading part of the unload-reload loop E, (B to

C on Figure 7.26). The equations to be used for E, and E,, if
the plate can be assumed to be rigid, are:

(1 —v>)7pD
Ey=-— """ 7.13
0 P (7.13)
1 —v)m ApD
g = U= v)mapD (7.14)
4As

where E; is the initial modulus from a plate load test, v
is Poisson’s ratio (to be taken as 0.5 if the plate test is
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fast enough that no drainage can take place during the test
and 0.35 if the test is drained), p is the average pressure
under the plate corresponding to the settlement s, D is the
diameter of the plate in contact with the soil surface, E, is
the reload modulus from a plate load test, and Ap is the
pressure increment during the reload loop corresponding to
the settlement increment As.

In addition to obtaining the soil modulus, sometimes the
modulus of subgrade reaction is calculated from the plate
test, as follows:

K = ? in kN/m? (7.15)

Note that K is not a soil parameter, since it depends on the
size of the plate:

= = ohD (7.16)

Therefore, the modulus of subgrade reaction K measured
with a plate of a given diameter D cannot be used for plates or
footings that have diameters significantly different from D.

It is also useful to plot the settlement of the plate s versus
the time t for each load step on a log-log plot (Figure 7.26).
The plot of log s versus log ¢ is remarkably linear in most
cases within the working load range. The slope of that line
is called the viscous exponent n and allows one to predict by
extrapolation the displacement at much longer times than the
time taken to run the plate test, based on equation 7.17:

t n
al R (—1> (7.17)
5 5

where s, is the settlement after a time ¢, and s, is the settlement
after a time #, and n is the slope of the log s versus log ¢ curve
for the load step corresponding to s;. Alternatively, the soil
modulus E, or E, can be written as:

E n\ "
1= (—1> (7.18)
Ey o)
The advantage of the plate load test is that it is very simple
and economical to perform. The drawback is that it only
tests a zone of soil near the ground surface (one to two plate

diameters deep), although larger depths can be reached by
performing the test at the bottom of open pits.

7.8 CALIFORNIA BEARING RATIO TEST

The California bearing ratio test (CBR) is a form of plate test
(Figure 7.27). It can be performed in the field or in the lab.
In the field (ASTM D4429), it consists of placing a 254 mm
diameter plate weighing 44.5N on the ground surface and
loading it until the settlement s is 2.5 mm. The load Q corre-
sponding to a settlement s of 2.5 mm is divided by the plate
area to get the pressure p. The California bearing ratio is
the ratio between p and the pressure necessary to reach a

Figure 7.27 CBR test in the field. (Courtesy of A F Howland
Company.)

settlement s of 2.5 mm on a reference soil (crushed Califor-
nia limestone). The pressure necessary to create 2.5 mm of
settlement of the plate on the reference soil (crushed Cal-
ifornia limestone) has been measured to be 6900 kPa. So,
the reference pressure is 6900 kPa and the CBR number is a
percentage given by:

100 x p(kPa)
BR= — 2% 7.1
¢ 6900 (7.19)

This test is used primarily for pavement design, where
the depth of influence of the plate is similar to the depth of
influence of a truck tire. If the CBR value is less than 3%,
the soil is too soft for road support without modification,
values between 3% and 5% are average, and values from
5% to 15% are good. Crushed rock values are around 100%.
Several correlations have been developed to link the CBR to
soil properties, such as:

M, (kPa) = 10,000 x CBR (7.20)
s, (kPa) = 11 x CBR (7.21)

where M, is the resilient modulus and s, is the undrained
shear strength.

7.9 POCKET PENETROMETER AND TORVANE
TESTS

A number of simple tests can be performed on the sample in
the field as soon as it is retrieved from the borehole. They
are typically performed on the end of samples taken with a
Shelby tube. These tests include the pocket penetrometer, the
torvane, and the hand vane tests. The pocket penetrometer
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(a)

(b)

Figure 7.28 Pocket penetrometer and torvane: (a) Pocket penetrometer (see also this video:
www.encyclopedia.com/video/PBoOUDV WhSo-hand-penetrometer-test.aspx). (b) Torvane (see
also this video: www.encyclopedia.com/video/9Su3ehhLfwc-torvane-test.aspx)

test (PPT) (Figure 7.28) consists of pushing by hand the
end of a spring-loaded cylinder 6.35 mm in diameter until
the ultimate bearing pressure is reached. The compression
of the spring increases as the force increases and a floating
ring on the body of the pocket penetrometer (PP) indicates
how much force is exerted. The ultimate pressure is reached
when the cylinder penetrates without further increase in the
PP reading. The PP number ranges from O to 4.5 and has
been correlated with the undrained shear strength of clays
(s, (kPa) ~ 30 PP), but the scatter in this correlation is very
large—not to mention the fact that the mass of soil tested is
extremely small. The advantage of the PPT is that it is a very
simple test that gives a quick indication of the soil strength.
The drawback is that it tests only a very small zone of soil
and thus must not be used in design. The torvane test (TVT)
(Figure 7.28) consists of pushing a set of vanes about 6.5 mm
into the face of the sample and then rotating the spring-loaded
cap until the spring releases because the shear strength of the
soil has been reached. A maximum value indicator stays at the
maximum reading reached during the rotation and indicates
the shear strength of the soil. The hand vane shear test (VST)
(section 7.5, Figure 7.20) is also a simple and quick test that
can be performed on the end of a Shelby tube sample. These

three simple tests are mostly used on silts and clays. Of the
three, the hand vane is the most reliable.

7.10 POCKET ERODOMETER TEST

The pocket erodometer test (PET) (Figure 7.29, Briaud,
Bernhardt, and Leclair 2011) is to erosion resistance what the
pocket penetrometer test is to shear resistance. The pocket
erodometer (PE) is a regulated mini-jet-impulse-generating
device. The water jet comes out of the nozzle at 8 m/s and
is aimed horizontally at the vertical face of the sample.
Verification that the velocity is 8 m/s when leaving the nozzle
is achieved by aiming the jet from a height H (Figure 7.29),
measuring the distance x where the water reaches the floor,
and using the following equation:

= (7.22)

Vox = 2H

Vo
where v, is the velocity at the nozzle and g is the acceleration
due to gravity. The depth of the hole in the surface of the
sample created by 20 impulses of water is recorded. The

depth of the hole is entered in the erosion chart (shown in
Figure 7.30) to determine the erodibility category of the soil.

Figure 7.29 Pocket erodometer test.
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Figure7.30 Erosion chart for various erosion depths from the PET.

This erosion category allows the engineer to make preliminary
decisions in erosion-related work. The advantage of the PET
is its simplicity; its drawback is that it tests a very small
portion of the soil.

7.11 COMPACTION CONTROL TESTS

Soil compaction is one of many techniques of soil improve-
ment and is discussed in Chapter 20. In short, the soil to be
used at the site is tested in the laboratory where compaction
tests are performed. The results of these tests are used to
establish the target values (dry unit weight, modulus, water
content) to be achieved during the compaction process in the
field. In the field it becomes necessary to verify that the target
value has been reached. These in situ tests include tests to
measure the dry unit weight (e.g., sand cone method, rubber
balloon method, nuclear density probe), water content (e.g.,
nuclear density probe, field oven test), and soil modulus (e.g.,
BCD, falling weight deflectometer).

7.11.1 Sand Cone Test

The sand cone test (SCT; Figure 7.31) consists of digging
a hole in the ground, obtaining the weight and the volume
of the soil excavated, drying the soil and obtaining the
dry weight, and calculating the water content and the dry
unit weight. More specifically, a standard steel plate with
a 172 mm diameter hole through it is placed on the ground
surface. A hole is dug into the ground through the hole in the
steel plate to a depth of about 150 mm. The excavated soil
is weighed, then dried, then weighed again. This gives the
water content of the soil that was in the hole. As soon as the
hole is excavated, an inverted funnel in the form of a cone
is placed on top of the opening in the base plate and a bottle
full of sand of known unit weight is connected to the top of
the funnel. (The weight of the bottle full of sand is measured
beforehand.) The valve between the bottle and the funnel is
then opened and the sand of known unit weight flows out of
the bottle until the hole in the ground and the funnel above it
are full. The valve is closed, the bottle is disconnected, and
the bottle is weighed again. The difference in weight of the
bottle before and after filling the hole, divided by the known
unit weight of the sand, gives the volume of the hole plus
the funnel. Because the volume of the funnel is known, the
volume of the hole can be deduced and the dry unit weight is
obtained from the dry weight and the volume of the soil in
the hole.

7.11.2 Rubber Balloon Test

The rubber balloon test (RBT; Figure 7.32) follows exactly
the same procedure as the sand cone method except that the
volume of the soil excavated is measured in a different way.
The rubber balloon device is a cylinder filled with water up
to a level indicated on a graduated scale. At the bottom of

Figure 7.31 Field unit weight and water content by sand cone test. (b: Courtesy of Durham Geo
Slope Indicator.)
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Figure 7.32 Field unit for testing weight and water content by
rubber balloon. (b: Courtesy of Humboldt Mfg. Co.)

the cylinder is a rubber balloon that can be expanded into the
hole below by pumping water into it. When the balloon fills
the hole, the reading on the graduated scale on the cylinder
gives the volume of the hole. The data reduction is the same
as for the sand cone test.

7.11.3 Nuclear Density/Water Content Test

The nuclear density/water content test is a device to measure
indirectly the density and water content of a soil at the soil
surface. It consists of sending radiation from a source into
the soil and counting the amount of radiation coming back
to a detector. In the case of the nuclear density test, a source
generating medium-energy gammarays is used. These gamma
rays send photons into the soil (photons are particles of light;
see section 8.4.1). These photons go straight to the detector, or
bump into the soil particles (Compton scattering) and deflect
to arrive at the detector, or do not arrive at the detector.
The gamma rays arriving at the detector are counted, and the
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gamma count is inversely proportional to density. In the case
of the water content test, a source generating high-energy
neutrons is used. The principle is that when a high-energy
neutron hits a much heavier atomic nucleus, it is not slowed
down significantly. However, if it hits an atomic nucleus that
is about the same weight as the neutron, then the neutron is
slowed down significantly. The hydrogen atom has a nucleus
that is very comparable in weight to the neutron, and therefore
is very good at slowing neutrons down. Because water has
a lot of hydrogen, counting the number of slow neutrons
coming back to a detector will indicate how much water is in
the soil.

The test can be done in direct transmission or in back-
scatter mode. In the direct transmission mode, the source rod
penetrates into the soil anywhere from 75 mm to 220 mm
(Figure 7.33); the detector is on the bottom side of the nuclear
gage. This mode is preferred for density measurements. In
the back-scatter mode, the nuclear gage sits on the soil
surface and the source and detectors are on the bottom side
of the gage (Figure 7.33). This is the mode used for water
content determination. The nuclear gage is calibrated by the
manufacturer initially and after any repair. The calibration
consists of placing the gage on a sufficiently large block of
material of known density and known water content.

7.11.4 Field Oven Test

The field oven (Figure 7.34) is a very simple instrument
which is used to determine the water content of a soil in the
field. A small piece of soil is carved from the soil surface;
the sample is placed between the two plates of the field oven
which looks like a waffle maker. A load cell located below
the heating pad gives the weight of the sample. Then the two
plates are closed and the oven dries the soil sample. After a

-

Source
Direct transmission

Detectors

Backscatter

Figure 7.33 Nuclear density probe test for unit weight and water content.
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Figure 7.34 Field oven test (FOT) for water content.

few minutes, the soil is dry and the heating plates are opened.
The load cell records the dry weight of the sample and the
water content is displayed.

7.11.5 Lightweight Deflectometer Test

The lightweight deflectometer (LWD) test (Figure 7.35)
(ASTM E2583) consists of dropping a weight guided along
arod from a chosen height onto a plate resting on the ground
surface. The typical values for the LWD are a weight of
100N, a drop height of 0.5 m, and a plate diameter of 0.2 m.
A load cell located above the plate measures the force versus
time signal and a geophone attached to the plate measures the
deflection of the plate during the impact. The soil modulus is
back-calculated from the knowledge of the peak force F and
the peak deflection A. The soil modulus E is calculated using
the theory of elasticity:

4F
E=f(1- vz)m (7.23)

Guide
<_rod

4_Dr(.)p
weight

/ Shock
F/ absorber

Load cell

NNANNNANNNNNY

Loading plate
v I IV IV s

(a)

where E is the soil modulus measured by the LWD, f is a
plate rigidity factor (1 for flexible plates and 0.79 for rigid
plates), v is Poisson’s ratio (range from 0.3-0.45, depending
on soil type), F is the maximum force on the force versus
time plot, D is the plate diameter, and A is the maximum
displacement on the displacement versus time plot.

For example, referring to the flexible plate LWD test in
Figure 7.36, the modulus would be calculated as:

4x75

E=1(1-035) —
7 x02x055x%x10

= 76.3MPa
(7.24)

7.11.6 BCD Test

A modulus E can also be obtained with a device called
the BCD (Figure 7.37). It consists of a 150 mm diameter,
2mm thick flexible steel plate at the bottom of a rod with
handles—a kind of scientific cane. Strain gages are mounted
on the back of the plate to record the bending that takes
place during the loading test. When the operator leans on the
handle, the load on the plate increases and the plate bends.
If the soil is soft (low modulus), the plate bends a lot. If the
soil is hard (high modulus), the plate does not bend much.
The amount of bending is recorded by the strain gages and is
correlated to the modulus of the soil below.

The test is called the BCD test or BCDT (Briaud, Li, and
Rhee 2006) and is performed as follows. First, the BCD plate
is placed on top of the ground surface (Figure 7.37). Then
the operator leans on the handles of the BCD and the vertical
load increases. When the load goes through 223 N, a load
sensor triggers the reading of the strain gages. The device
averages the strain gage values, uses the internal calibration
equation linking the strains to the modulus, and displays the
modulus E. This evaluates the level of compaction achieved
at that location.

The modulus obtained with the BCD corresponds to a
reload modulus, to a mean stress level averaging about

(b)

Figure 7.35 Falling weight deflectometer for soil modulus: (a) Principle. (b) Equipment. (b:
Courtesy of Minnesota Department of Transportation.)
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Figure 7.37 BCD test for soil modulus: (a) Principle. (b) Equip-
ment.

50 kPa within the zone of influence, to a strain level averaging
103 within the zone of influence, and to a time of loading
averaging about 2 s. The BCD test can also be performed
in the laboratory on top of the compaction mold to obtain
the modulus versus water content curve in parallel with
the dry density versus water content curve (see chapter 20
section 20.2).

7.12 HYDRAULIC CONDUCTIVITY FIELD TESTS

The purpose of these hydraulic conductivity in situ tests is to
measure the hydraulic conductivity k (m/s) of the soil. The
soil can be either below the groundwater level (saturated), or
above the groundwater level (saturated by capillary action or
unsaturated). For saturated soils below the GWL, several tests
exist, including the borehole tests (falling head test, rising
head test, constant head tests), the pumping test, and the cone
penetrometer dissipation test. For soils above the GWL, the
tests include the sealed double-ring infiltrometer (SDRI) test
and the two-stage borehole permeameter.

7.12.1 Borehole Tests

Borehole tests consist of drilling a borehole, changing the wa-
ter level in the borehole, and recording the movement of the
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Figure 7.38 Inflow well test in deep uniform soil. (After Hunt
1984.)

water level in the borehole as a function of time. Sometimes
the borehole is cased to help in keeping the borehole stable.
The data collected are used to back-calculate the hydraulic
conductivity k. The equations to calculate k are based on de-
veloping the governing differential equation for the problem
and then solving it while satisfying the boundary conditions.
This is where the problem becomes quite complicated and
requires charts or software. The following examples are cases
in which the geometry is simple.

When the soil layer is deep and uniform, when the casing
goes down to the bottom of the borehole, and when the
water is bailed out so that the water level starts far below
the groundwater level outside of the casing (Figure 7.38), the
hydraulic conductivity & is obtained from the equation:

h
2mr Ln—t

k=— 2 (7.25)
1t — 1)

where r is the radius of the casing, 4, and /, are the distances
from the groundwater level in the soil deposit outside of the
casing to the level of the water in the casing, and ¢, and 1,
are the times at which 4, and &, are measured. This equation
applies when the depth D as shown in Figure 7.38 is between
0.I5mand 1.5m.

In the case where the pervious soil layer to be tested is
underlain by an impervious layer, where the uncased boring
(or screened boring) penetrates through the entire pervious
layer all the way to the impervious layer, and where the water
level is maintained constant by pumping at a flow rate Q

Phreatic surface q Initial phreatic
during pumping - surface
r

Drawdown [&

Impermeable

Figure 7.39 Pumping test in sand layer using one boring. (After
Hunt 1984.)
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Figure 7.40 Pumping test in sand layer using three borings. (After
Hunt 1984.)

(as shown in Figure 7.39), the hydraulic conductivity k is
obtained from the equation:

R
0 Ln—
,

k= ~H ) (7.26)
where Q is the flow rate pumped out of the well to maintain
the water level constant in the well, r is the radius of the
borehole, R is the radius of the zone of influence where the
water table is depressed, H is the vertical distance between the
bottom of the boring (impervious layer) and the groundwater
level at or further than R, and h is the vertical distance
between the bottom of the boring and the water level in the
borehole. Note that for this equation to apply, a steady-state
flow must be reached; this may take a time related to the
hydraulic conductivity itself. Finding the value of R requires
some borings down to the groundwater level away from the
test boring.

To improve the precision of this test, observation borings
can be drilled at radii ; and r, from the test boring and the
vertical distances /2, and &, between the bottom of the boring
(impervious layer) and the water level in the observation
borings recorded (Figure 7.40). Then equation 7.26 becomes:

s
QO Ln—=
-
k= — "1 (7.27)
m(h3 —h?)

In the case where the pervious layer to be tested is sand-
wiched between two impervious layers, where the uncased
boring (or screened boring) penetrates through the first two
layers and stops at the top of the second impervious layer,
and where the water level is maintained constant by pumping
at a flow rate Q (as shown in Figure 7.41), the hydraulic
conductivity k is obtained from the equation:

R
O Ln—
r

where Q is the flow rate pumped out of the well to maintain
the water level constant in the well, » is the radius of the
borehole, R is the radius of the zone of influence where the
water table is depressed, H is the vertical distance between
the bottom of the boring (top of the second impervious layer)
and the groundwater level at or further than R, and h is
the vertical distance between the bottom of the boring (top
of the second impervious layer) and the water level in the
borehole. Note that for this equation to apply, a steady-state
flow must be reached; this may take a time related to the
hydraulic conductivity itself. Finding the value of R requires
some borings down to the ground-water level away from the
test boring.

To improve the precision of this test, observation borings
can be drilled at radii r; and r, from the test boring and the
vertical distances /; and &, between the top of the second
impervious layer and the water level in the borehole recorded
(Figure 7.42). Then equation 7.28 becomes:

p
0 Ln-2
"

k= m (7.29)

Solutions for more complicated geometries are found in
Mansur and Kaufman (1962) and in Cedergren (1967). The
advantages of these tests are that they give a large-scale value
of k in the field which includes the mass features of the
soil deposit. Some of the drawbacks are the lack of control
over problems such as filter cake development around the

Ik

7 Aquiclude
;(clayey soil)

Figure 7.41 Pumping test in confined aquifer. (After Hunt 1984.)
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Figure 7.43 Decay of excess pore pressure in piezocone dissipation test.

wall of the borehole, and quick conditions development in
high-gradient situations.

7.12.2 Cone Penetrometer Dissipation Test

The cone penetrometer dissipation test (CPDT) is performed
during a CPT sounding and makes use of the cone point
equipped with a pore pressure measuring sensor: a piezocone.
The piezocone is pushed to a depth below the groundwater
level where the measurement of & has to be made, the
penetration stops, the initial excess pore pressure is read,
and then the decay of excess pore pressure versus time is
recorded. Two situations can arise: heavily overconsolidated
soil or normally to lightly overconsolidated soil.

In the case of normally consolidated to lightly overcon-
solidated soil, the decay of excess pore pressure will be
monotonic (Figure 7.43a). In the case of heavily overconsoli-
dated soils, the response shows first an increase in excess pore
pressure followed by a decrease (Figure 7.43b). The reason
for this dual behavior is that the total excess pore pressure
Au, has two components: one is due to the water stress
response Aug to the mean all-around compression of the
soil element (spherical stress tensor); the other is due to the
water stress response Au, to the shearing of the soil element
(deviatoric stress tensor). When the soil element is subjected
to an all-around mean pressure, Au, is always positive, but
when the soil element is subjected to a shear stress, Au, can
be positive or negative depending on the change in volume
of the element during shearing. If the soil element decreases
in volume during shearing, it is called contractive, Au, is

positive, and both Au, and Au, decrease as a function of
time (Figure 7.43a). If, however, the soil element increases
in volume during shearing, it is called dilatant, and Au, is
negative. The combination of Aug decreasing with time and
Au, increasing with time (becoming less negative) leads to a
bump on the decay curve (Figure 7.43b).

The initial pore pressure when recording starts is u,;. Note
that two u; values exist depending on the location of the
pore-pressure measuring device. In the case of a monotonic
decay and for the pore-pressure measurement right behind
the cone point (shoulder), Parez and Fauriel (1988) proposed
a correlation between #5, and the hydraulic conductivity k
(Figure 7.44), which is well represented by the equation:

1 1.25
7) (7.30)
251 15, (s)

k(cm/s) = <
Where k is the hydraulic conductivity in cm/s and 5 is the
time in seconds to reach a decrease in water stress equal to
50% of the total decrease in water stress.

A typical example is shown in Figure 7.43a for a lightly
overconsolidated clay. The time to 50% dissipation is found
halfway between the initial value u; ( = 1s in Figure 7.43a)
and the equilibrium value corresponding to the hydrostatic
pressure u,. In the case of a decay curve exhibiting a rise
followed by a decay (highly overconsolidated soil), obtaining
the hydraulic conductivity k from the dissipation curve is
more complicated (Burns and Mayne 1998).
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Figure 7.44 Relationship between t5, and hydraulic conductivity
for piezocone dissipation test. (From Mayne, Christopher, Berg, and
DeJong 2002. Courtesy of Professor Paul Mayne, Georgia Institute
of Technology, USA.)

7.12.3 Sealed Double-Ring Infiltrometer Test

The sealed double-ring infiltrometer test (SDRIT) was de-
veloped in the late 1970s in the USA and is credited to
Steve Trautwein and David Daniel (1994). The SDRIT aims
at measuring the hydraulic conductivity at shallow depth
in soils above the groundwater level. A typical situation is
testing to obtain the hydraulic conductivity k£ of a 1 m thick
clay liner above a free-draining layer of sand and gravel. The
test setup starts by placing a square outer ring about 4 m in
size in the soil surface and embedding and grouting the walls
of the ring about 0.45m below the surface (Figure 7.45).
Then an inner ring is placed in the center of the outer ring
and the walls are embedded and grouted about 0.15m into
the ground. The outer ring is open to the atmosphere while
the inner ring is sealed. A tube goes from the inner ring to
a deformable plastic bag, where it can be easily connected
and disconnected. The bag is filled with water and weighed,
and the entire system is saturated with water. The SDRIT is
often used to test soils that are not saturated, in which case
tensiometers are placed at different depths to measure the
tension in the water within the layer being tested (see Chapter
10 on water stress for an explanation of how tension occurs
in the soil water and Chapter 9 on laboratory tests for an
explanation of how tensiometers work). As the water seeps
through the unsaturated soil layer below the SDRI, the water
fills the voids in the soil, thereby saturating the soil; a wetting
front advances and the plastic bag loses water. The volume
of water Q leaving the plastic bag and entering the soil is
measured by weighing the bag as a function of time.
Reducing the data of an SDRIT requires knowledge of wa-
ter flow through saturated and unsaturated soils (see chapter
13). Obtaining the hydraulic conductivity k from the SDRIT

requires some assumptions: (1) steady-state seepage; (2) ver-
tical, one-dimensional flow; and (3) saturated conditions. If
the soil is unsaturated to start with, it will take time for the
water to permeate through the soil layer thickness and satu-
rate the soil. This time can be several weeks. To obtain the
hydraulic conductivity k from the SDRIT data, the following
equations are used:

v=ki (7.31)

This is called Darcy’s law and is explained in Chapter 13
on flow through soils; v is the discharge velocity; and i is the
hydraulic gradient, defined as the loss of total head Ah, of
the flowing water per distance travelled Az.

A (7.32)
i = Az .
Conservation of mass leads to:
Vi =vAtC (7.33)

where V is the volume of water that has infiltrated the soil
in a time ¢, A is the plan view area of the inner ring, and v, is
the discharge velocity. This leads to an expression for k:

Yy

_ At

k= AR, (7.34)
Az

If the test is run long enough that the whole layer becomes
saturated, then Ah, is the vertical distance from the bottom
of the layer to the level of the water in the outer ring and Az
is the thickness of the layer. The tensiometer readings help in
deciding when this stage has been reached. If this assumption
is made but the wetting front has not penetrated the whole
layer, then i will be underestimated and the k value obtained
will be lower than the true k value. If the test does not reach
this stage and the water front has penetrated to a depth D,,
below the top of the soil surface, the value of Az is D,, and
the value of A#h, is:

Ah,=H+D,+h, (7.35)

where &, is the tension in the water on the wetting front
expressed in height of water. This value can be obtained from
the tensiometer readings. Here two assumptions can be made:
(DA » is given by the tensiometers, or (2) h p= 0. In practice,
the second assumption seems to give more acceptable results,
especially as the test is often run to prove that the hydraulic
conductivity of the soil layer is lower than 10~° m/s (clay liner
for waste disposals). Indeed, with assumption 2 (h,, = 0), Ah,
is underestimated and k is overestimated.

When the layer being tested swells, it is necessary to take
the swelling into account. In this case some of the water
leaving the plastic bag is stored in the swelling process while
some of the water is seeping through the soil. Ignoring the
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Figure 7.45 Sealed double-ring infiltrometer. (Courtesy of Professor Xiaodong Wang, University

of Wisconsin, USA.)

swelling component would give an overestimated value of
V; and therefore an overestimated value of k. The volume
of water V, used to increase the volume of the soil through
swelling is measured as follows: A reference beam is set up
above the SDRI (Figure 7.44) and the vertical movement of
the inner ring is recorded with respect to that beam (using
dial gages, for example). The volume V; corresponding to
the vertical movement of the inner ring is subtracted from the
volume of water V, leaving the plastic bag to obtain the true
volume V. flowing through the soil.

7.12.4 Two-Stage Borehole Permeameter Test

The two-stage borehole permeameter test (TSBPT) was de-
veloped in the USA in the 1980s and is credited to Gordon
Boutwell (Boutwell and Derick 1986). The TSBPT aims at
measuring the vertical and horizontal hydraulic conductivity
at shallow depth in soils above the groundwater level. A typ-
ical situation is testing to obtain the hydraulic conductivity k
of a 1 m thick clay liner above a free-draining layer of sand
and gravel. The test takes place in two stages.

Stage 1 consists of drilling a hole (for example, 0.5 m deep
and 0.1 m in diameter), inserting a permeameter (e.g., open
PVC 75 mm diameter pipe with graduated cylinder above,

Figure 7.46a) in the open hole, sealing the permeameter to
the walls of the borehole by grouting, and keeping the bottom
of the boring open and intact. Once the borehole is sealed, the
test consists of filling the permeameter with water and letting
the water seep into the soil through the bottom of the casing.
The drop in water level in the graduated tube is recorded as a
function of time. The hydraulic conductivity k; from stage 1
is calculated from the following equation (Hvorslev 1949):

nd? h,

kj = ——1Ln (7.36)
11D(t, —t;) hy

where d is the diameter of the graduated tube above the
permeameter, D is the diameter of the permeameter, and h;
and £, are the heights of water above the bottom of the casing
recorded at times t; and t, respectively. The k; values are
plotted as a function of time until steady state is reached.
Note that this equation assumes that the material below the
casing is uniform to a large depth. It is prudent to use it only
if the depth to the next layer is at least 5 borehole diameters
below the bottom of the boring.

Stage 2 consists of deepening the borehole (for example,
0.2 m deeper and 75 mm in diameter), and repeating the per-
meability test (falling head test). The hydraulic conductivity
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Figure 7.46 Two-stage borehole permeameter: (a) Stage 1; (b) Stage 2. (Third picture: Courtesy

of Craig Benson, University of Wisconsin.)

k, from stage 2 is calculated from the following equations

(Hvorslev 1949):

ky = ZLn-t 7.37
2= 3 ”h2 (7.37)
with
A=d* L L+ 1+ LY’ (7.38)
= n| — — .
D D
B=8L(t, —1,) (1 - 0.562e—‘-57%> (7.39)

Note that A is in m? while B is in m.s. The k, values are
plotted as a function of time until steady state is reached.
Then the anisotropy can be taken into account by using the
ratio k,/k; and relating it to the ratio k; /k,,. This is done by
first defining m as:

(7.40)

where k;, and k, are the hydraulic conductivity in the horizon-
tal and vertical directions respectively. Then k, /k, is related
to m through:

m| Ly i+ LY’
"\ D D
k2

G (7.41)
o (e 2
n [ [
D D

In equation 7.41, all quantities are known except m, which
can therefore be obtained. Alternatively, m can be found by
using Figure 7.47, which presents k, /k; versus k;, /k, for L/D
ratios of 1, 1.5, and 2. Once m is known, k; and k, can be
found as follows (Daniel, 1989):

kh = mkl
k, = ky/m

(7.42)
(7.43)

9
LD=15
L7t
33
£ L/D =1
23 5
5o D=2
23
a8 3f
1 i i i i
1 1.2 1.4 1.6 1.8 2

Ratio of hydraulic conductivity ky/k,

Figure 7.47 Relationship between k;/k, and m for two-stage
borehole permeameter. (After Daniel 1989.)

The analysis of both stage 1 and stage 2 presented here
makes a number of limiting assumptions that may or may not
be verified in the field (Daniel 1989).

7.13 OFFSHORE IN SITU TESTS

The in situ tests most commonly used offshore are the cone
penetrometer test and the vane shear test. Other in situ tests
used offshore include the pressuremeter test, the dilatometer
test, and a number of geophysical tests (see Chapter 8).

The offshore CPT is used for stratigraphy, classification,
undrained shear strength in fine-grained soils, and friction
angle and relative density in coarse-grained soils. It is per-
formed from the seabed or down a borehole. The seabed
systems (Figure 7.48) are lowered to the seabed and provide
the vertical reaction against which to push the CPT. A to-
tal push of 100 kN can be expected from these units. The
rods are prestrung on the seabed unit. The downhole systems
(Figure 7.49) consist of lowering the CPT system through the
drill string that drilled the borehole, latching the CPT system
to the bottom of the drill string, and pushing the CPT into
the soil below by using the mud pressure in the drill string.
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Figure 7.48 Seabed units to deploy the CPT offshore. (a and b: Image courtesy Swan Consultants
Ltd., Copyright EFS Danson 2005.)
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Figure 7.49 “Dolphin” downhole system to deploy the CPT offshore. (Courtesy of FUGRO Inc.)
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Figure 7.51 Influence of sample disturbance on vane shear results. (After Denk et al. 1981.)

The drill string is typically steadied by clamping the drill
string to an external mass resting on the seabed.

The offshore vane shear test is used to measure the
undrained shear strength of fine-grained soils. Like the CPT,
the VST can be performed from a downhole tool (Figure 7.49)
or from a seabed platform (Figure 7.50). Although samples
can be taken, obtaining the undrained shear strength from such

samples in the laboratory suffers from the decompression of
the sample when it is brought back to the surface. In gassy
soils, this decompression can be very significant and reduce
the undrained shear strength by up to 40% (Figure 7.51; Denk
et al. 1981). The VST measures the undrained shear strength
in situ and therefore does not allow decompression. As a
result, the value obtained is much more reliable.
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PROBLEMS

7.1

7.2

1.3

7.4

7.5

7.6

7.7

7.8

7.9

7.10

7.11

Assume that the blow count profile shown in Figure 7.4 is an uncorrected blow count profile obtained for a silty sand.
Assume further that the energy recorded during these SPT tests was 332 ], that the groundwater level was at the surface,
and that the soil has a significant amount of silt. Create the corrected profile for energy level Ny, the corrected profile for
stress level N, and the corrected profile for silt content N'. Then create the combined corrected profile for energy, stress
level, and silt content, N| (60).

A pressuremeter test gives the test curve shown in Figure 7.2s. Calculate the first load modulus E, the reload modulus of
the first loop E,;, the yield pressure p, the horizontal pressure p,, corresponding to the reestablishment of the horizontal
in situ stress, and the limit pressure p;. What do you think each parameter can be used for?

1500 [
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Figure 7.2s Pressuremeter test results.

Use the CPT profiles of Figure 7.8 to identify the main soil layers. Then classify the soil in each layer according to the
CPT classification systems of Figure 7.10 and Figure 7.11.

Develop the equation for a rectangular vane that links the maximum torque 7}, to the undrained shear strength s, of a
fine-grained soil.

Why is the vane test not used in coarse-grained soils? Develop a way, including placing instrumentation on the vane, that
would allow the vane test to give the effective stress friction angle of a sand with no effective stress cohesion intercept.

A borehole shear test is performed in a saturated clay below the water level. The test is performed fast enough to ensure no
drainage. When the horizontal pressure is applied, the plates penetrate 4 mm into the soil of the borehole wall. How long
should the plates be for the end effect created by the resistance of the wedge at the leading edge of the plates to represent
less than 10% of the shear force measured?

A plate test gives the load settlement curve shown in Figure 7.26. The plate is 0.3 m in diameter and the test is performed
at the ground surface. Calculate the soil modulus from the early part of the plate test curve. Would you use this modulus to
calculate the settlement of a 3 m by 3 m square footing? Explain.

Use the elastic settlement equation for a plate test to explain why the modulus of subgrade reaction K is not a soil property
while the soil modulus E is. Which one would you rather use and why?

Calculate the settlement of a footing on sand after 50 years under a pressure of 100 kPa if the settlement after 1 hour under
a pressure of 100 kPa during a load test is 10 mm. The soil has a viscous exponent n = 0.04.

Pocket erodometer tests (PETSs) are performed on the end of Shelby tube samples retrieved from a levee. The average depth
of the PET holes is 6 mm and the standard deviation is 2 mm. Estimate the rate of erosion if the mean velocity overflowing
the levee will be 5 m/s. If the levee is subjected to overtopping for 2 hours (hurricane), how much erosion is likely to take
place?

A sand cone apparatus is used to check the dry density of a compacted soil. The weight of dry sand used to fill the test
hole and the funnel of the sand cone device is 8.7 N. The weight of dry sand used to fill the cone funnel is 3.2 N. The unit
weight of the dry sand is calibrated to be 15.4 kN/m?>. The weight of the wet soil taken out of the test hole is 7.5N and the
water content of the soil from the test hole is 13.2%. Calculate the dry density of the compacted soil.
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7.12 A lightweight deflectometer is used to obtain the modulus of the compacted soil. The plate is 200 mm in diameter and the
results of the tests are shown in Figure 7.36. Calculate the modulus of deformation of the soil. What approximate stress
level and strain level does it correspond to?

7.13 A borehole is drilled into a deep and uniform clay layer to a depth of 1.5m. A 75 mm inside diameter casing is lowered
to the bottom of the 100 mm diameter borehole and sealed to the borehole walls. The water is bailed out so that the water
level starts 1 m below the groundwater level outside of the casing at time equal 0. Three days later the water level has risen
0.3 m in the casing. Calculate the hydraulic conductivity k of the clay layer.

7.14 A 10 m thick layer of silty sand is underlain by a deep layer of high-plasticity clay. The groundwater level is 2 m below the
ground surface. A 100 mm diameter boring is drilled to a depth of 10 m and cased with a screen that allows the water to
enter the borehole freely along the borehole walls. A pump is set up to pump the water out of the hole and reaches a steady
state condition after 2 days; at that time it is able to maintain the water level in the hole at a depth of 6 m when the flow
rate is 0.2 cubic meters per minute. Additional boreholes indicate that the radius of influence of the depressed water level
is 9 m. Calculate the hydraulic conductivity of the silty sand layer.

7.15 A cone penetrometer dissipation test is performed at a depth of 15.2 m below the groundwater level in a silt deposit. The
results of the tests are given in Figure 7.43a. Calculate the hydraulic conductivity of the silt layer.

7.16 A sealed double-ring infiltrometer is used to evaluate the field-scale hydraulic conductivity of a 1 m thick clay liner
underlain by a free-draining layer of sandy gravel. The SDRI has a square outside ring that is 4 m by 4 m and an inside ring
that is 1 m by 1 m. The wall of the outer ring is embedded and sealed 0.45 m below the ground surface and the wall of the
inner ring is embedded and sealed 0.15 m below the ground surface. Water is poured into the infiltrometer to a height of
0.5 m above the ground surface and the inner ring is capped. After a period of one week, during which the liner below the
infiltrometer becomes saturated and a steady-state flow develops, the daily volume of water flowing into the liner is 0.01 m?
as measured by a plastic bag connected to the sealed inside ring. The soil swells, and vertical movement measurements of
the inside ring indicate that this swelling amounts to 0.004 m® per day. Calculate the hydraulic conductivity of the liner.

7.17 A two-stage permeameter test is conducted to evaluate the vertical and horizontal hydraulic conductivity of a clay liner. In
stage 1, a 0.1 m diameter borehole is drilled to a depth of 0.35 m. A 0.075 m inside diameter pipe is lowered to the bottom
of the open borehole and sealed to the walls of the borehole. A 10 mm inside diameter graduated tube is placed on top of
the 75 mm diameter pipe; then the pipe and the falling head permeameter fitted on top of it are saturated and the water
seeps through the liner. After reaching a steady state, the following measurements are recorded. At time equal 0, the water
is 0.6 m above the ground surface. After 30 minutes of infiltration, the water has dropped to a height of 0.5 m above the
ground surface. In stage 2, a 75 mm borehole is advanced 0.2 m below the bottom of the stage 1 borehole (0.55 m below
surface). The falling head permeameter test is repeated and the water level falls from 0.6 m above the ground surface at
time equal 0 to 0.5 m above the ground surface in 5 minutes. Calculate the vertical and horizontal hydraulic conductivity
of the clay liner.

7.18 Discuss the advantages and drawbacks of in situ tests versus laboratory tests.

Problems and Solutions

Problem 7.1

Assume that the blow count profile shown in Figure 7.4 is an uncorrected blow count profile obtained for a silty sand. Assume
further that the energy recorded during these SPT tests was 332 J, that the groundwater level was at the surface, and that the
soil has a significant amount of silt. Create the corrected profile for energy level N, the corrected profile for stress level
N,, and the corrected profile for silt content N'. Then create the combined corrected profile for energy, stress level, and silt
content, N {(60).

Solution 7.1

The corrections of the SPT values are shown in Table 7.1s and are based on the following formulas:

E J
Correction for energy level : Ngy = Npeasured X (%)
Correction for stress level : N 100_\*
orrection for stress level : Nj = Npcasured X | ————
1 measured o \ﬁo (kPa)
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N, —15
Correction for silt content : N’ = 15 + <%>

2

0.5
N x (;90) ~15

Ov

Combined corrections : Ny, = 15 +

2
Table 7.1s Corrected SPT Values

Measured Energy level Stress level Silt Combination

Depth — -
measured Emeasured N60 YV sat O'(;v Nl N’ N { (60)

m bpf J bpf kN/m? kPa bpf bpf bpf
1.5 15 332 17 19 14 40 15 31
3 20 332 23 19 28 38 18 30
4.5 17 332 20 19 41 26 16 23
6 12 332 14 19 55 16 14 17
7.5 18 332 21 19 69 22 17 20
9 21 332 24 19 83 23 18 21
10.5 24 332 28 19 96 24 20 22
12 28 332 33 19 110 27 22 23
13.5 31 332 36 19 124 28 23 24
15 30 332 35 19 138 26 23 22
16.5 32 332 37 19 152 26 24 23
18 29 332 34 19 165 23 22 21
19.5 31 332 36 19 179 23 23 21

The corrections of the SPT values are plotted on the graph shown in Figure 7.1s.

SPT Blow Count (blow/0.3 m)

Depth (m)
S

—A— Nmeasured
15 | -8 N60

-o— N1

—A— N’

-o— N’'1(60)

20

Figure 7.1s Corrected SPT values.
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Problem 7.2

A pressuremeter test gives the test curve shown in Figure 7.2s. Calculate the first load modulus E,,, the reload modulus of the
first loop E, |, the yield pressure p,, the horizontal pressure p,, corresponding to the reestablishment of the horizontal in situ
stress, and the limit pressure p; . What do you think each parameter can be used for?

Solution 7.2

1500 [
1250
1000
750

500 |

Pressure on cavity wall (kPa)

250 |

0 10 20 30 40 50

Relative increase inprobe radius(é‘—R)(%)
o

Figure 7.2s Pressuremeter test results.

According to the test results shown in Figure 7.2s, the following parameters are obtained:

1500
* First load modulus £y = (1 4 0.35) ——————— = 12423 kPa
(0.18 = 0.017) 1500
 The reload modulus of the first loopE,; = (1 4+ 0.35) —(0.12 ~0.03) = 28928 kPa

* The yield pressure p, = 700 kPa
* The horizontal pressure py, = 120 kPa
e The limit pressure p;, = 1200 kPa

The applications of the PMT include the design of deep foundations under horizontal loads, the design of shallow
foundations, the design of deep foundations under vertical loads, and the determination of a modulus profile and other soil
properties. The PMT is not very useful for slope stability and retaining structures.

The first load and reload modulus can be used in settlement analysis. The yield pressure can be used as an upper limit for
the allowable foundation pressures. The limit pressure can be used to calculate the ultimate capacity of the foundation.

Problem 7.3

Use the CPT profiles of Figure 7.8 to identify the main soil layers. Then classify the soil in each layer according to the CPT
classification systems of Figure 7.10 and Figure 7.11.

Solution 7.3

A total of 10 layers are identifiable from the CPT profiles of Figure 7.8 and are shown in Figure 7.3s and Table 7.2s.
Furthermore, the porewater pressure profile can be extended back to zero pressure and indicates that the water level is
at a depth of 2.5m below the ground surface. The classifications of the soil layers based on Figures 7.10 and 7.11 are
presented in Table 7.2s, Figure 7.4s, and Figure 7.5s. At a coarser level, the stratigraphy can be simplified as shown
in Figure 7.6s.
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Tip Resistance Sleeve Friction Porewater Pressure Friction Ratio
dr (MPa) f, (kPa) u, (kPa) FR (%)
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Figure 7.3s  Soil layers. (Courtesy of Professor Paul Mayne, Georgia Institute of Technology)
Table 7.2s Classification of Soil Layers
Depth qq f, FR
Layer (m) (Mpa) (Bar) (kPa) (%) Figure 7.10 Figure 7.11
1 0.0-1.0 4.0 40 100 3.40 Sandy silts & silt Silty sand
2 1.0-5.0 0.8 8 10 4.30 Clays Clay
3 5.0-7.0 10.0 100 60 0.70 Sands Sand to silty sand
4 7.0-8.8 26.0 260 210 0.70 Sands Sand
5 8.8-9.5 13.0 130 100 1.10 Sands Sand to silty sand
6 9.5-11.3 26.0 260 200 0.60 Sands Gravelly sand
7 11.3-12.7 37.0 370 250 0.60 Sands Gravelly sand
8 12.7-14 28.0 280 200 0.60 Sands Gravelly sand
9 14-24.2 0.9 9 40 2.70 Clayey silts Silty clay
10 24.2-25 10.0 100 160 2.00 Silty sands Silty sand
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Robertson & Campanella (1983)
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Figure 7.4s Soil classification based on CPT results. (Courtesy of Professor Paul Mayne, Georgia Institute of Technology)
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Figure 7.5s Soil classification based on CPT results. (Courtesy of Professor Paul Mayne, Georgia Institute of Technology)
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Tip resistance Sleeve friction Porewater pressure Soil classification SBT (1990)
dr (MPa) fs (kPa) u, (kPa) by visual method
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Figure 7.6s Simplified stratigraphy. (From Mayne 2007a, b, Courtesy of Professor Paul Mayne, Georgia Institute of Technology, USA.)

Problem 7.4

Develop the equation for a rectangular vane that links the maximum torque T,,,, to the undrained shear strength s, of a
fine-grained soil.

Solution 7.4

/
—°

Figure 7.7s Vane subjected to torque.

"

The failure surface around the vane is a cylinder with a diameter D and a height H. The torque generated from the sides of
the cylinder is:

D
T, = nDHs, 5
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The torque generated by the top and bottom of the cylinder (ignoring the area occupied by the rod) is:

D

T ) dr=2 % D’
2—/0 TrS, rdr = 2008, | . =TSy

D 3
T =T +2T, =nDHs,— +2n.s,.

2 12

2

T =mns,.D 2—1—2
“ 2 6

For vanes with H = 2D, the equation becomes:

7 3
Tl = gﬂSuD

Problem 7.5

Why is the vane test not used in coarse-grained soils? Develop a way, including placing instrumentation on the vane, that
would allow the vane test to give the effective stress friction angle of a sand with no effective stress cohesion intercept.

Solution 7.5

The vane test gives one measurement: the torque at failure. It can easily be used to obtain the undrained shear strength of a
fine-grained soil because in this case the strength is represented by one parameter, s,,. The vane test cannot be used easily to
obtain the drained or effective stress parameters (¢ and ¢) because we need three equations to solve for the three parameters
involved: ¢/, ¢, and ¢. The shear strength equation is:

Ty =c+o'tang

If ¢ = 0, the shear strength equation becomes:
T, =o' tang

Pressure . ¥ dFx
sensor \

y/‘ de" T
/. e :
~~1 = T

N\

Pavg-"

Figure 7.8s Applied stresses on vane.

To get ¢ from the vane test in this case, it is necessary to make two separate measurements. This can be accomplished by
placing a pressure sensor on one of the blades, as shown in Figure 7.8s. A free-body diagram of a quadrant of the failing soil
mass gives the following equations:

dF, =o0.r.df.sin6 + t.r.d.cost
dF, =o0.r.df.cosf + t.r.df.sinf

Based on these equilibrium equations:

5 z
p.r= Fy = / (o.r.sinf + t.r.cos0)dd = —o.r.cosf + t.r. sin9|02 =(t4+o)r
0

p=t+o0




At failure:

T, =0 tang

From problem 7.4, we have:

NN S T O N

Problem 7.6

A borehole shear test is performed in a saturated clay below the water level. The test is performed fast enough to ensure no
drainage. When the horizontal pressure is applied, the plates penetrate 4 mm into the soil of the borehole wall. How long
should the plates be for the end effect created by the resistance of the wedge at the leading edge of the plates to represent less

0’=p—tf—>rf=(p—rf)tan(p—>rf=ﬂp
: : : : I +tang
T =nDHt; Q—i—nt D—3+nt D—3
side 2 top 12 bottom 12
TZHDH&pB+JTJ//Ztang0D—3+JT]//(Z+H)tang0D—3
1+tang 2 12 12
T:yrD—2 _tane p—+—(2z—}-H))/’7rtangz)D—3
2 l+4tang 12

Q /D_3 2 /D_3 l 297 _ T
7+ H)my 12tan<p+ 2z+H)ny + —npD°H —T |Jtanp — T =0

—B+/BX+4AT

t; =
an ¢ 7A

D
A=Qz+Hny —

3

12

D} 1
B=Qz+ H)ny'— + —npD*H — T

3

12 2

torque applied to the vane
diameter of the vane

height of the vane

internal friction angle of sand
pressure on the blade of the vane (which is measured by a sensor)
unit weight of soil
depth of top of the vane

than 10% of the shear force measured?

Solution 7.6

T=2(p+S,l)

Figure 7.9s
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Borehole shear test.
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F _0—>Nsmz_jB+ - COS i
F,=0—p= Ncosz+W+ - sini
N = f— .f—.
sin i ni
W=y Bni
= - ani
2)/
B T 1
p:(f— f )cosz+ —yB’t anz—l— sin i
sini  sini 2 cosi
B 1 1,
p=-—+— —I— SyB tani + 7B tani
tani tani 2

Because B, the penetration of the blades into the soil, is typically very small (say, less than 10 mm), and because the weight
of wedge W is a function of B2, it is reasonable to neglect the influence of the weight of the wedge in calculating P:

fB 1B .
p~ —+— ~|—rthanz
tani tani

By assuming i = 45°+% /2 and using Mohr-Coulomb theory, we have:
|.B n s, B cos ¢

tan (45 + %) tan (45 + %)
f.B

P~ + 2suB
tan (45 + %)

p~ + 5, B cos ¢ tan (454—%)

Shear stress on
the failure surface

a

=8,C08¢@ |- ————-—-

Figure 7.10s  Stress envelope.

If ® = 30° for upper and lower limits of f, we will have:

f=0—p=2s,B

P is the force needed to fail the wedge of soil above the borehole shear device. If this force must be less than 10% of the
force measured by the borehole shear device, then:

0.9p
0.1s

T,

measure

2
a=2(p+s,0) — 71) <10% — p < 0.1(p +s,.1) = | >

u
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This assumes that the borehole shear device is associated with a plane strain failure, which is a simplifying assumption. In
this case, the requirements on the length of the BSD to ensure that the end effect is less than 10% of the measured value are:

f=0-1>18B
f=s,—1>232B

In the worst condition, which is (f = s,,), the length of plates must be longer than 23.2B. If B = 4 mm, for example, then
[ > 92.8 mm.

Problem 7.7

A plate test gives the load settlement curve shown in Figure 7.26. The plate is 0.3 m in diameter and the test is performed at
the ground surface. Calculate the soil modulus from the early part of the plate test curve. Would you use this modulus to
calculate the settlement of a 3 m by 3 m square footing? Explain.

Solution 7.7

The pressure versus displacement/width curve is shown in Figure 7.11s.

1.6
1.4
1.2
1.0
0.8 -
0.6 -
0.4 A
0.2 -

0.0 T T T T
0.00 0.02 0.04 0.06 0.08 0.10

Displacement over width, s/B

Pressure (MPa)

Figure 7.11s  Pressure versus displacement/width curve.

The soil modulus is calculated based on point A in Figure 7.11s using the following equation:

7(1—v)pB _ 7(1—v)p 7(1—035%) x0.36

4s 4xs 4 x 0.004

F— = 62MPa

The soil modulus obtained in this fashion from the plate test is 62 MPa.

I would not use this soil modulus to calculate the settlement of a 3 m by 3 m footing without checking the soil stratigraphy
first. The plate bearing test can only give the response of the soil down to a depth of about twice the plate diameter, which is
0.6 m in this case. It cannot reflect the soil property beneath the 3 m by 3 m square footing unless they are the same.

Problem 7.8

Use the elastic settlement equation for a plate test to explain why the modulus of subgrade reaction K is not a soil property
while the soil modulus E is. Which one would you rather use and why?

Solution 7.8

The elastic settlement equation for a plate load test is:

I(1 —v*)pB
§=——
E
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Here, I is the shape factor, E is the soil modulus, p is the average pressure under the footing, B is the plate diameter, and v
is the Poisson’s ratio. The modulus of subgrade reaction K is calculated as the ratio between the pressure and the settlement:

s 10—pB — [(1 —v2)B
E

Therefore, the modulus of subgrade reaction K is a function of the soil modulus E and the foundation size B. The larger
the foundation is, the smaller the modulus of subgrade reaction is.

I would prefer to use the soil modulus E because it is a true soil property, whereas K is not. Indeed, as shown here, K
depends on E and B. Any K value determined from a given size foundation test cannot be used directly for a different size
without paying attention to the scale effect.

Problem 7.9

Calculate the settlement of a footing on sand after 50 years under a pressure of 100 kPa if the settlement after 1 hour under a
pressure of 100 kPa during a load test is 10 mm. The soil has a viscous exponent n = 0.04.

Solution 7.9

Based on equation 7.14, the settlement s, of a footing after t, = 50 years under a pressure of 100 kPa based on the settlement
s, of the same footing after r; = 1 hour is:
51

_ (Y
55\
With s; = 10mm, #; = lhr, 1, = 50 years = 50 x 365 x 24 = 438,000 hr, and n = 0.04:

10
5y = LI 7 = 16.8 mm

n 0.0:
() ()

So, the calculated settlement of the footing after 50 years under a pressure of 100 kPa is 16.8 mm.

Problem 7.10

Pocket erodometer tests (PETs) are performed on the end of Shelby tube samples retrieved from a levee. The average depth
of the PET holes is 6 mm and the standard deviation is 2 mm. Estimate the rate of erosion if the mean velocity overflowing the
levee will be 5 m/s. If the levee is subjected to overtopping for 2 hours (hurricane), how much erosion is likely to take place?

Solution 7.10

Using Figure 7.30 and a PET hole depth of 6 mm, the soil category is category III or medium erodibility. For this category,
the PET hole varies between 1 mm and 15 mm, corresponding to erosion rates of 3 mm/hr and 2000 mm/hr respectively. For
6 mm, the erosion rate is estimated to be near the middle of the range on the logarithmic scale and an erosion rate of 80 mm/hr
is selected (Figure 7.12s). With 2 hours of overtopping at this rate, 160 mm of erosion is estimated.

10000 - I Il i
>75mm 5-15 mm Low

100000 7 Very high High Medium
erodibility erodibility erodibility
7
erodibility
\

1000 15-1 mm
Erosion
rate q <1 mm

SP
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erodibility
CL CH IV

I

Rock
No noticeable erosion
0.1 T T 1
0.1 1.0 10.0 100.0

Velocity (m/s)

Figure 7.12s  Erosion chart for various erosion depths from the PET.
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Problem 7.11

A sand cone apparatus is used to check the dry density of a compacted soil. The weight of dry sand used to fill the test hole
and the funnel of the sand cone device is 8.7 N. The weight of dry sand used to fill the cone funnel is 3.2 N. The unit weight
of the dry sand is calibrated to be 15.4 kN/m?>. The weight of the wet soil taken out of the test hole is 7.5N and the water
content of the soil from the test hole is 13.2%. Calculate the dry density of the compacted soil.

Solution 7.11

The weight of dry sand used to fill the test hole is 8.7 N — 3.2 N = 5.5 N. The volume of the test hole is therefore 5.5 x
1073 kN/15.4 kN/m? = 3.57 x 10~* m>. Therefore, the wet unit weight of the compacted soil is 7.5 x 1072 kN/3.57 x
10~* m? = 21 kN/m?. Finally, the dry unit weight of the compacted soil is 21/(1 4 0.132) = 18.56 kN/m>.

Problem 7.12

A lightweight deflectometer is used to obtain the modulus of the compacted soil. The plate is 200 mm in diameter and the
results of the tests are shown in Figure 7.36. Calculate the modulus of deformation of the soil. What approximate stress level
and strain level does it correspond to?

Solution 7.12
The modulus of deformation of the soil is:

’ 4 x75
E =1(1-0.35) 5 = 76.3 MPa
7 x 0.2 x0.55x 10"

This modulus of deformation corresponds to the stress level P:

4%75
P=—""2 _238kPa
7 x 0.2

Problem 7.13

A borehole is drilled into a deep and uniform clay layer to a depth of 1.5 m. A 75 mm inside diameter casing is lowered to
the bottom of the 100 mm diameter borehole and sealed to the borehole walls. The water is bailed out so that the water level
starts 1 m below the groundwater level outside of the casing at time equal 0. Three days later the water level has risen 0.3 m
in the casing. Calculate the hydraulic conductivity k of the clay layer.

Solution 7.13

In this case, equation 7.25 applies because the soil layer is deep and uniform, because the casing goes down to the bottom
of the borehole, and because the water is bailed out to a depth far below the groundwater level outside of the casing (Figure
7.38). Therefore, the hydraulic conductivity k is obtained from:

2mr hl

kyy = —
W — 1) hy

where r is the radius of the casing (0.075m), ¢, is 0, ¢, is 3 days, &, is the depth below the groundwater level at time #; (1 m),
and £, is the depth below the groundwater level at time ¢, (0.7 m). Therefore, the solution is:

L _ 2w x 0075 1 —5.08 x 1073 /gy = 5.87 x 1075 mm/ sec
hyd = 113 — 0) 07 7 e

Problem 7.14

A 10 m thick layer of silty sand is underlain by a deep layer of high-plasticity clay. The groundwater level is 2 m below the
ground surface. A 100 mm diameter boring is drilled to a depth of 10 m and cased with a screen that allows the water to enter
the borehole freely along the borehole walls. A pump is set up to pump the water out of the hole and reaches a steady state
condition after 2 days; at that time it is able to maintain the water level in the hole at a depth of 6 m when the flow rate is
0.2 cubic meters per minute. Additional boreholes indicate that the radius of influence of the depressed water level is 9 m.
Calculate the hydraulic conductivity of the silty sand layer.
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Solution 7.14

In this case, equation 7.26 applies because the pervious soil layer to be tested is underlain by an impervious layer, because the
uncased boring (or screened boring) is penetrating through the entire pervious layer all the way to the top of the impervious
layer, and because the water level is maintained constant by pumping at a flow rate Q, as shown in Figure 7.39. Therefore,
the hydraulic conductivity k is obtained from:
L Q Ln®
w(H? — h?)

where Q is the flow rate pumped out of the well to maintain the water level constant in the well (0.2m?/ min = 288 m?/day),
r is the radius of the borehole (0.1 m), R is the radius of the zone of influence where the water table is depressed (9 m), H
is the vertical distance between the bottom of the boring (impervious layer) and the groundwater level at or further than R
(8 m), and £ is the vertical distance between the bottom of the boring and the water level in the borehole (4 m). Therefore,
the solution is:

9
B 288x1nm

= 0l 859 m/,y =994 x 1072 mm/ sec
7(82 — 4%) foey /

Problem 7.15

A cone penetrometer dissipation test is performed at a depth of 15.2 m below the groundwater level in a silt deposit. The
results of the tests are given in Figure 7.43a. Calculate the hydraulic conductivity of the silt layer.

Solution 7.15
We can calculate the hydraulic conductivity of the silt layer using equation 7.30:

1 1.25
oo = ()

L)' =483 x 1077 cm/sec = 4.17 x 1074 m/y,y = 4.83 x 106 mm/ sec

with t5, = 450 sec, so k = (—251X450

Problem 7.16

A sealed double-ring infiltrometer is used to evaluate the field-scale hydraulic conductivity of a 1 m thick clay liner underlain
by a free-draining layer of sandy gravel. The SDRI has a square outside ring that is 4 m by 4 m and an inside ring that is 1 m
by 1 m. The wall of the outer ring is embedded and sealed 0.45 m below the ground surface and the wall of the inner ring
is embedded and sealed 0.15 m below the ground surface. Water is poured into the infiltrometer to a height of 0.5 m above
the ground surface and the inner ring is capped. After a period of one week, during which the liner below the infiltrometer
becomes saturated and a steady-state flow develops, the daily volume of water flowing into the liner is 0.01 m? as measured
by a plastic bag connected to the sealed inside ring. The soil swells, and vertical movement measurements of the inside ring
indicate that this swelling amounts to 0.004 m? per day. Calculate the hydraulic conductivity of the liner.

Solution 7.16
The hydraulic conductivity of the clay layer for this test can be obtained by using equation 7.34:

vV,
_Y_Axt
k= i Ah,
Az
V,=V,—V,=001-0004=6x 10" m’
Ah =1.5m

t =1 day
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Az=1m
A=1m’
6x 1073
k= % — 4 % 1073 Wy = 4.62 x 10~° mm/ sec

1

Problem 7.17

A two-stage permeameter test is conducted to evaluate the vertical and horizontal hydraulic conductivity of a clay liner. In
stage 1, a 0.1 m diameter borehole is drilled to a depth of 0.35m. A 0.075 m inside diameter pipe is lowered to the bottom
of the open borehole and sealed to the walls of the borehole. A 10 mm inside diameter graduated tube is placed on top of
the 75 mm diameter pipe; then the pipe and the falling head permeameter fitted on top of it are saturated and the water seeps
through the liner.

After reaching a steady state, the following measurements are recorded. At time equal 0, the water is 0.6 m above the
ground surface. After 30 minutes of infiltration, the water has dropped to a height of 0.5 m above the ground surface. In stage
2, a 75 mm borehole is advanced 0.2 m below the bottom of the stage 1 borehole (0.55 m below surface). The falling head
permeameter test is repeated and the water level falls from 0.6 m above the ground surface at time equal O to 0.5 m above the
ground surface in 5 minutes. Calculate the vertical and horizontal hydraulic conductivity of the clay liner.

Solution 7.17

In the first stage, k; can be calculated using the following equation:

nd? h, 7 x 0.01? 0.6 6 4
kj=—————Ln—+ = Ln— =231 x 1070 m/yin = 3.33 x 1073 /gy
1Dt —1)  hy, 11x0.07530-0)" 0.5

k; = 3.85 x 107> mm/ sec

In the second stage, k, can be calculated using the following equation:

A h
with
L L\? 0.2 02 \?
A=d*> Ln| = 1+ (— =001 Ln| —— 1 — =1.70 x 107* m?
"\t +<D) "\oors Tt +<0.075> om
and . s
B=8L(t, —1,) (1 _ 0.562e—‘~57ﬁ) —8x02x(5—0) x (1 —0.562e—‘-57m) — 7.93 m. min
So
k= 2r o _ 170 x 10_4L 0.6 3.90 x 1076 mj, 5.61 x 1073 m, 6.49 x 107> mm/
= —In— = —Ln—— = ). X Mfnin = J. m = 0. mm/ SecC
278", 7.93 05 min @
k
2 =170
k

1

Based on Figure 7.47, m = ’;—h = V484 =22

ky=m x k; =22 %333 x 1072 =732 x 1072 m/j,y = 8.47 x 107> mm/ sec

k,  333x 1073
=L o 2T 151 % 1073 Mgy = 1.74 x 1075 mm/ sec

k =
' m 2.2
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Problem 7.18
Discuss the advantages and drawbacks of in situ tests versus laboratory tests.

Solution 7.18
The advantages and drawbacks of in situ tests versus laboratory tests are summarized in Table 7.3s.

Table 7.3s Advantages and Drawbacks of In Situ and Laboratory Tests

Laboratory Testing In Situ Testing
Advantages Drawbacks Advantages Drawbacks
Easier to analyze Difficult to analyze
theoretically theoretically
Small-scale testing Larger-scale testing
Drainage can be controlled Drainage difficult to
control
Time consuming Relatively fast to perform
Elementary parameters Elementary parameters
easier to obtain harder to obtain
In situ stresses must be ~ Testing under in situ
simulated stresses
Soil identification possible Soil identification rarely
possible
Some disturbance Less disturbance for some

tests




CHAPTER 8

Elements of Geophysics

8.1 GENERAL

Geophysics is an area of science dealing with the physics
of the Earth. In its broadest sense it includes seismology,
geodesy, atmospheric science, geomagnetometry, geother-
mometry, hydrology, oceanography, tectonophysics, geo-
dynamics, glaciology, petrophysics, mineral physics, and
exploration and engineering geophysics. This chapter is an
introduction to the last topic: exploration geophysics for civil
engineering applications. This exploration relies on a number
of nondestructive geophysics tests aimed at obtaining soil
and rock properties and soil and rock stratigraphy from the
surface. Borehole geophysics and remote sensing are also
parts of geophysical methods.

Geophysical methods include seismic techniques, grav-
ity techniques, magnetic techniques, electrical techniques,
electromagnetic techniques, borehole techniques, and remote
sensing techniques. Gravity and magnetic techniques are not
used very often in geotechnical engineering and thus are
not covered here. They essentially consist of measuring the
gravity field and the magnetic field to infer stratigraphy.
Geophysical techniques differ from geotechnical techniques
in that they tend to give average soil and rock properties of
large masses (many cubic meters) nondestructively, whereas
geotechnical techniques give soil and rock properties at a
much smaller scale (a few cubic decimeters) through me-
chanical testing. Geophysical methods are extremely useful
in geotechnical engineering because they allow the engineer
to infer the large-scale properties between sites of geotechni-
cal measurements and because some of them give parameters
that are directly useful in design. Engineering geology con-
tributes to the geotechnical engineering knowledge of a site
at an even larger scale.

8.2 SEISMIC TECHNIQUES

8.2.1 Seismic Waves

Seismic waves are waves of energy (particle motion) that
travel through soil, rock, or water. They may be created by

a natural event (for example, an earthquake) or an artificial
impact (as in seismic testing). Seismic waves propagate
because the disturbance created by a shock at a point A
influences the particles at point B next to point A, which
influence the particles at point C next to point B, and so on.
The disturbance in this case is the motion of particles. The
velocity of the particle is u and the velocity of the wave is v.
The particle shakes at a frequency f when the wave passes by
the particle location. After the wave has passed the particle
location, the particle stops shaking. If the wave propagation
in one direction is frozen at a given time, it shows a wave
crest followed by a wave trough, followed by a wave crest
and so on (Figure 8.1).

Waves are defined by a number of parameters. The wave
velocity v is the speed at which the particle motion is propa-
gated from one particle to the next. The particle velocity u is

Particle

movement, u ) )
» Particles shaking

—> Wave propagation velocity

—IAmplitude
> Distance, x

,,,,, t, e wave length —

Period =T fT=1
Frequency = f N =vT = v/f
Wave length =\ dx
Wave propagation velocity = v,, V=gt
Particle movement = u du
Particle velocity = v, Vo= TGt

Particle

movement, u

e Particles shaking

'-_V—I‘Amplitude
. ¥, Time, t

Y

< Period—>
Figure 8.1 Propagation of waves.
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the speed at which the particle is moving around its own lo-
cation. The wave amplitude, a, is the maximum displacement
of the particle from its equilibrium position. The period T of
a wave is the time between the arrival of two consecutive
crests (or troughs) at a given location. The wave frequency
f is the number of periods per unit time (frequency with
which the particle shakes). The wavelength X is the distance
between two adjacent crests (or troughs) at a given time.
The frequency is set by whatever creates the initial shock; the
wave speed is set by the medium through which it propagates.
The following relationships exist between these parameters:

f=1/T (8.1)
where f is the wave frequency and T is the wave period.
Ar=vT=v/f (8.2)

where A is the wave length and v is the wave velocity. For
sinusoidal waves, the displacement of a particle u () is linked
to time by:

u(x,t) =a(x,t)sin(kx &+ wt + ¢)
. (27
=a(x,t)sin (T (x £vr) + ¢> (8.3)

where u is the displacement of the particle, t the time, a the
amplitude of motion, and w the angular frequency. The phase
of a wave refers to the point in the cycle of a waveform,

measured as an angle:
¢ = ot (8.4)

The period T corresponds to a phase equal to 360 degrees
or 2m:
27 = T =w/f (8.5)

Two categories of waves are identified: body waves and
surface waves. Body waves propagate throughout the soil
mass, whereas surface waves propagate along the ground
surface. Body waves are of two types: compression waves
or longitudinal waves called P waves (primary waves or
pressure waves) and shear waves or transverse waves called
S waves (secondary waves or shear waves) (Figure 8.2). P
waves propagate by displacing a particle in the same direction
as the direction of wave propagation; S waves propagate by
displacing a particle perpendicular to the direction of wave
propagation. In air, P waves are called sound waves and prop-
agate at the speed of sound or v, = 330 m/s. In water they
propagate at v, = 1450 m/s; in ordinary concrete at about
4000 m/s; and in granite at up to v, = 6000 m/s. Table 8.1
gives some estimates of wave velocities in earth materials.

The wave speed is related to the ratio of a modulus over the
density of the material through which the wave propagates:

4
o fu_ K+§G: E v 5o
r P P p (L+v)(1—2v)

Compression

Dilation

(A): P-wave

(B): S-wave <:|

T
T
|

(C): Rayleigh wave

Figure 8.2 Propagation of seismic body waves and surface waves.

Table 8.1 Approximate Soil and Rock Wave Velocities

P-Wave S-Wave Density
Material Velocity (m/s) Velocity (m/s)  (kg/m?)
Organic soil 300-700 100-300  1400-1700
Dry sand/gravel ~ 400-1500 100-600  1500-1800
Saturated sand ~ 1000-2000 350-600  1900-2100
Saturated clay 1000-2000 200-600  2000-2200
Shale 2000-3500 700-1500 2100-2500
Marl 2000-3000 750-1500 2100-2600
Sandstone 2000-3500 800-1800 2100-2400
Chalk 2300-2600 1100-1300  2100-2600
Limestone 3500-6000  2000-3300 2400-2800
Granite 4500-6000  2500-3500 2500-2700
Water 1450-1500 — 1000
Ice 3400-3800 1700-1900 900
(After ASTM D7128.)

Where Vp is the P wave velocity; M, K, G, and E are
the constrained modulus, bulk modulus, shear modulus, and
Young’s modulus, respectively (see Chapter 12 on soil con-
stitutive models); and p is the mass density. Note that in
soils, these moduli correspond to a strain level associated
with the particle motion during the wave propagation. This
strain level is typically extremely small. The higher the ra-
tio in equation 8.6 is, the faster the wave propagates in the
material.



S waves propagate in solids more slowly than do P waves
(vg ~0.6 vp), so they arrive at the detector after the P waves:

|G

0
where G is the shear modulus (see Chapter 12) and p is the
mass density. For a homogeneous, isotropic, and elastic soil,

the P wave velocity v, and the S wave velocity v, are related
as follows:

(8.7)

(8.8)

where v is the Poisson’s ratio.

In soils, P waves propagate both through the soil skeleton
and through the water. S waves propagate through the soil
skeleton only, as water cannot transmit shear waves. In solv-
ing geotechnical engineering problems, knowing the stiffness
of the soil skeleton is often much more useful than knowing
the stiffness of the water or the combined skeleton and water;
therefore, shear waves are more useful than P waves in most
cases except when trying to detect the depth of the ground
water level.

Surface waves are also of two types: Rayleigh waves and
Love waves. A large earthquake can create surface waves
that travel around the Earth surface several times before
dissipating. Rayleigh waves, sometimes called ground rolls,
were discovered by Lord Rayleigh in the UK in 1885. Their
propagation is analogous to the propagation you see when
you drop a pebble into calm water. The wave displaces the
particle along an ellipse in a plane perpendicular to the surface
and in the direction of the wave as it passes through the soil.
Rayleigh waves are slower than body waves (v ~ 0.9 v).
A good approximation of vy is given by:
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where vp and v, are the Rayleigh wave and shear-wave
velocities respectively and v is the Poisson’s ratio. Rayleigh
waves have large amplitude, large wave length, and long
duration, and propagate further than shear waves and P
waves along the surface. Because their wave length is related
to the depth being affected by the waves, different frequencies
can be used to investigate the variation of soil properties with
depth. Love waves are slightly faster than Rayleigh waves,
and are named after Augustus Love in the UK who discovered
them in 1911.

8.2.2 Seismic Reflection

Waves will reflect back to the surface (Figure 8.3) anytime
they encounter a boundary separating two layers with a
contrast in acoustic impedance I,. Acoustic impedance is the
product of the density p and the wave speed v:

L=pv (8.10)

The higher the impedance contrast is, the better the chance
that it will be detected by seismic reflection. The acoustic
impedance ratio R is defined as the ratio of the acoustic
impedance of the lower layer over the acoustic impedance of
the upper layer.

Seismic reflection consists of sending seismic waves down
into the soil, receiving the reflected wave at a receiver, and
identifying the time that it takes for the wave to travel down
to the boundary and back to the surface (Figure 8.3).

The depth of the reflector or boundary is given by:

D= %\/ (vt)? — L2

where D is the depth of the boundary reflecting the wave,
t is the measured travel time of the wave, v is the wave
velocity, and L is the distance between the shock point and

8.11)

0.87 +1.12v the geophone. The shock wave is usually created by hitting the
VR = Vs T ilt+v (8.9) ground and the receivers are usually geophones (instruments
Seismic reflection geometry
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Figure 8.3 Seismic reflection test. (Courtesy of Timothy Bechtel, Enviroscan, Inc.)
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that measure velocity of the point where they are located).
The geophones are arranged in a line over a length related
to the width and depth of the soil or rock boundaries to
be tested. The distance between geophones is related to the
required horizontal resolution: the closer they are, the higher
the resolution is.

Seismic reflection typically makes use of P waves and has
the following characteristics. The depth to be studied should
be more than about 10m; indeed, at shallower depths the
surface waves arrive at about the same time as and with
larger amplitude than the reflecting waves, making it difficult
to distinguish them. At greater depths, the reflected waves
arrive after the surface waves and thus can be detected more
easily. Seismic reflection does not require a very long array
of geophones because the waves simply reflect back to the
surface. Nevertheless, seismic reflection tends to be 3 to 5
times more expensive than seismic refraction because the
inversion and interpretation are more complex. The vertical
resolution is between 5 and 10% of the depth, while the
horizontal resolution is about 50% of the geophone spacing.
The applications are the delineation of layer boundaries (such
as finding the depth to bedrock), the discovery of fractures and
faults, determination of water level, detection of cavities like
tunnels or sinkholes, and determination of elastic modulus
for soils and rocks.

8.2.3 Seismic Refraction

When a wave comes to a boundary with a distinct change
of acoustic impedance (see section 8.2.2), part of the wave
will be reflected (going back to the surface) and part of the
wave will be refracted (going through to the next layer).
The direction of the refracted wave will be at the angle of

refraction, which follows Snell’s law (Figure 8.4):

n; sin o; = n,sin o, (8.12)
where n; is the refractive index of the layer the wave is
leaving, «; is the incident angle between the wave direction
and the normal to the boundary between the two layers, n,
is the refractive index of the layer the wave is entering, and
o, is the refractive angle between the wave direction and
the normal to the two layers. Willebrord Snell was a Dutch
physicist who made this contribution in 1621.

The refractive index is the ratio between the wave ve-
locity in a reference medium and the wave velocity in the
soil considered. Therefore, for seismic wave propagation at
interfaces, Snell’s law becomes:

sin;  sina,

(8.13)

V1 Va

where v, is the wave velocity in the upper layer and v, the

wave velocity in the lower layer. Note that there is no change

in wave frequency as the wave enters the next layer, only a

change in wave direction, wave velocity, and wave length.
If v, is larger than v, there is an angle « such that:

sin 90°
V2

sinc,.

(8.14)
Vi

The angle « is the critical angle at which the refracted
wave propagates along the top of the second layer where the
velocity is higher (Figure 8.4). At any time, the critically
refracted wave that travels along the interface refracts back
into the upper layer and strikes a geophone on the surface

Seismic reflection geometry
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Figure 8.4 Seismic refraction test. (b: Courtesy of Timothy Bechtel, Enviroscan, Inc.)



which senses its arrival (Figure 8.4). The wave can travel
directly along the surface from the source to the geophone
or down to the lower layer and back to the surface. At the
beginning of the recording, the waves travelling directly in
the upper layer arrive first at a given geophone. After a
while, the refracted waves arrive at the geophone before the
reflected waves because the waves go faster in the lower layer
if the lower layer has higher impedance (stiffer). The time at
which this change occurs is called the crossover time ¢, and
corresponds to the cross-over distance x,. (Figure 8.5).

A plot of time of arrival versus distance between the detect-
ing geophone and the source (Figure 8.5) shows two lines.
The first is the arrival of the wave coming from direct pro-
pagation, which has a slope of 1/v;; the second line is the
arrival of the refracted wave, which has a slope of 1/v, (see
problem solutions in this chapter for derivations). The inter-
section of these two lines gives the crossover time t. and
crossover distance X.. The crossover time t, can be used to
obtain the depth of the lower layer:

tv, vV, =V
V1 2 1 (8.15)

where Z is the depth to the lower layer and V| and V, are the
velocities in the upper and lower layers, respectively. There-
fore, seismic refraction can give the velocities V, and V, from
the slope of the lines and the depth of the interface from ¢,.
Seismic refraction typically makes use of P waves and has
the following characteristics. The depth to be studied is typ-
ically up to 30 m; the length of the geophone array is on the
order of 4 to 5 times the depth of the boundary to be detected.
Although detection depths beyond 30 m are possible, they re-
quire very long geophone arrays and very large shock sources
for the wave to be detected far away. Seismic refraction
tends to be much less expensive than seismic reflection. The
vertical resolution is about 15% of the depth studied and the
horizontal resolution is about 50% of the geophone spacing.
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Figure 8.5 Interpreted signal from seismic refraction.
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Seismic refraction is used primarily for determining the
stratigraphy of soil layers, including depth to bedrock, as well
as wave propagation characteristics of the layers penetrated.
The critically refracted waves exist only if the soil or rock
becomes stiffer or denser with depth, which is the most
common case. However, a strong layer underlain by a weak
layer will not produce critically refracted waves. The seismic
refraction technique has been successfully applied to mapping
depth to base of backfilled quarries, landfills, thickness of
overburden, and the topography of groundwater.

8.2.4 Cross Hole Test, Seismic Cone Test, and Seismic
Dilatometer Test

The cross hole test (CHT; ASTM D4428) (Figure 8.6) requires
2 borings separated by a distance L. This distance varies, but
is typically between 3 to 6 m for geotechnical applications.
Geophones are placed in boring 2 while the impact generator
is placed in boring 1. Because shear waves isolate the behavior
of the soil skeleton, they are more useful in geotechnical
engineering than compression waves. Therefore, the source
in boring 1 is usually one that generates a shear wave; this
can be done by dropping an upper wedge on a lower wedge,
for example. The time ¢ required for the wave to travel from
boring 1 to boring 2 is recorded and the shear-wave velocity
is calculated as:

ve=1L/t (8.16)

The distance L between borings may vary with depth, as the
borings may not be perfectly parallel. For increased precision
of L, it is desirable to run inclinometers in the borings to
know the horizontal distance between borings at any depth
with more accuracy. After the first CHT test, the depth of the
source in boring 1 and the depth of the geophones in boring 2
are increased and the test is performed at each depth to obtain
a shear-wave velocity profile (Figure 8.7). It is often desirable
to use 3 borings, with the source in boring 1 and geophones in
borings 2 and 3, because measurement of the wave travel time
is easier to make in this case. The test can also be performed
with the seismic cone penetrometer test by creating the shear-
wave shock at the surface and recording the arrival of the
shear wave at the depth where the cone penetrometer point
(equipped with a geophone) is located. A similar test can be
performed with the seismic dilatometer test.

The downhole technique consists of inserting a long probe
with a source and a receiver on the same probe (Figure 8.8).
The probe is inflated so that the source and receiver are in
good contact with the wall of the borehole and the surround-
ing soil. With some probes, there is no direct contact; instead,
transmission of the wave takes places through the liquid-filled
borehole. The length of probe separating the source from the
receiver is very flexible so that the wave propagating through
the soil will arrive well before the one through the probe
does. The wave travelling through the probe is purposely
attenuated by the damping characteristic of that part
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Figure 8.7 Profile of shear-wave velocities from a cross hole test.

of the probe. This type of equipment is used primarily in
deep boreholes or for offshore investigations. This type of
equipment is also used in the oil well industry for electrical
resistivity logging, neutron logging, gamma logging, and
caliper logging.

8.2.5 Spectral Analysis of Surface Waves

The technique of spectral analysis of surface waves (SASW)
has evolved over the years, but it seems appropriate to give
credit to Ken Stokoe in the USA for a major part of its early
development during the 1970s (Stokoe, Joh, and Woods,
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Figure 8.8 Downhole seismic test. (Courtesy of the OYO
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2004). If the velocity of a wave travelling in a material
depends only on the physical properties of the material, then
the wave velocity is constant and independent of frequency.
Such a material is called a nondispersive material and waves
traveling through this medium will maintain a constant shape
(light propagates in a nondispersive and nondissipating way;
this is why it can propagate over astronomical distances).
This would be the case of a wave travelling in a soil that has
uniform properties independent of depth. However, almost
all soils have properties that vary with depth, because of
differences such as layering and variations in effective stress;
therefore, soils are dispersive materials. As a result, when
many waves with different frequencies travel through the
material, the wave train contains a lot of waves with individual
frequencies, and the shape of the wave train changes as the
wave travels. Some waves within the wave train travel faster
than the wave train (longer wave length) and die out as they
approach the leading edge. Some waves within the wave train
travel slower than the wave train (shorter wave length) and
die out as they approach the trailing edge.

The group velocity v, is the speed with which the wave
train or wave envelope propagates; it is the travel speed
of the energy carried by the wave. The phase velocity v,
in contrast, is the speed with which an individual wave of
the wave train travels. The phase velocity depends on the
frequency of the individual wave contributing to the overall
wave train. In the case of nondispersive material, vy and Vph
are the same and independent of frequency. In the case of
dispersive material like soil, v, and v, are different and v,
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depends on frequency. See http://physics.usask.ca/~hirose/
ep225/animation/dispersion/anim-dispersion.html or http://
paws.kettering.edu/~drussell/Demos/Dispersion/dispersion
.html for an animation of the difference between dispersive
and nondispersive waves and between group and phase
velocities.

The SASW makes use of Rayleigh waves because they
travel along the ground surface and because they attenuate
a lot less than body waves: 1/./r instead of 1/r2. In fact,
about two thirds of the seismic energy at shallow depth is
made of Rayleigh waves. The SASW takes advantage of
these concepts to link the frequency content of the wave
train to the shear-wave velocity profile of the soil at a site.
The high-frequency waves have short wave lengths and only
penetrate the shallow layers of the soil deposit (Figure 8.9).
Thus, they only give the shear-wave velocity of the shallow
layers. The low-frequency waves have long wave lengths
and penetrate much deeper in the soil deposit. Hence, they
give the shear-wave velocity of the deeper layers. In the
field, the test consists of placing receivers (geophones or
accelerometers) on the ground surface at regular intervals
away from where the shock is generated during the test. The
receivers are placed along a single radial path from the impact
location. These instruments measure the vertical movement
of the soil as the waves pass by. A first set of data is collected
at shallow depth by placing the receivers close to each other
(Figure 8.10), generating the shock (by hammer blow, weight
drop, explosive), and collecting the data at each receiver. A
second set of data is collected after repositioning the receivers
and doubling the distance between them to test the response
of deeper layers. A third set of data is collected after again
doubling that distance, and so on. This test is usually repeated
about 6 to 8 times to obtain a shear-wave velocity versus
depth profile. As the spacing between receivers increases,
the impact source must generate larger amplitude and lower
frequencies.

The data reduction involves the following sequence. First
the amplitude versus time signal of the wave train, recorded at
sequential receivers, is transformed from the time domain to

Rayleigh-wave Rayleigh-wave

Air vertical particle motion velocity, Vg
Layer 1 1 ~NRi T
- - - - -] - - N)\RZ _E
£ 2
Layer2| & 2
y 8 %
- [ )

a. Material b. Shorter c. Longer d. Field
profile wavelength,  wavelength, dispersion
AR1 AR2 curve

Figure 8.9 Principle of the SASW method. (Courtesy of Professor
Kenneth Stokoe, University of Texas, USA)
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Figure 8.11 Calculation of phase velocity for the SASW. (Courtesy of Professor Kenneth Stokoe,
University of Texas, USA.)

diagram is obtained from each phase versus frequency plot,
as the tester knows the frequency, the phase angle, and the
distance between receivers. The phase velocity v is obtained
from the distance s between receivers and the elapsed time
t, while the wave length A is obtained from the unwrapped
phase angle ¢. In simple terms, it consists of writing the
following equations:

the frequency domain by performing Fourier transformation
(Fourier 1822). The amplitude a versus frequency f plots
and the phase versus frequency plots are obtained in this
fashion (Figure 8.11). Then the phase angle versus frequency
diagram is transformed into an unwrapped phase angle ¢
versus frequency f diagram. This means that rather than
keeping the phase angle between 0 and 360 degrees, the
phase angle keeps increasing instead of being re-zeroed at

360 degrees. Then the phase velocity v versus wave length A T=1/f (8.17)



150
100

T T T T

[e)]
o o

|
a
o

—100 K
—150 |-

Phase angle, deg

1 1 ! )

200 400 600 800
Frequency, Hz

150 |-
100
50

Phase velocity, m/sec

—-50
—100 |
—150 |-

Phase angle, deg

100 200 300 400
Frequency, Hz

4m

150 H
100
50

—50 H
—100
—150 -

Phase angle, deg

8m

1 1 1
100 200
Frequency, Hz

150 -
100 -
50

-50
—100
—150

D = 16m

Phase angle, deg

1 1 1 )

20 40 60 80 100
Frequency, Hz

150
100
50
s D = 32m
-100
-150

Phase angle, deg

o

10 50
Frequency, Hz

150
100

|
o a
o O o

—100
—150

Phase angle, deg

1 1 1
10 15 20 25
Frequency, Hz

Figure 8.12

8.2 SEISMIC TECHNIQUES 159

800 —

600

400

200

Determination of a dispersion curve and shear-wave

Composite
experimental dispersion curve
1 11 11 II 1 1 ). 1 11| II 1 1 1 1111 || 1 1
3 4567 2 34567 2 3 4567 2 8
1 10 100
Wavelerigth, m
Inversion
.~ analysis

; Shear wave velocity, m/sec :

E 0 200 400 600 800 E

: 0 l l | 1

i i
s s

i i

i i

! i

i 10 !

: E :

P £ :

[ - 1

[T :

: [a] ]

! 15 — i

! i

| e

! 20 — !

i 1
P25 !

i i

velocity for the SASW.

(Courtesy of Professor Kenneth Stokoe, University of Texas, USA.)

More generally:

t=¢/2xf (8.18)
But
v=M =5/t (8.19)
Therefore,
A =2ms/p (8.20)

where T is the period of the wave, f is the frequency, t is the
time elapsed between the arrival of the wave at the first and
second receivers, ¢ is the phase difference between the first
and second receivers, v is the phase velocity, X is the wave

length, and s is the distance between the two receivers. This
indicates that when the phase ¢ is known, the wave length A
can be calculated. The plot of phase velocity v versus wave
length A is the dispersion curve for a given receiver spacing
(Figure 8.11). This procedure is repeated for all receiver
spacings and the individual dispersion curves for each
spacing are assembled into a single composite dispersion
curve (Figure 8.12). Once the composite dispersion curve
is generated for the site, an iterative forward modeling
procedure or an inversion analysis algorithm is used to
determine a shear-wave velocity profile by matching the field
dispersion curve with the theoretically determined dispersion
curve (Figure 8.9).
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8.3 ELECTRICAL RESISTIVITY TECHNIQUES
8.3.1 Background on Electricity

Electricity is related to the organized movement of electrons
(electronic conduction) or of ions (electrolytic conduction)
in a medium. Electricity in metals, for example, is electronic
conduction; in wet soils or human flesh, it is electrolytic
conduction. Metals often have electrons that can be moved
when subjected to a potential difference. Electrolytes (e.g.,
fluids) contain atoms that either have more protons than
electrons or more electrons than protons. These atoms are
charged and are called ions. When subjected to a potential
difference, the positive ions move in one direction and the
negative ions move in the opposite direction. The speed of this
movement of electrons or ions is very low, but because the
material is full of electrons or ions, when the first one moves
the last one also begins moving almost immediately. Under
an alternating current, the electrons or ions shake in place,
but again the ones far away shake as well, as the shaking is
transmitted very quickly because the material is packed with
electrons or ions ready to move. In soils, the main conduction
is electrolytic, although electronic conduction can also occur
(e.g., iron ore). The amount of readily moving electrons or
ions is called the electric charge Q. The current I is the amount
of charge passing at a location per unit of time. Voltage or
potential relates to the difference in energy per unit charge
between two points. In simple terms, the electrons or ions are
pushing to go from one place to another and the difference
in “pressure” is the voltage or potential. The resistance R is
the resistance to flow of the electrons or ions and depends on
how strongly the electrons or ions are bound. The power P is
the rate of energy consumed per unit of time. If an analogy is
drawn to hydraulics, Q would be the volume of water, V would
be the difference in pressure between two points, I would be
the flow rate, and R would be a constriction in the pipe.

I=Q/t (8.21)
V =E/Q (8.22)
R=V/I (8.23)
P=E/t=VI (8.24)

where I is the current (amperes), Q the charge (coulombs), t
the time (seconds), V the voltage (volts), E the energy (joules),
R the resistance (ohms), and P the power (watts). When elec-
tricity goes through a wire, the resistance can be written as:

R = pL/A (8.25)

where p is the resistivity (ohm.m), A is the cross-sectional
area of the wire, and L the length of the wire. The resistivity
p and its inverse, the conductivity (o = 1/p), are properties
of the material and independent of the dimensions. A low
resistivity means very little resistance to an electrical current.
Although soil and rock deposits are not wires, they also have

Table 8.2 Example Values of Resistivity p for Soils and
Rocks

Low Value  High Value

Soil or Rock (ohm.m) (ohm.m)
Groundwater 1 200
Seawater 0.2 1
Sea ice 20 1000
Permafrost 500 10,000
Intact igneous and 1000 100,000

metamorphic rocks
Weathered igneous and 1 1000

metamorphic rocks
Porous limestone 50 2000
Dense limestone 1000 100,000
Sandstone 50 5000
Shale 5 2000
Clay and silt 2 100
Sand 50 2000
Gravel 400 10,000

resistivity values; Table 8.2 gives some of those values. The
range is due in part to the significant influence of the water
content in the soil or rock. Water has a very low resistivity,
and a saturated soil will have a much lower resistivity than
the same soil in the dry state. Porosity, degree of saturation,
cation exchange capacity, temperature, and concentration
of dissolved salts are other parameters that influence the
resistivity of a soil.

8.3.2 Resistivity Tomography

Figure 8.13 shows two electrodes placed at the surface of a
homogeneous soil deposit. The current flows from electrode
B to electrode A along the electrical flow lines. Perpendicular
to the flow lines are the electrical equipotential lines.
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Figure 8.13 Current lines and equipotential lines for an electrical
resistivity test in a homogeneous soil deposit. (From Herman, 2001,
Courtesy of American Association of Physics Teachers.)



These two sets of lines are the graphical solution to the
Poisson’s differential equation that governs electrical flow in
a homogeneous material.

d*v  d*v

N N ’v
dx?  dy*  dZ?

-0 (8.26)

where V is the voltage or potential and X, y, z are the
Cartesian coordinates in three dimensions. In simple terms,
from Eqgs. 8.23 and 8.25 comes:

AV A

=2 _RK 8.27
Py a3 (8.27)

where AV/I is the resistance R, and A/L is the geometry
coefficient K. The general solution to Eq. 8.26 depends on the
placement of the electrodes and on the material in which they
are placed, but the general form of Eq. 8.27 is maintained as:

AV
pa=—K (8.28)
1

In the field, electrodes can be placed on the ground surface
in a line, as shown in Figure 8.14. In this case, Eq. 8.28
becomes:

AV 2
Pa =771 1 1

(rl r2> <r3 r4>
where AV is the difference of potential or voltage between
the potential electrodes; I is the current existing between
the current electrodes; and r|, 1,, 13, and 1, are the distances
between electrodes as shown in Figure 8.14. Different arrays
have been proposed to optimize the arrangement of the
electrodes. For the Wenner array shown in Figure 8.15, the
geometric factor K becomes 2wa where a is the distance
between electrodes. Other electrode spacings are being used
in practice, such as the Schlumberger array and the dipole-
dipole array. The best arrays for a field survey depend on
the subsurface feature to be mapped, the sensitivity of the
resistivity meter, and the background noise.

If the soil is made of two layers, with the lower layer
having a lower electrical resistivity than the top layer, then
the flow lines and equipotential lines are affected as shown
in Figure 8.16. Furthermore, the resistivity obtained from the
measurements is an equivalent or apparent electrical resistiv-
ity, as both layers are involved in the electrical response to the
potential difference. The field test is generalized and many
electrodes are placed on the ground surface at regular inter-
vals. Alternatively, measurements may be made by using two
electrodes as current electrodes and many others as potential
electrodes. A mathematical inversion process is then used to
back-calculate the electrical resistivity map that best fits the
series of measurements. Such electrical resistivity maps are
used for geotechnical engineering issues such as stratigraphy
mapping, finding the depth of the water table, inferring the
presence of leachates, and determining the depth of a landfill,

(8.29)
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Figure 8.14 Current and potential electrodes placement. (Bottom:
After Cardimona, 1993.)

the presence of cavities, and the depth of bedrock. The depth
of investigation for resistivity tomography is about 20% of
the length of the string of electrodes placed on the ground.

8.4 ELECTROMAGNETIC METHODS

8.4.1 Electromagnetic Waves

There are basically two main types of waves: mechanical
waves and electromagnetic waves. Mechanical waves can
only propagate through a material; they cannot propagate in
vacuum. Seismic waves are mechanical waves. Electromag-
netic waves can propagate in both a material and a vacuum.
Light is one example of an electromagnetic wave. You can
create an electromagnetic wave by shaking an electron; the
electron will create a wave that propagates as ripples across
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Figure 8.16 Current lines and equipotential lines for an electrical
resistivity test in a two-layer soil deposit; the deeper layer has a
lower resistivity than the top layer. (From Herman, 2001, Courtesy
of American Association of Physics Teachers.)

the vacuum of space. When you shake the electron, the elec-
tromagnetic wave propagates as a transverse wave, a wave
where the motion is perpendicular to the direction of propa-
gation. What moves is a photon described as an electric field
in the vertical direction and a magnetic field in the horizontal
direction. Photons represent bundles of energy that can be
equally considered as particles with zero mass or waves.
The elements of wave propagation described for seismic
waves in section 8.2.1 (period, frequency, wave length, wave
speed) also apply to electromagnetic waves. The speed of
propagation of an electromagnetic wave is the speed of
light. In a vacuum, that speed is approximately 300,000 km/s,
which represents an accepted upper speed limit for our uni-
verse. The wave length A of electromagnetic waves varies
significantly from one end to the other of the spectrum
(Figure 8.17). Radio waves (A = 3000 to 0.3 m) are used
in broadcasting, microwaves (A = 0.3to3 x 107 m) are

used to heat food and in communications, infrared light
(A=3x10"%t04 x 107"m) is used for night vision and
muscle therapy, visible light (A =4 x 1077 to 7 x 10~ "m)
is a very small range of the electromagnetic wave length
spectrum, ultraviolet light (7 x 1077 to 3 x 10™m) is used
to detect forgery of paintings and in tanning salons, X-rays
(A=3x10"t03 x 107"'m) are used to see through the
human body and through sampling tubes, and gamma rays
(A =3 x 107" to 3 x 1073 m) are used to kill cancer cells
in the human body.

8.4.2 Ground-Penetrating Radar

Ground-penetrating radar (GPR) uses electromagnetic waves
in the radio-to-microwave range to penetrate the soil and give
an image of the subsurface. The waves are generated by a
source antenna that is in contact with the ground surface; the
waves propagate in the soil, reflect from anomalies such as
layer interfaces, cavities, and buried objects, and travel back
to the surface where they are detected by a receiver antenna
that is also in contact with the ground surface. Antennas are
devices that transform electric current into electromagnetic
waves and vice versa. Figure 8.18 shows a GPR test and a
typical result. Note that the travel time from source to receiver
is extremely short: Electromagnetic waves travel extremely
fast, so this time is measured in nanoseconds. The electromag-
netic waves are reflected any time they encounter a boundary
between two materials with different dielectric constants. A
dielectric material is a poor conductor of electricity and the
dielectric constant is a measure of this property. Materials
with relatively low dielectric constants, like air, glass, and
ceramic, are good electric insulators. Materials with relatively
high dielectric constants, like metal oxides, are good electric
conductors. Soils having high electrical conductivity rapidly
attenuate radar energy.

The depth of penetration of the GPR varies significantly
depending on the soil type and on the frequency of the wave
generated. The frequency used in GPR testing varies from as
low as 20 MHz to as high as 2000 MHz. The user is often
faced with a compromise between using a low frequency
to penetrate deeply and a high frequency to obtain good
definition. Indeed, as with mechanical waves, long wave
lengths lead to deeper penetration, but short wave lengths
lead to more precise definition of the objects encountered.
Regarding the soil type, GPR works best in dry sand and
gravel, where depths of tens of meters are possible with low-
frequency antennas. However, in wet clays and saline soils
the penetration is less than one meter. Figure 8.19 is a map of
potential penetration with GPR in the USA. GPR is used for
detecting pipes, tunnels, cavities, and unexploded ordinance,
among other things.

8.4.3 Time Domain Reflectometry

Time domain reflectometry (TDR) makes use of the propaga-
tion of an electromagnetic wave in a cable. It was first used to
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Figure 8.17 Electromagnetic wave length spectrum.

Figure 8.18 GPR testing and results. (Courtesy of Dig Smart of Maine)

find breaks in cables by measuring the travel time of the wave
to the defect and back and using the travel speed to find out
where the cable break was located. Although an electromag-
netic wave travels at the speed of light in a vacuum, it travels
at only at a fraction of that value in a cable. Nevertheless,
the time measurements must still be in nanoseconds or even

picoseconds. TDR was extended to soil water content and
soil density measurements by using two rods pushed into the
soil surface (Figure 8.20).

Materials are classified as conductors or insulators, also
called dielectric, depending on their ability to conduct elec-
tricity. The dielectric permittivity & of a soil is a measure
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Figure 8.19 Suitability map for GPR testing. (Courtesy of NRCS [National Resources Conser-
vation Services]).

Figure 8.20 Example of time domain reflectometry field probe. (Courtesy of Professor Vincent

Drnevich, Purdue University)

of how fast an electromagnetic wave propagates through the
soil:
& = (c/v)2 (8.30)

where ¢ and v are the velocity of the electromagnetic wave
in the soil and in a vacuum (300,000 km/s) respectively. If a

rod is embedded in a soil mass, the velocity of the electro-
magnetic wave propagating in the rod will be affected by the
permittivity of the soil surrounding the rod. This velocity can
be obtained by measuring the length of the rods embedded in
the soil and the time required for the wave to travel down the
rod and back; the soil dielectric permittivity can be obtained
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Image generated with LIDAR

Figure 8.21 Example of LIDAR instrument and result: (a) LIDAR instrument. (b) Image
generated with LIDAR. (Courtesy of Professor Robert Warden, Texas A&M University)

from this measurement by use of equation 8.30. For example,
adry soil has a dielectric permittivity value of around 4, moist
soils around 30, water about 80, and air close to 1. So water
impacts the dielectric permittivity significantly, and testers
take advantage of this fact to relate soil dielectric permittivity
to the soil water content. Calibrations are necessary to obtain
the best correlation equation. This technique is used to ob-
taining the soil density as well as the soil water content. Such
measurements are particularly useful on compaction projects,
such as the field performance of landfill covers.

8.5 REMOTE SENSING TECHNIQUES

8.5.1 LIDAR

LIDAR stands for light detection and ranging and is
sometimes called laser radar. The LIDAR test consists of
sending a laser (light amplification by stimulated emission of
radiation) beam of electromagnetic waves (infrared, visible,
ultraviolet) at an object and detecting the time required
for that beam to reflect from the object and come back to
the LIDAR receiver. The beam is sent in a series of wave
pulses at a very high frequency. Because the beam travels
at the speed of light in air (close to 300,000 km/s), the time
involved is measured in nanoseconds or picoseconds. These
very short times can be measured with instruments such as
optoelectronic streak cameras. Knowing the time of flight
and the speed of the wave, the tester can back-calculate the
distance. LIDAR works like a camera, as it sweeps through
the landscape it is aimed at and records the distance of all
objects it is “seeing.” The exact location of the instrument
is obtained through the global positioning system (GPS),
and the distances measured can be connected to elevations
and coordinates. The result of a LIDAR test is a three-
dimensional image of the landscape swept by the LIDAR
equipment in which all points recorded are documented
with coordinates.

LIDAR uses short wavelengths of the electromagnetic
spectrum, typically in the ultraviolet, visible, or near-infrared
range. This allows the LIDAR equipment to define objects
within a few millimeters (or at least centimeters), as it is
possible to image a feature or object only about the same
size as the wavelength, or larger. This makes it difficult for
LIDAR to see through aerosol, rain, snow, mist, fog, and
smoke; LIDAR works best when the sky is clear without
clouds, rain, or haze, and functions equally well day or night.

For applications from the ground, a LIDAR system
(Figure 8.21) is composed of a laser scanning system and
a global positioning system. GPS. A GPS is a space-based
global navigation satellite system (GNSS) that provides
reliable location and time information in all weather, at all
times, and anywhere on or near the Earth when and where
there is an unobstructed line of sight to four or more GPS
satellites. It was established in 1973 by the United States
government, which maintains it, and is freely accessible to
anyone with a GPS receiver.

In addition, for LIDAR used from an airplane (airborne
LIDAR), an inertial measuring unit (IMU) is required to take
into account the speed of the airplane when calculating the
coordinates of the points recorded. An IMU is an electronic
device that measures the airplane’s velocity and orientation
using a combination of accelerometers and gyroscopes.

8.5.2 Satellite Imaging

Satellite imaging, also known as radar satellite, is based on
the same principle as LIDAR but gives a picture of a much
larger area than LIDAR. LIDAR is more applicable to smaller
areas, whereas satellite imaging is more applicable to larger
areas (Figure 8.22). For example, if the problem is to record
the site contours of a levee breach after a flood, LIDAR is more
applicable; if the problem is to record the subsidence over
time of a large city due to water pumping, satellite imaging is
faster and less time-consuming. The satellite imaging system
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Figure 8.22 Example of satellite imaging results. (a) Houton subsidence. (b) Mexico City
subsidence. (a: Courtesy of USGS. b: The ESA Envisat ASAR data is made available through the
GEO Geohazards Supersite.)

requires the following parts: the optical system in the satellite, the ground analysis and postprocessor. Satellite imaging is
which views the area targeted; the internal processor, which about as precise as LIDAR. Google Earth is a system based
collects and stores the data; the data transiting system; and on satellite imaging.

PROBLEMS

8.1 Explain the difference between wave velocity and particle velocity.
8.2 If the shear-wave velocity in a soil is 250 m/s and the unit weight is 20 kN/m?, what is the small-strain shear modulus of
that soil?
8.3 If sound propagates in water at 5702 km/h, what is the constrained modulus of elasticity of water?
8.4 If sound propagates at 22000 km/h in steel, how long does it take for the wave to propagate down to the bottom of a 30 m
long H pile, and what is the modulus of elasticity of steel? (Density of steel is 7850 kg/m? and the Poisson’s ratio is 0.3.)
8.5 A wave has a wave length of 600 nm and a frequency of 5 x 10'* Hz. What kind of wave is it?
8.6 What is the difference in particle motion between a shear wave and a Rayleigh wave?
8.7 Explain the difference between seismic reflection and seismic refraction techniques.
8.8 Derive the crossover time equation for seismic refraction.
8.9 What is a dispersion curve?
8.10 Describe the basic concept of the SASW technique.
8.11 Describe the basic concept of the electrical tomography technique.
8.12 What is an electromagnetic wave, and what are its main properties?
8.13 Describe the basic concept of the GPR.
8.14 Describe the basic concept of the TDR.
8.15 Describe the basic concept of LIDAR.

Problems and Solutions

Problem 8.1

Explain the difference between wave velocity and particle velocity.

Solution 8.1

The wave velocity v is the speed at which the particle motion is propagated from one particle to the next. The particle velocity
u is the speed at which the particle is moving around its own location.
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Problem 8.2

If the shear-wave velocity in a soil is 250 m/s and the unit weight is 20 kN/m?, what is the small-strain shear modulus of that
soil?

Solution 8.2
y =20kN/m® = pg = p x 9.81 m/s>
20000 N/m?
_ 20000N/m™ _ 59 K&
9.81 m/s? m3
G = p x v} = 2039 x 250> = 127 MPa
Problem 8.3

If sound propagates in water at 5702 km/h, what is the constrained modulus of elasticity of water?

Solution 8.3
k 1000
v = 57022 — 5700—— 1 _ 15840
p hr 3600 sec s
4
K+§G
Vp - 1) =K = sz,O
water - G =0
m
v, =1584 —
s N
K =251 x 10° — =2.51 GPa
kg m
p = 1000 —
m
Problem 8.4

If sound propagates at 22000 km/h in steel, how long does it take for the wave to propagate down to the bottom of a 30 m
long H pile, and what is the modulus of elasticity of steel? (Density of steel is 7850 kg/m? and the Poisson’s ratio is 0.3.)

Solution 8.4
k 1000

y = 22000 2 = 22000 ——— = 6111 —

P hr 3600 sec S L 30 -3

=—=——=491 x 10" sec
% 6111
Pile Length L = 30 m
E  (1—v) , (1+v)(1—2v)

= _ E = _

K \/p C+na-20 71—y

m
=6111 —
vy S

(1+03)(1-2x03)

N
v=0.3 E = 6111% x 7850 =E =217 x 10" — =217 GPa
(1-0.3) m2

kg
p = 7850 -
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Problem 8.5

A wave has a wave length of 600 nm and a frequency of 5 x 10'* Hz. What kind of wave is it?

Solution 8.5
Using the fundamental equation A = v/f, the velocity of the wave is:

v=Ax f=(600x107%) x (5 x 10") =3 x 108 m/s

3 x 10% m/s is the speed of light. Therefore the wave is an electromagnetic wave.

Problem 8.6
What is the difference in particle motion between a shear wave and a Rayleigh wave?

Solution 8.6

In shear waves, the wave displaces the particle along a line perpendicular to the direction of the wave. In Rayleigh waves,
which are surface waves, the wave displaces the particle along an ellipse in a plane that is in the direction of the wave and
perpendicular to the surface.

Problem 8.7

Explain the difference between seismic reflection and seismic refraction techniques.

Solution 8.7

Seismic reflection consists of sending seismic waves down into the soil, receiving the reflected wave at a receiver, and
identifying the time that it took for the wave to travel down to the boundary and back to the surface. It typically makes use of
P waves.

Seismic refraction involves measuring the travel time of the component of seismic energy that travels down to the top of a
layer boundary, is refracted along that boundary, and returns to the surface as a reflected wave. Seismic refraction typically
makes use of P waves.

Problem 8.8

Derive the crossover time equation for seismic refraction.

Solution 8.8
af X
l‘l = — = —
Vi Vi
ac cd df
Vi V2oV
Here, ac = E =
cos o,
and ¢d = X —2Z tana,
Therefore,
- 2Z X —-2Ztana,  2Z 2Ztana, X
2 Vi cosa, V, ~ V,cos o, V, V,
1 tan o, X V, — V, sin VA
=ZZ( - Ol‘)+—=22<271“c>+—
Vl COS O!c V2 V2 Vl V2 COS C(C V2
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Figure 8.1s Illustration for seismic refraction test.

Based on Snell’s law,

. Vi
sino, = —,
Va
.2 Vi g
cosa, =4/ 1 —sin“a, =,/ 1 — A
2
V, — V2| V. Z V2 —Vv,? Z V2 —V,2 X
IZZZZ 2 1/2 +—=ZZ 2 ! —=2Z % +7
12 2

V. 2 V.
V,\2 2 V. 2
ViVy |1 — (—1> V,Vy2 |1 — <—1>

V2 VZ

Based on the definition of crossover time for seismic refraction,
t; =t, =t., meanwhile, X = X,

where . is the crossover time and x, is the crossover distance.

Therefore,
X, nz NAZCR n X,
v, ViV, vy
VVo+V,
X, =27V 2L
Vo=Vi
v VivVo =V,
t.V vV, -V,
and Z =<1 ¥z 1
2 4V
Problem 8.9

What is a dispersion curve?
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Solution 8.9

The plot of phase velocity v versus wave length A is the dispersion curve for a given receiver spacing. This plot is obtained for
all receivers at different spacing and the individual dispersion curves for each spacing are assembled into a single composite
dispersion curve. Once the composite dispersion curve is generated for the site, an iterative forward modeling procedure or an
inversion analysis algorithm is used to determine a shear-wave velocity versus depth profile by matching the field dispersion
curve with the theoretically determined dispersion curve.

Problem 8.10
Describe the basic concept of the SASW technique.

Solution 8.10

The spectral analysis of surface waves technique is based on the concept that if the velocity of a wave travelling in a
material depends only on the physical properties of the material, then the wave velocity is constant and independent of
frequency. Waves traveling through such nondispersive material will maintain a constant shape. This would be the case of
a wave travelling in a soil that had uniform properties independent of depth. However, soils have properties that vary with
depth because of differences such as layering and variations in effective stress; therefore, soils are dispersive materials. As a
result, when many waves with different frequencies travel through the material, the wave train contains a lot of waves with
individual frequencies, and the shape of the wave train changes as the wave travels. Some waves within the wave train travel
faster than the wave train (longer wave length) and die out as they approach the leading edge. Some waves within the wave
train are slower than the wave train (shorter wave length) and die out as they approach the trailing edge. SASW makes use
of Rayleigh waves because they travel along the ground surface and they attenuate a lot less than body waves. SASW links
the frequency content of the wave train to the shear-wave velocity profile of the soil at a site. In the field, the test consists
of placing receivers on the ground surface at regular intervals away from where the shock is generated during the test. The
receivers are placed along a single radial path from the impact location. These instruments measure the vertical movement
of the soil as the waves pass by. This procedure is repeated about 6 to 8 times to obtain a shear-wave velocity versus depth
profile.

Problem 8.11
Describe the basic concept of the electrical tomography technique.

Solution 8.11

Electrical tomography is a geophysical technique in which a current is passed between metal electrodes inserted into
the ground. For soils composed of different layers having different electrical resistivity, the resistivity obtained from
the measurements is an equivalent or apparent electrical resistivity, depending on the layers involved in the electrical
response to the potential difference. Because these measurements are made at different depths and in different directions, a
three-dimensional image of the site can be obtained through an inversion process.

Problem 8.12
What is an electromagnetic wave, and what are its main properties?

Solution 8.12

Electromagnetic waves can propagate in both a material and a vacuum. Light is one example of an electromagnetic wave.
You can create an electromagnetic wave by shaking an electron; the electron will create a wave that will propagate as ripples
across the vacuum of space. When you shake the electron, the electromagnetic wave propagates as a transverse wave, a wave
where the motion is perpendicular to the direction of propagation. What moves is an electric field in the vertical direction
and a magnetic field in the horizontal direction called a photon. Photons represent bundles of energy that can be equally
considered as particles with zero mass or waves.

Some of the properties are:

a. The direction of motion is perpendicular to the propagation of the wave.

b. The speed of propagation of an electromagnetic wave is the speed of light (300,000 km/s in vacuum)

c. The wave length A of electromagnetic waves varies significantly. For example, the radio waves used in broadcasting
have a wave length varying from 3000 to 0.3 m, the microwaves used to heat food have a wave length varying from 0.3
to 3 x 10~ *m, and the infrared light waves used for night vision and muscle therapy have a wave length varying from
3x107*to4 x 107 "m.
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Problem 8.13
Describe the basic concept of the GPR.

Solution 8.13

Ground-penetrating radar is a nondestructive geophysical method that uses electromagnetic waves in the microwave range to
penetrate the soil and give an image of the subsoil. The waves are generated by a source antenna in contact with the ground
surface; the waves propagate in the soil, reflect from anomalies such as layer interfaces, cavities, and buried objects; and
travel back to the surface, where they are detected by a receiver antenna also in contact with the ground surface. GPR can be
used in a variety of media, including soil, rock, ice, pavement, and structures. It can also be used to detect changes in material
properties and the presence of voids or cracks, among other things.

Problem 8.14
Describe the basic concept of the TDR.

Solution 8.14

Materials are classified as conductors or insulators, also called dielectric, depending on their ability to conduct electricity.
The dielectric permittivity ¢ of a soil is a measure of how fast an electromagnetic wave propagates through the soil:

&= (c/v)2 (see equation 8.30)

where c and v are the velocity of the electromagnetic wave in the soil and in a vacuum (300,000 km/s) respectively. If a rod is
embedded in a soil mass, the velocity of the electromagnetic wave propagating in the rod will be affected by the permittivity
of the soil surrounding the rod. This velocity can be obtained by measuring the length of the rods embedded in the soil and
the time required for the wave to travel down the rod and back; then the soil dielectric permittivity can be obtained from this
measurement. For example, a dry soil has a dielectric permittivity value of around 4, moist soils of around 30, water of about
80, and air close to 1. Obviously, water significantly affects the dielectric permittivity and advantage is taken of this fact to
relate soil dielectric permittivity to the soil water content. Calibrations are necessary to obtain the best correlation equation.
This technique is used to obtain the soil density as well as the soil water content. Such measurements are particularly useful
on compaction projects, such as the field performance of landfill covers.

Problem 8.15
Describe the basic concept of LIDAR.

Solution 8.15

LIDAR stands for light detection and ranging and is sometimes called laser radar. The LIDAR test consist of sending a laser
beam of electromagnetic waves (light) at an object and detecting the time required for that beam to reflect on the object and
come back to the LIDAR receiver. The beam is sent in a series of wave pulses at a very high frequency. Because the beam
travels at the speed of light in air (close to 300,000 km/s), the time involved is measured in nanoseconds or picoseconds. These
very short times can be measured with instruments such as optoelectronic streak cameras. Knowing the time of flight and
the speed of the wave, the distance can be back-calculated. LIDAR works like a camera as it sweeps through the landscape
it is aimed at and records the distance of all objects it is seeing. The result of a LIDAR test is a three-dimensional image of
the landscape swept by the LIDAR where all points recorded are documented with coordinates. LIDAR works equally well
during the daytime and during the night.




CHAPTER 9

Laboratory Tests

9.1 GENERAL

Laboratory testing, in situ testing, and geophysical testing
are the options a geotechnical engineer has to obtain the soil
information necessary for a geotechnical engineering project.
There are advantages and drawbacks to each one of these
options (see Table 6.1). Among the advantages of laboratory
tests are that they lend themselves to theoretical analysis,
that the boundary drainage conditions can be controlled, and
that the boundary loading conditions can also be controlled.
Some of the drawbacks are the small scale of such testing and
the influence of disturbance on the results. Many laboratory
tests are available, as shown in Figure 9.1. They are typically
classified in the following main categories:

1. Tests for index properties (e.g., water content, unit
weight, particle size, Atterberg limits)

2. Tests for deformation properties (e.g., consolidation,
triaxial, simple shear, resonant column)

3. Tests for strength properties (e.g., direct shear, uncon-
fined compression, triaxial, lab vane)

4. Tests for flow properties (e.g., constant head permeame-
ter, falling head permeameter, erosion tests)

In each category, one can also distinguish between static
tests and dynamic tests. The measurements made during
the tests include normal stress, shear stress, normal strain,
shear strain, displacements, water compression stress, water
tension stress, and air stress. The tests for index properties
were presented in Chapter 4. This chapter presents some
of the laboratory tests that are often used in practice. They
include the consolidation test, the direct shear test, the simple
shear test, the unconfined compression test, the triaxial test,
the resonant column test, the lab vane test, the constant head
permeameter test, the falling head permeameter test, and the
erosion function apparatus test.

9.2 MEASUREMENTS

9.2.1 Normal Stress or Pressure

In laboratory testing, measurements of normal stress
(Figure 9.2) are most often made by measuring the force and
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dividing by the area, although normal stress measurements
can also be made by using a pressure cell. The measurement
of force is done in a number of ways. The simplest way is to
add weights on a hanger, as in the classic consolidation test.
A proving ring is another device to measure force. It is a stiff
steel ring inserted between a jack and the sample; the proving
ring is deformed like a spring and the decrease in diameter
of the ring is measured using a dial gage. A dial gage is
made of a stem with indentations that make a wheel rotate
as the stem moves up and down; this wheel rotates a needle
on a graduated dial. Dial gages are precise down to a few
micrometers. A load cell is the most common way to measure
load; it consists of a deformable piece of steel (S shape
or cylindrical) instrumented with strain gages. The most
common and inexpensive are foil strain gages made of very
thin metal strips glued to a surface and connected with an
electrical circuit. A change in length of the strain gage created
by the deformation of the piece to which the strain gage is
glued induces a change in voltage, which is recorded. The
change in voltage is correlated with the change in strain of
the piece to which the strain gage is glued and therefore to the
change in stress and then the change in force. Measurements
of normal stress or pressure can also be made by using
pressure cells. Such cells are circular and have a metallic
membrane that deforms when it is in contact with the stressed
soil. The deflection of the membrane is measured with strain
gages glued to that membrane and related to the pressure
on the membrane. Alternatively, the pressure gage is filled
with a fluid and the pressure in the fluid is measured through
a diaphragm further away.

9.2.2 Shear Stress

The simplest way to measure shear stress is to measure the
shear force and divide by the corresponding area. This is
done in the direct shear test. Alternatively, the shear stress
can be measured by a shear stress transducer, an example
of which is shown in Figure 9.3. In this example, two thin
posts are equipped with strain gages to quantify the bending
of the posts when a shear force is applied to the top platen.
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Mechanical laboratory testing methods
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Figure 9.1 Laboratory tests. (From Mayne et al. 2009. Courtesy of Professor Paul Mayne,

Georgia Institute of Technology, USA.)

Calibration of the transducer links the readings from the strain
gages to the shear stress on the top platen.

9.2.3 Water Compression Stress

Water compression stress is also called pore water pressure.
It can be measured through a manometer or through a pore-
pressure transducer. A manometer or standpipe is simply a
pipe connected to the point where the water compression
stress is to be measured and open to the atmosphere at the
other end. The pressure in the water makes the water rise
in the manometer to the point of equilibrium. The water
compression stress is then calculated as the vertical distance
between the point of measurement and the water level in
the manometer times the unit weight of water. A pore-
pressure transducer measures the water pressure by letting
that pressure deflect a membrane. A porous tip made of
ceramic (Figure 9.4) is placed in contact with the soil where
the water is in compression. This porous tip, which is saturated
with de-aired water, allows water to come in but does not
allow air to come in. This is called a high air entry porous
stone. Behind the porous tip is a deformable body that
responds to the pressure in the water. This could be a thin
plate equipped with strain gages, although today it is most

commonly a piezoelectric crystal. These crystals have the
property of producing a voltage difference between the two
sides of the crystal when they are subjected to deformations.
So, by calibrating the crystal and measuring the voltage
difference across the two sides, one can obtain the pressure.

9.24

The tension stress in the water of a soil sample is generated
by the suction potential. Suction has two components: ma-
tric suction and osmotic suction. Sometimes osmotic suction
exists as a potential but is not realized as water tension (see
Chapter 11 for more on this). Water tension and suction
are usually measured in units of kPa, but sometimes water
tension and suction are measured using the pF unit. A pF
is defined as the decimal logarithm of the absolute value of
the water tension stress or suction expressed in centimeters
of water. For example, a water tension of —1000 kPa would
correspond to —10,000 cm of water or 4 pF. Table 9.1 gives
the equivalences for common values. The symbol pF reminds
us of the chemical unit of pH which refers to the potential
of hydrogen. The pF unit may be interpreted as the potential
of flow because the tension in the water would create flow if
water became available. Although the pF unit is not accepted

Water Tension Stress
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Figure 9.2 Devices to measure normal stress. (a) Dead weights. (b) Proving ring. (¢) Load cell
(S shape). (d) Load cell cylindrical. (e) Strain gages (foil). (f) Pressure cell. (a: Courtesy of
Humboldt Mfg. Co.. d: Courtesy of Mediscalel.)

by the International Society for Soil Mechanics and Geotech-
nical Engineering, it conveys the message that using the log
of the water tension is convenient.

Measuring water tension is not as easy as measuring water
compression. As a result, there are many different measure-
ment methods applicable to different ranges of water tension.
These methods include filter paper, psychrometer, tensiome-
ter, pressure plate apparatus, and salt solution equilibrium.
Note that some devices or methods are geared toward measur-
ing the natural water tension or suction in a sample, whereas
others are geared toward forcing the sample to reach a chosen

water tension. The second kind is often used to develop the
soil water retention curve, also called the soil water charac-
teristic curve, for a soil. Table 9.2 summarizes the range of
application of these devices or methods.

Filter Paper Method

The filter paper method is the simplest of all. It consists
of using a circular piece of filter paper (about 50 mm in
diameter), weighing it dry, placing it either in contact with
or above the soil sample, enclosing the filter paper and the
sample in a sealed container until the filter paper comes



Figure 9.3 Shear stress sensor. (Courtesy of Department of
Mechanical Engineering, University of Idaho, USA)
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Figure 9.4 Water compression stress transducer or pore-pressure
transducer. (Right: Courtesy of Bestech Australia provided, © 2010
Tokyo Sukki Kenkyujo Co., Ltd.)

into water tension equilibrium with the sample, retrieving
the filter paper, and weighing it to obtain its water content
(Bulut, Lytton, and Wray 2001). Because the soil sample is
much larger than the filter paper, the water content of the
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Table 9.1 Equivalency between kPa and pF Units

Water Tension in pF

Water Tension in kPa (log(cm of H,0))
—10 2
—100 3
—1000 4
—10000 5
—100000 6
—1000000 7

sample remains unaffected by the amount of moisture drawn
into the filter paper. The filter paper comes calibrated with a
curve linking the filter paper moisture content and the water
tension in the filter paper. Because the water tension is the
same in the filter paper and the sample, the water tension of
the sample is given in that fashion. Figure 9.5 shows the test
in progress and a calibration curve. If the filter paper is in
contact with the sample, the water drawn into the filter paper
has the same chemistry as the water in the sample; therefore,
the water tension due to osmotic suction is not distinguishable
and only the water tension due to matric suction is measured.
In contrast, if the filter paper is not in contact with the sample,
then the water in the filter paper is pure water, while the water
in the sample has its own chemistry. In this case the water
tension due to osmotic suction is realized in addition to the
matric suction and the water tension measured corresponds to
the total suction. Note that the part of the procedure dealing
with the weighing of the filter paper must be performed

Table 9.2 Methods to Measure Water Tension Stress or Suction

Device or Water Tension Natural Time
Method or Suction Range (kPa)  or SWRC" Required Comments ASTM
Filter paper Total Entire range ~ Natural 1 to2 weeks = May measure matric suction  D5298
if in good contact
Thermocouple Total 100 to 8000 Natural 1 to 2 hours Constant environment E337
psychrometer required
Chilled mirror Total 1000 to 8000  Natural 10 minutes Scatter at suction values less ~ D6836
psychrometer than 1000 kPa
Tensiometer Matric 0to 90 Natural 10 minutes Difficulties with cavitation D3404
and diffusion through
ceramic cup
Pressure plate Matric 0 to 1500 Natural or 1 to 5 days Difficulties with pressures D6836
SWRC" higher than 1500 kPa
Salt solution Total Entire range SWRC” 1to2 weeks  Mainly used for calibrating None

other devices

* . . . . .
Soil water retention curve; also called soil water characteristic curve.
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Figure 9.5 Filter paper method for water tension measurement. (a) Filter paper (matric suction
only). (b) Filter paper (total suction). (¢c) High-precision scale with hood. (d) A calibration curve.

(From Bulut et al., 2001. Courtesy of Dr. Bulut)

extremely carefully and quickly, as the weights involved
are very small and the relative humidity of the air in the
laboratory can influence the weight of the filter paper when it
is transferred from the sample chamber to the scale chamber.

Thermocouple Psychrometers

Thermocouple psychrometers (psykhros means “cold” in
Greek) can be used to give the total suction of a soil by
measuring the relative humidity in the air phase of the soil
pores or the region near the soil (Figure 9.6). They measure
the total suction because the evaporation process creates pure
water, while the water in the soil pores is not pure water.
Hence, the osmotic suction is realized. Psychrometers give
the relative humidity by measuring the difference in temper-
ature between a nonevaporating surface and an evaporating
surface. Imagine two thermometers, one with a dry bulb
and the other with a wet bulb. The dry-bulb thermometer

Ceramic
bulb

Teflon

filling Thermocouple

Chamber

Temperature
sensor

Figure 9.6 (a) Cross section of a thermocouple psychometer. (b)
Thermocouple psychometer. (b: Courtesy of Wescor-Elitechgroup.)

measures the ambient temperature, but the wet-bulb ther-
mometer measures a temperature lower than ambient because
the evaporation of the water on the bulb cools the bulb.
The thermometers can be replaced by transistors in transistor
psychrometers. If the air phase has a low relative humidity,
the evaporation is faster, the cooling process is high, and
the difference in temperature is larger. If the air phase has
a high relative humidity, little evaporation takes place, the
cooling process is limited, and the difference in temperature
is smaller. The difference in temperature given by the two
thermometers is related to the relative humidity, which in turn
is related to the water tension or total suction. In the pores
of a soil, there has to be a balance between the water tension
in the air phase and in the water phase. See Chapter 11 for
more details on these relationships. Because psychrometers
work on the basis of precise temperature measurements, any
exterior fluctuation in temperature will lead to poor preci-
sion. Therefore, psychrometers are not well suited for in situ
measurements, because of the daily temperature cycle. It also
takes a fair amount of time for equilibrium to be reached
between the psychrometer and the air in the soil pores.

Chilled Mirror Psychrometers

Chilled mirror psychrometers can be used to give the total
suction of a soil (Figure 9.7). Much like the thermocouple
psychrometers, they measure the relative humidity and then
relate the relative humidity to the suction. The relative humid-
ity in a chilled mirror psychrometer is obtained as follows:
The soil is inserted into a small chamber that is sealed off
from the outside air and has a mirror present. Facing the



Figure 9.7 Chilled mirror psychrometer. (Photo courtesy of
Decagon Devices, Inc.)

mirror is a camera able to detect when dew forms on the
mirror. The air in the chamber comes to relative humidity
equilibrium with the air in the soil sample. Then the mirror is
chilled down to the point where dew forms on the mirror and
the temperature of the mirror at that point is recorded. The
temperature of the soil is also recorded and the difference in
temperature between the mirror at the dew point and the soil is
related to the relative humidity in the soil. The suction is then
obtained through its relationship with the relative humidity
(see Chapter 11).

9.2 MEASUREMENTS 177

Tensiometers

Tensiometers can be used to measure the water tension or
matric suction in a soil (Figure 9.8). A tensiometer consists of
a high air entry porous ceramic tip (also called a ceramic cup)
that is saturated with water and placed in good contact with
the soil. In the tensiometer, the space behind the ceramic tip is
filled with de-aired water and connected with a negative pres-
sure measuring device. The stress slowly equalizes between
the water tension in the tensiometer and the water tension in
the soil pores. That tension is then measured either through
a water-mercury manometer, a Bourdon-vacuum tube, or an
electrical pressure transducer. The water tension that can be
measured in a tensiometer is limited to approximately nega-
tive 90 kPa (2.95 pF) due to the possibility of water cavitation
in the tensiometer above such a value.

Pressure Plate Apparatus (PPA)

The pressure plate apparatus (PPA) is a closed pressure
chamber that can be used to increase the air pressure in the
soil pores to the point where the air chases the water out of the
pores (Figure 9.9). The sample is placed in the chamber on a
high air entry ceramic disk. This disk, which is saturated with
water, has the property of letting water go through but not air,
up to a certain rated pressure, known as the air entry value
of the disk. The air pressure is increased and the stress in the
water is increased accordingly (decrease in tension). When
the water tension becomes equal to zero, the water comes out
and at that point, the air pressure is equal to the water tension.
This technique is called the axis translation technique because
it simply translates the origin of reference by applying an air
pressure equal to the water tension (Figure 9.10).

The PPA can be used to determine the natural water tension
or to generate a soil-water retention curve. If the soil sample
is placed at its natural water content in the PPA, the air
pressure that starts the water flow is the natural water tension.
If the soil specimen starts as a saturated sample and the air
pressure is increased in steps, each pressure step will drive
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Figure 9.8 Tensiometers. (a) Tensiometer with pressure-vacuum gage. (b) Types of tensiometers.
(c) Tensiometer with pressure transducer. (a: Courtesy of Envco Global. ¢: Courtesy of STEP

Systems GmbH, www.stepsystems.de)
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water out of the sample until equilibrium is reached, and
this will give the water tension corresponding to the water
content of the sample. This water content can be measured
separately by stopping the test or inferred from the water loss
read on the burette connected to the PPA. The air pressure
is increased in steps and each step gives the water tension
and the corresponding water content. The soil-water retention
curve (SWRC) is thus obtained. The range of application of
the PPA is from 0 to about 1500 kPa (4.17 pF).

Salt Solution Equilibrium (SSE)

Salt solution equilibrium (SSE) is a water tension measure-
ment technique which relies on the fact that salt solutions
have significant osmotic suction. As explained in Chapter 11,
osmotic suction comes from the fact that water molecules
are attracted to salt molecules: more salt, more attraction.
A closed chamber with a salt solution at its lower part
(Figure 9.11) will generate a certain relative humidity in the
air above it. The higher the salt concentration is, the lower
the relative humidity above the solution in the chamber will
be. If a soil sample is suspended in the air above the salt
solution, it will dry and the water tension in the soil sample
will come to equilibrium with the ambient relative humidity.
At equilibrium, the water tension is given by the relative
humidity in the air of the chamber. This relative humidity
depends on the salt concentration in the solution and can
be calculated from it (see Chapter 11). This relationship de-
pends on the type of salt, the molality, and the temperature.
Table 9.3 gives the osmotic suction for different salts and

Porcelain  Soil specimen

plate

Figure 9.11 Salt solution equilibrium containers for water tension determination.
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Table 9.3 Osmotic Suction in kPa of Some Salt Solutions at 25°C

Osmotic Suction in kPa at 25°C

Molality

(mol/kg) N,Cl1 KCl NH,Cl Na,SO, CaCl, Na,S,05 MgCl,
0.001 5 5 5 7 7 7 7
0.002 10 10 10 14 14 14 14
0.005 24 24 24 34 34 34 35
0.010 48 48 48 67 67 67 68
0.020 95 95 95 129 132 130 133
0.050 234 233 233 306 320 310 324
0.100 463 460 460 585 633 597 643
0.200 916 905 905 1115 1274 1148 1303
0.300 1370 1348 1348 1620 1946 1682 2000
0.400 1824 1789 1789 2108 2652 2206 2739
0.500 2283 2231 2231 2582 3396 2722 3523
0.600 2746 2674 2671 3045 4181 3234 4357
0.700 3214 3116 3113 3498 5008 3744 5244
0.800 3685 3562 3558 3944 5880 4254 6186
0.900 4159 4007 4002 4384 6799 4767 7187
1.000 4641 4452 4447 4820 7767 5285 8249
1.200 5616 5354 5343 N/A N/A N/A N/A
1.400 6615 6261 6247 N/A N/A N/A N/A
1.500 N/A N/A N/A 6998 13391 7994 14554
1.600 7631 7179 7155 N/A N/A N/A N/A
1.800 8683 8104 8076 N/A N/A N/A N/A
2.000 9757 9043 9003 9306 20457 11021 22682
2.500 12556 11440 11366 11901 29115 14489 32776

(After Bulut et al. 2001.)

different molalities. Molality, in this case, is the number of
moles of salt per kilogram of water. Note that in most cases,
molarity is different from molality because molarity is the
number of moles per liter of solvent.

The range of application for the SSE technique is very
wide, from O to close to 100,000 kPa (6 pF). It is also a very
inexpensive and very reliable technique. Hence, it is used as
areference to calibrate many other techniques. The drawback
is that it is quite time consuming: The time necessary for
equilibrium to be reached between the water tension in the
soil sample and the relative humidity in the surrounding air
can be a couple of weeks.

9.2.5 Normal Strain

A normal strain ¢ is defined in one direction as the change in
length Az divided by the initial length z between two points. A
normal strain is measured either by measuring a displacement
and a length (Az/z) or by using a strain gage (¢). Measure-
ments of length are done with a ruler or a set of calipers
(Figure 9.12). Displacements are measured with mechanical

devices such as dial gages (Figure 9.12) or electrical devices
such as LVDTs, DCDTs, and potentiometers.

A linear variable differential transformer (LVDT)
(Figure 9.13) has three solenoid coils arranged like three
side-by-side donuts. A small metallic rod is attached to
the point where the displacement is to be measured and
the solenoids are attached to an immobile reference point.
The small rod passes through the center of the three solenoids
without touching them. An alternating current through the
center solenoid creates a voltage in the side solenoids. The
movement of the metallic rod creates a change in voltage
that is linearly proportional to the movement of the rod.
The change in voltage is transformed into a displacement
measurement through calibration. A direct current differential
transformer (DCDT) is an LVDT in which the current
passing through the solenoids is a direct current instead of
an alternating current. A potentiometer or pot is a resistor
with three terminals. Two are fixed and one moves between
the two fixed terminals. By sliding the moving terminal, the
resistance offered by the potentiometer varies and so does the
voltage. The rod connected to the point where the movement
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Figure 9.12 Mechanical devices to measure displacement: (a) Calipers. (b) Dial gage.

is to be measured is tied to the sliding terminal. The change
in voltage induced by the movement of the rod is related to
the movement through calibration.

Strain gages are of two main types: foil strain gages and
vibrating wire strain gages. A foil gage is a thin sheet of metal
(copper-nickel alloy is common) with a pattern (Figure 9.14)
glued to the material that is deforming. Actually, a layer of
flexible insulating material is first glued to the deforming
material and then the foil gage is glued onto the insulator,
so that the current passing through the gage only travels
through the gage. When the material deforms, the foil length
changes and so does its resistance. The voltage changes
accordingly and the strain is related to the change in voltage
through calibration. Vibrating wire strain gages consist of two

Primary coil

ay

- Core —

[@m

Secondary coils

Figure 9.13 Linear variable differential transformers: (a) Princi-
ple. (b) Device.

. i

Figure 9.14 Foil and vibrating wire strain gages. (a) Foil strain
gage. (b) Model 4000 Vibrating Wire strain gage. (b: Courtesy of
Geokon, Inc.)

small anchor blocks solidly connected to the material that is
deforming. Between these two anchors is a high-tensile-
strength wire brought taut to a chosen initial load. Around
the wire is a cylinder that protects the wire and contains a
permanent magnet and a plucking coil. When the wire is
plucked, it vibrates at its natural frequency. If the material
deforms, the end blocks move and the natural frequency of
the vibrating wire changes. The change in natural frequency
of the wire is related to the normal strain by theory and
calibration.

9.2.6 Shear Strain

A shear strain y is defined for two perpendicular directions
(x and y as shown in Figure 9.15). When the shear strain
is small enough, the shear strain is equal to the change in
angle y expressed in radians between the two perpendicu-
lar directions due to the shearing process. Obtaining shear
strain is most easily done by measuring the normal strain in
two perpendicular directions (Figure 9.15). It can be shown
(Chapter 10) that the shear strain in this case is given by:

Yy = €1 — €2 9.1

9.2.7 Bender Elements

A bender element (Figure 9.16) is a small electromechanical
device used to generate or sense bending waves. It is made
of two thin piezoceramic plates glued together. Between the
two plates and on the outside of the two plates are conducting
surfaces. Because of the different polarizations of the two
plates, when a voltage is driven through the plates, one
shortens and the other lengthens; this forces the plates to
shake in bending. If the small plates are buried in the soil,

U

Figure 9.15 Getting shear strain from two normal strain gages.
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Figure 9.16 Bender elements: (a) Principle. (b) Device.

the repeated lateral motion of the plates generates a wave
that propagates in shear through the soil. This is the wave
generation function of a bender element. At the other end of
the sample, a similar bender element is also buried in the soil
and acts as a receiver. This receiver senses the arrival of the
shear wave because that wave forces the two plates to move
sideways. This bending movement shortens one and lengthens
the other; this alternating tension and compression creates an
electrical signal that can be measured. When the bender
element generates a shear wave, the wave travels through
the soil and reaches the bender element, which detects its
arrival. Knowing the length of travel (sample length) and the
time necessary for the wave to propagate from the generating
bender element to the receiving bender element, one can
calculate the shear-wave velocity v,. Theory on shear-wave
propagation in an elastic body tells us that the shear modulus
G of the soil from measurement of shear-wave velocity vg is
given by:

G = p (vg)? 9.2)

where p is the mass density of the soil sample. Note that the
shear modulus measured in this fashion is associated with

9.3 COMPACTION TEST: DRY UNIT WEIGHT
9.3.1 Saturated Soils

Most of the time, the soil in a compaction test is unsaturated.

9.3.2 Unsaturated Soils

The compaction test dates back to the work of Ralph Proctor,
an American civil engineer, in the early 1930s. Today, the test
is actually two tests: the Standard Proctor Compaction Test
(SPCT; ASTM D698) and the Modified Proctor Compaction
Test, (MPCT; ASTM D1557). Proctor developed the SPCT,
but in the late 1950s, as compaction machines became much
bigger than in the 1930s, the MPCT was developed to better
correspond to the higher energy generated by the larger roller
compactors. In both cases, the result of the test is the dry unit
weight y, vs. water content w curve (Figure 9.17).

The first step in the SPCT is to take a soil sample, dry it,
break the clumps of soil down to individual particles (e.g.,
with a mortar and rubber-tip pestle), and measure its weight
W,. Then, calculate the weight of water W, that must be
added to the dry soil sample to reach a chosen water content w:

very small shear strains. W, =wW, (9.3)
20
o
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Figure 9.17

Water content w (%)

Compaction curve.
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Figure 9.18 Compaction equipment and test: (a) Compaction mold. (b) Compaction test.
(c) Compaction hammer. (a and c: Courtesy of Forney LP, Hermitage, PA.)

Add the water to the soil and mix thoroughly. Weigh the
empty compaction mold to be used for the test. Using the
prepared soil mixture, place a first layer in the compaction
mold (Figure 9.18) and compact that layer of loose soil by
dropping a standard compaction hammer a standard number
of times. The blows should be distributed evenly across the
soil layer to reach uniform compaction. Repeat this process
for all layers and aim for the last layer to coincide with the
top of the mold. Two mold sizes are used; Table 9.4 gives
the detailed requirements. At the end, weigh the mold plus
soil and calculate the soil weight W,. The dry unit weight is
obtained by:

Wt

= viw (9.4)

Ya

where y4 is the dry unit weight, W, is the total weight
of the soil sample in the mold, V; is the total volume of
the sample, and w is the water content of the sample. The
combination of y4 and w gives one point on the compaction
curve. By repeating the SPCT for different water contents, the
compaction curve is described point by point (Figure 9.17).
Note that this curve has a well-defined bell shape because

Table 9.4 Compaction Requirements for Standard
Proctor Compaction Test

152 mm diameter
116 mm high mold

102 mm diameter
116 mm high mold

3 soil layers
25 blows per soil layer
Hammer weight 24.5N

3 soil layers
56 blows per soil layer
Hammer weight 24.5N

Hammer drop height 305 mm Hammer drop height 305 mm

Volume 21.2 x 10~* m?
Total energy 600 kN.m/m?

Volume 9.43 x 10~ m?
Total energy 600 kN.m/m?

the vertical scale is concentrated around the range of values
within which the dry unit weight varies. If the same curve is
plotted at the full scale of the unit weight, the curve still has
a bell shape but shows that the dry unit weight is not very
sensitive to the water content.

The reason for this bell curve is that at point A on
Figure 9.17 the soil is relatively dry and it is difficult for
a given compaction energy to bring the particles closer to-
gether. At point B the water content is such that water tension
exists between the particles and hinders the effectiveness of
the compaction process. At point C, the water tension loses
its effect and the primary role of the water is to lubricate
the contacts between particles, thereby allowing the given
compaction effort to reach a low void ratio and a high dry
density. At point D the soil is nearing saturation and the
added water simply increases the volume of the voids, which
negates the benefit of the compaction.

The compaction curve is bounded on the right side by the
saturation line for a degree of saturation equal to 1. Indeed,
the relationship between the dry unit weight y,; and the water
content w is a function of the degree of saturation:

SGyvw
= 9.5
Ve S+Gw ©-5)
This relationship can be demonstrated as follows:
Y = W _ 7Y% _ G _ SGin
== = = =
VS VV VS
SG, Y SGyvw
= = 9.6
Vo WaWe ~ S+ Gow o0
WW WS VS

Equation 9.6 shows that the relationship between the dry
unit weight and the water content for a given degree of
saturation S is a hyperbola. This hyperbola is called the
saturation line and corresponds to S (Figure 9.19). The
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Figure 9.19 Compaction curve for Standard and Modified Proctor Compaction Tests.
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Figure 9.20 Compaction test and water tension lines.

saturation line for S =1 is a bounding envelope for all
compaction curves for that soil, called the zero air void line.
It is also possible to draw the lines of equal water tension
on the same graph as the compaction curve, as shown in
Figure 9.20.

In 1958, a second compaction test, the Modified Proctor
Compaction Test (MPCT), was developed as an ASTM stan-
dard. A higher compaction standard was necessary to better
correspond to the larger and heavier compaction equipment,
such as large vibratory compactors and heavier steam rollers.
The MPCT is very similar to the SPCT except for the different
requirements listed in Table 9.5. The data reduction is the
same and the result is also the y; vs. w curve. The difference
is that, due to the higher compaction effort (2700 kN.m/m?

Table 9.5 Compaction Requirements for Modified
Proctor Compaction Test

152 mm diameter
116 mm high mold

102 mm diameter
116 mm high mold

5 soil layers
25 blows per soil layer 56 blows per soil layer
Hammer weight 44.5 N Hammer weight 44.5 N
Hammer drop height 457 mm Hammer drop height 457 mm
Volume 9.43 x 10™* m? Volume 21.2 x 1074 m?
Total energy 2700 kN.m/m?  Total energy 2700 kN.m/m?

5 soil layers

compared to 600 kN.m/ m3), the curve for the MPCT is
located higher than the curve for the SPCT (Figure 9.19).

The peak of the curve has the coordinates Yy, and wy,
called the maximum dry density and the optimum water
content respectively. The specifications for field applications
usually require that the water content be within £x% of the
optimum water content and that the dry density be at least
y% of the maximum dry density. Then these requirements are
checked by field testing at the compaction site (see Chapter 7
on in situ testing).

Note that the dry unit weight is used on the vertical axis
of the compaction curve and not the total unit weight. The
reason is best explained through the example of Figure 9.21.
Both soil A and soil B have a total unit weight of 20 kN/m3,
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Soil A Soil B
Volume (m®) Weight (kN)  Volume (m3) Weight (kN)
0.1 Air 0 .
0.19 Air 0
0.25 25 0.1 s Nater:
1 20 1 20
7 //
// 0.71 j 20
0.65 f 17.5 77
%
22
v = 20 kN/m3 v = 20 kN/m®
vg = 17.5 kN/m3 vg = 19 kN/m8

Figure 9.21 Three-phase diagram showing the usefulness of dry unit weight.

yet soil A has a dry unit weight of 17.5 kN/m? whereas soil
B has a total and dry unit weight of 19 kN/m?>. Soil B has
more solid constituents per unit volume and is therefore more
compact. The selection of soil B over soil A can be made on
the basis of the dry unit weight (19 vs. 17.5) but not on the
basis of the total unit weight (20 vs. 20).

9.4 COMPACTION TEST: SOIL MODULUS
9.4.1 Saturated Soils

Most of the time, the soil in a compaction test is unsaturated.

9.4.2 Unsaturated Soils

The compaction test described in section 9.3 yields the dry
unit weight y, vs. water content w curve. The soil modulus
also plays a very important role in the field of compaction.
Indeed, one of the major goals of compaction is to minimize
deformation, so a sufficiently high modulus should be reached
for compaction to be adequate. A modulus E vs. water content
w curve can be generated in parallel with the y; vs. w curve
by using a device called the BCD (Figure 9.22). It consists of
a 150 mm diameter thin and flexible steel plate at the bottom
of a rod with handles—a kind of scientific cane. Strain gages
are mounted on the back of the plate to record the bending
that takes place during the loading test. When the operator
leans on the handle, the load on the plate increases and the
plate bends. If the soil is soft (low modulus), the plate bends
a lot. If the soil is hard (high modulus), the plate does not
bend much. The amount of bending is recorded by the strain
gages and is correlated to the modulus of the soil below.
This test, called the BCD test (Briaud et al. 2006), consists
of the following steps. First, the BCD plate is placed on
top of the sample in the 152 mm diameter compaction mold
(Figure 9.22). The operator then leans on the handles of the
BCD and the vertical load increases. When the load goes
through 223N, a load sensor triggers the reading of the
strain gages. The device averages the strain gage values, uses
the internal calibration equation linking the strains to the

modulus, and displays the modulus E. This gives one point
on the modulus vs. water content curve. By repeating this
test for different water contents when the SPCT or MPCT
is performed, a complete E vs. w curve can be obtained
(Figure 9.23).

The modulus obtained with the BCD corresponds to a
reload modulus, to a mean stress level averaging about 50 kPa

Acquisition,
processing &
readout

600 mm

Load-cell

Strain-gage
instrumented
2mm plate

150 mm

Figure 9.22 BCD apparatus to get soil modulus during a Proctor
compaction test: (a) BCD principle. (b) BCD on Proctor mold.
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Figure 9.23 Compaction equipment and test.



within the zone of influence, to a strain level averaging 1073
within the zone of influence, and to a time of loading averaging
about 2 s.

9.5 CONSOLIDATION TEST

9.5.1 Saturated Soils

The consolidation test dates back to the early 1900s, and
it may be appropriate to attribute its early development
to Terzaghi, around 1925, with Cassagrande and Taylor
making significant contributions as well. The consolidation
test (ASTM D2435) is used mostly for determining the
compressibility of saturated fine-grained soils. It consists of
placing a disk of soil approximately 25 mm high and 75 mm
in diameter in a steel ring of the same diameter and applying
a vertical load on the sample while recording the decrease
in thickness of the sample (Figure 9.24). Filter stones are
placed at the top and bottom of the sample to allow the
water squeezed out of the sample to drain at both ends. There
are several loading procedures: incremental loading, constant
rate of strain, and constant gradient.

The incremental loading procedure is the most popular
and consists of placing a load on the sample for 24 hours
while recording the decrease in sample thickness. The load
creates a constant total normal stress o on the surface of
the sample. When o is applied, the water stress u,, goes up
because the water has difficulty escaping from the small soil
pores quickly enough (Figure 9.25). It takes some time for
the water stress u,, to decrease and come back to its original
value. This decrease in u,, is associated with a corresponding

Dial gauge
or LVDT
Loading

Figure 9.24 Consolidation test and equipment: (a) Principle.
(b) Sample in ring. (c) Complete setup. (b: Courtesy of Lev Buchko,
P.E.// Timely Engineering Soil Tests, LLC. c: Courtesy of Humboldt
Mfg. Co.)
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Figure 9.25 Consolidation model.

increase in effective stress (6/ = o — u,, in this case, because
the soil is saturated) and a settlement of the soil; this is the
process of consolidation (Figure 9.26).

The 24-hour loading step is considered to be sufficient
in general for the water stress u,, to decrease back to zero.
Therefore, it is assumed that at the end of each 24-hour
loading step, the water stress is back to zero and the total
normal stress o is equal to the effective normal stress o”.
The loads and associated pressures are applied in a sequence
where the load is doubled each time. A typical sequence is
12, 25, 50, 100, 200 kPa for o.

The last point at the end of the 24-hour loading step curve
(displacement vs. time, Fig. 9.26) gives one point (vertical
effective stress o’ and vertical strain &) on the consolidation
test stress-strain curve (stress vs. strain, Figure 9.27a). The
upward curvature of this stress-strain curve and the lack of
maximum stress or failure stress or strength is due to the
steel ring that confines the soil sample. The more load that is
applied to the sample, the more the steel ring contributes to
the resistance. Note that this curve is often presented as void
ratio e versus the decimal logarithm of the effective stress
log o’ (Figure 9.27b). The compression index C, is defined
as the slope of the linear portion of the e — log o’ curve past
the initial rounded part of that curve (Figure 9.27). As such,
C. is:

Ae
~ Alogo’

9.7

c

During each 24-hour loading step, the decrease in sample
height AH is recorded as a function of time t to be able to
develop the AH vs. t curve. The vertical strain ¢ is obtained
by dividing the change in height AH by the original height
H, of the sample. Figure 9.28 shows the ¢ vs. t curve for three
loading steps.

The coefficient of consolidation ¢, can be obtained from
the € vs. t curve of each load step through the formula:

H2
¢, = TT 9.8)

where 7 is the time factor, H the drainage length, and ¢ the
time elapsed. The drainage length H is equal to the height
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Figure 9.26 Consolidation process.

H, of the sample if there is drainage only on one side of
the sample (top only or bottom only) and equal to half the
height of the sample, H,/2, if there is drainage on the top
and bottom of the sample. The time factor T comes from the
solution of the governing differential equation for the one-
dimensional consolidation theory (see Chapters 11 and 14 for
more on consolidation theory). This time factor is linked to
the average percent consolidation U, defined as:

S0

U= 11—
S, u

9.9)

max e max

where s(7) is the settlement at time ¢, s
at a time equal to infinity, u, is the excess water stress or
pore pressure at time ¢, and u, ., is the maximum excess
water stress. The theoretical curve linking the average percent
consolidation U to the time factor T is shown in Figure 9.29.
This curve describes the normalized displacement vs. time
curve for the sample according to the one-dimensional con-
solidation theory. It represents a normalized version of the
settlement vs. time curve under a given load.

A value of ¢, can be obtained for each load step by
choosing a value of the percent consolidation U (50% or

max 15 the settlement

90%, for example) and finding the corresponding time on
the ¢ vs. t curve. Two methods are available to do this: the
log time method developed by Cassagrande (1938) and the
square root of time method developed by Taylor (1948). The
log time (Cassagrande) method requires that ¢, and &, be
found on the ¢ vs. t curve (Figure 9.30). Note that g, is not
necessarily zero, as g refers to zero percent consolidation,
not zero deformation. This is a subtle distinction, as the
first part of the deformation may be elastic in nature and
does not correspond to water being expelled from the pores
(consolidation). Cassagrande proposed the following way to
find ¢, (Figure 9.30): Plot the ¢ vs. t curve as ¢ vs. log t;
choose a point near the beginning of the ¢ vs. log t curve with
coordinates ¢; and log t;; find the point with coordinates &,
and log t, = log 4 t;; calculate the difference ¢, — &,; and
find g, as:

(9.10)

80281_(82_81):281_82

The basis for this technique is that, according to the theory,
the beginning of the ¢ vs. t curve is a parabola, so that the
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Figure 9.27 Consolidation test results: (a) Stress-strain curve. (b) e logo’ curve

beginning of the parabola satisfies equation 9.10. Once ¢ is
known, & is found at the intersection of the two straight
lines drawn on the ¢ vs. log t curve as shown in Figure 9.30.
Then €5, is read on the curve halfway between g, and &.
The time ts; is read as the time corresponding to €5, on the
curve. Once ts; is obtained, Eq. 9.8 is used to calculate c,,.
All other quantities are known, including Tsy = 0.197, and
the drainage length as described previously.

The square root of time (Taylor) method consists of plotting
the & vs. t curve as & vs. /t curve (Figure 9.31). Then a
straight line is fitted to the early part of the curve (AB on
Figure 9.31). A straight line with a slope equal to 1/1.15
times the slope of the first line is then drawn through point
A (AC on Figure 9.31). The intersection of line AC with
the & vs. 4/t curve corresponds to /tyy. Once ty, is known,
Eq. 9.8 is used to calculate c,. All other quantities are known,

including Tq, = 0.848, and the drainage length as described
previously.

The preconsolidation pressure Ur/) is another important soil
parameter that can be obtained from the consolidation test. It
is the effective vertical stress before which the deformation
of the soil is small and after which the deformation of the
soil increases more rapidly. It can be thought of as a vertical
yield stress, although failure does not necessarily happen
at GI;. This effective stress corresponds to the highest long-
term effective stress that the soil has been subjected to. The
following procedure is recommended to obtain UI; from the
consolidation test (Figure 9.32). Choose the point of highest
curvature on the ¢ vs. log o’ curve (Point A on Figure 9.32);
then draw a horizontal line through that point and a line
tangent to the curve at that point. Then draw the bisectrice of

the angle formed by these two lines. Draw the straight line
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Figure 9.28 Vertical strain vs. time for three consolidation test loading steps.

that best fits the portion of the & vs. log o’ curve past the
O'I; value. The intersection between this best-fit straight line
and the bisectrice is a point that defines the preconsolidation
pressure o, (Figure 9.32).

The constant rate of strain procedure consists of the same
procedure as the incremental loading procedure but with the
following differences. The water is allowed to drain from the
top of the sample but not from the bottom of the sample, where
the water stress is measured. The sample is then deformed at
a constant rate of displacement with time. This rate is chosen
in such a way that the increase in water stress Au,, at the
bottom of the sample is kept at 5 to 10% of the vertical stress
o applied on the sample.

The constant gradient procedure consists of the same
procedure as the constant rate of strain procedure but with

the following differences. When the load is applied, a water
stress (pore pressure) Au,, develops throughout the sample.
Soon the excess water stress at the top of the sample decreases
to zero, because drainage is allowed but the bottom water
stress remains close to Au,, because the sample is not allowed
to drain at the bottom. This creates a gradient between the
top and bottom of the sample. This gradient is maintained
constant as the load on the sample is slowly increased.
However, at the end of each loading step, the water stress is
allowed to dissipate to obtain an equilibrium compression of
the soil.

Advantages of the consolidation test include its relative
simplicity and its yield of the response of a soil sample to
one-dimensional confined compression. A drawback is that
the confinement provided by the steel ring around the sample
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prevents lateral deformations and may not represent the true
deformation of the soil in the field.

9.5.2 Unsaturated Soils

If the soil is unsaturated, the test procedures are unchanged.
However, the water is in tension initially, when the sample
is placed in the consolidometer. The increase in vertical
stress on the sample as the test proceeds may create enough
of an increase in water stress that it goes from tension to
compression. If the soil is saturated, it is implicitly assumed

0.6

that at the end of each 24-hour loading step in the loading
step procedure, the water stress is zero; that way the effective
stress on the sample can be calculated for each step. In the case
of unsaturated soils, it becomes more difficult to calculate the
effective stress on the sample. The following expression can
be used if the air stress is zero (see Chapter 10):

o'=0—-au, 9.11)
where o' is the effective stress, o the total stress, o the water
area ratio coefficient, and u,, the water tension stress. The
coefficient o can be estimated as the degree of saturation S,
but the error can be £40% of the correct value. A better
estimate consists of using the air entry value, as shown in
Chapter 10. Either way, obtaining ¢’ requires that the water
tension u,, be measured during the test. Most of the time, a soil
in the saturated state with the water in compression is more
compressible than the same soil in the unsaturated state with
the water in tension. One exception is collapsible soils; with
such materials, an unsaturated soil can experience significant
and sudden compression when inundated (see section 9.8).

9.6 SWELL TEST
9.6.1 Saturated Soils

When soils absorb water, they may swell; some soils swell
more than others. This is why it is important in many cases
to measure how much swelling takes place when a soil has
access to water. Consider a sample of dry, clean gravel in a
container: When you add water to it, the water will fill the
voids, but when the voids are full, no more water will be
absorbed by the gravel. Clean gravel does not swell during
wetting. Now consider a dry piece of montmorillonite clay
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Figure 9.32 Method to determine the preconsolidation pressure from the consolidation test.



with a high dry density and place it at the bottom of a glass
of water. The first thing that you will see through the wall is
tiny explosions at the surface of the clay sample. The reason
is that the water is drawn into the voids, but these voids are
full of air that cannot escape because the water is coming
in. This pressurizes the voids. The pressure increases until it
overcomes the tensile strength of the dry clay, and a series
of mini explosions is created. After a while the air finds a
way to escape and the water enters the voids. The amount of
swelling then depends on what the soil particles are made of.
Montmorillonite minerals have a tremendous ability to attract
water, so the swelling can be very significant for such clays
and the sample may more than double in height. Swelling
soils have very fine, highly plastic clay particles and are
relatively dense. If they are located in regions where the
water content of the soil varies significantly from one season
to the next, they can create a lot of damage to structures,
particularly light ones like houses, as they swell or shrink
unevenly and distort those structures.

If the water in the voids is in compression (below the
groundwater level), then no swelling will take place. If the
water in the voids is in tension (above the groundwater level),
then more water will be attracted into the voids. Thus, the
swell test is more useful for soils above the groundwater level.
These soils may be saturated or unsaturated. The procedure
for the swell test is the same for both saturated soils and
unsaturated soils and is described in section 9.6.2.

9.6.2 Unsaturated Soils

The swell test (Figure 9.33; ASTM 4546) consists of placing
a soil sample in a snug-fitting cylindrical container (con-
solidometer ring), inundating the soil by placing it in a bath
of water, and measuring the vertical swell movement (verti-
cal strain) as a function of time (Figure 9.34). The vertical
strain is the change in height of the sample divided by the
initial height of the sample. Water access to the sample is
provided by porous disks placed at the top and bottom of
the sample. The swelling can take days or even weeks. If
the top of the sample is not subjected to any vertical load,
the test is called a free swell test (path AB on Figure 9.35,
path CD on Figure 9.36). If a vertical load is applied, the

Figure 9.33 Swell test equipment.
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Figure 9.35 Shrink-swell test results: Vertical strain vs. vertical
total stress.

test is simply called a swell test (path DE on Figure 9.35,
path CE on Figure 9.36). Note that after swelling, a regular
consolidation test can be performed on the sample (path BC
and EF on Figure 9.35).

The free swell test gives the swell limit, which is the water
content of the sample at the end of the free swell test (point
B on Figure 9.35). The swell limit represents an upper limit
of the water content that the soil can reach in the undisturbed
state. When a vertical load is applied, it is usually applied
before water is added on top of the sample and swelling starts.
The magnitude of the load influences the swelling. It is often
advantageous to apply a vertical stress on the sample equal to
the stress that the soil will experience in the field (under the
planned structure, for example). Sometimes the pressure is
high enough that no swelling can take place, and settlement
takes place instead.

Another way to run the swell test is to add the water first
so that swelling can start and to increase the vertical stress
on the sample gradually to prevent any swelling (path OI on
Figure 9.35). During this test, the volume of the sample is
maintained constant and equal to its initial volume. When
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the vertical stress reaches an equilibrium value, that stress
is called the swelling pressure. Swelling pressures can reach
1000 kPa or higher for high-plasticity clays.

9.7 SHRINK TEST
9.7.1 Saturated Soils

The shrink test (Figure 9.37) consists of trimming a sample
of soil into a cylindrical shape, measuring its dimensions, and
recording its weight. The initial volume V, and the initial
weight W are recorded. Then the sample is left to dry while
the dimensions and the weight are measured as a function
of time. This gives the volume V(t) and weight W(t). When
the sample is air-dried, it is placed in the oven to obtain
the oven dry weight W,. The average water content w of

Figure 9.37 Free shrink test for shrinkage limit of undisturbed
sample.
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Figure 9.38 Free shrink test result: Relative change in volume vs.
time.

the sample at any time during the test is (W(t) — Ws)/Ws.
The results of the test consist of a plot of the relative
change in volume (V(t) — V,)/V, = AV/V, as a function
of time t (Figure 9.38), and the water content w as a function
of the relative change in volume AV/V, (Figure 9.36).
The undisturbed sample shrinkage limit wqy is the water
content corresponding to the point where the sample first
stops decreasing in volume (point B on Figure 9.36(a)).

As in the case of the swell test, the shrink test can be
performed without any vertical load applied (free shrink test)
or with vertical load applied (shrink test). The free shrink test
is much more common.

9.7.2 Unsaturated Soils

The shrink test applies equally to saturated soils and unsatu-
rated soils. In both cases the water is in tension throughout



the test. The soil may start as a saturated soil, but, as it dries,
it goes through the air entry value u,,., at which point it be-
comes unsaturated. The shape of the relative volume change
vs. time curve for the free shrink test (Figure 9.38) is similar
to the shape of the relative volume change vs. time curve for
the free swell test (Figure 9.34). During the free shrink test,
the weight of the sample is measured as a function of time, so
it is possible to plot the water content as a function of relative
volume change (BCD on Figure 9.36a). This curve indicates
where the undisturbed shrink limit wg, occurs. Note that the
undisturbed shrink limit is more obvious for low-plasticity
soils than for high-plasticity soils. The undisturbed shrink
limit is different from the Atterberg shrink limit, which is
obtained on a remolded sample.

9.8 COLLAPSE TEST
9.8.1 Saturated Soils

Consider a natural sample of dry silt with a low dry density
and a reasonable strength. Place it in a steel ring and place
some weight on top of the sample. In the dry state, the sample
has no problem carrying the load without much deformation.
Now add water on top of the sample: You will likely see a
significant amount of compression take place due to collapse
of the soil skeleton. What happens is that the small amount
of water tension that exists at the contacts between the silt
particles is lost when the water enters the voids and the loose
structure of the silt collapses. It is important to check if a soil
is collapsible; you can imagine the distress associated with
any structure built on such soils if a significant amount of
water permeates below the foundation.

Collapsible soils consist of loose, dry, low-density materials
(say less than 16 kN/m?) that decrease in volume (collapse
and compact) with the addition of water. These soils are
often found in arid regions, specifically in areas of wind-
blown silty sediments (loess), young alluvial fans, and debris
flow sediments. Soil collapse occurs within soils above the
groundwater level. The process of saturation weakens or
eliminates the clay bonds holding the soil grains together
through water tension.

9.8.2 Unsaturated Soils

The collapse test (ASTM D5333) is the same for saturated and
unsaturated soils. It is performed with the sample confined
in a consolidometer ring. Typically, it consists of loading the
soil sample to a vertical stress equal to the vertical total stress
that the soil will experience at a chosen depth, recording the
vertical strain vs. time curve (consolidation test), and then
(once the compression is complete) inundating the sample
while continuing to record the vertical strain vs. time curve.
Once the collapse is completed, the consolidation test can be
resumed by increasing the vertical stress. A sample vertical
strain vs. vertical stress curve is shown in Figure 9.39.
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Figure 9.39 Collapse test: Vertical strain vs. vertical stress.

9.9 DIRECT SHEAR TEST

9.9.1 Saturated Soils

The direct shear test (ASTM D3080) is a simple test used to
obtain the shear strength of a soil. A disk of soil is placed in
a steel cylinder split horizontally at mid height (Figure 9.40).
The cylinder is made of two rings stacked on top of each
other. One filter stone is placed on top and one at the bottom of
the sample so that the water can drain from the sample during
the test. A vertical load is applied to the top of the sample
and maintained constant during the test. This vertical load
creates a total normal stress o. Then the soil sample is sheared
horizontally by pushing on the bottom ring while holding the
top ring. This forces a shear plane to develop around the mid
height of the sample. During the shearing process, the shear
force is measured with a load cell, the horizontal displacement
with an LVDT or dial gage, and the vertical displacement
with an LVDT or dial gage. The result of a direct shear test
is a shear stress vs. horizontal displacement curve and, if the
vertical movement is also measured, a vertical movement vs.
horizontal movement curve (Figure 9.41).

During the first part of the direct shear test, the soil sample
is allowed to consolidate under the vertical stress applied, if
such a stress is applied. The consolidation is monitored by
recording the vertical movement of the sample as a function
of time. When the settlement stops or becomes very small, it
is assumed that the water stress has returned to zero and the
shearing part of the test can start. During the second part of
the test, the sample is sheared and shearing takes place along
a thin horizontal band at mid height of the sample near the
junction between the two steel rings. The shear stress versus
horizontal movement curve is obtained point by point. The
shear strength is the maximum shear stress on the shear stress
versus horizontal movement curve. This shear strength is the
undrained shear strength if the shearing part of the test is run
quickly enough that water does not have time to drain; it is
the drained shear strength if the test is run slowly enough that
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the water stress remains zero. It is best also to measure the
pore pressure or water stress, but that is not common with
this simple test.

The shear strength measured in an undrained direct shear
test is the undrained shear strength s,. This undrained shear
strength corresponds to the effective stress o’ generated at
the end of the consolidation phase. This undrained shear
strength also corresponds to the stress path followed in a
direct shear test.

The shear strength measured in a drained direct shear
test provides one point on the shear strength envelope. This
envelope links the shear strength to the effective stress o’
normal to the plane of failure. As described in Chapter 15 on
shear strength, the envelope is represented by the following
equation:

s =c+o'tang’ (9.12)

This equation has two soil parameters: the effective stress
cohesion ¢ and the effective stress friction angle ¢’. Because
the drained direct shear test gives only one point on the

envelope, it is necessary to run at least two direct shear tests
to obtain ¢’ and ¢’ for a given soil (Figure 9.42).

When soils are subjected to shearing, they can increase in
volume (dilate), decrease in volume (contract), or not change
volume. If a soil dilates during shear, the shear strength

150

100

Shear stress 7 (kPa)
w0
o

0 50 100 150 200 250
Normal effective stress ¢’ (kPa)

150

100

Shear stress 7 (kPa)
[6)]
o

0 50 100 150 200 250
Normal total stress o (kPa)

Figure 9.42 Example of direct shear test strength results for
saturated soils.



increases compared to a soil that does not change in volume.
The increase in shear strength is reflected by the dilation
angle ¥ (see Chapter 15 for more details). The dilation angle
Y can be estimated from a direct shear test as the slope of
the curve linking the vertical movement z to the horizontal
movement x. Because this curve is rarely a straight line, the
equation is written in an incremental fashion.
tan ¥ = Az/Ax (9.13)

Advantages of the direct shear test include that it is easy to
perform and gives a shear strength of the soil. A drawback of
the direct shear test is that it cannot give the shear strain of

the soil as it is sheared, because the thickness of the shearing
zone is not known.

9.9.2 Unsaturated Soils

If the soil is unsaturated, or if the soil is saturated but the
water in the voids is in tension (e.g., above the groundwater
level), then the direct shear test requires measurement of the
water tension stress (suction) to obtain the effective stress
shear strength parameters ¢’ and ¢’. Indeed, although the test
procedure is the same for a soil with water in compression
and for a soil with water in tension, the assumption that the
water stress is zero when the test is performed slowly is not
valid when the water is in tension. The reason is that if the
water is in compression at the beginning of the direct shear
test, the water compression stress is very small compared to
the general stress level; in contrast, if the water is in tension,
the water tension stress can be very large when the degree of
saturation is low. The water tension stress u,, can be measured
by any one of the methods described in section 9.2.4, but it
is most often done with a tensiometer during the shear test.
Once the water tension stress is known, the effective stress
(assuming the air stress u, is zero) is calculated as:

o'=0—-au, (9.14)
where o’ is the effective stress, o the total stress, o the
water tension coefficient, and u,, the water tension stress. The
coefficient « can be estimated as the degree of saturation S,
but the error can be as large as £40% of the correct value.
A better estimate can be obtained by using the correlation to
the air entry value u,,, as shown in Chapter 10. It is assumed
here that the air stress remains zero during the test.

The results are then plotted as shear strength vs. effective
normal stress, as shown in Figure 9.43. If the results of direct
shear tests on soils where the water is in tension are plotted
as shear strength vs. total stress, the cohesion intercept will
be much larger, as it includes the effect of the water tension
on the soil strength (Figure 9.43). The apparent cohesion ¢
is equal to:

app

(9.15)
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Figure 9.43 Example of direct shear test strength results for
unsaturated soil.

However, Capp is not a constant for a given soil, because
u,, depends on the water content of the sample. The apparent
cohesion is called apparent rather than true cohesion because
itis due to the effective stress created by the water tension and
because it disappears if the soil is inundated (water tension
goes to zero). In contrast, the parameter ¢’ is a characteristic of
the soil that is constant and independent of the water content.

9.10 SIMPLE SHEAR TEST

9.10.1 Saturated Soils

The simple shear test (ASTM D6528) can be traced back to
the mid 1960s with a publication by Bjerrum and Landva
(1966). A disk of soil is placed in a flexible membrane with
a porous stone on the top and on the bottom of the disk
(Figure 9.44). A vertical load is applied to the top of the
sample and maintained constant during the test. This vertical

Top cap Vertical stress
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rings

-~
—

Shear stress

Base pedestal

Figure 9.44 Simple shear test equipment: (a) Principle. (b) Com-
plete setup. (b: Courtesy of GDS Instruments.)
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load creates a total normal stress o. Then the soil is sheared
by holding one of the two platens and pushing the other one
horizontally. The major difference between the direct shear
test and the simple shear test is that in the direct shear test,
the shearing takes place along a predetermined thin band
of soil near the middle of the sample. In the simple shear
test, the shearing takes places over the entire height of the
sample. Therefore, the shearing strain y can be measured in
the simple shear test as:

y = Ax/h, (9.16)

where Ax is the difference in horizontal movement between
the top and the bottom of the sample and h, is the initial
height of the sample. The shear stress t is measured as the
shear force divided by the cross-sectional area of the sample.
Thus, the simple shear test gives the shear stress-shear strain
curve for the sample and therefore a shear modulus G.

During the first part of the simple shear test, the soil sample
is allowed to consolidate (through drainage) under the vertical
stress applied if such a stress is applied. The consolidation is
monitored by recording the vertical movement of the sample
as a function of time. When the settlement stops or becomes
very small, it is assumed that the water stress has returned
to zero and the shearing part of the test can start. During the
second part of the test, the sample is sheared. The shear stress
vs. shear strain curve is obtained point by point (Figure 9.45).
The shear strength 7; is the maximum shear stress on the
shear stress vs. shear strain curve. This shear strength is the
undrained shear strength if the shearing part of the test is run
without allowing water to drain out of the sample; it is the
drained shear strength if the test is run slowly enough that the
water stress remains zero or if the water stress (pore pressure)
is measured.

The shear strength 7; is obtained in the same fashion as for
the direct shear test, including the shear strength parameters
¢’ and ¢'. The shear modulus G is the slope of the T vs.
y curve. Because the curve is typically nonlinear, G varies
with y and a G vs. y curve can be generated. Therefore, an
advantage of the simple shear test is that it can give the shear
modulus G as a function of shear strain, in addition to the
shear strength of the soil sample.

When soils are subjected to shearing, they can increase in
volume (dilate), decrease in volume (contract), or not change
volume. If a soil dilates during shear, the shear strength
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Figure 9.45 Simple shear test results.

increases compared to a soil that does not change in volume.
If a soil contracts during shear, the shear strength decreases
compared to a soil with no change in volume. The increase
or decrease in shear strength is reflected by the dilation angle
Y (see Chapter 15 on shear strength for more details). The
dilatancy angle ¥ can be estimated from a simple shear test as
the slope of the curve linking the change in vertical movement
Az to the change in horizontal movement Ax (Eq. 9.13).

9.10.2 Unsaturated Soils

If the soil is unsaturated, or if it is saturated but the water
is in tension, the testing procedure is unchanged except for
measurement of the water stress.The tensile stress in the water
will typically require the use of a different measuring device,
such as a tensiometer. The data reduction requires calculation
of the effective stress, as discussed for the direct shear test.

9.11 UNCONFINED COMPRESSION TEST

9.11.1 Saturated Soils

The unconfined compression test (ASTM D2166)
(Figure 9.46) is one of the simplest tests to perform if the soil
can stand up under its own weight. In this test, the sample is
a cylinder with a diameter d and a height h equal to about 2
times the diameter. The ratio h/d is about 2, to ensure that
the oblique shear plane that typically develops during failure
can propagate through the entire sample without intersecting
the top or bottom platen. The sample remains unconfined
during the test; therefore, the minor principal stress o3 is
zero. A vertical load is applied to the sample by pushing up
on the bottom platen at a constant rate of displacement while
holding the top platen in a fixed position. The vertical total
stress o is calculated by dividing the vertical load by the
cross-sectional area of the sample. Because it is assumed that
there is no shear between the top of the sample and the bottom
of the top platen, that stress is the major principal stress o;.
The sample compresses and the vertical displacement Ah is
measured with an LVDT or a dial gage. Knowing the initial
height h of the sample, the vertical strain & can be obtained
as ¢ = Ah/h. The result of an unconfined compression test

[ ’-,J:b .lﬂLoad

transducer

Displacement
transducer

Soil sample

Figure 9.46 Unconfined compression test equipment: (a) Princi-
ple. (b) Complete setup. (a: After Ian Smith. b: Courtesy of ELE
International.)
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Figure 9.47 Unconfined compression test results.

is a complete total stress o vs. strain ¢ curve for the soil
sample under zero lateral confinement (Figure 9.47). The
maximum stress on the curve is the unconfined compression
strength q,. Because the test is rather rapid, the shearing
process is considered to be undrained for fine-grained soils.
The undrained shear strength s, is equal to q, /2, as shown in
Chapter 15.
Sy =qu/2 (9.17)
An unconfined compression modulus of deformation E can
also be obtained from this test as:
E=o0/¢ (9.18)
Because the curve is often nonlinear, several moduli can be
obtained depending on the chosen strain level. Advantages of
the unconfined compression test are its simplicity and the fact
that it gives both an undrained shear strength and a modulus
of deformation for fine-grained soils.

9.11.2 Unsaturated Soils

If the soil is unsaturated, the test procedure is unchanged.
Because the water stress is not measured in this test, there
is also no difference in measurement and data reduction.
One interesting observation is that the water tension can
be estimated from the unconfined compression strength q,.

Indeed, the shear strength equation for unsaturated soils when
the air stress u, is assumed to be zero is:

s=c + (0 —au,) tan ¢ (9.19)
In the unconfined compression test, the horizontal total stress
is zero, therefore:

o, =0 = oy + « u,, and therefore o, = —a u (9.20)

w

Meanwhile, the vertical total stress at failure is equal to qy;
therefore:

0, = q, = 0, + a u,, and therefore o, = q, —a u,, (9.21)

The shear strength s is given by the point of tangency
between the effective stress Mohr circle and the shear strength
envelope (Figure 9.48). Triangle ACD on Figure 9.48 is
such that:

j_g — sing/ = 0.5((q, — au,,) — (—ou,,)) .
0.5((q, — au,,) + (—au,)) + -
tan ¢
(9.22)
Which leads to
. 0.5¢,(sing’ — 1) + ¢’ cos ¢’ 9.23)

o sing’



198 9 LABORATORY TESTS

Uy = - forc =0, ¢ = 30°
2s
Shear
stress
B
7
P
P
L — — I
A ¢’ O —auy qu—aly
tane’ Normal effective stress, ¢’

Figure 9.48 Water tension and unconfined compression strength
relationship.

Eq. 9.23 gives the water tension at failure in the unconfined
compression test. If it is further assumed that ¢’ =0, ¢’ =
30°, and o = S, then Eq. 9.23 becomes:

_u

= 24
w 23 (9.24)

9.12 TRIAXIAL TEST

9.12.1 Saturated Soils

The triaxial test (ASTM D5311) (Figure 9.49) is similar to the
unconfined compression test except that a chosen confining
pressure is applied to the sample before compression takes
place. The sample has a height equal to about two times the
diameter to ensure that the oblique shear plane that typically
develops during failure in compression can propagate through
the entire sample without intersecting the top or bottom platen.
Typical diameters range from 30 to 75 mm. First, porous disks
(also called filter stones) are placed at the top and bottom of
the sample. Then the sample is fit in an impervious rubber
membrane and set on the pedestal of the triaxial cell. The top
platen is placed, and the top of the triaxial cell is brought
down to cover the sample. The shaft of the piston is lowered

Load

in contact with the top platen on one side and connected
to the load cell or proving ring on the other. The cell is
filled with liquid (water or oil) and the confining pressure is
applied. Sometimes the cell is not filled with liquid and only
air pressure is used. The triaxial cell is placed in a frame and
the load is applied by moving the bottom of the frame upward
and at a constant rate of displacement against the stationary
top of the frame. The movement of the sample is typically
obtained by measuring the movement of the shaft applying
the load with respect to the triaxial cell. For more advanced
testing, the movement measurements are taken between two
rings directly tied to the sample. Pore-pressure measurements
are an option and are typically made by placing a saturated
porous stone at the base of the sample and measuring the
pressure in the water through a pressure transducer tied to the
base platen. Measuring the change in volume of the sample
is also an option.

There are many different types of triaxial tests because of
the possible combinations related to drainage and type and
sequence of stress applications. However, nearly all triaxial
tests start with a consolidation phase followed by a shearing
phase. The consolidation phase is designed to bring the sample
to a desired state of stress that is often intended to match the
stress conditions that the sample would face in the field under
the project conditions. During the consolidation phase, the
cell pressure is increased to a chosen value of the confining
pressure. This pressure confines the sample hydrostatically
and represents the minor principal stress o3. During this
phase of consolidation, drainage may or may not be allowed.
If drainage is not allowed, the word “unconsolidated” is used
in describing the triaxial test and the letter U is used in the
acronym. If drainage is allowed and the water stress (pore
pressure) generated by the application of o3 is allowed to
dissipate back to zero, the word “consolidated” is used to
describe the test and the letter C is used in the acronym.

During the shearing phase of the test, the vertical load Q
on the sample is increased gradually and the stress in the

Cap

Fluid inside chamber
Perspex cylinder

™~ Piston
=
1
Sealing ring : 3
- |
| =y
Porous disc <\ > <
" <
Pore-pressure | - I |-

measurement <

ool
|

and drainage

s >Cell pressure

Soil specimen
Membrane

measurement

Figure 9.49 Triaxial test equipment: (a) Principle. (b) Equipment. (b: Courtesy of Geotechnical

Testing Equipment Ltd., UK.)



vertical direction increases. This stress is the major principal
stress o :
o, =03+ Q/A (9.25)

where o5 is the confining pressure, Q is the vertical load
and A is the cross section of the sample. If drainage is not
allowed during the shearing phase, the word “undrained” and
the letter U are used. If drainage is allowed and the excess
water stress (pore pressure) is kept equal to zero (very slow
loading), then the word “drained” and the letter D are used.
So, in the end, the following triaxial tests are possible:

1. UU test: unconsolidated undrained test
2. CU test: consolidated undrained test
3. CD test: consolidated drained test

A UD test is not possible, because allowing drainage during
the shearing phase would also allow some consolidation
under o3. UU tests are commonly performed to obtain the
undrained shear strength, particularly in offshore studies
where recompressing the sample to the high bottom pressures
is important; UU tests are also simpler and faster than the other
two. CD tests are quite time consuming, as loading must be
slow enough not to generate water stresses (pore pressures),
but they are simple to run. CU tests with water stress (pore
pressure) measurements are faster to run, but require more
sophisticated equipment because water stress (pore pressure)
must be measured. Both CD tests and CU tests with water
stress measurements are used to obtain the effective stress
shear strength parameters ¢’ and ¢'.

The result of a triaxial test is a stress-strain curve that typi-
cally links the deviator stress (o, — 03) to the vertical strain
(¢ = Ah/h) where h is the initial height of the sample and
Ah is the change in height of the sample. Figure 9.50 shows
some results for two categories of soils: overconsolidated or
dense soils on the one hand and normally consolidated or
loose soils on the other. The first category exhibits a clear
peak stress (maximum strength), followed by strain softening
to reach a residual strength. The second category exhibits
strain hardening, with the strength being reached at larger
strain.

The peak stress value on this curve is the failure deviator
stress (o; — 03). This failure stress, along with information
on the water stress, is used to obtain the effective stress shear
strength parameters ¢’ and ¢’. This process requires use of
the Mohr circle (see Figure 9.51 and Chapter 15). A Mohr
circle is a circle in the shear stress vs. normal stress set of
axes that describes the state of stress at a point when the
principal stresses reduce from 3 stresses to 2 stresses. This is
the case in the triaxial test where o] and o7 are different and
oy is equal to o5. The points corresponding to the principal
stresses o and o3 plot on the horizontal axis because they
exist on planes with zero shear stress. The circle representing
the state of stress in the triaxial sample at failure is drawn
(Figure 9.51). Because the failure envelope is described by
two parameters ¢’ and ¢’ (Eq. 9.12), a minimum of two
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triaxial tests at two different confining pressures (o3) must be
performed to obtain the effective stress cohesion intercept ¢’
and the effective stress friction angle ¢’. Figure 9.52 shows
the difference between the Mohr circles in the effective stress
set of axes and in the total stress set of axes.

A modulus of deformation E can also be obtained from the
stress-strain curve as follows:

E = (o) —2vo3) /e (9.26)

where E is the total stress modulus of deformation of the soil,
o, and o3 are the major and minor principal total stresses
respectively, v is Poisson’s ratio, and ¢ is the vertical strain.
Note that because the stress-strain curve is rarely linear,
many different moduli can be obtained depending on the
strain level among other factors. The modulus defined in
terms of effective stress is typically more useful and more
fundamentally rooted:

E' = (o] —2vo}) /e (9.27)

where E' is the effective stress modulus of deformation of the
soil, and 0| and o} are the major and minor principal effective
stresses respectively.

The stress path describes the evolution of certain stresses
during the test. Specifically, it tracks the path described by the
points with p, q stress coordinates where p and q are defined
as follows:

o;+03 0, + oy,
= — = — 9.28
2 or p 2 (9.28)

0p — 03 0, — Oy,
= — =" 9.29
q=——— o q=-" (9.29)

where o, and o, are the vertical and horizontal total stresses
in a triaxial test, for example. The most useful stress paths
are plotted in terms of effective stresses (p” and q'):

, 01 +o03 ,_o,toy
_ _ vt 9.30
p > or p > (9.30)
o] — o} o — o)
q/:%:q or q’:vTh:q (9.31)

where o) and o, are the vertical and horizontal total stresses
in a triaxial test, for example. Examples of effective stress
paths are shown in Figure 9.53 for different types of tests.
In any lab test, it is most desirable to match the effective
stress path followed by the soil in the field during the project
construction and the project life.

9.12.2 Unsaturated Soils

If the soil is unsaturated, or if it is saturated and the water in
the voids is in tension, the test procedure does not change,
but the water and air stress measurements change. The water
stress can be measured with a tensiometer and the air stress
with a pressure transducer.
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The meaning of the tests that were described for saturated
soils changes as well:

1. UU test: unconsolidated undrained test. For unsaturated
soils, UU means that both the air and water are prevented
from draining from the beginning to the end of the test.
The air stress increases as the air compresses and the

water stress increases (decrease in the absolute value of
the water tension).

. CU test: consolidated undrained test. For unsaturated

soils, both air and water are allowed to drain during the
consolidation phase. During the shearing phase, both
are prevented from draining, so both pressures must be
measured. Typically, the air stress and the water stress
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increase (decrease in water tension) during the shearing
phase because the soil volume decreases (except for
dilatant soils).

3. CD test: consolidated drained test. Both the air and
the water are permitted to drain. The water tension can
therefore be held constant throughout the test. The strain
rate must be sufficiently slow to allow for flow of water
from the soil through the high air entry disk.

4. CWC test: constant water content test. For unsaturated
soils, it is also possible to conduct a test where the air
can drain but not the water. Air drains much faster than
water, so a judiciously chosen strain rate can achieve
this condition.

The data reduction changes as well. The effective stress
must be calculated according to the following formula (in-
stead of 0’ =0 —u,,):

o'=0—au,—Bu, (9.32)
where ¢’ is the normal effective stress, o the normal total
stress, o the water area ratio parameter, u,, the water stress,
the air area ratio parameter, and u, the air stress. This differ-
ence will affect the location of the Mohr circle on the shear
stress T vs. effective normal stress o’ graph. If instead the
results are plotted in the shear stress t vs. total normal stress

o graph, then the effective stress shear strength parameters
¢’ and ¢’ cannot be obtained. The cohesion intercept ¢’ in the
shear stress t vs. total normal stress o graph is much larger
than ¢/, as it includes the effect of the water tension on the soil
strength (Figure 9.54). The apparent cohesion ¢, is equal to:

Capp = — 1, — Uy (9.33)

This cohesion is called apparent cohesion rather than true
cohesion because it is due to water tension and because it
disappears if the soil is inundated (water and air stresses go

to zero).

9.13 RESONANT COLUMN TEST

9.13.1 Saturated Soils

The resonant column test (ASTM D4015) is used to determine
the dynamic small strain properties of a soil. Such results are
applied in earthquake engineering and machine vibration, for
example. A cylinder of soil with a height-to-diameter ratio of
about 2 is placed in a cell where a confining pressure can be
applied. The base of the sample is fixed to the bottom platen,
which does not move. The top of the sample is mounted
with a top platen having a mass m and able to generate
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cyclic torsion (Figure 9.55). The test consists of applying a
sinusoidal torque T(w) to the top of the sample. This torque
is generated through an electromagnetic drive system that
controls the angular frequency o of the sinusoidal torque
application. The response of the sample is monitored by
measuring (through LVDTs, for example) the rotation of
the top of the sample. The water stress (pore pressure) is
sometimes also measured during this test.

In a first step, a confining pressure is applied to the sample.
Then the top of the sample is subjected to a chosen torque.
The torque applied gives the shear stress T imposed on the
sample and the rotation 0 is used to obtain the shear strain y of
the sample. The response is presented in term of loops linking
T to y. The frequency of the sinusoidal torque is increased
gradually while recording the strain in the sample. Resonance
occurs when the frequency of the soil vibrations matches
the frequency of the torque application (Figure 9.56). This

0.707

Amplitude

fy f, fo  Frequency

Figure 9.56 Rotation amplitude vs. frequency of induced
vibration.

frequency is w, . At that point the sample rotation reaches its
maximum value.

The data are used as follows to obtain the soil shear modulus
G when the sample is fixed at the bottom and free at the top
where the torque is applied. The mass polar moment of inertia
of the sample J is:

J,=M,d%/8 (9.34)

where M; is the sample mass and d is the sample diameter.
The mass polar moment of inertia of the mass on top of the
sample J, is:

J.=M,d2/8 (9.35)

where M, is the mass of the mass on top of the sample and

d,, is the diameter of that mass. By using fundamental and
constitutive equations, it can be shown that:

I, w,L (wL) I, 2nf,L (annL>
— = tan o —=———tan| ——

m VS VS Jm VS VS

(9.36)

where J, and J | are the polar moments of inertia of the sample
and of the mass on top of the sample respectively, w,, is the
resonant angular frequency, v, is the shear-wave velocity in
the sample, L is the length of the sample, and f|, is the natural
frequency of the soil.

In Eq. 9.36, J, J,, and L are known, f;, is measured in the
test, and v, can be back-calculated. Then the shear modulus
is obtained from:

G=pV: (9.37)
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For the case where there is no mass at the top, J,,, = 0, then
2nf,L/vy = 7 /2, and then

G=pv:=16pfL? (9.38)

Eq. 9.38 gives the shear modulus G for a given shear strain
amplitude y.

There are several ways to obtain the damping ratio, and
each way has its own advantages and limitations. One way
is to stop the excitation and let the sample vibration die
out while recording the sample rotation as a function of
time. This is called the logarithmic decrement method. The
damping ratio D is defined as the ratio of the damping
coefficient to the critical damping coefficient. The critical
damping is the minimum amount of damping that results in the
sample returning to its original position without oscillation.
The damping ratio can be obtained from the decay curve
(Figure 9.57) as follows. The amplitude of the first cycle is
x, and the amplitude of the n'" cycle is x,,, which is smaller
than x; . It can be shown that:

Lnx, — Lnx, 2n D 9.39

-1 VD 039

In Eq. 9.39, all quantities are known except for D, the

damping ratio. The damping obtained by this method includes

the damping of the device, which must be accounted for

separately. This method also requires stopping the test, and

the strain level decreases during the vibration decay. Another

way to obtain the damping ratio is to use the half-power

bandwidth method. This method makes use of the amplitude

vs. frequency plot (Figure 9.57) obtained during steady-state
torsional vibration of the sample:

D = (f, — f,)/2f, (9.40)

where f,, f;, and f are defined in Figure 9.57. This method
is best applied when the system is linear.

These curves can also be obtained from direct measure-
ments of the shear stress and the shear strain. The maximum
shear stress t generated during the cycles is calculated as

()
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Figure 9.57 Method to obtain damping ratio from resonant column
test: (a) Logarithmic decrement. (b) Half-power bandwidth.

Figure 9.58 Shear stress and shear strain in a resonant column
torsion test: (a) Shear stress. (b) Shear strain.

an average of the shear stress generated on the sample cross
section. This shear stress is zero at the center of the sample
(Teenter = 0) and maximum at the edge (7oqq.) (Figure 9.58).
The mean shear stress t is related to the maximum torque T
as follows:

T = 2T/ar] (9.41)

where r, is the equivalent radius, which can be anywhere
from 0.6r to 0.8r where r is the radius of the sample. The
maximum shear strain during the cycle exists at the edge of
the sample (yyqq.), While the shear strain is zero along the
axis of the cylindrical sample (¥ eqer = 0) (Figure 9.58). The
mean shear strain in the sample is usually taken as.

y =r1.6/L (9.42)

where again r, is the equivalent radius, often taken as 0.8r
where 1 is the radius of the sample.

A typical T vs. y curve is shown in Figure 9.59. The shear
modulus G is calculated as the slope of the line joining the
two extremities of the loop. Alternatively, this curve can be
generated by calculating the shear strain first, obtaining the
shear modulus by the resonant frequency method, and then
calculating the shear stress as Gy. The damping ratio D is
defined from the curve as the ratio of the energy necessary to
perform one cycle of torsion to the elastic energy expanded
to load the sample to the peak of the cycle (Figure 9.59):

D = A /4T A, (9.43)

where D is the damping ratio, A, is the area inside the cycle,
and A, is the area inside the triangle shown in Figure 9.59.

The previous discussion identifies how G, D, and y can be
obtained for a given amount of torque applied at the top of the
sample. This torque can then be increased to create a larger
shear strain in the sample. The test is repeated and a new set
of values of G, D, and y are obtained. Point by point, the G
vs. y curve and the D vs. y curve are described (Figure 9.60).
The G vs. y curve and the D vs. y curve are the two results
of a resonant column test. The strain that can be tested with
this test typically ranges from 1076 to 1073,

9.13.2 Unsaturated Soils

If the soil is unsaturated, or if the soil is saturated but the
water is in tension, neither the test procedure nor the data
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reduction changes. Indeed, the water stress is rarely measured
during the resonant column test.

9.14 LAB VANE TEST

9.14.1 Saturated Soils

The lab vane test or VST (Figure 9.61) is used to determine
the undrained shear strength of fine-grained soils (clays and
silts). It can be performed either in the field with a field vane
(ASTM D2573), or on the sample with a mini vane or a hand
vane (ASTM D4648; Figure 9.61). The lab vane is made
of two perpendicular blades, each having a 2-to-1 height-to-
width ratio. The width of the blades varies from 12 to 25 mm,;
the larger vanes are used in softer soils. The vane is pushed
perpendicularly into the end of a sample until the tops of the
blades are one blade height below the surface of the sample.
Then the vane is rotated at a slow rate (less than 1 degree per
minute) while the testers measure the torque developed and
the rotation angle (Figure 9.62). The peak value of the torque

Motor for
torque
application

—3 — Soil sample
«f— Vane

Figure 9.61 Lab vane test equipment: (a) Principle. (b) Equip-
ment. (a: Adapted from BS 1377-7: 1990.)
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Figure 9.62 Lab vane test results.
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isrecorded as T, . The blade is then rotated at least 10 times
rapidly and a new maximum torque value, 7,,,, is measured.

The VST is used in saturated fine-grained soils to obtain
the undrained shear strength s,. The reason is that these
soils have a low permeability and do not allow appreciable
drainage during a test, which typically lasts less than 10
minutes. Therefore, for these saturated fine-grained soils, it
is reasonable to assume that the undrained shear strength s,
is the parameter being measured. For a rectangular vane, the

following equation gives s, from 7}, :

H D
T, =us,D? (7 + E) (9.44)
where D is the diameter of the vane and H is the height
of the vane. Proof of this equation is shown in the solution
to problem 7.4. The residual undrained shear strength s,,,. is
obtained from the same formula using T,:

,(H D
T, =ms,D (? + E) (9.45)

The VST can be performed in coarse-grained soils, but no
useful result can be obtained. These soils drain fast enough
that one would not measure the undrained shear strength,
but instead the drained or partially drained shear strength.
Back-calculating the shear strength parameters from this test
would require knowledge of the normal effective stress on
the plane of failure in addition to T,,,,. This is not measured
during the VST. The VST has the advantages of being fast,
simple, economical, and useful for obtaining the undrained
shear strength of fine-grained soils. Its drawbacks include
that it is limited to fine-grained soils.

9.14.2 Unsaturated Soils

If the soil is unsaturated, or if the soil is saturated but the
water is in tension, neither the test procedure nor the data
reduction changes. Water stress is not measured during the
vane test.

9.15 SOIL WATER RETENTION CURVE (SOIL
WATER CHARACTERISTIC CURVE) TEST

9.15.1 Saturated Soils

The soil water retention curve (SWRC), also known as the
soil water characteristic curve, is a property of the soil much
like the shear strength parameters (Figure 9.63). It is a plot of
the water content of the soil as a function of the water tension
stress (suction) in the soil pores. It depends on many factors,
including the particle size distribution, pore size distribution,
soil structure, and soil texture.

During the drying process from a saturated state, the water
tension in the soil will increase until it becomes large enough
to force air into the soil pores. This water tension value is
called the air entry value u,,.. Beyond the air entry value,
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Figure 9.63 Soil water retention curve.

the decrease in water content is well approximated by a linear
relationship between the water content and the log of the
water tension, which can be written as:

dw = C, d(logou,,) (9.46)
where w is in percent, u,, is in kPa (positive), and C,, is the
slope of the SWRC.

The gravimetric water content is the most commonly used
water content definition in geotechnical engineering, but for
the SWRC the volumetric water content often is used. These
are defined in the following equations:

where W, and V,, are the weight and volume of water
respectively, W, is the weight of solids, and V is the total
volume. Example SWRCs are presented in Figure 9.64.
It stands to reason that different soils will have different
SWRCs: A sand will not retain water the same way a clay
would. Imagine that you insert a straw into a sand; it would
not take much sucking to get the water out of the sand. Now
imagine that your straw is inserted into a clay; in this instance
it would take a lot of sucking to get a little bit of water out.
The suction or water tension that you would have to exert
through the straw would be much higher for the clay than for
the sand. This phenomenon is what the SWRC characterizes.

Soils under the groundwater level (GWL) are generally
saturated and the water is in compression. Soils above the
GWL can be saturated or unsaturated, but in both cases the
water is in tension (suction). The SWRC is a property of a

Gravimetric water content: w = W, /W (9.47)
Volumetric water content: 6, =V, /V (9.48)
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Figure 9.64 Example of soil water retention curve.
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soil where the water is in tension. As such, the SWRC for
a saturated soil refers to the case where the soil is saturated
above the GWL by capillary action and other electrochem-
ically based phenomena such as the affinity between water
and clay minerals.

If a saturated soil sample is placed on a table top and is
strong enough to stand by itself, it is likely held together
by water tension unless it has some cementation (effective
stress cohesion). As the soil dries, it initially shrinks while
remaining saturated. The water tension increases and at a
given water tension stress (suction), air enters the pores. The
water tension at this point is called the air entry value (u,,).
From this point on during the drying process, the soil is
unsaturated. The procedure to determine the SWRC is the
same below (saturated) and above (unsaturated) the air entry
value. This procedure is detailed in section 9.15.2 related to
unsaturated soils.

9.15.2 Unsaturated Soils

There are essentially two methods for obtaining the SWRC
(ASTM D6836). The first consists of taking a saturated soil
sample and measuring the water tension and the water content
of the sample as a function of time as it dries up. The water
content measurement was described in section 3.9; the water
tension measurement was described in section 9.2.4 and
summarized in Table 9.2. In this case, the two most common
methods to measure water tension for the SWRC are the
filter paper method and the chilled mirror psychrometer. For
lower values of water tension, the hanging column method
can also be used (ASTM D6836). As a guide, and for
tests performed in an air-conditioned laboratory environment
where the relative humidity is around 50%, a 25 mm high,
75 mm diameter sample is likely to become air-dry in about

24 hours. In these circumstances, a water content and water
tension measurement every 1 to 2 hours is suitable to get a
good description of the SWRC.

The second method of obtaining the SWRC is to use
a saturated soil sample and force the sample to come to
equilibrium at a selected series of water tension (suction),
while measuring the water content for each one of those water
tension values. The pressure plate apparatus can be used in
this case (Figure 9.9); it makes use of the axis translation
technique (Figure 9.10) and increases the air pressure to push
the water out of the soil pores. The air pressure is equal to
the water tension in the sample when the water starts moving
out of the pores. The water content of the soil sample is
measured when the water stops flowing. Such measurements
are made at increasingly higher air pressures so as to describe
the complete SWRC.

Yet another way is to use the salt solution equilibrium
technique, in which “identical” samples are placed in different
salt solution chambers (Figure 9.11) and left in the chamber
until the water tension in the sample comes into equilibrium
with the relative humidity created by the salt solution at the
bottom of the chamber; reaching this equilibrium may take
1 or 2 weeks. The salt concentration in each chamber is
different and is chosen to create a series of values of the
relative humidity and therefore water tension, which gives a
good description of the SWRC. After equilibrium is reached,
the soil water content is measured in each chamber and the
SWRC can be plotted.

The SWRC describes the fact that the water tension in-
creases when the water content decreases but recognizes that
this relationship is not the same when the soil is drying as
when it is wetting; this is called the hysteresis in the SWRC.
Figure 9.65 shows the difference between the drying curve
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Figure 9.65 Drying and wetting hysteresis loop in the SWRC.



Figure 9.66 Geometrical explanation of drying and wetting hys-
teresis in the SWRC.

and the wetting curve. It is likely that this difference decreases
as the number of drying and wetting cycles between the same
values increases. The hysteresis effect may be attributed to
several causes: the geometric nonuniformity of the individ-
ual pores, the pore fluid contact angle, entrapped air, and
swelling, shrinking, or aging. The geometric nonuniformity
of the pores can be explained as follows (Figure 9.66). When
the soil is drying, the water level in the conduits formed by
the voids between particles can drop down through a larger
void cross section, as shown in Figure 9.66. However, if the
soil is wetting, there is a limit to how large a cross section
the water can move up, as the capillary force is limited. As a
result, the loss of water is larger during drying than the gain
of water during wetting and thus the wetting curve is below
the drying curve (Figure 9.65). Several stages are identifiable
in the drying or wetting process, as shown in Figure 9.67.
During drying, at first the soil is saturated (S = 1) until the
air entry value of the water tension u,,,, is reached; then a
linear semilog relationship exists between the water content
and the water tension; and then the soil reaches a residual
stage (S = S,) where the water no longer forms continuous
conduits in the pores, but rather exists only at the contacts
between particles. The effective degree of saturation S, is
defined for a given degree of saturation S as:

N
S, = a 9.49
=175 9.49)
Saturation ~ Desaturation Residual
Zone Zone Stage
~ 100
O N
80| -Residual -\ _
g air content Wetting path
'}:; 60 \\ - Drying path
2 \
g 40 \ Residual conditions
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Soil suction, u,, (kPa)

Figure 9.67 Various stages in the SWRC.
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During the wetting process, a similar progression takes
place in reverse and after the saturation phase, where again
there is a linear semilog relationship between water content
and water tension. The soil reaches a residual air content
when the air is occluded and cannot be chased out of the
voids through normal means.

Various empirical models have been proposed to describe
the SWRC. Among the most common are:

1 l:f‘ uW S uWae
Brooks and Corey (1964) S, = u, \ "
¢ — lf uw S uwae

u
(9.50)

wa

1 m
van Genuchten (1980) S, = | ———
1+ (ou,,)

with m=1—-1/n (9.51)

1 m
Fredlund and Xing (1994) 6 = C@u,)0.| —————
g (1994) )0, (Ln(e+(uw/a)")

(9.52)

where S, is the effective degree of saturation; u,, is the water
tension (kPa); u,,,, is the air entry value of the water tension
(kPa); A is a fitting parameter mostly influenced by the pore
size distribution of the soil; ¢, 7, and m are fitting parameters;
6 is the volumetric water content (volume of water over total
volume); 6, is the volumetric water content at saturation;
C(u,,) is a correction factor that forces the model through
a prescribed water tension value of 10°kPa at zero water
content; a is a fitting parameter; and e is the logarithmic
constant (Ln e = 1). More details on these models can be
found in Lu and Likos (2004). ARA-ERES (2000) proposed
a set of SWRCs (Figure 9.68) predicted on the basis of D, in
mm, the particle size for which 60% by weight is finer, and
an index called the wPI. The wPI is defined as the product of
the percent passing sieve number 200 as a decimal (ratio not
percentage) and the plasticity index as a percent.

9.16 CONSTANT HEAD PERMEAMETER TEST

9.16.1 Saturated Soils

The constant head permeameter (CHP) (ASTM D2434;
Figure 9.69) is used to obtain the coefficient of hydraulic
conductivity k of saturated coarse-grained soils. The soil
sample is placed in a cylinder about 75 mm in diameter and
150 mm high, with one filter stone at the top and another at
the bottom. The top of the sample is connected by tubing to
a container in which the water level is kept constant through
an overflow regulator. The bottom of the sample is connected
to another container in which the water level is also kept
constant. The bottom container is kept lower than the top
container and the flow Q (m? /s) out of the bottom container
is measured. The measurement simply consists of weigh-
ing the amount of water collected in the overflow container
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Figure 9.68 SWRC as a function of percent passing #200 and plasticity index. (Courtesy of
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Figure 9.69 Constant head permeameter equipment: (a) Principle. () Equipment. (b: Courtesy
of ELE International.)

500000

—~ __ 0.008
% 400000 q

£ < 0.006
; 300000 >

- >

2 200000 q=10°m¥s £ 0.004 k=26 x10"m/s
F] o
S 100000 S 0.002

(0K 00
0 5 10 15 20 25 30 35 40 0 0.5 1 1.5 2 25 3
Time, t (s) Hydraulic gradient, i = Ah/L
Figure 9.70 Constant head permeameter test results.
during a corresponding time. Typical results are shown in and parameters.) Darcy’s law gives:

Figure 9.70. Often manometer tubes are connected to the side
of the sample container at two points to give the water stress
(pressure) at those two locations. (See Chapter 13 on flow where v is the discharge velocity through the sample, k is the
through soils for an explanation of the following equations hydraulic conductivity, and i is the hydraulic gradient. The

v=Kki (9.53)



hydraulic gradient in this case is given by:
i=h/l (9.54)

where h is the loss of total head through the flow distance 1
(Figure 9.69). Also, conservation of mass gives:

Q=vA (9.55)

where Q is the flow out of the sample, v is the discharge
velocity, and A is the cross-sectional area of the sample. Note
that A is the total cross-sectional area of the sample, not just
the area of the pores through which the water is flowing.
As a result, v is not the actual speed of the water molecules
flowing through the pores (seepage velocity) but rather an
equivalent speed called the discharge velocity. Combining
equations 9.53 through 9.55 then gives the value of k:

k=QIl/hA (9.56)

where Q is the discharge (m?/s), 1 is the flow length between
2 points in the sample, h is the loss of total head between
the same 2 points, and A is sample cross-sectional area. The
discharge Q is the volume V collected in a time t divided by
t. The cross-sectional area A is wD?/4 where D is the sample
diameter. The loss of total head h is h,, — h3, as shown in
Figure 9.69. Therefore, the hydraulic conductivity k is:

4V l

=——— 9.57
tmD? h,y — hys ©-37)

The advantage of the constant head permeameter test is that
itis a very simple test to run; the drawback is that it is limited
to measuring the hydraulic conductivity k of coarse-grained
soils at a small scale. The k values typically measured with
this test range from 107! to 107 m/s.

9.16.2 Unsaturated Soils

If the soil is unsaturated, things are quite different. The
first thing to realize is that the hydraulic conductivity of an
unsaturated soil is less than that of a saturated soil: Water
goes through an unsaturated soil more slowly than through a
saturated soil. The reason is that air is in the way of the flow,
and the water is attracted to the walls of the tiny conduits
formed by the particles. Of course, one must remember that in
the equation giving the water velocity v (m/s) from the flow
discharge Q (m?/s) (Eq. 9.55), A is the total cross-sectional
area of the sample, not the actual water flow area. Because the
flow area is significantly reduced in the case of unsaturated
flow, the actual water velocity is quite a bit higher than the
velocity given by Eq. 9.55.

The steady-state permeameter test for unsaturated soils
consists of the same equipment except for two differences:
(1) The measurements of water compression are changed to
measurements of water tension, and (2) a tube is connected
to the center of the sample to control the air pressure in the
sample. The measurement of the water tension is made at two
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Figure 9.71 Constant head permeameter test for unsaturated soils.

locations, using tensiometers or other appropriate devices.
Figure 9.71 shows the diagram for an unsaturated steady-
state permeability test. The water level is maintained on the
upstream side (point 1) and the water starts flowing. It arrives
at the high air entry disk. This disk lets the water go through
but not the air; that is a property of that disk. Then the water
goes through the soil voids. One would think that it would
flood the voids as it is attracted by the water tension (suction)
in the water phase. But the air is in the way, and it has no
way to escape because there is another high air entry disk at
the other end of the sample. So the water is forced to flow
through the continuous water phase around the air phase. The
water tension is larger at point 3 than at point 2 (Figure 9.71)
because the water loses energy as it drives through the soil. A
friction force arises between the water molecules and the soil
particles as the water drags through the voids. This force is
called the seepage force. As a result of this force, there is an
associated loss of pressure between points 2 and 3. Because
the pressure at point 2 is negative (water tension), the pressure
at point 3 is even more negative (h,; < hy, < 0).

The hydraulic conductivity depends on the water tension
(Figure 9.72). As the water tension increases, the amount of
water in the soil decreases, and it becomes harder and harder
for the water to percolate through the soil: There is less room
for the water to flow and a higher attraction between the
water and the soil particles. The effect of the water tension
on the hydraulic conductivity can be documented in this test
by changing the air pressure through port 4. Applying an air
pressure u, different from zero changes the water tension u,,.
This allows one to run the permeability test at different water
tensions and establish the relationship between hydraulic
conductivity and water tension.

From the calculations point of view, the hydraulic conduc-
tivity k is obtained as:

4v l

k= ———— 9.58
tr D* (hyy — hy3) ( )
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Figure 9.72 Constant head permeameter test results for unsatu-
rated soils.

where V is the volume of water collected in a time t, D is the
sample diameter, and 1 is the distance between the two points
where the total heads h, and h; are measured. Note that
Eq. 9.58 is the same as Eq. 9.57. The difference is that h, and
h;; are different, because the soil is unsaturated. The average
water tension u,, associated with the hydraulic conductivity
k of Eq. 9.58 is:

U = hﬂ2 + hP3

v 2
The combination (k, u,,) gives the coordinates of one point
on the hydraulic conductivity vs. water tension curve. By

testing the soil at different water content (water tension), one
can get the complete curve (Figure 9.72).

<0 (9.59)

Note that the chemistry of the water makes a difference
when running a permeability test. If the water that seeps
through the soil has a much different salt chemistry than the
sample water, the osmotic suction could be activated and lead
to a different water tension in the sample than if the water
seeping through the sample had the same chemistry than the
water in the sample.

9.17 FALLING HEAD PERMEAMETER TEST FOR
SATURATED SOILS

The falling head permeameter (FHP) (Figure 9.73) is used to
obtain the hydraulic conductivity k of saturated fine-grained
soils. The soil sample is placed in a cylinder about 75 mm in
diameter and 150 mm high with one filter stone at the top and
another at the bottom. The top of the sample is connected to
a tube with a much smaller diameter (say, 10 mm) filled with
water. Unlike the constant head permeameter, the water level
in this tube goes down with time. The bottom of the sample
is connected to a container where the water level is kept
constant through an overflow. The measurements consist of
recording the time on one hand and the drop in height in the
small tube on the other (Figure 9.74). Darcy’s law gives:

v=ki (9.60)

where v is the discharge velocity through the sample, k is the
hydraulic conductivity, and i is the hydraulic gradient. The
hydraulic gradient in this case is given by:

i=h/l 9.61)

where h is the loss of total head through the flow distance 1
(Figure 9.73). Also, conservation of mass gives:

Q=vA=kiA=kAh/] (9.62)
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Figure 9.73 Falling head permeameter equipment: (a) Principle. (b) Equipment. (a: After FHWA.

b: Courtesy of Gilson Company, Inc.)



9.18 WETTING FRONT TEST FOR UNSATURATED SOILS 213

150

130

—_
jury
o

~
o

50

Height of water
above exit over flow, AH (cm)
©
o

30
0 4 8

12 16 20

Time, t(min)

4.8
4.6
4.4
4.2

Ln (Ah)

3.8
3.6

3.4
0 4 8

12 16 20

Time, t(min)

Figure 9.74 Falling head permeameter test results.

where Q is the flow out of the sample, v is the discharge
velocity, and A is the cross-sectional area of the sample. The
flow Q through the sample is also given by:

Q = —adh/dt (9.63)

where a is the cross-sectional area of the small tube, and
dh is the drop in water level in the small tube during the
time dt. The minus sign is necessary because dh is negative
(the water level drops) while all other quantities are positive.
Regrouping equations 9.58 and 9.59 gives:

1 ( dh
dr =& (——) (9.64)
A\ h

After integration between the times 0 and ¢#; corresponding
to the losses of total head equal to Ahy and Ak (Figure 9.73),
the hydraulic conductivity is given by:

k=—ILn— =23—I1og — (9.65)
At Ahy Aty Ah,

The advantage of the falling head permeameter test is that
it is very simple to run; however, it is limited to measuring
the hydraulic conductivity k of fine-grained soils at a small
scale. The k values typically measured with this test range
from 10~ to 10~ my/s.

9.18 WETTING FRONT TEST FOR
UNSATURATED SOILS

The wetting front test is used to measure the hydraulic
conductivity of unsaturated soils as a function of the water
tension or water content. In this test the water progresses
through the soil and saturates (wets) the soil as it goes. Three
methods exist: the instantaneous profile method, the capillary
rise method, and the wetting front method. The instantaneous
profile method is described here. The other methods are
described in Li, Zhang, and Fredlund (2009).

The test setup is shown in Figure 9.75. The water enters
the sample from the left and wets the sample progressively
toward the right. The air is chased away in front of the wetting
front and escapes through the filter stone at the right end of the
sample. Tensiometers or psychrometers are placed at regular
intervals along the sample to measure the water tension u,,.
During the test, the water content of the sample increases
progressively while the water tension decreases accordingly.
Because the hydraulic conductivity k depends on the water
tension u,,, during this single test the hydraulic conductivity
varies significantly. The measurements of water tension give
the water content through the SWRC and also the velocity of
the water as a function of time. The result of this test consists
of a curve linking the hydraulic conductivity to the water
tension or water content.
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Figure 9.75 Wetting front test for unsaturated soils.

The data reduction proceeds as follows. The hydraulic
gradient i varies as a function of time ¢ and is given by
the slope of the total head &, versus distance x. Because the
elevation head is constant, it is also the slope of the pressure
head &, versus distance x (Figure 9.75):

joo= e _ Ay (9.66)
O o T ax '

Note that the pressure head £, is related to the water tension
u,, and the unit weight of water y,, as follows:

The volumetric water content 6,, may be obtained in the
sample at any time and at any location by using the measured
water tension at that time and at that location and the SWRC.
In the center part of the curve, the relationship between 6,
and u,, can be approximated by:

6,=C,logu,+a or dfj,=C,ddlogu,) (9.68)

where C,, is the slope of the 6,, vs. log u,, curve. Then the
volume of water V,, in the sample between a given point j
and the end of the sample is given by:

1
Vv, = / O,y Adx (9.69)
.

J

The velocity v,, of the water passing point j during an
interval of time dt is given by:

dv,
=" 9.70
Yw Adt ©.70)

and the corresponding average hydraulic gradient is:

. L. .
lave = 5 (l(t) + l(Iert)) (971)

Then the hydraulic conductivity k(u,,) is found as the ratio of
the velocity and the hydraulic gradient. The value of k depends
on the water tension u,,; by using different corresponding
pairs of pressure head vs. distance curves and volumetric
water content vs. distance curves, the graph of k(u,,) vs u,,
can be generated with a single test.

9.19 AIR PERMEABILITY TEST FOR
UNSATURATED SOILS

For unsaturated soils, it is sometimes necessary to measure
the hydraulic conductivity of the soil to air flow k,. One way
to measure k, is to use the apparatus shown in Figure 9.76.
Air is supplied at a constant pressure p to the bottom of the
unsaturated soil sample. The air flows through the soil and
comes out at the top of the sample. The volume of air V,
collected during a time t is measured through a U-shaped,
graduated burette. The air at the top of the sample is kept at
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Figure 9.76 Measuring the hydraulic conductivity of air through
an unsaturated soil.
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Figure 9.77 Relative hydraulic conductivity of water and air as a function of degree of saturation.

atmospheric pressure by adjusting the height of the burette so
that the level of the oil remains the same on both sides (points
A and B on Figure 9.76). Because point A is connected to the
atmosphere, the pressure at B is also atmospheric.

The data reduction consists of the following. Darcy’s law
seems to describe the flow of air through soil reasonably well
(Fredlund and Rahardjo 1993, p. 119). Therefore:

v, =k,i, (9.72)

where v, is the air flow velocity, k, is the hydraulic conduc-
tivity of air, and i, is the hydraulic gradient for the air flow.
Furthermore, the hydraulic gradient for the air is:

d(u“>
dh 1d
o= a o \VYa) _ 14U 9.73)

¢ dx dx v, dx

where h, is the total head for air, x is the flow distance along
the soil sample, u, is the air pressure, and y, is the unit
weight of air (0.0118 kN/m? at 20C). Note that the change
in elevation head for air is typically negligible compared to
the change in pressure head for air. This is why the change
in total head is taken to be equal to the change in pressure
head. The air pressure at the bottom of the sample is p and is
maintained at O at the top of the sample, which has a length L.
Therefore, the hydraulic conductivity of the air through the
soil sample is given by:

_ YaVal

9.74
Apt (9.74)

a

where k, is the hydraulic conductivity of air, y, is the unit
weight of air (0.0118 kN/m3 at 20C), V, is the volume of air
flowing through the sample during a time ¢, L is the sample
length, and p is the air pressure applied at the bottom of the
sample.

The value of k, depends on how dry the sample is as
measured by the water content or water tension. The test
described previously can be performed at different values of
the water content or water tension by simply letting the sample
dry and repeating the test at different water contents. The drier
the sample is, the higher the value of k, will be for a given soil.
When the soil is dry, the value of k, is maximum and equal
t0 K, gry)- This trend is contrary to the trend for the hydraulic
conductivity of water k,,. Indeed, k, decreases when the
soil gets drier; it is maximum when the soil is saturated
and equal to k. Both hydraulic conductivities are often
presented as normalized values as follows:

kw = krwkw(sat) (975)
ka == kraka(dry) (976)

Figure 9.77 shows an example of the combined variation
of both normalized hydraulic conductivity values k., and k,
as a function of the degree of saturation S. Note that there is
a limiting degree of saturation S,, (0.3 on Figure 9.77) where
the water is no longer mobile and at the same time a limiting
degree of saturation S, (0.85 on Figure 9.77) where the air is
no longer mobile.

9.20 EROSION TEST
9.20.1 Saturated Soils

The erosion function apparatus (EFA) test was developed
in the early 1990s to measure the erodibility of soils and
soft rocks (Figure 9.78; Briaud 2008). The principle is to
go to the site where erosion is being investigated, collect
samples within the depth of concern, bring them back to
the laboratory and test them in the EFA. The 75 mm outside
diameter sampling tube is placed through the bottom of the
cond