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Foreword

An international conference titled, “Challenges and Recent Advances in Pavement
Technologies and Transportation Geotechnics” was held in China during 3 — 6
August 2009. The conference was hosted by Changsha University of Science and
Technology, China and co-sponsored by ASCE Geo-Institute, Asphalt Institute,
Central South University, Chinese Society of Pavement Engineering, Deep
Foundation Institute, Federal Highway Administration, US Department of
Transportation, Hunan University, China, International Society for Asphalt
Pavements, Jiangsu Transportation Research Institute (JSTRI), China, Korea Institute
of Construction Technology, Korean Society of Road Engineers, Shanghai Highway
& Transportation Society, Texas DOT, Texas Transportation Institute, and
Transportation Research Board (TRB).

This geotechnical special publication constitutes the proceedings of the four
sessions of the conference: Soil Behavior and Laboratory Testing, In-situ Test
Methods for Site Characterization, Design and Quality Control of Earth Structures
and Subgrades, Pile Foundations in Subgrade, and Tunnel Engineering.

Whilst soil has been used as construction material since ancient times,
technological advances continue to be made in the means of exploring, testing and in
the geotechnical methods for planning and designing. The knowledge and awareness
of soil behavior is fundamental to all aspects of geotechnical engineering. The
objective of this publication is to provide the reader with information and foster the
data on recent advances in the in-situ and laboratory testing, pile foundation systems,
tunneling and design procedures for earth structures. The collection of peer-reviewed
papers accumulated here synthesizes the current and future progression in respective
geotechnical fields.

Papers in this volume were reviewed by professional geotechnical engineers with
expertise in the subject area. Each paper included in this publication has received at
least two positive examine reviews. Authors were given the opportunity to modify
their papers based on reviewer’s suggestions prior to final submittal of the papers.
The ideas in the papers are those of authors and do not necessarily represent the
views of reviewers, editors and ASCE. All papers are eligible for discussion in the
Journal of Geotechnical and Geo-environmental Engineering and are eligible for
ASCE awards.
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Swelling Behavior of Compacted Expansive Soils
Yan Kezhen' and Wu Luocheng’

'Hunan University, Changsha 410082, China; email: yankz2004@163.com.
*Hunan University ,Changsha 410082, China; email: wlewilleg2006@yahoo.com.cn.

ABSTRACT. In this paper, swell pressures of the compacted expansive soil of
Guangxi Province are investigated by a series of swelling laboratory tests with
different initial moisture contents and dry density. The relationships of swell pressure
with initial moisture content and dry density are established. The method to calculate
the expansive characteristics is obtained when the water contents and total stress levels
are changed. These relationships can be used in practical expansive soils engineering.

INTRODUCTION

Expansive soil is mainly made of hydrophilic mineral such as montmorillonite, illte
and so on. Expansive soils will cause relatively large volumetric change when it
absorbs water or when it dries. The expansive force will damage engineer structures
when the volume of expansive soils changes. Hence it is of great significance to study
the swelling behavior of expansive soil to engineering projects in expansive soil areas.

Many factors have an effect on the characteristics of expansive and the magnitude
of expansive force including component of soil, water content, dry density and upper
load. In recent years, a number of researchers have studied the problem of expansive
soils and obtain a new calculation method which takes different factors into account.
According to the swelling experiment of compacted expansive soils, Xu et al.
(1997,1998) summarized the formula of capacity of compacted expansive soils due to
the change of water content and different total stress levels. Scott et al. (2004)
obtained the formula of capacity of compacted expansive soils due to the variation in
water content. By one-dimensional and three-dimensional swelling experiments,
Mosleh and Abdulmohsin (2003) obtained the method of estimating swelling
characteristics of compacted expansive soils due to the changes of matrix suction, total
stress levels and water content. However, only the single factor on swelling
deformation was considered in the above methods. In fact, there are a lot of variables
which affect expansive soils; furthermore, these factors are always coupled. So, it can
not reflect the coupling of multi-factor very well above formulas. Based on the
different factors, Zhang et al. (2005) obtained the swelling deformation mode of
artificial compacted expansive soils with different initial water content, initial dry
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density and total stress levels. However, the swelling deformation of expansive soils is
mainly caused by the change of water content, the approach can only calculate the
swelling deformation of saturated expansive soils, while expansive soils are normally
in the unsaturated state in the practical engineering. Therefore, it is necessary to study
the model of swelling deformation due to the change of water content.

EXPANSIVE FORCE CHARACTERISTICS OF COMPACTED EXPANSIVE
SOILS

The Relationships of Dry Density and Expansive Force

The expansive soil specimens are taken from the highway of someone areas in
Guangxi province. The physical properties of the expansive soils are shown in Table 1.
With different moisture contents and dry density in soil specimen, a series of
expansibility tests are tested according to the criterion. Fig.1, 2 and 3 show the
relationship of dry density and expansive force with the same water content. From the
three figures, it can clearly be seen that the expansive force increases rapidly with the
increase of dry density and there is an exponential relationship between them. When
the water content of soils is same, the expansive force of soil sample no. 1 is the
largest and the sample no. 3 is the smallest. The main cause is that the free
expansibility of soil sample no. 1 is 60% which is the largest and the free expansibility
of soil sample no. 3 is 33% which is the smallest. So, the results show that the
expansive force of expansive soils has a relationship with the free expansibility. In
other words, the free expansibility is higher, the expansive force will be larger too.

Table 1. The Physical Properties of the Three Soil Samples

. Liquid | Plasticity | Plasticity | Moisture . Dry
Sa?r()nlles Limit Limit Index Content Z[:ez:‘c‘:iﬁc Density
P (") (“o) (o) (") Y| KNm')

1 77.2 347 425 18 2.73 17.2

2 56 30.0 26 20 2.69 16.5

3 55.4 31.5 23.9 22 2.70 16.8

The Relationship of Water Content and Expansive Force

Fig. 4, 5 and 6 show the relationships of water content and expansive force with the
same dry density. From the experiment results, it can clearly be seen that when the dry
density of soil samples is same, the expansive force decreases with the increase of water
content and there is a fine exponential relationship between of them.
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THE SWELLING DEFORMATION CHARACTERISTIC OF COMPACTED
EXPANSIVE SOILS

The Relationship of Swelling Deformation and Water Content

Figs. 7-9 show the relationship of swelling deformation and water content. It can
clearly be seen that the swelling deformation of expansive soils decreases with the
increasing of initial water content and there is a fine linear relationship between them.
Therefore, the relationship between the swelling ratio and water content can be written
as:

d,= a- c,w, (1)

Whered, is the swelling ratio, w),is initial water content, aandc,,are the parameters.

Fig.10 indicates that the relationship of the change value of water content and
expansive deformation at different level of upper loads. Therefore, the relationship of
the change value of water content and expansive deformation can be written as:

dp = Ce,w(w' W) @)

Where w is the final water content, c,

,wp 18 the swelling coefficient which means the
expansion ratio of expansive soils under the unit change of water content.

Scott et al. (2004) studied the swelling coefficient by the one-dimensional and
three-dimensional swelling experiments for natural expansive soils and compacted
expansive soils, and thought the level of upper load had important influence on the
swelling coefficient of expansive soils. Thus, it is necessary to take into account the

influence of upper load when the expansive deformation is calculated.

The Relationship of Swelling Deformation with the Change Value of Upper Load
Fig.11 shows the relationship between the swelling deformation and the change value of
upper load under different water content. From fig.11, it can be seen that the swelling
deformation decreases with the increase of upper load. So the relationship of
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FIG. 7. Relations between expansive FIG. 8. Relations between expansive
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water content of sample 1. water content of sample 2.
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FIG. 11. Relationship between the swelling quality and upper load under the
different water content.

the swelling deformation and the change value of upper load can be written as:

— S:+pa -
d = A(=—Ley? (3)

a

Where A and B are parameters, p,is the atmospheric pressure. When the upper

pressure is equivalent to zero in equation (3), the swelling deformation is equal to the
value of A. The parameter B is influenced by the types of soils and the variations of
water content.

The Method to Calculate Swelling Deformation
From equation (4) we can see that A is the value of swelling deformation when the
upper pressure is zero. So substituting equation (2) into (3) yields the following:

d,= ¢, o(w- )Ly o @)

Where the ¢ is the swelling coefficient when the upper pressure is zero.

e,wo
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The magnitude of swelling deformation is affected not only by the change of water
content and upper load pressure, but also by initial dry density. The equation (4) does
not take the initial dry density into account. According to the different compaction
conditions, the swelling coefficientc, ,,can be obtained through a series of swelling

laboratory tests by soil samples with different compaction degree. Thus, the swelling
values can be calculated as following:

n o +p
AH = Zl hicsi,wa (W,' - W, )(%) B (5)

Where /,is the thickness of soil layer, c, ,is the swelling coefficient of soil layer.

there is no difference in other parameters. When the three-dimensional advancing
effects of swelling deformation is taken into account, the calculation formula of
swelling quality of expansive soils can be written as:

N 0.tk -
AH =Y I €0 (0, =, () 6
i=1

a

Where f, is the modify coefficient and can be obtained in Scott et al. (2004).

CONCLUSIONS

The swelling force and swelling deformation are investigated by a series of
swelling experiment of compacted expansive soil in the highway of some areas in
GuangXi province. The study show that the relationships of swelling force with initial
water content and dry density are exponential relationship. The swelling deformation
is proportional to the change of water content and is the negative exponential
relationship with upper pressure. Based on the experimental results of compacted
expensive soils, a method to calculate swelling deformation is obtained under the
condition of changed water content and changed upper loads simultaneity. In this
paper, the results provide a simple and effective method to calculate the deformation
of expansive soil subgrade. However, due to the lack of field experimental results, the
computational model needs to be validated in the future.
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ABSTRACT: Soft soil is widely distributed in the world. With the increase in
construction of highways and railways on soft soil, the treatment of soft soil subgrade
is becoming more and more extensive. Based on the reinforcement effects of glass
fiber, the possibility of applying glass fiber to strengthen soft soil subgrade is
discussed in this paper. More than 100 groups of cement soil samples’ laboratory
testing results are presented and compared. The analysis of test results indicates that
glass fiber mixed in cement soil can improve the strength and deformation
characteristic of cement soil in a certain degree. It could also be used as a possible
replacement of soft soil subgrade. The findings are a new contribution to the soft soil
subgrade treatment techniques.

INTRODUCTION

Soft soils are extensively distributed in coastal and inland areas in China. This
kind of soils is considered problematic due to their poor mechanical properties, such
as small bearing capacity and long-term settlement under surcharge load. With the
rapid development of the economy of China, lots of infrastructures are being
constructed in soft soil areas. Therefore, soft soils often need to be treated by soft
ground improvement techniques, among which, cement deep mixing method is widely
used (GAO Guo-rui and LI Jun-cai, 1996). The soft soils mechanical properties such
as compression strength and tensile strength can be improved to a certain extent after
foundation treatment. However, the increase in compression resistance is always
associated with brittle failure of cement soil under compression and tension and this
will result in project failure. To overcome this undesired problem and get a higher
strength, many researchers apply additional additives in the cement soil (Kaniraj and
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Havanagi, 2001). These additives include fly ash, silica fume, slag powder, lime,
industrial waste gypsum, and various fibers, etc. Each of them has achieved certain
success.

Discrete randomly distributed fiber as a new reinforcement material has also been
used to strengthen cement soil in soft ground (Shbib and Okumura, 2002), as the high
tensile strength of the fiber can solve the problem of brittle failure of cement soil. In
this paper, glass fiber is mixed in cement soil as a reinforcement material to improve
the strength and deformation behavior of the soft subgrade through indoor test. The
tests conducted on glass fiber cement soil include the compression tests, the tensile
tests and the triaxial tests under a certain confining pressure. Results of the
experimental work are therefore analyzed.

MATERIAL AND METHODOLOGY

Materials of Test
Index properties of the soft clay from Yancheng express highway are summarized
in tablel.
Table 1. Physical and Mechanical Properties of Soil Samples

w (%) y (kN/ms) wL (%) | wp(%) I, Iy C (kPa) #©)
39.2 18 40.4 12.6 0.96 27.8 14 12
where:

w water content, y unit weight, wy liquid limit, wp plastic limit, /; liquidity index, Ip
plasticity index, C cohesion, gangle of internal friction.

The cement type was P.C32.5, its compressive strength of cubic sample with 3
days was 21.0 MPa, and its tensile strength of cubic sample with 28 days was 42.7
MPa. The chopped and discrete strands of glass fiber were taken as the reinforcement
material. For the convenience of sampling, the length of glass fiber was taken as
10mm. Its basic physical and mechanical properties are shown in Table 2.

Table 2. Physical and Mechanical Properties of Glass Fiber

Monofil Tensile Contents of Water Linear

Type Dia.(um) Strength Inflammable Content Density
i (MPa) Matter (%) (%) (tex)

AR 7 2.24%x10° <1.5 4.0 200-235

where: AR Alkali-proof glass fiber.




GEOTECHNICAL SPECIAL PUBLICATION NO. 192 9

Test Method

The cubic size of specimens in unconfined compression test and splitting tensile
test was 7.07 cm % 7.07 cm % 7.07 cm. The diameter of cylinder specimens of triaxial
test was 3.91 cm, and its height was 8 cm. The mixture ratio of materials in each group
is shown in table 3. Materials in each group were mixed uniformly before being placed
into a mold. The specimens were placed in the mold and covered with a plastic
membrane for two days, and they were cured in the water to the desired age after
demoulding.

Table 3. The Amount and Matched Groups of Specimens

Cement Glass Fiber Parallel Specimens
o Water o
Group Dosage(%, Cement Content(%, Amount
Accounts for the Ratio Accounts for the 7 30 90
Weight of Soil) Weight of Soil) Days | Days | Days
A 12 0.5 0 3 3 3
B 15 0.5 0 3 3 3
C 12 0.5 1 3 3 3
D 12 0.5 2 3 3 3
E 12 0.5 3 3 3 3

In the tests of compression strength and tensile strength, the load was applied
continuously and uniformly with the rate of 8 mm/min until the specimens breaking
(Xiao ling et al, 1985). Triaxial tests took the form of unconsolidated-undrained test
under the confining pressure of 100 kPa with three different ages of the specimens.
The speed rate of axial strain was controlled as 1% / min (0.8 mm/min), and the data
of stress were recorded every 0.2 mm of the axial strain until peak value was reached.
The triaxial tests should not be stopped until the strain increase to 3%~5%
continuously after the peak value (Nanjing Hydraulic Research Institute, 2003).

RESULTS AND DISCUSSIONS

Unconfined Compressive Strength of Cement-soil Mixed Glass Fiber

Compression test results of the cement-soil mixed glass fiber are shown in Fig. 1.
where: g, Unconfined compressive strength of the specimens; and 7 Ages of the
specimens, with 7 days, 30 days and 90 days respectively.

The results illustrate that cement soil mixed with glass fiber contributes well to the
effects of the strength of soft soil with three kinds of ages, and the extent of the
strength increase is proportional to the glass fiber content. In three kinds of ages, the
specimen mixed with 12% cement and 3% glass fiber has a larger compressive
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strength than the specimen mixed merely with 15% cement.

7

’—{—O—A—O—B —>—C ——D ——E
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FIG. 1. Relationship of unconfined compressive strength.

In the aspect of failure modes, the crack width and quantity of the specimens with
glass fiber are distinctly smaller than those without glass fiber. Few cracks were found
as the specimens of glass fiber cement soil broke, while the specimens mixed with
cement only peeled off the surface besides more cracks. Therefore, the glass fiber
cement soil obviously helps in reducing brittleness than original cement soil.

Tensile Strength of Cement-soil Mixed Glass Fiber

From the results of tensile test shown on Fig. 2, the mixture of glass fiber also
helps in improving the tensile strength of soft soil treated by cement soil with three
kinds of ages. The tensile strength of specimens mixed with glass fiber and cement is
obviously higher than those mixed with cement only, which can be seen from curves
in Fig. 2. The increase of the tensile strength in short time seems larger than those in
long time. It is found that the glass fiber mixed in cement soil for soft soil treatment
can improve tensile properties of soft soil in a short period.

1.4

1F /
< /
& 08 —
= —
= 0.
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02 |

o 1 1 1 1 1 1 1 1 J

0 10 20 30 40 50 60 70 80 90

T/d
FIG. 2. Relationship of tensile strength and age.

Where: g, Tensile strength of the specimens; and 7 Ages of the specimens, with 7
days, 30 days and 90 days respectively.
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As for the failure mode, specimens of 90d without glass fiber present the character
of brittle failure obviously in split tensile test. The fracture plane penetrates the entire
specimen. While the specimens mixed with glass fiber show cracks on its surface
when breaking, but they are not ruptured, which is attributed to the tensile strength of
glass fiber. The crack width and depth of specimens with glass fiber are all smaller
than specimens with cement only. Therefore, the mixture of glass fiber plays an
important role to improve crack resistance of soft soil treated by cement.

Stress-strain Relationship of Cement-soil Mixed Glass Fiber

To investigate the deformation character of the specimens, triaxial test with three
different kinds of ages are carried out under the confining pressure of 100 kPa. Stress
and strain relationships of the specimens are illustrated in Figs. 3-5.
Where: ¢ - Axial strain; and (¢1-03) - Deviatoric stress.

|—=—A——B ——C ——D ——E|
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F IG. 3. Stress-strain relationship of 7d ages.
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FIG. 4. Stress-strain relationship of 30d ages.
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FIG. 5. Stress — strain relationship of 90d ages.

In three kinds of ages, the stress-strain curves of all cement soil specimens exhibit
nonlinear features, which are similar to the deformation characteristics of the
over-consolidated clayey soils. The difference of peak deviatoric stress and axial strain
between specimens mixed merely with 12% or 15% cement is not obvious in the short
term of 7d ages and 30d ages. However, the peak deviatoric stress of specimens mixed
with glass fiber is obviously higher than those without glass fiber under the same
condition of cement dosage. The peak deviatoric stress and axial strain of specimens
mixed with glass fiber are directly proportional to the content of glass fiber. At the
same time, the strength enhancement effect of glass fiber is verified with three kinds
of ages. For the axial strain at failure, glass fiber cement soil specimens are also higher
than those without glass fiber under the same conditions, especially when failed in the
short term. The difference of peak axial strain between them decreases with the
increase in age.

As for the failure mode, the short age specimens, such as 7d and 30d aged
specimens, present plastic shear failure mode, with a distinct inclined crack
penetrating the entire specimen. The fracture plane intersects major principal stress
plane with an angle of about 60° . With the increase in age, glass fiber cement soil of
90d have compression fractures at the specimen ends when breaking, its failure mode
is similar to brittle failure. Specimens mixed with cement only have vertical cracks
which penetrate the two ends of the specimens when breaking, and it shows
characteristics of brittleness failure.

CONCLUSIONS

(1) Glass fiber has a better effect in strengthening soft soil subgrade than with cement
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only.

(2) Mixing with glass fiber, soft soil is modified as strong as over-consolidated soils.
The compressive strength and tensile strength of cement soil have a great
improvement with the increase of glass fiber content and specimen ages.

(3) Glass fiber has a good effect to improve crack resistance of cement soil. The peak
axial strain of glass fiber cement soil is smaller than those specimens mixed with
cement only, and the difference decreases with age.

Glass fiber as a new additive to cement soil is expected to play a positive role as
cost-save factor and may open a new era of soft soil subgrade improvement by cement
soil technique. And the work described in this paper is a preliminary research of glass
fiber reinforced material, other more researches need to be carried out for more
detailed properties of glass fiber strengthened cement soil in soft soil ground treatment
field.
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ABSTRACT: Featured by its high strength and good water stability, coarse-grained
soil can be mixed with clay and used as fine-property filler in embankment
construction. However, the mixing ratio is usually difficult to determine. If the
coarse-grained soil content is excessively high, the embankment is prone to crack or
damage because of cohesion deficiency. On the contrary, if the coarse-grained soil
content is too low, its high strength can not be utilized effectively, which may result in
strength deficiency and excessive settlement. Based on field survey and laboratory test
results, this paper has made deep analysis on the strength mechanism of glacial
sediment coarse-grained soil, and the reasonable mixing ratio of coarse-grained soil
and clay soil has been discussed.

INTRODUCTION

The scope of this paper is to show some field survey and laboratory test results
obtained in the framework of a more comprehensive research project aimed at the
research of the “Highway roadbed construction technology in glacial sediment areas”.
Such a project (2006A24-611 — coordinated by XU Lin-rong of Central South
University) is supported by the Sichuan Provincial Communications Department.

Glacial sediment is widely distributed in areas in western China. It is made up of
sediments transported by glacier, whose main components are gravel, sand pebble, etc.
Therefore it has good strength and can be used as the filling material in embankment
construction. Glacial sediment is typical coarse-grained soil with low adhesive force
and poor integrity. Accordingly clay soil should be mixed together to obtain better
compaction results, and enhance the overall strength of the embankment (Rahardjo et
al. 2008; Indrawan et al. 2006). Based on the field survey (Wakatsukia et al. 2005)
and laboratory large scale coarse-grained soil triaxial shear test (Pallara et al. 2006;
Watson et al. 2002), the strength mechanism of glacial sediment coarse-grained soil
has been studied, and the reasonable mixing ratio of coarse-grained soil and clay soil
has been discussed (Loupasakis et al. 2008).

BACKGROUND

Yalu (Yaan - Lugu) highway is located in the transition zone between the

14
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southwest edge of Sichuan basin and the plateau area, where complex topography,
active seismic motion and geological disasters are very common. Consequently,
sophisticated technology is demanded to overcome the great difficulty during
construction. Therefore, it has been selected as the high technology demonstration
project of science and technology in the Ministry of Transport of the P.R.China.

According to the field investigation and sampling study results in 2007, we have
found massive glacial sediment (Q,+3®") along the YaLu highway. In consideration of
its engineering properties and economic benefits, glacial sediment can be used as
embankment filling material. But as a completely new filling material, there is no
engineering experience and related research literature which could be consulted.
Therefore, it is necessary to make further research, especially on the mixing ratio of
coarse-grained soil and clay soil.

FIELD INVESTIGATION

The distribution range and formation reason has been ascertained through several
months filed investigation (See FIG. 1). The typical gradation curves of glacial
sediment used as filling material has also been obtained. Based on the proposed
research scheme and in combination with the practical conditions, four roadbed
sections have been selected to conduct long term field monitoring test. Meanwhile, 5
tons of soil samples has been obtained in Luba village (K178 + 200) to carry out
laboratory test.

FIG. 1. Glacial sediment distribution field investigation and disturbed samples
obtained on site.

EXPERIMENTAL SCHEME

According to the design and construction scheme, four factors have been considered
in the experiment, including stone content, clay content, compaction degree and
reinforced layer, and every factor has three levels. Comprehensive test is unpractical
because of the experiment times (81 groups). Therefore, orthogonal test method has
been adopted. The experiment grouping scheme has been formulated in the orthogonal
design table Lo(3*) based on orthogonal design principles (FANG and MA 2001). Nine
groups have been arranged in total and the level difference is approximately equal
(See Table 1). Three samples have been made and tested in each group (the confining
pressure is respectively 100 kPa, 200 kPa and 300 kPa). Because the embankment is
working in the condition of unsaturated, non-consolidation and non-drainage during
construction and operation, the experiment has been performed under the same
condition. The test samples of each group have been made according to the optimum
water content obtained form heavy compaction test.
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Table 1. Orthogonal Experimental Scheme

Group Stone Clay | Compaction | Reinforced | Optimum | Maximum
Number | Content | Content Degree Layer Water Dry
(%) (%) (%) Content Density
(%) (g/cm’)
1 30.7 9.5 93 0 7.20 2.08
2 30.7 5.9 90 2 7.14 2.09
3 30.7 2.3 96 1 6.84 2.12
4 40 9.5 93 0 6.86 2.14
5 40 5.9 90 2 6.80 2.14
6 40 23 96 1 6.49 2.17
7 50 9.5 93 0 6.43 2.19
8 50 5.9 90 2 6.38 2.19
9 50 23 96 1 6.12 2.20

LABORATORY APPARATUS AND EXPERIMENTAL PROCEDURE

The experiment has been carried out on the SZ304 large scale triaxial test machine,
whose sample size is 30 cm % 60 cm (D x H).The maximum permissible particle size
is 6 cm. The sample has been made by artificial method with a heavy hammer
(approximately 30 kg) and a charging cylinder (see FIG. 2).

The glacial sediment samples obtained from field have been sun dried and then
sieved to the following seven groups: 40~60 mm, 20~40 mm, 10~20 mm, 5~10 mm,
2~5 mm, 0.075~2 mm and 0~0.075 mm (See FIG. 3) (Founie et al. 2007). Based on
the experiment scheme and the gradation curves of the filling material, the sieved soil
samples have been mixed together. The water is then added in according to the
optimum water content of each group.

FIG.2. SZ304 triaxial test FIG. 3. Several groups of soil sample after
apparatus and sampling sieving.
devices.

For better compaction effect, each sample has been divided into ten layers during
sampling process, namely the thickness of each layer is 6cm. The well-mixed soil
sample have been added into the charge cylinder and compacted layer by layer. Each
interface has been pounded by a steel rebar to ensure closely junction. In the process
of compaction the total height of each sample should be measured frequently to
control the thickness of each layer. By this way, the soil sample can be compacted
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evenly and scheduled compaction degree can be reached (see FIG. 5).

FIG. 4. Geotechnical grille is used as reinforce FIG. 5. Compaction degree
material in test sample. control and sampling process.

EXPERIMENTAL RESULTS

The results of cohesion force (c¢) and internal friction angle ( @) of soil samples in
different groups were shown in Table 2.

Table 2. Results of the Orthogonal Experiment

Group Clay Content Cohesion Force Internal Friction Angle
Number (%) (kPa) ®)
1 9.5 42 41.8
2 59 123 43.7
3 2.3 66 43.5
4 9.5 71 40.8
5 5.9 75 42.8
6 2.3 199 38.0
7 9.5 315 29.2
8 5.9 162 40. 1
9 2.3 55 42.6

Due to the limited space, it is impossible to analyze all the experiment results in
detail. Therefore, only the influence of the clay content on the strength of glacial
sediment was discussed in this paper. Through visual analysis method (FANG and
MA 2001), the relation between the clay content and strength parameters (cohesion
force and internal friction angle) has been obtained and shown in Table 3. The
cohesion force and internal friction angle values in Table 3 are obtained by averaging
all the test results of the same clay content. For example, 106.7=average {66, 199, 55}.
The curves of strength parameters’ variation along with the clay content can be seen in
FIG. 6.

From Table 3 and Fig. 6, it is shown that the cohesion force (c) increases obviously
along with the increase of clay content and the clay content-c curve is approximately a
straight line. The cohesion force value increases by 34% (from 1.067 to 1.427) while
the clay content changes from 2.3% to 9.5%, which indicates that cohesion force is
significantly influenced by the change of clay content.
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Table 3. Cohesion Force and Internal Friction Angle with Different Clay Content

Clay Content (%) Cohesion Force (kPa) Internal Friction Angle (%)
2.3 106.7 41. 4
5.9 120.0 49. 92
9.5 142.7 37.3
130 Qa
140
©
< 130 A
O 120 oz
110
1w 1 1 1 ] 37 1 1 1 J
2 4 6 8 10 2 4 6 8 10
clay content(%) clay content(%)

FIG. 6. Clay content-c curve and clay content- ¢ curve.

From the clay content- ¢curve, it can be seen that the internal friction angle
increases slightly with the clay content increasing at first. When the clay content is
about 5%, the internal friction angle reaches its maximum value. Thereafter, it
decreases rapidly. Trough analysis on the experimental data and the failure mode of
test samples, the authors consider that when the clay content is relative low in test
samples, there are a lot of tiny voids among coarse particles. Hence it is helpful for the
soil compaction when the clay content increases, as a result the internal friction value
increases with it. But when the clay content increases to a certain value, the lubrication
action of clay destroys the bite force among coarse particles. Consequently, the
internal friction value decreases.

DISCUSSION

Based on coarse-grained soil laboratory test results, the infection law of clay content
on cohesion force and internal friction angle has been ascertained. We can simulate
the infection law respectively with a function, such as c=c(x) and ¢ = ¢(x),where x
represents clay content. Substituting the above functions to coulomb law, we can get
the following function: 7,= o tan[ ¢ (x)]+ c(x), where T srepresents the shear strength
of soil and o represents the normal stress on shear plane. This function interprets the
relationship between strength mechanism of coarse-grained soil and clay content. The
reasonable mixing ratio can be got by seeking the maximum value of shear strength.
Due to limited space, the authors will discuss this in another paper.

CONCLUSIONS

Through the analysis of the large scale triaxial test results of glacial sediment, the
following conclusion can be drawn:

(1) The clay content has significant effect on the cohesion force of coarse-grained soil,
which increases significantly with the clay content.
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(2) As for the friction angle, the influence law is quite different. The friction angle
increases slightly with the clay content and reaches to a peak value, then decreases
rapidly.

(3) Considering above conclusions comprehensively, it can be concluded that the
relationship between the strength of coarse-grained soil and clay content is not linear.
For a particular soil, there should be an optimal clay content which makes the
maximum overall strength of coarse-grained soil. The test results of this paper can be
used as reference for further research to determine the reasonable mixing ratio of
glacial sediment.

(4) The clay content also has important influence on ultimate bearing capacity and
stability of coarse-grained soil, which needs further research.
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ABSTRACT: A difficult problem for tunneling in red strata soils in Guangzhou
subway is that the mud cakes are easily formed in the cut face of shield machine. It
has frequently induced ground failures and collapse accidents. The microstructures of
red soil are studied using SEM (scanning electron microscope). The SEM tests
disclose the important microstructures of red strata minerals such as micro-lamina
tactoid, petal-shape and micro-porosity. The mechanism of water-induced red strata
swelling damage and high-viscosity characteristics are then investigated. The
disclosed microstructure and micro-porous properties provide the evidences for
understanding the mechanical behavior of Guangzhou swelling red strata soils.
Furthermore, the chemical foamed-soil modification tests for red soils are presented.
Experiments on foam modified red soils disclose the relationship between
permeability and fluidity for foamed red soils and sandy soils in subway engineering.
This research is helpful for applying foamed soil to stabilize the tunneling face and to
prevent ground seepage damage in shield tunneling construction.

INTRODUCTION

Red sandstone strata, heavily weathered granite residual soils extensively distributed
in South China, have imposed very serious threat to the construction safety of
Guangzhou subway projects. When shield tunneling in these complex red sandstone
strata, the soil-cake phenomenon, strata damages and collapse accidents such as the
soil spewing, slurry extruding happen frequently. The strata damage is a long-standing
problem troubling the shield construction (Wang 2004). Once the large volume hard
cake is formed, it will drop the torque of shield head cutter and reduce the tunneling
advance speed greatly (Yan 2005, Hou & Liu 2006, Chen 2006).

MINERAL COMPOSITIONS AND MICROSTRUCTURE TESTS
Sampling and Mineral Composition Tests

In order to study the microstructure, the mineral compositions and the swelling
mechanism of Guangzhou red strata, samples are taken from all the typical sites. The
sampling sites include 5 subway stations and 4 tunnel sites. The samples include the
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main complex red strata, i.e., red soil, whole, strong weathered sandstone soils; sandy
clay, red sandstone and so on. Microcosmic tests mainly include SEM analysis tests
and X-ray diffraction analysis tests (XRD) (Hou & Liu 2006, Zhang & Wang 1978).
The quantitative analyses of clay minerals and total minerals of red strata samples
show that the content of clay minerals in Guangzhou red strata is up to 40% (see Table
1). The relative content of illite-smectite is reached to 47%. It shows that Guangzhou
red strata are abundant with clay minerals.

Table 1. Mineral Composition of Red Strata in Guangzhou Subway with XRD

Tests
Relative Composition of Ratio of Clay
Mineral in the Rock and | Mixolimnion / | Amount
Site Soil / Rock Soil / % % in Total
s|us| 1 |Kao| C | s | us M‘/'(‘,Zral
1 |Red clay 541 / | 46 / / / / 35.5
2 |Red sandy clay 64| / 36 / / / / 39.9
3 [Redargillaceous i lar|as | 3] 6| / 15 | 401
siltstone
4 |Weathered sandstone | 2 | 46 | 42 4 6 / 15 36.6
5 [Red argillaceous 3075020 1 | 1 /| 4025 | 33.0
sandstone
6 |[Slag soil-red clay /756 ]38 6 / / 45.0

Note: 1. Tiyu west road station, 2 and 3 Zhujiangxincheng station, 4. Wushan road station,
5. Kecun station, 6. Tianhekeyun station. S-smectite, I-illite, C-chlorite, Kao-kaolinite, I/S-
mixolimnion of illite-smectite, C/S- mixolimnion of chlorite-smectite.

>< 30 icro-porous

S

() <2000 flaky S, filar I

>< 40000, lamellar , a, S
FIG. 1. SEM photomicrograph of Guangzhou red soil under high amplification
resolution (a, b, ¢ and d, e, f sampled from two subway stations respectively).
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SEM Microstructure Analysis

The SEM photos of red soil samples are presented as Fig.1. The micro appearance
shows some characteristics: the inter-granular pore is between 30~100un (Fig.1a, 1d);
large quantity of foliated-flocculent mixolimnion of illite-smectite (Fig.la, 1f),
lamellar and petal-shape illite (Fig.1b, 1c), flaky smectite (Fig.1e), chlorite, foliated
kaolinite and granular-corroded albite are contented. The results show that the red soil
at this area is composed mainly of lamellar mini-group (or stacking group, Fig.1b)
formed by plenty of foliated and flat clay groupings. The thickness of single flake is
about 104’ (Inm), the length of single stacking group is 1~2 pm, and the width is
different depending on the weathered degree of the sandstone: the more severe
weathered the narrower the single stacking group, and generally, it is between 2~5um.
The typical interval (crack width) between the lamina is 0.1~0.5 um.

Characteristics of Water-Induced Swelling Behavior of Guangzhou Red Strata

The microstructures of red clay benefit the formation of smectite, and the formation
of smectite induces the hydration and swelling. The microstructure of red sandstone is
prone to the penetration of water, and it creates the necessary condition for water
migrating and contraction of the micro grouping.

The swelling and expansion behavior of the micro stacking group influences the
water movement, water-induced damage and rheology properties. Two factors
contribute the main function during the hydration of the clay minerals in soils: One is
the arrangement state of the microstructure of stacking group under certain water
content, and the other is the distance between two relative independent flakes. All the
testing results show that the internal friction angle ¢ of Guangzhou red clay samples
decreases as exponentially the increase of water content increases; the cohesive
strength ¢ first increases then decreases as water content increases by following a
Gaussian-type relation; the maximum of cohesive strength ¢ occurs at the water
content w of 21.9 % (Yan 2005, Hou & Liu 2006, Chen 2006).

CHEMICAL FOAMED-SOIL MODIFICATION TESTS

All the testing samples are manipulated soils, the densities of soil samples with a
water content of 23%, 20%, and 26% are 2.05g/m3, 2.03g/m3, and 2.07g/m3,
respectively.

Permeability Tests for Foamed Red Soils

Fig.2 shows the relationship between permeability coefficient of foamed clay soils
and the consistency of foam agent (the water content of testing sample is 23%).
Conclusion can be drawn as follows: for the soil mixed with foam under the same
foam injecting ratio (FIR, the ratio between the obtained volume of foam and the
volume of soil with defined water content), the permeability coefficient of foamed
clay soil decreases significantly as the increasing of consistency. Fig.3 demonstrates
the relationship between soil permeability coefficient and FIR at a water content of
20%. It shows that with the same consistency of foam agent solution, the permeability
coefficient of foamed clay soil is the lowest when FIR is 40%. At the same time, Fig.3
expresses that there is an optimum FIR value for soils. The permeability coefficient of
the strata for EPB shield tunneling should be less than 10°m/s, and the test results
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show that they match it quite well.
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Fluidity Tests for Foamed Red Soils

The adopted FIR is 30%, 40% and 50%, and the consistency of foam agent solution
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is 3%, 4% and 5% respectively. The moisture content influences the slump
significantly. For example, the adopted water content of soil sample is 26% and the
corresponding slump cone fall is 58mm. When the FIR is 40%, the water content of
the foamed soil is 27.7%, the plasticity Ip is 20.5, and the liquidity index IL is 0.75.
The test results are illustrated in Fig.4. Fig.4 (a) indicates that for a certain quantity of
FIR the slump cone fall of the conditioned soils and the fluidity of conditioned soils
increase as the consistency of foam agent solution increases. Fig.4 (b) shows that for
certain consistency of foam agent solution the slump cone fall of the conditioned soils
increases with the increase of FIR, and for certain FIR, as the increasing of the
concentration of the foam agent, the change amplitude of the slump cone fall is
greater.

MECHANISM ANALYSIS OF FOAM MODIFIED RED CLAY SOIL
Mechanism Analysis of Foam Modifying Permeability Property of Red Clay Soil

The foam modifies the permeability of soils by injecting plenty of bubbles (with the
size of 5~400um) into the pore space. Double layer theory of solid-liquid interface
adsorption can be employed for analyzing the mechanism of foam modification.
According to the above-mentioned SEM microstructures of the red clay soils, the
microstructures of red strata minerals are micro-lamina tactoid, petal-shape and micro-
porosity, and so on. When foam is injected into the pores of red clay soils, part of the
ions and molecules in the surfactant solution enter the micro-lamina and micro-
porosity structure of the red clay soils. When the charge density of particles surface is
changed, for example, some ions are injected into the soils; the double layer structure
also will be changed. Equation (1) (James K. 1993) shows that the thickness of the
double layer varies inversely with the valence and the square root of the concentration
and directly with the dielectric constant and temperature, with other factors remaining

constant.
| _( &DkT T/z )
K- 2n,e’v’ b

Where 1/ K is the “thickness” of the double layer, ny is the electrolyte concentration,
U represents the cation valence, D is the dielectric constant of the medium, 7 is the
temperature, e is the electronic charge, & is the Boltzman constant, and &, is the
permittivity of vacuum.
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FIG.5. SEM photomicrograph of lamina structures of red clay soil (amplification
9400 times) and the diagram of diffuse double layer structure.
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Fig.5 shows the diffuse double layer structure of soil granule surface. Because of the
surfactant ion and molecule in the foamed soil, the electrolyte concentration is
increased, so the “thickness” of the double layer is decreased. Consequently the
separation between the micro-laminas of the soil is decreased. It is even difficult for
fluid flowing through the micro-lamina, and the bubbles in the pore space of the soil
block the passage of fluid, so the permeability of the soil is decreased greatly.

Mechanism of Foam Modifying the Fluidity of Red Clay Soils

After the foam is injected into clay soils, the pores are filled with micro-bubbles.
The bubbles work as mechanical bearing by lubricating the soils, and the granules are
surrounded by bubbles. The contact area among granules is reduced — it can be
regarded as lubricating balls coating the granules. Therefore, the internal friction angle
of the clay soils will be reduced greatly, as well as the external friction angle, so the
fluidity of the clay soil and sand is enhanced accordingly. The shearing strength is
then reduced with the decreasing of the internal friction angle. In the micro-structure
of red clay soils, two solid-liquid interfaces exist between two arbitrary micro-
laminas; correspondingly, two similar double layer structures exist. According to the
double layer theory, two double layers overlap when they approach to each other, the
repulsion forces prevent them from collapsing into each other, however, the repulsion
force can’t stop the relative lateral moving of two double layers, and the repulsion
force will increase as the increasing of ions absorbed on the double layer, so the
friction between two adjacent micro-laminas is reduced and the lubricating ability gets
increased. Because of the contribution of surfactant ion and molecule injected in the
soils, it will reduce the friction among granules and improve the fluidity effectively.

CONCLUSIONS

1) The clay minerals and total mineral compositions and SEM observation tests for
Guangzhou red strata are determined quantitatively using the X-ray diffraction
analysis. The clay minerals content is about 40 percent, which explains the causes of
hydration-induced swelling for Guangzhou red strata. The minerals analyses unveiling
the microstructure and micro-porous properties provide important evidences to explain
the water-induced damage of the Guangzhou red soils.

2) The microstructure properties of the swelling-induced clay minerals cause the
water-induced swelling, argillation and strong viscidity for Guangzhou red strata. The
results are very helpful for studying the chemical foam agent modifying soils to
control ground damage when shield tunneling in this complex strata.

3) The properties of foam modifying the permeability coefficient and fluidity of soils
are achieved. The reasons for the permeability reduction of the foam modified soils
are the prevention of water efficacy due to the bubbles in the pore space and the
surfactant between micro-laminas of red clay soil.
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ABSTRACT: To investigate the variation of Ko, the coefficient of lateral earth
pressure at rest, with initial saturation degree (S,) and constant radial stress (¢ ,.), a

series of Ko consolidation tests were conducted on expansive soil samples under
different saturation and stress conditions using a stress-path triaxial system equipped
with Hall-effect transducer. The coefficient K, of every sample were obtained by
strictly confining radial strain and evenly increasing radial stress to a given value with a
slow and steady speed. The test results showed that the curve axial stress-radial stress
exhibits nonlinear under small saturation degree; K, of samples in different saturation
and stress state ranged from 0.22 to 0.72 and increased with increase of initial saturation
degree and radial stress.

INTRODUCTION

Ko, the coefficient of earth pressure at rest under conditions of zero lateral strain, is
important parameter for determining stress and deformations around retaining walls
piles, tunnels, slopes, dams and excavations. When constitutive behavior is non-linear,
predictions of deformations depend on stress history, so “starting stresses” must be
known (Simpson, 1992; Vaughan, 1994; Shohet, 1995). Vertical stresses can be
determined easily from depths, densities and groundwater information, but horizontal
stresses are more difficult. They usually have to be estimated from empirical values of
the coefficient Ko, which is the ratio of in situ horizontal stress, ¢ ,, to the vertical

stress, ¢ ,. So far many researchers have developed different in-situ and laboratory
methods to determine Ky and proposed empirical relationships between K, and ¢

(frictional angle) or OCR (Over Consolidation Ratio) (Simpson, 1992; Sivakumar,
2001), and some studies also showed that K was influenced by various factors, such as
previous loading history, Poisson ratio, plastic limit, compressibility, and soil structure
(L1, 1995; Schmidt, 1996). However, the classical earth pressure theory was established
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basing on saturated soil and the influence of saturation degree on Ky was not considered
in previous studies. In engineering practice, soil is usually unsaturated, particularly such
as expansive soils, loess and residual soils. Mechanical properties of saturated and
unsaturated soils are obviously different (Fredlund, 2006). For example, earth pressure
on a retaining wall increases with increase of saturation degree of back fill (Zu and Liu,
2001). Therefore, it is necessary to study K, consolidation behavior of unsaturated soils
and the variation of K, with saturation degree and stress.

PREPARATION OF SPECIMENS AND TEST PROCEDURE
Specimen Preparation and Triaxial Testing System

The soil used in this study is dark-gray expansive clay taken from an excavated slope
of the Expressway from Naning to Youyi Guan in Ningming, Guangxi Zhuangzu
Autonomous Region of China. The basic physical and mineralogical properties are
listed in Table 1. Swelling potential of the soil can be classified as medium according to

the smectite content, free swelling ratio and plastic index (Zheng, 2008).

Table 1. The Basic Physical and Mineralogical Properties of Ningming Clay

.. |Liquid |Plastic| Free swelling e s o Smectite
Z‘:eacv‘f;‘c Limit | Limit Ratio Composition of Grains (%) | oo
y (%) | (%) (%) <0.005mm | <0.002 mm (%)
2.74 59.6 | 213 48 50.08 47.12 19.07

The specimens for triaxial K¢ consolidation tests, 50 mm in diameter and 100 mm in
height, were prepared by statically compacting method. The initial saturation degree
were 60%, 75%, 90%, and 100% respectively considering the variation in situ,
corresponding to 16.2%, 20.1%, 24.1%, and 27.2% in water content. Static compacting
pressure was 800 kPa and the initial dry density was 1580 kg/m®. To produce uniform
specimens, the compaction of 100 mm height triaxial specimen was conducted in 6
layers. As for every saturation degree, four “same” specimens were prepared for tests
under four different radial stresses, i.e., 25 kPa, 50 kPa, 150 kpa and 200 kPa. Therefore,
16 specimens were totally used in the laboratory study.

An advanced computer-controlled triaxial stress-path testing systems, shown in Fig.1,
was used in the tests. With three hydraulic pressure controllers, radial stress, axial stress,
and pore-water pressure can be controlled independently. Four transducers consist of an
internal load cell (measurement of axial force), a LVDT (measurement of axial
displacement), pore pressure transducers and Hall Effect transducer (measurement of
radial deformation, shown in Fig. 2). All the four transducers are connected to the
digital transducer interface (DTI) for data acquisition. The three digital hydraulic
pressure/ volume controllers are connected to the computer by an IEEE interface card
for computer-control. All of these form a closed-loop controlling and feedback system.
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FIG. 1. Layout of triaxial stress-path FIG. 2. Hall-effect transducer.
testing system.

Test Procedure

Ky is defined as the ratio of effective horizontal stress (o’ ) to effective vertical stress
(07,). As for unsaturated soil, the equation of effective stress (Fredlund, 1993) is:

o'=(o—u,)+ xlu, -u,) ey

where u, is air pressure and usually zero in value, (v, —«,,) is matric suction and yis
coefficient and related to saturation degree, 0< y<lI.

Therefore, the equation of Ky of unsaturated soil can be given by:

o, _(o, —u)+xlu,~u,)
K== :
o, (o,—u)+xu,~u,)

The triaxial Ky consolidation tests were conducted on the recompacted unsaturated
expansive soil, and the test procedure was similar to the traditional tests on saturated
soil. At first, radial stress was slowly increased at the speed of 10 kPa/h by the
computer-controlled system (stage OA shown in Fig. 3). Meanwhile, axial stress also
increased to keep no radial deformation which was judged by Hall Effect Transducer.
When radial stress reached the given stress it kept constant (o, ) and the specimen
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FIG. 3. Procedure of applying FIG. 4. SWCC of Ningming expansive soil.
radial stress.
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was consolidated under o, (stage AB shown in Fig. 3). The consolidation would end as
long as the change of axial deformation was less than 0.01mm in one hour, and the axial
stress at this time was named as o, . Because (#, —u, ) can not be measured in the test,
(u, —u, ) was indirectly obtained from soil-water characteristic curve (SWCC) of the

expansive soil, a relationship curve between water content and matric suction (shown in
Fig. 4). y was determined according to the tests results on a similar clayey soil

(Fredlund, 1993). Then K, was calculated by Equation (1).
RESULTS AND ANALYSIS

Fig. 4 shows variation of axial stress (o, ) with radial stress (o, ) of specimen with
different saturated degree during the stage OA and AB shown in Fig. 3. The percentage
closing to every curve in Fig. 4a to Fig. 4d stands for the saturation degree of
corresponding specimen, and the bold number at the end of every curve and on the right
side stands for the ultimate axial stress (o, ) at the end of K, consolidation. The Fig. 4
shows that in the stage of increasingo,, o, increases with o, . At the condition of high
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under different saturated degree.
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saturation degree, o, increases with o, linearly. However, the o, -0, curve tends to

be much more non-linear as the saturation degree of specimen decreases, and the curve
at the condition of small saturation degree can be divided two parts: (1) o, sharply
increases with increase of ¢, and the slope of curve is big. At this stage, the strength of
soil structure exhibits to resist the axial load and the strength is larger as the saturation
degree specimen is lower. (2) With the increase of axial stress, specimen is
compacted and the soil structure tends to collapsed. The slope of curve becomes
moderate as o, increases slowly with the increase of o,. The two parts are shown

obviously in Fig. 4b.
At the stage of constant radial stresso

re

axial stress decreases slowly with time

elapsing and tends to be constant (o, ). After corresponding o,,, ¢, @, —u,), ¥

ault
are submitted to Equation (2), the K, of different saturated degree and stress state can be
calculated. Fig. 5 gives the variation of K, with saturation degree under different radial
stress. It shows that (1) K, obviously increases with increase of saturation degree and
the increasing tendency of K, under different radial stress is nearly same; (2) Ko under
small radial stress is smaller than the K, under big radial stress. The reason is that under
small radial stress soil contains much big pore, the contact area among soil particles is
small, soil easily deforms in radial, as a result a big axial stress applies on the top of soil
to keep no radial deformation. Therefore, the K is small under the small radial stress; (3)
As for the Ningming recompacted expansive soil, K¢ ranges from 0.21 (Sr=60%, o,.=

25 kPa) to 0.72 (Sr=100%, 0,.= 200 kPa). Therefore, it can be concluded that Ko of

expansive soil changes in big range and is influenced by saturation degree and the stress
state.
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FIG. 5. Variation of K, with saturation degree under different radial stress.
CONCLUSIONS
Ko consolidation tests on Ningming expansive soils under different saturated degree
and stress state were conducted over an advanced computer-controlled triaxial

stress-path testing systems. The variation of axial stress with radial stress during testing
process and the variation of K, with saturation degree under different stress state were



32 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

obtained and analyzed. Some conclusions were drawn as follow:
(1) At the stage of increasing o,, o, increased with the increase of o,. At low

saturation degree, the o, -0, curve tends to be more non-linear. Firstly, o, sharply
increases with increase of o, . After the inflexion, o, increases slowly with the
increase of o, and the slope of the curve becomes moderate.

(2) At high saturation degree, the o, - o, curve tends to be linear. At the stage of
consolidation at constant ¢, , o, decreases slowly with time elapsing and tends to be an
ultimate stress (o, ).

(3) Ky obviously increases with increase of saturation degree. The Ko under small radial
stress is smaller than the Ko under big radial stress. Ko of expansive soil changes in big
range and is obviously influenced by saturation degree and stress state.
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ABSTRACT: This paper describes an aggregate imaging based Discrete Element
Modeling (DEM) methodology successfully employed to model both clean and coal
dust fouled railroad ballast behavior. Laboratory direct shear box tests were conducted
on granite type clean and fouled ballast aggregate samples. The size, shape and
angularity properties of the aggregate particles were obtained through image analysis.
Accordingly, direct shear box DEM simulations were conducted for different
aggregate contact friction conditions. Both the clean ballast behavior and the heavily
fouled case of coal dust filling completely all the voids in ballast were adequately
modeled using the DEM approach by assigning a lower contact friction angle as the
controlling discrete element model parameter in the latter case. In accordance with the
direct shear test results, much lower shear stress-shear deformation curves, i.e., lower
shear strengths, were predicted the coal dust fouled case using the DEM simulations.

INTRODUCTION

Traditional modeling techniques such as Finite Element Method (FEM) can hardly
simulate the behavior of a particulate assembly such as the ballast layer to properly
address problems related to track fouling, lateral stability, and settlement. In a ballast
layer, individual aggregate particles move independently and interact only at contact
points. Such discrete nature results in a complex behavior of the granular assembly,
which is very difficult to model by continuum theory used in the FEM. In addition,
dilation, inter-particle sliding and nonlinear stress dependent behavior of granular
materials with typical anisotropic stiffness and deformation properties under vertically
induced load application are almost impossible to be adequately modeled using the
continuum approach.

Discrete Element Modeling (DEM) of aggregate behavior in ballasted railroad
track structure has been gaining increased attention. Recent research clearly
demonstrates that DEM methodology has the potential to realistically model railway
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ballast by accounting for individual aggregate particle movements and interactions
within the granular assembly (Tutumluer et al., 2006 and 2007). With three-
dimensional block shaped elements used to represent aggregate particles, the DEM
model is created according to the sizes, shapes, and contact characteristics of the
ballast aggregate used. Once the DEM model is calibrated based on laboratory test
results of the aggregate assembly, the load carrying ability and the deformation
behavior of the ballast layer can be predicted for various field loading conditions due
to stationary and moving trains.

For a new railroad track, ballast is commonly constructed to serve its drainage
function with clean aggregates used with uniform gradation. As the track usage or the
traffic level increases, ballast gets fouled gradually when the unbound aggregate layer
is progressively contaminated with fine-grained materials filling the void spaces.
These fine-grained materials come from following sources: ballast aggregate
breakdown under repeated train loading, subgrade soil intrusion, and foreign material.
It is believed that fouling material lubricates the contacts and may eventually separate
individual ballast aggregate particles thus causing movements and reorientations
within the granular assembly to decrease the strength and stability of ballast layer.
Different fouling materials, fouling percentages, and moisture levels in the ballast may
individually or in combination impact the serviceability and proper functioning of the
existing ballast layer.

This paper focuses on a successful application of the DEM approach for studying
effects of fouled ballast behavior. In this DEM application, the ballast layer is
modeled as an assembly of uniform sized angular aggregate particles with preferred
cubical shapes and rough surface textures. The DEM model parameters are then
calibrated using the results of direct shear tests conducted on a granite type ballast
aggregate fouled with various fine materials at different stages of fouling, i.e.,
different percentages of fines accumulated in ballast under both dry and wet
conditions. Using the laboratory measured strength characteristics under both clean
and fouled conditions, the discrete element contact characteristics, i.e., surface friction
angle or surface texture condition, are shown to primarily govern the behavior in the
DEM predictions for each fouling condition. The DEM simulation approach in this
paper is therefore demonstrated to be a realistic and powerful tool for better
understanding the deterioration behavior of the railroad infrastructure ballast
component and can be potentially used to schedule ballast maintenance and
rehabilitation activities.

BALLAST FOULING AND ITS MECHANISM

Fouling materials in ballast have been traditionally considered not favorable for
railroad ballast performance. Early research studies reported that around 70% of the
fouling materials could be due to ballast breakdown (Selig et al., 1988; Collingwood,
1988; Selig et al., 1992). Railroad company internal studies also noted that almost all
fouling fines in the railroad track were commonly from aggregate breakdown (CN,
1987). According to Selig and Waters (1994), ballast breakdown on the average
accounts for up to 76% of the ballast fouling followed by 13% infiltration from
subballast, 7% infiltration from ballast surface, 3% subgrade intrusion, and 1% due to
tie wear.
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In terms of the stability and load carrying ability of the fouled ballast layer, three
distinct phases can be identified for the different conditions of fine materials filling the
void space (see Figure 1). Phase I shows a clean ballast sample with almost all
aggregates establishing contact with each other at the aggregate surface to carry the
load (see Figure la). As shown in Figure 1b, partially to fully fouled ballast in phase
I will have the voids in between contacting aggregates filled with fine particles,
however, still maintaining aggregate to aggregate contact. Whereas, in a phase III
fouled ballast condition, due to the excessive amount of fine particles, aggregate to
aggregate contacts are mostly eliminated and the aggregate particle movements are
then only constrained by the fine particles filling the matrix or voids between the
particles (see Figure 1c). As ballast in phase III is no doubt unacceptable and needs
immediate remedial action, ballast in phase II is particularly worth studying from the
aspect of how different fouling agents at different stages in phase II would affect
ballast strength and therefore impact track stability.

(a) Clean (Phase I) (b) Partially fouled (Phase II) (c) Heavily fouled (Phase I1I)

FIG. 1. Critical ballast fouling phases.
SHEAR STRENGTH TESTING OF CLEAN AND FOULED BALLAST

Materials Tested

The ballast material tested was a granite aggregate obtained from Gillette, Wyoming
in the United States and commonly used as the ballast layer of the railroad track
structures in the Powder River Basin (PRB) coal transportation line jointly used by
two major railroad companies. Figure 2 shows the grain size distribution of the granite
sample, with a specific gravity of 2.62, tested in compliance with ASTM C 117 test
procedure. The granite aggregate size distribution conforms to the typical AREMA
No. 24 ballast gradation having a maximum size (Dmax) of 63.5 mm (2.5 in.), a
minimum size (Dpin) of 25.4 mm (1 in.), and an average particle size corresponding to
50 percent passing by weight (Dso) of approximately 45 mm (1.77 in.).

The coal dust sample tested in this study was also collected from the PRB Orin line
milepost 62.4 and was sampled in March 2007. Figure 2 also shows the typical
gradation coal dust and Table 1 lists the engineering properties of coal dust with the
moisture-density information obtained from the standard Proctor ASTM D 698 test
procedure.

Testing Apparatus
Direct shear strength tests were performed on the reconstituted clean and fouled
granite aggregate samples at the University of Illinois. The test device is a square box
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with side dimensions of 305 mm (12 in.) and a specimen height of 203 mm (8 in.). It
has a total 102 mm (4 in.) travel of the bottom 152 mm (6 in.) high component which
is large enough for ballast testing purposes to record peak shear stresses. The vertical
(normal direction) and horizontal load cells are capable of applying and recording up
to 50 kN load magnitudes. The device controls and the data collection are managed
through an automated data acquisition system controlled by the operator through a
build-in display and the test data are saved on to a personal computer.
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FIG. 2. Grain size distributions of the clean ballast and fouling materials.

Table 1. Engineering Properties of Coal Dust as the Fouling Material

Specific | Liquid | Plastic | Optimum Maximum Passing
Gravity | Limit | Limit | Moisture Dry 0.075 mm or
(%) (%) Content Density" No. 200 sieve
or OMC' (%) | (kg/m®) (%)
Coal
Dust 1.28 91 50 35 874 24

': Obtained from standard Proctor ASTM D 698 test procedure.

Sample Preparation
Clean ballast samples were prepared in the lower shear box to the condition similar

to the field according to the following steps:

1. Place aggregates in the lower box by lifts (usually two 76 mm lifts).

2. For each lift, use vibratory compactor on top of a flat Plexiglas compaction
platform and compact until no noticeable movement of particles is observed.

3. Record the weight of aggregate used.

4. Place upper ring (76 mm high) on top of lower box. Align ring with sides and back
edge of box (opposite of block) and fill with single lift of ballast and compact.

Coal dust fouled granite ballast samples were prepared similar to the clean sample
procedure by spreading coal dust on the ballast surface and spraying water, if needed.
The individual steps are as follows:

1. Obtain clean aggregates of the same weight as previously recorded.

2. Compact ballast sample into the lower box in two lifts.
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3. Obtain prescribed weight of coal dust and water.

4. Spread coal dust over compacted ballast evenly in two lifts (half of material each
lift). Shakedown material using vibratory compactor after each lift. If test is
conducted with wet fouling material (for example, at the optimum moisture
content or OMC), pour proportional amount of water over ballast after shakedown
of each lift.

5. Step 4 in the clean sample preparation procedure.

Direct Shear Test Results

The ballast samples were sheared horizontally in the shear box under target normal
pressures of 172, 241, 310 kPa (25, 35, 45 psi), typical ballast layer confining
pressures, so that the relationships between the normal stress and shear stress could be
established. The maximum shear stress at failure under each applied normal pressure
was recorded from each test. This maximum shear stress typically occurred when
approximately 10% shear strain was reached during testing. The shear strength fex =
C + g*tand{where C is the cohesion intercept, G is the applied normal stress, and dis
the internal friction angle) expression was then developed for each ballast sample
tested at a corresponding fouling fines content and moisture state.

Figure 3 shows the maximum shear stresses predicted under the applied normal
stresses during shear box testing for coal dust fouling cases in comparison to the clean
granite test results. As the applied normal stresses increased, the maximum shear
stresses at failure or simply shear strength T,y also increased primarily influenced by
the ballast fouling percentage and the moisture condition of the coal dust, i.e., dry or
wet at OMC = 35%. As expected, the highest shear strength values were obtained
from the clean ballast at all applied normal stress levels. When ballast samples were
fouled, the shear strengths typically decreased. For all the samples tested, wet coal
dust fouling resulted in lower shear strengths when compared to those obtained from
dry coal dust fouling. The lowest shear strength values were recorded for the fouling
level of 25% by weight (at a dry density of 1873 kg/m®) of ballast when wet coal dust
was at 35% moisture content.

DISCRETE ELEMENT MODELING (DEM) OF FOULED RAILROAD BALLAST

Aggregate Imaging and Discrete Element Modeling

Imaging technology provides detailed measurements of aggregate shape, texture
and angularity properties and has been successfully used in the last two decades for
quantifying aggregate morphology. A variety of imaging based aggregate
morphological indices have been developed and linked to material strength and
deformation properties in the recent years (Masad and Button, 2000; Tutumluer et al.,
2000). Among the various particle morphological indices, the flat and elongated
(F&E) ratio, the angularity index (AI), and the surface texture (ST) index, all
developed using University of Illinois Aggregate Image Analyzer (UIAIA), are key
indices. They have been recently validated by measuring aggregate properties and
successfully relating them to laboratory measured strength data and field rutting
performances of both unbound aggregate and asphalt mixtures (Rao et al., 2001; Rao
et al., 2002; Pan et al., 2004; Pan et al., 2005).
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Railroad ballast behavior can be simulated using DEM methodology both
realistically and reliably by considering actual irregular shaped aggregate particles in
the analysis. BLOKS3D is a DEM program developed at the University of Illinois and
used in this research study (Nezami et al., 2006). The BLOKS3D uses arbitrary
polyhedrons to represent discrete elements with the capability of user defined particle
shapes obtained from the digital image apparatus UIAIA (Tutumluer et al., 2006).
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FIG. 3. Direct shear box test results of coal dust fouled ballast samples.

Direct Shear Box DEM Simulations of Clean and Coal Dust Fouled Ballast

For the shear box direct shear strength test DEM simulations, nearly 300 granite
aggregate particles were first processed through the UIAIA and then representative
DEM element shapes were created for an accurate modeling of the average shape
properties in the granular assembly. In this particular case, all aggregate samples
processed in UIAIA imaging equipment had an average Al of 550 (subangular to
angular) and F&E ratio of 1.3 to 1 obtained (Rao et al., 2002). Discrete elements were
created according to the actual AREMA No. 24 gradation of the granite ballast sample
shown in Figure 2 and tested in the exact geometry of the virtual shear box created in
the DEM simulation. Aggregate samples at similar void ratios achieved in the tests,
around 43%, were then sheared at a constant speed of 0.15 mm/sec.

Figure 4 shows the recorded shear stresses against the shear displacements for both
the laboratory and DEM simulation results. A stiffness combination of Kn = 20
MN/m and Ks = 10 MN/m for normal and shear, respectively, with a contact friction
angle of 31 degrees were selected as the clean granite ballast DEM model parameters
for all three normal stress levels, i.e., 172, 241, 310 kPa (25, 35, 45 psi). Figure 4
indicates for the clean ballast sample reasonably good DEM model predictions were
achieved when compared to the laboratory results at all normal stresses levels.

In a fully fouled laboratory ballast sample, aggregate particles may separate due to
excessive amounts of fine materials filling the voids. Aggregate particles can therefore
be treated as “floating” in the fine matrix consisting of primarily coal dust in this
study. This is in fact analogous to the case that aggregate surface is lubricated by this
typically very low strength coal dust (Tutumluer et al., 2008). To simulate such a
ballast fouling effect in DEM, surface friction angles of these non-contacting



GEOTECHNICAL SPECIAL PUBLICATION NO. 192

aggregates or discrete elements had to be reduced down due to the presence of the

lubricating coal dust.

Figure 5 compares the coal dust fouled ballast DEM model predictions to the
laboratory test results. A lower contact friction angle of 27 degrees was used for the
fully fouled condition with dry coal dust filling all the voids (43% by volume and 25%
by weight of clean ballast). The DEM prediction curves in Figure 5 are in reasonably
good agreement with the laboratory stress-strain curves thus capturing the shear
of coal dust fouling, i.e.,
decrease in strength, could be adequately simulated by using a lower friction angle for

strength increase with the increasing normal stress. The effect

the aggregate to aggregate contact in the DEM simulations.
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FIG. 4. Shear box laboratory test and DEM simulation results for clean ballast
obtained under the application of 172, 241 and 310 kPa normal stresses.
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CONCLUSIONS

Large-sized shear box direct shear laboratory tests were conducted at the
University of Illinois on granite ballast samples obtained from Powder River Basin
(PRB) coal transportation joint line in Wyoming, United States to investigate the
effect of coal dust fouling. From the direct shear tests, the highest shear strength
values were obtained from the clean ballast samples at all applied normal stress levels,
which were representative of typical stress states experienced in the ballast layer under
train loading. When ballast samples were fouled, the shear strengths always decreased.

The direct shear box test results for the granite ballast samples were simulated
using a special Discrete Element Modeling (DEM) approach, which considered
determining size, shape and angularity properties of aggregate particles from image
analyses and utilizing arbitrary polyhedrons, i.e., discrete elements, established
realistically from the imaging based aggregate properties. Both clean and coal dust
fouled ballast shear box test results were predicted using the DEM simulations by
adequately changing contact friction angles of the discrete elements or aggregate
particles adopted in the modeling approach. The shear stress—shear displacement
curves predicted from the DEM simulations were in reasonably good agreement with
the laboratory test results at all normal stress levels that shear box tests were
conducted. A lower contact friction angle than the one used for the clean ballast
sample was needed to simulate the coal dust fouled ballast shear deformation behavior
and to predict the strength behavior accurately.
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ABSTRACT: Traditionally, the formulas of critical edge pressure p, and critical
load p,, are developed by assuming coefficient of earth pressure at rest K, equal 1. It

means that the geostatic stress is treated as hydrostatic stress. This assumption leads to
an increase in lateral load of subsoil and results in a higher bearing capacity of subsoil.
In the paper, a MATLAB program is used to find the numerical solution of bearing
capacity of soil for K, 7 1. The proposed method overcomes some shortcomings of the

methods available in the literature for K, # 1. The influence of shear strength
parameters of soil on the critical load is investigated.

INTRODUCTION

The commonly used formulas of critical edge pressure and critical load are developed
for vertical loads on strip foundation based on elastic theory. As shown in Figure 1,
stresses at an arbitrary point M in foundation soil include two components: major and
minor principal stresses induced by the strip load and geostatic stresses. Generally,
these two components cannot be simply added together because the direction of stresses
induced by external strip load and geostatic stresses is different. However, if coefficient
of earth pressure at rest K, is assumed to be 1, i.e., the geostatic stress field is treated as
hydrostatic pressure field and the geostatic stress is the same in every direction, the
stresses induced by the strip load and geostatic stresses can be directly added together.
The formulas for critical edge pressure and critical load are traditionally obtained based
on this assumption. Many soil mechanics books present this method (Craig R.F., 1995).
However, strictly speaking, K,is not equal to 1, i.e., the directions of the major and
minor principal stresses induced by the strip load are different from the geostatic
stresses at point M, so they cannot be simply added together.

Zhao (1995) and Xue (2005) proposed formulas for critical edge pressure and critical
load without the assumption of x,=1. The normal stress and shear stress generated by
geostatic stress at point M along the direction of the major and minor principal stresses
induced by the strip load are found and then added to the major and minor principal
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stresses induced by the strip load. Now the direction of the total stress is not the
direction of the principal stress at point M. Zhao (1995) and Xue (2005) obtained
expressions for the vertical distance of point M to foundation base Z. Take partial
derivatives of the expressions of Z with respectto o and ¢ , which is shown in Figure 1,
and obtain approximate formulas for the critical load. Angles o and ¢ are related to
each other based on geometric relation, as shown in Figure 1. It is therefore not
reasonable to take partial derivatives of the expressions of Z with respect to o and¢ .
Additional principal stress is added to geostatic stress along the direction of X and Z to
obtain total stress at point M by Cui (1998). The principal stresses at point M can then
be calculated easily. However, only formulas of critical edge pressure and critical load
for the points under the center of foundation are given because they are readily obtained.
While it is hard to get an analytical solution, numerical solution is a good choice.
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FIG. 1. The stress of soil point under the strip footing.
NUMERICAL METHOD

Basic Consideration

A strip foundation with a width of B and an embedment of D is shown in Figure 1.
Uniform strip load p acts on the base of foundation. The unit weight of soil above the
footing embedment depth is y,, and below the footing embedment depth is y, which is
equal to effective unit weight when soil is below the groundwater table. The shear
strength parameters of soil are ¢ and ¢ and the coefficient of earth pressure at rest is K, .

A MATLAB program is used to calculate the bearing capacity of subsoil, and the
basic considerations are:

Expressions of additional stress at point M along the directions X and Z are obtained
using elastic theory (Poulos, H.G, 1990) as follows:

o’ :&{a+sinacos(a+25)} W
n

o =&{a—sin acos(ar+20)} @
7

7 = Lo gin asin(a +26) ©
P

The geostatic stresses at point M are:
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o.=YD+r 4)
0. =KD +p) (5)
7.=0 (6)

The total stress expressions at point M can be obtained by adding additional stresses and
geostatic stresses together:

o. =20 (g +sinacos(a+ 20)4+7,D+x @
i

o, :ﬂ{a—sinacos(a+25)}+Ko(7’oD+V) ®
Py

7. = smasm(ot+ 26) )

Pr1nc1pal stress can then be obtained for point M as:

1+K
oy ="La+—2 5 o (y,D+%)
(10)

+ \/[p—; sin @ cos(ar+29) + (70D+ »)]? +[ sin sin(a +28)]°

This process improves the methods proposed by Zhao (1995) and Xue (2005), which
can’t obtain principal stresses of point M. Moreover, equation of uniform strip load can
be established when point M reaches the state of limit equilibrium based on
Mohr-Coulomb failure criterion:

0, =0, tan?(45° +?)+2ctan(45° +?) (an

Then critical edge pressure p, or critical load p,, can be calculated by assuming z
equal 0 or B/4. Input the basic parameters of soil, and let the abscissa of point M vary in

a certain range. The bearing capacities with different abscissas are obtained by solving
the equation and choosing reasonable solutions. The minimum reasonable solution is
critical edge pressure p,, or critical load p,, of the foundation soil.

Example

A 3 m wide strip foundation is embedded in clay at a depth of 1 m .The unit weight
of clay is 19 kN/m’. The shear strength parameters of soil are =10 kPa, and ¢’ =10".
The influence of groundwater is ignored. Find bearing capacity of soil p, andp,,.

In this example, coefficient of earth pressure at rest is K, =1-sinp’=0.83. Input

known parameters to program in this paper, and let Z coordinate of point M equal to 0
and B/4 respectively. p, and p,, can then be calculated. The comparison between

solutions obtained by program and those by other methods are shown in Table 1.
Table 1. Comparison of Results with Different Methods

Method in thls Paper Method in this Pa er Method in

Result When K, =083 When K=l F Textbook
P../kPa 55.7 74.6 75.0
Pya/kPa 61.3 85.1 84.8

Method in textbook in the table is the method mentioned in section 1. It is derived
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with the assumption of K, =1.

It is obviously, from Table 1, that, when the value of k,, approaches 1, the solutions
obtained by method in this paper are basically in agreement with results calculated by
the method in textbook. The errors between them are induced by the accuracy of value.
The validity of the method of this paper is then confirmed.

It is also shown that the solutions obtained by the program of this paper are 30% less
than the solutions calculated by the method in textbook because x, 71 is considered in
program. Assumption of K,=1 makes geostatic stress of soil just act like hydrostatic
stress, and limits the lateral deformation of soil. Therefore, the bearing capacity must
increase. This phenomenon is also pointed out by Poulos (2001) at the 15™ International
Conference on soil mechanics and foundation engineering. It is said that “some
traditional theories are proved inaccurate with the progress in theory of soil mechanics
including Terzaghi’s bearing capacity theory. This theory often overestimates bearing
capacity of shallow foundation.” Furthermore, it can be found in some engineering
practice that the critical load determined by bearing capacity formulas is higher than the
results controlled by deformation of soil (Cui 1998). This is to say that x,=1 is incorrect
when developing bearing capacity formulas.

Solutions under the condition of k, 71 are less than those under the condition of
K,=1, as shown in Table 1. It shows that depth of plastic zone in soil when k, 71 is
deeper than that when &x,=1. The depth of plastic zone in soil with different ultimate
loads is calculated for k, =1- sin¢’and K, =1 respectively. The corresponding results are
presented in Table 2.

Table 2. Comparison of Development of Plastic Zones

P /kPa 100 150 200 250
K,=1- sin¢’ 0.43B 0.48B 0.52B 0.568
K,=1 0.35B 0.38B 0.40B 0.42B

It is shown in Table 2 that the depth of plastic zone under the condition of
K, =1-sing¢’ is deeper than that under the condition of k, =1. The depth of plastic zone
appears to be conservative when assuming K, =1. Assuming the depth of plastic zone to
be B/4 in the standard is therefore not reasonable, i.e., assuming K, =1 is not
reasonable.

PARAMETER SENSITIVITY ANALYSIS

In order to study the relationship between k,and c or ¢, the sensitivity analysis of
parameters is performed in the paragraphs below.

Influence of x, on Critical Load

In order to study the influence of X, on critical load when changing c, we can vary
the value of ¢ from 0 to 50 kPa. The friction angle is ¢ =10° and all other parameters are
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the same as those used in the example in section 2.2. The calculated results are shown in
Figure 2.

& 300

E 250 ——c=0 kPa
u —=—c=10 kPa
o 200

g —— c=20 kPa
3 10 r —x-c=30 kPa
7§ 100 —x-c=40 kPa
g 50 ——c=50 kPa
O

0.4 0.5 0.6 0.7 0.8 0.9 1 1.1

Coefficient of earth pressure atrest i,
FIG. 2. Relationship between K and p ,(¢=10).

Critical load p,, linearly increases with increasing coefficient of earth pressure at
restK,, as shown in Figure 2. Critical loads also increase with increasing cohesion c.
When ¢ changes from 0 kPa to 50 kPa, the relationship lines between critical loads and
K, are almost parallel to each other. In other words, the increasing rate of critical load is
nearly invariant with different cohesion. Therefore, regardless of the value of cohesion,
the rate of increase in bearing capacity of soil is nearly constant when the value of ¢ is
fixed.

250

- - N
o a =3
o o o

Critical load F /kPa

a
o

o

Cohesion c/kPa

FIG. 3. Relationship between p,, and ¢ when k¢=0.7.

Figure 2 also shows that the distance between two adjacent parallel lines is almost
constant, i.e., the relationship between p,, and ¢ is approximately linear. In order to

verify this observation, the relationship between p,, and c is plotted in Figure 3 for ¢

equal 10" and &, equal 0.7. It is obvious that the critical load and cohesion have linear
relationship.

There is also a problem appeared from Figure 2. The critical load calculated by the
program of this paper is obviously smaller when c is 0 kPa. Three negative values on the
line of ¢=0 kPa are not plotted in Figure 2. Similar conclusion can be obtained by using
formulas of textbook. Actually, bearing capacity of soils with ¢=0 kPa is quite high
which is verified the field loading tests (Xue 2005). This suggests that the critical load
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developed based on elastic theory and Mohr-Coulomb failure criterion is not suitable
for medium sand and coarse sand.

Influence of x, on Critical Load

In order to study the influence of x, on critical load when changing ¢ , we can vary
the value of ¢ from 10° to 35°. The cohesion intercept of soil is ¢=20 kPa and all other

parameters are the same as those used in the example in section 2.2. The calculated
results are shown in Figure 4.

——m= 1
—" = 1¥
——igm IO
—x i T
—X—g= T
—o—ir= T

Critical load Py /kPa

0.4 0.6 0.8 1 1.2
Coefficient of earth pressure atrest g,

FIG. 4. Relationship between x and p, , (¢=20 kPa).

Again, critical load p,, and coefficient of earth pressure at rest k, have linear

relationship, as shown in Figure 4. Critical loads increase with increasing friction angle
¢ . When ¢ changes from 10° to20°, the relationship lines between critical load and «,

are almost parallel to each other. As ¢ changes from 20° to3s°, the relationship line
between p,, and K, becomes steeper and steeper. In other words, the rate of change in

critical load is nearly invariant when the soil has small friction angle (clayey soil).
However, for the soil with large friction angle (sand), the rate of change in p,,

350

-
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o
T
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N
°
°

T
|
| |
| |
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FIG. 5. Relationship between p , and ¢ when k= 0.7.

gradually increases with increasing K, . Therefore, the rate of change in critical load for

soil with small friction angle is less than that for soil with large friction angle when
value of c is fixed.
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Figure 5 presents the relationship between p,,andg is for ¢ equal 20 kPa and &,
equal to 0.7. It is shown that p,, gradually increases with increasing ¢ when ¢ varies
from 10" to20°. It is also shown that p,, increases at a faster rate when ¢ is greater than

20°. As shown in Figure 5, the critical load approximately exponentially increases with
increasing of the friction angle.

CONCLUSION

A MATLAB program is used to find the numerical solution of soil bearing capacity
when K, 7 1. This method overcomes some shortcomings of the methods available in
the literature. Based on the results of numerical solution, the following conclusions can
be drawn:

(1) Assumption of k,=1 makes geostatic stress of soil just act like hydrostatic
stress, and limits the lateral deformation of soil that bearing capacity must increase.

(2) K, and critical load have linear relationship when the value of either ¢ org is
fixed.

(3) When the value of ¢ is fixed, the rate of increase in p, is nearly constant

regardless of the value of c. The rate of increase in critical load for soil with small ¢ is
less than the soil with large friction angle when the value of ¢ is fixed.

(4) The critical load approximately linearly increases with increasing cohesion and
exponentially increases with increasing friction angle.

It should be mentioned that the bearing capacity of soils with c=0 kPa and the
influence of K, on plastic zone depth need to be further investigated.
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ABSTRACT: Generally, it is very difficult to obtain the undisturbed soil and keep it
in the undisturbed state in practice. In this paper the residual shear strength of
Grey-white expansive soil of Ningming was studied based on the analysis of the
influencing factors of residual shear strength of expansive soil. The test results of
undisturbed samples, compacted samples and samples prepared by static compaction
conducted by strain-controlled repeated direct shear test were compared, which show
that the differences of the peak shear strengths are very large but the differences of the
residual shear strengths are very small. By the comparison and analysis of the test
results, it is more reasonable and practical to use the residual shear strength of static
compaction sample to represent that of undisturbed sample. Therefore, the residual
shear strength (¢=10.53 kPa, ¢p=11.55°) of samples prepared by static compaction can
be taken as that of Ningming Grey-white expansive soil.

INTRODUCTION

The shear strength of the soil decreases when the shearing displacement continues
to increase after the peak shear strength and in the end reaches a constant (i.e., the
residual shear strength of the soil) during the shear tests of the soil (Skempton 1985).
The residual shear strength of the soil plays an important role in the evaluation of
engineering properties of soils, analysis of slope stability and estimation of old
landslide stability (Dai Fuchu 1998).

Factors that influence the residual shear strength of soils include the type of clay
mineral (Lupini et al. 1981; Yamasaki et al. 2000, Tiwari and Marui 2003), the relative
amounts of the soil constituents (Skempton 1985, Bao Chenggang 2007), index
properties of the clay (Voight 1973), pore-water chemistry (Ramiah et al. 1970).
Furthermore, the stress history and initial structure of the soil have a great influence on

49



50 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

the residual shear strength. So the correlation between the residual shear strength and
plasticity index of soil or clay fraction under different effective normal stresses should
be established (Hawkins 1986). In general, the greater plasticity indexes of the soil and
the more the clay fraction, the smaller the residual shear strength. Skempton (1985)
obtains that the residual shear strength is mainly determined by the friction between
clay mineral (<0.002mm) when the clay fraction of the soil is more than 50%. In
addition, mineral component of the soil and pore-water chemistry have certain
influence on the residual shear strength. In addition, the residual shear strength of clay
mineral particles with flat shape is smaller than that of clay mineral particles with
needle shape.

The influence of shearing rate on the residual shear strength is very complex.
Research show that it has little influence on the residual shear strength for shearing
rates in a small range, but have a great influence on the residual shear strength for the
shearing rate more than 100 mm/min. The relationship between the residual shear
strength and effective normal stress is not a constant, which is nonlinear for the
effective normal stress less than 150 kPa.

At present, there are three methods to determine the residual shear strength of soils:
(1) in-situ shear method; (2) laboratory test method, including repeated direct shear
method, ring-shear test method and triaxial test method; (3) back analysis evaluation
method. Back analysis evaluation method as a theoretical method is very useful to
evaluate the old landslide and slowly sliding slopes. However, some basic assumptions
having uncertain properties must be given in the process of back analysis, which will
result in uncertain analysis results. Compared to the other two laboratory test methods,
the repeated direct shear method is a common method having some advantages of
simple device, low price and simple operation.

Expansive soil as one type of special clays has such characteristics: swelling and
softening when absorbing water and shrinkage and cracking when losing water. The
shear strength of expansive soil is an important parameter to evaluate the slope
stability of cut slopes, embankment, canal and earth dam and the earth pressure of
retaining building. In practical engineering, many landslide slopes analyzed by the
peak strength are stable. However, the average shear strength of sliding surface
determined by back analysis method is much less than the peak strength because of the
peak strength of expansive soil is higher than the residual shear strength (Liu Xiaoli
2004). Actually, the evolution of deformation failure of expansive soil slope is a
process of the shear strength of expansive soil decaying from the peak strength to the
residual shear strength. Therefore, it is necessary to apply the residual shear strength
instead of the peak strength to analyze the stability of expansive soil slope.

It is very inconvenient for undisturbed soil’s sampling, transportation and
preservation. In this paper the residual shear strength of Ningming Grey-white
expansive soil was conducted by the strain-controlled direct shear apparatus.
Therefore, the feasibility of applying disturbed samples to determine the residual shear
strength of expansive soil is discussed by comparison of the results of compacted
samples, undisturbed samples and the samples prepared by static compaction. The
analysis and comparison of the test results are performed.
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RESIDUAL SHEAR STRENGTH TESTS ON NINGMING EXPANSIVE SOIL
Characteristics of Expansive Soil

Ningming expansive soil is a brown or gray residual expansive soil. Material
composition and characteristics of the soil used in the test are shown in table 1 and
table 2 respectively (Yang Heping 2005).

Table 1. Material Composition of Ningming Expansive Soil

Particle Composition/%
Smectite Content  Specific Surface Area

Sampling Point
pling >0.075  0.075~0.005 <0.005 <0.002 (%) (m*g")
(mm) (mm) (mm) (mm)
K139+297.8 3.71 41.01 5528  48.24 20.14 191.38

Table 2. Properties of Ningming Expansive Soil

Free
Unit Water Dry Liquid Plastic
Plasticity Swelling Specific
Weight Content Density Limit Limit
5 5 Index Ratio Gravity
(kN'm™) (%) (g-em™) (%) (%)
(%)
19.31 25.0 1.31 59.67 27.09 32.58 75 2.77

Repeat Direct Shear Testing

The repeat direct shear tests for this study are conducted by the strain-controlled
direct shear apparatus produced by Nanjing geotechnical instrument factory. The
drained shear tests on four samples in each group are performed at different effective
normal stresses (50 kPa, 100 kPa, 150 kPa and 200 kPa), all of which are sheared at
the shearing rate of 0.02 mm/min until the shearing displacement reaching the
maximum. After the first shearing test finished reverse the motor and put the top and
bottom box superposition, and then continue the next shearing test. Repeat until the
relationship curve of shear stress and displacement is almost horizontal.

In this paper the residual shear strength tests on three kinds of samples (i.e.,
undisturbed samples, compacted samples and samples prepared by static compaction
method) are carried out. The procedures of these samples preparation are in
accordance with the procedure of the soil sampling and sample preparation
(T0102-2007) in Tests Method of soils for Highway Engineering (JTG E40-2007). The
water contents of the all samples are 25%. The samples prepared by static compaction
method have the same dry density of 1.31 g/cm” as that of undisturbed samples.
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TEST RESULTS AND ANALYSIS

The representative relationships between shear stress and displacement for
undisturbed sample, compacted sample and static compaction sample at the effective
normal stress of 100 kPa are shown in figure 1, 3 and 5 respectively.

For the test data, two envelopes can be plotted for the peak shear strength
measured for the first shearing and the residual shear strength for the third shearing.
The relationships between normal stress and shear strength for three kinds of samples

are showed in figure 2, 4 and 6 respectively.
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The corresponding shear strength parameters determined for the undisturbed,
compacted and static compaction sample obtained from figure 2, 4 and 6 are
summarized in table 3.

Table 3. Shear Strength Parameters of Ningming Expansive Soil

Peak Shear Strength Residual Shear Strength
Soil Sample
c/kPa o/(°) c/kPa »/(°)
Undisturbed sample 11. 60 17.41 10.75 12.70
Compacted sample 36.40 15.60 10.85 11.10
Static compaction sample 11.01 18.53 10.53 11.55

Figure 1, 3 and 5 shows that the residual shear strength tends to a constant after three
times shearing. The peak shear strength of compacted sample exhibits obvious strain
softening at the first shearing, but the peak shear strengths of undisturbed sample and
static compaction sample exhibit no obvious strain softening at the first shearing.
There is no obvious peak shear strength during the second shearing and the third
shearing.

Table 3 shows that the peak shear strength parameter ¢ of 36.40 kPa of compacted
sample is very large as compared to 11.60 kPa of undisturbed sample and 11.01 kPa of
static compaction sample. In contrary, the peak shear strength parameter ¢ of
compacted sample is a bit less than those of undisturbed sample and static compaction
sample. However, not only the peak shear strength but also the residual shear strength
of the undisturbed sample and the static compaction sample are very close. In addition,
comparing to compacted sample it is easier to control the dry density of static
compaction sample to that of undisturbed sample. All of these indicate that it is more
reasonable and useful to use the residual shear strength of static compaction sample
compared to compacted samples to represent that of undisturbed sample. Meanwhile,
the residual shear strength parameters (¢c=10.53 kPa, ¢p=11.55°) of static compaction
sample are only a bit less than those of undisturbed sample. Utilizing these parameters
to calculate the stability of expansive soil slope inclines to be safer. Therefore, it can
be taken as the residual shear strength of Ningming expansive soil.

It should be noted that there is little decrease in ¢ but larger decrease in ¢ for
undisturbed sample and static sample, which is probably due to the water content
increasing and the clay mineral particles rearranging along the shearing surface of
samples. This is probably the main reason for the decrease of the peak shear strength
to the residual shear strength.

CONCLUSIONS

The residual shear strength is an essential characteristic of expansive soil. The
main reason for the failure of expansive soil slope is that the shear strength of the soil
slowly decreases by cyclic wetting and drying, and slow sliding. Therefore, residual
shear strength need to be used to calculate the stability of expansive soil slope.

It is very difficult to get the undisturbed expansive soil samples and especially
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keep it in the undisturbed condition during sampling, transportation, presentation and
sample preparation. In this paper, the test results of undisturbed samples, compacted
samples and samples prepared by static compaction conducted by strain-controlled
repeated direct shear test were compared and analyzed. It is more reasonable and
useful to use the residual shear strength of static compaction sample to represent that
of undisturbed sample. Therefore, the residual shear strength of expansive soil may be
determined by repeated direct shear test performing on the static compaction sample.
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ABSTRACT: A lightweight fill was produced by blending expanded polystyrene
(EPS) beads and sands in proportions. Such formed granular geomaterials, known as
sand-EPS lightweight fills, have potentials of being lightweight compared to traditional
fills, thus are suitable for many infrastructure works where less overburdens are
expected, e.g., utilities trench backfills. Consolidated drained triaxial compression (TC)
tests were conducted on the lightweight fills to observe materials’ stress-strain
relationships, specifically, the stress-strain variations associated with the mixing ratios
of EPS beads. EPS beads were incorporated into the mixtures based on their mass ratios
over sands, i.e., 0.5%, 1.5% and 2.5%. It was found that confining pressures and mixing
proportions played important roles in affecting the stress-strain behaviors of lightweight
fills. The materials underwent shear contraction, which is related to the inclusion of EPS
beads. The constitutive law of the lightweight fills was derived based on Cam-clay
model and modified Cam-clay model, and verified by the test results.

INTRODUCTION

Lightweight fills possess an attractive advantage over general soil fills, i.e., low unit
weight. Such property immediately offsets some overburdens, and thus mitigates the
settlement or deformation of underlying stratums. Potential end applications of the
materials include embankments over soft ground or being widened, slope and retaining
works, and many backfilling works. Furthermore, many lightweight fills are able to
isolate or mitigate vibrations. As such, more and more researches are drawn onto the
lightweight fills. At the very beginning, Horvath (1994, 1997) and Duskov (1997)
applied expanded polystyrene (EPS) block geofoams to embankments and bridge
approach embankments to reduce overburdens, isolate vibrations and resist frost
attacks. The Japanese researchers initiated laboratory and pilot scale studies on
lightweight soils containing EPS scraps or beads, geofoam materials, or foaming agents
(Tsuchida 2001). Recently, Chinese researchers investigated the strength and
deformation behavior (Liu et al. 2006) and dynamic behavior (Wang and Gao 2007) of
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lightweight fills containing silty soils, EPS beads and Portland cement. Sediment or
dredge slurry was also used to form lightweight soils, which not only reclaims the
slurry, but also stabilizes the pollutants in the slurry (Zhu et al. 2005). Besides the EPS
materials and geofoams, rubber or tire scraps were also used to make lightweight
geomaterials.

In this paper, EPS beads and construction sands were blended homogeneously to form
nonstructural granular lightweight fills. The non-cementitious lightweight fills not only
save the use of cement, but also are suitable for works where low strength and instant
excavation are expected. The focus of the research is on the constitutive law reflecting
the stress-strain behavior of the granular fills. Laboratory consolidation-drained triaxial
compression (TC) tests were implemented on fills of different mixing proportions. The
stress-strain relationships of the materials were observed and analyzed. Based on
Cam-clay and modified Cam-clay models, a proportion-based constitutive model was
derived and verified.

EXPERIMENTAL PROGRAM
Materials and Specimens

Materials included construction fine sands and EPS beads. The water content of sand
was 5%. Its specific gravity was 2.62. The gradation curve of sands is shown in Fig. 1. It
was classified as well-graded sand (SW) by ASTM D2487. EPS is a super light
polymer, foamed from polystyrene resin and pre-puffed at 35-40 folds. The EPS beads
were even and spherical, sizing around 2 mm (Fig. 2), with bulk density and specific
gravity being 0.015 g/cm3 and 0.03, respectively.

The specimens were formed by incoporating EPS beads into sands at a mass ratio 7 of
EPS beads over sands. Selected ratios were 0.5%, 1.5% and 2.5%. Scaled materials
were mixed completely through air-mixing methods. The specimens were prepared in
accordance with Chinese Standard for Soil Test Method (GB/T50123-1999). Mixtures
were loaded into the rubber membrane hooped by a splittable mold. The relative
densities of mixtures were controlled at 0.5. Back-pressures were used to saturate the
specimens.
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FIG. 1. Gradation curves of sands. FIG. 2. Sand-EPS beads mixture.
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Test Methods

Consolidation-drained TC tests were performed in accordance with Chinese Standard
for Soil Test Method (GB/T50123-1999). The confining pressures o3 were 100, 200,
300 and 400 kPa. The compression rate was 0.015 mm/min (i.e., 0.018% strain per
minute) to allow for drainage in shears. Observations include deviatoric stress ¢, axial
strain £, and volumetric strain &, .

DISCUSSION OF CONSTITUTIVE LAW

Establishment of Constitutive Law

Many constitutive models were proposed with regards to the stress-strain behavior of
soils (Huang 1980, Yin 1988, Shen 1989, Li 2006). These models are largely divided
into two types: elastic models and elasto-plastic models. The latter is more robust than
the former to represent the soil behavior, e.g., soil hardening or softening
characteristics, shear dilation and stress paths, and thus is more prevailing (Qu 1987,
Yin 1988, Qian and Yin 1996, Li 2006). One of the classical elasto-plastic model is
Cam-clay model, which contains relatively less parameters, and is easy to be verified.
Egs. 1-2 present the strain differential eqs. of Cam-clay model (Qu 1987).

- d _
de, =€:1{/'Lk[dq_qdpJ+ﬂdp} (1)
l-e 1+e| mp )4 P
A—k dq
== - | 44 2
% (1+e)mp[m—q/p+ p) @
de, = de, +§d€v 3

where, £, denoting volumetric strain, £, denoting axial strain, € denoting shear
strain, e denoting initial void ratio, 4 denoting the slope of normal consolidation line
v- In p, k denoting the slope of over-consolidation line v- In p, m denoting lateral
confinement modulus, p denoting average normal stress, ¢ denoting general stress.

Egs. 1-3 were combined to produce Eq. 4:

Ak [dq +dp]+ ! [H(dq—qdp]+/ldp} 4)

e =———
“ (+eymp|\m—qlp 3(1+e)| mp P p
Similarly, Eqs. 5-7 can be derived in accordance with modified Cam-clay model (Qu
1987).
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de,=——|(A-k) S+ A= (%

) )
de, =27k P pi\p), (©)
q

inBkAin iaih
de =u P > P pz +@ +# (A-k) d pz +ﬂ@ (M
l+e mz_[q] m2+(‘1] p | 31+e) m2+[q) P
p p p

Sand-EPS bead lightweight mixtures are more complex than soils, which complicates
the constitutive law of the lightweight mixtures. The classical soil constitutive models
may not suit the stress-strain behavior of sand-EPS mixtures. For instance, as shown in
Fig. 3, neither Cam-clay model nor modified Cam-clay model is able to reflect the
stress-strain relationship of a specimen. It is seen that the strain is either over-estimated
or under-estimated for Cam-clay model and modified Cam-clay model respectively.

Nevertheless, it was noticed that the higher the EPS proportion #, the closer to the
Cam-clay model the curve; the less the EPS proportion #, the closer to the modified
Cam-clay model the curve. The stress-strain curve basically fluctuates within these two
models depending upon the EPS proportions. It was thus conceived to derive a model

comprising Cam-clay and modified Cam-clay models to simulate the observations in
Fig. 3.

300 -
n=2.5% o3=300kPa
250
200
<
@’ 150 A Observations
s 100 — - - Revised Cam-clay model
- - - - Cam-clay model
50 ——— Improved model
0
0 5 10 15 20 25

€q (%)
FIG. 3. Deviatoric stress-axial strain simulations.

A lightweight fill unit was divided into two parts, denoted by () and (1-{(#)).
Stress-strain increments of the former part was depicted using modified Cam-clay
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model, i.e., Eqs. 5-7; the latter part was depicted using Cam-clay model, i.e., Eqs. 1-2
and 4. It was assumed that the boundary conditions were stabilized in shears. Thus, the
total strain increments (dé€, , dg,, de,) were equal to the sum of strain increments of
two parts, i.e., de/', de’', de!' for part (1-U(n))), and de’, de’, de® for part (), as
described in Egs. 8-10.

de, =(1-{()de, + { (n)de! ®)
de, =(1-{(m)de! + {(m)de? ©)
de, =(1-{(m)de, + { (n)de? (10)

The model described in Egs. 8-10 comprises Cam-clay and modified Cam-clay
models, and is able to depict the complex stress-strain behavior by taking into account
the EPS proportions.

Merging Egs. 1, 2 and 4 and Egs. 5-7 into Egs. 8-10, the following strain increments
were obtained:

PIERE S

+e| mp p p 1+e 5 [q p
m’+| =
p

2[q] Z[q}dq}
de, =[1-¢an) ﬂ"‘[ % +dp]+§(n)l"‘ b PIP ), P 12)
(l+emp\m—q/p +e

da—h-((n)l{ Ak [ dq +dp]+ ! [H(dq_wJ+ﬂ@}}+
(+eymp\ m—q/p 3(1+e)| mp p p
O [BH)a] [ ]
§(77)u Pl || A2 p2+@ + L -2 pz+/1@
I+e g g p | 31+e q »
m*—| = m*+| L m?>+| L
p p p

where, {(#) denoting the ratio of material volume relying on modified Cam-clay model
over the entire volume, which is associated with the EPS proportion #. The more the
EPS contents, the less the {(#) value. According to the TC results, the model parameters
are figured out in Table 1.

Table 1. Parameters of Constitutive Model.

» 1% m k A )
0.5 1.4723 0.0353  0.0869 0.8100
1.5 1.1107 0.0918  0.2386 0.6500

2.5 0.9084 0.1399 0.3952 0.5200
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The solid line in Fig. 3 represents a model curve plotted in terms of Eq. 13 and
parameters in Table 1. It is seen that the solid line is superior to the Cam-clay models to
simulate the observations.

Verification of Model

Deviatoric stress-axial strain relationships

Verifications were implemented by plotting strain increments (Egs. 11-13) and test
observations in a chart, as shown in Figs. 4 and 5. The solid lines represent the model
curves, which basically simulate the observations of specimens subjected to tested
stress conditions. Under high confining pressures, the model curves deviate a bit from
the observations, slightly under-estimating strains. Anyhow, the improved strain
increments are suitable for simulating deviatoric stress-axial strain behavior of
sand-EPS beads lightweight fills.

q (KP2)
q (KPa)

¢ o03=100kPa A& 03=200kPa @ 063=300kPa X o3=400kPa —— Model curve
FIG. 4. q -¢, - £, simulations (y=0.5%). FIG. 5. q -¢, - £, simulations (#=1.5%).

Volumetric strain-axial strain relationships
A volumetric contraction is presumed to be negative. As shown in Figs. 4 and 5,
sand-EPS beads lightweight fills underwent shear contraction throughout the TC tests.
When the confining pressures o3 were 100 and 400 kPa, the model curves well
simulated the observations. When the EPS proportions were relatively low, the model
curves were also robust to simulate the observations. When the confining pressures o3
were 200 and 300 kPa, the volumetric strain simulations were weak. This may source
from the bias occurred to the observation of volumetric strain of EPS beads. Anyhow,
the simulations were superior to that directly given by Cam-clay models, and were
basically acceptable for describing the volumetric strain-axial strain relationships.
Combine the above stress-strain simulations, the proposed model was verified
suitable for depicting the constitutive laws of sand-EPS bead lightweight fills, and thus
usable for estimating the stress, strain, settlement and strength of practical works.
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CONCLUSIONS

Through consolidation-drained TC tests, sand-EPS bead lightweight fills of three
mixing proportions were researched about their deviatoric stress-volumetric strain-axial
strain relationships. Based on TC test results and analyses, a proportion-based model
was derived depicting the constitutive laws of lightweight fills in terms of Cam-clay and
modified Cam-clay models. The model was verified according to the TC observations.
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ABSTRACT: This paper investigated the densification effects of deep dynamic
compaction (DDC) and vibratory compaction on loose saturated sands, which was
based on two well-documented case histories. This investigation was carried out by
examining pre- and post-compaction cone penetration testing (CPT) results. The CPT
results indicated that under the same design earthquake excitation, the sands treated by
DDC were densified to the level of resisting potential liquefaction, while, the sands
were still liquefiable after vibratory compaction.

INTRODUCTION

In roadway, port, and coastal projects, granular materials are commonly placed in
water to serve as foundation soils. Usually, these kinds of sites are required to be
densified to mitigate potential liquefaction hazards, via deep dynamic compaction
(DDC), vibratory compaction, or other ground improvement methods. Among these
ground treatment methods, DDC and vibratory compaction are most frequently used
due to their economical effectiveness.

DDC is carried out essentially by repeatedly dropping a very heavy tamper onto the
soil surface from certain height. DDC can be used for both unsaturated and saturated
granular soils. The densification process in unsaturated soils is the process of expelling
air out from voids, thereby decreasing void volume and making soil denser. The
mechanism of densification of saturated soils is based on dynamic consolidation. The
energy generated in DDC destroys the soil structures and then causes the water
trapped between soil particles to be expelled out. As a result, cracks are formed in the
soils, allowing rapid dissipation of pore pressures. Then, the soils consolidate, and the
soil particles are forced into a denser state. Vibratory compaction is performed using a
vibratory probe. By means of its self-weight and vibration, usually accompanied with
water jetting, the probe penetrates to the specified treatment depth. Then, the probe is
withdrawn while maintaining vibration energy. Since the motion of probe is radial in
the horizontal plane, the vibration energy is transmitted radially into the surrounding

62
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soils and creates a dynamic force in the direction in which soils are weakest. Then,
soils are densified by intense vibration during the process of progressively raising and
lowering probe into soil deposits.

Many researchers (Menard and Broise 1975; David 1976; Leonards et al. 1980;
Lukas 1980; Mayne et al 1984; Massarch 1991; Massarch and Fellenius 2002) have
investigated the densification effects of DDC or vibratory compaction on granular
soils via site-characterization testing methods. Mackiewicz and Camp (2007)
investigated the influences of soil fine contents on densification effects of DDC, vibro-
compaction, and vibro-replacements at five project sites in South Carolina, USA.
However, no studies are known to compare the densification effects of DDC and
vibratory compaction. The purpose of this study was to compare the densification
effects of DDC and vibratory compaction on loose saturated sands, based on two
ground-treatment projects, namely DDC at US Route 44 relocation project in
Massachusetts and vibratory compaction during construction of Container Berth Eight
(CBS8) at Port of Savannah in Georgia, USA. This was achieved through comparisons
in terms of mitigation of liquefaction susceptibilities. The investigation indicated that
DDC was much more effective than the adopted vibratory compaction method in
densifying the loose saturated sands.

TWO GROUND IMPROVEMENT PROJECTS
US Route 44 Relocation Project

Figure 1(a) presents the view of construction of US Route 44 relocation project in
the peatlands. The site was located in Massachusetts, USA. A large portion of the
proposed roadway embankments traversed across the bogs and ponds which feature
deep peat deposits overlying medium dense to dense sands. Due to its extremely poor
engineering properties, all the peat deposits within the footprint of the proposed
embankments were replaced with sands, installing steel sheet pile walls on both sides
of the proposed roadway as retaining structures. During the process of peat
replacement, the site was not dewatered and the backfills were placed in a loose
saturated state, susceptible to potential liquefaction hazards. Thus, two passes of DDC
were adopted to densify the backfills, dropping a 14.4-ton tamper from a height of
18.3 m for the backfills beyond 6.9 m away from the sheet pile walls and from a
height of 9.1 m for the backfills within 4.6 m to 6.9 m away from the retaining walls.
Figure 2(a) presents the view of implementation of DDC at US Route 44 site. Figure
3(a) shows typical DDC grid-pattern. Each grid point was repeatedly impacted by nine
drops. The second pass was conducted at the center spacing of the first pass. To ensure
complete dissipation of excess pore pressures generated in DDC, the second pass was
conducted six days later. During each pass, the distance between the adjacent tamping
points was 4.6 m.

Construction of Container Berth Eight (CB8) in Port of Savannah

As the largest single-terminal container facility of its kind on the U.S. East and Gulf
coasts, the Port of Savannah is located on the south bank of Savannah River in
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Savannah, Georgia. In order to keep pace with the increasing trade volume, a new
Container Berth Eight (CB8) was constructed, which included construction of
approximately 518 m long pile-supported dock tied to the existing CB7 dock at the
downstream end, and a sheet pile bulkhead and a container yard behind. Figure 1(b)
presents the view of construction of CBS8. Both the dock and sheet pile walls are
located in Savannah River. The areas between the sheet pile bulkhead and the
shoreline were filled with sandy soils to the existing ground surface and then served as
loading and handling zones for trucks and storage areas for containers. The muddy
soils at the riverbed behind the sheet pile walls were removed and then filled with
averagely 6 meter thick loose saturated sands, which posed risks of liquefaction.
Therefore, vibratory compaction was adopted to densify the fills. Figure 2(b) presents
the view of implementation of vibratory compaction at the site. Vibratory compaction
was carried out in a grid pattern with a center spacing of 1.8 m (see Fig. 3(b)).
Different from conventional vibratory probe (vibroflot), the probe used at this site
consisted of a vibratory hammer mounted on the top of a steel H beam supported by a
crane and the H beam was in vibration during penetration and extraction.

(a) Construction of US Route 44 in bogs and ponds (b) Construction of CB8 in Savannah River

FIG. 1. View of construction at two ground-treatment project sites.

(a) DDC at US Route 44 (b) Vibratory compaction at CB8 of Savannah Port
FIG. 2. View of ground-improvement at two project sites.
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FIG. 3. Typical grid-pattern along with the locations of CPT soundings.
SOIL CONDITIONS

Prior to compaction, a series of in-situ cone penetration tests (CPT) had been
conducted at both sites. Figure 4 presents soil identification of the backfills at US
Route 44 and the fills at CB8, using the CPT results. The soil classification in Figure 4
was based on the procedure developed by Robertson and Campanella (1983). The CPT
sounding results indicated that the backfills and the fills mainly consist of clean sands
and silty sands. At Route 44, the water table level was around 1 m below the surface,
and it was around 1.5 m below the surface at CB8. Prior to compaction, it was very
important to determine whether the soils could be improved by dynamic compaction
or vibratory compaction methods. The compaction criterion developed by Massarch
(1991) was adopted (see Fig. 4). At both sites, most of backfills and fills lied within
the boundaries of compactable and marginally compactable. As a result, the backfills
and fills were considered suitable for compaction.

CONE PENETRATION TESTS (CPT)

For quality assurance and control (QA/QC) purposes, a series of cone penetration
tests (CPT) were carried before and after compaction at both project sites. At US
Route 44, the CPT soundings were performed at the center spacing of the first and
second pass of DDC and were spaced at 30.5 m along the central line of the proposed
roadway. At the site of CBS8, the CPT soundings were performed at the midway
between vibratory compaction points. At both sites, the CPT soundings after
compaction were located as close as possible to the CPT soundings prior to



66 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

compaction. Detailed locations of CPT soundings at these two project sites are
presented in Figures 3(a) and 3(b).
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FIG. 4. Soil identification at two project sites (after Robertson and
Campanella 1983; Massarch 1991).

COMPARISONS

In order to compare the capabilities of DDC and vibratory compaction on mitigation
of potential liquefaction susceptibilities, it was assumed that both project sites were to
withstand a maximum earthquake magnitude M, of 5.5 with 2 percent probability of
being exceeded in 50 years (this implies a mean recurrence interval around 2500
years). A maximum horizontal ground acceleration a,_  equal to 0.136g was used in

the following liquefaction analyses.

The method based on the CPT data developed by Robertson and Wride (1998) was
adopted in the liquefaction evaluation. It assumes liquefaction to occur if Fy is less
than 1.0 and no liquefaction occurs if Fy is greater than or equal to 1.0. The safety
factor Fs is defined as the ratio of cyclic resistance ratio (CRR) to cyclic stress ratio
(CSR):

F, =CRR/CSR = MSF XCRR, , /CSR @))
in which, MSF is magnitude scaling factor, CRR;s is cyclic resistance ratio for
magnitude 7.5 earthquake, and CSR is cyclic stress ratio. A magnitude scaling factor
(MSF) value equal to 1.43, which was recommended by Seed and Idriss (1982) for the
magnitude 5.5 earthquake, was used in equation (1). CRR;s is calculated as
(Robertson and Wride 1998):

if (qein)es < 50, CRR75 = 0.833[(qcin)es/1000] +0.05 (2a)

if 50 <(qern)es < 160, CRR7.5 = 93[(qein)es/ 1000]° + 0.08 (2b)
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where, (qecin)es 1S cone penetration resistance for clean sands normalized by
approximately 100 kPa (1 atm). CSR is calculated as (Seed and Idriss 1971):
CSR=0.65%(a,,./g)x(0,,/0),)xr, A3)
where, a,, is peak horizontal acceleration at the ground surface generated by
earthquake; g is acceleration of gravity; o,,and o, are total and effective vertical
overburden stresses, respectively; and 7, is shear stress reduction coefficient. The
value of 7, in equation (3) was estimated by the equations (Cetin et al. 2004) as

follows:
Ford<20m,
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Where, d is depth below the ground surface in meter, a_, is in gravitational

max
*

acceleration (g/s), V, ,,, is the representative site shear wave velocity over the top 12

K

m in m/s, M, is earthquake magnitude. The measured V,’

12w Dy seismic cone
penetration tests (SCPT) was around 150 m/s before compaction, and was around 160
m/s after compaction at both project sites.

In reality, soils may liquefy even if the calculated safety factor Fs > 1.0 (Juang et al.
2002). There is a need to assess likelihood of liquefaction. Based on the calibration of
Robertson and Wride method (1998) using large database of field observed cases,
Juang and Jiang (2000) presented the following mapping function to relate the safety
factor Fs to the probability of liquefaction P, |

1

1+(F )*
Where, Fs is the safety factor calculated by equation (1).

Figures 5 and 6 present liquefaction analysis results at the sites of US Route 44 and
CB8. Before DDC, the backfills at depths of 3.0 to 8.5 m at US Route 44 were
liquefiable and had liquefaction probabilities around 60% to 70% under the design
earthquake excitation. While, after two passes of DDC, the backfills along depths were
densified to the state of unliquefiable with liquefaction probabilities less than 20%.

(6

L
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However, at the site of CB8 in Savannah Port, the fills were still liquefiable and had
high liquefaction probabilities around 80 to 100 percent after vibratory compaction.
Compared with DDC, the adopted vibratory compaction method imposed negligible
effects in mitigating liquefaction susceptibilities.
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FIG. 5. The estimated liquefaction susceptibilities at US Route 44 site.
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FIG. 6. The estimated liquefaction susceptibilities at CB8 in Savannah Port

CONCLUSIONS

Compared with the adopted vibratory compaction method, DDC was much more
effective in mitigating potential liquefaction hazards. When subjected to the same
earthquake shaking, the site treated by DDC was densified to the level of resisting
potential liquefaction, while, the site treated by vibratory compaction was still
liquefiable. The adopted vibratory compaction imposed negligible effects in mitigating
liquefaction hazards of the loose saturated sands.
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ABSTRACT: Spectral Analysis of Surface Waves (SASW) is a non-destructive
method for determining the stiffness profile of pavement sites. The method consists of
generation, measurement, and processing of dispersive elastic waves in layered
systems. The test is performed on the pavement surface at low strain level, where the
elastic properties are considered independent of strain amplitude. During an SASW
test, an impact source was used to generate energy at various frequencies. Two vertical
acceleration transducers are set up to detect the energy transmitted through the testing
media. By recording signals in digitised form using a data acquisition system and
processing them, surface wave velocities can be determined by constructing a
dispersion curve. Through forward modeling, the shear wave velocities can be
obtained, which can be related to the variation of stiffness with depth. This paper
presents the results of two case studies for near-surface profiling of two different
asphalt pavement sites.

INTRODUCTION

There are more than 60,000 km of roads in Malaysia, of which more than one half
are either flexible or rigid pavements. Most of the expressways, federal roads, state
roads and council roads are more than 20 years old. Owing to aging roads and
increasing traffic loads and volumes, the responsibility for maintenance, rehabilitation
and management of pavement structures is becoming more critical. Therefore, the
need for accurate, fast, cost effective and non-destructive evaluation of the pavement
structure is becoming ever more important. Recent advancement and improvement of
the well-known steady-state Rayleigh wave method (Richart et al. 1970) resulted in
promising a new NDT method known as the Spectral Analysis of Surface Waves
(SASW) method (Heisey ef al. 1982; Nazarian & Stokoe 1984). The SASW technique
successfully reduces the field-testing time and improves the accuracy of the original
steady-state method.

The purpose of this paper is to describe the role of the SASW technique in assistance
to pavement engineers in evaluation and management of highways. The first part of
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the paper discusses the fundamentals of the SASW method and properties in pavement
that can be detected by the method. The second section illustrates the results of the
SASW tests in pavement investigations.

THE SASW METHODOLOGY

The SASW method is based on the phenomenon of Rayleigh wave dispersion in
layered systems, i.e. the velocity of propagation is frequency dependent. The energy of
Rayleigh waves propagates from the source along the surface of a media and their
amplitude decrease exponentially with depth.

In homogenous, elastic half-space, Rayleigh wave velocity does not vary with
frequency. However, in the layered medium, Rayleigh wave velocity is frequency
dependent. This phenomenon is termed dispersion. The shorter wavelength of higher
frequency penetrates the shallow zone and the longer wavelength (lower frequency)
penetrates deeper into the medium. Rayleigh wave propagation technique may be used
to determine the parameters of the elastic moduli of pavement and soil layers. Values
of these parameters represent the material behaviour at small shearing strain. Nazarian
and Stokoe (1984) have explained that the modulus parameter of material is constant
below a strain of about 0.001 % and is equal to E,,, and its corresponding G ay.

The objective of the SASW test is to determine the velocity-frequency relationship
described by the dispersion curve. Through the process of inversion or forward
modeling, the shear wave velocity profile is obtained. Elastic moduli profiles can then
be obtained using relationships with the velocity of propagation and approximated
values for mass density and Poisson’s ratio, as follows,

G =1Ly, 45
g

E=22y1+p )
g

E=2(1+wG 3)

where, G = dynamic shear modulus, £ = dynamic Young’s modulus, V; = shear wave
velocity, y = total unit weight of the pavement or soil, g = gravitational acceleration,
and u = Poisson’s ratio.

Elastic waves are generated on the surface of pavement and are detected by a pair or
an array of receivers (Fig. 1). A dynamic spectrum analyser (OROS OR25 PC-Pack II)
was utilized for recording and analysing the data. The common receiver midpoint
(CRMP) array geometry was used (Nazarian 1984). The spacing between receivers
was 0.1, 0.2, 0.4, 0.8, 1.6, and 3.2 m. Piezoelectric accelerometers were glued to the
pavement surface to pick up the signal. The dynamic signal is generated in the
pavement using a variety of impact sources. For small spacing, small steel ball
bearings were used to sample shallow layers, and hammers were employed for larger
spacing to sample deeper layers.

The spectrum analyser is used to capture the receiver outputs denoted by x(7) and y(7)
for receivers 1 and 2. The outputs in the time domain were transformed through a Fast
Fourier Transform (FFT) to X(#) and Y(7) in the frequency domain by the analyser.
Two functions in frequency domain are utilized for analysing the averaged data
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signals, i.e. the phase spectrum and coherence functions. The cross power spectrum,
Gy, between the two receivers is defined as

Gy =X(f).7(f) 4

Spectrum Analyser

Accelerometers

T

FIG. 1. Layout of the SASW method for pavement evaluation.

where X(f)" denotes the complex conjugate of X(f). The phase shift, 6, (1), which

represents physically the number of cycles that each frequency possesses in distance D
between the two receivers, can be computed as

Oy =6y (/)-6,(f)=tan"' [Im(G,, )/Re(Gy,) | ®)

where 6, (f) is the phase shift of the cross power spectrum at each
frequency, Im(Gyy) and Re(Gyy) are the imaginary and real parts of the cross power
spectrum at each frequency, and fis the frequency in cycles per seconds (or Hz).

The coherence function is the ratio of the output power caused by the measured
input to the total measured output. The coherence function, *(f), is mathematically
defined as

72 (f)= ‘GXY‘Z/(GXX'GYY) (6)

&

where Gy = X(f)". X(f) is the power spectrum of receiver 1, and Gy, =Y(f)".Y(f) is
the power spectrum of receiver 2. The value of coherence function in the range of
frequencies being measured is between zero and one. A value of one indicates perfect
correlation between the signals being picked up by the receivers, which is equivalent
to a signal-to-noise ratio of infinity. A value of zero for the coherence function at a
frequency represents no correlation between the detected signals.

When displaying the phase spectra, the analyser may not use full-scale display,
instead it may display the phase in the range of +£180° and hence cause it to wrap. The
step to find the actual phase of a frequency is to count the number of full 360° cycles
preceding the frequency and to add that to the fraction of the last cycle or the
frequency. The process is called unwrapping of the phase (Nazarian 1984). By using
the principle of a rotating vector, a phase shift of 360° is equivalent to the travel time
of one period. For a harmonic wave, the period, 7, is the reciprocal of the frequency of
the wave, (i.e. T=1/f). Therefore, the travel time, #(f), from receiver 1 to receiver 2,
i.e. the time delay, can be computed by
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1/)=6.0 (£)T/360° =61, (1)) (360°. 1) ™
Knowing the distance D between the receivers, the phase velocity, V(f), and the
corresponding wavelength, 1,(f), are calculated by

Ve(f)=D/e(f) ®)

AR (f):VR (f)/f (9)

By repeating the procedure outlined by Eq. (7) through (9) for every frequency, the
Rayleigh wave velocity corresponding to each wavelength is evaluated and the
experimental dispersion curve is generated. The process of converting the dispersion
curve into the shear wave velocity profile is called inversion or forward modeling.
There are several modeling approaches available for SASW applications. Among them
are: (1) the transfer matrix method (Haskell, 1953; Thomson, 1950); (2) the dynamic
stiffness matrix method (Kausel & Roéesset 1981); and (3) the finite difference method
(Hossain & Drnevich 1989). The transfer and stiffness matrix methods provide exact
formulation as compared to the other methods (Ganji ef al. 1998).

Joh (1996) has suggested two methodologies for the evaluation of a stiffness profile:
the iterative forward modeling analysis and the inversion analysis. The iterative
forward modeling analysis requires an initial guess (priori) of the stiffness profile. To
each layer a thickness, a shear wave velocity, a Poisson's ratio (or compression wave
velocity), a mass density and a damping ratio are assigned.

Based on these initial priori parameters of the initial profile, a theoretical dispersion
curve is calculated using stress wave propagation theory. The theoretical dispersion
curve is compared with the experimental dispersion curve. If the two dispersion curves
do not match, the initial profile (number of layers, layer thickness, shear wave
velocity, or any combination) is adjusted, and another theoretical dispersion curve is
calculated. The trial-and-error procedure is repeated until the two curves match, and
then the associated assumed profile is considered the real profile. Fig. 2 shows the
comparison between the experimental and theoretical dispersion curves during
inversion analysis. The accuracy of the theoretical dispersion curve is controlled by
the RMS data error, which measures the difference of both the dispersion curves.
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FIG. 2. Experimental and theoretical dispersion curves wave velocity.



74 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

CASE STUDIES
Case Study 1: Landed-Zone 4-B, Precint 11, Putrajaya

The SASW testing was carried out on a council road pavement surface at Landed-
Zone 4-B, Precint 11, Putrajaya construction project (PREC11-JP1 line). The
pavement profile consists of an asphalt layer (100 mm thick), a base of crushed
aggregates (300 mm thick), and a sub base of sand (200 mm thick) over a
metasediment sub grade. Material properties and thickness of the four layers are
shown in Fig. 3(a). In this study, the receiver spacing of 10, 20, 40, 80, 160 and 320
cm were used.

The result of the inversion is as shown in Fig. 3(b). A total of 10 layers were used in
this inversion analysis and the thickness of the layers was increased gradually as the
properties of the near surface material are of most interest in a pavement system. By
assuming reasonable values of Poisson’s ratio and mass density of each layers, the
dynamic Young’s modulus profile is calculated using Eq. (2) and (3) and is plotted in
Figure 3(c). The modulus and depths determined by the SASW measurements from
the inversion are in good agreement with each layer of the pavement profile. A zone
with higher modulus is interpreted from 0 to 10 cm for the asphalt concrete layer that
has the highest stiffness properties (100 — 1000 MPa). An abrupt decrease of the
modulus then occurs at the transition layer of the base followed by a gradual increase
of the modulus for the sub base and sub grade with elastic modulus of around 10 MPa.

Case Study 2: Km 296, North — South Expressway

The SASW testing was carried out on a pavement surface at Km 296 of the North—
South Expressway during rehabilitation works (LRSB-ApJ line). The pavement
structure consists of an asphalt layer (180 - 200 mm thick), a sub base of crushed
aggregates and fine sand (2000 - 2500 mm thick), over a metasediment sub grade.
Material properties and thickness of the four layers are shown in Fig. 4(a). In this
study, the receiver spacing of 10, 25, 50, 100, and 200 cm were used. The sources for
the Rayleigh wave employed were slightly different from those in the case study 1.
For high frequency signals, 2-inch nail and small hammers were used, geological
hammer was used for receiver spacing higher than 100 cm.

Shear Wave Velocity, m/s Young’s Modulus, MPa
o 500 1000 1500 1 10 100 1000
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FIG. 3. (a) The designed pavement profile, (b) the final shear wave profile, and
(c) the calculated dynamic Young modulus profile for PREC11-JP1 line.
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The shear wave velocity profile along with the layering use in this inversion is
shown in Fig. 4(b). RMS data error obtained for this inversion analysis is 20.75 %.
The dynamic Young’s modulus profile is calculated and is plotted in Figure 4(c). The
profiles determined by the SASW measurements show good agreement with the
pavement profile. A zone with higher modulus is interpreted from 0 to 20 cm for the
asphalt concrete surface layer that has the highest stiffness properties (100 — 1500
MPa).

Concluding Remarks

The thickness of layering obtained from the inversion analysis compared well with
the existing profile obtained from the construction record. This surface layer of LRSB-
ApJ line line is slightly stiffer than the PREC11-JP1 line as a more stringent
specification was applied to the former. The shear wave velocities and dynamic
Young’s modulus profiles from this study were compared with SASW testing that had
been carried out by other workers, such as Nazarian (1984) and Al Hunaidi (1998)
(Table 1). In general, there is a reasonable agreement between the results from these
studies.

Shear Wave Velocity, m/s Young's Modulus, MPa
o 500 1000 1500 2000 1 10 100 1000 10000

(b) ©

FIG. 4. (a) The pavement structure profile, (b) The final shear wave profile, and
(c) the calculated dynamic Young modulus profile for LRSB-ApJ line.

Table 1. Comparison of Shear Wave Velocities

Profile Shear Wave Velocity (m/s)
This study | Nazarian (1984) Al Hunaidi (1998)
Surface course 900 — 2000 2425 1000 — 2500
Sub base course | 195 —-270 301.95 100 — 500
Sub grade 200 — 400 271.45 80 — 300
CONCLUSION

The SASW method has managed to characterise all the layers of the pavement
profile in terms of shear wave velocity and dynamic shear and elastic modulus
satisfactory. The method can be useful to be applied in the early stages of pavement
evaluation for detecting the dynamic properties and thickness of the profile. This
method has been also found to be able to detect sandwiched low modulus layers
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reasonably accurate, unlike the drawbacks from the other seismic methods for this
case.
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ABSTRACT: An integrity testing for stone columns was attempted using crosshole
S-wave logging. The method is conceptionally quite similar to the crosshole sonic
logging (CSL) for drilled piers. The critical difference in the logging is the use of
s-wave rather than p-wave, which is used in CSL, because s-wave is the only wave
sensing the stiffness of slower unbounded materials than water. An electro-mechanical
source, which can generate reversed S-wave signals, was utilized in the logging. The
stone column was delineated from the S-wave travel times across the stone column,
and taking S-wave velocities of the crushed stone and surrounding soil into account.
The volume calculated from the diametrical variance delineated is very close to the
actual quantity of the stone filled.

INTRODUCTION

Stone columns, locally called “GCP (granular compaction pile)” or “RAP (rammed
aggregate piers)” are used to improve strength and resistance against lateral movement
of a foundation soil with the same efficiency as rigid piles and piers. Moreover, these
discrete columns facilitate drainage, and densify and reinforce the soil in the sense of
ground improvement. The installation procedure of a stone column is driving a casing
(ID 400mm) with a conic shoe hinged at the tip (the tip of the casing is closed with the
shoe) to the desired depth, filling one batch of crushed stone (diameter of 400mm,
height of 3m) into the casing, pulling up the casing 3 meters with keeping tip open,
compacting the 3 meter column down to 1 meter height using the casing with closing
the shoe so that the diameter of the column expands from 400 mm to 700 mm, and
repeating the above steps for each batch up to ground surface.

The integrity of the stone column has been indirectly controlled with the records of
each batch including depth and the quantity of stone filled. However, this indirect
control can not guarantee the continuity of the column with consistent diameter or
detect, if any, anomalies of the shaft. In the paper, a methodology to delineate stone
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columns after installation was developed using crosshole S-wave logging.
METHODOLOGY

The method is conceptionally quite similar to the crosshole sonic logging (CSL) for
drilled piers (Hellema and Olson, 2003). But there are two key differences between
stone column logging and CSL. The first critical difference is the wave type adopted.
The CSL uses P-wave, which is very effective for materials faster than water, such as
concrete. Often, the stone column is installed under the ground water table and its
P-wave velocity is less than that of ground water. Thus, the CSL logger, if adopted,
will measure P-wave velocity of water rather than that of the skeleton of crushed stone.
In the S-wave logging, an electro-mechanical source was used to generate S-waves.
This key point will be explained in depth in the following field application. Second,
the concrete is a bonded material and its stiffness is not affected by the confinement.
Thus, the confinement does not count in CSL. However, the stone column composes
of unbounded granular material, which is significantly affected by the confinement of
the surrounding soil. The stiffness of a stone column, that is, even if installed with the
same density through out the shaft, will increases with depth because of increasing
confinement. Thus the stiffness increment should be taken into account in the stone
column logging.

EQUIPMENT

The crosshole source consists of a spring-loaded impact pestle, a gear-servomotor
triggering gadget, and a mechanical coupler as shown in FIG. 1. The triggering gadget
and the coupler are controlled by the servomotors. The impact pestle strikes on the
impact anvil, which is pushed against borehole wall by the coupler. The source is
operated by the control unit at the ground surface. The companion receiver houses a
horizontal geophone with the same mechanical coupler. In shear wave measurements,
a pair of reversed shear wave signals is recorded by reversing impacts and its
“butterfly” pattern is utilized in picking the first arrival of shear wave. The details of
the source and measurement can be referred to Park et al. (2008).

i
Push Gear — Spur Gear
le— Contact Bar
Servomotor —
A
Impact Anvil —D( Impact Pestle
6
Bevel Gear == Triggering Pinwheel
Servomotor
Servomotor — 117
Push G
usl| ear — 15
m“l%. Spur Gear
(a) Schematic diagram of source (b) Logger set

FIG. 1. Crosshole logger for stone column logging(Park et al., 2008).
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IMPLEMENTATION

The stone column was installed with the target diameter of 700 mm. However, in
the firm fill, placed for the access of the installation equipment, the column was
expanded only to about 510mm in diameter as shown in FIG. 2. Five cased boreholes
(ID 76mm) were installed for 3 sets of crosshole tests. The borehole pairs of 1 and 2,
and 2 and 3, were for S-wave measurements across stone column and across soil only,
respectively. To evaluate the S-wave velocity of crushed stone itself, boreholes 4 and 5
were installed in the immediate vicinity of the column to the depth of 1 meter.
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FIG. 2. Borehole for crosshole logging.

S-Wave Velocity of Crushed Stone

The stiffness of an unbounded material, such as crushed stone, is significantly
affected with confinement and in turn with buried depth. Thus the variance of S-wave
velocity with depth should be evaluated. The S-wave velocities were measured to the
depth of 0.8 m using boreholes 4 and 5. From the increment of S-wave velocity, due to
the increasing confinement with depth, coefficient of confining pressure (ng ; the slope
of the linear relationship between S-wave velocity and mean effective stress in log-log
scale) was calculated as the value of 0.2866 and the S-wave velocities for deeper depth
were extrapolated with ng of 0.2866 as shown in FIG. 4.
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S-Wave Velocity of Surrounding Soil

To measure the S-wave velocities of soil surrounding the stone column, a crosshole
test was performed across soil between borehole 2 and 3. The reversed signals were
stacked and shaded as shown in FIG. 3. The dark traces show the overall stiffness
profile of soft clay overlain at the depth of 4m over sand layer. The first arrival time of
S-wave at each depth was picked with the help of distinct butterfly pattern of the
reversed signals. The S-wave velocity profile is shown in FIG. 4 along with the
S-wave velocity profile of crushed stone.
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FIG. 3. Stacked S-wave signals of FIG. 4. S-wave velocity profiles of
surrounding soil. crushed stone and surrounding soil.

S-Wave Travel Times across Stone Column

To measure the S-wave travel times across the stone column, S-wave measurements
were carried out across the stone column between borehole 1 and 2. FIG. 5 shows the
typical P- and S-wave signals measured at the depth of 5.6 m under the water table.
The fast P-wave transmitted through pore water is ringing for a while and overrides the
slower P-wave propagated through the skeleton of crushed stone, whose initial arrival
time is hardly indentified because of blending of two waves. In the other hand, the
reversed signals show distinct polarity reversal and butterfly pattern of S-wavelet,
while there is no polarity reversal of P-wave afore-arrived. Thus, S-wave is only wave
type to sense stiffness of the unbounded material under the ground water table. The
reversed S-wave signals were stacked and shaded for visual distinction of S-wave
arrival as shown in FIG. 6. However each S-wave arrival time was picked as shown in
FIG. 5 and plotted in FIG. 7.
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FIG. 5. Typical P- and S-wave signals. FIG. 6. S-wave signals of stone column.

Back-calculating Diameter

The diameter of the stone column (D) was calculated with travel path (L), the S-wave
travel time across the stone column (t,), the shear wave velocity of crushed stone (V)
and that of surrounding soil (V) at each depth using Eq. 1

D= ((L - Vs'tr)/(Vcs - Vs))'Vcs (1)

where, L is distance between two boreholes across the stone column, t, is S-wave travel
time over ray path L shown in FIG. 7, Vs and V, are shear wave velocity of crushed
stone and surrounding soil, respectively as shown in FIG. 4. The stone column was
delineated with the diametric variance with the assumption of symmetry of the column
as shown in FIG. 8. The column was expanded slightly more than the target diameter
of 700mm in soft clay layer to the depth of 4 m and less in the underlain sand layer.
The volume integrated with the diametric variance was 2.40 m> , compared to actual
filled quantity of 2.70 m’. The difference was due to the quantity spilt over surface and
densification of crushed stone during compaction.

CONCLUSIONS

Crosshole S-wave logging can successfully delineate and confirm the integrity of
the stone column. In the logging, S-wave should be used and the stiffness increment of
filling material of column, due to increasing confinement with depth, also should be
taken into account. The electro-mechanical source can be effectively utilized in
generating reversed S-wave signals and in turn accurate measurements of S-wave
travel times.
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ABSTRACT: A new s-wave probe, called "MudFork", has been recently developed
and is used in accurate measurements of shear wave velocities of soft soils. The probe
is composed of two bender elements mounted on a “fork” having two blades, one
element perturbing ground and the other one monitoring seismic waves, and can be
penetrated using SPT(standard penetration test) rods pushed with a routine boring
machine. To expand its use to estimate undrained shear strength and density, an
attempt to correlate shear wave velocity to those properties was made at normally
consolidated silt near Incheon, Korea. A simple linear relationship between shear
strength and shear wave velocity was obtained, and a tentative relationship between
density and shear wave velocity was also defined.

INTRODUCTION

Much effort has been made to evaluate stiffness of soft soil accurately and to
correlate with other properties such as strength and density. Such correlations would
be very beneficial in soil exploration. Recently, a new s-wave probe, called
"MudFork", has been developed and is used for accurate and easy measurements of
shear wave velocities of soft soils (Jung et al., 2008). To expand its use to estimate
other properties such as undrained shear strength and density, an attempt to correlate
shear wave velocity to those properties was made at a normally consolidated soft
ground near Incheon, Korea. In the paper, the new s-wave probe, MudFork and the
correlations developed herein are described.

BACKGROUND
Mud Fork

The probe is composed of two bender elements mounted on a “fork” having two
blades, one element acting as a seismic source perturbing ground and the other one as
a receiver monitoring seismic waves as shown in FIG. 1. The probe is penetrated
using SPT(standard penetration test)rods pushed with a routine boring machine and
shear waves signals are recorded at each measurement depth. The details of the probe
can be referred to Jung et al.(2008).

&3
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FIG. 1. Schematic diagram of Mud Fork and S-wave measurement
(Jung et al., 2008).

Stiffness vs. Strength

The shear deformation of a normally consolidated soil can be characterized by the
hyperbolic model, in which stiffer materials exhibit higher shearing resistance
(Kondner, 1963; Hardin & Drenevich, 1972) as shown in FIG. 2. That is, shear
strength (C,) is proportional to shear modulus (Gmax) or s-wave velocity. In this
context, cone tip resistance (qc), which is an indirect measure of shear strength, was
correlated with shear modulus by many researchers (Mayne & Rix, 1993; Tanaka &
Nishida, 1994, Simonini & Cola, 2000). This is the key motivation to correlate s-
wave velocity to shear strength of a normally consolidated material.
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FIG. 2. Shear stress-strain relationship.
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TESTING
Laboratory Testing

Three borings were drilled and undisturbed samples were taken at the depths of 3, 5,
and 8 meters to measure undrained shear strength (C,) and shear wave velocity (Vs) as
well in the laboratory. Before shearing the specimens in the triaxial cell, shear wave
velocities were measured using bender elements installed at the top cap and base
pedestal of the cell as shown in FIG. 3(Oh et al. 2008). To mitigate disturbance
effects, the specimens were recompressed with the isotropic confining pressure
equivalent to in-situ effective stress. The typical shear wave signals are shown in FIG.
4. The middle and lower signals are shear waves recorded before and after
recompression, respectively. The increment of shear wave velocity denotes the
mitigation of disturbance effects. Laboratory testing results were plotted with field
values later on.

et Elements

Receiver — il :
Specimen —
Membrane —» Function
Generator
<>
Source —==1 _

Power
Amplifier

FIG. 3. Test set-up for laboratory shear wave measurements (Oh et al., 2008).
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recompression
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recompression
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FIG. 4. Typical shear wave signals in laboratory (Jung et al., 2008).
Field Testing
S-wave measurements were carried out at every half meters up to 7.5 meters by

penetrating the s-wave probe using a boring machine at a construction site near
Incheon, Korea, whose ground water level was close to the surface. The shear wave
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signals measured at each measurement depth are shown in FIG. 5. The signals are
decent enough to identify first arrival times of shear wave. The first arrival times of
shear wave, indicated by a black dot, are in the range of 0.5-1.0 msec. The net travel
distance between the source and receiver is 59mm. The shear wave velocities,
obtained by dividing the travel path with the first shear wave arrival times, are plotted
with the laboratory values as shown in FIG. 6. The laboratory values are less than the
field values partly because of disturbance effect and/or partly because of locality of
specimens. The driving voltage and frequency of the source was 30 volts and in the
range of 2.4-4.5 kHz, respectively. The driving frequency is high enough to maintain
more than two wave lengths of the shear wave within the ray path (59mm), which is to
eliminate the near field effect on the first arrival of shear wave. The shear wave
velocities are linearly increased with depth and overall profile can be represented by a
straight line shown in FIG. 6, except abrupt change at the sand seam near the depth of
5 meters.
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FIG. 5. S-wave signals (Jung et al., 2008). FIG. 6. Shear wave velocity profile.

Three cone penetration tests (CPT) were performed. The CPT tip resistance also
increases linearly with depth, except for the values of the sand seam near the depth of
5 meters. The undrained strength was calculated from the tip resistance (q.) with the
value of cone factor, Ny =15, as suggested by Robertson and Campanella (1998), and
also taken the laboratory values in account as shown in FIG. 7. The values of
undrained strength, C, from recompressed specimens are very close to the field values.
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CORRELATION

The interpreted shear strength and shear wave velocity profiles were plotted in the same
plane as shown in Figure 7. These interpreted profiles may resolve data scatter caused by the
disturbance effect and local variability of individual specimen. The linear relationship
between undrained shear strength (C,, in the unit of kPa) and shear wave velocity (Vs,
m/sec.) was obtained as Eq.1 for the normally consolidated silt, whose plasticity index
was in the range of 2-7 %.

Cy=0.38 V,—6.65 (1)

The empirical relationships between void ratio (e) and shear modulus(Gyax) for clay and
sand were proposed by Hardin and Black(1969), and Richart(1977), respectively. The silt site
seems to behave more like fine sand rather than clay in terms of strength and density.
Accordingly, the relationship between stiffness and void ratio was evaluated by modifying the
correlation of sand proposed by Richart rather than the one for clay, as shown by Eq.2.

_ 2
G = 3786225, @
- e

where Gmax and ¢, are shear modulus and mean effective stress in kPa, respectively
and e is void ratio.
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CONCLUSIONS

A new s-wave probe, called "MudFork", has been recently developed and is used in
accurate measurements of shear wave velocities of soft soils. To expand its use to
estimate undrained shear strength and density, an attempt to correlate shear wave
velocity to those properties was made at normally consolidated silt. A simple linear
C,-V; relationship is obtained from interpreted profiles by combining laboratory and
field data. e-Gnayx relationship of silt can be modified from the same equation of sand
by changing the coefficient.
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ABSTRACT: Soil strength, type, and moisture content are needed for site
characterization applications and to assess the load carrying capacity of soil in
construction control applications. Currently, no portable, automatic, easy-to-use field
methods exist to measure the required soil parameters. In this paper, we describe a
new instrument that integrates and extends two proven technologies, the cone
penetrometer (CPT) and dynamic cone penetrometer (DCP). A portable Rapid Soil
Characterization System is under development to perform near surface assessments to
determine trafficability for heavy vehicles and aircraft. In the construction control
context, the new device has the potential to eliminate errors in the measurement of soil
strength due to soil type and moisture effects. A fully automatic prototype system has
undergone limited field demonstration at the USACE facility in Vicksburg, MS.
Preliminary laboratory and field test results indicate that the required soil geotechnical
parameters can be extracted from dynamic penetration data, providing a near surface
instrument that can provide accurate soil strength assessment to a depth of one meter.

INTRODUCTION

Examples of devices used in practice for construction control are the nuclear density
gauge, stiffness devices (Soil Stiffness Gauge, Clegg hammer, and portable falling
weight deflectometer), and the dynamic cone penetrometer (DCP). Several significant
issues exist with devices used in the field for construction control: they only measure
an average property in the volume and do not provide a profile, or they do not correct
for the influence of soil type and moisture content (Edil 2005).

For site characterization applications, such as providing information to assess
pollutant flow or validate a pavement drainage system, soil strength, soil type, and soil
moisture content are all required to determine parameters such as degree of saturation
and hydraulic conductivity. While Cone Penetrometers (CPT) may be used for deep
site characterization applications where accessibility, portability, and survey cost are
not issues, a significant need exists for a portable near surface capability.

89
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CPT devices operate in a constant-push mode and consist of an instrumented tip
that contains sensors to measure cone resistance, sleeve resistance, and in the CPTu
configuration, pore pressure. For the CPT configuration, it has been shown in the
literature that the ratio of sleeve friction to cone resistance is correlated to soil type
(Robertson 1990).

In its standard form, the DCP consists of a rod fitted with a conical tip that is
driven into the soil by energy provided by a slide hammer. The hammer is dropped a
fixed distance onto an anvil attached to the rod thereby transferring the kinetic energy
to a cone shaped tip. If the energy is great enough, the soil fails in shear and the tip
advances. The penetration of the rod into the soil as a result of the imparted energy is
related to the strength of the soil. As the hammer mass and drop height are known, the
kinetic energy is known. For coarse materials, the dynamic cone resistance (qq) can be
related to the test conditions and instrument geometry according to the commonly
used Dutch formula (Cassan 1988).

a0 =(1/A)x(’§f]x( M ] (1)

M+P

where A is the cross sectional area of the cone, KE is the imparted kinetic energy, X is
the incremental penetration stated in mm/blow, M is the mass of the hammer and P is
the mass of the penetrometer. The penetration X is also a function of the angle of the
cone. Cone angles of 60° and 90° are typically used.

Research (Webster 1992) has correlated the DCP index with the established
measure of soil strength (CBR). The general equation is

Log(CBR)=K1- K2(log(DCPI)) @

where the K1 and K2 are constants that, for the simple penetrometer described, are
dependent on soil type and moisture level. CBR can range from >100 for crushed
coarse soils to <1 for fine grained materials containing high organic and moisture
content. To address the wide dynamic range, a dual mass hammer is utilized.

Some of the known issues with the standard DCP include: dependency of CBR
correlations on soil type, inability to measure near the surface in cohesionless
materials, errors due to adhesion at depths greater than ~12 in. (30 cm) in highly
plastic materials, sensitivity of the results to moisture level, and lack of control over
spatial resolution necessary for accurate determination of layer boundaries. The new
device described in this work was developed to address these issues. The new device
extends the widely used DCP functionality to provide a fully automatic portable
capability that integrates the measurement of soil strength, soil type, and moisture
content into a single field instrument. The device is called the Rapid Soil
Characterization System (RapSochs).
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SYSTEM DESCRIPTION

The RapSochs (shown in Figure 1) provides
for characterization of unbound layers to a depth
of one meter. Automation of the DCP drop
hammer approach (ASTM D6951) provides the
requisite ease of use, portability and cost
effectiveness. Incorporation of an extended and
miniaturized version of the CPT sensing strategy
provides the required measurement capability.
The sensing approach combines cone resistance
and sleeve friction sensing from proven CPT
technology with additional new sensing
technologies. The cone resistance and sleeve
friction data are used to develop soil strength -
and soil type. Moisture measurement is provided ~ Fig. 1. Prototype RapSochs.
by an electrical impedance spectroscopy (EIS)
sensor that has been recently developed to measure soil moisture and density in
construction control applications (Pluta 2008). The RapSochs system is comprised of a
penetrometer whose configuration (cone area, hammer mass, and drop height) is
similar to the ASTM D6951 standard DCP. Strain gauges and a friction sleeve are
arranged in the standard CPT subtraction cone configuration. An accelerometer is
placed in contact with the tip to record the dynamic response to the hammer impact
and trigger the acquisition of the sensor data. The EIS moisture sensor consists of an
electrode to inject radio frequency electromagnetic radiation into the soil and a second
electrode to sense the resultant signal that has been modified by the dielectric
properties of the soil.

LABORATORY TESTING

The objective of the laboratory testing was to validate the CBR measuring capability
of the RapSochs by comparison with the performance of a standard dual mass DCP in
prepared materials. The DCP was used as the benchmark for soil strength profiles as
considerable Army experience exists using this device.

Soil Samples

A total of 18 samples were prepared using five different soil types that covered the
main diagonal of the Robertson soil type curve (SW, SP, ML, SC, CH). The
individual samples varied in soil density or moisture. Standard laboratory tests were
used to determine the geotechnical properties of the soils tested and determine the
optimum density and moisture level for sample preparation. Tested soil strength
spanned the range from loose to CBR 50. Moisture content varied from very dry to
saturate.
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Effect of Variable Hammer Drop

As a consequence of variable
drop height of the RapSochs, the o
strain rate in the soil will also vary.
The effect of variable hammer
drop height was studied by
applying different drop heights and
observing the resultant penetration
per blow in a region of the sample
where the penetration per blow
was nominally constant. After
several blows of the maximum
drop height of 559 mm, the drop
height was decreased to 254 mm
and 381 mm, and then back to 559
mm for the remainder of the test.
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The  penetration per  blow,
corrected for drop height, is
presented along with drop height in Figure 2 for different soil samples.

In this graph the penetration per blow is normalized to the DCP standard of 575 mm.
Comparison of corrected penetration data around the drop height change shows no
observable trend or shift in data.

Fig. 2. Strain Rate Effects in CH and ML.

Soil Behavior Classification

Soil type measurements using the sleeve and cone resistance are widely used in
fixed rate pushing through homogeneous material. Complicating the extraction of the
soil type information from the dynamic data is the presence in the signals of high
frequency information due to the compression wave propagation and its interaction
with the hammer, impedance
discontinuities in the penetrometer, and
the soil. To extract the similar features 1
from the RapSochs data, the tip force and
sleeve (total - tip) force signals are
filtered and the maximum peak of the
pulse is extracted. The tip force is then
normalized for the mass of the hammer
and drop height and plotted versus
friction ratio (sleeve/tip expressed as a
percentage). One data set for each soil
sample was used for the soil classification ki
analysis. Results are shown in Figure 3.
Distinctive classification of soil behavior
is clearly observed in this graph.
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Fig. 3. Soil Classification.
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PRELIMINARY FIELD TEST RESULTS

The first field testing of the fully automatic prototype was conducted at the Army’s
Waterways Experiment Station in Vicksburg, MS. Side by side testing was conducted
using a DCP as the standard for soil strength. Full depth penetrations were conducted
in three on-site locations; buckshot clay (CH), a well compacted silt, and a layered
deposit of 0.5 m sand over clay. One of the goals of the adaptive hammer drop system
is to achieve an average penetration per blow no greater than 12-25 mm. There are
several geometry and other factors that could influence the response compared to a
standard DCP. There are several implicit assumptions in Cassan’s formula that have
been questioned in the literature. Cassan’s formula states that only the kinetic energy,
cone area, and penetrometer mass distribution influence the penetration. Tsai et al.,
(2004) have shown that the ratio of the hammer area to the anvil area and the specific
hammer shape influence the energy transfer. In CPT, much has been written on strain
rate effects and in some cases additional understanding about soil behavior is obtained
by deviating from the standard rate of penetration (Lunne 1997). The authors have
derived analytical results that predict that the cone angle influences the penetration. In
order to implement the friction sleeve and moisture sensor, the Rapsochs penetrometer
diameter is the same as the tip, not smaller as in the DCP. Finally, an elastomer is
installed on top of the anvil to reduce peak impact acceleration and the acoustic
signature. However, as shown in the previously described testing, no significant strain
rate effects have been observed in RapSochs data for the materials tested to date.

In order to assess the influence of the explicit factors in Cassan’s equation, the raw
RapSochs penetration data is converted to an equivalent DCP penetration by the
following relation:

X, =X (My+P)M:h, (M, +P,)Mih, =16.45X,, / h, 3)

where the R subscripts apply to the RapSochs terms, the D subscripts the DCP terms
in Cassan’s equation, and the h’s are the drop heights in mm. Figure 4 shows the DCP
and RapSochs results (converted as described) expressed in CBR using the ASTM
D6951 conversion equation for the SP over CH
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region. This behavior may be due to the fact that the penetrometer is the same size as
the tip instead of smaller as in the DCP. This may result in significantly more
adhesion during penetration in the clay.

CONCLUSIONS

1.

2.

The program results to date have established that a portable, automatic DCP type
device for accurate soil characterization is feasible.

The penetrometer resident sensors and electronics are able to withstand the shock
and vibration induced by the hammer impacts in hard materials.

The adaptive control drop height produces increased and uniform spatial resolution
through the measuring range and does not appear to degrade the correlation with
the DCP. Additional data must be taken in fine materials to determine if the
variable strain rate affects the penetration. This capability may also result in
improved capability to localize layer transitions.

Preliminary data suggests that information equivalent to CPT sleeve and tip strain
data may be obtained from the dynamic data with appropriate signal processing to
facilitate assessment of soil type.

. A correction for measured strength must be developed to compensate for the

apparent depth related adhesion effects in plastic clays. This correction could
make use of the measured soil type and moisture along with the known penetration
depth.
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ABSTRACT: Based on the limit analysis and nonlinear Mohr-Coulomb failure
criterion, the ultimate pull-out capacity of horizontal plate anchors is calculated, in
which the type of anchors and the corresponding failure mechanism are taken into
consideration. The ultimate pullout capacity is obtained by a nonlinear sequential
quadratic programming algorithm, and the theoretical results are compared with the
available results presented in the existing literatures. The relationship between the
nonlinear parameter and the ultimate pullout capacity is analyzed. The shape
modification factors for different kind of anchors are given through a multiple
nonlinear regression method.

INTRODUCTION

As the range of applications for plate anchors expands, a greater understanding of
their behaviors including the ultimate pullout capacity (UPC) is required, the main
research methods are as follows. (1) studies of full scale and/or scaled model tests
(Meyerhof and Adams (1968), Murray and Geddes (1987), [lamparuthi, et al. (2002),
Dickin and Laman (2007)); (2) the numerical simulation techniques (Merifield, et al.
(2006), Dickin and Laman (2007)); (3) the limit equilibrium method (Meyerhof and
Adams (1968), Ghaly and Hanna (1994)); (4) the lower-bound and upper-bound
theorem of limit analysis (Murray and Geddes (1987), Merifield, et al. (2006)).

The linear Mohr-Coulomb failure criteria are widely used in the ultimate pullout
capacity calculation by the researcher mentioned above. However, the experimental
results show that the strength envelopes of almost all geo-materials possess the nature
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of nonlinearity, and that linear failure criterion is a special case of nonlinear failure
criteria (Yang 2006). Therefore, the ultimate pull-out capacity analysis of plate
anchors with a nonlinear M-C failure criterion and the shape factors for different kind
of anchors are the main purposes of this paper.

THE NON-LINEAR MOHR-COULOMB FAILURE CRITERION

The experimental results show that the strength envelopes of almost all
geo-materials have the nature of nonlinearity in the o, stress space. In general, a
nonlinear yield criterion can be expressed as

r=¢, (1+0,/0,)" (1)

where ¢y ,0, and m are test parameters and
can be obtained by the triaxial test.

The sketch map of nonlinear yield
criterion is shown in FIG.1, where o, and ¢ FIG. 1. Curve for a nonlinear
are the normal and shear stresses on the failure criterion.
failure envelope, respectively. When the nonlinear parameter m = 1, Equation (1)
reduces to the well-known linear MC yield criterion.

A limit load computed from a convex failure surface, which always circumscribes
the actual failure surface, will be an upper bound on the actual limit load. Thus, the
linear MC failure criterion represented by the tangential line will give an upper bound
on the actual load for the material, whose failure is governed by the nonlinear failure
criterion. By using this idea, a tangential line to the nonlinear yield criterion, is
employed by Yang (2006) to calculate the energy dissipation of geo-materials to avoid
the calculating difficulty under the nonlinear failure criterion. And this paper extends
the work for calculation of the UPC of anchor plates by using a nonlinear MC yield
criterion by applying this tangential technique.

The tangential line to the curve at the location of tangency point G, as shown in
FIG.1, can be pressed as

T=c +0,tang, 2)
where ¢, is the mobilized internal friction angle as an intermediate variable and can be

introduced as tang, =dtz/doy,; ¢, is the intercept of the tangential line on the z-axis. The
¢, 1s determined by the following expression

1
¢, =(m=1)/m-c, ~[(m~0', ~tan(p,)/00:|m +0, tang, ?3)
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A more comprehensive description of this method can be found in Yang (2006).
THE FAILURE MECHANISM OF ANCHOR PLATES

Many researchers are interested in the failure type and the failure mechanism of
different soils. Large numbers of study supposed that those type of anchors as shallow
anchors when H/B<8, and integral damage occurrence in the soil mass above the
anchor (Murray (1987), llamparuthi (2002), Dickin (2007)). Where H/B is called as
the critical embedment ratio, H is depth of embedment and B is width or diameter of
anchor plate.

A possible straight-line failure mechanism for strip anchor has been constructed by
Murray (1987) to define the failure mode under the effect of a vertical force. The
failure surfaces are shown in FIG. 2. And for the general failure mechanism in a

nonlinear yield criterion soil, equating the work 4 b ¢ d
done by external forces to the dissipation of

energy, the upper bound solution of the UPC of 3" b /A
strip anchor plate in the soil (including the sand | voy vo /TRy,

soil and cohesive soil) could be obtained.

P =(G.—-WwW _.)/V 4
" ( : "”[)/ 0 ) FIG. 2. The failure mechanism

and velocity hodograph of strip

where P, is the ultimate pullout capacity of
anchors (Murray. 1987).

strip anchor plate, 7} is velocity of strip anchor
plate under the effect of the UPC, B is the width of anchor, H is the embedment depth
of the anchor plates, ¢, @, § are angle parameters, G is the dissipation of energy alone
the velocity discontinuity lines, Wj,; is the work done by the soil’s weight above the
anchor plates.

With the same process, the failure mechanisms for the circle anchor plates and
rectangular anchor plates could be constructed, as shown in FIG. 3.

computation cross-sections

circle anchor plate rectangular anchor plate

FIG. 3. The failure mechanism of 3-D horizontal anchor plates.
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Equating the work done by external forces to the dissipation of energy, the upper
bound solutions of the UPC of circle and rectangular anchor plates could be obtained
as well.

THE SOLUTIONS AND CALCULATION ANALYSIS

Equation (4) provides an upper-bound solution for the upper bound solution of the
UPC for the different kind of anchor plates. In order to find the best estimation of P,
an optimization procedure needs to be used to minimize P, with respect to w , f and ¢,.
This means taking the first derivatives of P, and equating them to zero, i.e.

P dw=0 , 9P, /df=0 and 9P, /g =0 )

An optimization procedure with sequential quadratic programming algorithm is
employed to get a least upper bound for the UPC for the anchor plates.

Comparing Calculation

Generally, the UPC of anchor plate is measured with the dimensionless
anti-pulling coefficient N, as given by N, =P./AyH, where y is the soil’s weight
above the anchor plates and 4 is area of the anchor plates. The comparison result
between the present method and other solutions is shown in Table 1. In the process of
calculation, the geo-materials obey the linear Mohr-Coulomb failure criterion and the
nonlinear parameter m = 1.

Table 1. Comparison of Ny, by this Paper and other Solutions in Sand

Strip Anchor Plates (¢ = 45°)

H/B 1 2 3 4 5 6 7 8
Meverhof | 1.95 | 2.90 [ 3.85 | 480 [ 5.75 | 6.70 | 7.65 | 8.60
Murry 2.00 | 3.00 [ 400 | 5.00 | 6.00 | 7.00 | 8.00 | 9.00
This paper| 2.00 | 3.00 [ 4.00 | 5.00 [ 6.00 | 7.00 | 8.00 [ 9.00
Circular Anchor Plates (¢ = 40°)
Merifield | 4.38 | 9.05 [16.30 | 23.75 | 36.25 | 48.75 | 64.95 | 81.90
Merifield | 3.75 | 8.13 [14.38 | 21.72 | 322 | 44.4 | 57.55 | 70.60
Ny | Murray 361 [ 7.75 113.05]19.00 | 27.05 | 36.65 | 46.65 | 57.85
Ghaly 3.50 | 10.05 ] 15.01 | 26.00 | 37.00 | 47.55 | 61.75 | 75.56
This paper| 3.62 | 8.12 [ 14.48 | 22.73 | 32.86 | 44.87 | 58.75 | 74.51
quare Anchor Plates (¢ = 40°)
Merifield | 3.35 | 7.00 [ 12.05 | 18.45 ]| 26.45 | 35.35 | 48.50 | 60.25
Ny | Murray 342 [ 7.31 |12.67]119.51 | 27.82 [ 37.61 | 48.88 | 61.61
This paper| 3.00 | 6.59 [ 11.65 ] 18.19 ]| 26.20 | 35.68 | 46.64 | 59.07

el
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As can be seen from Table 1 that the calculation values for N,, in this paper are
agreement in close with those obtained form the previous studies. Therefore, when the
nonlinear parameter m = 1, Equation (1) reduces to the well-known linear MC yield
criterion, the comparison shows that the proposed method is an effective method for
evaluating the ultimate pullout capacity of the anchor plates.

Nonlinear Parameters Analysis

How the anchor break-out factor (N,,) being influenced has been investigated
when the modified nonlinear Mohr—Coulomb failure criterion is considered, FIG. 4
shows N, of five different kinds of anchor plates corresponding B=1.0 m, y=18 kNIm?®,
¢0=20 kPa and o; = 32 kPa. The nonlinear coefficient m varies from 1.0 to 3.0 and two
different embedment ratio (H/B=1 and H/B=4) have been considered. In the
calculations it has been assumed as well: for all kind of anchor plates, B=1.0 m and for
the rectangular anchor plates, L/B=4 or L/B=8.

13 40

N strip anchor strip anchor
12 '~ - ectangular anchor L/B=4 35 L \\ ------- rectangular anchor L/B=4
AN ectangular anchor L/B=8 N — — rectangular anchor L/B=8
11 r ~ — - - square anchor L/B=1 N — - - square anchor L/B=1
™~ ] — — circle anchor 30 1 AN N — — circle anchor
N
25 b S H/B=4

Anchor break-out factor (Ngu)
Anchor break-out factor ( Ny )

1.0 12 1.4 1.6 1.8 2.0 22 24 26 28 3.0 10 12 14 1.6 1.8 2.0 22 24 26 28 3.0
The nonlinear coefficient (m) The nonlinear coefficient (m)
(a) The embedment ratio H/B=1 (b) The embedment ratio H/B =4

FIG. 5. The anchor break-out factor N, of different kinds of anchor plates for the
embedment ratio (H/B): (a) H/B =1 and (b) H/B =4.

It can be observed from FIG.4 that the nonlinear coefficient m have significant
influences on the anchor break-out factor (N), and the anchor break-out factor of
different kind of anchor plates presents a non-linear decrease relationship with the
nonlinear coefficient m increase when parameters B, ¢y and o, are constant. Therefore,
the linearity simplification of the nonlinear geo-materials takes disadvantageous
influence on evaluating the real pull-out characteristics of the anchor plates.

Several further conclusions from Table 1 and FIG.4 are outlined as follows:

(1). For the rectangular anchor plates, with the length-width ratio (L/B) increasing,
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the value of N, tends to close the N, of strip anchor plate gradually. Therefore, when
L/B is bigger than a certain value, the rectangular anchor plate can be analyzed as the
strip anchor plate. (2). The anchor types take significant influences on the N, when
other parameters are constant. The N, for strip anchor is the smallest, and the value of
Ny, for circular anchor is the biggest on the same conditions.

Dimensionless Shape Factor Analysis

The effect of anchor shape on N, can be expressed as a dimensionless factor
Fope = Nqug—n /Nquistrip (6)

shape
where and Ny, 3.p and Ny, sy are obtained from Figure 5 respectively. Though a
multiple nonlinear regression method, we expect the shape factor to be expressed as
the function of the L/B, H/B and m in the following approximate form
. (H/B) 066 (H/B) 134
F.=11—-2420 and g (L/B)  m (L/B)O'IS

Cir
m

0

where the diameter of circular anchor is equal to the strip anchor width, and if Fg,., <
1.0, let be Freer =1.0, which means the rectangular anchor can be analyzed as a strip
anchor. FIG. 6 shows Fy,,. of different kinds of anchor plates corresponding the
embedment ratio H/B=1.0 and H/B=4.0.

4.0 —
* cicular H/B-1 < fitting dot ) * cicular H/B=4 & fitting dot
35 + A square H/B=1 A\ fitting dot 6 F A square H/B=4 4 fitting dot|
:z' B rectangular L/B=4 H/B=1 D: fitting dot ‘;i B rectangular L/B=4 H/B=4 [ fitting dot
:. 30 ¥ O. reclan‘gular L/B:é‘t H/B=1 o: fitting dot : 5 © e YCClagEﬂllﬂr L/B:‘S H/B=4 O fitting dot
© |
525 ¢ | ¢ o PN 54 | © ©
54 | | | | 131 " : :
S 20 H )A ! ! ! S 3 h |
: S S 2 A S
s 15 | I & 2 L
= O | | | | = 5] o '\: |
20€ g g e € 21t ® . ¥ )
N I I I I I I
b= I I I I H I I
05 L L L L 0 Il L
1.0 1.4 1.8 22 2.6 3.0 1.0 1.4 1.8 22 2.6 3.0
The nonlinear coefficient (m) The nonlinear coefficient (m)

FIG. 6. The shape factor F,,,. of different kinds of anchor plates for the
embedment ratio (H/B): (a) H/B =1 and (b) H/B =4.

It can be observed from Equation (7) and FIG.6 that all of L/B, H/B and m have a
certain influences on the shape factor (Fguqp.). The shape factor (Fiugpe) is inversely
linear proportional to the nonlinear coefficient m and is linear proportional to the
embedment ratio (H/B), but it is inversely nonlinear proportional to the length-width
ratio (L/B). The approximate functions of shape factor compare reasonably well with
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the upper bound calculation results.
CONCLUSIONS

(1) When the nonlinear parameter m = 1, nonlinear MC yield criterion reduces to
the well-known linear MC yield criterion and the comparison of results between
present results and existing researches shows good agreement.

(2) The nonlinear coefficient m has significant influences on the anchor break-out
factor (V,,), and the anchor break-out factor of different kind of anchor plates presents
a non-linear decrease relationship with the nonlinear coefficient m increase when other
parameters are constant.

(3) The anchor type, the embedment ratio (H/B) and the material characteristics
have significant influences on the pullout behavior of anchor plates. Though a multiple
nonlinear regression method, the shape factor can be expressed as the function of the
shape parameter L/B or D/B, H/B and m.
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ABSTRACT: This paper provides the fundamentals, capabilities and limitations of
the seismic surface-wave method as applied to in-situ testing of pavement and
foundation and represents the results obtained from its recent applications in a
number of projects. These applications include characterization of flexible pavement
layers during construction, monitoring of early-age strength development of Portland
cement concrete and evaluation of soil foundations. The issues on understanding the
results from surface-wave tests and how to incorporate them in those requirements
adopted in most existing specifications or common practices are discussed.

INTRODUCTION

Stiffness or modulus is one of the major parameters to qualify pavement layers and
shallow foundation soils and has been used in flexible pavement design and
foundation evaluation. For rigid pavements or other concrete structures, concrete
strength is another major parameter being concerned. In-situ determination of these
parameters has been an essential and challenging task for quality control during
pavement construction and for soil foundation evaluation and improvement.

The systematic introduction of seismic surface-wave method, named the spectral
analysis of surface wave (SASW) method, to engineering applications (Nazarian and
Stokoe, 1985) has resulted in an increasing use of this nondestructive testing
technology in these aspects.

This paper represents the results from the recent applications of surface-wave
method. These applications include characterization of flexible pavement layers
during construction, monitoring of early-age strength development of Portland cement
concrete and evaluation of shallow foundation soils. Attention is also paid to
understanding of the results from surface-wave tests and how to incorporate them in
those requirements adopted in most existing specifications or common practices.
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PRINCIPLE OF SURFACE-WAVE TECHNOLOGY

Seismic surface waves are a type of stress waves traveling along the free surface of
a medium and usually are the predominant portion (over body waves: compressive
and shear waves) in a wave train. Surface waves propagating in a heterogeneous
medium are dispersive; that is, waves of different wavelengths or frequencies travel
with different speeds. The dispersive characteristic is dependent on the elastic
properties of the affected medium and thus the information of the subsurface can be
obtained through the generation and detection of surface waves.

Normally, a complete test with surface-wave method consists of three steps: 1) field
measurement to obtain time domain signals, 2) reduction of the time signals to obtain
a dispersion curve (phase velocity vs. frequency or wavelength), and 3) inversion of
the dispersion data for a shear-wave velocity profile that best represent the data.
Dynamic Young’s (or seismic) modulus can be directly calculated from the shear-
wave velocity through measured or assumed mass density and Poisson’s ratio.

An offshoot of the SASW method is the ultrasonic-surface-wave (USW) method.
The major distinction between the two methods is that with the USW method the
velocity or modulus of the top pavement layer can be directly estimated without
involving any complicated inversion algorithm. This method is particularly useful for
quality assurance/quality control in a layer-by-layer manner during pavement
construction. Actually, at wavelengths less than or equal to the thickness of the
uppermost layer, the velocity of propagation is more or less independent of
wavelength if the uppermost layer is uniform. Therefore, the modulus of the layer
can be determined from surface wave velocity of the layer, Vg, by

Eusw =2 p [(1.13 - 0.16v) V]* (1 +V) )

where p and vare the mass density and Poisson’s ratio, respectively.

TESTING DEVICES

Tests for individual pavement layers were carried out with a portable seismic
property analyzer (PSPA, see Figure 1) for its testing speed, repeatability and
instant results in terms of velocity and
modulus. The waveforms or time records
saved can be used for further analysis.

Tests for soil foundation evaluation were |+
carried out with a package consisting of a
Tektronix Fourier Analyzer for recording, two

ETT L] I
R

4.5-Hz geophones as the receivers and a SR
sledge-hammer as the impact source. The z y
procedures used for data collection, reduction
and analysis can be found in the papers of h
Nazarian and Desai (1993) and Yuan and

Nazarian (1993). FIG. 1. PSPA.
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REPRESENTATION OF RESULTS

To relate the modulus values obtained from USW tests on pavement layers in the
field to those from laboratory tests on the specimens of the same mixes used in
constructions, two simple nondestructive laboratory tests were performed. They are
the free-free resonant column (FFRC) test (for base and subgrade materials as well as
concrete) and the ultrasonic test for hot-mixed asphalt (HMA) materials.

If a material is compacted and cured equally, the moduli from USW and FFRC tests
are analytically related through:

Eusw/ Brpre = (19 (1-29/(1 - V) 2

Details for the procedure that relate the modulus from the USW test to that form the
ultrasonic test with a V-meter for HMA can be found in Celaya and Nazarian (2006).

Flexible Pavement Layers

Currently, the mix design and structural design for a flexible pavement project are
based on the engineering parameters such as strength or modulus. However, the
construction acceptance for a pavement layer, besides the thickness, is typically based
on the density of the compacted material in that layer measured with a nuclear density
gauge (NDQ); that is, the percentage of the maximum dry density (MDD) obtained
from laboratory tests. The following examples show that the density-based
acceptance criteria may not work well for the chemical-treated base and subgrade.

Subgrade

A subgrade was constructed with 6% lime (slurry) to improve its plasticity index
(PI) and strength of the original soil. Figure 2 shows the results from modulus tests
with a PSPA and density tests with a NDG at ten stations.

The average modulus of the

Subgrade is  about .65 ksi. 1007 O Modulus @ Percentage of MDD [ 200
Based on our experience on
. . 80 a

subgrade tests, this low-strain - AR y 2 e 6 F 1509
modulus  corresponds to a2 | 58 5
modulus of about 30 ksi 3 @ E L 100 &
obtained from the Falling 3 4 £
Weight Deflectometer (FWD) = 5 8

. . . r GJ
tests, which indicates a good 20 o
quality subgrade.

On the other hand, the NDG 0 T T T 0

400 500 600 700 800 900 1000 1100 1200 1300

tests did not  provide Station Number

meaningful results as no
percentage of MDD reached

h -od value 95% FIG. 2. Test results from a treated subgrade.
e required value 95%.
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Base Layer

The base layer under study was constructed with reclaimed pavement materials,
about 2/3 of RAP (reclaimed asphalt pavement) and 1/3 of the existing base, and
treated with 1% cement and 4% of asphalt emulsion. Since the traditional quality
control tool, nuclear density gauge, could not provide reasonable readings for the
emulsion-treated base, the moisture content and percentage of MDD on lab-
compacted specimens prepared from field-retrieved materials had to be used. Almost
all specimens exhibited a density of at least 97% of MDD.

The in-situ tests with a PSPA were performed on top of the base layer at its three
ages after construction. The laboratory tests on specimens were performed with a
FFRC device and a MTS system 600

(for resilient modulus or RM).
Figure 3 shows the results from _ 5001 431
these different tests. 2 400 1 365

A commonly accepted modulus 5 . | 275
value is not currently specified for 3 232

. . . S 200 1 173
mix design of asphalt emulsion- =
treated bases. Once such values 100 - H
and curing regimes are specified, 0
the field-measured quulus can PSPA  PSPA  PSPA  FFRC RM
be related to the specified value (1day) (2day) (3day) (2days) (2days)
through Equation 2 for FFRC Test Method and Curing Age
tests or statistical correlation for
RM tests. FIG. 3. Moduli from different tests on

a treated base.

HMA Layer

This study is related to a 4-inch thick HMA layer. The main goal of field tests on
the HMA layer was to evaluate its variation in modulus. Tests with a PSPA were
performed at 34 stations. To verify the results from PSPA tests, eight cores were
retrieved from the HMA layer and tested with a V-mater in the laboratory. Results
from these tests are shown in Figures 4 and 5.

The global average of moduli measured on the HMA layer is 1400 ksi with a
coefficient of variation (CV) of 6.8 %. The average modulus of eight cores is 1540
ksi with a CV value of 10%. The average modulus from PSPA tests at the spots close
to the core locations was 1393 ksi with a CV of 6.4 %. These numbers are similar to
the global average modulus and CV value.

It should be mentioned that the modulus of a HMA material is highly dependent on
the frequency of impact load and the temperature of the material when it is tested.
The modulus values reflected in Figures 4 and 5 have been adjusted for a temperature
of 77° F (25° C) (see Li and Nazarian, 1995). To adjust the HMA modulus for a
frequency similar to one used with a FWD, the modulus values in the two figures
should be divided by a factor of about 3 (Aouad et al., 1993).
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FIG. 5. Comparison of moduli from

FIG. 4. Variation of HM A modulus. cores and HMA layer.

Concrete Slab

Strength is the primary parameter considered as the basis for mix design, quality
assurance and acceptance of the placed Portland cement concrete (PCC). The strength
parameters of concrete have been measured through conventional tests on cast
specimens (cylinders or beams) that are cured under ideal conditions. Cores retrieved
from a PCC slab can be tested for the compressive strength of in-place concrete.
However, coring is costly, destructive and time-consuming.

In conjunction with the construction of a taxiway at a municipal airport, an integrated
laboratory-field experiment was conducted to evaluate the feasibility of using seismic
nondestructive technology to estimate the early-age strength development of in-place
concrete. The representative results from this experiment are summarized in Figure 6.

All tests took place at (concrete) ages of 1, 4, 7, and 28 days except for cores. In
general, a power function can best describe the strength-modulus relationship that can
be used to estimate the in-place strength of concrete. Such a relationship is mainly
affected by the nature of

7000

coarse aggregate and much -z
less by other factors such as 60007 y = 3E-08x2.978
water-cement ratio and curing @ 5000 - R2=099
temperature. £ J °

Itzhould be pointed out that g 4000
the modulus values measured @ 3000 1 m Lab-Cured Cylinders
on the slab must be adjusted g 2000 - O Field-Cured Cylinders
through Equation 2 for a § 1000 - :g;fipsp A)
given a Poisson’s ratio before 0 ‘ ‘ ‘
they were used for estimating 3000 4000 5000 6000 7000

the in-place strengths . .
FIG. 6. A strength-modulus relationship.

Soil Foundation

Figure 7 shows an example using the surface-wave method in evaluation of a natural
soil site prepared for building foundation. The variation of shear-wave velocity with
depth, which is approached by a number of thin layers, is the final result from this
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Shear-Wave Velocity, ft/s SPT N-Value

apphcauon.. 0 200 400 600 800 0 10 20 3
The obtained shear-wave 0 X X X 0 . .

velocity of the soil is very low | =
as it is less than 600 ft/s down |
to a depth of about 25 ft. "
The standard penetration ]
resistances (N-values) from the
standard  penetration  tests
(SPT) at this site are also 151 151 -
shown Figure 7. The results
from the two different tests are 20 + 20 4
consistent even though there is
no quantitative relation 25 25
available for the two tests.

Depth, ft

FIG. 7. Variations of shear-wave velocity and
SPT N-value with depth.

CONCLUSIONS

Seismic surface wave method is a rapid, economic and relatively accurate means for
characterization of pavement layers and evaluation of soil foundations. Great potentials
exist by using this method in quality control and quality assurance.
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ABSTRACT: Through the analysis of the common roadbed and pavement diseases
such as cavity beneath slab and pumping, and their current treatment situation, the
author proposed the idea of improving and resuming the loading capacity and
waterproof performance of highway through intercalating a waterproof bonding layer
between base and slab. The author has developed a new composite grouting material
composed of an environmentally friendly powdery inorganic component and an
emulsified bitumen component to solve the technical issue of the pressure grouting of
emulsified bitumen. Their practices show that the material can combine the excellent
waterproofing behavior of bitumen and the high-strength of cement and adjust its
rigidity to be suitable for different road structures. Through the grouting treatment by
the new material, the stress state of roadbed and slab can be significantly improved
and the carrying capacity can be resumed at reasonable cost/performance ratio.

INTRODUCTION

Cavity beneath slab and pavement pumping are the most common diseases on
highway, the repeated exposures to free water and heavy load are the two fundamental
reasons to cause them. According to the survey (Qiling, 2000), after used for more
than one year, no matter semi-rigid slab, composite rigid slab or rigid road slab can be
damaged to various degrees by water. The detailed reasons appear as the following
forms:

(1) After opened to traffic, the highway starts to bear the repeated actions of traffic
load. The continuous decrease of the load transfer capacity of joints can give rise to
the failure of their filling materials finally.

(2) Under the gradual erosion of both underground capillary water and rainfall, the
inner structure of highway is gradually hollowed.

(3) In rainy and/or severe cold areas, the roadbed experiences continuously the cycles
of consolidation-softening, and its strength is reduced as the water content of roadbed
increases by absorbing water vapour during spring thawing period (Fanhong et al,
2003).
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(4) The base and road slab do not completely contact with each other. Due to the
existence of cavities between them, rainwater can continually erode roadbed.

APPROACHES OF DISEASE TREATMEMT

The practice shows that the diseases, such as pavement pumping and cavity beneath
slab, are directly related to the interlayer treatment process, good interlayer treated
measures can effectively prevent roadbed from reflective cracking, the surface water
from precipitating and the roadbed water from arising, thus improving significantly
the performances and service life of road. So, the effective interlayer treatment is
necessary when the damage of road structure occurs.

Grouting has been considered as an effective method to solve the roadbed and
pavement diseases for a long time (Jinyou, 2004). At present, cement based grouting
materials are mainly adopted for the treatment of these diseases as only compressive
strength is paid attention to. However, the imcompatibility issue between base and
road slab may occur when it is used. Since a hardened cement paste is a rigid material,
it cannot match with the rigidity of road slab and will negatively affect the stress state
of road structure, and the hardened cement paste has poor waterproofing capability,
whose functions cannot completely fulfill the original requirements for prime, tack
and seal layers. This type of passive treatment has poor durability and shorter
maintenance period, only about one year. Therefore, it is urgent to develop a new
grouting material with adjustable rigidity, excellent waterproofing performance and
high durability. Through grouting treatment, a waterproof bonding layer is reset to
prevent effectively the interlayer from shear sliding damage and water damage and
achieve the functions of prime, tack and seal layers, thus improving the stress state of
roadbed and road slab and resuming the loading capacity of road structure (Yuchun,
2004 and Ronghua et al, 2007) .

DEVELOPMENT OF NEW GROUTING MATERIAL

The new grouting material should enable us to reset a waterproof bonding layer
between base and road slab. Therefore, it must have two fundamental characteristics: a)
good mechanical properties such as bonding strength and impermeability and
durability as a waterproof bonding layer and b) appropriate stability, fluidity, setting
time and viscosity as a grouting slurry.

Components of the Formulation

The grouting material is composed of three components: inorganic dry mix,
modified emulsified bitumen and protective agent. The inorganic dry mix can be one
or mixtures of cement, ground slag, fly ash, bentonite, diatomite and quartz sand. The
emulsified bitumen is modified by cationic ions with the solid content of 30-70% by
weight. The protective agent is a liquid solution consisting of cationic redispersible
polymer powder, latex emulsion, polyethylene glycol, bentonite, defoamer,
amphoteric surfactant and calcium chloride (Hang and Xianhong, 2008).

Mechanism
As a commonly used rigid grouting material, cement can form an ideal framework.
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Emulsified bitumen is an ideal waterproof bonding material due to its good bonding
behavior, impermeability and chemical stability, the cation emulsified bitumen is
usually used for grouting as its strong permeability and absorbability allow it to
penetrate almost all the cracks into which water can do and fill cavities effectively.
Therefore, the composite material of cement and emulsified bitumen is an ideal
waterproof bonding material. However, in order to realize the stability of slurry and
the durability of the paste, we have to solve two issues: a) controllability of the
demusification of emulsified bitumen during operation and b) further modification of
the brittleness at low temperatures, melting at high temperatures and waterproofing
performance of bitumen.

Considering the requirement for the stability of slurry during grouting operation, we
have synthesized an amphiphilic polymer containing betaine, this polymer can
maintain the balance of the slurry system under the conditions of the temperatures
5-45°C, low pressures 0.1-0.5 MPa and positive charges (cement: weakly alkali) or
negative charges (fly ash: weakly acid) after mixed for 30-40 min. In addition, we also
used cationic acrylic to modify emulsified bitumen and enlarge the range of the high
temperature melting and the low temperature brittleness of bitumen by use of its
swelling action. The natural inorganic nano bentonite is also adopted to modify the
comprehensive properties of the slurry, which has excellent compatibility with cement
and partially emulsified action to bitumen. Therefore, under a given technical
condition, the composite material can form a uniform dispersed system, which can
significantly improve the total performances such as compactness, durability,
impermeability, bonding and expansion of the grouting material (Zhenguo et al, 2004).

Characteristics of the Material

The slurry of the grouting material has good fluidity and stability and its hardened
paste can form a network with polymer film and inorganic cement hydrates interlaced
to achieve good mechanical properties and waterproofing behavior. This material has
the following characteristics:
(1) Protective agent can control the breaking time of emulsified bitumen through
maintaining the stability of slurry.
(2) The grouting material combines the high strength of cement and the excellent
waterproofing behavior of bitumen.
(3) Through the comprehensive modification of emulsified bitumen, its temperature
range between melting and brittling is enlarged to -20-80°C. In addition, the composite
system can achieve high durability due to the significant improvement of aging
resistance by its uniformity and compactness.
(4) The contradictory between the hydrophobicity of bitumen and the water demand
of cement hydration have been solved, thus preventing the formation of cavities from
the evaporation of free water of cement slurry.
(5) The rigidity of the composite material is changeable through adjusting the content
of bitumen to be adapted to various road structures.
(6) The grouting material is nontoxic, environmentally friendly and easy to operate,
and has short curing time.
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APPLICATIONS

The cement based emulsified bitumen composite grouting material was massively
used to treat the diseases of cavities under slab and pavement pumping on Jing-Zhu
Highway for the first time in July 2006, after the remediation, this section of highway
has been put into use for more than 2 years and no pumping damages have been
founded. Up to June 2008, we have used the material to treat the road diseases for
about 160,000 m” highway in various projects, including cement concrete pavement
and asphalt pavement, and achieved satisfactory results.

Engineering Example 1

In October 2007, we carried out the task to treat the diseases on Chang-Yong
Highway in China. This highway is semi-rigid asphalt pavement. Large amount of
cracks were observed on the surface. The widest cracks were as large as 2 cm. Part of
the road were severely hollowed under slabs. Pits occurred locally and road surface
was covered by yellow mud, as shown in Fig.1 (a). According to the manual jobsite
survey and testing by Falling Weight Deflectometer, the degrees of diseases were
divided into slight and sever types for being treated separately.

(a) Before Treatment (b) After Treatment

FIG. 1. Comparison before and after treatment.

For the slight cavities, we used directly the composite material to treat the disease
with steel flower tube grouting. The grouting pressure is normally 0.2-0.4 MPa. The
distances between holes are normally 2.5%2.5 m, which can be adjusted according to
the specific construction conditions. The holes are arranged as quincunx. The depth of
the holes is the same as the thickness of road slab. The grouting material consists of A
component and B component with the mass ratio of A:B=6:4, in which A component
is cement slurry with w/c=1:0.8 and B component emulsified bitumen with the mass
ratio of emulsified bitumen : protective agent=10:1. For the severe cavities, we had to
grout cement slurry to strengthen roadbed at first, and subsequently to grout the
composite material to squeeze out the diluted cement slurry from cracks on road
surface and fully fill the interlayer cavities.

After finishing the grouting, we observed the job sites for many times to check the
treatment effect. No mud pumping occurs up to now as shown in Fig. 1 (b). The stress
state of roadbed and road slab is also significantly improved from the testing results of
deflection values as shown in Table 1.
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Table 1. Deflection Values of Road Slab Before and After Treatment

Measuring Point 1 213 4 | 5 6 17181910
Deflection | Before Treatment | 28 | 120 | 14 | 22 | 14 | 53 | 72| 38 | 16 | 18
Value AfterTreatment | 14 | 22 | 12 | 16 | 10| 15| 18 | 16 | 10 | 12
(& 02 mm) Difference 14 98 | 2 6 4 | 38| 54| 16| 6 5

The cores drilled from jobsite show clearly the network of the hardened paste of the
grouting material formed in roadbed. After the emulsified bitumen is demulsified and
hardened, it can form a compact waterproofing layer in the cavities under road slab.
The testing results of compressive and tensile strengths and impermeability in Table 2
made by the Engineering Testing Center under Changsha Polytechnic University show
that the hardened slurry has good mechanical properties and impermeability.

Table 2. Specific Test Data of Coring Test Block

Compressive Strength (MPa) Tensile Strength (MPa) Impermeability (MPa)
8h 24h 8h 24h 8h 24h
11.4 16.2 2.3 34 1.0 1.2

Engineering Example 2

From June to September 2008, the composite grouting material was used for road
diseases treatment on Da-Xin Highway with concrete slab in Shanxi Province of
China, the same treatment process above-mentioned was used for the project.
However, the formulation of the slurry should be adjusted accordingly so that the
rigidity of the hardened slurry matches with the road structure.

After finishing the project, we checked the construction quality with Falling Weight
Deflectometer. From the results shown in Table 3, the deflection values are generally
below 0.05 mm for the sections in good service condition.

Table 3. Deflection Values of Disease/Non-Disease Sections and Before/After

Treatment
Stak Number | Maximum | Average | Representative
Nonber | 1ane | of Testing | Value Value Value Note
Points (<10 *mm) |(x10°mm) | (x10” mm)
Non-
K484+720~ | Left !
K4854000 | slow | 20 5.0 1.8 3.1 diseasc,
untreated
Disease
K483+000~ | Left \
KA486+000 | fast | >0 20.0 5.5 9.1 before
treated
Disease
K483+000~ | Left \
K486+000 | fast 150 5.0 2.7 4.7 after
treated

After the treatment by grouting, the deflection values were significantly reduced
showing that the working condition of road slabs have been greatly improved.
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CONCLUSIONS

(1). The cement based emulsified bitumen grouting material overcomes the
shortcomings of pure bitumen or pure cement paste by combining their advantages
together. Since its rigidity is adjustable, it is applicable to various road structures.
Through grouting treatment, a waterproofing bonding layer can be reset between
roadbed and slab to act as penetration, bonding and seal layers. This treatment can
well solve the trouble of water erosion, improve the stress state of roadbed and road
slab and prolong their service life. It is an ideal method to treat the diseases of
highway and has wide developing prospect.

(2). Currently the grouting technology is still in the situation that the theories are
behind the practices. The effect of grouting is still influenced by human factors to a
big extent. It is necessary to select the experienced applicators and determine the right
grouting factors including mix proportion, depth of holes, distance of holes and
grouting pressure etc. If having conditions, one should make experiments to optimize
grouting factors. In addition, we still need to improve the properties of the composite
material such as durability, penetrability and high pressure grouting etc.
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ABSTRACT: In order to ensure that the nodes are distributed uniformly in the
definition domain of calculation points, the uniform experiment design is introduced in
the meshless method, which can make the nodes distribution uniform in the domain.
Using uniform designs table, distributes these nodes, the interpolation function is built
by those nodes, and dispersant equations are founded by the Galerkin Method.
According to this concept, a programme based on uniform design is made. In order to
verify the theory and programme, a load test of pile foundation is chosen to provide
calculation data. The calculated results accord with survey data on-the-spot and show
that it’s possible that the uniform design may be applied in the nodes distribution in
meshless method. And the calculation result obtained by less nodes is precise, based on
the meshless method using uniform design. Because the radius of influence domain is
decreased, the computer workload is greatly reduced.

INTRODUCTION

Traditional finite element methods have encountered many difficulties in addressing
many technical problems in the areas of the large deformation (molding, high speed
collision and liquid-solid coupling), singularity and dynamic crack expansion. The
meshless method, created in 1970’s, need only node information, but not element
information. Unlike traditional finite element methods, it does not use the concept of
element and grid. However, when using the meshless method to compute the physique
functions, the problem of solving the reversible of matrix 4(x) can not be avoided. To
ensure that (1) on one hand the matrix is reversible, the radius of node strut domain
should be large enough, so that each computation point within the definition domain has
sufficient number of nodes; and (2) on the other hand, the nodes within the definition
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domain should be made uniformly distributed, so that it guarantees that the matrix will
not cause singularity. In order to solve the problem of uniform distribution, the uniform
design method was proposed by Academician Wang Y. and Fang K.T. in 1978, and its
mathematical principle is based on the identical distribution theory of the number
theory. In addition, the changes of the models have steady nature, thus it is suitable for
multi-factor, multi-level experiments, and achieves better approximation for non-linear
models. All the above characteristics make it a suitable choice in the field of
geotechnical engineering (Fang, 2004 & Gu, 2001).

In this paper, the principle of uniform design was applied and the uniform design table
was utilized to make the nodes uniformly distributed in the solution domain. Then by
utilizing these uniformly distributed nodes, an interpolation function was established.
Subsequently by applying the Galerkin Method, a discrepancy equation was founded
and the meshless method based on uniform design was derived. Lastly, a sample
analysis of pile foundation was carried out for the validity and effectiveness of this
method.

PRINCIPLE OF THE MESHLESS METHOD BASED ON UNIFORM DESIGN

The uniform design method is classified as pseudo-Monte Carlo Method. From
statistical point of view, the pseudo-random number is a sampling of uniform
distribution, and the uniform design is to find small samples out of the uniform
distribution sampling. Because these samples are more uniformly distributed than that
of the orthogonal design, a better result can be achieved by using it in the experiment, at
the same time, the workload can be significantly reduced, and all possible combinations
of experiments can be controlled effectively.

The uniform design uses the standard deviation as its uniformity appraisal target, and
the size of deviation is correlated with the effectiveness of uniformity. The commonly
used uniform design may be obtained by looking up the value in the uniform design

table [Fang, 2001]. Each uniform design table has a representation code U, (n") or
U,(n"), where U is the uniform design, n is the horizontal number and the number of

experiments, m is the maximum number of factors used. The presence or absence of the
“*” to the right upper corner of U represents two different types of uniform design
tables. The uniform design table with the “*” has better uniformity and is recommended
to be used first. Each row in the uniform design table is not equal, and the selected row
for each experiment is closely tied to the number of experiment factors. Therefore, each
uniform design table has a usage table for reference. Moreover, there is often more than
one uniform design table that meets the same experiment factor requirement, thus
researchers need to select the appropriate uniform design table so as to meet the
requirements of the experiment, has good uniformity, i.e, have small deviation, and at
the same time requires relatively smaller number of experiments.

Different from the finite element method, which uses interpolation to establish
approximate function, the meshless method obtains superior localized approximation
through the computation points in the neighbor domain, and then utilizes the superior
localized approximation to solve the overall approximate functions in the solution
domain.
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The control formulas of elastic mechanics are equilibrium formula: o, ; + f=0
within Q , geometry formula: &; =0.5(x, ;- u,;) within Q , physics formula:
¢;=Dy,&, within Q , stress boundary condition: c¢n;-#=0 within T, ,
displacement boundary condition: #, =u, within T, (Zhang, 2004).

In the formulae, f; is the given physical strength of domain Q ; T, is boundary of the
given surface strength; 7, is the given surface strength; #; is the outer normal direction
cosine of the boundary of I,; T, is the given displacement boundary; #, is the given
displacement; Dy, is the constitutive tensor.

For example, for a two dimensional problem, in order to get the distribution of
approximate function # within the sub-domain Q , use the finite random distributed
nodes x,(i=1,2,---,n), the approximate value u"(x) of function u, Vxe Q , can be
defined as:

u(x) zu"()f)=§,1!7,-(36)6l,»(36) =p' (a(x) O

Where: p’(x)=[p,(x) p,(x) -+ p,(x)] is m times the base of complete
monomial formula, a(x) is the vector of the coefficient a,(x)(j =1,2,---,m) . These
coefficients are the function of the space coordinate x =[x, y,z].

In the MLS, the selection of the coefficient a(x) makes the solution to the function
u(x) the best approximation by some kind of least square principle, when solving the
approximation function #”"(x) within the neighbor domain Q , of computation point x.
The neighbor domain € of computation point x is called the definition domain of

MLS approximate function in the computation point x, abbreviated as the definition
domain of computation point x.
To discretize N nodes in solution domain, the weight function w,(x) =w(x- x,),

which is compact, is defined at every node x,. In addition, define the approximate
function at the node x = x, as the weighted sum of squares:

J= Z, Wy (x)[”h (xl ) - u(x, )]2 = Z w; (X)[i pi(xl )af (x) —Uu; ]2 (2)

In order to make the approximate solution very close to the actual solution, the
weighted sum of squares should be extremely small, such that the coefficient vector
a(x) can be assured. Use a(x) to derivative J:

aa‘i )—2;%(@ g,pl(x,)a ) -u,]p;(x,)=0, j=12,- 3)
Thus obtain:

S0, (0, (3, ), (5 e () = Zw,<x)p e (4)

Then ;léx)[al(x)=B(x)u (%)

Where:
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A(x)= 2 w; (X)p(x; ' (x)), Bx)=[wm(x)p(x)) w(x)p(x,) -+ wy(x)p(xy)].
Use equation (5) to solve the coefficient vector a(x).

ANALYSIS OF CALCULATION EXAMPLE

A load test on pile foundation made by Hunan University is chosen to provide
calculation data and provides engineering background to the meshless method using
uniform design [Liu, 2004]. The test pile is borehole cast-in-place concrete pile, and the
shaft wall is protected by drilling mud. The diameter of pile is 1.0 m, and the
embedment depth is 60.0 m, and the bottom of pile reaches slightly weathered
sedimentary rock layer. The strength of the concrete in the pile body is C30, the true
measurement of the concrete’s elastic modulus is 3.47x104 MPa, and Poisson’s ratio
pn=0.2.

A calculation programme, which adopts meshless method using uniform design, is
written in Matlab. Simplify the pile as a geometric model shown in figure 1(a), that is,
the pile underneath the ground is considered as clamped support, the top as free
standing, The nodes of pile are distributed in the computation domain by two ways, i.e,
usual design and uniform design as shown in the figure 1(b) and (c). The nodes
distribution plan takes 36 nodes for example. The problem’s computation domain can
be divided into 55 (11x5) integral sub-domain, that is, background net, as shown in
figure 1(d). The numerical integral all uses 4x4 Gauss integral; Utilize the linear
function, the weight function is Gauss weighting function.

M ]

| .
I
ISR

4

o‘x

@ (m © @
FIG. 1. Sketch map of embedded rock pile. (a) geometric model (b) usually node
distribution plan (c) uniform design node distribution plan (d) background net.

For simulating the process of test, the load applied to the pile’s top has been increased
gradually using load increment method. When the horizontal displacement exceeds 6
mm, the scale coefficient of soil foundation should be reduced 0.4 times of original
value (Zhao, 2001). And when the stress of pile reaches materials strength, the stiffness
of pile should be discount proportionally. Computed and measured load-displacement
curves are shown in figure 2.
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In figure 2, the both computed load-displacement curves, i.e, which distribute nodes
by meshless method using uniform design and normal way, accord with survey data
on-the-spot. The calculated results may satisfy the engineering requirements and
estimate the bearing capacity and displacement of piles. And we can observe that the
horizontal displacement of pile on top increases with addition of horizontal load, and the
soil surrounding pile deforms continuously. Which mean that the soil is pressed and
bears the loads with pile. The soil failure is earlier than materials failure. The curve has
characteristic of slow change and no inflexion. That shows that the strength and
softening of soil may greatly influence the horizontal carrying capacity of pile.

&> 450 [
4
2 400 | e *
= 30 | ,().(/'/
S 300 [ na e
= 250 e
= 200 ‘-‘;A;‘/. — m— Measured (Squares)
150 r ma
'g 100 .l.‘ — A — Computed by uniform design (Uptriangles)
= mA
S 50 r — ® — Computed by normal way (Dots)
= e A
0 5 10 15 20 25 30 35

Horizontal displacement (/mm)
FIG. 2. Calculated results based on different nodes distribution.

The computed results are shown in figure 3 and 4 in order to compare the different
nodes distribution. Figure 3 is the curve of the number of nodes and relative error of
displacement and figure 4 is the curve of the number of nodes and radius of calculation
domain. In the figures, curve A represents the meshless method using uniform design,
curve B represents normal meshless method, n is the number of nodes, r is the radius of
influence domain and r, is the relative error of displacement.

016
0.14 30 |
—m— A (Squares)
012 —~ 25T —e— B (Dots)
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= 20
= 0.08 =
0.06 = 15 |
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0.04 —e— B (Dots) 1.0
0.02 E. L L L L L L 0.5 A
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FIG. 3. The curves of nodes numbers FIG. 4. The curves of nodes numbers
and relative error of displacement. and radius of calculation domain.

The curves in figure 3 show that when the number of calculation points is relatively
small, the meshless method using uniform design in this paper can produce more
accurate computation results. Moreover, due to the fact that the number of calculation
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points is reduced, the computing workload is significantly reduced as well. At the same
time, different from the finite element method, the calculation accuracy of meshless
method does not increase because the number of nodes increases. It shows that the
homogeneity of nodes distribution is more important than the number of nodes in
meshless method, and uniform design may fit the demand.

In figure 4, the curves show that the radius of influence domain using uniform design
is much smaller, and the reason is that the advantages of uniform design are to have the
test nodes uniformly distributed in the parameter space, and to have the steady nature
towards the model changes. Though the radius of influence domain in this paper is
much smaller, it ensures reversibility of the matrix, and reduces computing workload.

CONCLUSIONS

The uniform experiment design has introduced the nodes disposition of meshless
method to ensure enough nodes in the definition domain of calculation point. This
method is suitable for complicated pile engineering domain and easy to be applied. A
load test on pile foundation is introduced and provides engineering background and
calculation data. The calculation results obtained by the meshless method based on
uniform design show that it’s possible that the uniform design may be applied in the
nodes distribution of meshless method.

The results show that when the numbers of calculation points are relatively small, the
meshless method using uniform design given in this paper can produce more accurate
results and the amount of calculation is also significantly reduced. In addition, the
radius of influence region selected is smaller than that of influence region of usual
meshless method. It ensure that the matrix is reversible and reduces the computing
workload.
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ABSTRACT: Embankment construction on soft clay can result in the development of
significant lateral ground movement. When the pile is installed adjacent to this
unstable embankment, it may experience unexpected lateral passive loading along its
length and may cause the integrity problem of the superstructure. A lot of numerical
and experimental research works have been conducted for better understanding of the
behavior of passively loaded pile. However, the nonlinear response of piles subjected
to horizontal ground movement is difficult to analyze with two-dimensional technique
since the passively loaded piles are truly three-dimensional problem. In order to
investigate the complex soil-pile interaction, the three-dimensional finite element
analysis was employed in this study. The passive p-dcurves are presented to account
for a nonlinear response of piles as the common p-y curves may not properly describe
the actual behavior of piles subjected to lateral ground movement. It was found that
the generated p-dcurves were dependent on pile spacing; when pile spacing decreased
the passive p-O curves stiffened, whereas the active p-y curves softened. A better
understanding of behavior of passively loaded piles adjacent to an embankment
constructed on soft Bangkok clay was achieved.

INTRODUCTION

The behavior of piles subjected to lateral ground movement associated with
unstable slope is considerably different from the actively loaded piles. In general, the
load distribution resulting from horizontal ground movement can be found in pier
foundation adjacent to bridge approach embankment, excavation or tunneling
operations, piles supporting traffic signs or buildings adjacent to the settling slope.
The soil pressures against these piles are nonlinearly induced along the pile shafts.
However, the distribution of transmitted lateral forces varies diversely from case to
case and no general rules can be specified for practical use (Chen, 1994).

In the analysis of passive single piles by Randolph et al. (1984), it was found that the
values of ultimate soil pressure ranges roughly from 9c, to 12c,. However, in the
back-analysis of piles in unstable slopes conducted by Vigiani (1981), the ultimate soil
resistance was somewhat lower, between 2.8c, and 4c,. Poulos (1995) found that the
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limiting lateral soil pressure increased linearly from 2c, at the ground level to 9c, at a
depth of about 3.5D and remained constant below that depth. Based on a two-
dimensional numerical analysis adopted by Bransby et al. (1999), it was found that the
ultimate soil resistance was equal to 11.75¢, and moderately higher than those
suggested by others.

A number of laboratory models of coupled piles in soft clay were experimentally
performed by Pan et al. (2002b). It was found that the passive soil pressure, measured
along the pile shaft, showed small discrepancies between coupled piles in a row at 3D
and 5D pile spacing. The horizontal soil pressure at a particular depth tends to increase
slightly after lateral displacement was mobilized greater than 3.2 mm. While the soil
mass was translated approximately by 0.65D, the ultimate soil pressures p, were
determined to be 7.1c, and 8.6¢, for 3D and 5D pile spacing respectively.
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FIG. 1. Passively loaded piles adjacent to an embankment.

In this study, the passive load is imposed on the piles by the down slope ground
movement due to the settling embankment constructed on the Soft Bangkok clay, as
shown in Fig.1. The three-dimensional finite element analysis is employed to account
for the soil-pile-embankment response by using the elasto-plastic continuum approach.

THE RELATIVE SOIL-PILE DISPLACEMENT

As stated by Bransby (1996), the traditional p-y curves may not properly describe
the actual soil-pile response of the passively loaded piles subjected to the lateral
ground movement. This is because the actively loaded piles are pushed laterally into
the surrounding soil and the soil is dragged simultaneously together with the piles
while the contact pressures along the passively loaded piles are horizontally induced
due to the squeezing soil.

The variation of the ultimate soil resistance p and the relative soil-pile displacement
at any depth is presented in term of p-0curves. The passive p-dcurves adopted by
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Bransby et al. (1999) are employed to describe the soil-pile response as the traditional
p-y curves show a large displacement for a small incremental soil resistance, i.e., a
linear relationship. The magnitude of relative soil-pile displacement dto mobilize the
ultimate soil resistance is approximately 0.015D and 0.025D as proposed by Pan et al.
(2002b) and Bransby et al. (1999), respectively.

With an attempt to study the effects of embankment construction on adjacent single
pile and pile groups, Stewart (1992) conducted a number of experimental centrifuge
models. The prototype square pile, with 0.4 m width and 22.5 m in length, was set up
to be freely unrestrained. As a result of centrifuge tests, it was indicated that pile
spacing larger than 4.9D is less significant in group effects.

THE NUMERICAL MODELING

Since the actual pile-soil interaction due to lateral ground movement is very
complex, the two-dimensional numerical simulation may not properly investigate the
real behavior of the passively loaded piles (Pan et al., 2002a). In this study, five
unrestrained square piles, with slenderness ratio equal to 30, are simulated in a single
row parallel to the embankment toe by using three-dimensional finite element
analysis. The 3D and 5D center-to-center pile spacing are examined.

The soil-pile system is constitutively subdivided into a number of 3D eight-node
hexahedral elements and analyzed with an iterative technique. The virtual soil-pile
interface elements are essentially assigned to investigate the transmitted shear and
pressures between two distinct materials. The deformable elements are typically
defined as a thin layer, so-called a master-slave or a contact pair concept. The
optimized width of contact element is assigned to be 10% of pile diameter. The soil
yield criterion is assumed to be governed by an elasto-plastic constitutive relation with
a non-associated Drucker-Prager flow rule. The uniform load q is applied vertically
and incrementally ranged from 0 to 60 kN/m? on the crest of slope in order to trace the
nonlinear response of piles and surrounding soil. The material parameters used in the
FE analysis are summarized in Table 1.

Table 1. Parameters Used in the Finite Element Analysis

Parameters Soft Clay Pile and Pile Cap
Young’s modulus (MN/m?) 44 27.0
Poisson’s ratio, v 0.40 0.20
Unit weight (kN/m®) 14.0 25.0
Undrained shear strength (kN/m?) 11.3 -
Dilatancy angle (degree) 0 -

LATERAL DISPLACEMENT AND RESISTANCE

When piles are installed near a settling embankment or slope constructed on soft
soil, the horizontal ground movement can result in significant bending stresses and
displacement along the pile shaft. Even though the vertical movement of embankment
can be well estimated, but lateral ground movements are considerably difficult to
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predict (Poulos, 1973). A response of the passively loaded piles sustained by the down
slope soil movement is described in this section. The normalized pile deflection and
the bending moment along the pile shaft are extensively observed. The lateral soil
resistance is determined from a contact pressure acting on the face of pile far from the
source of the down slope ground movement.

In order to deliberately estimate the relative soil-pile displacement § the global soil
deformation profiles § in the middle of two piles installed at spacing 3D and 5D are
observed. The contours of the horizontal ground movement at different pile spacing
are explicitly traced in Fig. 2 and 3. The magnitude of the soil displacement between
the two piles at larger spacing is slightly greater than those at a smaller spacing. The
equivalent uniform soil movement defined as §q is calculated from the equally swept
areas under an undrained circumstance in which volume change in soil mass is
disregarded.
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FIG. 3. Contours of the lateral ground movement at pile spacing SD.
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Since the significant difference of the soil and the pile displacement can be
noticeably found in the very soft clay layer; therefore, the passive p-dcurves at these
depths are presented as a manifold series of p-Ocurves as shown in Fig. 4. The ultimate
soil resistance per unit length, observed at a mid depth of very soft clay layer, is about
21.0 kN/m and 18.5 kN/m for the passively loaded piles installed at 3D and 5D
spacing respectively. At a smaller spacing, the passive p-dcurves are somewhat stiffer
than those at a larger spacing.
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FIG. 4. A series of the passive p-dcurves at pile spacing of 3D and 5D.
CONCLUSIONS

The shape of passive p-dcurves is nonlinear and similar to the conventional active p-
y curves. At early stage of lateral soil movement, the relationship between the soil
resistance and relative displacement is linearly raised, and thereafter, it perpetually
reaches to a critical state and exhibits a convergent trend. It is interesting to note that
the generated p-dcurves are dependent on pile spacing. The passive p-dcurves stiffen,
whereas the active p-y curves soften when piles spacing is decreased.

The computed ultimate soil pressures remain constant after the relative soil-pile
displacements are mobilized at approximately 0.015D for the passively loaded pile
founded in soft Bangkok clay. This research finding agrees fairly well with the other
previous numerical studies performed by Bransby (1996) and Pan et al. (2002a).
However, it should be noted that the lateral contact pressures at any depths are greatly
dependent on the local soil deformation and the relative soil-pile stiffness in the
analysis.
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ABSTRACT: An analytical model is proposed to evaluate the pile skin friction at the

pile-soil interface and analyze P-s curve of single pile. The model is based on the

exponential transfer function technique and allows back-analysis to be carried out easily.
The calculated skin friction results is in good agreement with the measured ones and the

accuracy of the proposed method has been verified by an example in Xiao ez al.’s (2002)
work. Then the transfer model is implemented into differential equation of pile-soil

interaction, and after being iterated by computer simulation, the calculated P-s curve is

in very good agreement with the results of Xiao et al. (2002) and Carrubba (1997).

Parameters are initially obtained from lab experiment and subsequently modified by

fitting the Carrubba’s (1997) pile head displacements to computer simulation.

INTRODUCTION

The most reliable method to determine load-settlement relationship (P-s curve) of
pile is to conduct the destructive test of the pile (Carrubba, 1997). However, pile tests on
site are costly and time consuming, especially for large-diameter pile that requires over
thousand tons of test loads, which are sometimes impossible or at least very difficult to
be carried (Aschenbrener, 1984; Duncan and Chang, 1970). Therefore, many scholars
tried to develop theoretical solution, hoping to find appropriate ways to predict capacity
of pile (Wei and Mark, 1998). Uptill now, all kinds load transfer functions could be
defined into two sorts: one is linear models including linear, bi-linear, and tri-linear,
such as Randolph and Wroth (1978), and Pells, et al.(1997); the other is nonlinear
models including exponential model (Kezdi, 1957), parabola model (Vijayvergiya,
1977), hyperbolic model (Seed and Reese,1955; Duncan and Chang, 1970; Xiao, et al.,
2002). It is to be noted that a number of tests conducted home and abroad have indicated
the nonlinear relationship between pile skin friction and pile displacement, which
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means over simplification model like linear relation might not be suitable.

An exponential load transfer function to evaluate the pile skin friction at the pile-soil
interface is proposed based on reduced scale pile model test and verified by
back-analysis of a pile example in Xiao et al/ (2002). The model function is then
implemented into differential equation of pile-soil interaction and obtains an analytical
equation for calculating P-s curve. After automatic iteration in computer program, the
equation could be solved and the results are in agreement with the results of Xiao (2005)
and Carrubba (1997).

ESTABLISHMENT OF PILE SKIN FRICTION FUNCTION

First of all, a reduced scale pile model test was performed in expansive soils (with
constant water content) in our previous work (Zhang C.S. et al, 2007) and the results of
the skin friction and settlements of the pile are plotted in Figure 1 and the measured and
fitted results are listed in Table 1. Note that numbers 1, 2, 3 and 4 are the locations of
strain gauges (Zhang C.S. et al, 2007).

------- measured at 4-5
fitted at 4-5

------- measured at 1-2

fitted at 1-2 012 - - measured at 3-4

< none measured at 2-3 ) fitted of 3-4
& 0.006 fitted at 2-3 £ 01
S 0.005 : 0.08
£ 0.004 g
. £ 0.06
g 0.003 E
£ 0002 P 0.04
£ 0.001 # o002
=
7 0 0

0 0.001 0.002 0 0.001 0.002

Settlement /m Settlement /m

(a) (b)
FIG.1. Skin friction and settlement of model pile. (a) presents the skin friction
between gauges 1 and 2, 2 and 3; (b) presents the skin friction between gauges 3
and 4, 4 and 5.

Table 1. Fitted Model Pile Skin Friction and Settlement.

Average Skin Friction Average Skin Friction

between 1 and 2 between 2 and 3
Fitted curve 7=0.0059(1-¢"*") 7=0.002(1-¢?™")
Parameters a=0.0059; #=1600 a=0.002; 3=2700
Correlating Coefticient | 0.981 0.986

Average skin friction Average skin friction

between 3 and 4 between 4 and 5
Fitted curve 7=0.045(1-¢") 7=0.105(1-¢")
Parameters a=0.045; 3 =3200 a=0.105; f=3200
Correlating Coefficient | 0.980 0.978
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Xiao et al. (2002) once adopted a 044
hyperbolic load transfer function in 042 |
studying the engineering pile mentioned
in Carrubba’s (1997) work, which
resulted in very high accuracy. Based on
Xiao’s 7—s curve, the corresponding
parameters o and f for the proposed
exponential function could be obtained as
shown in Table 2 by back-analysis, and

the calculated results are compared with
Xiao’s (2002) results in Fig. 2. FIG. 2. Comparison between Xiao’s

result (2002) and proposed function.
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From the above two examples, the exponential relation between pile skin friction
and settle- ments could be fitted by the proposed exponential function:

() =a(l-e”?) 1)

Table 2. Fitted Relationship Between Skin Friction and Settlements

Average Skin Friction at | Average Skin Friction at
Soil Rock
Fitting curve 7=0.07(1-¢™) 7=0.131(1-¢)
Parameter ¢ , 8 a=0.07; =228 a=0.131; f=340
Correlating Coefficient 0.982 0.988

where 7(z) means pile skin friction at z length; o and / are the load transfer
parameters of pile skin soil; s(z) is settlement of pile at z depth.
o and f are meaningful in physics where a indicates ultimate friction at the
pile-soil interface and f reflects the initial slope in friction-settlement curve.
Hyperbolic relation is widely accepted for pile-end soil resistance, suggested by Seed
and Reese (1955):
— Sb
a,+b S, )
where ¢ is pile-end soil resistance; a,and b, are load transfer parameters of pile-end
soil.
The interaction between pile and soil when loaded could be illustrated as shown in
figure 3. Taking a differential segment of the pile, from the equilibrium condition, one

ObtainS:
di (2 ) r
7 ”p (2 )

where u,, is the circumference of pile.

)
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The compression produced in the element is,

P()

FIG. 3. Interaction model between pile and soil.

ds =—@dz
Or EA

as _ P(2)

dz E-A

By means of
dP(z) _dP(z) ds

dz ds dz
Obtain:
dP(z) _dP(z) dz
ds dz ds
Substituting Equations (3) and (4) into Equation (6), yields:
dP(z) _u pEA T
ds P

Substituting the Equation (1) into the Equation (7) and let A
dP = i0{(1 —e P )ds
P
Change Equation (8) into increment form:
AP = ia(l—e’/”“))AS
P
Equation (9) is just the iteration model for solving the
load-settlement relationship of single pile.

ITERATION METHOD

Assume the pile penetrating through two different layers
of soil with corresponding length and transfer parameters as
shown in Figure 4. The load transfer function parameters of
the soil beneath the pile are a, and b,. Under the applied
load P, on the pile top, the settlement of the pile top is S, .

The settlement of the pile end is .S, .

129

(42)

(4b)
where E is the elastic modulus of the pile, and A is the cross-section area of the pile.

—_
e

®)
(6)
(N
=u, E-A4, then obtain:
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FIG. 4. Elements of

assumed pile.
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With an assumption of initial settlement of S, and based on Equation (2), we have:

a,+b,-S, (10)
According to the Equation (1), find the nth segment surface resistance of the pile
(note that in Figure 4, the nth segment is in the second soil layer). That is

7, =a,(1-e ") (an
From Equation (11), obtain:
AP, =u, Al -z, (12)
and

B, =R, - AP, (13)

From Equation (13), we have the average axial force for the segment nth,

> _R-F AP,
n = =R, +

2 2 (14)

and from Equation (14), we find the elastic compression and pile settlement at the top of
the nth, segment

E-4 " (15)
and,

S, =8, AS, (16)

Then, by substituting the calculated results P, , S, and AS, into Equation (9)
and conducting iterations on the segment nth, we can obtain corresponding results:

AP, = %aﬂ (1-e**)AS, (17
P.=R,+AP, (18)
P, =R, + AP,
2 19)
AS, =LA 1
E-A (20)
S,=8,+AS @

The values of AP, Pﬂv ,AS n' and S n' obtained from the above equations are different
from AP,, P, , AS, and S, . Therefore, iterations are taken into account. Every time

we substitute the calculated P, , AS,,‘ and S,,'for P, , AS and S, , respectively in

Equation (17) and find new P, , AS, and S, . Until the desired accuracy, e.g., within
5% errors, is achieved, and the results are acceptable. Now, the real axial force and

settlement of nth segment could be obtained by Equations (18-21). These values are
also the same as the internal force and settlement at the end of the (n-1)th. Segment.
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Substituting P, and S, as the internal force and settlement of the (n-1)th segment
into Equations (11-21), using the same iteration procedure for the (n-1)#4 segment, we
can find P, and S

n-1

... and so on, until we find £, and S, . It should be noted
that at different soil layers, one should use different a, and f, (suchas a,,, f,,, 0,,,
[y, e a,, b.)

Thus, for a given §,, we can calculate the pile top load P, and settlement S, and
plot the load-settlement P-s curve.

EXAMPLE AND ANALYSIS

The diameter and length of the pile considered by Carrubba is 1.2 m and 18.5 m
respectively; pile depth in the soil is 11 m, and in the rock is 7.5 m. The load transfer

function parameters: in soil, ¢, =0.07 MN/M® B =228MPa ; in rock,

o, =0.131 MN/M* B.=340MPa ; at the end of the pile,
1/a, =220 MN/M* 1/b, =53MPa
Young’s modulus E=31500 MPa. The 12 -
results calculated by the proposed 10|
method and the test data obtained by Lo
Carrubba are presented in Fig. 5 for =z 8¢ ~
comparison purposes. E 6| g

From the Fig. 5, it can be seen that  a_ ol 7 calculated result in this paper
the both load-settlement curves for the 7 - — - —calculated results by XIAO(2005)
pile calculated by the proposed 2 ’/’ ------- tested data by Carrubba(1997)
method and Xiao’s method are very 0 ‘ |
close to those obtained by Carrubba. 0 0.01 0.02 0.03

Therefore, the example verifies the
validation and high accuracy of the
proposed method. The parameters a and £,

s /m

. . FIG. 5. Load-settlement curve.
could be obtained by shear friction tests of

undisturbed soils at different layers, and the load transfer parameters a, and b, of pile

end soil could be initially referred with compression test results in door and
subsequently modified by fitting the Carrubba’s (1997) pile head displacements to
computer simulation ones. It is noted that the parameters are also related to vertical
stress varying at different depth. The present analysis are based on the results data in
Paolo and Xiao’s research obtained through the corresponding tests of soil samples at
middle depth of soil and rock layer (Xiao, 2005).

CONCLUSIONS

A simple exponential load transfer function for evaluating skin friction at pile-soil
interface has been established from a reduced scale pile model test and verified by
Xiao’s example (2002). The function is then implemented into differential equation of
pile-soil interaction, obtaining an analytical formula for calculating the P-s curve. By
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solving the analytical formula, iteration process automatically run by simple computer
program is adopted and the results are in good agreement with Xiao H.B.(2005) and
Carrubba (1997).
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ABSTRACT: Piled embankments has technical and economical advantages over
other soft ground improvement methods. The load transfer mechanism in piled
embankments is referred to as arching effect. Piled embankments are generally related
to the advantage of soil arching effects of granular soil. Most of present research on
piled embankments is focusing on the soil arching effect, but there is lack of
investigation on the vertical stress distribution in the inner soil arching under
embankments. In this paper a new analytic solution called multi-arching theory is
applied to investigate the behavior of soil arching. The solution shows the stress
distribution in piled embankments as follows; the vertical stress above the soil arching
increased as geostatic state, and inside of the soil arching the vertical stress decreased
nonlinearly, which reflects the mechanism of soil arching effect and the vertical stress
distribution in piled embankments. The theoretical solutions show good agreements
with model test data. The results demonstrate that the distribution of vertical stress in
embankments is helpful in understanding the behavior of piled embankments.

INTRODUCTION
The increasing need of infrastructure development has often forced engineers to
deal with building on soft soils. Infrastructure constructions such as road and railway

embankments, bridge approach and flood protection dam on soft soils have raised
several concerns related to excessive total and differential settlements, bearing
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capacity failures, lateral pressure and movement and stability of the embankment
(Kempfert 2004; Chen 2008; Yu 2006; Liu 2007). These challenges have led to
significant development in soil improvement and reinforcement techniques, which
show economic solutions for constructions over soft soils. One of the techniques is
called piled embankment. Piled embankments are referred to as conventional
piles-supported embankment and geosynthetic-reinforced and piles-supported
embankment if geosynthetic reinforcement is used in the system (Han 2002).

The design of geosynthetic-reinforced and piles-supported embankment includes the
assessment of pile group capacity, embankment load transfer and geosynthetic tensile
strength requirement. The mechanism of embankment load transfer to the piles is
assumed to occur through the so-called soil arching effect and geosynthetic tension,
which will be discussed in detail in this paper.

SOIL ARCHING IN PILED EMBANKMENTS

For conventional piled embankments, piles are required to be closely spaced which
is generally around 2 to 5 times the pile diameter in the pile foundation design.
Moreover, large pile caps are needed in order to transfer more embankment loads to
pile caps and to prevent settlements of the soil between caps being reflected to the
embankment surface. On the other hand, to reduce the construction cost, pile spacing
needs to be enlarged as wide as possible. Therefore a suitable pile cap size is chosen to
ensure that most of the embankment load is transferred to piles.

The embankment fill mass between pile caps, under the influence of its weight, has a
tendency to move downward due to the presence of soft foundation soil. Shear
resistance from the fill above the pile caps restrains this movement. The shear
resistance reduces the pressure acting on the soil between pile caps but increases the
load applied on to the pile caps. This load transfer mechanism is referred to as arching
effect.

A definition of arching is given by McNulty as “the ability of a material to transfer
loads from one location to another in response to a relative displacement between the
locations. A system of shear stresses is the mechanism by which the loads are
transferred”. When a soil mass is placed on a rigid base, no tendency of differential
movement exists so soil arching does not develop. The moment when the soil loses a
local support, a true arch or a roof tension arch is formed.

There are several methods for assessing the soil arching effect suggested by
researchers such as Terzaghi (1943), Marston and Anderson (1913), Carlsson (1987),
and Hewlett and Randolph (1988). Some of them are used in the available design
guidelines for piled embankment construction such as BS 8006 in the UK, FHWA in
USA and Nordic guidelines in Scandinavian countries. All assessment methods for the
soil arching effect consider that the arching is a uniform and simple model. These
assumptions will obviously not give a precise solution for the vertical stress in the fill
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of embankment. Moreover, the present solution cannot reflect the behavior of vertical
stress along the depth of embankments. In this paper, a new modified model is applied
to investigate the characteristic of vertical stress in the fill of piled embankments.

MULTI-ARCHING MODEL

Kempfert et al. (1997) adopted the Hewlett and Randolph (1988) approach, with a
modification for low-height embankments and for inclusion of subgrade support based
on bearing capacity analysis. Like the Hewlett and Randolph Method (1988),
Kempfert et al. considered a domed arch spanning between columns or pile caps. The
soil arching model is expressed as a function considering the depth z , and the
boundary condition of this model is shown as Eq. 1.

Ve, = Sa 12 1y —>ee (1)
And the function of 7, is given as Eq. 2, (Yu, 2006).
=tz @
z

_si+2d-s, —d’

1
Where ), :g(sd—d)z; A, s
d

, d is the size of piles (caps) ,sq is the net

spacing between piles, the other symbols are shown in Fig. 1.
As shown in Fig. 1, according to the vertical equilibrium, the following governing
equation can be obtained.

5, -dA, +(0, +do,)-dA, —4o, - dA, -sin(sqng+ ydV =0 3)

Where:
dA, =(-8¢)" ; dA,=(@+dr)’ - Sp+ddp)’ =2d8¢-1* -3¢ +2dr-r-8¢” +1° -3¢

dAg :(r+%dr)'(5(ﬂ+%d5(p)~dz:dz~r-8¢

v = (r+%dr)2 : (6(/)+%d6(0)2 -dz = dz-r’dd¢’

3
d6¢>m:8¢+7¢ and c,=¢ K, o,
¢ is modified coeffient and the other sybmols are shown in Fig. 1.

The solution of vetical stress of soil between caps is as below:
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FIG. 1. Multi-arching model.

THE VERIFICATION OF MULTI-ARCHING THEORY

Model Test I

Three-dimensional well-instrumented model tests in a scale of 1:3 were carried out
to investigate the stress field of the fill in piled embankments. A group of four piles
was placed in a weak soil of peat in a rectangular grid, above which a reinforced or
unreinforced sand fill was placed in different heights, which are 0.35 m and 0.70 m.
On these two cases with different height, three uniform static loads 20 kPa, 54 kPa and
104 kPa were place at the top of embankments. The stress distribution in the
reinforced sand layer was recorded by pressure cells, which are buried along different
depth in the center of the embankment. The multi-arching theory is used to compute
the vertical stress of the fill under different loads, which are shown in Fig. 2. From the
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measured data, we find out that the vertical stress decreases with depth at the soil
arching area. The results demonstrate that the comparison between measured and
calculated stresses is good at 0.35 m embankment. And the distribution of vertical
stress along depth is simulated very well using the soil arching theory. But there is a
little difference between measured and computed results due to stress level. The model
test results verified the load transfer and the soil arching theory in piled embankments.
And the theory presented in this paper simulates the results and reflects the behavior
of soil arching very well.

Model Test IT

Hewlett et al. (1988) investigated the load ratio carried by piles using model test of
piled embankments. The size of model test is as follows: a/s=1/3, H/s2, where a is the
size of piles, H is the height of embankment and s is pile spacing. Fig. 3 gives the ratio
changes with the angle of internal friction of the fill. The load ratio carried by piles is
found to increase with the increase of K;,, which is passive pressure coefficient. The
solution by Hewlett and the multi-arching method are demonstrated in the figure. It
could be concluded that the multi-arching’s solution is closer to the measured data
than the Hewlett’s method.

Vertical stress/kPa
0 60 90 120

154 s}

Vertical stress/kPa
150 0 30 60 90 120 150
)

[
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.
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(a) Height is 0.35 m (b) Height is 0.70 m
FIG. 2. Comparisons between measured and calculated results.

CONCLUSIONS

Most of present researches for piled embankments are focusing on the soil arching
effect, and there is lack of investigation of the stress distribution in the inner soil
arching under embankments. The current analytical procedures for assessing soil
arching effect are too simplified in the model. In this paper, a more accurate model
called Multi-arching theory is applied to investigate the behavior of soil arching. The
computed results show good agreements with measured data. The results demonstrate
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that the distribution of vertical stress along the depth in embankment fills, which is
helpful to understand the behavior of piled embankments.

—a— Presented method
—e— Hewlett's method
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FIG. 3. Comparisons between measured and calculated results.
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ABSTRACT: The effect of micropiles on soil reinforcement under static and dynamic
loadings was studied. Embankment on untreated soil and treated soil by micropiles
were modeled using the finite element code PLAXIS. The displacement caused by
embankment static loading and acceleration of the embankment caused by seismic
loading were calculated and compared. It was found that micropiles treated soil can
greatly reduce the settlement of the embankment and mitigate seismic response of the
embankment. The results of this study provide valuable information about the design
and application of micropiles.

INTRODUCTION

Micropiles are small diameter grouted piles that are traditionally used in foundation
retrofit. Micropiles can also be installed in almost any ground condition. Experimental
evidence has indicated that micropiles behave well under seismic loadings due to their
high flexibility. Moreover, observations in the 1995 Kobe Earthquake demonstrated
the good performance of friction piles under seismic loading (Wong, J.C.,2004).
However, the seismic behavior of micropiles is not fully understood due to limited
number of tests both in full and model scale, as well as the limited amount of
numerical modeling studies for micropiles. Some researchers such as Yamane,T. et al.
(2000), Wong, J.C.(2004), Shanzhi Shu.(2005) and Wang, Liyan et al.(2005) have
studied on mechanical characteristics of micropiles. The dynamic analysis of soil-pile-
structure interaction is a very complex problem (Nogami,T.et al.,1992; Wu,guoxi et
al.,1997; Boulanger, Ross W. et al.,1999; Lok,M.H.,1999; Ousta,R.et al.,2001; and
Surendran Balendra, 2005). The Finite Element (FE) method provides a tool to
understand the seismic behavior of micropiles. The finite element code PLAXIS with
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dynamic analysis function has been used to model the soil and micropiles system, and
analyze the dynamic characteristics of unreinforced soil and micropile reinforced
foundation.

THE STATIC ANALYSIS OF MICROPILES
The finite element model for insitu four soil layers strata was generated. The soil

including fill was treated as perfectly elastic-plastic materials in the simulation.
Parameters of soil used in the simulation are listed in the Table 1.

Table 1. Soil Properties for the Micropile Foundation Analysis

Soil Unsaturated Satlljl:;?tted Cohesion Friction | Young’s | Possi-
Type Unit Weisght Weight (KN/m?) Angle MOdullzlS on’s
(kN/m”) (KN/m?) (degrees) | (kN/m”) | Ratio
Fill 16 20 1 30 8000 0.3
Clay Silt 16 18 5 25 10000 0.35
Soft soil 17 18.5 7 20 5000 0.35
Coarse 17 20 1 34 30000 | 03
Sand
} | - | }
@
y I
el
Q L@
M= +F T2
a. Untreated by micropiles b. Treated by micropiles

FIG. 1. Problem Setting and the FEM Model.

The micropiles with diameter of 0.2 m and length of 14 m were modeled using the
5-node beam element. The interactions between the soil and the piles were taken into
account by setting interface elements between the soil and the pile. In formulating the
stress-strain behavior at the soil- pile interface, the thickness of interface was assumed
as 0.1 to 0.01 times the length of corresponding interface element. The corresponding
strength reduction factors were selected based on both the material properties of the
soil and the pile.
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The boundary conditions were set as the standard boundary conditions. The
displacements in all directions at the bottom boundary were fixed; the boundaries at
both sides can only move in the vertical direction. When the geometry and boundary
condition setting was complete, the finite element mesh was generated. In order to
consider the possible large stress gradient, the meshes are refined at the soil and pile
interface.

The total deformation of the embankment is shown in Figure 2. Figure 2(a) shows
that the total displacement profile for the whole geometry in the last times step; the
maximum displacement at this time step is 33.24 X 10 m. Figure 2(b) shows the
maximum displacement in the last time step is 10.35 X 10~ m. The displacement plot
shows the maximum displacement at the top of embankment which is untreated is
much higher than the displacement at the top of embankment which is reinforced by
micropiles. The result shows that micropiles treated soil can greatly reduce the
settlement of the embankment.

w3,
! 1034 ggu 10 -4l
11.000

30,000

26,000 8.000

22,000

18.000
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14,000 ST

10.000 3,000

£.000

1.000
2,000

-2.000 -1.000

a. Untreated by micropiles b. Treated by micropiles
FIG. 2. FEM plot of extreme total displacement.

THE DYNAMIC ANALYSIS OF MICROPILES

The dynamic analysis uses the same geometry | Table 2. P-wave and S-wave
as that of the static analysis. The triaxial Velocity of Soil
unloading stiffness E,, is set as 3 times as the Soil Type V,(m/s) | V(m/s)
triaxial loading stiffness E..f and the oedometer Fill 81.22 43 .41
loading stiffness Eoq is set the same as the Clay Silt 99.15 47.63
triaxial loading stiffness Err. The corresponding Soft soil 68.01 32.67
shear modulus G and p-wave velocity Vy and s- ["coarse Sand | 152.6 81.56

wave velocity Vg are determined based on
theories of continuum mechanics and wave propagation:

vV = @ where E,, = _-vE €))
i P 1+v)1-2v)
v, = G where G = E 2)
P 2(1+v)
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The boundary conditions were changed to the standard earthquake boundary that
was automatically generated as absorbent boundaries (Plaxis, 2002). The left-hand and
right-hand boundaries have prescribed displacement u#, = 0.01 m and the bottom
boundary has prescribed displacement u, =0.00 m.

The material damping was considered for the soil. In PLAXIS, a global material
damping term (the Rayleigh damping) is assumed, which is proportional to the mass
and stiffness of the system. The damping matrix can be written as a combination of the
mass matrix and the stiffness matrix:

[C]=a[M]- plK] 3)

where [C ] is damping matrix [M ] is mass matrix [K ] is stiffness matrix
| gt

| |
— T
a. Untreated by micopiles b. Treated by micopiles

FIG. 3. FEM Dynamic Model.

The Rayleigh coefficients oand Bare difficult to determine from soil tests. Based on
previous literatures, they can be estimated from the fundamental frequency of the pile-
soil system and the hysteretic damping ratio. However, this information was not
available for such purpose in this example. The Rayleigh coefficients were assumed as
o= 0.01 for mass matrix and B= 0.01 for the stiffness matrix. Since there is lack of
recorded strong ground motions, the default ground motion file named 225a.smc (see
FIG. 4.) in PLAXIS is set as the rock base ground motion(Plaxis, 2002). The
calculation was carried out to 250 time steps with a time interval 10 seconds.
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FIG. 4. Record of upland earthquake.
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Figure 5 and Figure 6 show time-acceleration curves of point in the middle of the
embankment. Figure 5 shows that the maximum acceleration at point E (22, 9) is
1.466 m/s* for embankment on untreated soils and 1.065m/s> for embankment treated
by micropiles.

By comparing Figure 5 and Figure 6, it is found that the acceleration at point E (22,
9) of the untreated embankment is much higher than the treated embankment. The
result shows that the piles are effective in increasing the earthquake resistance of soil.

|a [Ini=2]
L 0 ,

Y SRS W SO S —— |
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Dynamic titne [=]

FIG. 5. Time-acceleration curves of E Point before the soil treatment.
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FIG. 6. Time-acceleration curves of E Point after the soil treatment.
CONCLUSIONS

The displacements and dynamic characteristics of pure soil foundation and
micropiles reinforced foundation were analyzed using finite element code PLAXIS.
The displacement caused by embankment static loading and acceleration of the
embankment caused by seismic loading were calculated and compared. It is found that
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micropiles treated soil can greatly reduce the settlement of the embankment and
mitigate seismic response of the embankment. The results of this study provide
valuable information about the design and application of micropiles.
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ABSTRACT: Based on the vertical static load test results on a test pile, located in the
soft soil, the load transfer mechanism and bearing behavior of super-long filling piles
is first discussed. Then, a method of predicting the axial bearing capacity of
super-long piles by the pile top settlement is advised. By introducing the linear
elastic-fully plastic model and tri-broken-line model to fit the development of shaft
resistance and tip resistance respectively, analytical solutions of axial load capacity is
derived under elastic stage of the subsoil. Finally, the present method is applied to
analyze the data from the test pile, from which good agreement between the predicted
and measured pile top load-settlement curves is found. The results also show that
buckling stability analysis and deformation checks are necessary for super-long filling
piles, and the axial bearing capacity of super-long piles should be controlled by the
allowable settlement on the pile top.

INTRODUCTION

The specific definition of super-long filling piles is not clear so far, but it generally
refers to piles whose length is more than 50 m or length to diameter ratio (1/d) is 100
(Lin et al., 1999), and the bearing capacity is mainly due to shaft resistance. Due to the
super length, this kind of piles behaves quite differently. Under normal working load,
the tip resistance of super-long pile is only a small portion of the total capacity and can
be neglected. In addition, studies by Zhu et al (2003) shows that: (i) for a given pile
vertical load, if all other factors remain constant, the pile top settlement does not
increase with the pile length; (ii) the state of maximum pile shaft resistance or failure
of pile shaft structure can be regarded as the ultimate bearing state of the super-long
pile. To determine the axial bearing capacity of the super-long pile top settlement is
very important (Lu 1981).
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In recent years, super-long filling piles are widely used. Nevertheless, due to the
complex load transfer mechanism, relevant design methods have not been presented
(Poulos 1989; Yang 1998). Therefore, traditional theories have to be adopted in design
and calculation. However, for super-long filling piles, the allowable pile top settlement
is usually determined by the serviceability criteria of the superstructure and will
control the axial load capacity (Zhao 2000; Wang et al. 1999). A large number of pile
tests (Shi and Liang 1994) show that, when the //d exceeds a certain value, the tip
resistance mobilization will decrease or even not mobilize any more. Thus, the validity
of calculating the axial load capacity of super-long piles by traditional methods
remains to be discussed. Because of these reasons, the piles are generally lengthened
to satisty the bearing capacity in design, but this will lead to unnecessary waste.
Fortunately, the load transfer mechanism of super-long piles have already been studied
by some researchers (Kraft 1981; Cao 1986).

To discuss the load transfer mechanism and more suitable analysis methods for
super-long piles, a field load test was first done on a test pile in the typical soft soil
area of Dongting Lakes in China. Then, a method to determine the vertical bearing
capacity of super-long piles by the pile top settlement is proposed in this paper.

EXPERIMENTAL M& g
STUDY Om  Ground surface P
(1) Muddy Clay ”
Test Desi 70,854, w=29.7%, c=5.5kPa &
est Design 12.5m o©=19.9] 3Es=0.549MPa = Steel Pile
(2) Clay T Casing

The soil around the test  21.6 m #=0.756,w=26.6%,c=7.4kPa
¢=14.2j aEs=0.253MPa

pile is shown in Fig. 1. The
test pile with a design 30,7 m (3) Fine Sand (A): N63.5=37
42.3 m (4) Sandy Gravel: N63.5=29
45.2 m (5) Sandy Cobble: N63.5=55
54.1 m (6) Fine Sand (B)

60.0m

diameter of 1.0 m and
length of 60 m was formed
by stabilized liquid method.
A steel pipe of 1.3 m
outside diameter, 7 mm (7) Argilliferous Siltstone
wall thickness and 10 m d=1.0m
length was used to support
the upper unstable segment 90.1m
of the pile bore. The pipe
was driven 9.2 m into the
ground. The measured thickness of sediment under the pile tip was 50 mm. Anchorage
of the counter-force system was provided by a pair of 1.8 m diameter tension piles
each with an uplift capacity of about 9 MN (Fig. 2).

Four dial gages were placed symmetrically to measure the pile top settlement.
Another 2 dial gages are placed around the steel drive pipe on pile top to observe the

Fig. 1. Soil profile around the test pile.
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settlement of the pipe. In order to
determine the distribution of axial force
accurately, two kinds of strain gauges,
ie., steel and concrete, were used. In
total 34 groups of 136 fully airtight
concrete strain gauges were embedded in
the test pile.

Test Results

The final steady load on the test pile
was 16.72 MN and corresponding top
settlement was 35.31 mm. In the loading
process, when the load was increased to
17.28 MN, the pile top settlement
increased sharply, and exceeded the
maximum range of the indicating gauge
and could not keep stable. At the same

_ (N7 _
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Anchor Pile ‘ Test Pile [Anchor Pile
(R=0.5m) (R=0.9m)
Reaction Béam
g
&
~
[
9|Jacks
[ 11
g
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=
4.5m 4.5m
1-1 section

Fig. 2. Sketch of the test equipment.

time, the load only kept stable for 3 minutes and then a blare sent out down from the
ground. After that, obvious offset of the pile top was observed, and the load decreased
from 17.28 MN to 11.00 MN quickly. Furthermore, crack appeared in the ground
surface around the pile top. From these, buckling failure of the pile shaft was

determined.

The measured pile top load and settlement is shown in Fig. 3. The calculated axial
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Fig. 4. Pile shaft axial force distribution.
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force distribution and shaft resistance z-relative settlement u curve are shown in Fig. 4
and Fig. 5 respectively. The results indicate that due to the large //d (=60), the pile was
damaged by buckling before any tip resistance developed, and no record was observed
from two earth-pressure cells during the test. Even under the failure load, the tip
resistance was still almost zero, and it could be neglected.

BEARING CAPACITY OF SUPER-LONG FILLING PILES
Shaft and Tip Resistance Model

In order to fit the development of shaft resistance and tip resistance, the linear
elastic-fully plastic model proposed by Kedzi (1965) and tri-broken-line model was
adopted with the corresponding constitutive equations defined respectively as:

7,(2) = kgu, U<ug
} 1) 240, 7(kPa)
200+

7,(2) =7y u=uyg fee—x —=—Muddy clay

—a—Clay
—v— Fine sand

Where, kg is the transfer coefficient of
shaft resistance in the i stratum; 5 is the 160
unit ultimate shaft resistance in the i®
stratum; g; is the relative settlement in the

—x— Sandy cobble

1204 A AW A A

—e—e—"—+— Sandy gravel

[ o—rwr——

i strata; wg is the relative settlement 80

strata corresponding to the ultimate shaft 40<1 —

resistance. u (mm)
In sedimentary or alluvial plain, shaft 0 4 8 12 16 20 24 %

resistance is also related to the time of
sedimentation and loading on the pile
(Sun et al 1984). Time effect of the bearing capacity of super-long pile in soft soil
wasn’t considered in this paper.

Fig. 5. T ~ u curve.

q, = kyu u<§&))
q, = k& +k,(u-5) & =su<§ 2
9, =4y, uz§;

Where, kv is transfer coefficient of toe resistance before the limiting value; ki, is
coefficient of bed soil; the & is settlement corresponding to the limiting resistance of
the sediment under the pile tip; & is settlement corresponding to the limiting resistance
of the bedding soil under the pile tip. These parameters could be obtained by testing or
empiric values, generally §=0.2¢/kp; (Delpak et al. 2000).

Assumptions and the Control Differential Equation

The following assumptions are made to set up and solve the control differential
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equation more easily: 1) The pile shaft material is assumed to be linearly elastic; 2)
The buckling failure of the pile shaft should be avoided; 3) Maximum shaft resistance
is always reached before tip resistance develops.

Then, based on the load transfer method (Coyle and Reese (1966)), the control
differential equation for vertically loaded piles in layered subsoil may be set up as:

dzui ksi
a7 T EA" ®

where, E is elastic modulus; 4 is sectional area; the z is the calculating depth.

As 1n elastic stage, the tip resistance is not mobilized. The pile shaft was divided
into » segments, which equal the number of soil strata around the pile. If the pile top
settlement is sy, the boundary conditions relating to force equilibrium and
displacement compatibility between adjacent pile elements were expressed as:

! |z=0 =Sp
d

EA—;“ - ko1 4,

z=l,

: 4 [ )

u; z=l; =ui+1|z—li’ (l=1,2’...,n_1)
dy; _du, o
dz -1, - dz z=li, (1—1,2, R 1)

Where the /; is depth of the i strata
Then, the solution to Eqn. (3) may be derived as:
u~cy;sinh(b;zytey;cosh(b;z) (=1, 2, ... , n) %)
Where

Cn =%

¢, sinh(b]) + c,, cosh(Bl) = ¢,y sinh(b,, ) + ¢y, cOsh(b,, ] ), (F = 1,---,n-1)

6
b, [cli cosh(bl,) +c,, Si'nh(bili)]= by [cl(i+1) cosh(b,, J;) +Cy.) Sinh(bmli)] (=1-,n) ©
¢, sinh(b,], ) + c,, cosh(b 1) = =B, [c,, sinh(B,1,) +c,, cosh(b,],) ]
ksi kbi s
bi_ EA’ i_EAbn’ (1_1’ 2) (7)
As the soil is in elastic state, #;<<ug and the load Q on the pile top is:
d
0-00)=-E4Z} --E4q, 8)
Z z=0

Once the pile top settlement s is known, the load Q on the top may be obtained by
Eqn. (8), i.e., to control the bearing capacity by pile top settlement.
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APPLICATION

The measured field test data and calculated Q-s curve by the present method shown in
Fig. 6 are in good agreement.

CONCLUSIONS

» The axial bearing capacity of super-long
filling piles is mainly supplied by shaft 0
resistance, and should be controlled by 3]
the allowable pile top settlement.

0 2 4 6 8101214 16 18
Q(MN)

» The Kedzi’s linear elastic-fully plastic ZA
model is more suitable for describing the
development of shaft resistance than 121
traditional methods. 154

* After the //d reaches a certain value (50, 18
application results of this paper), the tip 21
resistance is hard to exert and can be 241

neglected. Therefore, to improve the 7]

axial bearing capacity by increasing pile 301
length is not advisable. —e— Calculated

* For super-long filling piles, the effect of 37
pile shaft material strength on the 3§_(mm)

bearing capacity should be taken into
account, and sometimes the deformation
and buckling stability check are also
necessary.

Fig. 6. Calculated and measured
load-settlement curves.
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ABSTRACT: The influence of four independent variables of Y-shaped cross section
configuration on flexural behavior was analyzed by flexural factor of section and area
ratio according to actual load on Y-shaped vibro-pile under three conditions, i.e.,
sharp-angled location of cross section, concave arc position and typical tension point.
Flexural behavior under above three conditions is quite different and it changes with
variation law of four independent variables of the cross section. The same template
radian exists while the other three independent variables are defined, so that flexural
behavior under conditions of sharp-angled position and typical tension point reaches
the minimum value. Solution of corresponding template radian of the minimum value
of flexural behavior has been introduced by utilizing the mathematical analysis
software, Mathematica.

INTRODUCTION

The cast-in-place concrete Y-shaped Vibro-pile (referred to as the Y-pile) is a new
type of displacement pile with a special Y-shaped perimeter. It is considered as an
improvement of the traditional circular bored pile based on special-shaped perimeter
enlargement principle of the same cross section area. The configuration of Y-shaped
cross section is a curved line triangle consisting of three concave arc lines and three
sharp angles as shown in Figure 1 and 2. Shaft friction and lateral bearing performance
are increased with the increase of shaft surface area of non-circular pile with the same
cross section. Y-pile has larger moment of inertia than circular and square piles with
the same section area.

The maximum bending moment of pile is proportional to flexural factor of section,
W, therefore cross section with larger W is more reasonable with the same cross

152
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section area. The rationality of the sections with different configuration is studied in
terms of the value W/S.

At present, there are no published studies on flexural behavior of Y-shaped cross
section. As are shown in Figure 2, the cross section of Y-pile is dominated by four
independent variables, i.e., radius of envelope circle (R ), gap between open arcs (),
radian of steel casing (6), and internal angle (¢ ). Expressions of section area,
moment of inertia and inscribed circle’s radius were educed on basis of symbols.
Influence of four independent variables on W,/S, W,/S and W,/S of Y-shaped

cross section have been analyzed under conditions of point A at sharp angle (with
flexural factor, W), point B at concave arc (with flexural factor, W,) and typical

tension point C (with flexural factor, W, ). A certain radian exist such that
6. . =6_ =0

) min = Ormin = Gy » aDA W, /Sand W, /S of Y-shaped cross section are the minimum
when radius of envelope circle (R ), gap between open arc (s) and internal angle (¢ )
are defined. Solution of 6, . 1is introduced by utilizing mathematical analysis
software, Mathematica. Some conclusions were achieved as guiding for cross section
design and parameters of Y-shaped cross section in different purposes and

configurations.

FIG. 1. Cross section of Y-pile. FIG. 2. Coordinate system of Y-pile.

CROSS SECTION AREA, PERFORMANCE OF MOMENT OF INERTIA,
AND CALCULATION METHOD OF Y-PILE

The coordinate system and notations are shown in Figure 2. Arbitrary centroid axis
of Y-shaped cross section is the principle of centroid axis by axis offset and coordinate
transformation. Moment of inertia to any principle centroid axis is the same.
Expression of moment of inertia to principle centroid axis of Y-shaped cross section is
achieved by integration and moment of inertia of Y-shaped cross section to other axes
can be solved by formulas for axis offset.

If

. 2n 6 . 0
A= J(R=2cotdy +Ep, p=arctan(— S, A=-12 sin(==- >+ ﬂ)/sm(?),
2 2 2 2R—scoté
2



154 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

B=(1 sin(%—ﬁ)/sin(%))z, a:ﬂcos(%+ﬂ), b:ﬂcos(%—ﬂ),

H=2 sin(z—”— Z+ B)/(2 sin(z)) ,G:ﬁzsin(%”—g+ﬁ)/(2sin(g)),

_—y) sm( +B)- 7) (A cos(z +8) —Q)

M= 2R(£sm( + ,B)—fcos(lg +,3))/(/1cos( + ﬂ)—Q) ,

\/—R

0=-(sinE- f)- ) AcosE - -8 |
® \/— ) /ue(? sin(f— i) —lcos(f -B)
paretan e G FT \/—R '

Zcos(——ﬂ)——

The length of line DC is L = Asi n( % B).
The calculation formula for cross section area of Y-pile is as follows,

o 6 . T S cotd
sm(T**‘Fﬂ) 1 7sm(§7ﬂ)2 (R—Ecotz)s_'_icmé) M

§ =3(Asin(%— ) 2 " Lop )+
3 sin(g) 2 sin(g) 2

Radius of inscribed circle of section area of Y-pile is as follows,
4 2 0 V4
= Acse(=)(sin(——=+ f)—sin(=— 2
r csc(z)(sm( 373 B)—sin( 3 2) ?2)

The moment of inertia to principle centroid axis of Y-shaped cross section can be
derived from the following equation 3.

4 4
I= %ea(s/ﬁ +24AB+124°N a7 + B +5BN-a® + B —2a>(4A+~-a’ + B))—w

+w—33(4A2+B)arctan( )+ 1 ((2b—5)S8HBB+H*)(2G —s5)—2H(2G —s)’
0 @ +B -5 3)
2
+%(ZG—S)(—IOB+4GZ —24H? —4Gs+ 5 AB—(2G +5)’ +2(-8(b—G)' H +8(b—G)H(3B+H*) +
b-G

(b—G)N-b* + B+2bG —G* (2b*> —5B —4bG +2(G* —6H?)) - 3B(B+4H*) arctan(—————— )+
N-b*+B+2bG-G*

—2G+s

6B(B+4H? ) arclan(W))) +2(R*=(R —% cot(g))A ) tan(g))
(= 5)?

ANALYSIS ON FLEXURAL FACTOR OF CROSS SECTION AND AREA
RATIO, W/S OF Y-PILE

As shown in Figure 2, point A, the sharp angle of Y-shaped cross section has the
maximum distance to the neutral axis towards acting direction of all the loads. The
maximum distance from edge point A to neutral axis is equal to radius of envelope
circle of Y-shaped cross section (R ). Since plain concrete has excellent performance
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in compression but poor performance in tension, point A is the weak point for loading
and corresponding flexural factor is W, /S . While point B has the minimum distance
to the neutral axis, which is equal to radius of inscribed circle of Y-shaped cross
section () with corresponding flexural factor is W, /S. The load P, and P, are in the
typical stress direction of Y-pile. Point A has the maximum distance to the neutral axis
when load P, acts on tensioned cross section; point C has the maximum distance to the
neutral axis when load P, on tensioned cross section. The distance from point C to the
center is Asi n( z/3- ) and corresponding flexural factor isW, /S .

Flexural factor of section and area ratio of W,/S, W,/S and W,/S of Y- pile is

solved by moment of inertia and area of Y-shaped cross section:

Wl Wy I W1 @

S SR S Sr § SAsin(x/3-5)

The influences of four independent variables on W,/S, W,/S and W,/S are
analyzed as follows:

Influences of Dominant Variables of Y-pile to W,/S, W,/S and W,/S

(1) Variation law of W,/S, W,/S and W,/S with &

For the comparison analysis, &€ [50°90°], Ris equal to 0.25 m and 0.5 m, J is
90 and s is 0.12 m. The change of W/S, W,/S and W,/S with @ is
summarised in Table 1.

Table 1. Variation Law of W,/S, W,/S and W,/S with &

0 | Wi/S | WoS | W3/S 0 Wi/S | WS | Wi/S

50° | 0.036015 | 0.076867 | 0.066920 50°  |0.0649951| 0.167396 |0.0925721

R= 60° | 0.035984 | 0.081112 | 0.066863 | R= 60° 10.0647657| 0.182031 [0.0922454

0.25m 0.5m
70° | 0.036117 | 0.086372 | 0.067110 70° 10.0654463| 0.202902 0.0932147
80° | 0.036605 | 0.093389 | 0.068017 80° | 0.068491 | 0.237504 {0.0975512
90° | 0.037484 | 0.102718 | 0.069650 90° 0.0747254| 0.295237 | 0.106431

As shown in Table 1, W, /Sand W,/S decrease first, then increase with increase
of steel casing radian () whenR, s. 0 are fixed. W,/S increases with increase of
steel casing radian (6) whenR, s, J are fixed. The extreme point changes for
different R of envelope circle. Therefore, minimum of W,/Sand W,/S can be
derived from 6, and 6, . when R, s. J are fixed. Above minimum values must

Tmin 3min

be avoid for determining the configuration of Y-pile according to pile layout and load
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direction of Y-shaped cross section. The flexural behavior of Y cross section is
remarkably effected by 6.
(2) Variation law of W,/S, W,/S and W,/S with s
s€[0.08m,0.12m], R is 0.25 m or 0.5 m,J is 90° and @ is 60° for
comparative analysis. The changes of W /S, W,/S and W,/S with s are
summarised in Table 2.
Table 2. Variation Law of W /S, W,/S and W,/S With s

S (m) W4/S W,/S Wi/S S (m) Wi/S W,/S Wi/S

0.08 [0.0340441|0.0884086| 0.052581 0.08 | 0.0594866 | 0.182187 {0.0786086

R= 0.09 |0.0346558(0.0867006|0.0558838| R= | 0.09 | 0.0610665 | 0.182925 [0.0821798

0.25m 0.5m
0.10 |0.03516830.0848738(0.0593236 0.10 | 0.0624539 | 0.183066 | 0.085621
0.11 |0.0356052|0.0829957|0.0629623 0.11 | 0.0636789 | 0.182736 |0.0889664
0.12 ]0.0359844|0.0811115 |0.0668632 0.12 | 0.0647657 | 0.182031 |0.0922454

As shown in Table 2, W;/S and W,/S increase with the increase of gap
between open arcs (s) when R, 6. J are fixed. Variation law of W, /S is related

to radius. It decreases when R is 0.25 m while it increases then decreases when R
is 0.5 m.

(3) Variation law of W,/S, W,/S and W,/S toward &

0€[50°90°], R is 025 m and 0.5 m, € is 60° and s is 0.12 m for the
analysis. The changed of W,/S, W,/S and W,/S with § are summarised in
Table 3.

Table 3. Variation Law of W,/S, W,/S and W,/S With ¢

& Wi/S  [WyS  |Wi/S & Wi/S  [Wy/S  [Wsi/S

50° 10.0293969 |0.0794425 0.0978926 50° 10.057952210.181671 {0.0993759

R= 60° |0.0314077/0.0791994 0.0813618 | R= 60° 10.060222 |0.181251 (0.0961974

025m | 500 190331503 0.0796676 0.0738002 | O-3™ | 70° |0.0620285 [0.181355 [0.0943245
80° [0.0346603 0.0803604 0.0695537 80° |0.0635121 [0.181655 [0.0931024
90° 0.0359844 [0.0811115 [0.0668632 90° 0.0647657 [0.182031 [0.0922454

It can be seen from Table 3 that W, /S increases with increase of internal angle (&)
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when R. 6. s are fixed. W,/S decreases then increases and extreme point has
different positions due to different R of external circle. W,/S decreases with
increase of internal angle (0) when R, 6. s are fixed.

(4) Variation law of W,/S, W,/S and W,/S with R
d=90° , =60° ,5=0.12m. Re[0.2m,0.9m] for comparative analysis. The
results are summarised in Table 4. As shown in Table 4, W /S, W,/S and W,/S

increase and flexural behavior increase remarkably due to increasing of R of
external circle when . 6. s are fixed.
Table 4. Variation Law of /S, W,/S and W,/S With R

R Wi/S W,/S Wi/S R W,i/S W,/S Wi/S
0.2m 0.029517 | 0.060539 | 0.064699 0.6m 0.074945 0.219680 0.102745

0.3m 0.042202 | 0.101849 | 0.071188 0.7m 0.084581 0.255766 | 0.112934

0.4m 0.053906 | 0.142701 | 0.081538 0.8m 0.093781 | 0.290476 | 0.122819

0.5m 0.064766 | 0.182031 | 0.092245 0.9m 0.102628 | 0.324000 | 0.132430

Solution of the Minimum Point (8) for W, /S, W,/S and W,/S of Y-pile

It is apparent thatR, s, 8. @ have a certain influence on flexural behavior of
cross section of Y-pile from above comparison. In general, radius of envelope circle
(R) is determined first, then the other three variables. Due to many factors during
design process, the vibration of s, J are limited and they have been solved
according to ideas of extreme minimum point of & if necessary during the actual
design. € has larger influence to flexural behavior of cross section and it is the key

variable in the variation during Y-pile design and 6, and @, , mustbe avoided.

W, 1S)/(W,/S) =si n(%-ﬁ) /(R—%)2+(%cotg)z/R ©)

The value of equation (5) is irrelevantto 8 so 6, =6, and it is written as €

min 3min cmin *

The introduction to solution of & is as follows and the minimum point (8,

cmin (min)
of W,/S and W,/S of Y-pile can be solved by the first partial derivation of & by
I/(SR) and consider that d(//(SR))/9d6=0. Expression and solution of //S are

very complicated and very easy to make mistake. So it is solved by mathematical
analysis software of Mathematica in this study. There are some complicated functions
in the equation and they may not be solved by Mathematica. However, they can be
solved by FindRoot[] with initial conditions provided.

CONCLUSIONS

R. s. 6. 0 have a certain influence on flexural behavior of cross section. As a



158 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

special-shaped pile, flexural behavior to marginal points of Y-pile are different due to
different distance from the reference point at the cross section to neutral axis. The
variation of W,/S, W,/S and W,/S with R, s, 6. Jare apparent. A certain

i Gy €xist for the minimum values of W,/Sand W,/S while R, s. J are
fixed and 6, ;, =6,.... Optimized design should be carried out according to purpose

of Y-piles under actual loading conditions.

It is convenient and accurate to work out extreme value by mathematical analysis
software of Mathematica. However, there are some complicated functions in the
equation and they may not be solved by Mathematica. However, they can be solved by
FindRoot[] with initial conditions provided.

ACKNOWLEDGMENTS
The authors appreciate the support of T. Zhang in format, spelling and grammar.

REFERENCES

Chen Y.H., Wang, X.Q., and Liu H.L., et al. (2008). "Analysis and calculation of
additional stress due to skin friction of Y-shaped vibro-pile." Rock and Soil
Mechanics, Vol.29(11):2905-2911.

Chen Y.H., and Wang, X.Q. (2008). "Research on abnormity characteristic of
Y-shaped tube-sinking cast-in-situ pile in highway soft ground." China Journal of
Highway and Transport, Vol.21(5):19-25.

Fan, Q.S., Wang, B., and Yin Y.J. (2000). "Materials Mechanices." Beijing, Higher
Education Press.

Li, Q.Y. Wang, N.C,, and Yi, D.Y. (2001). "Numerical Analysis(Version 4)." Beijing,
Tsinghua University Pres.

Tongji University Department of Applied Mathematics. "Higher Mathematics
(Version5). "Beijing, Higher Education Press.

Wang, X.Q., Chen Y.H., and Liu H.L. (2008). "In-situ study on load transfer
mechanism of Y-shaped vibro-pile." Chinese Journal of Rock Mechanics and
Engineering, Vol.27(3):615-623.

Xu, L.X., Yang, S.H. , and Duan, B. (2007). "Field tests on Y-shaped vibro piles to
improve soft clay ground under the expressways." Chinese Journal of
Geotechnical Engineering, Vol. 29(1):120-124.

Xu, D.Y. Zhu, W. X., and Wang, X. D. (2006). "Materials Mechanices." Nanjing,
Hohai University Press.



Calculation of Soil Stresses under Various Pile Sectional Configurations

Y .H. Chen', X. Q. Wangz, and H. L. Liv®

'Key Laboratory of Ministry of Education for Geomechanics and Embankment Engineering, Hohai
University, Nanjing 210098, China Geotechnical Research Institute of Hohai University, Nanjing,
210098, China; fount352@sina.com

*Key Laboratory of Ministry of Education for Geomechanics and Embankment Engineering, Hohai
University, Nanjing 210098, China Geotechnical Research Institute of Hohai University, Nanjing,
210098, China; hlivhhu@163.com

*Key Laboratory of Ministry of Education for Geomechanics and Embankment Engineering, Hohai
University, Nanjing 210098, China Geotechnical Research Institute of Hohai University, Nanjing,
210098, China; yonghuich@]163.com

ABSTRACT: With development of piling technology, various pile sectional
configurations are adopted in the pile industry practice. The soil stresses induced by
the piles of various sectional configurations are significantly different. In this paper,
the solutions for the induced soil stresses were proposed for Y-shaped pile, closed- and
open-ended pipe piles, triangular-shaped pile, rectangular pile, and square pile. The
calculation of soil stresses is based on the Mindlin stress solution and Geddes
methodology for derivation of soil stresses. It is assumed that the pile end bearing and
shaft resistance are uniformly distributed across the pile tip area and shaft perimeter,
respectively. The numerical software Mathematica (Nintegrate) was used to provide
integrations to the derived theoretical solutions.

INTRODUCTION

In recent years, a number of new ground improvement methods have been
developed as results of the high demands for infrastructure construction upon very soft
ground. These methods proved to be both effective and economical. In pile
engineering, the pile sectional configuration has undergone a revolution against the
conventional circular and rectangular pile shape. Based on the principals of making
full use of the soil and pile bearing capacity, Y-shaped and X-shaped piles were
proposed and used successfully in practice.

For evaluation of foundation settlement, soil stresses are required based on
Boussinesq stress solution (Feirolin 1965). However, the Boussinesq stress solution
does not take into account the foundation embedment depth and Poisson’s ratio. The
calculated settlements are therefore largely different from the measured values. Since
the solution for soil stress under a point load proposed by Mindlin in 1936
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(Mindlin1936), a number of studies have been carried out to obtain solutions under
vertical line load, strip load rectangular uniformly distributed load and circular
uniformly distributed load, etc. Mindlin solution also has been utilized widely for
calculating settlement (Zhang 1999, Ding 2002, Lii 2003, Yan 2007). Base on
Mindlin’s solution and simplification of pile tip and shaft resistance to point load,
Geddes deduced three solutions to soil stress for pile tip load, rectangular and
triangular distributed shaft friction (Geddes 1966). Geddes solution is widely used for
assessment of pile settlement. However, Geddes solution is not a function of pile
diameter since the pile tip resistance is simplified to a point load. Therefore, the soil
stresses are not related to the pile sectional configurations.

In this paper, based on the Mindlin solution and Geddes methodology, the solutions
for the induced soil stress were proposed for Y-shaped pile, closed- and open-ended
pipe piles, triangular-shaped pile, rectangular pile, square pile, H-shaped pile, T-shaped
pile, and X-shaped pile. The pile end bearing and shaft resistance are uniformly
distributed across the pile tip area and shaft perimeter respectively. The new solution
allows more accurate evaluation of single and group pile settlement.

SOIL STRESS DISTRIBUTION UNDER VERTICAL POINT LOAD

Based on Mindlin’s solution, as shown on Figure 1, the vertical stress coefficient
under point load P acting at point (0, 0, /) in the elastic semi-infinite ground, can be
expressed as:

(-2)(z=h) (=2p)z=h) 3=’ 30hz(z+h)’
J = 1 Rl3 Rz3 R15 Rz7
*8m(1- 1) | 33— 4u)z(z + h)’ = 3h(z+h) (52— h)
R

(M

where,

R =X’ +y’+(z-h);
R, =X+’ +(z+h)

r is the horizontal distance from the loading point to the calculation point.
h is depth of the loading point.
M 1s Poisson’s ratio of soil.
In the rectangular coordination system, the distance from arbitrary stress point
(x;,y;) toanypoint (x;,y,) atthe calculation cross section is calculated as follows,

l,-:\/(x,-—xi)z"‘(y,-_y,-)z (2)

I can be derived when rin formula (1) is substituted by /..

ki

In polar coordinate system, the distance from arbitrary stress point (r;,¢;) to any
point (r,&) can be calculated as,
L =Jr* +17 =277, cos(@— ) 3)

I, canbe derived when 7 in formula (1) is substituted by Z,.

z
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Figure 1. Layout of point load P in Figure 2. Coordinate system of
semi-infinite ground. Y-shaped cross section.

SOIL STRESS DISTRIBUTION UNDER PILED FOUNDATION
Soil Stress under Y-Shaped Pile Foundation

As shown on Figure 2, the cross sectional configuration of the Y-pile is dominated
by four independent variables: radius of envelope circle (R ), gap between open arcs
(s), radian of steel casing (6), and internal angle (¢ ). For comparison with the stress
coefficient by Geddes solution, the integration expression is multiplied by L” .

For uniform distributed load over Y-shaped pile acting at depth of % in
homogenous and isotropic elastic semi-infinite space, the soil stresses can be
calculated using formula (1) by integration over the entire Y-shaped cross section at
eight integral areas of Ay, Az, A3z, A4, As, Ag, A7 and Ag. The integration was performed
using NIntegrate, numerical integration function in mathematical software of
Mathematica. The integration sequence is y followed byx. The solution of vertical

stress coefficient at arbitrary point can be expressed as,

I, = sz i (J.J. I:jdxdy) 4

y =l g

where, L is pile length; P, is pile tip resistance; A4, is cross sectional area of
Y-shaped pile.

The shaft resistance is assumed to be uniformly distributed along the pile length.
For uniform distributed shaft friction acting at depth of # in homogenous and
isotropic elastic semi-infinite ground, the soil stresses at arbitrary point can be
calculated using formula (1) by linear integration along the perimeter of Y-shaped pile
and then along the pile length. There are 9 integral intervals around the perimeter of

Y-pile cross section following the sequence of E, §5, CD, D—E, E’, FG,
G—ﬁ, HI and 174
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The stress coefficient for shaft resistance uniformly distributed along pile perimeter
and rectangular distributed along pile length can be expressed as,

Iy = Z(J jl dsdh) = — ij L6y +(ar) dodh) ®)

The stress coefﬁc1ent for shaft friction uniformly distributed along pile perimeter and
triangular distributed along pile length can be expressed as,

I, = Z(l j 2hl. jdsdi) =— 2(] “*'2h1 I )+( )dadh) (©6)

The analytlc solutlons for formulae (4), (5) and (6) are complicated. The integration
can be solved by Nlintegrate numerical integration function in mathematical analysis
software of Mathematica.

Soil Stress under Closed- and Open-Ended Pipe Pile

“p

Pile radius is designated by , shaft resistance by “P/2zr”, pile end bearing
resistance “ P/ zr*”. For comparison with the stress coefficient by Geddes solution,
the integration expression is multiplied by L* .

The vertical stress coefficient at arbitrary point caused by uniform load under

circular cross section can be expressed,
I, 7ﬂ1 dxdy (7
4, A

For a special case, the vertical stress coefficient at central point of circular cross
section can be expressed as,

1 (2(1 W+ D=2 =J(h+2))  (h=2)2h=2)*(- l+,u)+R( 1+2p)

I, =

A=) \/(h z) )\/(h+z) ) (R*+(h—-z)* )2 g
%(—6}12(}”2)3+(h—z)(R2+(h+z)2)z(—l+2ﬂ) ®)
(R*+(h+2)*)?

—(h+2)(R* + (h+2)*)(H* + 2 B —du) — 2hz(1+ 24))))
Stress coefficient of shaft friction uniformly distributed along pile perimeter and
rectangular distributed along pile length is as follows,

ot 1 . _LLer,
1,]_Lj()glﬁﬁlzj.dsdh_§rjo 1 dodn ©)

While stress coefficient of shaft friction uniformly distributed along pile perimeter
and triangular distributed along pile length is as follows,

sz cﬁzmﬁ 1 dsdh= j j hl, dosth (10)

Same as formulae (4), (5) and (6), the analytic solutions for formulae (8), (9) and
(10) are complicated. The integration can be solved by Nlntegrate numerical
integration function in mathematical analysis software of Mathematica.

For annular cross section, the solution can be obtained by superposing the solutions
of two circular areas with different radius.
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Soil Stress under Regular-Shaped Pile

As shown on Figure 3, the analytic solution for regular triangle is similar to
Y-shaped cross section. The integration sequence is also y followed byx. “L” is

side length of regular triangle and integral interval is as follows,

a a \/ga x/ga

xe[E=—2 =+ 2] ye [,

ﬁz’ﬁ3y 6 3

The vertical induced stress coefficient at any
arbitrary point caused by uniform distributed
load on regular triangle cross section is as
follows,

2r
=—— ||/ dxd 11
uP \/gaz [_[ Laxay (11)

Polar formula of line CA is

x/ga T T

=7 ae[-—.7] Figure 3. Coordinate system of
(singr+ V3 cos ) 62 regular triangle pile.

Polar formula of line AB is

=LY ae[n 7“]
3(sinar—~/3 cos @) 2 6

Va Tn 1l=n

— ae[— —]
6sinor 6 6

Stress coefficient of shaft friction uniformly distributed along pile perimeter and
rectangular distributed along pile length is as follows,

L<s i, L <5 gt e o,
La=3.2(, j 1ydsany =223 ], Iz,./(r,>2+<£> dadh)  (12)

While stress coefficient of shaft friction uniformly distributed along pile perimeter
and triangular distributed along pile length is as follows,

1 3 L ' 1 3 L poyy '
Azzgg(jojzhlzjdsdh):zg(jo 2, ()2 +( )dadh) (13)

Same as formulae (4) to (10), formulae (11), (12) and (13) are complicated. The
integration can be solved by NlIntegrate numerical integration function in mathematical
analysis software of Mathematica.

Polar formula of line BC is r=—

CONCLUSIONS

(1) The soil stresses induced by the piles of various sectional configurations are
significantly different. Using NIntegrate numerical integration function of
mathematical software of Mathematica, based on Mindlin stress solution and Geddes
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derivation, the vertical induced stress coefficient at arbitrary point in the ground are
derived for Y-shaped pile, circular pile, pipe pile and regular triangular pile. The pile
tip resistance and shaft friction are assumed to be uniformly distributed along cross
section and pile body respectively,

(2) Explicit solution can be deduced for the central point of cross sections under
uniformly distributed load for circular piles and pipe piles from the formula of vertical
induced stress coefficient. The simplified formula can be conveniently used in
engineering practice. However, vertical induced stress coefficients at other points need
to be calculated by Nlntegrate numerical integration function of Mathematica.

(3) The methods described in this paper for induced stress coefficient of pile tip
resistance and shaft friction at arbitrary point in the ground are based on the
assumption of pile tip resistance is uniformly distributed along cross section of pile
and shaft friction is uniformly distributed along pile perimeter. Only special cases of
shaft friction rectangular and triangular distributed along pile length are analyzed,
which may be different from actual load distribution performance of shaft friction and
pile tip resistance. For engineering practice, the settlement of pile foundations can be
calculated using the methods presented in this paper combined with real stress
distribution of shaft friction and pile tip resistance.
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ABSTRACT: Based on field tests on the new developed grouted gravel pile, the
bearing performance, working mechanism and improvement effect on the adjacent
ground were studied. The variation of pore water pressure, pile-soil stress ratio,
ground surface settlement, layered settlement, and lateral displacement of improved
zone adjacent to grouted gravel pile were monitored and presented in this paper. It
indicates that the properties of adjacent soil surrounding both pile body and pile toe
were improved due to the infiltration and cementation of cement grout, therefore
both shaft friction and end bearing resistance were remarkably increased and
apparently the ultimate bearing capacity was increased.

INTRODUCTION

Grouted gravel pile is a new method of soft ground improvement by using gravel
pile (LIU and CHEN 2006) combined with grouting technology. The typical
diameter of grouted gravel pile is between 300 mm and 700 mm. Developed from
the post grouting technology of conventional pouring pile, grouted gravel pile have
many advantages such as convenient construction equipment, fast construction speed,
flexible site conditions, less environmental influence, simple operation and high
bearing capacity and so on. It is suitable for sandy gravel, clay, silt, silty sand and
mud layers, thus it has potentially for wide engineering application. The main
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construction processes is as follows: boring, borehole washing, gravel filling, and
grouting. Grouted gravel pile after excavation has perfect quality as shown in Figure
1.

REINFORCEMENT MECHANISMS

Grouted gravel pile is a small diameter bored
pile consisting of crushed stone/ gravel cemented
by grout. Similar to other pile types,
composite foundation of grouted gravel pile
can be formed by adding artificial
reinforcement material in the natural soil to
bear upper load together. The modulus and
strength of pile body are much larger than those of
soil between piles and stress on the top of pile head is higher than that of soil between
piles and load can be transferred to deeper soil by pile body to reduce load of soil
between piles and greatly increase bearing capacity of natural ground and reduce
ground settlement effectively. However, grouted gravel pile is remarkably different
from conventional pouring pile due to application of post grouting technology; some
detailed research on post grouting technology is given in references (ZHANG and
RUAN 2002, FU and WANG 1997) and bearing capacity and settlement effected by
lateral and bottom grouting are analyzed. Firstly, grouting can guarantee the gravels
cemented with grout in the borehole form a solid pile body with high strength similar
to concrete pile. Secondly, the grout further infiltrates into adjacent soil around the
hole under high grouting pressure, react with natural soil and change soil properties
around the pile with compression, consolidation, filling and replacement, etc., and
replaced air and water in the ground by cement hydrate and finally form a grout
transitional infiltrated zone at the pile-soil interface. Void ratio and compression

FIG. 1. Grouted gravel pile
head after excavation.

modulus of soil in transitional zone
are less than those of original soil
and bulk density is high than that of
original soil. Infiltration and
cementation of grout can enhance
overall density and effective stress
of soil between piles and avoid
defeat of mud skin on pile body and
increase cementation ability of pile  piG. 2. Schematic diagram of grouted

body and soil. Pile diameter and gravel pile composite ground.
surface area are enlarged and shaft friction is increased apparently. Infiltration and
cementation can also improve gravel sedimentations at pile toe and grouting pressure

Grout infiltration zone

Pile body

can form root type enlarged zone at pile toe to increase the end-bearing resistance of
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the pile (FU and WANG 1997). Figure 2 is schematic diagram of composite
foundation of grouted gravel pile; in the Fig. “Rp” is radius of pile body and “Rj” is
radius of grout infiltrated zone, and “Rs” is radius of reinforcement zone.

THE EXPERIMENTAL STUDY OF SOFT GROUND IMPROVEMENT BY
GROUTED GRAVEL PILE

Settlement in the Reinforcement Zone

Settlement observation of the project at City Ring Expressway in Ningbo includes
settlement observation of pile head and ground surface of the soil between piles.
Settlement of pile head and soil between piles in deep layer and layered soil between
piles for dynamic control of construction speed of expressway embankment are
monitored to study settlement of grouted gravel pile and soil between piles under
embankment load. One typical monitoring cross section (K25+635) was selected and
the settlement curves against time and embankment load are shown in Figure 3.
(Note: Ta and Td refer to left and right settlement plates on the soil between piles of
the first row of piles on the inner side of shoulder and Tb refers to settlement plate
on the soil between piles adjacent to pile tip of central line of embankment. “Tc”
refers to settlement plate on the top of pile head at central line of embankment and A
refers to settlement plate in deep layer at pile toe at central line of embankment and
B refers to settlement plate in deep layer in soil between piles adjacent to pile tip at
embankment central line).
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FIG. 3. Settlement curves at cross section of K25+635.

Following variation rules can be observed from Figure 3. Settlement increases with
fill height of the embankment and there are several apparent inflection points in the
settlement curve. Settlement of pile head and soil between piles are smaller during
initial embankment filling period with a slower settlement rate and there is almost no
settlement of pile head and the load is mainly taken by soil between the piles.
Settlement rates of pile head and soil between piles have the increasing trend when
embankment filling height reaches 2.5 m. The settlement rate of soil between piles is
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much more than that of pile head and embankment load is adjusted on the top of pile
and soil between piles. The grouted gravel piles in the selected cross section are
between 28 m and 30 m and they are embedded 0.5 m into the sand gravel layer. Due
to infiltration and cementation effect at pile toe, an excellent bearing layer is formed.
The soil is effectively reinforced and the settlement is reduced.

Within 6 months after the road pavement is constructed, the monitored settlement
is compared with other different ground improvement methods such as vacuum
preloading and plain concrete pile listed in Table 1. Settlement observation data of
all the sections with different treatment method are shown in Figure 4; the figure
show that grouted gravel pile has the best improvement effect. The design settlement
of post construction is 7.8 cm however calculated settlement of post construction is
between 8 cm and 15 cm according to measured settlement data which is more than
design settlement. There are mainly three reasons for that: First, the treatment depth
of City Ring Expressway in Ningbo is about 24 m with many construction
difficulties and the construction technology need to be improved. Second,
insufficient knowledge to live load for design especially for influence on bridge head.
Third, insufficient compaction of the fills at the bridge abutment. From settlement
observations after construction we can see that pile diameter of 50 cm and gap of 2.7
m and strength of C15 can meet the design requirements completely to define a basic
parameter scope for design in the future.
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FIG. 4. Settlement observed for all sections with different improvement method.

Table 1. Ground Improvement Methods on Selected Cross Section

Pile No. | K25+625 K26+255 K26+210 K25+776 | K26+460
Grouted gravel pile
Improv- | Diameter: 40 | Diameter: 50 Diameter: 60 Vacuum Plain
ement cm cm cm loadin cqncrete
method | Strength: C10 | Strength: C20 Strength: C15 Prefoading | pile
Spacing: 3 m | Spacing: 24 m | Spacing: 2.7 m

Static Load Test of Pile Foundation

To study the bearing performance, working mechanism and improvement effect on
the ground adjacent to composite foundation of grouted gravel pile, some of static
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load tests were carried out on grouted gravel piles in western section of City Ring
Expressway in Ningbo.

In this paper, the ultimate capacity of the grouted gravel pile is assessed based on
the following methods: (1) select the load at which there is a sudden change in Q-s
curve, and (2) select the load at 60 mm pile head settlement.

Figure 5 shows the load settlement curve Q-s measured during field testing.
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FIG. 5. Typical Q-S curve of single grouted gravel pile (a) smooth variation type, pile
11-12#, and (b) sudden variation type, pile 14-12#.

Table 2. Summary of Ultimate Capacity of Single Pile from Every X-Section

Serial | Position | PileNo. Q-S Curve Type sty &
1 K25+667 7-6 Smooth variation type 500
2 K26+045 10-12 | Smooth variation type 800
3 K26+110 11-12 Smooth variation type 800
4 K26+255 14-12 Sudden variation type 720
5 K26+316 6-5 Sudden variation type 500

The capacity of the composite piled foundation is defined as: (1) half of the
extreme load if available, and (2) select the load at certain displacement ratio, i.e.,
s/b (s is settlement, and b is the width or diameter of the bearing plate) between
0.004 and 0.010 based on the settlement design requirement. If the actual load is less
than 1.5 times of selected load, the capacity of the composite piled foundation is then
half of the selected loads. Table 3 summarizes the results for the composite piled
foundation from every cross section.

Based on the field test results, the grouted gravel pile has a relatively high
bearing capacity due to the fact that the shaft friction of the pile is significantly
improved compared to other types of pile. The grouted gravel piles can be used as

composite piled foundation to reduce settlement and improve the ground condition.
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Table 3. Results of Bearing Capacity of Composite Piled Foundation

The Extreme

. . Bearing
. Maximum | Accumulated Residual h

Position Pﬂf#l)\l 0. Loading Settlement Settlement %%‘:Iz:;lotzi&f
C?EN)MW (mm) (mm) Groundwork
(kPa)
K24+600 2-3 1000 320.16 308.38 225
K25+635 | Testing pile-9 600 178.54 163.47 240
Testing pile-1

K25+670 |Xestingpile-2 1554, 448.78 434.63 200

Testing pile-3
Testing pile-4

Testing pile-5
K25+670 | Testingpile-6 | 51 458.19 447.92 210
Testing pile-7
Testing pile-8

K26+110 10-7 1500 281.93 276.69 216

K26+166 6-11 1610 410.42 398.69 199

K26+255 12-16 1350 94.88 78.08 208
CONCLUSIONS

(1) This paper discussed the reinforcement mechanism of the grouted gravel pile.
Post grouting technology is applied to inject the grout into the void of gravels for
stronger cementation and avoid lateral mud and fragments at pile toe. This simplified
technology results in the same effect of reinforcement compared to the lateral and
end-bearing post grouting technology.

(2) Field static load tests were performed on single grouted gravel piles and
composited piled foundations. The results indicate that the design loads are satisfied
using the grouted gravel piles with relatively small settlement.
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ABSTRACT: To reduce the noise in learning samples while using BP neural network
to predict the bearing capacity of pile foundation, a self-organizing map neural
network was adopted to classify the collected pile samples in the paper. Firstly, to
maintain the SOM network at a stable situation, pile samples were discriminated into
symbol codes and character codes, and a new coding model of pile character was
established, by which a SOM neural network’s weight formula of reduction was
derived. Then, clustering of pile samples were shown by calibrating the maximum
response cell of the self-organizing map neural network. Finally, case studies using the
clustered samples as input vector to a BP network were presented, and the results
showed that it was a good alternative approach for estimating the bearing capacity of
pile foundation by using the improved solution with the characters of simplicity.

INTRODUCTION

Neural network technique, for its multivariate analysis decision-making ability and
fuzzy judgment ability, is ideally suited for geotechnical problems such as pile
capacity prediction. Among all kinds of neural networks, Back-Propagation (BP)
neural network, because of its simple structure, fast convergence and easy operation,
has proved to be a good method for pile capacity prediction. However, difference of
engineering environments, measurement error, device precision, subjective factors of
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the engineers and technicians, etc, will make more noise in the sample data. So that,
BP network will be harder to converge and lead to the presence of local minima.
Furthermore, a large number of training iterations may force a neural network to over
train. These are the main problems difficult to be solved when using the BP network in
pile capacity engineering calculation.

In fact, larger numbers of the learning samples can not guarantee a better BP
network performance. Instead, choosing suitable learning samples would make the BP
network more effective and pertinent for the project. In view of this fact, this study
uses self-organizing map (SOM) neural network to cluster analyze the pile samples,
and obtains better mapping relation between input and output by the way of finding
the data which have the same or similar network response in SOM, so as to make the
learning samples less interference.

PILE DATA CLASSIFICATION USING SOM NETWORK

Details of SOM Network

Initial value of learning-rate function #(n) is set as 70=0.1, and then decrease
gradually, but 70>0.01; time constant 7,=1000. The neighborhood function #;(n)
should initially include almost all neurons in the network centered on the winning
neuron i, and then shrink slowly with time. And it is realized by setting the time
constant as 7;=1000/logcy. When #<0.01, network get stuck in a metastable state,
which belongs to a configuration of the feature map with a topological defect. So,
keeping #>0.01 guarantees against the possibility of metastable states. The
Neighborhood function /4;,(n) should contain only the nearest neighbors of a winning
neuron, which may eventually reduce

to 1 or 0 neighboring neurons. Table 1. Summary of Range of Values

Property Unit Range of

Data Collation Values

This phase involved gathering the Pile length m 10.4~61
data for use in cluster analysis by | Pile diameter mm 300~500
SOM network. These data are drawn | Embedded depth M 8.4~60.05
from actual case records compiled by | gjde friction
Feng (1999) for piles in Shanghai area. weighted mean kPa/cm 13~73
This consist of results of 40 load tests Bearing capacity
on precast concrete piles driven into | ¢ pite end soil kPa 800~7800
sandy soils. Details of the range of Pile load capacity KN 369-8250

values for the records are summarized
in Table 1. These data will also be used in training and testing the BP network.
Because the output neuron of BP network is the pile load capacity, the data for use in
cluster analysis by SOM network include pile length, pile diameter, embedded depth,
side friction weighted mean and bearing capacity of pile tip soil.
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Data Normalization

Before presenting the patterns to the SOM network, preprocessing of the data to
values between 0-1 was carried out to improve training. The following normalization
procedure (Masters 1993) was used. For a variable with maximum and minimum
values of V. and Vi, respectively, each value, V, is scaled to its normalized value, A4,
using

A:( V- Vmin)/( Vmux' Vmin) (1)

Results

Through SOM network cluster analysis, 40 data are classified into 30 models by
the network response values. The data in the same model mean that they have the
same network response, and the data in the neighboring models mean that they have
the similar network response. The result of data cluster analysis, as shown in Figure 1,
shows that some of the spots distributed around model 5 and model 21. The data near
model 5 are dispersedly distributed; it shows that these parts of data have the similar
network response. The data near model 21 are concentrated in model 20, shows that
these parts of data have the same network response.

‘ W Training Data Subset of Testing Data No.5 A Training Data subset of Testing data No.35 ‘

35
S PO >0y
g 25 e > ---
20 ANEEN. .. ... m..N
z Qe .. 2 J
S A R S LI
[3 S AL
0 A‘A + +
20
SOM Output

FIG. 1. SOM network cluster analysis output of piles data.

Training Data Classification

Use the cluster analysis output of SOM network to build training data of BP
network. In this study, choose 2 data, No. 5 and No. 35 data, in the model 21~22 and
model 1~10 to be the test data. As shown in Table 2, 7 data between model 21~22 are
used to be the BP network’s training data of No. 5, most of them have the same model
type; 14 data between model 1~10 are used to be the BP network’s training data of
No. 35, and most of these data have similar network response.

PILE CAPACITY PREDICTION USING BP NETWORK

Details of BP Network
In this study, different training data set are used to train 3 BP networks. Initially,
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all pile records are used as the training data of the network to calculate the output of
No. 5 and No. 35; this network model is denoted as BP1. The second network model
uses No. 5 training data set to calculate the output of No. 5 test data; this network
model is denoted as BP2. In the third model, No. 35 training data set are used to
calculate the output of No. 35 test data. No.5 and No. 35 training data set as in Table 2.

In addition, all these th
1 addition, afl these tree Table 2 Different Training Data of 2 Test Data

models have the same

initial settings. The input TestSData I’I‘;‘all(l)n;lg Il)9at22:‘
data to the BP network 2= 2 oo
35 11,12,15,16,18,21,25,26,27,5,37,38,39,40

consist of the pile length,

pile diameter, embedded depth, side friction weighted mean and bearing capacity of
pile tip soil. It requires an input layer of 5 neurons. For the problem described herein, a
single hidden layer consisting of 12 neurons has been adopted. The output information
is pile capacity only, so the out layer consisting of 1 neuron is required.

BP1-Prediction Using All Training Data

Network model BP1 using 38 training data to calculate outputs of No. 5 and No.
35 test data. The neural network output and the load test results are compared in Fig. 2.
For training data, most of the predicted values are lying within +20% error from the
line of perfect agreement with BP1; for test data, output error of No. 5 is about 35%
and that No. 35 is 61%.

BP2-Prediction Using No. 5 Training Data Set

Network model BP2 is used to calculate the output of No. 5 test data; 7 training
data sets corresponding to No. 5 test data as in Table 2 are used in BP2. The neural
network output and the load test results are compared in Fig. 3. It suggests that most of
the predicted values are lying within £10% error from the line of perfect agreement
with BP2. Fig 3 also show a computed result and error distribution comparison
between BP1land BP2. It is evident that BP2 have better performance than BP1 in the
computed output of No. 5 test data and 7 training data sets.

BP3-Prediction Using No. 35 Training Data Set

Network model BP3 is used to compute the output of No. 35 test data. 14 training
data sets corresponding to No. 35 test data as in Table 2 are used in BP3. The neural
network outputs and the load test results are compared in Fig. 4; it suggests that most
of the predicted values are lying within £10% error from the line of perfect
agreement with BP3. Fig. 4 also show computed result and error distribution
comparison between BPland BP3. It is evident that BP3 have a better performance
than BP1 in computed the output of No. 35 test data and 14 training data sets.
Interestingly, although training data sets used in BP2 and BP3 are all selected from
results of cluster analysis of SOM network, BP2 have less error distribution than BP3.
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FIG. 2. Comparison of computed (BP1) and load test results.
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FIG. 4. Comparison of computed (BP3 & BP1) and load test results.

CONCLUSION

This paper investigated the potential of using SOM network to select training data
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used in BP network. Building the training data through cluster analysis of SOM
network can reduce noise from overabundances training data. The results of 3 BP
networks show that compared with using all data from pile load test records, a better
performance of network is obtained by using the training data which have the same or
similar network responses. A major conclusion from this study is that a better BP
network output of pile’s bearing capacity can be obtained by using the data processed
by SOM network.
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ABSTRACT: This paper presents geotechnical issues and our design approaches for
the Upper Oso Reservoir Bridge Widening located along State Route 241 in Mission
Viejo, California. The total bridge length is approximately 1540 feet (470 m). The
foundations of the existing bridge structures consist of 36-inch (0.91 m) diameter cast-
in-drilled-hole (CIDH) piles and driven steel H-piles. The subsurface materials at the
bridge site were investigated by a field exploration program. Key geotechnical design
involved development of new seismic design parameters and acceleration response
spectra for an Upper Level Earthquake (ULE) and a Lower Level Earthquake (LLE);
evaluation of new fill and liquefaction-induced settlements on the existing and new
foundations; pile foundation modeling and capacity assessment; abutment slope
seismic stability and deformation.

INTRODUCTION

The existing Upper Oso Reservoir Twin Bridges are to be widened. The bridges are
located along State Route 241 in Mission Viejo in Southern California. The site
coordinates are approximately N33.6575 degrees and W117.6316 degrees. The total
bridge length is approximately 1540 feet (470 m). Both of the existing left and right
bridges have six spans and were constructed with cast-in-place pre-stressed concrete
box girders. The widened portion of both the left and right bridges will have the same
width of 44.7 feet (13.6 m), leaving a gap of varying width between the two widened
bridges. The bridge elevation view is shown in Figure 1. The foundations of the
existing bridge structures consist of 36-inch (0.91 m) diameter CIDH piles and driven
steel H-piles (HP14x89 and HP14x102). The subsurface materials at the bridge site
were investigated by drilling borings and CPTs at each support location, and found to
be not uniform, but generally consisted of surficial deposits of artificial fill, alluvium,
colluvium, and bedrock of different formations. Groundwater was as shallow as 18
feet (5.5 m) below ground surface near Bents 4 and 5. Key geotechnical design
involved development of new seismic design parameters and acceleration response
spectra for an ULE and a LLE adopted for seismic design of the project; evaluation of
new fill and liquefaction-induced settlements on the existing and new foundations; pile
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FIG. 1. Elevation view of Upper Oso Reservoir Bridge

foundation modeling and capacity assessment; abutment slope seismic stability and
deformation.

SEISMIC DESIGN PARAMETERS AND RESPONSE SPECTRA

A seismic design criterion was established which requires to follow an ULE and a
LLE seismic event. The ULE is corresponding to a smoothed envelop of the 975-year
average return period probabilistic response spectra and the deterministic Maximum
Credible Earthquake (MCE) acceleration response spectra (ARS) using California
Department of Transportation (Caltrans) method. Structures are designed not to
collapse at this level. The LLE is corresponding to a 72-year average return period
probabilistic seismic hazard event. Structures remain elastic subject to this event.

For developing peak ground acceleration and response spectra subject to the ULE,
we performed both probabilistic and deterministic seismic hazard analyses. The
deterministic seismic hazard analysis followed Caltrans Seismic Design Criteria
(Caltrans, 2006). The controlling fault, distance and peak bedrock acceleration (PBA)
value are summarized as follows:

Controlling fault: San Joaquin Hills Blind Thrust Fault (STHF)
MCE moment magnitude: 7.0

Closest rupture distance: 7.8 km

Soil Profile Type: D

PBA value: 0.5g

The SJHF was not included in the current Caltrans Seismic Hazard Map. PBA value
was calculated using Sadigh et al. (1997) attenuation relationship based on a moment
magnitude of 7 and a closest rupture distance of 4.8 miles (7.8 km) from the SJHF to
the bridge site. The Caltrans standard ARS curve corresponding to the above seismic
parameters was selected and adjusted to account for the near-source rupture directivity
effect as follows: 20% increase in spectral values for periods equal to or greater than
1.0 second; no change for periods less than 0.5 seconds; and spectral ordinates for
periods between 0.5 and 1 second shall be determined by linear interpolation.

975-year and 72-year return period probabilistic seismic parameters and response
spectra were computed using site-specific probabilistic seismic hazard analysis
(PSHA) approach with the computer program EZ-Frisk (Risk Engineering, Inc.,
2007). The ULE and LLE design ARS curves are presented in Figure 2.
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FILL AND LIQUEFACTION INDUCED

SETTLEMENTS 4
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structures at the locations of Bents 4 and 5, §
respectively. The proposed new fill placement is % ooy
predicted to result in about 0.8 inch (2 cm) and gg: /\ I~
1.0 inch (2.5 cm) of settlement at the existing ' I
Bents 4L and 5L, respectively, which would o0 0 ) 2 3 4
cause downdrag on the existing piles. The Period (sec)
maximum fill-induced settlement is predicted to FIG.2. Design ARS Curves

be approximately 6% inches (16.5 cm) and 7%

inches (19.1 cm) at the supports for the widening

at Bents 4 and 5, respectively, which would require a long waiting period. We
recommended that the maximum fill be reduced at Bents 4 and 5 to limit the
settlement at the existing pile locations to not more than 0.4 inch (1 cm) to avoid
downdrag loads on the existing piles, yet to allow a maximum compatibility of new
and existing column heights. To do so, we performed consolidation settlement
analyses repeatedly with varying configuration and thickness of the fill placement
until the settlement on the existing piles not greater than 0.4 inch (1 cm), and
concluded that the optimal fill thickness is 10 feet (3 m) at Bent 4 and 12 feet (3.7 m)
at Bent 5. Our settlement analyses were based on the CPT data recently performed by
us for this project using the Schmertmann’s method (Schmertmann, 1978).

CPT data was also used to evaluate the liquefaction potential at the site. The
calculated liquefaction-induced settlement is approximately 0.6 inches (1.5 cm) at the
location of Bent 4 and 1.4 inches (3.6 cm) at the location of Bent 5, and insignificant
at other support locations. Downdrag due to liquefaction-induced settlement at Bents 4
and 5 was considered in our pile capacity calculations for the proposed bridge
widening.

PILE FOUNDATION MODELING AND CAPACITY ASSESSMENT
Existing Pile Foundation Stiffness Matrices

In general, structural behavior under seismic loading is a function of its dynamic
response characteristics which are influenced by the relevant foundation properties.
For realistic evaluation of the bridge response, it is necessary to model the force-
deformation characteristics of the pile foundations and incorporate them in the
analytical model of the bridge structure. We developed equivalent stiffness matrices
for single piles and pile group at each bent location. Our analysis approach generally
followed FHWA-HRT-06-032 “Seismic Retrofitting Manual for Highway Structures:
Part 1 — Bridges” (FHWA, 2006). For a vertical pile group, the stiffness for the
translational displacement terms (the two horizontal and the vertical displacement
terms) and the cross-coupling terms can be obtained by merely multiplying the
corresponding stiffness components of an individual pile by the number of piles.
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However, the rotational stiffness terms (the two rocking and the torsional rotations)
require consideration of an additional stiffness component. In addition to individual
pile-head bending moments at each pile head, a unit rotation at the pile cap will
introduce translational displacements and corresponding forces at each pile head (e.g.
vertical forces for rocking rotation and lateral pile forces for torsional rotation). These
pile-head forces will work together among the piles and will result in an additional
moment reaction on the overall pile group. Pile cap passive resistance may be added to
the above pile group stiffness. Because of the possibility of soil settlement and the
uncertain interaction between the footing and the piles, contributions to soil stiffness
and capacity from the footing’s base and side shear are neglected; hence the primary
source of lateral resistance is the mobilization of passive pressure on the vertical face
of the pile cap. Due to space limitation, we only present the results for Bent 4L in
Table 1.

Table 1. Pile Foundation Stiffness Matrix

PILE GROUP STIFFNESS MATRIX Fixed-Head Condition Pin-Head Condition
Translational Stiffness, K5 (K11g, Long. Direction) 3.34E+06 LB/inch 1.81E+06 LB/inch
Translational Stiffness, K5 (K22g, Transv. Direction) 4.58E+06 LB/inch 2.52E+06 LB/inch
Axial Stiffness, K, (K33g, Vertical Axis) 6.17E+07 LB/inch 6.17E+07 LB/inch

Rotational Stiffness, Kg (K44g, about Long. Direction) 1.22E+12 Inch-LB/Rad [8.29E+09 Inch-LB/Rad
Rotational Stiffness, Kq (K55g, about Transv. Direction) | 7.28E+11 Inch-LB/Rad |4.98E+09 Inch-LB/Rad

Torsional Stiffness, Ko (K66g, about Vertical Axis) 1.25E+11 Inch-LB/Rad |4.75E+08 Inch-LB/Rad
Cross-Coupling Stiffness, Ko (K15g) 1.35E+08 LB 0.0 LB
Cross-Coupling Stiffness, Ko (K51g) 1.35E+08 LB 0.0 LB
Cross-Coupling Stiffness, Kz (K24g) 2.39E+08 LB 0.0 LB
Cross-Coupling Stiffness, Ko (K42g) 2.39E+08 LB 00 LB

Widening Foundation Type and Capacity

In order to maintain stiffness and deformation behavior of the new structures similar
to the existing structures, use of the same type and same size piles as the existing
structures, in particular at the bents, is highly desirable. The foundation types
evaluated for support of the proposed widening bridge structures consisted of driven
steel H-piles (HP14x89 and HP14x102) and 36-inch diameter CIDH piles.
Geotechnical axial capacity includes both skin friction and end bearing for driven steel
H-piles and only skin friction for CIDH piles. Skin friction was also ignored in the fill
materials. To calculate the tension capacity, a reduction factor of 0.7 was applied to
the axial capacity due to skin friction. Downdrag due to liquefaction-induced
settlement would occur at Bents 4 and 5 locations and therefore considered in the
design. A neutral plane at a depth corresponding to 0.4 inch (1 cm) liquefaction-
induced settlement was used to calculate the negative skin friction. Post-liquefaction
residual strength based on the mean value from the Seed and Harder (1990) chart was
assigned for liquefiable layers. The recommended pile capacity and required
penetrations are presented in Table 2. Due to space limitation, Table 2 only shows the
results for the left bridge widening.
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Table 2. Pile Data Table
Bottom of Design Nominal Resistance Design Specified
Location Pile Pile Cap Load!ng (kips) Tip Elev. Tlp.
Type Elev. (Service) . . (ft, MSL) " Elevation
(ft, MSL) (kips) Compression Tension 4 (ft, MSL)
36-inch 887.0 (1)
Abutment 1L CIDH 950.46 500 1000 600 $91.0 2) 887.0 (1)
36-inch 831.0(1)
Bent 2L CIDH 865.59 N/A 1000 600 $35.0 (2) 831.0(1)
HP 821.0(1)
Bent 3L 14x102 862.59 N/A 400 200 $13.0 2) 813.0(2)
HP 821.0(1)
Bent 4L 14x102 857.25 N/A 400 200 819.0(2) 766.0 (3)
766.0 (3)
Hp 798.0 (1)
Bent 5L 14x102 859.59 N/A 400 200 812.0(2) 767.0 (3)
767.0 (3)
HP 815.0(1)
Bent 6L 14x89 872.59 N/A 400 200 817.0 (2) 815.0(1)
HP 834.0 (1)
Abutment 7L 14x89 929.46 200 400 200 $35.5 (2) 834.0(1)
Notes:
! Design tip elevation is controlled by the following demands:
(1) Compression, (2) Tension, and (3) Downdrag.
The new piles shall be spaced a minimum of 2.5 pile diameters (center-to-center). With this spacing, axial group
action may be ignored.

Lateral pile capacity was evaluated using LPILE plus v5.0 (Ensoft, 2006) for pile
head deflections at 0.25-inch (0.6 cm) and l-inch (2.5 cm) which correspond to
service and seismic conditions, respectively. The calculated pin-head lateral
capacities for Bents 4 and 5 of the left bridge widening were approximately 15 kips
(67 kN) and 45 kips (200 kN), respectively. A p-multiplier of 0.6 was used which was
developed based on center-to-center spacing of 3 diameters (widths) of the pile.

ABUTMENT SLOPE STABILITY AND DEFORMATION

The embankment slope gradients were planned to match the existing 2H:1V
longitudinal slope gradients. Overall (global) slope stability of the slopes at Abutments
1 and 7 was analyzed using the Simplified Bishop’s Method for circular slip surfaces
and the Modified Janbu Method for slip surfaces of noncircular shape. The design
criteria utilized are as follows: permanent abutment slopes are required to have a
minimum FOS of 1.5 for the static condition and a minimum FOS of 1.1 for
pseudostatic condition using the Caltrans recommended horizontal earthquake loading
coefficient equal to 1/3 of the horizontal peak acceleration. A horizontal earthquake
loading coefficient of 0.17 g was used, which corresponds to the 0.5g peak horizontal
ground acceleration value predicted for the site. Results of the analyses indicated that
Abutment 1 slope had a pesudostatic FOS less than 1.1 which would require grading
or ground remediation to satisfy the minimum FOS requirement. Re-grading or soil
improvement was considered not economical, it was decided to evaluate seismic
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deformation and check structural tolerance against the predicted seismic deformation.
We performed a seismic deformation evaluation using simplified Bray and Rathje
(1998) method and verified with Makdisi and Seed (1978) method. Our evaluation
concluded that the abutment deformation subject to the ULE is on the order of 1 inch
(2.5 cm). The structural designer performed structural evaluation and concluded that
the slope deformation subject to the ULE is tolerable for the bridge structures.
Therefore, the owner and the reviewer were satisfied.

CONCLUDING REMARKS

Geotechnical design for a bridge widening project located in a highly active seismic
region of southern California was presented in this paper. Two levels of seismic
design were adopted which follow an Upper Level Earthquake (975-year probabilistic
or Caltrans MCE, whichever is higher) and a Lower Level Earthquake. Bridge
structures were designed not to collapse at the ULE level and to behave elastically
subject to the LLE event. Probabilistic and deterministic seismic hazard analyses were
performed to develop the peak ground acceleration, magnitude, distance to the
governing fault, and response spectra for seismic design of the project. New fill
placement thickness was optimized so as to avoid a downdrag load on the adjacent
existing piles, yet to allow a maximum compatibility on the widening and existing
column heights. The stiffness and capacity of the existing and new pile foundations
evaluated and provided to the structural designer resulted in a satisfactory evaluation
and design of both the existing and widening structures under the service loading and
seismic loading conditions.
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ABSTRACT: Stone column is an economical treatment method in embankment
engineering. Controlling potential bearing capacity failure is a challenging problem in
this design technique. A modified bearing capacity calculation method which takes the
influence of time into account is presented by utilizing two-dimension consolidation
theory. Also, a case study to validate the proposed method and to study the time effect
on the bearing capacity of stone column foundation system is also presented in this
paper. The analytical result shows that the bearing capacity of stone column composite
foundation increases with increase in time. It is therefore suggested that the time effect
on the bearing capacity of the composite foundation formed by stone columns should
be taken into account in embankment engineering for the economical and optimal
design.

INTRODUCTION

A composite foundation formed by stone columns (granular piles) is an effective
ground improvement technique for increasing bearing capacity, reducing ground
settlements, and accelerating consolidation of the soft ground; and it has been
extensively used over the last three decades in Europe, Asia, and the United States.
Bergado et al. (1990) found from field studies that the installation of granular piles
increased the bearing capacity by as much as four times. In recent years, many studies
have been carried out to understand the behavior of foundation reinforced by stone
columns (Ambily & Gandhi, 2007; J. Liu, 2006; D. Zhang, 1999). How to effectively
control potential bearing capacity failure is a challenging problem to the geotechnical
engineers. However, the analysis of such composite foundations is complex and
challenging (Malek, 2007; Su, 2004; Chen, 2003; Poorooshasb, 1997); despite wide
use of stone columns and developments in construction methods/ equipments, present
design methods are empirical and only limited information is available on the design
of stone columns in codes/ textbooks. Moreover, it should be said that the time effect
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on the bearing capacity of composite foundation has not been widely discussed in the
geotechnical literature as done by P. Zhao et al. (2002). The purpose of this paper is to
present a modified bearing capacity calculation method with consideration of pile
arrangement, bulging deformation of stone column and time effect on the bearing
capacity.

BEARING CAPACITY OF STONE COLUMN COMPOSITE FOUNDATION

Bearing Capacity Calculation Method
Among various theoretical methods, area ratio method is the most popular method
to determine the bearing capacity of composite foundation, and its expression is:

Jos = Kihmf, + K, 2, (1—m) £ M

where f,, f; are the bearing capacities of stone column and the surrounding soil

respectively; K, K, are the modified coefficients, usually K;>1, K»,>0; A is the ratio of
the real bearing capacity of stone column to its ultimate bearing capacity, usually 4<I;
Ais the ratio of the real bearing capacity of the soil to its ultimate bearing capacity,

usually 0.4<4<1; m is the replacement ratio of composite foundation.

A New Method to Determine f, and f;

(1) Basic assumptions. Normally, stone column composite foundations consist of
numbers of columns installed in a uniformly and equally spaced pattern. Thus each
column acts within a cylindrical cell with a radius of influence denoted by r.. Balaam
and Booker (1981) relate the diameter of the cell, (2r,) to the actual column spacing
by the relation 2r.=cS, where S is the actual column spacing and c is a constant having
values of 1.05 and 1.13 for triangular and square patterns respectively. To simply the
problem, following assumptions have been made: (ea) the
stone column with an elastic modulus £, and a Poisson’s |o» g
ratio up, and the soil with an elastic modulus E; and a i
Poisson’s ratio us are both assumed to possess material
linearity; (*b) the vertical stress along the length of column is
a constant; (ec) the vertical displacements of the stone
column and the surrounding soil under the base are same; (*d) W
the radial stress distribution of the stone column is
symmetrical.

(2) Calculation of the vertical vtress of vtone column 6, A homocentric column
formed by a single column and the surrounding soil from F[G. 1. Stress-strain

the composite foundation system is chosen to analyze, as relationship of stone
shown in Fig. 1. column.

Gp Op
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According to the theory of elastic mechanics, and substituting K,=-&/e,p =AVyp/
(2AV,p) into equations, following equations are obtained:

= T | PR LY

I+ )0 =24,) K, 2)

SRS

(T+p,)(A=24) K,

where o, and oy, are the vertical and lateral stresses of stone column, respectively; &,

&p are the vertical and lateral strains, respectively; AV, AV, are the volume
increments in vertical and lateral, respectively; the range of K, is from 0 to 0.5.

(3) Calculation of the vertical stress of surrounding soil 6,5 According to the theory

of cavity expansion presented by Vesic (1972), the average lateral stress of the

)Eq

surrounding soil o, is

. J‘I: o, dr _ frj |:r,,20'rp (r,z)(l -2/ )/(”f -r ):| dr _ 1o, )

L L= }’”+I"p

where 7}, is the radius of stone column; 7, is the effective radius (Zhao M. H.,2006),
r, =rexp< [ (A=) E (K, — ) | /[ EK,(+p)(1+p,)0-24,) |} “)

If »,>S/2, the expansive effects of
the nearby columns will not overlap.
If r,<S/2, the expansive effects of
the nearby columns will be
overlapped, as shown in Fig. 2.

According to the assumption (c),
the vertical strain of the stone

column g, is same as that of the soil

Square pattern Triangular pattern
&s. Substituting the following FIG. 2. Effective area.

relationships g~=¢, and K,=-§/&, into §=(6,s-244:05)/Es, Which is derived from the

theory of elastic mechanics, and with consideration of different column span and
different column’s arrangements, the vertical stress of the surrounding soil o, can be
expressed as follows.
For square patterns, oy is:
2u A0, Ef, 240, Eg
Oy =W 50 () < §/2); 0= N (> 5/2)  (5)
zs1W A K ( u ) 2s2W A K ( u )

s P s P

For triangular patterns, o is:

o. Eeg o. Ecg
O, = Zﬂsj‘/o—rs _ Is<rp i (Vu < 5/2); O, = 2/'151442\/0—1"5 _ Is<rp )

s p s p
where 41y, Ay, are the expansive effect areas without and with consideration of the
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overlapped effect for the rectangular form arrangement, A4,,, =7(1 — rpz) ,

Ay =12 (r—26)+2r,Ssin@; Aiw, A>w are the expansive effect areas without and

with consideration of the overlapped effect for the triangular form arrangement,

Ay =0.572(r} —r}), Ay, =0.5r} (7 —36)+1.5r,Ssin 6 ; G=arcos(S/2ry).

(4) Calculation of f, and f;_  Then, £, and f; can be calculated by following equations
Jo = O pl=0 S = O spleo Q)

In the real project, the surrounding soil is going to deform earlier than the columns,

the lateral strain &, is determined by Eq.(5) or Eq.(6). Then f, can be determined Eq.

(3). Substituting f;and f, into Eq. (1), the bearing capacity of stone columns composite

foundation is determined.

Time Effect on The Bearing Capacity of Composite Foundation
Based on the consolidation theory, following relationship exists:
s,=U,s, ®
where s, is the settlement of foundation at ¢ time; s, is the ultima to settlement; U, is the

consolidation degree of composite foundation, which can be calculated by Carrillo
theorem as follow:

U, =1-8exp(—pB1)/7* )
where  f=(1+xF)[p/(1+F)tp);  p~r°CJ(AH);  p=2CW/(Fit32G/m°)r’;  ©=Ey/Es;
F=1/(n*-1); Fo=[(Inn-0.75) n*+1-1/(4n>)] /(n*-1) 5 n=ro/rp 5 G=Ckrs H) (b 4r7); hicss Kip
are the lateral penetrative coefficients of soil and stone column respectively; H is the
depth of the composite foundation; 7 is the consolidation time; C} is the lateral
consolidation coefficient of soil, Cy=ksEs/pw; C, is the vertical consolidation
coefficient of soil, C\=k,Es/yw; ky is the vertical penetrative coefficient of soil; y,, is the
unit-weight of water.

Following relationship is derived from Eq. (8):

8, = (Ut/UIO)'SO (10)
where s is the initial settlement and s; is the settlement at ¢ time, Uy is the initial
consolidation degree of the composite foundation.

Let 1+a=U, /U, , then Py, =1+ @) pg,,
(12)
where pq,.1, psp,o are the bearing capacities of composite foundation at time t and 7o
respectively; psp0 can be calculated by Eq. (1).

CASE STUDY
To validate the above bearing capacity calculation method, a composite foundation

with stone columns in Jinzhu highway is selected. This section of highway
embankment is build over soft proluvial soils. When calculating, the penetrative
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coefficients of soil are krs=1.0><10'4 m/d, k~=1.0% 10* m/d. The elastic modulus of the
soil Es is 4 MPa, and the Poisson’s ratio 4 is 0.3. The diameter of the stone column is

385 mm and its length is 5.2 m, the actual spacing from center to center of columns is
1.5 m. The columns are arranged in triangular pattern, so the replacement ratio of
composite foundation m is 17.5%. The elastic modulus of the stone column E, is

24 MPa, and Poisson’s ratio g is 0.25. K, is chosen as 0.385 and the penetration

coefficient of the stone column k;, is 0.01m/d. After the columns’ construction, the
degree of the consolidation foundation has reached 40%.

The bearing capacities of the single stone column, the surrounding soil and the
composite foundation are shown in Table 1. The bearing capacities calculated by Eq.
(1) and the comparison between the measured bearing capacities and calculated ones
are also shown in Table 1. With consideration of the time effect, calculated bearing
capacities of the composite foundation are shown in Table 2. The rest periods are
chosen as15d, 30d, 60d, 120d, and 240d.

Table 1. Bearing Capacity of Stone Column, Soil and Composite Foundation

Test Allowable Bearing Capacity in Situ (kPa) Calculated | calculated value
es _——
. Surrounding Composite Bearing measured value
point | Stone column . . .
soil foundation Capacity
1" 196 137 173 133.30 77.05%
2" 210 146 155.5 142.82 91.85%
3* 220 138 156.9 149.88 95.53%

Table 2. Relationship Between Bearing Capacity of Composite Foundation and
Time

Rest period (d) 15 30 60 120 240
Consolidation degree (%) 50.81 | 58.36 | 70.15 84.66 95.95
Increase rate of bearing capacity (%) 27.03 | 4590 | 75.38 111.65 139.88
IDaily average increase rate (%) 1.80 1.53 1.26 0.93 0.58

As shown in Table 2, the time effect on the bearing capacity of stone column
composite foundation is obvious. In addition, the daily average rate of increase is
decreased day by day. However, in the real project, the relationship between p and s is
un-elastic, and the bearing capacity of foundation may not increase as much as
presented in Table 2 when degree of consolidation is high, but it’s true that the bearing
capacity of foundation is increases with increase in time.

CONCLUSIONS
A modified method to calculate the bearing capacity of stone column foundation

system is proposed with consideration of the bulging deformation characteristic and
the time effect. Compared with the traditional bearing capacity method, the presented
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case study showed that the method is more closer to the real behavior of stone column
composite foundation for taking into account the influence of the bulging deformation
characteristic, the pile arrangement and the time effect of the bearing capacity. The
presented study showed that the calculated bearing capacities of the stone column
composite foundation are much closer to the measured ones. The results also indicate
that the bearing capacity of composite foundation increased as time increased.
Therefore it is suggested that the time effect on the bearing capacity of stone column
composite foundation should be taken into account for the optimum design.
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ABSTRACT: Three-dimensional nonlinear finite element simulations are becoming
increasingly feasible for transportation geotechnical applications. This paper presents
a robust and versatile framework that helps streamline the use of finite elements for
seismic response of soil-structure systems. In this regard, a Windows-based graphical-
user-interface OpenSeesPL is developed for pile-ground interaction analyses.
Particularly suited to seismic applications, the open-source computational platform
OpenSees is employed throughout. OpenSeesPL allows convenient studies of three-
dimensional seismic (earthquake) and/or push-over pile analyses. Various ground
modification scenarios may be also addressed by appropriate specification of the
material within the pile zone. To illustrate the capabilities of OpenSeesPL, two studies
are presented in this paper. Lateral spreading effects on pile foundations are modeled,
followed by an investigation of ground remediation in a mildly sloping silt stratum.
Along with the insights gained from these studies, the reported effort aims to highlight
the analysis framework capabilities and range of potential applications.

INTRODUCTION

Soil-Foundation-Structure Interaction (SFSI) is an important aspect affecting the
performance of many pile-supported structures such as bridges, wharves, and so forth.
With the development of material modeling techniques and high-speed efficient
computers, linear and nonlinear three-dimensional (3D) finite-element (FE) methods
become a promising technique for understanding the mechanisms involved in SFSI
(Yang 2002). Particularly suited to seismic applications, the open-source
computational platform OpenSees (Mazzoni et al. 2006) provides such 3D simulation
capabilities.

On the other hand, in numerical simulations, preparation of the FE data file is a
step that requires careful attention to detail. A minor oversight might go undetected,
leading to erroneous results. Numerous opportunities for such small errors abound,
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and a user-friendly interface can significantly alleviate this problem and allow for high
efficiency and much increased confidence.

On this basis, a user-interface “OpenSeesPL” is under development (Figs. 1 and 2),
to allow for the execution of push-over and seismic pile-ground simulations (Lu et al.
2006, https://neesforge.nees.org/projects/openseespl/). Various ground modification
scenarios may be also studied by appropriate specification of the material within the
pile zone.

In the following sections, an overview of OpenSeesPL capabilities is first
presented, followed by studies of 3D seismic ground simulations (conducted with the
aid of OpenSeesPL). Along with the insights gained from these studies, the reported
effort aims to highlight the analysis framework capabilities and range of potential
applications.

COMPUTATIONAL FRAMEWORK

The open-source platform OpenSees (http://opensees.berkeley.edu, Mazzoni et al.
2006) is employed throughout. OpenSees is a software framework for developing
applications to simulate the performance of structural and geotechnical systems
subjected to earthquakes. OpenSees can be used to study the performance of
infrastructure facilities (bridges, buildings, ports, etc) during earthquake events. More
importantly, this tool can be used to investigate the propagation of uncertainties in
large and complex Soil-Structure Interaction (SSI) systems.

In the OpenSees platform, a wide range of linear and nonlinear soil and structural
elements is available. For the nonlinear analyses presented in this paper, the J,
plasticity soil model (Yang et al. 2003) was used. In order to facilitate the reported
pre- and post-processing phases, the user interface OpenSeesPL was employed.
OpenSeesPL (http://cyclic.ucsd.edu/openseespl) allows for: 1) convenient generation
of the mesh and associated boundary conditions and loading parameters (FE input
file), ii) execution of the computations using the OpenSees platform, and iii) graphical
display of the results for the pile and the ground systems.

PRE- & POST-PROCESSING

The OpenSeesPL graphical interface (pre and post-processor) is focused on
facilitating a wide class of 3D studies (with additional capabilities yet under
development). In the current version, OpenSeesPL may be employed to study a
number of geometries and configurations of interest including:

i) Linear and nonlinear (incremental-plasticity based) 3D ground seismic response
with capabilities for 3D excitation, and layered soil strata. Multi-yield surface
cohesionless (Drucker-Prager cone model), and cohesive (Mises or J,) soil models are
available. The coupled solid-fluid analysis option allows for conducting liquefaction
studies.

ii) Inclusion of a pile or pile group in the above-described 3D ground mesh (circular
or square pile in a soil island). For the pile response, linear, elastic-perfectly-plastic, or
nonlinear fiber elements are available in OpenSees (Mazzoni et al. 2006). The pile
may extend above ground, and may support a bridge deck or a point mass at the top.


https://neesforge.nees.org/projects/openseespl/
http://opensees.berkeley.edu
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This bridge deck can be specified to only translate longitudinally, or to undergo both
lateral translation and transversal rotation. In addition to the seismic excitation option,
the pile system may be subjected to monotonic or cyclic lateral push-over loading (in
prescribed displacement, or prescribed force modes).

iii) Soil properties within the zone occupied by the pile (as dictated by pile
diameter) can be specified independently, allowing for a variety of practical modeling
scenarios. For instance, various ground modification scenarios may be studied by
appropriate specification of the material within the pile zone. Among other options,
liquefaction countermeasures in the form of gravel drains, stone columns, and
solidification/cementation may all be analyzed. Of particular importance and
significance in these scenarios is the ability to simulate the presence of a mild infinite-
slope configuration, allowing estimates of accumulated ground deformation, efficacy
of a deployed liquefaction countermeasure, pile-pinning effects, and liquefaction-
induced lateral pile loads and resulting moments/stresses.

iv) Slopes and pile embedded in sloping ground can also be simulated within this
interface.

N — weon
e ScolFoctr [0 fo "

FIG. 1. OpenSeesPL user interface FIG. 2. Push-over analysis and

with mesh showing a circular pile in deformed mesh window in
level ground. OpenSeesPL (Lu et al. 2006).

OpenSeesPL also allows convenient post-processing and graphical visualization of
the analysis results including the deformed mesh (Fig. 2), ground response time
histories, and pile response. As such, OpenSeesPL makes it possible for geotechnical
and structural engineers/researchers to rapidly build a model, run the FE analysis, and
evaluate performance of the pile-ground system (Lu ef al. 2006).

To illustrate the capabilities of OpenSeesPL, two studies are presented in the
following sections. Lateral spreading effects on pile foundations are addressed first,
followed by modeling ground remediation in a mildly sloping silt stratum.

LATERAL SPREADING EFFECTS ON PILE FOUNDATIONS

This section presents an example of 3D seismic ground simulation using
OpenSeesPL. A 10 m depth mildly-inclined (4 degrees) saturated medium sand layer

was studied (permeability k=6.6x10"m/s, with Nevada Sand properties at a D, of
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about 40% according to Elgamal e al. 2003 and Yang et al. 2003). Effect of lateral
sprseadingzon pile response was investigated. The pile bending stiffness £/ was 1.27 x
10° kN'm".

Using OpenSeesPL, a half-mesh with 260 elements (Fig. 3) was studied due to
symmetry. Length in the longitudinal direction is 42 m, with 21 m transversally (in
this half-mesh configuration). The following (solid and fluid) boundary conditions
were implemented: (i) excitation was defined along the base in the longitudinal
direction (x-axis), (ii) at any spatial locations, displacement degrees of freedom of the
left and right boundary nodes were tied together (both longitudinally and vertically
using the penalty method) in view of symmetry, (iii) the soil surface was traction free,
with zero prescribed pore pressure, and (iv) the base and lateral boundaries were
impervious (due to symmetry). For illustration, the Rinaldi Receiving Station record
from the 1994 Northridge Earthquake was scaled to one quarter of this motion (top
graph of Fig. 4) and employed as the base input acceleration along the x-axis.

Simulation Results

The pile head longitudinal displacement is shown in Fig. 4, reaching 0.75 m at 20
seconds. Figs. 5-7 show representative excess pore pressure histories, shear stress-
strain and stress path, and the pile response profiles. The deformed mesh at 20 seconds
is shown in Fig. 8.

. i)
FIG. 3. FE model (2 mesh due to symmetry) for the pile-soil response study
(dark zone represents pile).
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FIG. 4. Base input motion and pile head FIG. 5. Excess pore pressure time histories

longitudinal displacement time histories. in the free-field.
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FIG. 8. Final deformed mesh (factor of 10; color map shows longitudinal
displacement; unit: m).

REMEDIATION OF A SLOPING SILT STRATUM

This section presents an example of ground remediation simulation using
OpenSeesPL. In a remediated area of large spatial extent (Fig. 9), the periodic
boundary technique offers an effective approach for conducting 3D analyses (i.e.,
symmetry allows the investigation of a representative remediated “cell”). On this
basis, a half-mesh (100 soil elements in total) in a representative cell within a large
remediated ground zone was studied (Fig. 9). The boundary conditions are the same as
described in the previous section. In terms of base excitation, the downhole
(embedded at a 7.5m depth) NS acceleration record from the Wildlife site during the
1987 Superstition Hills earthquake (Youd and Holzer 1994) was employed along the
x-axis (top graph of Fig. 10).
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FIG. 9. FE mesh for the ground modification study (dark zone represents
remediated domain; replacement ratio area A4,.=20%; stone column diameter d
= 0.6 m): a) Schematic plan view of stone column or pile layout, b) 3D isometric
view (10m thick soil stratum with %2 mesh employed due to symmetry).

A 10 m thick mildly-inclined (4 degrees) saturated silt layer was studied
(permeability k = 1 x 107 m/sec, based on Nevada Sand properties at a medium
relative density D, of about 40% (Elgamal et al. 2003; Yang et al. 2003). The main
modeling parameters include standard dynamic soil properties such as low-strain shear
modulus and friction angle, as well as parameters to control the dilatancy effects
(phase transformation angle, contraction, and dilation), and the level of liquefaction-
induced yield strain (y ).

A total of 3 simulations were performed. Case MS represents the original
benchmark Medium D, Silt unremediated situation (essentially a 1D shear wave
propagation situation). In order to reduce the extent of liquefaction-induced lateral
deformation, remediation by Stone Columns (Case SC) and by the pile-pinning effect
were investigated with an area replacement ratio 4, = 20% (Fig. 9). Diameter of the
stone column or pile was set at 0.6 m and the surrounding area was adjusted
accordingly. The stone column properties were represented by dense sand properties
(Lu et al. 2006) and a representative gravel permeability of 4 =1.0x10m/s . The pile
has a bending stiffness £l = 1.27 x 10° kN-n".

Simulation Results

Fig. 10 shows the lateral displacement time histories at the model surface center for
the 3 cases. The mild 4 degrees inclination imposes a static driving shear stress
component (due to gravity), causing the accumulated longitudinal downslope
deformation (Fig. 10). For Case SC, the final lateral displacement was reduced to 0.5
m, compared to 1.7 m in Case MS, which can serve as a reference of free-field
response. There is essentially no lateral displacement in the pile-pinning case, showing
this approach to be highly viable for remediation.

Fig. 11 displays the excess pore pressure time histories at the mesh center for cases
MS and SC. Upon liquefaction, 15 seconds into the shaking event, asymmetric
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acceleration response with lower positive values (Fig. 11) signifies the downslope low
shear resistance and associated accumulation of permanent deformation (Fig. 10). This
response prevails throughout the strong phases of seismic excitation up to about 40
seconds for cases MS and SC (Fig. 11). At the end of shaking (about 100 seconds),
pore pressure starts to dissipate in case SC while staying high in case MS due to the
low silt permeability. At the relatively shallow 2m depth, the stone column is also able
to start dissipating excess pore pressure shortly after the strong shaking phase.

SUMMARY AND CONCLUSIONS

A robust and versatile framework for computational analysis of pile-ground
systems was presented. The open-source platform OpenSees was employed
throughout the framework. Scenarios of lateral spreading effects on a pile foundation
as well as ground remediation were studies using this tool. The conducted
investigations aim to highlight the analysis framework capabilities and range of
potential applications.
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ABSTRACT: Through analyzing the process of tunnel construction using the finite
element method, we conclude the regularization of ground surface movement, and
take a contrastive analysis with the analysis result of ground surface movement and
deformation by using the stochastic medium theory. The research shows that
stochastic medium theory is adopt to predict the ground surface movement and
deformation of crushed surrounding rock tunnel; the value of subsidence on the tunnel
axis is maximal, and far away from the axis direction the value of subsidence
decreases; the ground surface horizontal displacement on the cross section of
mountain tunnel increases with the increase of distance from the central axis of tunnel,
the value arrives the maximum at the point of inflection, after that decreases; when the
mountain tunnel depth increases, the area of influence of ground surface movement
and deformation enlarges and the strength of influence weakens. The actual ground
surface movement of this tunnel by monitoring proves the reliability of this research.

INTRODUCTION

The excavation of high-grade road tunnel in mountainous/hilly area is carried out
inside the rock. It unavoidably disturbs the rock body, which will cause redistribution
of the internal stress field and displacement field inside the rock and cause movement
and deformation of the ground. For the purpose of reducing the harmful effect on
buildings on the ground, underground facilities and around environment, which results
from the ground’s movement and deformation caused by the excavation of tunnel, the
ground’s movement and deformation must be correctly forecasted (Yang Jun sheng
and Liu Baochen, 2002 and Liu Haiyan and Jiang Yusong, 2005). The finite element
numerical analysis is used in this paper to study law of ground movement and
deformation caused by tunnel construction.
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THREE DIMENSIONAL FINITE ELEMENT CALCULATION MODEL

A numerical analysis, by means of finite element numerical software
MIDAS/GTS, is performed on the construction process at the K1+935, K1+875
shallowly-buried section at the entrance of Dayan tunnel, with the model size 100 m in
dip direction, 60 m in excavating direction, and the actual buried depth as the model
depth. See figure 1 for the tunnel’s 3-D model. It is separated into 30064 elements
with Drucker Prager ideal elastoplastic model adopted. Constraint condition for
horizontal displacement is set around the tunnel model to constraint the displacement
in normal direction, model top as the free boundary and bottom as the fixed vertical
boundary. For numerical analysis, the influence of underground water is negligible
and the initial equilibrium state is calculated under the self-weight condition to
simulate the prime stratum stress.

FIG. 1. Three-dimensional numerical analysis of the tunnel network model.

Among the ground’s movement and deformation parameters, the movement
parameters mainly include the settlement of earth surface and horizontal displacement
and the deformation parameters mainly include the earth surface’s inclination 7(X) and
the curvature K(X) or curvature radius R(X) both caused by the uneven settlement of
earth surface as well as the horizontal deformation E(X) resulted from the uneven
horizontal displacement of the earth surface.

Settlement Law of Ground Surface

Because the tunnel at mountainous area features great surface relief,
correspondingly, the buried depth of the tunnel varies greatly and the change of
geological conditions of surrounding rock manifestly affects the settlement law of
ground surface. See figure 2 for the process that the tunnel construction affects the
settlement of ground surface. It is shown that along the excavating direction of tunnel
and with the increase the tunnel’s buried depth, the affecting range of the settlement of
ground surface is expanding forward like a sector with transverse affecting area on the
rise. The ground settlement caused by tunnel excavation is mainly within the range of
ground settlement trough’s radius.
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(a) CS1 settlement isoclines figure (b) CS8 settlement isoclines figure
of the ground surface of the ground surface

(c) CS1S5 settlement isoclines figure (d) CS21 settlement isoclines figure
of the ground surface of the ground surface

FIG. 2. Settlement isoclines figure of the ground surface by tunnel excavation.

The settlement distribution curve that is drafted according to the analysis results
distributes symmetrically with single peak value. See figure 3 for ground settlement
distribution curves of five transverse cross sections—station K1+925, K1+913.5,
K1+905, K1+896, and K1+886.5 with the maximum settlement values 12.3 mm, 6.7
mm, 4.9 mm, 4.2 mm, and 3.8 mm,respectively, presenting that the ground settlement
value is inclined to decrease with the increasing buried depth, and the ground
settlement’s maximum value of the cross section occurs at the axis location, which is
decreasing away from the axis to two sides.
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FIG. 3. Ground settlement distribution curve of the tunnel’s cross section.

Horizontal Displacement Law of Ground Surface
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Figure 4 shows the distribution curve of lateral horizontal displacement of ground
surface of the tunnel’s cross section; it shows that the curve is symmetrical about the
origin, and no lateral horizontal displacements occur at the central point of tunnel’s
each cross section. From the central point to two sides, the lateral horizontal
displacement values of points of cross section are increasing, reaching maximum at
the inflection point and then decreasing gradually. In the figure 4, the maximum values
of five curves occur at different locations, so the location of inflection point of each
ground cross section is different. The greater the tunnel’s buried depth is, the farther
the inflection point is from the central point. According to the distribution condition of
curve, the lateral horizontal displacement of ground surface with great buried depth
varies gently, which is affected slightly.
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FIG. 4. Distribution curve of lateral horizontal displacement of ground surface of
the tunnel’s cross section.

Deformation Law of Ground Surface

Figure 5 and 6 are the distribution curves of ground surface’s inclination
deformation and curvature deformation respectively. For example, four cross
sections—K1+925, K1+913.5, K1+905, and K1+896 presents that the varying
degree of ground deformation distribution curve is declining with the increasing
buried depth of tunnel, the excavating effect on which is decreasing gradually.

e Inclination deformation of ground surface. As shown in figure 5, inclination
deformation occurs at the ground surface at two sides of tunnel’s central line, pointing
to the axis. Because the ground settlement curve is a smooth and continuous curve

obtaining the maximum value when X=0 at which dW(X)/dX =0 is satisfied, i.c.,

the ground surface inclination 7°(0)=0, so, at the locations X=0 and X =zeo, the

ground surface inclination value is zero. From the distribution curve of ground surface
inclination, with the increase of distance X between the ground surface point and
tunnel axis, the inclination value of ground surface is growing gradually. After the
inclination value reaches the maximum, it decreases gradually until tending to zero.
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The ground inclination deformation curve has a similar character as the horizontal
displacement curve.
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FIG. S. Inclination deformation law of the mountain tunnel’s ground surface.

e Curvature deformation of ground surface. The ground inclination distribution
curve is a smooth and continuous curve obtaining the maximum at the inflexion point
and satistying d7(X)/dX=0, i.e., K=0, so the curvature deformation value at the ground
surface of inflexion point is zero and the curvature value at the ground surface above
the tunnel’s centre, i.e., X =0, reaches the maximum. The figure 6 indicates the
curvature deformation distribution of ground surface of tunnels in mountainous area.
That is, within the range between two inflexion points of tunnel’s cross section, the
curvature deformation value of ground surface is positive, the ground settlement curve
within this range presenting concave. Beyond this range, the curvature deformation
value of ground surface is negative, the ground settlement curve within this range
presenting convex relatively.
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FIG. 6. Curvature deformation law of the mountain tunnel’s ground surface.

e Horizontal deformation of ground surface. The horizontal displacement
distribution curve of ground surface is a smooth and continuous curve; because the
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horizontal displacement of ground surface obtains the extreme value at the inflexion

points, dU(X)/dX =0so the horizontal deformation values of ground surface at

these two inflexion points are zero. At this, the horizontal deformation distribution
curve is similar in shape to the curvature deformation curve with the maximum
compression deformation occurring at the ground surface above the tunnel centre.
Within the range between two inflexion points, compression deformation exists on
ground surface and the horizontal deformation value of ground surface is negative.
Beyond this range, stretching deformation exists on ground surface and the horizontal
deformation value of ground surface is positive.

ON-SITE MONITORING RESULTS

During construction, the monitoring work on ground settlement is carried out
according to the requirement of documents (Chen Jianxun and Ma Jianqin 2004) for
the purpose of construction guidance and guaranteeing safety at the shallowly-buried
section of the tunnel’s opening. The actually-measured settlement distribution curve of
ground surface at the station K1+925 of tunnel exit. The maximum value of ground
settlement at the station K14+925 of tunnel exit is 22.5 mm and simulated result is 12.3
mm, the difference between which is 10.2 mm. This difference is related to the
assumptions done during simulation analysis, so the model constructed fails to
completely present the actual status of construction. In addition, the collapse on the
arch crown at the entrance that was not immediately handled is not a negligible reason.
Although there is certain difference between the values of simulated results and
actually measured results, the dynamic process of monitoring points of the ground
surface and the distribution law of ground settlement troughs are consistent.

CONCLUSIONS

By means of numerical analysis method to study the law of displacement and
deformation of ground surface resulted from the tunnel construction at mountainous
area, the obtained characteristic of deformation and displacement of ground surface is
to some extent consistent with the monitored results on site. The distribution curves
concerning displacement and deformation of ground surface caused by tunnel
construction at mountainous area are both smooth and continuous curve, which are
symmetrical about the tunnel axis. Its affecting range distributes like a sector,
gradually expanding with the increase of buried depth but the maximum movement
and deformation declining and the affecting degree reducing relatively. To understand
the laws of displacement and deformation of ground surface during tunnel
construction at mountainous area is of guidance meaning to protect the buildings on
ground in safe.
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ABSTRACT: Failure mechanisms of homogenous rock slopes were investigated
within the upper bound theorem of limit analysis. In rich water zone, the effective
stress analysis of saturated slopes is considered. The corresponding charts for different
types of rocks are presented for practical use. From the results, it is found that the
stability factors increase with the increasing rock strength, and that the nonlinear
parameter and rock types have important effects on failure mechanisms. According to
the results, new equations for determining the stability factors are proposed.

INTRODUCTION

As well known, most of computer codes and designs in rock engineering, which
are currently employed for evaluating the slope stability factors, are formulated in
terms of a linear Mohr-Coulomb failure criterion. A linear failure criterion is also
commonly used among the extensive literature concerned with slope stability
problems. However, experiment data have shown that the strength envelopes of almost
all types of soils and rocks have the nature of nonlinearity (Agar et al. 1985; Hoek
1983). Consequently, a question, which frequently arises in practice, is how to
determine the stability factors with a nonlinear failure criterion. In order to analyze the
influences of a nonlinear failure criterion on bearing capacity of a strip footing on the
upper surface of a flat-sided slope, Baker and Frydam (1983) applied the variational
calculus technique to formulate the bearing capacity, and governing expressions were
presented in their work. Zhang and Chen (1987) converted the complex differential
expressions to an initial value problem, and presented an effective numerical
procedure, called the inverse method, for solving plane strain stability limit analysis
problem with a general nonlinear failure criterion. Yang (2007) presented the
numerical results of critical earthquake force and seismic displacement of an infinite,
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homogenous and free surcharge slope. Based on the upper bound theorem, Collins et
al. (1988) proposed a tangential technique to evaluate the stability factors of an infinite
and homogenous slope without surcharge.

In the past, the effects of underground water pressure had been considered in some
literature focusing on upper bound solutions to slope stability problems. In general,
underground water pressures are obtained from ground water conditions, which are
simulated by a flow net or a water pressure ratio. Water pressure was considered as
internal forces, and used two kinds of failure mechanism to estimate the slope stability.
Water pressure was assumed to be hydrostatic below a free water surface (Miller and
Hamilton 1989). However, the water pressure was regarded as external force, and
employed a log-spiral rotation failure mechanism to analyze the effects of water
pressure on slope stability (Kim et al. 1999). The distribution of water pressure is
described by a coefficient. Therefore, effective stress should be adopted for the slopes
subjected water pressure.

In the present study, the kinematical theorem of limit analysis is applied to
calculate the stability factors of rock slopes with the nonlinear failure criterion since
the strength envelops of almost all types of rocks had the nature of nonlinearity. The
stability factors of rock slopes with this kind of rock masses are formulated within the
upper bound theorem of limit analysis. The tangential technique is employed to
formulate the stability problems as the optimization problems. The effective stress is
adopted in the analysis. In this approach, herein the work using a linear MC failure
criterion is extended to that using the nonlinear failure criterion Numerical results are
presented for practical use in rock engineering.

NONLINEAR FAILURE CRITERION

Due to the fact that the rock masses of the slopes have intrinsic characteristics such
as joints, faults and weak bedding plane, which makes the media express anisotropy,
the stability of rock slopes was commonly developed using block theory in
conjunction with finite element method in previous literature. Block theory is
theoretically accepted by researchers, which can determine potentially unstable rock
block. However, with the increase of joint number, which leads to block elements
increase within the range of considered slope, this kind of analysis is becoming
complex, and its applications may meet some inconvenience in practice. An alternative
approach, homogenized approach, attempts to regard the behavior of the jointed rock
masses as homogenous and isotropic material. This approach was employed to
evaluate the stability of jointed rock structures (Maghous et al. 1998). This approach
was also employed to estimate the stability factors of jointed rock slopes in the
absence of water pressures and surcharge loads (Collins et al. 1988). Characteristics
technique was employed to evaluate the ultimate bearing capacity of a strip footing
resting on homogenous and isotropic rock masses using the original and modified
failure criteria (Serrano and Olalla 1994). Therefore, we can consider the jointed rock
mass exhibits an isotropic and homogeneous behaviour if the following two conditions
are satisfied. First, none of faults or bedding planes exists in the jointed rock masses.
The directions of discontinuity surfaces are sufficient randomly distributed. The joint
separation is small compared with the magnitude of rock structures. Second, the
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discontinuity surfaces must be sufficiently dense in the sense that the spacing between
the two adjacent discontinuity surfaces is small enough when compared with the
overall dimension of rock structures. In practice, there are times when the rock masses
are so weak that its behaviour exerts greater effects than discontinuity factor. Under
these cases, the weak rock masses also express the property of homogenous and
isotropic material. At the present analysis, the basic idea of isotropic and
homogenization is adopted for computing the magnitude of stability factors of jointed
rock slopes subjected to water pressures with the tangential line technique. The failure
of rock masses obeys the nonlinear failure criterion, which can be described by the
following form (Hoek 1980):

o, -0, =0,[mo, /o, +s]” )
where ¢ . is the uniaxial compressive stress of the rock at failure, ¢, is the major
principal stress at failure, and ¢, is the minor principal stress or confining pressure
at failure. The magnitude of m and s depends on the geological strength index
which characterizes the quality of the rock masses. For a given rock type, the two
parameters are not independent. Based on the experimental data, Hoek gave a log-log
plot of the values of the two parameters. The relationship between m and s can be
approximated by the expression (Hoek 1980):

m=m, exp[8.27(1—s™"")] 2)
where the parameter m, is the value of intact rock and can, in principle, be obtained

from the measured inclination of the fracture planes in compression experiments. The
parameter value of m, can be obtained from the measured inclination of the fracture

planes in compression experiments. If there are no test data available, Hoek presented
the approximate values for five types of rocks (Hoek 1990), which is

(a) m; =7 for carbonate rocks with well developed crystal cleavage; (b) m; =10
for lithified argillaceous rocks; (c) m; =15 for arenaceous rocks with strong crystals
and poorly developed crystal cleavage; (d) m; =17 for fine-grained polyminerallic
igneous crystalline rocks; and (e) m; =25 for coarse-grained polyminerallic igneous
and metamorphic rocks. Thus, for a given rock type, if the values of parameters c ,

and s are known, the nonlinear failure criterion can be expressed as a function with a
single variables .

By introducing a mobilized internal friction angle, a tangential line to the curve at
the location of tangency point is described by the following expression
oft=c,- ¢ ,tan¢,, where ¢, and ¢, are the tangential friction angle and the

intercept of the straight line to 7- axes, respectively.

In rock engineering, although the nonlinear failure criterion of Equation (1) has
been updated, many engineers still accepted the old criterion for their convention.
Meanwhile, most of old designs in engineering are still adopted the Equation (1). In
order to check the safety of rock structures, Equation (1) is still used in calculation and
analysis. Therefore, the nonlinear failure criterion is adopted for the present analysis.
The nonlinear failure criterion can be applied to the intact rocks, or the rock masses
where there are a sufficient number of closely spaced discontinuities that isotropic
behaviour involving failure on discontinuities can be assumed. The nonlinear failure
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criterion cannot generally be applied to the rock masses containing only a few
discontinuities or its behaviour is basically anisotropy.

LIMIT ANALYSIS THEORY

The method of slices of limit equilibrium, the most commonly employed
numerical method for rock slope stability, assumes that the failure occurs by sliding
along slip surface. However, failure involves stability factors in critical state rather
than slip surface, because the safety problem is more important issue than the slip
location. In practice, engineers must resort to limit analysis method to estimate the
stability factor.

Limit analysis has been widely used to stability problems of earth structures such as
shallow foundations, slopes and retaining pressure of walls in the last 20 years or so.
By using the upper and lower bound theorems of plasticity, the range, in which true
solution falls, can be found. The kinematical approach of limit analysis has been used
here to arrive at the critical height for rock slopes, and the results are presented in the
form of tables and charts. The technique of calculations is based on the kinematical
theorem of limit analysis. This theorem states that the rate of work done by traction
and body forces is less than or equal to the rate of energy dissipation in any
kinematically admissible failure mechanism

. 0.+ 0
| Fviav + L plvids<| oje,av 3)

where £, is the strain rate in a kinematically admissible velocity field, 0',.? is the

stress tensor associated with &,, v/ is the jumps velocity on boundary S which is

i i

given kinematical boundary condition, F, and p; are the vector of outside loads,

and S and V are the loaded boundary and the volume, respectively. A more
comprehensive description of this method can be found in Chen (1975).

UPPER BOUND SOLUTIONS

Stability Factor Formulation

Without considering the effects of water pressure on rock slope stability, a
tangential technique was proposed to evaluate the stability factors with a nonlinear
failure criterion. Using the linear Mohr-Coulomb failure criterion for slopes, Chen
(1975) presented the stability factors by pertain to 5-degree intervals of friction angle.
The slope stability factor for the nonlinear failure criterion is defined as

N,=H_.y/(s*0c,) 4
where N, is the stability factor for the nonlinear failure criterion, y is the unit
weight, and H,_ is the critical height of slopes.

A homogenous and isotropic rock slope with a certain angle is considered in the
present study. If the slope is subjected to water pressure, effective stress analysis are
adopted, else the total stress are used for the analysis. The tangential technique can be
employed to calculate the stability factors of rock slopes with the nonlinear failure
criterion. In Equation (4), H_ is a function of the variable ofc, . However, the ¢, is
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a function of the ¢, . The solutions are minimized Equation (4) with respect to the @, .

The difference between the present analysis and the work by Collins et al. (199) is
that the former employs the nonlinear failure criterion controlled by one parameter s
which did not employed the linear stability factors given by Chen (1975); while the
later must employ the linear stability factors of Chen (1975).
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FIG. 4. The stability factors for 5 =55°

The problem considered here is the stability factor of slopes with the nonlinear
failure criterion. The numerical results to this problem have been obtained by the
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optimization. Using the tangential technique, the stability factor is obtained by
minimizing Equation (4) with respect to @, . Figs.1-4 illustrate the stability factors for
five types of rocks corresponding to o« =0°, and the slope angle S being equal to
85°, 75°, 65° and 55°. These stability factors are given for practical use in rock
engineering. According to the numerical results, simulation equation for determining
the stability factors for rock slopes is presented. The simulation equation of stability
factor is expressed as the function of variable In(s). For example, the function is
0.0034[In(s)]* - 0.062 In(s) +2.58 for case of #=85°andm, =25, and the function is

—0.02[In(s)]* - 0.41n(s) + 4.72 corresponding to B =75°and m, =25.

Effects of Nonlinear Parameter

Fig.5 illustrates the stability factors for highly jointed rocks corresponding to
p=75° and m, =15, with the nonlinear parameter In(s) ranging from 0 to —38.
From Fig.5, it is found that the nonlinear parameter has an important influence on the
failure mechanisms. The collapse area decreases with the decreasing value of In(s) .

However, the failure surface of In(s)=—6 is very close to that of In(s)=-8. This is
contributed to the fact that the stability factor for In(s)=-6 approximates to the
stability factor for In(s)=-8.

In(s)=-6 In(s)=-4 In(s)--2 m=17 m-15 m-10

FIG. 5. Effects of nonlinear parameter  FIG. 6. Effects of rock types on failure
on failure surfaces. surfaces.

Effects of Rock Types

Fig.6 shows the effects of different rock types on the failure mechanisms with the
failure surface passing through the slope toe, corresponding to S=65° and
In(s)=-3. From Fig.6, it is found that the collapse area decreases with the m,
increasing.
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CONCLUSIONS

With the nonlinear failure criterion, the stability factors of rock slopes are
developed within framework of limit analysis, not utilizing the linear stability factors
given by Chen (1975). Due to the use of Equation (1), the stability factors of rock
slope are calculated for given rock parameter s. Numerical results are presented and
drawn into charts for five types of rocks, which benefits to the practical use in rock
engineering. According to the numerical results, the effects of nonlinear parameter and
rock types on the failure mechanisms are discussed, and new equations for determining
the stability factors are proposed.
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ABSTRACT: As in urban areas, construction of tunnel inevitably leads to ground
movements. These must be carefully predicted if there is a risk of settlement
damage to nearby structures. How to identify the real danger is the basis of
quantitative risk analysis of buildings. Due to various conditions, it is impossible
to undertake a risk assessment of each building. In the process of excavation, the
mechanism of interaction of the tunnel and adjacent structures is very complicated
because ground movements are affected by a lot of factors, such as the formation
conditions, the tunnel section depth and size, foundation type and geometric
characteristics of adjacent building, and relative position, etc. So, a practical and
reliable quantitative model with concise, clear physical meaning of the parameters
is in need. Referencing the quantitative risk assessment methodology of
petrochemical plant, tunnel safety risk identification model could be established
and it can be quickly and reliably identify the high-risk buildings.

INTRODUCTION

In 1863 the first underground railway line was opened in London. Since then
over 100 cities worldwide have implemented underground transport systems and
over 50% of them are undergoing development or expansion (Hellawell et al,
2001). New tunnel projects have to be constructed beneath high density urban
areas. The construction and operation of these systems can cause a restriction of
services, and damage to surface or other subsurface structures.

In urban areas ground subsidence can affect existing surface and subsurface
structures. Predicting tunnel induced deformation of such structures and assessing
the risk of damage is an essential part of planning, design and construction of
tunnels in an urban environment (Mair et al., 1996).The three-stage risk assessment
method concluded preliminary assessment, second stage assessment and detailed
evaluation (Burland, 1995). This approach can be highly conservative as it assumes
that any structure follows the Greenfield settlement profile (Standing, J. R. 2001).
However, the structure's stiffness is likely to alter ground induced soil movement
and, hence, to reduce the building's deformation. In 1997 Potts & Addenbrooke
presented an approach which considers the building's stiffness when predicting
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tunnel induced building deformation. In the second stage of the evaluation methods,
parameters of access are very difficult. This paper presents a qualitative method to
determine a building-damage-risk index (BDRI) as one possible method to assess
the buildings damage hazards associated with tunnel excavation.

TECHNIQUE TO DETERMINE A BUILDING-DAMAGE-RISK INDEX
(BDRI)

The purpose of this paper is to present a qualitative method for determining the
BDRI. The response of existing constructor to tunnelling induced ground
movements depends on a num-ber of factors including (1) geological, hydro-
geological and geotechnical conditions, (2) tunnel geometry and depth, (3)
excavation methods and the quality of workmanship and management and (4)
surface buildings conditions. According these factors, a model of building-damage-
risk index could be set up as shown in Figure 1.

Comprehensive

coefficient
- TS Building
Comp cnsation Influence importance
coefficient coefficient
S S
Basic index Relative
MF position

Tunnel index Strata index Building index
F F, F;
I
Basic data I

FIG. 1. The model of building-damage-risk index.

Surrounding Rock Properties

The ground and groundwater condition along the route are one of the main
factors controlling ground movements. They are also the fundamental parameters
controlling the volume loss. If the geological conditions are good, some positive
results could be produced, such as the simple excavation method, excavation
section convergence, small Stratigraphy losses, small surface subsidence, and the
small influenced range also. However, bad geotechnical condition means that
complicated excavation method, large strata loss and surface subsidence because it
is difficult to control the strata section convergence. Construction of the tunnel in
the city, the strata encountered general are [V level or even worse. The assessment
values "1", "3", "5." were assigned to “IV”, V7, “VI”-class surrounding rock
correspondingly. It means that the greater is the value, the greater the hazard is.
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Underground Water

The underground water condition has important impact on the long-term
settlement trough. Where the initial pore pressures are high, significant time-
dependent settlements can take place due to consolidation and drainage. The
underground water is also the important factor influencing the stability of the
surrounding rock. The higher is the water table and the greater is water volume,
and then the greater the risk is.

Ratio of Depth/Width

Fig. 2 shows the maximum ground settlement and lateral displacement caused by
the single-arch tunnel excavation in different buried depth when the ground loss is
1.5%. As can be seen from the figure, when the ground loss rate is constant, the
greater the tunnel buried depth is, the smaller the ground settlement and lateral
displacement is. When the tunnel is shallow buried, the ground settlement and
lateral displacement decreases rapidly with the increase of tunnel buried depth.
Otherwise when tunnel is deeply buried, the ground settlement and lateral
displacement decreases slowly with the increase of tunnel buried depth.
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FIG. 2. The ground lateral displacement and vertical settlement varies with
buried depth-diameter ratio in tunnelling.

Tunnel Width

Tunnel width is also a major factor that influences the transverse settlement
troughs. Different shape and size of tunnel section has different influence on the
movement and deformation of ground surface. Research shows that with other
conditions unchanged, the settlement of ground surface and the width of settling
trough increase with the increasing excavation size of tunnel. Detailed assessment
values were shown in table 1.

The Tunnelling Method

The comprehensive influence of different Construction Method and construction
level to the ground surface movement and deformation can be reflected by radial
constringency of tunnel excavation; it also can be determined on the change of
surface subsidence caused by tunnel radial constringency when using different
construction condition and other things being equal. The results show that the
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ground surface movement and deformation increased with the tunnel radial
constringency.

Skills

Through the contractor's credibility, experience and technology, the construction
technology and management level will be assessed. The smaller is the assessment
value indicates that the construction level is the better.

Building Foundation

The displacement formation caused by tunnel excavation is carried to the
building through the foundation, so the foundation of the building is an important
factor of surface building damage. Especially independent basis that is very
sensitive for displacement and easily damaged foe buildings. The sensitivity of the
basis for the displacement is generally ranking for the pile foundation, an
independent foundation, strip foundation, raft foundation and box foundation. They
are assigned correspondingly by the assessment value “5”, “4”, “3” | “27 | “1”
as shown in Table 1.

Building Geometry

The geometry shape of building is also sensitive factor that could damage the
carth’s surface building. If the geometry size become bigger, the shape become
more anomalistic, the sensitivity of building towards displacement become
stronger, the building should be easy to destroy. A careful review of the reported
damage shows that much of it occurred at connections between adjacent structures;
particularly where are differences in foundation type or structure type (Burland,
J.B 2001).The assessment values are given in table 1.

Relative Stiffness

Several detailed case records have been assembled that show that building
stiffness can substantially reduce the Greenfield site relative deflections (Mari,
2001). The building has greater rigidity, relative to stratum, the sensitivity of
building towards displacement become weaker. The larger the relative rigidity of
buildings is, the smaller the impact buildings affected by ground deformation are.
Detailed assignment method is shown in table 1.

Current Situation

Current situation of building has an import influence on the anti-deformation
capacity of building. The better is the anti-deformation capacity, the smaller the
assessment value. The buildings damaged state is divided into five categories, such
as good, basic good, in general, damage and serious damage. Detailed assignment
method is shown in table 1.
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Adjustment Coefficient

215

The total of the adjustment factor is divided into three parts. One part of the
building is the importance of building. The more important is, the greater the risk
is, and the greater the adjustment factor is. The second part of the building is the
relative location to the tunnel. The closer to the tunnel, the greater the impact is
and the greater the adjustment factor is. The third part is the construction of the
remedial measures taken, according to the compensation effect of the adjustment
factor to determine the value, as shown in table 1.

Table 1. Hazard Category for Determining the BDRI

Category

Parameter

Assess
ment
Value

Weight

Category
Value

Geologic Factors

1. Surrounding
rock properties

surrounding rock level is IV,
surrounding rock level is V,
surrounding rock level is VI
Soft soil
unknown

2. Ground water

Poor

relatively development
development

rich

a large number of water
gushing

unknown

WA WN—WWn AW —

Tunnel Factors

3. Tunnel width

<5m
5~9m
9~15m
15~20m
>20m

4. Ratio of depth
/width

>4
3~4
2~3
1.5~2
<1.5

N W =Wk Wb~

5. The tunnelling
met-hod

two-side wall drift heading
method

CRD

CD

bench method

entire section method

6. Skills

very good
good
general
poorer
Poor

NHAWN =W W —

Buildings
Factors
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Box foundation 1
. Raft foundation 2
f’Z)ﬁEE;ltcii(l)Eg Strip foundation 3 4
Independent foundation 4
pile foundation 5
>10 layers 1
. 5~10 layers 2
8. Relative
; 3~5 layers 3 4
stiffness 2-3 layers 4
1 layer 5
Very regular 1
9. Building regular 2
geometry. general 3 3
irregular 4
very irregular 5
Intact or date of construction
<Syears 1
basic intact or 5~10 years 2
slit(il'atciggent general or 10~20 years 3 3
damage or 20~30 years 4
serious damage or date 5
>30years
Adjustment
Coefficient
neglected 0.1
Building Not important 0.4
importance general 0.6
Si important 0.8
Very important 1
e>3 zg 0.1
. as 2 Z()~3 Zy 0.4
Islelatlve position 1.5 202 70 0.6
2 1. Z()~1.5 Zy 0.8
e<zy 1
foundation underpinning 0.1~0.5
Compensation structure reinforcement 0.4~0.8
coefficient foundation reinforcement 0.4~0.8
Ss surrounding rock | 0.4~0.8
reinforcement
Assessment
Calculation
MF =FFF.=
7S, =8.S,(MF) =

BDRI =(18,)S,=

Note. z, is the tunnel depth,
RISK ACCEPTANCE CRITERIA

Based on the above analysis, the building of the risk index of the surface
buildings damage induced by the tunnel excavation could be acquired and
classified, as shown in table 2. Risk is divided into grades 4, to meet the risk
assessment of the building damage caused by tunnel excavation works.
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Table 2. Tunnel Construction Environmental Risk Rating

BDRI Risk Rank Acceptance Criteria
<50 low negligible
50~100 medium acceptable
100~150 high unwanted
>150 Very high unacceptable
CONCLUSIONS

1. This study proposes a building-damage-hazard-assessment method for the
tunnel excavation that can be used to help the engineer to reduce the buildings
potential damage by taking proper measures.

2. The proposed building-damage-hazard-assessment technique is comprised of
10 hazards categories that cover a range of geological factors, tunnel factors and
buildings factors. Each category has a set of parameters that allow for the
estimation of an assessment value between "1" and "5." These parameters are
based on experience gained from visiting more than 60 different operating tunnels
and from an investigation of relevant topics in the literature.

3. The technique involves calculating a BDRI. Very good conditions produce
BDRI values approaching 0, while the poorest conditions produce BDRI values
approaching 200. In some cases, where significant adjustments are made, the BDRI
may be exchanged.
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ABSTRACT: Liuyang River tunnel, one of the longest tunnels in Wuhan-Guangzhou
railway passenger dedicated line, encountered low overburden, weak rock and crowded
surface buildings in exit. If incorrect excavation method was tacked, it will cause
serious damages to the environment and buildings.

As it belongs to large-section excavation, for which cross section area surpasses 150 m”.
In order to avoid oversize subsidence by excavation of the large cross section, field
monitoring including stratum displacement and three dimensional deformations were
carried out. Combined field monitoring with numerical analysis, stratum displacement
distributed rule in large cross section tunnel excavation process was observed, which
showed that the construction process is safe.

INTRODUCTION

Liuyang River Tunnel, which underpass the Liuyang River in Changsha, China, nearly
has a length of 10km, and it mostly encountered complex geological conditions, such as
weak rocks, shallow overburden and watery strata. When tunnel face in exit was driven, it
needs to control the ground settlement because of adjacent or overlying structures.
Although many scholars have studied similar problem at present, further investigation
needs to take into considerations. Huang Jun (2004) obtained stratum movement basic
rule of soft rock under rich water condition in Shenzhen by field measurement and
regression analysis, Park (2005) proposed the analytic solution of stratum displacement
distribution in the clay. Potts and Addenbrookea (1997) proposed a new approach, based
on the relative stiffness of a building and the underlying soil, to account for the
deformation and potential damage of buildings. However, ground deformation caused
by such large cross section excavation was little reported up to present.

As surface buildings of Liuyang River tunnel exit are crowded, if it’s driven incorrectly
it may cause severe destruction. Stratum displacement pattern was investigated by field
monitoring and numerical calculation, and the research finally indicated that the
construction satisfied the safety control requirements.

218



GEOTECHNICAL SPECIAL PUBLICATION NO. 192 219

BACKGROUND

The section, from DIIK1569+680 to DIIK1569+028 of Liuyang River tunnel exit,
frequently underpasses adjacent structures, which also has an excavation section area
surpasses 150 m?®. As there exists weak surrounding rocks, so it maybe easily
encountered collapses, burst mud and water inrush.

To protect the surface structures, bench method, along with grouting reinforcement
with pipe shed and small pipe as pre-supporting technology, was selected. Primary
support consists of sprayed steel fiber concrete and entire link 120a steel frame with
0.5m spacing. In addition, anchor rods combined with shortcrete were used to
strengthen weak rocks, which has 4.0 m in length and 1.0 m x1.0 m in spacing. Pipe
shed adopts ¢ 108 hot rolling seamless steel tube with 6mm in thickness, 18 m in length
and 0.4 m in ring spacing. Small pipe adopts ¢ 42 hot rolling seamless steel tube, which
has 3.5 m in length and 0.4 m in ring spacing.

FIG. 1 Planar graph of Liuyanghe River Tunnel.

FIELD MEASUREMENT ARRANGEMENT

To observe the settlement of surface and subsurface, multi-point extensometers are lay out
in situ. Multi-point extensometers are arranged in DIIK1569+261, which are replaced by
rebar from DIIK1569+200 to DIIK1569+260. These fixed rebar are used to observe the
settlement of middle stake. Representative section of settlement is selected for
DIIK1569+230.

3D deformation of surrounding rock is observed by arbitrary station with universal
thodolite, and non-contact observation system under condition of clearance, consisted
of high precision total station, portable microcomputer and reflection diaphragm, obtain
3D deformation by precise angle measurement and ranging (Yang Songlin, Liu Weining,
2006). This data is used to study the development of 3D deformation.
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FIELD MONITORING

Observation and Analysis of Stratum Displacement

e Ground settlement

Transverse settlement curves of ground surface along with upper bench excavation
are shown in Figure 5, of which cylindrical represent the distance of tunnel face apart
from the DIIK1569+261 section, the negative value represents tunnel face which has
not yet arrived at DIIK1569+261, by contrast the positive value represents tunnel face
which has passed this section. The ground surface settlement gradually increases along
with excavation of working face of upper bench. When tunnel face arrives at
DIIK1569+190 , namely upper bench has crossed measuring point 5L, of which L is the
largest tunnel excavation span. Invert locates at DIIK1569+257, at this time ground
settlement has been already basically stable.

Vertical settlement on top of multi-point extensometer No.1 is given in Fig. 6. When
the time passes away 20 days, upper bench just passes DIIK1560+261 and the rate of
ground settlement increases obviously. When time passes away 42 days, bottom bench
arrives at DIIK1560+258.1, which means that bottom bench has passed away
DIIK1560+261, and the rate of ground settlement starts to reduce. When time passes
away 57 days, invert arrives at DIIK1560+257, at this time whole primary support has
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been close, and ground settlement varies very little, so ground settlement can be

regarded as basically stable.

0 0 2 2 60
Distance Tunnel Face apart from Measuring Pomnt/m

in
step

FIG. 6. Vertical settlement on top of
multi-point extensometer No. 1.

FIG. 5. Ground Settlement
DIIK1569+261 during upper
tunneling process.

Subsurface settlement
Final settlements of multi-point extensometer are listed in table 1. Multi-point
extensometer No.l, most close the tunnel axis, is influenced by excavation, so its
settlement is also the biggest. Multi-point extensometer No.3, farthest from the tunnel

axis , has very small settlement. Table 1. Various Settlement (in mm)
L. of Multi-Point Extensometer
* 3D Deformation in tunnel . No.1 | No.2 | No.3
3D deformation in tunnel is observed with T 34.9 14.8 3]
free  stationin, Through  coordinate oD - : ;
formati e ult dl ¢ and Hore NO.1 3738 | 16.52 | 3.09
transformation, vault crown settlement and "y NQ 2 3512 | 1632 | 3.08

peripheral displacements are given in Fig. 7.
From the field monitoring result, we know that vault crown settlement is bigger than
peripheral displacement, and the displacement of survey line 2 is obviously smaller than

the survey line 1.
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FIG. 7. Deformation in tunnel.
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NUMERICAL ANALYSIS

Numerical analysis is completed by ABAQUS, which is a suite of powerful
engineering simulation programs, based on the finite element method (ABAQUS, 2003).
ABAQUS contains an extensive library of elements that can model virtually any
geometry, offers a wide range of capabilities for simulation of linear and nonlinear
applications. It has an equally extensive list of material models that can simulate the
behavior of most typical engineering materials such as soils, rock and reinforced
concrete. As, it has got Ultra-intense nonlinear calculation ability, so it’s applied in
geotechnical engineering more and more.

Fig. 8. FEM Model.

Finite element method (FEM) model, for which left and right boundary are
determined 5 times the largest excavation span apart from tunnel axis and the lower
boundary takes outside 4 times excavation span, has a size of 150 m x 80 m. Tunnel
depth takes 20 m. Left and right boundary are fixed in x direction, and the lower
boundary is fixed in y direction. Model calculation parameters are shown in table 2.

Table 2. Model Calculation Parameters

. Density Elastic Poisson | Cohesion Int.er'n al
Material (kg /m’) Modulus ratio (kPa) Frlctlogl
(GPa) Angle()
Soil 1600 0.062 0.40 10 20
Reinforced Soil 1600 0.2 0.4 20 20
Shotcrete 2300 35.82 0.2
Invert backfill 2300 28 0.2
Lining, invert 2300 22 0.2
Displacement Analysis

FEM calculation results, along the depth 0.0 m, 6.0 m, 9.0 m, 12.0 m and 15.0 m, are
shown with the field monitoring result in Fig. 9. It’s shown that the largest ground
settlement is 36.19 mm in surface above tunnel axis and settlement deviation from
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tunnel axis 3.2 m is 35.81 mm, which agrees well with settlement on the top of multi-point
extensometer No.1. Ground settlements, outside deviation from tunnel axis 43 m, are less
than 5 mm, but field monitoring data show that settlement deviation from tunnel axis
25.9 m is 3.08 mm. Ground settlements, outside deviation from tunnel axis 58 m, are
less than 1 mm, which means that tunnel excavation has little influence on ground
settlement.

Distance from Tunnel Axis/im
—70—60-50-40—30—20-1000 10 20 30 40 50 60 70
g =

C_1 FEM
B Field Monitoring

Displacement/mm
n
=
T

20
m

N FEM-Depth=12.0m
—— —— FEM-Depth=15.0m
Field Monitoring-Depth=0.0m

Settlement/mm

Vault SurveyLine1  SurveyLine 2

(a) (b)

FIG. 9. Comparison of FEM and field monitoring: (a) settlements and (b) relative
convergence.

The in-site peripheral convergence of survey line 1 is 19.6 mm, but the numerical calculation
result is 61.2 mm. There is great difference for survey line 1, which is same between
field monitoring and numerical calculation. It may be that during the tunnel excavation
field monitoring is influenced by excavation, especially the survey lines can’t be
arranged immediately after excavation (Kong Heng, 2003). The numerical analysis
simulated the entire excavation process, so the numerical calculation result is the final
convergence. Although, field monitoring are started after the tunnel face is excavated
forward certain distance, so there is inevitably difference for them. However, the in-site
observation indicates that the excavation section, after lower bench excavation, is in
stable, and there is not partial collapses or distortion oversized region.

Stress and Strain Analysis

Plastic strain near excavating boundary contour map, after tunnel construction, is
shown in Fig. 10. The plastic region mainly concentrates nearby the side wall and the
haunch. The maximum plastic region appears foothold of upper bench, which is also the
stress concentration area. The arch, adopting pipe shed and small pipe, has small plastic
area than side wall.
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(b
FIG. 10. Close view of contour of: (a) plastic strain and (b) stress.
CONCLUSIONS

Because of the crowded surface buildings in tunnel exit, multi-point extensometers are lay out
in-situ to gain ground settlement of surface and subsurface. In addition, 3D deformation of
surrounding rock is also observed. Through field monitoring and numerical calculation, the
stratum displacement pattern was obtained finally, at the same time we can also find
some useful conclusions as follow:

1. 3D deformation in tunnel, observed by arbitrary station with universal thodolite, is
less disturbed by excavation and has high automaticity, which may reduce
measuring error in large section excavation under complex geology conditions.

2. The numerical calculation results agree well with the field monitoring data. Field
monitoring, compared by numerical analysis, indicates that the construction process
satisfies the safety control requirements, but we still pay enough attention to the
field construction.
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ABSTRACT: The double side drift method, CRD and CD method are widely adopted
for super large cross-section excavation for tunnel in weak rock in China. Further, it is
shown good adaptability because of the extensive application in highway, railway,
especially in urban underground facilities.

However, there are also some problems in work efficiency, structure safety and
engineering management and so on. It is necessary to make optimization of construction
methods under these conditions. In this paper these shortcomings for double side drift,
CRD and CD methods are detailed. The work efficiency, load conversion mechanism
and the influence on tunnel structure, and construction management are discussed. Then
suggestions for tunnel excavation determination in such conditions are put forward. It is
shown that if auxiliary measures are adopted first, partial excavation could be abandoned.
Even full-face excavation may be feasible. The principle proposed in this paper has
been used in practice, which is proved once more for tunnel excavation in soft and weak
surrounding ground.

INTRODUCTION

The tunnels, with a speed exceed 350 kilometer per hour in China, often have an
excavation area 140~170 m?, which belong to super large section tunnel. Tunnel
construction and design in weak surrounding rocks adopt double side drift method, CRD
method and CD method, namely three methods. Although the application of three
methods has obtained good effects and successful experience (Wang Mengshu, 2004), it
is still necessary to optimize the construction process for the limitation in work
efficiency, management level and operation techniques.

NUMERICAL ANALYSIS

Shallow tunnel driven by double side drift method was selected typical example.
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Because of weak surrounding rock and adjacent structures, it needs to control ground
settlement strictly. To ensure the safety, partial excavation was adopted. In addition,
grouting reinforcement with pipe shed and small pipe was used as pre-supporting
technology. Primary support consists of sprayed steel fiber concrete and entire link 120a
steel frame with 0.5 m spacing. In addition, anchor rods combined with shortcrete were
used to strengthen weak rocks, which has 4.0 m in length and 1.0 m x1.0 m spacing.
Pipe shed adopts ¢ 108 hot rolling seamless steel tube with 6mm in thickness, 18 m in
length and 0.4 m in ring spacing. Small pipe adopts ¢ 42 hot rolling seamless steel tube,
which has 3.5 m in length and 0.4 m in ring spacing.

Numerical analysis is completed by ABAQUS, which is a suite of powerful
engineering simulation programs (ABAQUS, 2003). ABAQUS contains an extensive
library of elements that can model virtually any geometry, offers a wide range of
capabilities for simulation of linear and nonlinear applications. It has an equally
extensive list of material models that can simulate the behavior of most typical
engineering materials such as soils, rock and reinforced concrete. As its Ultra-intense
nonlinear calculation ability, so it’s applied in geotechnical engineering more and more.

Finite element method (FEM) model, left and right boundary are determined 5 times
the largest excavation span apart from tunnel axis and the lower boundary takes outside
4 times excavation span, has a size of 150mx80m. Buried depth is 20m, and horizontal
and vertical boundaries are fixed. Numerical calculations include five cases, namely the
three methods, bench method and full section method. The mechanical parameters of
rock in the vicinity of tunnel face are improved as a simplified approach for systematic
bolts, grouting pipe shed and small pipe.

Table 1. Physico-Mechanical Parameters

. Density | Elastic Modulus | Poisson | Cohesion Int.er.nal
Material (kg /m3) (GPa) Ratio (kPa) F rlctloon
Angle(")
Soil 1600 0.062 0.40 10 20
Reinforced Soil 1600 0.2 0.4 20 20
Shotcrete 2300 35.82 0.2
Invert backfill 2300 28 0.2
Lining, invert 2300 22 0.2

Stratum Displacement

Stratum displacements under different construction conditions are shown in Fig.1, of
which the largest ground settlement and crown settlement are listed respectively as
follows: 27.20 mm and 53.69 mm for CRD, 28.58 mm and 56.78 mm for double side
drift method, 33.66 mm and 64.87 mm for CD, 37.41 mm and 65.32 mm for bench
method, 54.40 mm and 90.09 mm for full section method. Although the working
procedures for full section method are the least, both numerical calculation and field
experience indicate that the application of full section method for large section
excavation under weak geotechnical conditions may be infeasible.

If construction adopts three methods, namely double side drift method, CRD method
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and CD method, ground settlements under these methods are better controlled than
bench method, but such divisional excavation mode will greatly reduce the work
efficiency, even cause some mechanical injuries accident. Although ground settlements
for bench method construction exceed over three methods, the method, if combined with
certain auxiliary procedure, can still satisfy the safety requirements.
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Fig. 1. Ground settlement under different construction methods.
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Fig. 2. Crown settlement under different construction methods.
Plastic Zone

Plastic zones under different construction methods are shown in Fig. 3. Distribution
range of plastic zone for full section method is the most widely. The plastic zone,
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excerpt for invert, even have developed to form a connected domain, which shows that
full section method must be considered cautiously for weak surrounding rock. Plastic
region for bench method and CD method take second place, and it’s the smallest for
double side drift method and CRD method, of which plastic zone in arch scope distribute
dispersedly. When tunnel construction adopts bench method, most regions along
excavation boundary turn into plasticity, especially plastic zone in side wall and haunch
extends toward surrounding rock inner, so these regions should be selected carefully.
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j i

T

it

(b) Double side drift method

(d) Bench Method

(e) Full Face Method

Fig. 3. Plastic zone for different construction methods.

Structural Internal Force

As mentioned in previous section, stability for primary support system, surrounding
rock and lining needs to be considered for each excavation method. Calculated results of
internal force under different construction methods are listed in table 2.
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Table 2. Calculated Results of Internal Forces

Double side Bench | Full Face
CRD drift Method CD Method| Method
Bending Tension/kNem [43.75 25.10 44.31] 26.67 28.86
Moment Compression/kNem [41.52 30.55 30.17| 16.49 16.32
Maximum Tension/kN 275.7 213.4 203.4| 66.74 29.93

Axial Force Compression/kN [217.9 143.5 289.5| 118.7 147.6

Tension/kN 54.81 66.59 46.51] 18.14 23.47

Maximum Shear

Compression/kN [54.82 93.08 4590] 12.08 23.47

Internal forces for bench method are shown in Fig. 4, of which maximum tensile axial
force, locating on left arch foot of lining, is 66.74 kN, and maximum compression axial
force, locating on right arch foot of lining, is 118.7 kN. Maximum tensile bending
moment, locating on the vicinity of haunch, is 26.67 kN-m , and maximum
compression bending moment, locating on vault, is 16.49 kN -m.

(a) Bending Moment (b) Axial Force

(c) Shear

Fig. 4. Internal force caused by bench method.

As there are many conversion procedures for three methods, so the supports joints
often become the key points because of stress concentration. Therefore, three methods,
compared with bench method, are easy to cause larger internal force, which will become
the potential security trouble for later period.
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NEW CHOICE FOR LARGE SECTION EXCAVATION

At present there are many choices for tunnel construction under weak surrounding
rock, and safety can also be guaranteed for them. With experiences accumulation for
successful erection of long tunnel and large underground engineering and improvement
for mechanized operation, construction method for tunnel remains to be innovated and
raised.

As three methods have some disadvantages in practical application, so these new
choices, namely less divisional excavation or no divisional excavation for large section
excavation, are put forward on the basis of literatures published in home and abroad and
tunnel construction practice (Li Shihui, 1999; Wang Mengshu, 2005; Zhao Dongping,
2005). The paper, based on actual geological and construction conditions, proposes four
kinds of method as follows:

e Reinforcement from side hole or ground. First, we can excavate some small
holes, which are close to tunnel face or located on ground surface, then the surrounding
rock in the vicinity of tunnel face will be grouting reinforced ahead, the mechanic
characteristics of rock mass will be enhanced, thus entirety and stability of strata will be
also improved, which can provide guarantee for large section excavation.

e Reinforcement from advancing middle drift. Firstly a small section hole is
excavated at upper part of excavation section, which will be used to grout surrounding
rock in the vicinity of tunnel face. If grouting reinforced region are enough, then we can
selected bench method or full section method under weak rock.

e Advancing strong support. The method means that large pipe shed will be inserted
into ground before excavation to form a closed annual space, meanwhile limited range
strata will be grouting reinforced, and then pipe sheds combine with strengthening
stratum to form supporting system.

e Advancing improvement with small pipe. Firstly hollow grouting anchor or small
pipes are inserted into ground, then sufficient grouting will be used to strengthen
surrounding rock, which forms strengthening arch ring, thus large section excavation can
be carried on underneath the strengthening arch ring. However, the above four methods
have their application scope, in actual local conditions, tunnel length, construction
condition and time requirement will be taken into account for the excavation method
choice.

APPLICATION AND DISCUSSION

Original design constructions for some tunnels in Zhejiang-Jiangxi line are double
side drift method and CRD method, of which fractured weak zones account for 60% of
full length. According to local conditions, firstly the surrounding rock would be
reinforced with small pipe and grouting, and then construction methods actually turn
into bench method. Although there are collapse zones for tunnel exit, entire construction
safety can be guaranteed because of these treatments, even the construction period can
be shorten more than a year than the approved time.

Original design construction for some railway tunnel inlet is CRD method, actually
the method turns into bench method with small pipe and grouting, of which temporary
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invert isn’t considered. Surrounding rock in exit, which cannot be grouting effectively,
is grade of V. Construction method for the first 30 m in exit turn into bench method with
large pipe shed, of which temporary transverse support is set partially, and method for
the second approximately 80 m in exit also turns into bench method with small pipe, of
which upper section excavation area is 62 m*. During the entire process construction is
safe, except for ground settlement of approximately 6~10 m in exit is a little abnormal.
The main monitoring data are listed as follows: average settlement in inlet is 18mm, and
the maximum is 27 mm. Average settlements in exit are 85 mm, and the maximum is 96
mm.

CONCLUSIONS

The application of three methods is feasible in practice, but there are still many
limitations in structure safety and quality, process, construction period and engineering
economy, so it’s necessary to explore scientific economic construction method. Based
on the deficiency of three method application, new choice for large section excavation is
put forward, namely large section excavation should turn into less divisional excavation
or no divisional excavation, which has achieved success and shows good performance,
broad prospect in application.
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ABSTRACT: Pipe-roof has been adopted extensively as pre-support in tunnel
construction. The vertical deformations of the pipe-roofs in the entrance of Liuyanghe
Tunnel are monitored by installation of a series of strain gauges to investigate the
mechanical behavior of the pipe-roofs during the tunnel excavation. Based on the
monitoring results, the mechanical characteristics and the evaluation of the reinforced
effect of pipe-roof in the construction process were analyzed.

INTRODUCTION

The tunnel project of under-crossing surface buildings is adopted increasingly in the
new highway design and construction. During the excavation of shallow tunnel, the
disturbance for surrounding rock will cause ground settlement and deformation or
even tunnel collapse. Therefore, pre-supporting method should be used to enhance
ground stiffness and strength. One of the pre-supporting methods is pipe-roof
reinforcement, which has been applied extensively in the tunneling practice.

In tunnel engineering design, pipe-roof is generally simulated to be a beam, which
cannot completely reflect the process of its deformation and bearing load during the
tunnel excavation. The pipe-roofing mechanics changes are resulted from different
construction methods and construction periods. In this paper, the mechanical
characteristics and the evaluation of the reinforced effect of pipe-roof in the
construction process were analyzed based on the field monitoring results.

232
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TUNNEL CONSTRUCTION AND PIPE-ROOF MONITORING

Liuyanghe Tunnel, which is a high-speed railway tunnel of Wuhan to Guangzhou,
passes across the Changsha Airport Highway. The tunnel is buried 8 meters under the
ground and covered with incompact clay and weathering rock. For guaranteeing the
safety of the highway and tunnel construction, pipe-roof reinforcement was used as
pre-support. The tunnel design adopts the steel pipe with diameter of ®325mm, and
filling with cement slurry to improve stiffness and strength. The tunnel construction
adopted the method of two side and step excavation.

In order to acquire the changes of pipe-roof deformation during the tunnel
construction, 3 strain gauges, with interval of 5 meters, were installed inside each pipe
of No. 30, No. 40 and No. 50 to monitor strain, as can be seen in FIG.. 1. The
monitored pipes are in the outer layer, and its numbers are shown in FIG. 1(a). FIG
1(b) shows the construction of the upper part of pipe-roof in the field.

The ground surface settlement, tunnel vault subsidence and constringency were also
monitored during tunnel construction. The observations show that the pipe-roof
construction has a great effect to reduce the ground settlement. The largest settlement
is about 30 mm, which occurs on the upper step excavation. The rate of subsidence is
obviously large in the early days of tunnel construction while reduce gradually along
with time. The largest constringency is 7.05 mm. During the whole construction
process, the stress and transmutation of reinforcement structure do not exceed the
limits of material strength.

(@) (b)
FIG.1. Layout of pipe-roof and monitored steel pipes.

FIG. .2 and FIG. .3 shows the relation curves of Ag;-z for steel pipe No.30 and
No.50. It can be seen that the deformation of pipes were increasing gradually as the
excavation cross section approaching to monitor gauges. The largest deformation
appeared when the excavation cross section was exactly under the gauges. The change
rate of pipe deformation was reducing obviously and the strain was minishing. After
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the completion of early support, the strain of steel pipe keeps invariability with the
passing time. For upper step excavation had a greatest influence to the pipe strain,
which was with its strength, conclusion can be drawn that pipe-roof is in the elasticity
state and the pre-support effect has exerted. That is, earth pressure was sharing by the
pipe when tunnel excavated.
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FIG. 2. Relation curves of A&, and ¢ for steel pipe No. 30.
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FIG. 3. Relation curves of A£; and 7 for steel pipe No.50.

According to the relationship between the AE€;-f curve and the tunnel construction
schedule, the vertical curves of the pipe No.30 and No.50 along its longitude were
obtained, which are shown in FIG. 4 and FIG. 5.
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FIG. 4. Relation curves of strain and tunnel longitudinal position for pipe No. 30.
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FIG. 5. Relation curves of strain and tunnel longitudinal position for pipe No.50.

It can be seen that the pipe vertical deformations are concave as a whole and move
forward and downward according to tunnel excavation advancement. When the
excavation cross section is under gauge A (x=5m), the reading rate of gauge B
(x=10m) increase obviously, but the rate of gauge C (x=15m) increase hardly. It seems
that the excavation incidence is about 10 m. When the excavation cross section is
under gauge B, the reading rate of gauge C increase obviously, but the rate of gauge A
(x=15m) reduced. It is considered that pipe-roof is exerting the pre-support effect and
adjusting rock pressure.

When the excavation cross section is under gauge C, the reading rate of gauge A
change hardly and the rate of gauge B reduced. It is shown that pipe-roof and early
support has burden the rock pressure together.

CONCLUSIONS

Based on the monitoring data and analyzing, the following conclusions can be
obtained:
1. Pipe-roof was within the elasticity state and exerting the pre-support effect well. It
maintains the stability of tunnel together with early support.
2. Pipe-roof has reduced the earth surface displacement, the vault subsidence and the
constringency effectively. Therefore, good engineering result and economic
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performance were obtained when pipe-roof is adopted.

3. The stress and strain of pipe-roof are changing fluctuant in the course of tunnel
construction. The largest stress and strain occurs when the excavation cross section
just under the monitoring section, which can be regard as the most disadvantageous
condition in pipe-roof design.
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ABSTRACT: In present engineering design, rock mass is simply treated as an
isotropic material and their strength parameters are given by decreasing those of intact
rock through joint connectivity, which is introduced to reflect the integrity of rock
mass separated by joints. This method may be acceptable for most jointed rockmass.
But for some sedimentary or metamorphic rocks, such as shales, sandstones, slates,
phyllites and schists, are characterized by inherent anisotropy due to the existence of
the preferentially oriented weakness plane. In this study, the influences of the
anisotropic properties of rockmass on the deformation and stability of tunnel are
analyzed by the site monitoring and numerical calculation. A detailed investigation on
the engineering geological conditions of the horizontal stratified strata in Queerxi
Highway Tunnel was carried out. The deformation and the surrounding rock pressure
are monitored, and then field measuring results and distributing law are summarized.
The results show that anisotropy of rockmass has remarkable influence on the
deformation properties and stability of tunnel in stratified jointed rockmass.

INTRODUCTION

Sedimentary rock mass with stratified structures, such as sedimentary sandstone,
mudstone, shale, etc, is approximately seventy-five percentage of lithosphere area.
There are more and more underground facilities constructed in stratified rock masses,
in which the stratification is generally characterized by its planar geometry and
persistence. For example, there deposited typical horizontal stratified strata in the west
of Hunan Province, China, and 33 highway tunnels of about 40 km in length were
constructed in this stratified strata. The Construction of these tunnels was an important
part of the Highway from Changde to Jishou City in Hunan Province of China.

The behavior of layered rock mass is predominantly a reflection of the behavior of
the discontinuities presented by joints and bedding planes, which is a key factor of
stability of tunnel excavations. There are two distinctive features concerning stratified
rockmass. Firstly, low or zero tensile strength in the direction perpendicular to the
stratification; and secondly, relatively low joint shear strength in comparison to that of
the intact rock. The stability of underground excavations in layered rock masses has
been analyzed by different approaches, such as pressure arch theory (Sansone et al.
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1998) and voussoir beam theory (Mottahed, et al., 1995), etc. Based on finite element
analyses and laboratory experiment results, Wright (1974) created a design procedure
for the control of layered, bolted or unbolted, underground undermined roofs when
tunnelling in stratified strata. The approach for determination of deformation
properties for stratified rocks is given by Vlasov et al. (1995).

GEOLOGICAL CONDITIONS AND FIELD MEASUREMENTS

A detailed geological and engineering geological study was carried out in the
construction sites. In order to constitute the geological model and determine the
engineering geological properties of surrounding rock mass, site investigations were
carried out. It was shown that the main deposits in tunnel sites included bedding
calcareous sandstone and claystone, banded alternate layers of these units (HPCPSDI,
2004).

The length of Queerxi Tunnel is 1417 m and located in typical horizontally
stratified rock mass. The main lithological sequences along the tunnel were found to
be at upper Cretaceous Age, Jinjiang River Group. Close to the stratum surface
Quaternary Holocene silty clay and soil aggregate with 0.3 m to 1.2 m in thickness
were widely distributed. This tunnel was excavated in rock mass with a monoclinal
structure and alternation of calcareous sandstone to clayey stone. The sandstone and
the claystone are all weathered in varying degrees along the depth direction. The strata
might be divided into three types from youngest to oldest, i.e., intense weathering,
moderate weathering and weak weathering.

Laboratory tests have also been conducted on rock samples collected from drilling
rock cores in the field site of Queerxi Tunnel, to evaluate their mechanical properties.
Especially, testing results indicate that the water content largely influences the
engineering properties of claystone, inducing deterioration of claystone properties.
Strength of claystone decreases along with the increase of water content, and its
deformation increases. When the claystone was exposed in air, and particularly during
rainy season, it gradually developed a fissile appearance, and the fresh claystone
disintegrates to a silty-muddy loose mass after a few months. Its deterioration
phenomenon may heavily influence the stability of tunnel.

When tunneling in horizontally stratified strata, there encountered some
geotechnical problems such as excessive overbreak, rock falls, instability of the face,
collapse, etc. This is synthetically influenced by some factors. Because the excavation
of a tunnel results in a general unloading of the tunnel environment and the shear
strength of bedding planes is often greatly reduced. Therefore, the spalling condition is
quite common, and bedding planes often participate in forming rock blocks.
Furthermore, blasting has a prominent impact on the stability of tunnel in stratified
strata, even though by smooth blasting and short delay blasting because of the
dynamical mechanical effect of the blasting; especially the vertical joints are largely
distributed in perpendicular direction. A tunnel that would have been stable during
construction could require ground pre-support, such as advance supports of anchor
bolts or grouting pipe-roof, etc.

Field measurements were conducted in Queerxi Tunnel. The measuring items
consisted of settlements at the crown, horizontal convergences of the tunnel, axial
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forces of rock bolts, pressures between lining and surrounding rock, stresses of
shotcrete and linings, stresses of steel arches and lining, etc. Distribution law of the
measured pressures between support of shotcrete and reinforced concrete lining, and
the calculated axial forces and bending moments of the concrete lining of Queerxi
Tunnel in YK193+732 section based on the field observations of stresses are also
shown in Figure 1 and 2.

Ji shou

strain gauge  mmmm— pressure cell

FIG. 1. Instrumentation of YK193+732 section and pressures between primary
shotcrete and concrete lining (MPa).

(a) Axial forces (kN) (b) Bending moments (kN.m)

FIG. 2. Distribution of axial forces (kN) and bending moments (kN.m) of the
concrete lining.

NUMERICAL MODEL

Modeling

Numerical model studies were achieved using a 2-dimensional, finite difference
numerical modeling code (FLAC). Figure 3 shows the selective numerical model in
stratified rock mass with an alternation of sandstone and claystone 0.3 m in thickness.
Numerical models are constructed based on assumption of isotropic elasto-plastic
plane strain model using quadrilateral isoparameter elements. Deformation between
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alternation of sandstone and claystone layers is assumed to be continuous according to
site investigating conditions.
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FIG. 3. Numerical model of tunnel in the stratified rockmass.
Input parameters
The mechanical properties of surrounding rock mass as input parameters are listed
in table 1. Deformation modulus of primary shotcrete lining is 21 GPa. For secondary

concrete lining, corresponding parameters are 29.5 GPa.

Table 1. Material Properties in Numerical Modeling

Material p E K G v ¢ ¢ ot
(kg/m®) (GPa) (GPa) (GPa) (MPa)  (°) (MPa)

Sandstone 2400 13 9.85 5.08 0.28 1.1 45 1.2

Claystone 2000 1.5 2.50 0.54 0.4 0.1 23 0.3

Notes: p= density; E=deformation modulus; K= bulk modulus; G= shear modulus;
v=Poisson’s ratio; c=cohesion; ¢=internal friction angle; o=tensile strength.

RESULTS AND ANALYSIS
Displacement Analysis

The distributions of stresses and deformations of surrounding rocks and lining of
tunnel, as well as internal forces in support system in each excavation stage were
obtained from numerical analysis. When lower benching excavation is finished, the
total subsidence displacement of tunnel crown is 10.03 mm, and the total horizontal
convergent displacement is 10.47 mm, and the corresponding floor heave is 8.76 mm.
For top heading a maximum displacement in vertical and horizontal direction
respectively is 7.93 mm and 4.33 mm.

Roof subsidence of tunnel mainly occurs and increases significantly in the stage of
the upper bench excavation, which is 79% of total deformation. For horizontal
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convergence of tunnel, most deformation takes place in lower bench mining about
60% of total horizontal convergent displacement because of decrease of clamping
action at the side walls. Compared to the unsupported excavation in each benching, the
displacements have been slightly reduced by only application of rockbolts for section
in the top benching and lower benching, but the combination of rockbolts and
shotcrete has reduced the maximum displacement, especially a reduction of
deformation at the roof and at the left and right sidewalls of tunnel.

Plastic Zone and Internal Force

The distributions of plastic zones in surrounding rock of tunnel during top heading
and benching excavation stages were shown in Figure 4. The yielded elements are
mainly concentrated at the left and right sidewalls and at the two bottom corners of the
tunnel sections. But the extent of the yield zone at the tunnel crown is smaller.
Cracking initiates as a result of the removal of the confining stress and the loading by
tangential stress concentration. The cracks then tend to grow parallel to the excavation
surfaces forming slabs of rock (Cai, et al. 2004).
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FIG.5. Moments and axial forces in the shotcrete lining.

In the region of the sidewalls and floor, propagation of tensile cracks parallels to
the major principal stress plotted in figure 4. These tensile failures mainly occur and
extend along the alternation layers of sandstone and claystone. But they can be
arrested by features such as bedding planes. This suggests that the separation of the
layers of sandstone and claystone will actually take place. From distribution of
maximum principle stress in surrounding rock, it is also seen that in both the roof and
the floor region, delamination of the layers occurs. The value of major principal stress
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on the interface of layers is equal to zero or close to zero because different strains
occur between layers of sandstone and claystone. Influence of alternation of sandstone
and claystone layers can be reflected by the fluctuation of the axial forces and
moments in shotcrete shown in figures 5.

CONCLUTIONS

Queerxi Tunnel was excavated in typical horizontally stratified sedimentary rock
mass with alternation of sandstone and claystone layers. A detailed engineering
geological study was carried out. The main deposits include bedding calcareous
sandstone and claystone, banded alternating layers of these units. Especially,
Laboratory testing results indicate that the water content largely influences the
engineering properties of claystone, which strength of claystone decreases along with
the increase of water content. Its deterioration phenomenon can heavily influence the
stability of tunnel. In order to decrease the deterioration of claystone, the protecting
measures such as 5 cm thickness shotcrete coating should be taken as soon as possible
to all exposed surrounding rock surface, especially in the toping range of the tunnel.
The field measurements and the results obtained by numerical analysis indicated that
alternation layers of sandstone and claystone is very significant influence on the
deformation properties and stability of surrounding rock in stratified strata.

ACKNOWLEDGMENTS

The authors appreciate the support of the National Natural Science Foundation of
China (No. 50808178).

REFERENCES

Cai, M., Kaisera, P.K., Tasakab, Y., Maejimac, T. Moriokac, H. and Minami, M., 2004.
“Generalized crack initiation and crack damage stress thresholds of brittle rock
masses near underground excavations.” International Journal of Rock Mechanics
& Mining Sciences, 41, 833-847

Hunan Provincial Communications Planning, Survey and Design Institute (HPCPSDI),
2004. “The survey and design of the Highway Tunnels from Changde to Jishou of
Hunan Province.” Changsha. (In Chinese)

Mottahed, P. and Ran, J., 1995. “Design of the jointed roof in stratified rock based on
the voussoir beam mechanism.” CIM Bulletin, 88(994), pp 56-62.

Sansone, E.C. and Ayres Da Silva, L.A., 1998. “Numerical modeling of the pressure
arch in Hoek, E. and Brown, E. T., 1980. Underground Excavations in Rock.
London: Institution of Mining and Metallurgy.

Vlasov, A. N. and Merzlyakov, V. P., 1995. “Deformability parameters of stratified and
jointed rock.” in: Eurock93. Safety and environmental issues in rock engineering.
Proc. symposium, Lisboa. Vol. 2, L. Ribeiro, E. Sousa & N.F. Grossmann(Ed), pp.
975-981.

Wright, F.D., 1974. “Design of roof bolt patterns for jointed rock. Bureau of Mines.”

N.T.L.S., U.S. Department of Commerce.



Dynamical Response of Qifeng-Lake Dam during Earthquake

YANG Xiuzhu! and LEI Jinshan'

Unstitute of Tunnel and Underground Engineering, Central South University, 22# South Shaoshan
Road, Changsha 410075, P R China;xzyang1661@126.com

ABSTRACT: Two dimensional dynamical finite element and effective stress method
were used to analyze dynamical response of Qifenghu Lake earth-rock dam during
earthquake. During analysis, the floodwater level in the upriver is 198.5 meter and 180
meter in the downriver. Peak acceleration of earthquake was 0.275g and it lasted 10s.
Calculation results showed that pore water pressure after earthquake was as near twice
as that before earthquake. Some region in the central clay wall and the silt groundsill
where pore water pressure is equal to lateral consolidation pressure was found. This
will endanger the stability of the dam. Through analyzing dynamical response of
nodes on the dam surface, we find that absolute peak acceleration and peak
displacement of D and E node in the middle of the dam is greater than others.

INTRODUCTION

The dam made up of soil and stone is used widely because these materials are easy
to get and the construction is relatively simple. But during earthquake, especially with
the higher water level of the reservoir, the excess pore water pressure will produce and
result in the reduction of the effective stress in the dam and may cause the dam
slipping and other dangers. There are many famous shake disaster, for example, during
the earthquake in Tangshan of China, the inclined wall of main dam of Miyun
reservoir collapsed and the dam groundsill of Douhe reservoir liquefied and lead to
serious crack in the dam. So, if the change of stress in the dam can be learned ahead of
schedule during earthquake through numerical simulation, we can take measures to
strengthen the dam and avoid some disaster.

ENGINEERING BACKGROUND

The dam located in Hunan province of China includes the main dam, assistant dam
and overfall dam. The drainage area is 246.7 km” on the upper river of the dam. The
design flood standard is 50 years and the check standard is 500 years. The main dam is
moraine dam with clay central wall. It is 190.0 meters long and 54.0 meters high. The
elevation of its top is 207.9 meters. From FIG.1, we can see the typical section of the
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dam. A represents clay central wall, B represents moraine filler, C represents silt
groundsill, and D represents gravel stratum. Their permeability coefficients are
107 cm/s, 102 cm/s, 107 cm/s, 1072 cm/s respectively.
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FIG. 1. Representative section of the dam.

THEORETICAL MODEL
Control Equation

The control equation for dynamic response of the system of the dam and its
groundsill can be expressed in finite element formulation as:

[M1{8} +[CHS} +[K 1B} = {F, } M

Where:

[M]=mass matrix

[C]=damping matrix

[K]=stiffness matrix

«8 f=vector of nodal accelerations

<8 (=vector of nodal velocities

¢ }:Vector of nodal displacements

{F, } =vector of loads

The value of G/ G

G, 1s got according the formula as follows:
Gmax = k (O-O )n
(@) ,
Where o, is the mean principal effective confining stress. k and » are constants,
which can be obtained by tests .
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Model of Excess Pore Water Pressure

A relationship has been developed between the excess pore water pressure U, and

the cyclic number ratio as follows:
3) U, =/(B)

The function f'can be obtained by statistics of the experimental data, where B=N/ Ny,
N is the stress cycles and Ny is the stress cycles required to produce liquefaction.

CALCULATING PARAMETERS
Soil Parameters

The value of maximum shear modulus and dynamic Possion's ratio is listed in
Table 1. And Table 2 shows the relationship between dynamic shear modulus,

damping ratio and shear strain, where A, B, C, and D represent clay, moraine, silt,
gravel and scree respectively.

Table 1. The Value of Maximum Shear Modulus and Possion’s Ratio

Parameter Clay Moraine Silt Gravel and Scree
k 467 2010 429 1415
n 0.5 0.5 0.439 0.5
)7 0.47 0.43 0.33 0.42

Table 2. The Relationship between Dynamic Shear Modulus, Damping Ratio
and Shear Strain

Shear Strain 1X10°  5X10° 1x10*  5x10%  1X10°  5X10° 1X10*

A G/Gmax 0.951 0.891 0.851 0.542 0.397 0.177 0.075
A (%) 3.42 3.96 42 53 6.4 11.3 15.7
B G/Gmax 0.98 0.915 0.831 0.581 0.447 0.156 0.077
A (%) 1.96 3.41 3.94 6.31 7.75 8.1 20.3
C G/Gmax 0.934 0.901 0.859 0.602 0.473 0.141 0.04
A (%) 1.39 1.78 2.16 4.37 6.2 17.3 232
D G/Gmax 0.97 0.89 0.8 0.525 0.4 0.22 0.155
yi (%) 1.98 1.98 2.43 3.97 4.92 8.4 10.9

Earthquake Acceleration

The acceleration of earthquake is shown in Fig. 2. Its peak value is 0.275g and it
lasts 10s.
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Time f (=)

FIG. 2. Earthquake acceleration.

RESULTS

The dynamical response of the dam is analyzed with finite element method. The
section is divided into 255 elements including 8-noded quadrilateral and 6-noded
triangle elements and 824 nodes in all. The stress, strain, displacement and other
dynamical response are obtained.

Acceleration and Displacement on the Dam Surface

From FIG. 3, we can see that the peak acceleration values of the nodes on the dam
surface, whose position is shown in FIG. 1. The acceleration of node 4 and 5 in the
middle of the dam is greater than the others. From FIG. 4 we can see that their
displacement. The displacement of node 4 and 5 in the middle of the dam is greater
than others.

0.23%

o o
w2 2
n R R OB

acceleration/ (g

absolute value of

1=
3
s

node number

FIG. 3. Acceleration of nodes on the dam surface.
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FIG. 4. Displacement of nodes on the dam surface.

Dynamical Response in the Dam

In analysis, we used the check flood level. It is 198.5 meters high in the upriver and
180 meters in the downriver. The isoline of the pore water pressure before earthquake
is shown in FIG. 5. and that after earthquake is shown in FIG. 6. By comparison we
can find that the latter is as near twice as the former. And when the earthquake
finished, some region in the central clay wall and the silt groundsill where pore water
pressure is equal to literal consolidation pressure was found (shown in FIG. 7).

FIG. 5. Isoline of pore water pressure before earthquake.

600

400 —

800

FIG. 6. Isoline of pore water pressure after earthquake.
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FIG. 7. The region where pore water pressure is equal to lateral consolidation
pressure after earthquake

CONCLUSIONS

The dynamical response during earthquake is a big problem for the design and
construction of the dam. It is significant to study the problem for dam safety .During
analysis, the floodwater level in the upriver is 198.5 meter and 180 meter in the
downriver. Peak acceleration of earthquake was 0.275g and it lasted 10s. Calculation
results showed that pore water pressure after earthquake was as near twice as that
before earthquake. Some region in the central clay wall and the silt groundsill where
pore water pressure is equal to lateral consolidation pressure was found. This will
endanger the stability of the dam.
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ABSTRACT: A rigid block failure mechanism of shallow rectangular tunnel is
proposed to calculate the needed support pressure or for tunnel stability using upper
bound solution. The velocity discontinuities in the side wall of the shallow rectangular
tunnel of the failure mechanism occur in both radial and tangent directions. Formula
for calculating support pressure ot using upper bound solution are deduced based on
the presented failure mechanism, and the calculation program is compiled. It is shown
that the proposed rigid block failure mechanism can be used effectively to analyze the
stability problems of shallow rectangular tunnel using upper bound solution.

INTRODUCTION

Excavating shallow tunnels in the soft ground, the collapse would happen, if no
sufficient support pressure or additional measures was adopted. The stability of
shallow tunnel has been investigated by several authors. Atkinson et al. (1977) has
studied the shallow circular tunnels in frictional material with limit analysis. Davis et
al. (1980) employ kinematic upper bounds and statically lower bounds for plane strain
circular tunnels and tunnel heading in clays with method of limit analysis. Leca et al.
(1990) used upper and lower bound solutions to investigate the face stability of
shallow circular tunnels in frictional material, and three three-dimensional failure
mechanism were proposed for upper bound solution. Sloan et al. (2003) used finite
element limit analysis to investigate the stability of undrained plane strain heading
with soils, and the undrained strength varies with depth. Osman et al. (2006) has
developed a kinematic solutions for ground movements around a shallow unlined
tunnel in undrained clay. Klar ez al. (2007) presented 2D and 3D failure mechanisms
for tunnels in soft ground. In his study, incompressible flow fields for upper bound
solutions were derived from the theory of elasticity. In this paper, the stability of
shallow rectangular tunnel in cohesive-frictional soil ground was investigated based
on the upper bound solution with a proposed failure mechanism. The needed support
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pressure or for tunnel stability was obtained using upper bound solution. And the
influence factors were also investigated by parameter study.

FAILURE MECHANISM OF SHALLOW RECTANGULAR TUNNEL

FIG.1 shows the model of plane strain unlined rectangle tunnel. The tunnel has the
height D, half width b, and cover C. The soil around tunnel has gravity y, cohesion ¢
and internal friction angle ¢ On the ground surface, surcharge 65 was employed. Inside
the tunnel, support pressure ot was employed for stability.

Y, G0

D
PPy
Cit 4 i

FIG. 1. The plane strain unlined rectangle tunnel.

The upper bound theorem assumes a perfectly plastic soil model with an
associated flow rule. It states that the internal energy dissipated by admissible velocity
field, which is equal to the work done by the external loads.

A failure mechanism should be assumed before hand, and its corresponding
velocity field should satisfy associated flow rule, velocity boundary conditions and
compatibility requirements (Chen, 1975), when upper bound solution was employed.
Energy dissipation can only occurs on velocity discontinuities, for the assumed failure
mechanism is composed of rigid blocks.

A rigid blocks failure mechanism for shallow rectangle tunnel in cohesive
frictional soil ground is proposed here. The geometry of the failure mechanism and
corresponding velocity field are described for preparation of upper bound solution.

The failure mechanism and its corresponding velocity field with variables are
shown in FIG. 2. and FIG. 3. The failure zone above the tunnel is a whole non-plastic
block with the absolute velocity of vy as a unit, with the vertical direction. The angle
between velocity discontinuity L, and vertical direction is ¢. The failure zone of tunnel
side wall are composed of m triangular rigid blocks in the upper part and mx (n-1)
quadrangular rigid blocks in the outer part as shown in FIG 2. The velocity
discontinuities are L;; (/=1,...,n; i=1,...,m) in the radial directions and M;; (=1,...,n;
i=1,...,m) in the tangential directions. The angles between each pair of L;; and M;; in
counter-clockwise are assumed equal to 7/2+¢. It is noted that dashed lines N;
(=1,...,n-2) and b;(j=1,...,n-1) are not velocity discontinuities, and lines N;(j=1,...,n-1)
are all parallel.

The failure mechanism is determined by a series of angles of f; (i=1,....m), a;;
(=1,...,n-1; i=1,...,m) and the length of L and b; (=1, ...,n-1), as shown in FIG. 2.
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Once these variables are known, the values of N;(j=1,...,n-1), L;; (j=1,...,n; i=1,...,m),
M;; (G=1,...,n; i=1,...,m) as well as all the areas of rigid blocks, S;(j=1,...,n) and Sj;
(=1,...,m; i=1,...,m), can be calculated. As shown in the right part of FIG.. 2, the angles
of a;; (=1,...,n-1; i=1,...,m) are expressed as an increment, i.e. o;; is the acute angle
between each pair of L;.; ;and L; ;.

The non-plastic block above the tunnel and the entire triangular and quadrangular
rigid blocks in the side wall all move as the velocity field requires (see FIG.3), when
the initial failure of plastic flow occurs. The velocity of non-plastic block above the
tunnel is vo. The velocities v;; (=1,...n; i=l,..,m) are absolute velocities
corresponding to the rigid blocks shown in the right part of FIG.. 3, and velocities v’j;
G=1,...mn; i=1,...,m) and v";; (j=1,...,n-1; i=1,...,m) shown in the left part of FIG.. 3 are
relative velocities on the discontinuities L;; (/=1,...,n; i=1,...,m) and M;; (j=1,...,n-1;
i=1,...,m), respectively. All the absolute and relative velocity vectors are closed, so as
to meet the velocity compatibility requirement. The geometric relations of velocity
vectors are expressed as the functions of §; (i=1, ...,m), a;,; (=1, ...,n-1; i=1,...,m).

FIG. 3. Velocity field of the failure mechanism.

CALCULATING PROCEDURE

It is assumed that the soils surround the tunnel is cohesive frictional
Mohr-Coulomb material, which obeys associated flow rule, with surcharge s on the



252 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

soil surface, and support pressure ot on the tunnel outline. The external work of P,
contributed by gravity in the failure zone is calculated as following:

P = 7/("025 +iisﬂ /lj 1)

J=1 i=1
Where vy, is the vertical compound of absolute velocity v, ;.
The internal energy dissipation of P.in the failure zone can be calculated as the
following:

—ccos¢[Lv0+22L/, ,,+2iM,, Vii z niVn,i @)

J=1 i=l J=1i=l
The external work of P contributed by surcharge os on the soil surface is
calculated as following:
P, =v,04L, (3)
The external work of Prcontributed by support pressure or on the tunnel outline is
calculated as following:

P =0; [b"o + ZL/ itV il j (€]
=

Support pressure or can be calculated by following expression, when the
incremental external work is made to be equal to the internal energy dissipation:

O-T:(P}’_'—PS_PC)/[Z)VO-'—Z ‘j,m+1 ]m+lJ (5)

The above expression is the object function of support pressure or, and can be
obtained by maximizing ot with variables of g; (i=1,...,m), a;; (j=1,...,n-1; i=1,...,m),
Liyand b;(j=1,...,n-1), subject to constraints the failure mechanism and velocity field
requires. As shown in FIG. 2 and FIG.. 3, the constraints of variables of §; (i=1, ...,m),
aj; G=1,...n-1; i=1,...m), L, and b; (j=1,...,n-1) should assure the geometric
conditions of failure mechanism and velocity field. The maximization procedure can
be performed by using present optimization software.

CALCULATION EXAMPLES AND DISCUSSIONS

In order to investigate the parameter influences of the results of support pressure
ot, we simply take the soil unit weight y=20 KPa, tunnel height D=10m, half of tunnel
width b=5m and yD/c=3.0 as invariable. And take the depth of cover C, soil internal
frictional angle ¢and surcharge os as variable. The results of support pressure ot for
various variables are shown in Table 1. For convenience to compare with the results of
cohesive soil materials, the results of (os-o7)/c are also shown in the Table.

As shown in Table 1, for soils materials with ¢-0°, the values of Support pressure
ot increased linearly with the increase of C/D and surcharge os. Also, for various
surcharge os, the values of (os-or)/c are equal to the same C/D which is presented in
FIG.. 5(a). The results are consistent with those of Davis, who follows that the stability
ratio N =[0 — 0, + Y(C+ D/2)]/c can be used for tunnel in undrained condition.
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Table 1. Support Pressure oy for Various Variables
o os C/D=1.0 C/D=2.0 C/D=3.0 C/D=4.0 C/D=5.0
©) | kpa)y| °T (KPa) | or(KPa) | or(KPa) | or(KPa) | or(KPa)
(6s-67)/c (os-67)/C (os-o7)/c (6s-61)/c (6s-67)/c
0 104.0 258.31 419.65 586.53 757.15
-1.56 -3.87 -6.29 -8.80 -11.36
0 200 304.07 458.30 619.66 786.48 957.38
-1.56 -3.87 -6.29 -8.80 -11.36
400 504.06 658.29 819.67 986.37 1157.2
-1.56 -3.87 -6.30 -8.80 -11.36
0 72.40 182.47 287.91 389.27 487.13
-1.09 -2.74 -4.32 -5.84 -7.31
5 200 233.62 331.45 427.04 520.27 611.31
-0.50 -1.97 -3.41 -4.80 -6.17
400 394.90 480.44 566.20 651.37 735.68
0.08 -1.21 -2.49 -3.77 -5.04
0 45.23 118.25 178.66 229.65 273.47
-0.68 -1.77 -2.68 -3.44 -4.10
10 200 171.89 222.87 266.51 304.59 338.35
0.42 -0.34 -1.00 -1.57 -2.08
400 289.60 327.57 354.74 380.26 404.23
1.66 1.09 0.68 0.30 -0.06

For soil internal frictional angle ¢= 0°, the values of support pressure ot increased
with the increase of C/D, with nonlinear relation. For various surcharge cs, the values
of (os-or)/c are not equal at this time for the same C/D, but increased with the increase
of surcharge os. That is to say, for frictional materials, the stability ratio
N =[o5 — 0, + Y(C+ D/2)]/ccan not be a single parameter to evaluate the stability of
shallow tunnels. And the soil internal frictional angle ¢ has significantly influences the
results of support pressure ot when its values increased.

FIG.. 4 shows the results of support pressure or for various variables without
surcharge os. It is seen that or and C/D has the linear relation when @0°, well
nonlinear relation when @0°. With the increase of soil internal frictional angle ¢ the
value of or needed for keeping tunnel stable decreased.

FIG.. 5(a) shows the values of (os-ot)/c for various variables with soil internal
frictional angle ¢0°. As mentioned above, the values of (cs-or)/c are equal to each
other with the same C/D and various ground surface surcharge os. And (os-ot)/c
decreased when C/D increased. It is found that if the values of (cs-ot)/c are below the
curved line, the shallow tunnel is in the stable condition, otherwise, when the values
above the curved line, the shallow tunnel is in the unstable condition.
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FIG. 4. Support pressure ot for various variables (ocs=0 kPa).

FIG.. 5(b) and (c) shows the values of (os-or)/c for various variables with soil
internal frictional angle ¢5° and ¢10°. The values of (os-or)/c are not equal to each
other with the same C/D and various ground surface surcharge os in cohesive
frictional materials. However, the values of (os-or)/c decreased with the decrease of
ground surface surcharge os and increase of C/D. It can also be found that the values
of (os-or)/c increased when the soil internal frictional angle gincreased. The stability
ratio N =[oy — 0, + Y(C+ D/2)]/c can be influenced and can not be a single parameter
when the tunnel is excavated in the cohesive frictional materials to evaluate the
stability of shallow tunnels.

(0s-G7)/C
B o

(0s-G7)/C
» o

(0s-O7)/C
A o

= 0s=0KPa = 0s=0KPa
-8t 81 o Gs=100kPa 8L+ Gs=100KPa
- 0s=200KPa - 0s=200KPa
-121 -121 -+ 0s=300KPa -121 —+ 05=300KkPa
-+ 05=400KPa -e- 0s=400KPa -e O0s=400KPa
(a) p=0° (b)p=5° (©9=10°

FIG. 5. Values of (6s-o1)/c for various variables.

FIG.. 6 shows the optimized failure mechanisms and corresponding velocity fields
for 6s=200 kPa and soil internal frictional angle 0°, 5° and 10°. The whole non-plastic
block is above the tunnel with the unit velocity of wy=1, and the absolute velocity
vectors in the side wall of the shallow tunnel are all shown in the right part. As can be
seen, the directions of velocity vectors turns from vertical to near horizontal gradually,
and its value also increased gradually. Shown in the left part of the tunnel side wall,
the optimized failure mechanisms are composed of a series of rigid blocks. It can be
seen that the velocity discontinuities in the bottom are all intersect to the lower corner
of the rectangular tunnel. With the increase of the soil internal frictional angle, the
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areas of the failure zone decreased, while the absolute velocities in the side wall are
increased. That is the reason that the shallow tunnel will be more stable when the soil
internal frictional angles increased.

Gs=200KPa Gs=200KPa Gs=200KPa

NN S TR N N TR NN N SO TN NN NN JN SO SRR NN SN SN SN R S N
YD c=3 YD c=3 YD c=3
0=0° $=5° 0=10°

y v )

FIG. 6. Optimized failure mechanisms and corresponding velocity fields.
CONCLUSIONS

This paper proposed a rigid block failure mechanism for shallow rectangular
tunnel in cohesive frictional soil, which can be used to obtain the needed support
pressure o for tunnel stability using upper bound solution. The obtained results shown
that the stability ratio N, follows by Davis, which can be used to evaluate tunnel
stability in cohesive soil materials, can not be a single parameter to evaluate the
stability of shallow tunnels in cohesive frictional soil materials. The parameter study
shows that the value of ot needed for keeping tunnel stable deceased with the increase
of soil internal frictional angle ¢ This is properly caused by the decrease of the areas
of failure zone and the increase of absolute velocities.
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ABSTRACT: The double down-side drifts construction method was put forward in a
shallow-buried weak tunnel. Its construction behavior was studied by numerical
simulation using MIDAS. Results show: (1) this method can improve tunnel load, the
key construction step is arch ring excavation and core soil is good to tunnel steady; (2)
weak parts mainly locate wall foot and crown foot of drifts, crown foot of tunnel and
the connections; (3) reinforcement of soil under the drifts has no apparent effect on
improving rock deformation and support load. From an economical and safety point of
view, main parts to be reinforced are drifts (its foot depth, connection parts with tunnel,
and its corners); core soil should be kept if rock is unsteady and needs reinforcing.

INTRODUCTION

The prominent character of shallow-buried weak tunnel is its serious influence on
the surrounding environment due to its stratum losses during excavation. Naturally,
how to effectively control ground surface deformation has become a hot issue during
tunnel design or tunnel construction. Researchers have made much progress through
studying the problem from these aspects: in-site monitoring, laboratory experiments,
numerical simulation and theoretical study (Dalgic, et al, 2000; Jeng Fushu, et al,
2002). However, excavation methods of weak tunnel are always traditional such as
short bench stage method, side drifts method, CD (Cross Diaphragms) method, CRD
(Center Cross Diaphragms) method, etc. A new construction method, double
down-sides drifts, is presented in this paper (Shi Shengli, 2007). Also its construction
behavior is studied by numerical simulation and some advice on tunnel construction is
given. Conclusions drawn from the paper can be used as guidance for similar weak
rock tunnel projects.

CONSTRUCTION STEPS AND LOAD ANALYSIS

The traditional excavation principle in shallow buried-weak tunnels is to divide a
large span into several small spans under preliminary strengthening measures, such as
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fractional excavation method, CRD and so on. The measures including advanced pipe
roof and ground grouting are adopted mainly to strengthen the rock around the crown.

Nevertheless, to some special shallow-buried weak tunnels, weak rock locates not
only in the above of the tunnel but in the below of the arch foundation and the invert.
Then there will be subsidence and cracks in the ground surface to different degree as
well as cracks in the arch foundation even under preliminary support of the pipe roof
in the arch, seeing Fig. 1. Why? Just because foundation beam can not be formed into
an effective bearing structure due to special weak foundation and special low bearing
capacity. The double side-down drifts method has some similarities to the CRD
method. For example, both of them are to firstly excavate the two sides of the tunnel.
But the double side-down drifts method lays emphasis on the treatment and
reinforcement of the below parts of the tunnel. Geometry conditions can be detected
and foundation can be reinforced in advance through utilizing advancing double
side-down drifts. Then tunnel construction will be safe.

Construction steps of the double side-down drifts are given as follows, seeing
Fig.1a: (1) excavation of double side-down drifts; (2) excavation of the crown ring
part; (3) excavation of the core part; (4) excavation of the below part and backfill of
the double side-down drifts; (5) casting of the secondary lining.

Force transiting mechanism of the double side-down drifts is also given as follows,
seeing Fig.1b: (1) vertical surrounding rock pressure transits to the strip foundations
of the drifts through steel girders and this will greatly reduce the subsidence of ground
surface and the steel girders; (2) horizontal surrounding rock pressure transits to the
undisturbed rock through one strip foundation and then transits to the other strip
foundation of the drifts.

NUMERICAL SIMULATION AND ANALASIS

To reduce influence of boundary confinement on calculation results, the left
boundary is 30 m away from the tunnel center, the right boundary is 30 m, the bottom
boundary is 30 m, and the top boundary is in the ground surface. Horizontal degree
of the left boundary is fixed as well as the right boundary. Vertical degree of
the bottom boundary is fixed and the top boundary is free.

Rock is supposed to be isotropic and satisfy Mohr-Column yield criterion.
Beam elements are used to simulate shotcrete and secondary lining. Table 1
gives properties of rock and support structures.

Fig. 2 shows settlements of crown and center of the ground surface vs.
construction steps without foundation reinforcement of double side-down drifts. From
the Fig. 4, we can see: (1) the total settlement is about 1.7 mm and it is good to rock
steady; (2) settlement during casting secondary lining is the maximum, 1.3 mm. This
is just because rock belongs to VI classification and is very weak. The main bearing
structure is the secondary lining. In this paper, it undertakes 70% load; (3) settlement
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during arch ring excavation is also very big. Therefore, in weak rock region,
particularly in the rock where steady time is very short or steady time is zero,
secondary lining should be cast as soon as possible.

foundation reaction
strip foundation

(a) Construction steps (b) Load analysis
Fig. 1. Construction steps and load analysis

Table 1. Properties of Mechanical Parameter

Materials E/GPa vy/kN. m? u c/MPa ¢ /°
VI rock 0.8 17.00 04 0.05 18
Preliminary support 28.98 22 0.2 - -
Secondary lining 31 25 0.2 - -
Support of side drifts 31 25 0.2 - -

Foundation reinforcement of side drifts 1.16 18 044 0.18 23

2. —o—surface center
—A—crown

Settlement (mm)

Construction steps

Fig. 2. Settlements vs. construction steps

Fig. 3 shows distribution of the maximum principle stress (supposed pressure
positive ‘+”), the minimum principle stress and shear stress during every construction
steps. We can know from the figure: (1) distributions of the maximum and minimum
principle stress are similar and symmetrical to the tunnel center. Stress concentration
mainly locates around the arch foot and foot corners of the double side-down drifts
where compressive failure may occur, so a great emphasis should be laid on these
parts during construction. The influence of the excavation on the maximum principle
stress is more serious than on the minimum principle stress due to its more curved
degree. (2) shear stress is anti-symmetrical to the tunnel center with its concentration
in arch foots and foot corners of the double side-down drifts too where shear failure is
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easy to happen. These parts should also be paid attention to during construction.

B — — S m—

—150~ — /-151- I 151..

| -i‘-’»«? 229, /
O max ‘:’f e \2 309
_JBB‘E_’{ =B st ‘“ 81~ 337

| — -
=y st 510 T
&(‘ RjS 196
e

300— :

~
3

N|elgls

a) step 1 b) step 2 c) step 3 d) step 4 e) step 5
Fig. 3. Stress distribution (unit kPa).
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Due to symmetry of the structure and construction, internal forces of the left
side-down drift are studied in Fig. 4. It is supposed that moment is positive (‘+’) if the
outer side of the drifts is tensile, axis force is negative (‘-’) if it is tensile. From the
figure, we can see:

(1) On the whole, moments increases as excavation area enlarges, but its
increasing gradient varies in different excavation steps. For instance, moment is -8
kN.m in step 1, -9 kN.m in step 2, -17 kN.m in step 3, -18 kN.m in step 4. Oppositely,
axial forces decrease as excavation area enlarges. The maximum gradient of moment
occurs in step 3, so is axial force. Therefore, core soil, as a side confinement, is good
to side drifts. If the tunnel is unsteady and has some risks, it is better to keep core soil
as soon as possible before emergent measures are taken.

(2) As excavation area enlarges, moment of the left side wall of the drift increases
a little, but axial force increase greatly due to rock pressure above the tunnel crown
transiting to the side wall through the drift crown. Generally, axial force is much larger
than moment in accordance with the character that the wall bears pressure.

(3) For the pressure near the right arch foot is undertaken by double side-down
drifts, moment of the right foot is smaller while moment of the left arch foot, left wall
foot and right wall foot is bigger. For the connection between the tunnel crown and the
left side drift is near to the left sidewall, most rock pressure is undertaken by the left
wall. Axial force of the left side wall is hence much larger than the right wall. During
step 3, the left side wall should be paid attention to for its axial force is tensile (20
kN).

(4) Moments of the connection between the tunnel crown and the left side drift
varies sharply during construction. For example, moment is very small (-13 kN.m) in
step 1 and step 2; then is very large (189 kN.m) and changes direction in step 3; then is
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small (-30 kN.m) and changes direction once more in step 4. Therefore, the connection
should be reinforced during step 3 for the safety sake.

30 -8 i
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sof 50 55l 4& e
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step (D step (& step @ step @

Fig. 4. Moments and axis forces of left side drift.

Fig. 5 shows internal forces of preliminary support structures. By analyzing the
figure, we can see:

(1) Moment is very small (2 kN.m) in step 2; then is very large (-189kN.m) and
changes direction in step 3; then is very small in step 4 and step 5. Why? Because after
step 3 (core soil excavation), the confinement of the side drifts and the excavation face
decreases; but after step 4, double side-down drifts is backfilled to increase the drifts’
stiffness.

(2) Moment of the crown, wall foot and invert is very small and axial force of the
below parts is smaller than in the above. This is different from internal forces using the
traditional excavation methods such as the whole excavation and bench excavation
method. Why? Just because most pressure transits through the tunnel crown, then
through the double side-down drifts, and finally transits to the foundation under the
drifts. Therefore, double side-down drift method can improve tunnel mechanism.

(3) During step 4, the connection between the tunnel and the drifts should be paid
attention to for its axial force is tensile.

momentﬂrﬂ m)
-0z 2?]"'_ ~
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Fig. 5. Moments and axis forces of initial support.
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Fig. 6. Forces without reinforcement. Fig. 7. Forces with reinforcement.

Fig. 6 and Fig. 7 show internal forces of the secondary lining with considering
foundation reinforcement or not. By analyzing the figure, we can see:

(1) Moment of the crown, wall foot, invert and the connections is larger and axial
force of the below parts is also smaller than in the above. The reason is the same to the
preliminary support structures’ analysis.

(2) Internal forces changes a little after foundation reinforcement except axial force
of the invert decrease from 94 kN to 76 kN. Therefore, to partly reinforce foundation
under the drifts has no apparent part in improving tunnel mechanism

CONCLUSIONS

1. To some shallow-buried weak tunnels, double side-down drifts can be used to
detect geometry conditions and reinforce the foundations in advance. Then ground
surface subsidence will be well controlled and tunnel construction will be safe.

2. The key construction step is core soil excavation which is good to tunnel
mechanism. The vulnerable parts locate wall foot of the drifts, wall foot and arch foot
of the tunnel, and the connections. So a great emphasis should be attached to these
parts.

3. From an economical and safety point of view, main parts to be reinforced are drifts
(its foot depth, connection parts with tunnel and its corners).
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Study on the Stratum Deformation Caused by Tunnel Excavation with Different
Division of Cross-Section
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ABSTRACT: Sequential excavation method is often used in urban tunnel
construction. Based on the stochastic medium theory and according to the stratum
deformation caused by element excavation, the stratum deformation united calculating
equation under this excavation method is studied, which can take into account the
development course of the deformation with the different tunnel section excavation.
Then the time-space rules of the stratum deformation caused by tunnel excavation
with different division of cross-section are discussed. The maximum of stratum
deformation and curvature arise after some part of the whole tunnel, rather than the
whole tunnel section has been excavated. Double-sidewalls heading excavation
method has more control effect on stratum deformation than central departure
excavation method. The study achievement can provide scientific basis for controlling
the stratum deformation caused by tunnel construction, and protecting the safety of the
buildings and pipelines around the tunnel.

INTRODUCTION

With the development of the industry and the expansion of the city in China, urban
tunnel and metro are built to improve the traffic condition. When tunnel is excavated
under busy roads in the majority cities, sequential excavation method is used to reduce
the disturbance to surrounding stratum and ground surface. In this method, the whole
cross-section of tunnel is divided into several smaller sections to excavate, and each
section has some distance in longitude. Under this method the movement and
deformation of the stratum around tunnel is far more complicated than full cross
section excavation, and the stratum deformation caused by each small cross section
will interact and superpose with each other. Many project cases show that the
reciprocal influence on different section’s excavation can not be ignored especially
when the longitude distance of sections are not very far away from each other.

As to the stratum deformation caused by tunnel excavation, many scholars have
studied, but most of them focused on the surface subsidence, and the stratum
inclination, horizontal strain are not calculated. Numerical computation methods such
as FEM seldom discuss the time effect of stratum deformation, although space effects
are considered. In this paper, which based on the stochastic medium theory, such
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problems are further discussed, calculated formulas are deduced and some revenant
laws are extracted.

STRATUM DEFORMATION CAUSED BY TUNNEL CONSTRUCTION

According to statistics, an underground excavation can be divided into
infinitesimal excavation elements. The effect due to the total excavation is then equal
to the sum of the effects caused by the infinitesimal excavations. An excavation with
an infinitesimal unit width, length and thickness (d¢, dganddi , respectively) is
called the elementary excavation. Assuming that the excavation depth of tunnel is H
and the excavation speed is v(m/d) from a starting point 7=0 to the right (Figure 1),
at any moment (7 ) in the time interval (0, t), the excavation length of tunnel is d7
and ¢=v7. According to the stochastic medium theory, the stratum subsidence
caused by elementary excavation d&dgd? at any place (X,Y,Z )and at any moment
t is (Yang and Liu 2002).

2 2

Wy 2= B {l_exp[_c(,_,)]}exp{_mn f[(X—§)2+(Y—vT)Z]}d§dgdn m
(z-n) (z-n)

Where C is the speed coefficient of stratum subsidence, [ is the main influence

angle of the stratum.

H
vt &

n 4n

FIG. 2. Diagram of arbitrary

FIG. 1. Diagram of vertical section. .
cross section

Assuming the area of the excavating cross-section of tunnel is €, when tunnel is
excavated, such space begins to distort, and the final areais a (Figure 2). According
to superposition principle, when the excavation time of tunnel is #, the horizontal
displacements along the X,Y axis are (Shi 2007).

WX, 2,0)= jj déin j’(“a“ )ﬁ{l expl- (t—z')]}exp{ Z’Zta“nﬂ[(x §)2+(Y—vr)z]}d1 @)

U (X.Y,2,1)= [j dfdnﬂ%(;;}_a{lfexp[fC(t—‘r)]}exp{— E’Z‘*T”)z [x -y +@-vep }dr (€)

,(X,Y,Z,0)= Ha’fd I'vtan ﬂY) VT){I expl-C(t - ‘r)]}exp{ T;ann)ﬁ [(X '35 (Y—VT)E]}(/‘[' “

The subsidence and horizontal displacement caused by tunnel excavation are no
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uniform, and thus will certainly cause the stratum inclination and horizontal strain.
The inclination 7, T,, horizontal strain E,, E,, and curvature ratio K, ,K, of
stratum along the X, Y axis can be calculated as follows :

T, =0W/dX , T, =W /oY 5)
E,=dU,/dX, E, =dU, /oY (©6)
K, =0W/aX*, K, =0"W/oY? o)

THE CALCULATION OF THE STRATUM DEFORMATION DURING THE
SEQUENTIAL EXCAVATION

Figure 3 shows the CD .
excavation method which is
prevalently used in urban metros. 1 3 L
The whole cross-section is wy *‘ 5 j 4
dividled into 4  smaller
excavation parts (part 1, 2, 3, 4
in the figure). A coordinate FIG.3. Diagram of CD excavation method.
system is established which is
shown in figure 4. Part 1 is excavated from the moment 7=0, the excavation speed is
v, ; after time Af,, the excavation of part 2 begins, the speed is v,; then after time
At, , the part 3 begins with the speed v, ; finally after At,, the part 4, and the speed is
v, . Assuming the four parts are all excavated continuously, and the excavation time of
part 1 is ¢ , then the excavation time of part 2 is #,=t- Af, ,while part3
isty;=t,- At,=t,- At,- At,, and part 4 ist,=t,- At;=t,- At- At,- At;. Assuming the
areas of the four parts are Q,, Q,, Q,,Q, after excavation, the areas of them
convergeto «,,a,, G, a, respectively. The horizontal distances from the centers
of the four parts to the origin of coordinates system are /,, /,, /; [, and the vertical
distances are h,, h,, hy, h,.According to superposition principle:

o Y

o

zyn

FIG. 4. The coordinate system of CD excavation.
W 2)= [] dginf) ST el - )ex{ sl (U] <y—v‘r)2]}dr

o ] s J:L“/’){l exp[—c(tz—r)]}exp{ LDty 40 vrf]}
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Q- (Z_h3 ) Z-h _77

+ ” dé&dn J.u v, tan’ ﬂ {1 expl-C(t, -7 ]}exp{ %[(X—l4—§)z+(Y—v47)z]dT

+ ” dé&dn J%M{l exp[— (t —T)]}exp{ (ﬂ'tan B [X+l - (Y—v37)2 ]}dz’
(Z_h./;_”) }

0, -,

(®)

The horizontal displacement, inclination, horizontal strain, curvature ratio of

stratum caused by sequential excavation can also be deduced through the same method,

and the detailed realization is ignored here.

When the tunnel is excavated by other methods (such as CRD excavation method,

sidewalls heading excavation method, bench method, etc.), the calculating formula can
be deduced according to the similar method.

ANALYSIS OF CASE HISTORY

General Introduction of the Case

Tongyoushan tunnel is located on South Nanerhuan Road in Liuzhou city in China.
Double arch structure is used for tunnel and NATM method is adopted to excavate.
There are 180 meters shallow cover part at the entrance of the tunnel, and the tunnel
depth is about 18 meters. The
layer of Qml is 3~5m depth
from the ground surface, and
below the Qml is marlite =
which has developed joint
fissure. The cross section and
excavation steps of [ o
Tongyoushan  tunnel are
shown in figure 5.

On the ground surface of
the shallow tunnel, there are several residential buildings. The excavation steps of
tunnel are that firstly excavating the central -heading tunnel, then right pilot-tunnel
and right tunnel, finally excavating the left tunnel. The excavating speed of the
central-heading tunnel is 3.0 m/d, and 2.5 m/d to right pilot-tunnels, 1.5 m/d to the
right and left tunnels. At each step of the construction, distort will occur around the
tunnel after excavation. And the deformation of the stratum can be calculated through
the formula which is deduced in this paper.

According to the monitoring data, the basic calculation parameters can be obtained.
The stratum deformation parameter tan/f is 0.969; the average subsidence of

middle lne of e tunnel
(2}
middle lineof right tunnel

4

FIG. 5. Excavation steps of the tunnel.

central-heading tunnel §,, is 21.28 mm, of right pilot tunnel S, 20.30 mm, and the

left and right tunnels S, is 32.13 mm. The time coefficient of subsidence C is
0.2231 (1/d).

The Calculation Results and Analysis

The results of ground surface subsidence observations of two cross-section after
central-heading tunnel excavated are compared in Figure 6 and 7 with the theoretical
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curve calculated from equation (8).

-40 -30 -20 -10 O 10 20 30 40 -40 -30 20 -10 O 10 20 30 40
e ™0 T L T o —6 T T
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3 3
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W(mm) 7 ® \Measured W(mm) 7 —e— Measured

FIG. 6. Comparison between observe  FIG. 7. Comparison between observe
subsidence and calculation results on  subsidence and calculation results on
K2+330. K2+370.

In order to study the development law of the stratum deformation at different
stages of excavation, the stratum horizontal displacement, inclination, horizontal strain,
curvature along the X-axis and subsidence are shown in figure 8 to12. In which, Curve
a is the result when central-heading tunnel excavates to the cross-section; Curve b is
the result when right pilot-tunnel excavates to the cross-section; Curve c is the result
when right tunnel excavates to the cross-section; Curve d is the result when left tunnel
excavates to the cross-section; Curve e presents the results when the whole tunnel is
finished.

From the calculation results we can see that:

(1) With the gradual excavation of different steps of Tongyoushan tunnel, the
stratum subsidence, horizontal displacement and inclination are all increasing, and
reach the peak at the end when the whole tunnel is finished. The location of the

[ Ux(mm)

o
X ()

30 L W(mm) 5L

FIG. 8. Distribution of subsidence.  FIG. 9. Distribution of horizontal displacement.
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Ex (/) O [
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FIG. 10. Distribution of inclination.  FIG. 11. Distribution of horizontal strain.
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FIG. 12. Distribution of curvature.

maximum value varies according to the excavation steps of tunnel.

(2) The maximum value of the stratum horizontal strain and curvature ratio does
not emerge when the whole tunnel is finished, but when the only one part of tunnel
(right tunnel) is finished. The stratum horizontal strain and curvature ratio when the
whole tunnel is finished are only a little larger than the one when the central-heading
tunnel is excavated. This means that to the tunnel which uses the method of sequential
excavation, if the final deformation is only considered, the precise judgment can not
be made on the safety of the buildings around the tunnel.

(3) The final distribution of the stratum deformation is symmetrical. But after the
different excavation steps of the tunnel, the distribution of stratum deformation is not
symmetrical because of the influence on the sequential excavation.

THE INFLUENCE OF DIFFERENT CROSS-SECTION DIVISION TO THE
STRATUM DEFORMATION

In order to study the influence on the stratum deformation by different
cross-section division excavation method, assuming that the excavated section is
horseshoe shaped. The span of which is 16 m, and the average value of constringency
is 30 mm, the depth from the tunnel vault to the ground surface is 10.0 m, the tangent
of main influence angle of the stratum is 1.0 and the influence radius R is 10m, the
speed coefficient of the subsidence is 0.2d™", and all parts of the tunnel is excavated at
the speed of 2.0 m/d (1.0CR). In the calculation, the central departure excavation
method (divided into left and right parts and each part’s span is 8.0 m), the
double-sidewalls heading excavation method (divided into left and right pilot-pits and
central pit, the span of the left and right pilot-pits is 4 m, and the central part is 8 m),
the sidewalls heading excavation method (the span of the side pilot-pit is 6.0 m, and
the other part is 10.0 m) are all studied. The distribution of ground surface
deformation under different excavating methods are shown in figure 13 - 17, in which
curve A, B, C is the calculating results of central departure excavation method,
double-sidewalls heading excavation method and sidewalls heading excavation
method respectively, while D is the calculating results after the whole tunnel is
excavated.

Figure 13 - 17 illustrate that:
(1) Although the final stratum deformations are the same under different methods
and same execution conditionare, but during the excavation process the deformation
varies when different parts are excavated. The deformation caused by
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double-sidewalls heading excavation method is the smallest while the deformation
caused by one-sidewalls heading excavation method is larger, and the largest arises
when applies the central departure excavation method.

(2) When applying the three excavation methods, the stratum horizontal strain and
curvature ratio are larger than the final value when the whole tunnel is finished. The
maximum deformation (stretch strain and positive curvature) arises on the middle of
the excavation parts, which is harmful to the surrounding buildings. Thus in practical
projects, when there are important buildings which is sensible to stretch strain, the side
near the building should be excavated first to minimize the harmful influence.

-30  -20 -10 0 10 20 X (m) 30

FIG. 13. Distribution of subsidence.  FIG. 14. Distribution of horizontal displacement.
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FIG. 15. Distribution of inclination. FIG. 16. Distribution of horizontal strain.

K(1/km) 1 =

X (m)

FIG. 17. Distribution of curvature.

Because there are a lot of reasons which caused the stratum deformation,
constringency under different excavation methods and supports varies from each other.
Such conclusions are based on the condition that constringency in the tunnel are the
same under different excavation method. So in practical projects the comprehensive
influence should be taken into consideration so as to control stratum deformation.

CONCLUSION
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Based on the stochastic medium theory, and take the time effect of stratum
deformation into consideration, the uniform calculation formula of the stratum
deformation during the tunnel excavation is deduced, and the time-space effect of
stratum deformation when different parts of tunnel are excavating is studied. All these
give support to the deformation control and building protection.

(1) The horizontal stratum deformation and curvature ratio are larger than the final
values when the tunnel is finished. The maximum deformation (stretch strain and
curvature) arises when the excavation is near the middle of the divided parts, which is
harmful to the surrounding buildings. Thus in practical projects, when there are
important buildings which is sensible to stretch deformation nearby, the side near the
building should be excavated first to minimize the harmful influence.

(2) Different divisions of the cross-section of tunnel have certain influence on the
stratum deformation, and compared with the central departure excavation method,
double-sidewalls heading excavation method has better effect on the stratum
deformation control around tunnel.
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ABSTRACT: Deformation of surrounding rock during tunnel excavation could be
regarded as a time sequence. In this paper, the auto regressive moving average (ARMA)
process of tunnel deformation prediction during construction, which can, to some
extent, modulate model parameters according to the input and output data, adjust them
to its optimal values in some statistical conditions through the iterative algorithm.
Firstly, the raw monitoring data is dealt with by difference operation (d=1) and the
stationary error time series is obtained. Secondly, the randomicity and the stabilization
of the error series have been analyzed to confirm the feasibility of ARMA model. Both
the autocorrelation function (ACF) and partial autocorrelation function (PACF) of the
error series are tested, and the order of model ARMA is obtained based on the AIC
criterion. Finally, the method of least square is adopted for parameter estimation. As a
test, this modeling is used to predict the surface settlement of a Shenzhen metro line 2
of China. The results of engineering case indicate that ARMA is reliable in
deformation prediction. In addition, the new-information model idea has been put into
the model to achieve the real-time forecast of settlement.

INTRODUCTION

As an important part of NATM, the processes of monitoring and measurement are
important and indispensable in the tunnel construction, which effectively reflect the
rock deformation and its mechanical behavior, and provide a suitable installation time
for tunnel lining structure. Scientific analysis and forecast real-timely on monitoring
data provide a precondition for supporting the strategic decisions of construction
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organization, as well as dynamic design. Several methods — both causal and non-causal
— have been proposed to forecast such measurement data. The former includes the
widely studied classification problem. The later, on the other hand, study the historic
values of a variable in order to forecast its future value. Many forecast models have
been proposed and implemented in this field including linear regression (LR),
supporting vector machines (SVM) and neuro-fuzzy models (NFM). LR, usually
adopting multivariate linear or exponential function model, is too simple to reflect the
real impact from the construction progress, while SVR could not get satisfactory
results for the trouble choosing appropriate kernel function. By comparison, Time
series methods are generally used when there is not much information about the
generation process of the underlying variable and when other variables provide no
clear explanation of the studied variable. In this paper, the in-suit monitoring and
measurement data of surrounding rock is regarded as a time sequence, and the rock
deformation and its mechanical behavior is modeled by an ARMA process and
secondly on a accuracy comparison of different model parameter.

ARMA MODELING TECHNIQUE

ARMA modeling belongs to a class of modern spectral analysis techniques, which
is more generally known as autoregressive (AR) time series modeling. The ARMA
method is the preferred method for this class since it is the best compromise between
temporal resolution and speed, efficiency and simplicity of algorithms. Consider
<y.te Z}, Z the set of integers, autoregressive-moving average (ARMA) process of
order (p, q) in dimension n, which satisfies the vector difference equation

P q
Yax, =Y pe .tez )
i=0 j=0

where <¢,te Z } is the innovation process, a sequence of independent zero-mean
n-dimensional random variables each having positive definite covariance matrix ). ,
and where «,, 5, € R™" ,are the parameter matrices, anda, = B, =1,.

We use L to denote the backward shift operator on Z , for example Ly, =y, ,; then (1)
can be written as

a(L)y, = By, where

»
a(z)=1-Y a,z’ #0,
j=1

z|<1 ﬁ(z)zl—zq:ﬂ/zj #0,

zl<1 )

are the associated matrix polynomials. We further assume the eigenvalues of the matrix
polynomials a(z) and SB(z) to be outside the unit circle so the elements of o' (z)
and S7'(z)can be written as power series in z. These eigenvalues are obtained by
solving the scalar polynomials dat(a(z))=0 and dat(b(z)) =0, where dat(x) is the
determinant of x. We assume that the matrix polynomials &(z) and f(z) have no
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common eigenvalues.

Let «y,,r=1,--N}be a time series generated by the ARMA process (2) and let the
set of parameters 9= (0, --,,), where denotes transposition and/= n*(p+q). The
following definition of the parameter vector U is
introducedl‘)zvec(al,az~~,ap,ﬂ1,ﬁ2~-~,ﬂq), where vec X as usual stands for the
vector resulting from stacking the columns of a matrix X on top of each other. We
assume, as usual, that the nuisance parameters included in Y, are functionally
independent from the parameters of interest included .

ENGINEERING SURVEY AND DATA ACQUISITION

In order to ease the traffic pressure of Shenzhen, Guangdong of China, in 2007, the
government decided to increase a 17.2 km-long subway-Shenzhen metro line 2, from
the tourist attractions-Window of World of Nanshan District, to South Dongmen of
Luohu Dist. It is worth noting that there are Multi-residential buildings and a variety of
floor office building near the Window of World, the monitoring and prediction were
indispensable for construction security.

The actual data used in this work according to the ground settlement in
YDK15+238, being a time series that contains the daily ground settlement covering the
period from November 10, 2007 to June 6, 2008 (Fig. 1). The total displacement had
an obvious increasing trend. The first necessary step that must be done is to remove
this feature. This is achieved as following:

Date
3
30-Dec 13-Feb 8-Apr 23-May 5
=) = ol
)
-3
FIG. 1. Ground Settlement in FIG. 2. Ground Settlement in YDK15+238
YDK15+238. after Removal of Trend.
* Assume a vector of daily loads: {z,---,z,}

e First-order difference of the total settlement x, =z, -z, ,, got the settlement rate

-1

series (X}, if the Var{X]<2.0xS.E[X]=+Var[X], then, {X}can be
regarded as zero mean series, otherwise:

_ o N
e Zero mean normalization Y =X,—-X, where X = 1/1\/2)5,, , got series {Y}

i=1
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The resulting time series (Figs. 2) show no apparent trend. It can be considered as a
realization of a stationary process.

MODELING WITH ARMA PROCESSES

In addition to that, both the Auto Correlation Function (ACF) and Partial Auto
Correlation Function (PACF), obtained as formula (3) and (4), tend very fast to zero
(Figs. 3 and 4) showing that series{Y} can be modeled by an AR or an ARMA model.
An m-variate ARMA model of order (p, q) [ARMA (p, q)] for a stationary time series
of vectors y observed at equally spaced instants k=1,---,n is defined as equation (1),
and the following task is the estimation of the predictor’s matrix coefficients
{ 4, Bj}Determining the order of the ARMA process is usually the most important part
of the problem. Over the past years, substantial literature has been produced for this
problem and various different criteria, such as Akaike’s, Rissanen’s, have been
proposed to implement the order selection process. Using the real data provided
ARMA model order® identification and parameter estimation was accomplished by
the Akaike’s AIC (A-Information Criterion).

1.0 4
—#—PACF
0.2
0.6
0.4
MINYAN TS
00 » «* m |
V - e
5 il 15 20
L
0.4 0.4

FIG. 3. The ACF for the Mean Stationary  FIG. 4. The PACF for the Mean Stationary

Series. Dashed Lines Represent the Series. Dashed Lines Represent the
Bounds of Confidence Intervals. Bounds of Confidence Intervals.
AIC(n)=Ino>(n)+2n/ N 3)

The optimization procedure led us to the following ARMA (p, q) model, their
parameters listed in Table 1.

From Table 1, one can see that the loss function of ARMA (2,1) is less than ARMA
(2,0) but more than ARMA (4,5), which show that {y} is likely to be modeled by
ARMA. Furthermore, the loss function difference between ARMA (4,5) and ARMA
(2,1) is too be small to be ignored. Then the optimization model is ARMA (2, 1).
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Table 1. Modeling Results of the Comparison

9 ARMA(p,q)
“4,3) 2,1 (2,0
a 1.613 0.9069 0.02949
a, -0.9425 0.05186 0.05485
A 0.2017
a, 0.0664
A 1.635 0.9168
i -0.9754
B 0.2269
Loss function 0.2347 0.2359 0.2477

NEW-INFORMATION PREDICTION

It is necessary to continuously measure the deformation along with the development
of the construction, update the new monitoring data real-timely. Adding new samples
to the training set, replacing the old ones, and regenerating the prediction model is
called the equal-dimension new-information model method. Put the equal-dimension
new-information model idea into model ARMA (2,1), and forecast real-timely the
settlement in the next 10 days (Table 2).

Table 2 Comparisons between the Prediction and Monitoring Data

Relative Absolute
Time Monitoring | Prediction
Error Error
M-D /mm /mm
% /mm
6- June 2.07 1.90 8.0% 0.17
7- June 2.98 2.94 1.4% 0.04
8- June 3.16 3.28 -3.9% -0.12
9- June 2.56 2.82 -10.2% -0.26
10- June 2.36 2.53 -7.2% -0.17
11- June 1.80 2.32 -29.1% -0.52

All the monitoring data and its prediction value are shown in Table 2, the maximum of
absolute error is 0.26 mm, the minimum is 0.04 mm, and the average relative error of
this model is only 6.8 %, as indicates that it is feasible to forecast the deformation
during the tunnel construction based on ARMA(p,q).
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CONCLUSION

According to monitoring data of tunnel by NATM method, the data was regarded as
a time series. The stationary process would be obtained after first-order difference
operation and zero mean normalization of the raw monitoring data. The analysis by
Auto Correlation Function (ACF) and Partial Auto Correlation Function (PACF) show
that the series could be modeled by ARMA. Using the real data provided ARMA
model order ¥ identification and parameter estimation was accomplished by the
Akaike’s AIC (A-Information Criterion). As a test, this modeling is used to predict the
surface settlement of Shenzhen metro line 2 during excavation. The results of
engineering case indicate that ARMA is reliable in deformation prediction. In addition,
the new-information model idea has been put into the model to achieve the real-timely
forecast of settlement during urban tunnel construction. The requirements of urban
tunnel construction are stricter on the environmental requirements. ARMA model can
provide a short-term prediction on the surface subsidence.
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ABSTRACT: Multi-waterproof measures are adopted to highway tunnel, where
waterproof membrane is the most vital link between initial lining and final lining during
waterproof system. In light of plenty of field monitoring data by compress sensors, the
article presents phase and position of the maximal compress stress of waterproof
membrane during pouring final lining, and different calculation formula of analyzing
self-weight stress and temperature stress of concrete. The article also presents tensile
stress condition under surrounding rock bad extra-excavation and stress calculation by
finite element method (FEM) of nonlinear hardening constitutive model. The mechanic
characteristic contributes to applied value for simplifying reliability assessment
parameters and conducting safety construction for waterproof membrane.

INTRODUCTION

It is well known that highway tunnels give birth to many quality problems: such as
tunnel seepage, lining fracture and limit infraction, which tunnel seepage comes to the
chief problem for its emergence frequency. According to field investigation, ninety
percent of highway tunnels at home give birth to seepage in different seepage flow, even
if waterfall.

New Austrian Tunneling Method (NATM) is adopted to design and construct current
highway tunnel. On tunnel drainage, comprehensive principle for surrounding rock
inflow water dispose is adopted by combining drainage, intercept and caulking joint.
Waterproof membrane is the most vital link between initial anchor-shotcrete support
and final lining.

Although multi-waterproof measures are adopted to highway tunnel, many factors,
such as bad surrounding rock (e.g., layer slate local collapse), blasting skill and
constructor quality, conduce to final lining seepage. Final lining seepage must be
provided with two conditions. One is that waterproof membrane is destroyed during
construction or by convexity during final lining pouring concrete or that bonding leads
to fracture. The other is that water pressure accumulates to a certain value. Once final
lining hydraulic pressure trolley (HPT) is positioned, waterproof membrane becomes
concealment structure without doubt. The aim of paper is to investigate mechanic
characteristic of waterproof membrane during concrete pouring and consolidation to
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resolve reliability of waterproof membrane because of convexity or extra-excavation of
surrounding rock.

WATERPROOF MEMBRANE MECHANIC IN-SITU MONITORING

Reliability of field data depends on reasonable installation of compress sensors.
Researchers such as Zhao and Gao (2002), Li (2002),Wang and Hu (2003), Zhao and
Xie (2004) published different solution for installing compress sensor to monitor and
survey compress stress between initial lining and final lining by man-made drilling or
initial anchor-shotcrete support surface fixup. The author offers a new and reasonable
solution for installing compress tensor on base of long-term field monitoring and
surveying work during tunnel construction (fig. 1). Compress sensor is put into a bag by
two different area waterproof membrane bonding together on the side of final lining.
Certainly pay attention to selecting flat position of surrounding rock. This solution
could posses the following benefits:

(1) It is for the first time to monitor and survey stress of waterproof membrane. Even if
there is a gap between initial lining and final lining, the compress sensor on the top of
tunnel could offer compress stress value, which avoids wasting sensor.

(2) Waterproof membrane possesses a certain flexibility to regulate position of sensor,
which avoids bearing point load only at two side-points position.

(3) Waterproof membrane possesses certain strength and compress sensor is sealed in
bag, which avoids confined stress from concrete of final lining;

(4) This solution for installing compress sensor is simple and shortcut, without
disturbing normal tunnel construction.

FIG. 1. Compress sensor with sealed installation.

MECHANIC CHARACTERISTIC OF WATERPROOF MEMBRANE
Introduction

XueFeng mountain tunnel is the third lengthy highway tunnel at home. In order to
resolve subject on key technology research of extra-length XueFeng mountain highway
tunnel, many monitoring sections were installed. Figure 2 shows a long-term



278 GEOTECHNICAL SPECIAL PUBLICATION NO. 192

monitoring result from a typical section where seven compress sensors were installed
along with waterproof membrane circumference.
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FIG. 2. O~ ! curve at different point in typical measuring section.

Compress Mechanic Characteristic

Figure 2 illustrates the following compress stress mechanic characteristic of
waterproof membrane:

(1) All compress sensors possess a similar mechanic characteristic that waterproof
membrane compress stress comes to the maximum during concrete pouring ( Point B,
fig. 2), and compress stress decreases with concrete consolidation. when final lining
HPT is dismantled, waterproof membrane compress stress suddenly decreases because
of concrete elastic deformation (Point C, fig. 2).

(2) The maximal compress stress appears in side-wall position, while the minimal
compress stress appears in the top of tunnel.

(3) Final lining HPT is dismantled under the condition of concrete consolidation to 80
percent of total compress strength. Comparing to final lining pouring, the compress
stress from surrounding rock deformation toward waterproof membrane is little. The
compress stress from surrounding rock deformation is equal to 3 to 10 percent of
maximum compress stress from final lining pouring.

(4) Researchers such as Zhao and Gao (2002), Wang and Hu (2003), Zhao and Xie
(2004) regard the minimal compress stress (Point C, fig. 2) as the compress stress from
surrounding rock deformation toward waterproof membrane. In fact, the compress
stress(Point C, fig. 2) only is produced by self-weight stress and temperature stress of
concrete.

(5) The phase for reliability assessment of waterproof membrane should consider
pouring final lining phase, not surrounding rock deformation phase after dismantling
final lining hydraulic pressure trolley.

(6) Self-weight stress of concrete and temperature stress of concrete commonly result
in compress stress of waterproof membrane. The former stress is far lager than the latter

stress.
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Tensile Stress Condition

During final lining concrete pouring, waterproof membrane may produce tensile
stress, which depend effective surrounding rock wall perimeter L, ,design surrounding
rock wall perimeter L,and waterproof membrane margin value L, .The relationship
may be expressed by

L
Usually there is a decided relation between design surrounding rock wall perimeter
and waterproof membrane margin value. The relationship is defined by
L,=0.15L, ?2)
Substituting Equation (2) into Equation (1), we have
% >1.15 3)

0

WATERPROOF MEMBRANE MECHANIC ANALYSIS
Waterproof Membrane Tensile Analysis

Waterproof membrane quality inspection provides with tensile strength and a relation
curve between tensile power and elongation, which could be transformed into
stress-strain relation curve of waterproof membrane. Waterproof membrane possesses
stress hardening mechanic characteristic. When tensile analysis is taken into account
under the condition of gap between waterproof membrane and initial lining, FEM is the
optimal choice by adopting shell cell (shell51), stress harden and nonlinear
elastic-plastic constitutive model and two side fixed, central pressure and plain strain
physical model.

Waterproof Membrane Compress Analysis

Under the condition of continuous pouring concrete and dense condition, self-weight
stress of concrete can be calculated by the following formula
o,=yh (4

where ¥ refers to specific gravity of concrete, 4 refers to height apart monitoring
point.

Because of constraint from surrounding rock and final lining HPT, temperature stress
of concrete can be calculated by the following formula

o, = E()oAT(t) (5)

Where o refers to linear delate coefficient, AT(¢) refers to a time function, which
can be measured by thermometer easily. £(¢) refers to a time function ,which can be
calculated (Zhu,1998)

E(t) = (1—exp(-0.28:10.52)) *3el0 (6)
Where ¢ refers to time.

Combining Equation (4) and Equation (5) total compress stress ¢ of waterproof
membrane can be calculated:

0=0,+0; @)
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CONCLUSIONS

Here we may draw the following conclusion:

1. It is for the first time that the author has implemented monitoring and surveying
stress of waterproof membrane during construction, and has applied for reliability
assessment of waterproof membrane successfully.

2. The author offers a new and reasonable solution for installing compress tensor in the
form of bag, which has many benefits.

3. It is emphasized that the minimal compress stress (Point C, fig. 2) is not produced by
surrounding rock deformation toward waterproof membrane, but by self-weight stress
and temperature stress of concrete commonly.

4. The paper has pointed out that reliability assessment of waterproof membrane should
consider pouring period of final lining during pouring period. The maximum compress
stress of waterproof membrane produce by self-weight stress and temperature stress of
concrete commonly and provide with calculation formula respectively. Total
monitoring curve shows that compress from initial lining toward final lining begin with
B point the total compress value is equal to (0, — 0, ), which usually is less than that
from pouring period.

5. During final lining concrete pouring, waterproof membrane may produce tensile
stress, which depend effective surrounding rock wall perimeter L,, design surrounding
rock wall perimeter L, and waterproof membrane margin value L,. FEM is the optimal
choice by adopting shell cell (shell51), stress harden and nonlinear elastic-plastic
constitutive model and two side fixed, central pressure and plain strain physical model.
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ABSTRACT: Based on the Chenjiaqiao tunnel project, the construction process of
tunnel under different surrounding rock conditions and with various construction
methods is analyzed with MIDAS program. The mechanical behavior under complex
process of construction and the optimization of the construction process of multi-arch
tunnel are studied by the analysis of the monitoring measured data and the numerical
analysis results. The main contents of the research contain: The 3D elastoplastic model
of multi-arch tunnel is set up, which contains Grade III, IV and V surrounding rock.
The stress of the surrounding rock and the supporting structure at typical excavation
stage under above three excavation methods are simulated and analyzed. The
monitoring data is analyzed and compared with the simulated data. The reasonable
distance between the working faces of the right and left tunnel is obtained.

INTRODUCTION

Because of the multi-arch tunnel’s big span and small ratio of rise to span, it has
various construction procedures. If the excavating method and the time for supporting
are unreasonable, these are inclined to cause tunnel damages such as collapses and
lining cracks. Therefore, it is necessary to study the excavating and supporting
processes of multi-arch tunnel, so as to provide basis and guidance for the design and
construction of multi-arch tunnel.

PROJECT INTRODUCTION

Located on a hilly area, Chenjiaqiao tunnel is a two-way-and-six-lane multi-arch
tunnel of Wenzhou Ring Expressway, with 282 m in full length, 10.86 m in maximum
excavation height, and 35.24 m in maximum excavation span width. The surrounding
rock of the tunnel’s entrance and exit section is Grade V, and the rock inward from the
two ends is Grade IV and Grade III in sequence, according to the Chinese Code for
Design of Road Tunnel. See table 1 for the surrounding rock parameters.
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Table 1. Surrounding Rock Parameters of Chenjiaqiao Tunnel

. Young's . . L
Bulk Density Poisson's | Cohesion Friction
Grade of Rock Modulus . °
(kN/m3) (GPa) Ratio (MPa) Angle (°)

11 25 6.0 0.28 0.80 40

v 22 1.5 0.33 0.35 28

\Y 20 0.8 0.38 0.15 22

The middle wall of multi-arch tunnel is in a curve profile, which is made of C25
reinforced concrete. With the three-centered inner profile as the combined lining
structure, the tunnel’s primary supporting measures include anchor rod, double-layer
rebar mesh, and shotcreting, etc. The integral moulded concrete structure is adopted
for the second lining. See table 2 for the supporting parameters.

Table 2. Supporting Parameters of Chenjiaqiao Tunnel

Grade of Shotcreting Anchor Rod Rebar Mesh | Steel Arch ieifl(i)::d
Rock C20 (m) ®25 (m) (m) (m) (m) g
11 0.15 3.5@1.2x1.5 0.15x0.15 - 0.45
v 0.25 4.5@1.2x1.0 0.15x0.15 @1.0 0.50
\Y 0.30 4.5@1.2x0.5 0.15x0.15 @0.5 0.60

Chenjiaqiao tunnel is excavated from the exit in one direction. The excavation of the
left tunnel is lagging behind that of the right tunnel. Because of the poor rock
conditions at the Grade V and Grade IV section of the tunnel exit, three-pilot-tunnel
measure is taken. For the better rock condition at the Grade III section, by comparing
the middle-pilot-and-half-section method with the middle-pilot-and-full-section
method, the middle-pilot-and-full-section measure is adopted.

NUMERICAL SIMULATION OF CONSTRUCTION

The finite element method is applied to the numerical simulation of construction
process which mainly includes the partial excavation of rock-soil body and the
layering arrangement of supporting structure. The finite element equation describing
the mechanics properties at different construction stages can be written as follows:

{[KJ+[AK HAS ={AF, }+{AF }+{AF, ) (=1...L) (1)

Where: L is the number of construction stages; [K,]is the initial total rigidity
matrix of the rock-soil body before excavation; [AK'] is the increment and decrement of
the rigidity of rock-soil body and supporting structure; (a3 is the equivalent node
force of the released load at the excavation boundary during the No. i construction
stage; {AF,g}iS the equivalent node force of the newly added self-weight during the
No. i construction stage; {AF, } is the equivalent node force of the increment load
during the No. i construction stage; {A§,} is the increment of node displacement
during the No. i construction stage. When the rock-soil body is under the non-linear
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flexible conditions or the elastoplastic conditions, by taking constant stiffness
increment iteration, the calculating equation of each construction stage can be
illustrated as:

[K,J{AS Y ={AF Y (i=1...Lik=1..,N) @)
Where: N is the non-linear iterative step.

Four calculating models are established, i.e., simulating the middle-pilot-and-half-
section construction process and the middle-pilot-and-full-section construction process
at the Grade III rock section, the three-pilot construction process at the Grade IV and
at the Grade V rock section.

For the three dimensional effect simulation, 6D~7D is used for the transverse width
and 2D~3D for the longitudinal length for this calculation of which D is the diameter
of single tunnel. The single tunnels’ average diameter of Chenjiaqiao tunnel is 16.5 m.

During calculation, hexahedron unit simulates the surrounding rock, second lining
and middle wall; plate unit simulates the shotcreting and truss unit simulates the
anchor rod.

=5 N
Fig. 1. Simulation model of middle-pilot Fig. 2. Simulation model of
-and-full-section construction process. three-pilot construction
process.

MECHANICS PROPERTIES ANALYSIS DURING CONSTRUCTION

The analysis of simulating calculation indicates that during construction the stress
variation of surrounding rock concentrates at the perimeter of tunnel structure,
including the affecting area of anchor rod, the top and bottom of middle wall, which
should be emphasized during construction and stress analysis of surrounding rock.

The affecting area of stress that the main tunnel construction acts on the surrounding
rock mainly concentrates within 12 m-16 m at the back from the working force of the
main tunnel at the same side. The main tunnel construction of one side affects slightly
on the surrounding rock stress of the other side tunnel at Grade III rock section. But at
Grade IV and Grade V rock sections, the influence that the main tunnel construction
of one side acts on the surrounding rock stress of the other side tunnel is greater.

During the whole construction, the middle wall is basically under the condition of
eccentric compression. The anti-overturning and deflection of the middle wall should
be considered during construction. The surrounding rock at the top of middle wall is
disturbed greatly for many times, of which the stress value and the fluctuation degree
are obviously greater than those of the side surrounding rock of main tunnel.
Therefore, the influence that the excavating space of the right and left tunnel exerts on
the middle wall and top rock should be considered during design and construction.
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Fig. 3. Vertical stress of middle wall Fig. 4. Vertical stress of middle wall
after excavation of right tunnel. after excavation of left tunnel.

The tension of shotconcrete at some locations of Grade III rock exceeds its ultimate
tensile strength, so the supporting should be strengthened or the second lining is
timely constructed. The anchor rods with great stress are mainly located between the
hance and arched crown of two main tunnels, and with small stress at the side wall and
between the arch foots, the force applied is becoming bigger with the increase of
surrounding rock’s grade, so the length and space of the anchor rods in this area can be
considered to be optimized during design.

By comparing the stress between the full-section method and half-section method, it
is shown that the variation laws of internal forces by means of two methods are
basically the same. The stress of half-section method is slightly bigger than that of the
full-section method, so after the middle wall and neighboring rock is well protected,
the full-section excavation method can be adopted for reducing working procedures
and accelerating construction process.

The global stress of the second lining at Grade IV and Grade V rock section is
significantly greater than that of the Grade III rock section, which is becoming bigger
with the increase of surrounding rock’s grade. This indicates that the second lining,
primary support and surrounding rock are together bearing the perimeter loads, and the
second lining at Grade IV and Grade V rock section not only to be the long-time
safety reservation.

REASONABLE SPACE BETWEEN TUNNELING FACES OF TWO HOLES

For further study on the influence that the left tunnel construction acts on the arch
crown of the right tunnel, the excavating spaces are set as 24 m, 32 m, and 48 m by
using the middle-pilot-and-full-section calculation model at the Grade III rock section.
24 m means that the left tunnel excavation begins after the right tunnel is excavated
24 m, and so do the 32 m and the 48 m.

For the convenience of analysis, the arch crown of the right tunnel opening is chosen
as the characteristic points. See Fig. 5 for the varying curve of the characteristic
points’ settlement of arch crown with the advancing of main tunnel’s working face
under conditions of different spaces.

From the settlement-varying curve, it is shown that if the excavating face space of
the right and left tunnel is too close, it has a great influence on the settlement of the
right tunnel. At this, the space between excavating faces more than 32 m will affect
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Fig. 5. Settlement varying curve of right tunnel’s arch crown.

less on the settlement of the right tunnel.

By the same method, it can be calculated and analyzed that the space about 40m is
comparatively suitable at the Grade IV rock section and if the space is more than 40m
at the Grade V rock section, the left tunnel excavation will affect less on the settlement
of the right tunnel’s arch crown.

By taking average excavating span of single tunnel D=16.5m, the spaces between
the excavating faces of the right and left tunnel under conditions of Grade III, IV and
V rock condition are respectively 1.9D, 2.5D and 2.5D~3D.

CONSTRUCTION MONITORING OF TUNNEL

The monitoring settlement of arch crown is performed during construction. See Fig.
6 for the simulated results of the settlement at the right tunnel’s arch crown of
YK25+160 section, and Fig. 7 for the on-site measured results of the arch crown’s
settlement of this section.
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Fig. 7. Settlement-time curve of actual
accumulated settlement of arch.

In the Fig. 6, the pace 1 to pace 46 represent the settlement that the pilot excavation
affects the rock of this section; and pace 46 to pace 47, the settlement of this section
during the excavation of right tunnel; pace 50 to pace 60 are the 10 paces before and
after the excavating faces passing the objective section YK25+160; pace 68 to pace 88
show the settlement during the excavation of left tunnel; pace 89 to pace 100 indicate
the settlement during invert excavation and the supporting process of the second
lining.

The Fig. 7 is the varying curve of accumulated settlement of arch crown of the right
tunnel of YK25+160 section with the date from September 2006 to January 2007, in
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which the time from the last ten-day of September 2006 to the middle ten-day of
January 2006 is the stage of right tunnel excavation while the left tunnel is not started;
the time from the middle ten-day of November 2006 to the middle ten-day of
December 2006 is the stage the left tunnel excavation starts and passes the
corresponding location to this section; the time in and after the last twenty-day of
December is the stage of invert excavation and supporting of the right tunnel opening.

By comparing the simulated results with on-site measured results of the arch crown
settlement of YK25+160 section, the varying process and trend of two are basically
the same. Actual measurement or numerical simulation, both indicate that the left
tunnel (lagging tunnel) excavation and invert construction will affect the stress and
deformation of the right tunnel (preceding tunnel). When the excavating face of left
tunnel passes the objective section, this will have a great influence on the surrounding
stress of right tunnel.

CONCLUSIONS

By making 3-D numerical simulation, combined with the monitoring measurement
data on site of Chenjiagiao tunnel, the optimum analysis is performed for the
construction process. The conclusions are made as follows:

(1) The global stressing of the second lining is growing with the increase of rock
grades. For the Grade IV and V rock sections, the second lining is not only for the
long-time safety reservation, and it bears the perimeter loads together with primary
supporting and surrounding rock.

(2) The reasonable spaces between the excavating faces of the right and left tunnel
should be controlled about 1.9D for the grade III rock section; 2.5D for the grade IV
rock section; 2.5D ~ 3D for the grade V rock section.

(3) When the middle-pilot is constructed, the middle-pilot’s top and bottom rock
should be strengthened and the concreting quality of middle wall should be ensured.
(4) The numerical simulation and the practice show that the middle-pilot-and-full-
section method is feasible at the Grade III rock section of Chenjiagiao tunnel. The
whole construction goes smoothly in safety without any accidents and so far the tunnel
has been gone through.
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