GEOTECHNICAL, GEOLOGICAL AND EARTHQUAKE ENGINEERING

DEFORMATION ANALYSIS
IN SOFT GROUND IMPROVEMENT

JINCHUN CHA
JOHNP.-CARTER

@ Springer



DEFORMATION ANALYSIS IN SOFT GROUND
IMPROVEMENT



GEOTECHNICAL, GEOLOGICAL AND EARTHQUAKE
ENGINEERING

Volume 18

Series Editor

Atilla Ansal, Kandilli Observatory and Earthquake Research Institute,
Bogazici University, Istanbul, Turkey

Editorial Advisory Board

Julian Bommer, Imperial College London, U.K.
Jonathan D. Bray, University of California, Berkeley, U.S.A.
Kyriazis Pitilakis, Aristotle University of Thessaloniki, Greece
Susumu Yasuda, Tokyo Denki University, Japan

For further volumes:
http://www.springer.com/series/601 1



Deformation Analysis in Soft
Ground Improvement

by

JINCHUN CHAI
Saga University, Japan

JOHN P. CARTER
The University of Newcastle, Callaghan, NSW, Australia

@ Springer



Jinchun Chai

Saga University

Department of Civil Engineering
and Architecture

Honjo 1

840-8502 Saga

Japan

John P. Carter

The University of Newcastle

Faculty of Engineering and Built
Environment

University Drive

2308 Callaghan

Australia

chai@cc.saga-u.ac.jp John.Carter @newcastle.edu.au

ISSN 1573-6059

ISBN 978-94-007-1720-6

DOI 10.1007/978-94-007-1721-3
Springer Dordrecht Heidelberg London New York

e-ISBN 978-94-007-1721-3

Library of Congress Control Number: 2011931773

© Springer Science+Business Media B.V. 2011

No part of this work may be reproduced, stored in a retrieval system, or transmitted in any form or by
any means, electronic, mechanical, photocopying, microfilming, recording or otherwise, without written
permission from the Publisher, with the exception of any material supplied specifically for the purpose
of being entered and executed on a computer system, for exclusive use by the purchaser of the work.

Printed on acid-free paper

Springer is part of Springer Science+Business Media (www.springer.com)



Preface

This book describes a variety of analytical and numerical models, based firmly on
experimental evidence from observations made in both the laboratory and the field,
which can be used in geotechnical engineering to make predictions of soil defor-
mations arising from or associated with ground improvement techniques. The use
of such techniques is becoming ever more popular in soft ground engineering. The
deformations of the ground addressed in this work are often time-dependent and,
given that soft soil behaviour can be highly non-linear, they are often difficult to
estimate reliably.

This volume was inspired by the work of many researchers, practitioners and
authors who have made significant contributions to this important field of geotech-
nical engineering. In writing the book it was the intention of the authors to provide
a state of the art and practice in this field, at least as they stand at the time of writ-
ing. Ground improvement technology and our analytical and numerical capabilities
are advancing at such a pace that there is a significant risk that such a volume may
date quickly. Nevertheless, the fundamental mechanics of the soft soils to be treated
will remain the same. It is our ability to describe and model them more accurately
and reliably that may change with time, along with the evolving technologies being
developed to improve their mechanical behaviour.

The book is directed towards students of geotechnical engineering as well as
geotechnical practitioners. In the main it provides rather complete derivations of
most of the important theoretical results, rather than just bland statements of each
result. This is deliberate, as the intention was to write a book that could be used as
both a teaching text and a reference work. In presenting such material the authors
were also keenly aware of their obligation to present critical evaluation and vali-
dation of the various analytical and theoretical models presented in this book and
therefore proposed for use in engineering practice. Accordingly, the book also con-
tains numerous case histories and comparisons of the predictions of the proposed
models with the results from high quality laboratory and field experimental work.
The field case histories are from soft soil sites at various locations around the
world.

The book starts with a chapter describing some of the various ground improve-
ment technologies that are in current use in soft ground engineering. Not only does
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it provide brief descriptions of these technologies, but it also makes the argument
that predicting the effects on subsequent ground performance of implementing these
technologies is important in engineering practice. One important effect concerns the
resulting ground deformations.

Since the development of predictive techniques for estimating soil displacements
is underpinned by and critically dependent on the constitutive models adopted to
represent the mechanical response of soil, it seems only natural to describe some
of these fundamental tools that have been used successfully to date for this task.
This is the rationale for including Chapter 2, which contains a description of some
of the techniques that have been used successfully in modelling the mechanical
response of soft clay subsoils. Included in this treatment are some of the funda-
mental stress-strain models used to describe the behaviour of clays as well as their
implementation in the finite element method (FEM). Also presented in this chapter
are example analyses to demonstrate the power and significance of these modern
numerical techniques

Chapter 3 contains a description of the methods used for modelling soft ground
improved by the installation of pre-fabricated vertical drains (PVDs) using plane
strain finite element analyses. Also presented are some example analyses using
specific case histories.

Chapter 4 presents the theory of vacuum consolidation and describes the major
characteristics of vacuum consolidation of soft ground, the methods adopted for
calculating the deformations induced by application of vacuum pressure, as well as
some example analyses based on case histories.

Chapter 5 describes a consolidation theory for a clayey subsoil improved by
the installation of soil-cement columns. It also describes methods for estimating
ground settlement (mainly for the case of ground improved by the prior installa-
tion of ‘floating’ columns), a method for predicting the lateral displacement of the
ground induced by the column installation, and the analyses of some case histories.

Finally, Chapter 6 presents suggestions and recommendations for further
research and development in this area.

It is worth reiterating that the deliberate intent of the authors was that this
book should provide up-to-date information on this important subject from both
the theoretical and practical points of view.

While this book was inspired by the many developments already in the field of
soft ground engineering, it is also our hope that it will in turn inspire others to focus
their efforts on the important task of improving the mechanical behaviour of soft
ground, striving to find better and more reliable ways to make such ground ‘stiffer
and stronger’, and striving to develop more accurate and reliable models to be used
in association with these techniques.

We are indebted to a number of people for their significant assistance in the task
of producing this book, some of whom made direct contributions to its preparation
and others whose efforts were more inadvertent but no less important. In particular,
we would like to thank Ms M. Komoto and Mrs Y. Kanada for their patient and skill-
ful assistance in preparing some of the figures contained in this book. Importantly,
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we would also like to thank our life-long partners, Yaru Wang and Heather Carter,
for their patience, support, love and understanding. It is to them that this contribution
is dedicated.

Saga, Japan Jinchun Chai
Newcastle, New South Wales John P. Carter
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Notation

cross-sectional area of a drainage channel (L?)

measure of the proximity of the kinematic yield and bounding surfaces in
the double surface ‘bubble’ model (dimensionless)

half width of a plane strain unit cell (L)

cohesion of soil (ML~1T2)

effective stress cohesion (ML T2)

compression index (dimensionless)

a constant (dimensionless)

ratio of field hydraulic conductivity over corresponding laboratory value
(dimensionless)

coefficient of consolidation in horizontal direction (L>T")
a constant (dimensionless)

coefficient of consolidation in vertical direction (L2T1)
coefficient of dilatancy (dimensionless)

diameter of a unit cell of PVD (L)

area equivalent diameter of PVD installation mandrel (L)
diameter of smear zone (L)

diameter of vertical drain (L)

void ratio (dimensionless)

initial void ratio (dimensionless)

Young’s modulus (ML~!T~2)

bulk modulus (ML™'T~2)

yield function

plastic potential function

gravitational acceleration (LT~2)

elastic shear modulus (ML™1T~2)

optimum thickness of unimproved sub-layer

thickness of a soil layer (L)

hydraulic gradient (dimensionless)

the second-rank identity tensor

rigidity index (dimensionless)

reduced rigidity index (dimensionless)

Xiii
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Notation

a constant for tangential modulus (dimensionless)

stiffness matrix (MT~2)

hydraulic conductivity (LT~")

initial permeability (LT~!)

the active earth pressure coefficient (dimensionless)

a constant for bulk modulus (dimensionless)

element stiffness matrix (MT2)

hydraulic conductivity in horizontal direction (LT~ ")

matched horizontal hydraulic conductivity in plane strain condition
(LT

at-rest earth pressure coefficient (dimensionless)

hydraulic conductivity of smear zone (LT~!)

hydraulic conductivity of the smear zone in the plane strain unit cell
(LT~

hydraulic conductivity in vertical direction (LT™!)

equivalent hydraulic conductivity in vertical direction (LT~ 1)

link (or coupling) matrix (L?)

drainage length (L)

a constant for calculating bulk modulus (dimensionless)

slope of critical state line in g:p plot (dimensionless)

a constant for calculating tangential modulus (dimensionless)

radius ratio = R/r,, (dimensionless)

specific volume of isotropic compression line at unit mean effective stress
(dimensionless)

over consolidation ratio (dimensionless)

initial mean stress (ML~'T~2)

effective overburden pressure (ML~IT-2)

mean effective stress (ML™1T~2)

size of yielding locus on mean effective stress axis (ML-IT=2)

value of the mean effective stress at the intersection of the current swelling
line with the isotropic compression line in the double surface ‘bubble’
model (ML~!T—2)

initial mean effective stress (ML~ 'T~2)

atmospheric pressure (ML™!T~2)

mean effective stress tensor at the centre of the kinematic yield surface
(ML-!T-2)

deviator stress (ML™1T—2)

flow rate [L3T~1]

flow rate from surrounding soil into a PVD @L31ThH

discharge capacity of prefabricated vertical drain (PVD) (L3T~1)
equivalent discharge capacity of a plane strain drain (L3T~!)

radial distance (L)

the ratio of the size of the kinematic yield surface to that of the bounding
surface (dimensionless)

radius of a unit cell (L)
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Ry
Ry
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Iy
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XV

failure ratio of hyperbolic model (dimensionless)

discharge capacity ratio (dimensionless)

radius of smear zone (L)

radius of vertical drain (L)

deviator stress tensor (ML~1T—2)

ratio of the diameter of smear zone over the diameter of a drain

spacing of PVDs (L)

deviatoric stress tensor at the centre of the kinematic yield surface
(ML-!T—2)

the (i, j) component of the deviator stress tensor (ML-IT72)

initial value of s;; at the end of anisotropic consolidation (ML~'T-2)
undrained shear strength (ML-1T-2)

length of an element in x direction (L)

length of an element in y direction (L)

length of an element in z direction (L)

thickness of a prefabricated vertical drain (PVD) (L)

time (T)

time factor in horizontal direction (dimensionless)

time factor in vertical direction (dimensionless)

excess pore water pressure (ML~ T~2)

average excess pore water pressure (ML™!T~2)

excess pore pressure at the center of ith element (ML™1T~2)

average degree of consolidation due to radial drainage (dimensionless)
average degree of consolidation in horizontal direction (dimensionless)
average degree of consolidation in horizontal direction under plane strain
condition (dimensionless)

average degree of consolidation due to vertical drainage (dimensionless)
average degree of consolidation of PVD-improved subsoil (dimension-
less)

specific volume (dimensionless)

dilatancy (dimensionless)

width of a PVD (L)

liquid limit (dimensionless)

natural water content (dimensionless)

plastic limit (dimensionless)

material property in double surface ‘bubble’ model (dimensionless)
material property in double surface ‘bubble’ model for deviatoric shape
of plastic potential (dimensionless)

material property in double surface ‘bubble’ model (dimensionless)
material property in double surface ‘bubble’ model for deviatoric shape
of plastic potential (dimensionless)

Cartesian co-ordinate

Cartesian co-ordinate

depth (L)

material property in double surface ‘bubble’ model (dimensionless)
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Notation

material property in double surface ‘bubble’ model for deviatoric shape
of plastic potential (dimensionless)

secondary compression index (dimensionless)

constant of proportionality for viscoplastic strain (dimensionless)
coefficient of water flow (M~1L3T?)

coefficient of water flow of a PVD per unit length (M~'L3T?)
specific volume on the critical state line in the p’ — ¢ plane at unit p’
the effective unit weight of soil (ML™2T~2)

the total unit weight of soil (ML™>T~2)

the unit weight of pore water (ML™>T~?2)

lateral displacement (L)

Kronecker delta (dimensionless)

average volumetric strain (dimensionless)

incremental nodal displacement (L)

incremental nodal force (MLT~2)

incremental nodal flow (L3T_ 1y

time interval or time increment (T)

incremental nodal excess pore water pressure (ML™!T~2)

elastic shear strain increment (dimensionless)

elastic volumetric strain increment (dimensionless)

plastic shear strain increment (dimensionless)

plastic volumetric strain increment (dimensionless)

incremental volumetric strain (dimensionless)

the incremental vacuum pressure (ML™'T~2)

volumetric strain (dimensionless)

the (i, j) component of elastic strain rate tensor (T™hH

the (i, /) component of strain rate tensor (T~ 1)
the (i, j) component of viscoplastic strain rate tensor (T™hH

the volumetric strain rate (T~ 1)

coefficient of viscosity of water (ML™!T~3)

stress ratio ¢/p’ in modified Cam clay model (dimensionless)

stress parameter in Sekiguchi and Ohta model (dimensionless)

interface transmissivity (L*T Y

the Lode angle (°)

Lode angle for the kinematic yield surface (°)

slope of unloading-reloading line in ¢ — In p’ plot (dimensionless)

slope of unloading-reloading line in In v — In p’ plot (dimensionless)
1—k/A

slope of virgin compression curve in plot ¢ — In p’ (dimensionless)

the slope of isotropic normal compression line in In v — In p’ space
(dimensionless)

parameter representing effects of spacing, smear and well resistance
in consolidation theory of a plane strain unit cell of a vertical drain
(dimensionless)
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Poisson’s ratio (dimensionless)

angle of dilation (°)

confining pressure (ML~ T~2)

effective stress tensor (ML™! T—2)

minimum principle stress or confining stress for triaxial compression
(ML~IT-2)

in situ horizontal effective stress (ML ~!T—2)

in situ vertical effective stress (ML™!T~2)

initial value of in situ horizontal effective stress (ML~ T~2)
initial value of in situ vertical effective stress (ML 1T —2)
normal effective stress in x-direction (ML~ T~2)

normal effective stress in y-direction (ML~ T~2)

normal effective stress in z-direction (ML™'T~2)

hydraulic conductivity matrix (M~ 'L*T)

friction angle of soil (°)

effective stress friction angle of soil (°)

parameter in hardening function (dimensionless)



Chapter 1
Introduction

Abstract The book begins with a chapter describing some of the various ground
improvement technologies that are in current use in soft ground engineering. Not
only does it provide brief descriptions of these technologies, but it also makes
the argument that predicting the effects on subsequent ground performance of
implementing these technologies is important in engineering practice. Clearly, one
important effect concerns the ground deformations resulting from their use. This
particular issue is examined in detail in the subsequent chapters of this book. The
obligation to validate and calibrate the various analytical and numerical solutions
presented in this book by comparing their predictions with experimental data is
acknowledged. Indeed, the book includes a large number of case studies and field
trials used for this very purpose.

1.1 What is Ground Improvement and When and Why
Is It Necessary?

The selection of a suitable site for construction is one of the most important con-
siderations in almost all civil engineering projects. From the point of view of
geotechnical engineering, a suitable site usually means one where the foundation
soil (or rock) has sufficient strength and stiffness to carry the loads that will be
imposed on the ground without causing unacceptably large deformations or stabil-
ity problems, or else the foundation material has drainage properties suitable for the
particular construction application.

However, there are many cases in practice where the most suitable site has been
determined by social or economic requirements, rather than purely geotechnical or
other engineering considerations. For example, for ease of access to sea transport
some of the world’s largest cities have been located throughout the history of civ-
ilization in coastal areas, many of which are typically underlain by soft clay or
clay-like deposits. Obvious examples of this type of city include Shanghai in China
and Bangkok in Thailand, but there are many others that could also be listed. In these
cases the soft soil deposits underlying these cities often have relatively low strength
and high compressibility, sometimes so weak or so compressible that major infras-
tructure cannot be built directly on the ground as it exists in nature. In many cases,
the mechanical properties of these soft deposits, e.g., their strength, stiffness and

J. Chai, J.P. Carter, Deformation Analysis in Soft Ground Improvement, Geotechnical, 1
Geological and Earthquake Engineering 18, DOI 10.1007/978-94-007-1721-3_1,
© Springer Science+Business Media B.V. 2011



2 1 Introduction

hydraulic conductivity, need to be improved by selected engineering methods, i.e.,
‘ground improvement’ techniques, before any major components of infrastructure
are constructed.

Furthermore, due to increased urbanization there is now a growing shortage of
available land in many cities, so that new facilities such as airports and sea ports have
had to be developed on land reclaimed from the sea. Well known examples include
Kansai International airport in Japan, Changi International airport in Singapore,
Hong Kong International airport and Incheon International airport in Korea. Since
the newly reclaimed land of this type is often too weak to adequately support
runways and terminal buildings, some form of ground improvement is normally
required in these situations.

Another example of applications for which ground improvement is almost
inevitably required occurs in railway and highway construction. Because of existing
pressures on land use these transportation routes often pass through regions under-
lain by deposits of soft or weak soils. The mechanical properties of these softer soils
often have to be improved in order to adequately support the associated earth struc-
tures and to reduce the residual settlements that occur during the useful life of the
associated transport infrastructure.

1.2 Techniques of Ground Improvement

Numerous ground improvement techniques have been developed throughout the
course of human history. Bergado et al. (1996) classified the various ground
improvement methods according to whether or not additives are used to directly
enhance the strength and stiffness of the ground. A slightly modified version of
their classification scheme for these methods is as follows:

1. Work on the soil only (primarily to reduce the voids content)

(a) Densification by applying external forces to coarse-grained soils

(i) Surface compaction

(ii) Vibro-flotation and vibro-compaction
(iii) Dynamic compaction
(iv) Resonance compaction

(b) Improvement of the drainage of fine-grained soils (often combined with
preloading)

(i) Sand drains
(i) Prefabricated vertical drains (PVDs)
(iii) Horizontal drains

2. Addition of other materials into the soil deposit

(a) Soil reinforcement
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(i) Mechanically stabilized earth (MSE)
(i) Sand compaction piles (SCP)
(iii)) Geo-piers (stone columns and granular piles)

(b) Use of chemical admixtures

(i) Deep mixing method (DMM) using lime and cement
(ii)) Chemical piles

Of these methods, preloading in combination with the installation of prefabri-
cated PVDs, and cement deep mixing (CDM), normally in order to form soil-cement
columns in the ground, are widely used to improve the mechanical performance of
soft clayey deposits (Bergado et al. 1996). Where preloading is used, the loads can
be applied either directly to the soft ground as a surcharge (e.g., by the placement
of embankment fill) or by applying a vacuum pressure to the soil (Chu et al. 2000;
Tang and Shang 2000; Indraratna and Chu 2005; Indraratna et al. 2004; Chai et al.
2006).

1.3 Why Do We Need to Estimate Ground Deformations?

Almost all geotechnical designs require consideration of at least one or possibly a
combination of the following three factors:

1. Strength — such as in the bearing capacity of foundations, slope stability,
earthquake resistance of the ground, etc.;

2. Deformation — such as surface settlement, differential settlement, and lateral
displacement of the ground and any associated geotechnical structures; and

3. Permeability or hydraulic conductivity — which is significant for water retaining
structures like dams, and drainage systems, etc.

There are situations where deformations induced in the ground, or the structures
constructed on the ground, become the controlling factors in a design, such as, for
example, in problems involving the design of shallow foundations on sand, and also
in the design and construction of pile foundations. Clearly, ground deformation has
a direct influence on the serviceability, or in-service performance, of the affected
structures. In the case of road embankments constructed over soft ground, settle-
ment of the embankment, due mainly to vertical but also lateral deformations of
the soft underlying ground, may become excessive. If these settlements become so
pronounced that the elevation of the road surface is reduced to the point where the
roadway becomes flooded during heavy rainfall, then clearly the serviceability and
functionality of the roadway itself becomes compromised. Furthermore, differential
settlements of embankments and foundations may induce cracks or inclination (tilt-
ing) of the supported structures, which may have adverse effects on the functioning
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of these structures. Therefore, predicting the settlement and lateral movement of soft
ground under the influence of applied loads is often an essential design requirement.

Furthermore, under working conditions the deformation of an earth structure can
be measured, at least in principle, but also often in practice. Such measurements can
then be compared with the original design predictions. The advantage of conducting
such comparisons should be obvious. Clearly, one important advantage is that they
allow the predictive models and their underlying assumptions to be refined. Such
refinement is common and often essential in geotechnical practice and reflects the
fact that the calculation of deformations for real engineering projects is often an
iterative process.

1.4 What Is This Book All About?

This book deals with a particular class of deformation problems and the methods
of analysis that may be applied to such problems. The focus is on the defor-
mation of soft clay deposits or clay-like deposits whose mechanical properties
and performance have been enhanced by various forms of ground improvement.
Particular emphasis has been placed on predicting the deformation response of
ground improved by the installation of prefabricated vertical drains (PVDs) and
soil-cement columns formed by deep cement mixing (DCM). The behaviour of
ground treated in this way and then subjected to embankment loading and/or vac-
uum pressure loading is specifically addressed. Various theories and numerical
modelling techniques that can be applied successfully to the analysis of this class of
geotechnical problem in soft ground are described.

Since the development of predictive techniques for estimating soil displacements
is underpinned by, and critically dependent on, the constitutive models adopted to
represent the soil response, it seems only natural to describe some of these fun-
damental tools that have been used successfully to date for this task. This is the
rationale for including Chapter 2, which contains a description of some of the tech-
niques that have been used successfully in modelling the mechanical response of
soft clay subsoils. Included in this treatment are some of the fundamental stress-
strain models used to describe the behaviour of clays as well as their implementation
in the finite element method (FEM). Also presented in this chapter are example
analyses to demonstrate the power and significance of these modern numerical
techniques

Chapter 3 contains a description of the methods used for modelling soft sub-
soils whose mechanical performance, particularly their drainage characteristics,
have been improved by the installation of pre-fabricated vertical drains (PVDs).
Included is a description of how a typical problem may be dealt with using an equiv-
alent plane strain finite element analysis. Also presented are some example analyses
using specific case histories, and comparisons of the model predictions with the field
performance of PVD systems.

Chapter 4 presents the theory of vacuum consolidation and describes the major
characteristics of vacuum consolidation of soft ground, the methods adopted for
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calculating the deformations induced by application of vacuum pressure, as well as
some example analyses based on case histories.

Chapter 5 describes a consolidation theory for clayey subsoil improved by the
installation of soil-cement columns. It also describes methods for estimating ground
settlements, mainly for the case of ground improved by the prior installation of
‘floating’ columns, a method for predicting the lateral displacement of the ground
induced by column installation, and the analyses of some relevant case histories.

Many of the techniques for deformation analysis presented in Chapters 2, 3, 4,
and 5 involve approximations of reality, sometimes quite crude approximations.
These have been clearly and deliberately identified. In many cases it has been
demonstrated, by presenting comparisons of predictions with field data, that these
approximations provide a reasonable balance between tractability of the problem
at hand and the accuracy and reliability of the resulting deformation predictions.
However, there is still a need for considerable further research in this area of
geotechnology. Much still needs to be done to increase our predictive capabilities
and particularly the accuracy of our predictions of ground deformations associated
with common ground improvement techniques. It is anticipated that this need will
only continue as further advances are made in the technology of ground improve-
ment. Chapter 6 provides some suggestions for future research directions, which
hopefully will address some of the present shortcomings or gaps in our current
predictive abilities.

It is the deliberate intent of the authors that this book should provide up-to-date
information on this important subject from both the theoretical and practical points
of view.
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Chapter 2
Modelling Soft Clay Behaviour

Abstract Since the development of predictive techniques for estimating soil
displacements is underpinned by, and critically dependent on, the constitutive mod-
els adopted to represent the soil response, it seems only natural to describe some
of these fundamental tools that have been used successfully to date for this task.
This is the rationale for including Chapter 2, which contains a description of some
of the techniques that have been used successfully in modelling the mechanical
response of soft clay subsoils. Included in this treatment are some of the funda-
mental stress-strain models used to describe the mechanical behaviour of clays as
well as their implementation in the finite element method (FEM). Also presented
in this chapter are example analyses to demonstrate the power and significance of
these modern numerical techniques. Case histories from Malaysia and Japan are
discussed in relation to this form of numerical modelling.

2.1 Introduction

In order to simulate accurately the mechanical behaviour of a clay deposit using
mathematical techniques, it is most important to select an appropriate constitutive
model and correct values of the model parameters, as well as an accurate assess-
ment of the initial effective stress state in the soil deposit. In order to do so, an
objective method should be established for first checking whether the chosen soil
model together with the corresponding soil parameters and assumed in situ stress
state can simulate, to acceptable accuracy, the stress-strain relationships of the
deposit.

An important quantity to determine in most soft ground engineering problems is
the undrained shear strength of the clay or clay-like soil. In many geotechnical inves-
tigations of soft clay sites, the undrained shear strength (S,) of the soil deposit is
often measured using the field vane shear test, or estimated from the results of cone
penetration tests, or else measured in an unconfined compression test or a triaxial
compression test using undisturbed soil samples. These measurements to determine
the profile of undrained shear strength with depth below the ground surface provide
a simple way to check whether the adopted stress-strain model, as well as the corre-
sponding parameters and initial effective stress, are appropriate. In particular, they

J. Chai, J.P. Carter, Deformation Analysis in Soft Ground Improvement, Geotechnical, 7
Geological and Earthquake Engineering 18, DOI 10.1007/978-94-007-1721-3_2,
© Springer Science+Business Media B.V. 2011
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provide a means of checking whether together the assumed soil model, parameter
values and initial in situ stress state can provide accurate predictions of the profile
of §,. This process may also be adopted to assess whether it is necessary to make
allowance for strain rate effects on the undrained shear strength (Bjerrum 1972,
1973).

Embankments are often constructed as major components of road, railway and
dike projects, and therefore they are normally regarded as important geotech-
nical structures. It is now quite common for embankments constructed on soft
clay soils to incorporate some form of ground improvement, such as the instal-
lation of prefabricated vertical drains to accelerate the rate of consolidation, or
deep cement mixing to reduce the settlement and increase the stability of the
embankment.

A theory for analyzing the stresses and deformations induced in the ground
under an embankment load is available for the special case where it is assumed that
the ground is semi-infinite, homogeneous and elastic (Gray 1936, Giroud 1968).
However, in most practical cases the subsoil is neither homogeneous nor elas-
tic, especially if ground improvement techniques have been used to treat the soft
clayey subsoil. Most practical problems are much more complicated than the ideal
cases for which closed-form solutions exist for the stresses and deformations of the
embankment and underlying ground.

The finite element method (FEM) can take into account many of the compli-
cated subsoil and boundary conditions. In particular, it can include elastoplastic
and elasto-visco-plastic models of the behaviour of soil, provided an appropri-
ate constitutive model is selected. The FEM has been widely used in the analysis
of geotechnical boundary and initial value problems including the simulation of
embankments constructed on soft subsoils. In addition to selecting a suitable consti-
tutive model to represent the mechanical behaviour of the soil, there are several
other factors that may influence the results of a FEM analysis of an embank-
ment on soft subsoil. These include the methods adopted to simulate application
of the embankment load and indeed the entire construction process including any
ground improvement, as well as the possibility of including large deformations in
the analysis.

In the following sections some of the constitutive soil models more commonly
used to represent the mechanical behavior of soft clayey soils are described, as
well as their corresponding predictions of the values of undrained shear strength,
Sy. Some example analyses are also presented to illustrate the importance of
checking the simulated S, profile before launching in to a complex non-linear
analysis of embankment construction. Methods used in FEM analysis to apply
embankment load, simulating the embankment construction process and tech-
niques to take into account the effects of large deformation phenomena are also
described. Finally, further complications such as the effect of the load application
method on the foundation response, the effect of foundation deformations during
construction on the factor of safety of the embankment and large-deformation-
induced buoyancy effects are discussed and illustrated though the use of example
analyses.
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2.2 Initial Stiffness and Undrained Shear Strength

2.2.1 Constitutive Models for Clay Soils

It is not intended in this section to provide a comprehensive review of all constitutive
models for soft clay soils nor to suggest the “best” soil models for clay soils. Rather,
the intention is to describe a selection of the constitutive models that are believed
to be of use in representing the mechanical response of soft clays and to demon-
strate the importance of particular numerical modelling techniques when simulating
the behaviour of a soft clayey subsoil. The Modified Cam Clay model (Roscoe and
Burland 1968), the Sekiguchi-Ohta model (Sekiguchi and Ohta 1977) and a gener-
alized two-surface “bubble” model (Grammatikopoulou 2004, Grammatikopoulou
et al. 2006) are described in some detail, as well as the equations they provide for
calculating the undrained shear strength S),.

2.2.1.1 Modified Cam Clay (MCC)

The MCC model (Roscoe and Burland 1968) is one of the most widely used mod-
els for soft clay soils. As with any elasto-plastic model, MCC has four major
components and these are:

1. an elastic response and associated elastic properties;

2. a yield surface defining the boundary between elastic and elastoplastic soil
behaviour;

3. aplastic potential function which is used to define the relative magnitudes of the
plastic strain increments; and

4. a hardening rule which allows the magnitudes of the plastic strain to be
calculated.

MCC assumes that the recoverable volumetric strain (88;) can be expressed as
follows:
6 /
st =0
1+ep

where x = the slope of unloading-reloading curve in e-In(p’) plot, ¢ = voids ratio,
p’ = the mean effective stress and §p’ = the mean effective stress increment. It is
also assumed that the recoverable shear strain (882) is a linear function of deviator
stress (g) increment 8q:

2.1)

dq
e __
Bsq =3
where G’ = the elastic shear modulus. Equations (2.1) and (2.2) imply a variation
of Poisson’s ratio with mean effective stress, but the alternative assumption of a
constant value of Poisson’s ratio is also possible and often adopted in practice.

(2.2)
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For MCC the yield locus in the p’—g stress plane is an ellipse which is described
by Eq. (2.3):

pl M2
—_—=— 2.3a
po M+’ i
where n = ¢/p’. The form of this yield surface (f) can also be written as:
f=a=M[p (po-p)]=0 (2.3b)

where M = the slope of critical state line (CSL) in p’—g¢ stress plane, and p’o = the
size of yield focus on the mean stress axis. Under a state of triaxial compression, M
is related to the friction angle (¢’) as follows:

6sin ¢’

~ 3 _sing/ 24)

Equation (2.3) describes a set of ellipses, all having the same shape (controlled
by the value of M), all passing through the origin, and having sizes controlled by the
value of p’g. When the soil is yielding, the change in size of the yield locus, p'o, is
linked with the changes in effective stresses p’ and g = np’, through the differential
form of Eq. (2.3):

/

sp’ 2081 5r'o

e =0 25
AR 2
or
M? —n?\ &p 2n 8q  8p
M-+n-) p M-+n-) p Po

It is assumed that the soil obeys the normality condition, and the plastic potentials
(g) are the same as the yield functions (f) in the p’—¢ plane:

g=f=¢-M[p (po—p)]=0 (2.6)

In the MCC model, a linear relationship is assumed between the specific volume
(v = 1 + ) and the logarithm of mean effective stress p’o during isotropic normal
compression of the soil:

v=N—xlnp/y 2.7

where \ = the slope of the virgin loading curve in the e — In(p’) plot, N = the
specific volume on the isotropic compression line at unit mean stress, i.e., p’ =
1 kPa (Fig. 2.1). It follows then that the magnitude of the plastic volumetric strain
is given by:
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Fig. 2.1 Specific volume and %
mean effective stress
relationship N o3
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compression line
Unloading-reloading
! line
p':l lnp'
P 3p'o
de, = (A=) /v] == (2.8)
Po
and the hardening relationship becomes:
op’ vp'
Po _ YPo (2.9)

85}3 A—K

In particular, the MCC model predicts the undrained shear strength (S,,) of the
soil as follows:

/ M22
5, — P <+n

A
= 5iin - ) (OCR)® (2.10)

where OCR = overconsolidation ratio, and A = 1 — «/A.

2.2.1.2 Sekiguchi-Ohta Model

This is an anisotropic Cam clay-type model with an associated flow rule, which also
allows for viscosity in the formulation. Sekiguchi and Ohta (1977) introduced a new
stress parameter (n*) to model the shear stress-induced dilatancy of clays as follows:

3
0= \/ 5 (5 = m0) (m5 = i) @11
in which

S,‘j S,‘jo
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where s;; = the (i, /) component of deviator stress tensor, s;o = the initial value
of s;; at the end of anisotropic consolidation, and p'i = the initial mean effective
stress. By definition the stress parameter n* is non-negative. The dilatancy (v;) of
anisotropically normally consolidated clays is expressed in terms of n* as follows:

va=D-n* (2.13)
where D = the coefficient of dilatancy which is defined by:

A—K

T (2.14)

For this model the total volumetric strain, contributed by dilatancy plus isotropic
consolidation and creep (&,), can be expressed as:

A / ;
£, = In (p—/>+D~n*—oz~ln <8—V) (2.15)
I +eo Di Eyi

where @ = the secondary compression index, &, = the volumetric strain rate (a
superposed dot denotes the time derivative), and &,; is the initial value of &,. The
initial state denoted by the subscript (i) is referred to here as the state immediately
before the change of loading. Assuming the volumetric strain immediately after the
change of loading is elastic, this strain is given by the following equation:

/

. K P
= In{ — 2.16
YT Tte n(l’/i) 210

Equation (2.15) can be integrated resulting in the following form:

F=o-In{l + (éy0t/a) - exp (g/a)} =V'P (2.17)

where v'7 = a strain-hardening parameter, F' = a scalar function, ¢ is the elapsed
time since the change of loading, and g = a scalar function which represents the
plastic potential for the inviscid case, where:

A—K P
= In|=)+D-n* 2.18
S (P’i) § 219

It can be see that when ¢ is kept constant, Eq. (2.17) describes a surface in effec-
tive stress space. It is reasonable therefore to regard the function F as the viscoplastic
potential, and its derivatives with respect to any effective stress component define
the directions of viscoplastic deformation. It is thus assumed that:

e =B -0F/da’; (2.19)
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where & ] = the (i, j) component of the viscoplastic strain rate tensor and § is a
constant of proportionality. Hereunder the superscript (vp) should be read as refer-
ring to the ‘viscoplastic’ component of any physical quantity to which this notation
is assigned.

It is noted that the derivative of F with respect to any effective stress component
is related to that of g with respect to the same component in the form:

oF VP d
— = {1 — exp (—V—> } _g/ (2.20)
0o’ o do'jj

To determine 8, Eq. (2.19) can be expressed in the form:

e;f =" - (aF/da’y) / (9F/3p') (2.21)

or, in terms of g:

el =" (ag/da’y) / (3g/dp)) (2.22)

where 1'? is given by:

\')sz{l—exp<—va£)} (A_ p +D- n*)+éviexp{(g—vvl’)/a} (2.23)

l—ep

It is convenient to express the elastic strain rates in the form:

.o kp' 1

e _ kP 224
T ey i T 26 @2:24)

where sg = the (7, j) component of elastic strain rate tensor, §;; = the Kronecker
delta. In this way, total strain rates are finally obtained as:

&j=¢&; +é& (2.25)

where &;; = the (i, j) component of the total strain rate tensor.

Sekiguchi and Ohta (1977) demonstrated the capacity of this model by simulat-
ing undrained compression and extension under triaxial and plane strain conditions
without considering the viscosity effect. In the analysis it was assumed that the coef-
ficient of at-rest earth pressure Ko = 0.5, and the ratio o'y, /(¢/x + 0”;) remains a
constant value of 1/3. Here o, ¢, and o are the effective principal stresses in the
X, y, and z directions, respectively. The ratio A / {D - (1 4 ep)} was arbitrarily chosen
to be equal to +/3. Computations were made in all cases until an arbitrarily chosen
value of g/p’ = 1.269 was reached.

Presented in Fig. 2.2 are the predicted effective stress paths in a p'/p’; — q/p';
plot. This figure clearly shows that the model is capable of simulating well the
anisotropic behaviour of clays. Although on the compression side the differences
between the predictions for triaxial and plane strain conditions are relatively small,



14 2 Modelling Soft Clay Behaviour
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the differences on the extension side are much more marked. Under triaxial com-
pression conditions, the undrained shear strength (S,) predicted by this model can
be expressed explicitly as:

/ A
Se = Mexp (( 4 _ 1) )(ORC)A (2.26)

Mp'

2.2.1.3 Generalized Two-Surface “Bubble’” Model

This soil constitutive model is an extension of the Modified Cam Clay (MCC) model
and it was first proposed by Al-Tabbaa and Wood (1989), and then generalized by
Grammatikopoulou (2004) and Grammatikopoulou et al. (2006). It employs a single
kinematic yield surface within the MCC bounding surface (Fig. 2.3) and assumes
different yield and plastic potential surfaces, i.e., it has a non-associated flow rule.
The kinematic yield surface encloses the region within which the soil behaviour
is assumed to be elastic. The model can predict anisotropic stiffness and yielding,
depending on the position of the kinematic surface, for stress paths that initiate
within the bounding surface. However, the strength predicted by the model is always
isotropic, since it is controlled by the bounding surface, which is centred on the
isotropic stress axis. The model is formulated in general stress space in terms of the
mean effective stress and the deviatoric stress tensor s:

s=o —plI (2.27)

where o = the effective stress tensor and I = the second-rank identity tensor. The
bounding surface is formulated in general stress space as:



2.2 Initial Stiffness and Undrained Shear Strength 15

A Critical state line Mohr-Coulomb

q
&®) Lade
! Bounding surface
>,
"B
Ga |[~ 77770 EC Kinematic
- yield surface
0 Pl Po p' oy

(a) (b)

Fig. 2.3 Two-surface “bubble” model: (a) kinematic yield and bounding surfaces in triaxial
compression space, (b) deviatoric section through kinematic yield and bounding surface
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’ ( 2>+2h2<eb> 4 (2:28)

where p’( = the value of the mean effective stress at the intersection of the current
swelling line with the isotropic compression line. The symbol *“:” indicates the ten-
sorial contraction. The function h(6,), where ), is the value of the Lode angle for
the bounding surface, defines the shape of the bounding surface in the deviatoric
plane. The Lode angle is defined as follows:

1., |3V3  dets)

6p = ——=sin 5 : 3 (2.29)
{ [% (s:s)] }
The equation of the kinematic yield surface in general stress space is:
1 =521 (=52 2P0
F., — A _ —R—— =0 2.30
= =r)’ 2T ) 4 (230)

where p’, and s, are the mean effective stress and the deviatoric stress tensor at the
centre of the kinematic yield surface respectively, and R = the ratio of the size of the
kinematic yield surface to that of the bounding surface. The function /(6)) defines
the shape of the kinematic yield surface in the deviatoric plane. The Lode angle 6,
for the kinematic yield surface is calculated by using the centre of the kinematic
yield surface as the origin.

Two options are proposed for specifying the function h(6). The first gives the
shape of a Mohr-Coulomb hexagon in the deviatoric plane (see Fig. 2.3b):
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sin ¢’
sin 6 sin ¢/
V3

h(9) =
cosf +

2.31)

where ¢’ = the friction angle.
The second option gives the family of continuous surfaces in the deviatoric plane
proposed by van Eekelen (1980):

h(6) (2.32)

T (I + Ysin36)7

where X, Y and Z are material constants. In particular, X = sin (¢>’ 9:00), where
@'9—0° is the friction angle associated with a Lode angle & = 0. In order to obtain
convex surfaces, certain restrictions apply to the values of Y and Z, and these are
discussed in detail by van Eekelen (1980). A major advantage of Eq. (2.32) is that,
depending on the values of the constants, different shapes can be obtained in the
deviatoric plane, including a Lade shape (Lade and Duncan 1975) (see Fig. 2.3b). A
circular shape can be obtained by setting ¥ = 0 and Z = 1.0. In the latter case the
function i(0) is a constant defined by X = M/./3, where M is the gradient of the
critical state line in the triaxial ¢ — p’ plane. It should be noted that the kinematic
yield and bounding surfaces always have the same shape in the deviatoric plane,
given by either Eq. (2.31) or (2.32), with 6 equal to 8, for the kinematic yield surface
and 6, for the bounding surface.

The plastic potential surface associated with the bounding surface is given by
an equation of the form of Eq. (2.28) but with the function /(6p) replaced by the
function £,(6,). Similarly, the plastic potential surface associated with the kinematic
yield surface is given by an equation of the form of Eq. (2.30) but with 2(6,) replaced
by hy(6y).

The function £,(0) defines the shape of the plastic potential surface in the devia-
toric plane, and is given by the family of surfaces proposed by van Eekelen (1980).
In the case of the plastic potential, Y and Z in Eq. (2.32) are replaced by the material
constants Y, and Z,, whereas X is replaced by X),, which varies such that when the
soil is yielding the current plastic potential surface always passes through the cur-
rent stress state. Depending on the chosen parameters, the deviatoric shapes of the
yield and plastic potential surfaces can be different, and hence the flow rule becomes
non-associated in the deviatoric plane.

For the case where the kinematic surface moves within the bounding surface the
hardening modulus is given by:

4 1 ([ 9F, Rp!?
AZ)\*_ [(p/—p;) [p;(pl_p;)+§<a_;:s“>+ 40 :|+

() (%))

(2.33)




2.2 Initial Stiffness and Undrained Shear Strength 17

where 2" and k" are the slopes of the isotropic normal compression line and the
unloading-reloading line in Inv—Inp’ space (v = 1+ ¢) respectively, B is a measure
of the proximity of the kinematic yield and bounding surfaces, Bpax = p’o (1 — R) is
its maximum value, and ¥ is a parameter that controls the variation of the hardening
modulus.

The model requires either nine parameters, when a Mohr-Coulomb hexagon is
chosen for the shape of the yield surface in the deviatoric plane, or 11 parame-
ters, when the general shape proposed by van Eekelen is adopted instead. These
parameters are summarized in Table 2.1.

Under plane strain conditions, if the general shape proposed by van Eekelen is
adopted for the plastic potential, then the Lode angle 0 at failure can be determined
from (Potts and Gens 1984):

3Z,Y)p cos 30
1+ Y,sin30

tanf = — (2.34)

The undrained shear strength predicted by this model can be calculated as follows
(Grammatikopoulou et al. 2007):

K*

/ 2 /' _—
S, = ’%h(@)( P ) A cos 6 (2.35)

P

where p’; = the initial mean effective stress, and & = the Lode angle at failure.

Table 2.1 Model parameters and values adopted in the finite element analyses

Parameter Definition

A Slope of isotropic normal compression line in Inv — Inp’ space

k' Slope of unloading-reloading line in Inv — Inp’ space

G Elastic shear modulus

¢ orX,Yand Z Internal friction angle (if deviatoric shape of yield surface is assumed to

be a Mohr-Coulomb hexagon) or constants X = sin (¢’e:0°)’ Yand Z at
critical state (if deviatoric shape of yield surface is assumed to be given
by general shape of van Eekelen, 1980)

Y, and Z, Constants Y, and Z, for deviatoric shape of plastic potential
Ratio of size of kinematic yield surface to that of bounding surface
v Parameter in hardening function

N Specific volume of isotropic compression line at p’ = unity
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2.2.2 Example Analyses

2.2.2.1 Class-A Prediction of Centrifuge Footing Test Results

In 1994, the former Japanese Society of Soil Mechanics and Foundation
Engineering (JSSMFE) (currently the Japanese Geotechnical Society (JGS)) orga-
nized a class-A prediction (Lambe 1973) of a footing load test on a clay soil model
tested in a centrifuge. The main purpose of this prediction was to assess the abil-
ity of numerical analysis when simulating foundation failure and strain localization.
The model test conditions and the properties of the soil used were as follows.

The model (centrifuge) container was a rectangular rigid box with inside dimen-
sion of 0.6 m in length, 0.15 m in width and 0.4 m in height. The side walls were
made of transparent glass. To reduce the side friction, silicon grease was smeared
on the inside walls prior to placement of the clay sample. In order to visualize the
deformation pattern during the test, target dots for photography were emplaced into
the model ground under the transparent side wall in a grid pattern with a spacing of
10 mm. The model ground was made of a mixture of Kobe clay, Toyoura sand and
crushed Toyoura sand powder, in the ratios 2:1:1 by dry weight. The mixture was
made into a slurry with an initial water content of 70% and de-aired. It was then pre-
consolidated under a pressure of 39.2 kPa at 1 g conditions to a thickness of about
0.16 m. The model was then set on a centrifuge machine and consolidated under
92 g (with an average arm length of 2.0 m and rotated at 203 rpm). This procedure
resulted in an over-consolidated (OC) layer at the surface (about 54 mm in thick-
ness) with a normally consolidated (NC) layer below it. A model footing, 50 mm in
width and 30 mm in thickness (the length of the footing was the same as the width
of the model box, 0.15 m), was placed on the surface of the model ground at the
central location. During the test, the weight of the footing was cancelled by using a
counter weight, as shown in Fig. 2.4. The footing test loading was conducted using
displacement control. A total of six tests with three different loading patterns were
conducted, as listed in Table 2.2. During the tests, the vertical load and displacement
were measured at the locations shown in Fig. 2.5 (information from Miyake et al.
1994). Excess pore water pressures within the model ground were measured at six
points P1 to P6 (Fig. 2.4). The shear strain distributions in the model ground were
analyzed using a digitizer from the enlarged photographs taken during the test.

After each test, the model ground was sliced into 10 mm thick layers and their
water contents were measured. The results for Case-1 to 4 are given in Fig. 2.6
(data from Miyake et al. 1994). It can be seen that under the centrifuge loading, the
density of the model ground increased with the depth.

The mechanical properties of the model ground were determined by laboratory
oedometer, triaxial and plane strain tests, and the results were provided to all pre-
dictors to assist them to make their predictions before the model test results were
released. Unfortunately, JGS has not retained these property data.

Sakajo and Chai (1994) joined this Class-A prediction activity and, together
with others, made their predictions of the footing response. Only the static load-
ing cases indicated in Table 2.2 were simulated by finite element analysis (FEA).
The results of all analyses were published (in Japanese) in the journal of Tsuchi-To-
Kiso, JSSMFE (Sakajo et al. 1995). Among the submitted predictions, Sakajo and
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Fig. 2.4 Illustration of centrifuge model test
Table 2.2 Model test and FEA cases

Model test case FEA case Pattern

Case-1 FEA-1 Central loading

Case-2

Case-3 FEA-2 Eccentric loading (loading point: 11 mm from the

centerline for model test)

Case-4

Case-5 - Dynamic load

Case-6

Chai’s predictions compared best with the test measurements and so their modelling
is now described in greater detail. Included in this description is the important initial
process of checking the model predictions of the undrained shear strength and the

Simulated | Tested

LVDT LVDT

|£4 20 20 5 25 ‘11 21 12
i

Unit: mm
(a) Concentric case (b) Eccentric case

Fig. 2.5 Loading location and displacement measurement points. (a) Concentric case (b)
Eccentric case
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Fig. 2.6 Water content in the model ground after footing loading tests (data from Miyake et al.
1994)

soil stiffness. Also included is a discussion of the specific conditions assumed in the
FEA and a comparison of the predicted and measured results.

In the FEA of Sakajo and Chai, the model ground was represented using
the Sekiguchi-Ohta constitutive model. Based on the laboratory test results, the
deduced and adopted model parameters are as listed in Table 2.3. These values
were estimated from the laboratory test results, making use of the empirical meth-
ods proposed by Nakase et al. (1988) for estimating the model parameters from the
plasticity index (PI) of the soil.

To simulate accurately this kind of model footing test, correct modelling of
the shear strength and stiffness of the surface soil layer is an important first step.
Adopting the Sekiguchi and Ohta model and the parameters listed in Table 2.3, as
well as the initial effective stresses corresponding to the known pre-consolidation
condition (p’ = 39.2 kPa) and the subsequent centrifuge consolidation, the pre-
dicted undrained shear strength (S,,) distribution for triaxial compression is shown
in Fig. 2.7 as a dashed line, i.e., zero at the surface and increasing non-linearly to
about 12 kPa at 5 m depth in the prototype.

For the constitutive model adopted in this study the predicted strengths in plane
strain compression and extension are respectively lower and higher than the strength
mobilized under triaxial conditions (Sekiguchi and Ohta 1977). The initial value of
the constrained modulus for fully drained conditions (D), for point A at a depth of

Table 2.3 Model parameters

Symbol A K v @' (°) e (Ko)Ne 7:(kN/m?) Remark

Value 0.16 0.021 0.30 40.3 1.08 0.45 17.6 PI=30

Note: ). = slope of consolidation line in the e — In p’ plot; k¥ = slope of unloading-reloading line
in the e — In p’ plot; v = Poisson’s ratio; ¢’ = internal friction angle; e, initial void ratio; and
¥, total unit weight
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say 0.05B from the surface (about 0.25 m deep for the prototype), the initial effective
stress is about 2 kPa assuming the groundwater level is at the ground surface, as
adopted in the FEA. For these conditions an initial value of D of about 200 kPa can
be estimated assuming the soil is in an over-consolidation state.

Although the analyses were conducted assuming undrained conditions, the stiff-
ness of the soil skeleton actually influences the predicted excess pore water pressure
in the model ground. From experience, the initial strength and stiffness predicted
by the constitutive model and the assumed initial stress conditions appeared to
be too low. This may be because the surface of the model ground might have
experienced the effects of suction, which will normally increase its strength and
stiffness.

In order to increase the initial strength and stiffness predicted for the model
ground, it was decided to increase the initial effective stresses in the model ground
by applying a distributed load with an intensity of 19.6 kPa over the surface of
the soil in the finite element model. The past maximum consolidation pressure was
adjusted accordingly to maintain the thickness of the over-consolidated layer. After
this adjustment was made, the predicted distribution of S, for triaxial compression
conditions was as indicated by the solid line in Fig. 2.7. In this case the initial value
of D becomes about 2000 kPa at point A.

FEA was conducted for the prototype condition and the model ground used in the
centrifuge tests was represented by 4-noded quadrilateral elements. The footing was
simulated by solid elements with a very high elastic modulus. In order to allow the
possibility of capturing strain localization, a zone extending to a depth of 0.8B under
the footing and B/3 away from the edge of the footing, was represented by a very
fine mesh consisting of elements whose maximum dimension was 0.04B. Overall,
the finite element mesh extended over a range defined by distances of 3B vertically
and 5B horizontally for one-half of the model in the symmetric loading case, and 3B
vertically and10B horizontally for the eccentric loading case.
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2.2.2.2 Comparison of Results

Symmetric Loading Case

A comparison is given in Fig. 2.8 of the measured and the predicted curves of
applied load versus normalized settlement for the case of the concentrically loaded
footing. The settlement (S) has been normalized by the width of the footing (B).
For test Case-1, obviously the initial contact condition between the footing and
the model ground was poor. However, the predictions compared favourably with
the measured data for Case-2. Comparisons of the excess pore water pressures at
piezometer points P1 to P6 (see piezometer locations indicated in Fig. 2.4) are
depicted in Fig. 2.9. Although there are some discrepancies, generally the pre-
dicted pore water pressures are quite good, especially given that they are Class-A
predictions.

Distributions of shear strains in the ground (e5) were deduced from photographs
taken during the experiments and these are compared with the predicted shear strain
distribution in the model ground. Figure 2.10 compares the results of measurements
deduced at S/B = 8% and predictions corresponding to S/B = 5%. Unfortunately,
a comparison at precisely the same normalized displacement was not possible.
Considering the fact that the predictions correspond to a smaller value of S/B, the
level of agreement with the measured shear strains is quite satisfying.

Eccentric Loading Case

There was a discrepancy between the announced test conditions and the actual test
conditions for the eccentric loading case. The announced eccentricity of the loading
point was 8.3 mm (50/6 mm) from the centerline of the footing, but in reality it was
11 mm (Miyake et al. 1994), as illustrated in Fig. 2.5. Nevertheless, the predictions,
made assuming the incorrect eccentricity, are compared with the experimental
measurements in the following paragraphs, in order to provide a reference.
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Fig. 2.9 Comparison of excess pore water pressure versus applied pressure for the concentric
loading case (modified from Sakajo et al. 1995)

Fig. 2.10 Comparison of
shear strain distributions for
the concentric loading case
(modified from Sakajo et al.
1995)
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Predicted and experimental curves of the load (in the form of the average footing
pressure) versus the normalized settlement are compared in Fig. 2.11. The vertical
displacement of the model tests was measured at a point 2 mm outside the eccen-
tric loading point (Fig. 2.5), but the prediction provided values at the centre and the
edge (loading side) of the footing. Since the eccentricity of loading was different in
the FEA and the experimental test, a definitive comment about the level of agree-
ment between the predictions and the experimental results cannot be made, but it
seems that the finite element model has over-predicted the bearing resistance for the
eccentric loading case.

In Case-3 the load was applied to the left hand side of the footing, while for
Case-4 it was applied to the right hand side. However, the excess pore water pressure
gauges P4 to P6 were fixed on the right hand side, as shown in Fig. 2.4. Therefore,
for consistency, Cases 3 and 4 are compared together in Fig. 2.12 for the piezome-
ter points located on the centerline. For the piezometer points 80 mm away from
the centerline separate comparisons are made in Fig. 2.13. The predicted values at
P1 are higher than the measured data and even higher than those observed for the
concentric loading case (Fig. 2.9) when compared at the same average load level.
The finite element modelling predicted that a shear band develops at a location near
P1 (0.7B below the surface) as shown in Fig. 2.14, and the significant shearing that
occurred at this location has resulted in the prediction of large excess pore water
pressures (1). The measurements show that before the load (p) reached 20 kPa, u
did not increase much, but for p greater than about 20 kPa the incremental rate
of u measured in the experiments is almost the same as the rate predicted by the
model.

At points P2 and P3, the predicted values of u agree well with the measurements
and are generally lower than the corresponding measured and predicted values for
the concentric loading case (Fig. 2.9).
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Fig. 2.12 Comparison of excess pore water pressures for the eccentric loading case (measured
data from Miyake et al. 1994)

For piezometer points P4 to P6 in Case 3, i.e., where the piezometer points are
on the opposite side of the footing to the loading point, the predictions generally
compare well with the measurements, as shown in Fig. 2.13. Lower values were
predicted for P6, but the measured initial value was not zero and if this zero shift
is taken into account then the agreement between measurements and predictions is
much better.

For Case 4, the predictions agree very well with the measurements for P4, but
the model has generally over-predicted the values of « at P5 and P6.

Figure 2.14 shows a comparison of the shear strain distribution in the ground
measured at S/B = 11% (at LVDT locations shown in Fig. 2.5) and predic-
tions of this strain distribution at S/B = 5% (as determined at the edge of the
loaded side of the footing). Again, considering the fact that the predictions corre-
spond to a lower value of S/B and the fact that there was a significant difference
in the location of the loading points, the overall comparison appears to be rea-
sonable.

The comparisons between predictions and measurements described above indi-
cate that in order to analyze geotechnical boundary value problems meaningfully
it is important to check whether the soil constitutive model can correctly predict
the strength and initial stiffness of the geological medium being considered. The
example analyses also indicate that given a reasonably fine mesh, a conventional
finite element analysis can predict foundation failure and the possibility of strain
localization.
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Fig. 2.13 Comparison of excess pore water pressures at P4 to P6 for Case-3 for the eccentric
loading case (measured data from Miyake et al. 1994)
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2.2.2.3 Effects of Yield Surface and Plastic Potential

Grammatikopoulou et al. (2007) conducted a numerical study on the effect of the
yield and plastic potential surfaces on the predicted failure height of an embankment
constructed on a deposit of soft Champlain clay at Saint-Alban, Quebec, Canada.
The actual test embankment failed at a height of 3.9 m and the geometry of the
embankment at failure is shown in Fig. 2.15 (based on information provided by
Grammatikopoulou et al. 2007). At the site, a surface crust layer with a thickness
of about 2.0 m overlays a soft lightly overconsolidated (OCR = 2) silty marine clay
layer with a thickness of about 7.7 m. Below the clay layer there is a clayey silt and
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o Settlement gauge
(a) Plan view

Cross-section A-A 10.05 m

(b) Cross-section

Fig. 2.15 Geometry of the embankment at failure (after Grammatikopoulou et al. 2007). (a) Plan
view; (b) Cross-section
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sand layer, which extends to a depth of 13.7 m. Below this layer dense sand extends
to a depth of more than 24 m.

The soil model adopted in the numerical simulation was the generalized two-
surface “bubble” model (Grammatikopoulou, 2004; Grammatikopoulou et al. 2006).
Four different types of yield and plastic potential surfaces were adopted, as follows:

(a) Case A — the yield and plastic potential surfaces were both assumed to have a
circular shape in the deviatoric plane;

(b) Case B — the yield surface had the shape of a Mohr-Coulomb hexagon and the
plastic potential had a circular shape;

(c) Case C — both the yield and plastic potential surfaces had the shape proposed
by Lade and Duncan (1975); and

(d) Case D — the yield surface took the Lade and Duncan shape and the plastic
potential took a circular shape.

The values of the parameters for the two-surface model adopted in the analyses
are given in Tables 2.4 and 2.5. Values for the parameters N, A" and k" were derived
from the results of oedometer tests, whereas values of the parameters R and 1 were
estimated based on experience.

The adopted profile of elastic shear modulus G’ was based on independent
dynamic measurements reported by Lefebvre et al. (1994), as shown in Fig. 2.16.
Grammatikopoulou et al. (2007) explained that these parameters were chosen so
that all four cases predicted the same values of ¢’ and h(6) (the function that defines
the shape of the kinematic yield surface) in triaxial compression (TXC), as listed in
Table 2.6.

These parameter values, combined with an assumed coefficient of earth pressure
at-rest, K,,, of 0.67, and the OCR profile shown in Fig. 2.17, predict the profiles of
undrained shear strength in triaxial compression shown in Fig. 2.18 for all cases.
Values of 6 and h(9) and equivalent values of ¢’ obtained for plane strain (PS)

Table 2.4 Model parameters and the values for all four cases

* *

Parameter A K G R v N

Value 0.215 0.005 See Fig. 2.16 0.06 1.5 7.58

Table 2.5 Model parameters defining shape of yield and plastic potential surfaces in the deviatoric
plane

Case X Y Z Y, Z, ¢
A 0.618 0.0 1.0 0.0 1.0 -
C 0.54 0.416 0.25 0.416 0.25 -
D 0.54 0.416 0.25 0.0 1.0 -
B - - - 0.0 1.0 27°
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Fig. 2.16 Variation of G/ G' (MPa)
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Table 2.6 Values of 0, 1(9) and equivalent values of ¢’ for cases analysed

Triaxial compression Plane-strain conditions
Case 0 h(®) ¢’ 0 h(®) ¢’
A -30° 0.618 27° 0° 0.618 38.2°
B -30° 0.618 27° 0° 0.454 27°
C -30° 0.618 27° -16.5° 0.594 31.3°
D -30° 0.618 27° 0° 0.54 32.7°

conditions for each case can also be seen in Table 2.6. These result in four differ-
ent predicted undrained strength profiles for plane-strain conditions. The range of
field vane shear strength measurements is also included in Fig. 2.18 for reference
purposes. The parameter values listed in Tables 2.4, 2.5 and 2.6 and the data points
shown in Figs. 2.16, 2.17 and 2.18 are all from Grammatikopoulou et al. (2007).

Figure 2.19 shows the shape of the failure surfaces in the deviatoric plane and
the values of 4(0), which are tabulated in Table 2.6.

The fill material was modelled as a linear elastic-plastic material, with a Mohr-
Coulomb yield surface and a non-associated flow rule. The parameter values
adopted were: Young’s modulus E = 1000 kPa; Poisson’s ratio v = 0.3; friction
angle ¢’; and angle of dilation ¥ = 22°.

With the yield and failure surfaces adopted for the two-surface model and the
parameters listed in Tables 2.4 and 2.5, the failure height of the test embank-
ment at Saint-Alban was predicted by FEA using the program ICFEP developed
at Imperial College, UK. All the analyses performed assumed small-strain defor-
mation and plane-strain conditions and they were conducted using eight-noded
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Fig. 2.17 Variation of
adopted OCR with depth
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2007)

Fig. 2.18 Predicted
variations of undrained shear
strength with depth (modified
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et al. 2007)
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isoparametric quadrilateral elements with reduced (2x2) integration. The modi-
fied Newton-Raphson scheme, with an error-controlled, sub-stepping stress point
algorithm (Sloan 1987) was used as the non-linear solver.

In each finite element analysis the thickness of the simulated embankment was
the same in each case up to an overall embankment height 3.3 m, with an individual
lift height of 0.3 m. However, for greater embankment heights the thickness of the
embankment lifts was gradually reduced to 0.1 m close to failure and each layer
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was constructed over four load increments. This meant that, close to failure, it was
possible to have results for every 0.025 m of fill increment.

In all analyses the clay foundation was assumed to behave in an undrained man-
ner, whereas the fill material was assumed to behave as a fully drained material. It
was assumed that at the start of the analyses the kinematic yield surface was cen-
tred on the initial stress state corresponding to Ky = 0.67 (Grammatikopoulou et al.
2007).

Curves corresponding to the simulated embankment height versus the settlement
of the ground surface under the embankment centreline are shown in Fig. 2.20,
while curves of the predicted embankment height versus the predicted horizontal
displacements at the toe of the embankment are shown in Fig. 2.21. For Cases B,
C and D, the simulations were continued until embankment failure, but the simula-
tion for Case A was carried out until an embankment height of 6.5 m with a crest
width of 0.95 m was reached, at which point the calculations ceased. The predicted
and measured failure heights of the embankment are listed in Table 2.7. The data
points plotted in Figs. 2.20 and 2.21 and the parameter values listed in Table 2.7 are

Embankment height (m)

Fig. 2.20 Predicted
settlement versus
embankment height curves
(modified from

Grammatikopoulou et al. ]
2007) -0.25 -

Vertical settlement (m)
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Table 2.7 Predicted embankment failure heights (data from Grammatikopoulou et al. 2007)

Case Measured A B C D

Failure height, m 39 n/a 3.95 5.55 5.13

taken from Grammatikopoulou et al. (2007). It can be seen that the predicted failure
heights follow the same order as the predicted undrained shear strengths for plane
strain conditions, as given in Fig. 2.18. Case B provided the closest match with the
field measurement of failure height.

This example of the finite element analysis of an embankment clearly demon-
strates the importance being able to predict accurately the undrained shear strength
profile of the ground using the adopted constitutive model as a necessary pre-cursor
for simulating accurately the failure height of an embankment on a soft clay deposit.

2.3 Modelling the Embankment Construction Process

In finite element analysis, the incremental embankment load is normally applied
using one of the following methods:

. applying a distributed surface load (e.g., Asaoka et al. 1992);

. increasing the gravitational loading applied to all or part of the embankment
elements; or

3. placing embankment elements layer by layer (e.g., Britto and Gunn 1987).

o =

If the embankment load is treated as a distributed surface load, the stiffness of
the embankment and the resistance to lateral spreading arising from the stiffness of
the embankment material are completely ignored. Applying the incremental load
by increasing the gravitational force of the entire embankment elements is more
realistic than applying a surface loading, but still the sequence by which the load
is applied to the soft ground is not closely simulated. Since the behaviour of soft
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ground is not linear elastic, rather in most situations it behaves elasto-plastically or
elasto-visco-plastically, the ground response normally depends on the sequence of
load application. Furthermore, unless an appropriate loading sequence is simulated
the stiffness of the embankment as well as that of the foundation soils may not be
modelled appropriately or accurately, especially if a stress-dependent constitutive
model is adopted for the embankment fill material or the foundation soils. Applying
the incremental load by placing new layers of elements is much more realistic and
is now widely used in geotechnical modelling practice to simulate embankment
construction.

2.3.1 Large Deformations

Most finite element programs are formulated on the basis of infinitesimal strain
theory, which ignores the effects of the changes in geometry of a structure during
loading. If the deformation is small, the error involved in ignoring these changes
in geometry is also small. However, in the case of an embankment on soft or
very soft subsoil, large foundation deformations are normally experienced during
embankment construction. For example, an embankment with a fill thickness of 3.5
m has been known to cause more than 2.0 m settlement during the construction
period which corresponded to about 200 days (Chai and Miura 1999). In such cases
large deformation phenomena should be considered and a commonly used method
involves simply updating the nodal coordinates after each load or time increment.
Although this is not a rigorous method (in the applied mechanics sense), provided
the rotations of the elements are not significant and the consequent mesh distor-
tions are not too severe, then updating the nodal coordinates can be an effective and
pragmatic way of taking into account large deformations.

2.3.2 Embankment Height and Thickness

Normally, the final elevation of a constructed embankment is smaller than the com-
bined thickness of the fill plus the original elevation of the ground surface, due
largely to the deformations of the underlying foundation induced by the embank-
ment loading. In finite element analysis the elements representing an embankment
are normally pre-specified, as are the positions of the nodes that define them. If the
nodal coordinates are not updated during the analysis to incorporate the predicted
displacements resulting from the weight of the embankment, the applied embank-
ment load will be exactly the same as pre-specified by the original volume of these
elements multiplied by their unit weight. This situation is illustrated schematically
in Fig. 2.22a.

However, if large deformations are considered in the analysis, by updating the
nodal coordinates after each increment of applied load, then normally the nodal
coordinates of the as yet unconstructed elements will not be updated at the end
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of each load increment. In such cases the magnitude of load finally applied to the
underlying soil will be larger than might have been anticipated for the case of small
deformations, as illustrated schematically in Fig. 2.22b.

To ensure the serviceability of an embankment, in many cases in engineering
practice the embankment elevation (at least the final height at the end of construc-
tion) is specified and the scenario illustrated in Fig. 2.22b is applicable. However,
there are cases where the embankment fill thickness is specified (Fig. 2.22a). In
such cases, using the conventional technique of updating the nodal coordinates will
lead to the application of more embankment load than desired or intended. If it is
desired to include large deformation phenomena in the analysis for cases where the
fill thickness is specified, then at least two options are available, as follows:

(a) Include all embankment elements in the finite element calculations from the
beginning of the loading stage, but switch on the gravity force loading of the
embankment elements layer by layer. Those elements to which the gravity force
is not applied are assigned a nominally small value of the elastic modulus,
ensuring that the un-constructed elements will ‘follow’ the deformation of the
underlying elements that have been constructed thus ensuring that the thickness
of the constructed embankment fill is maintained. However, since the settlement
of an embankment is not usually uniform, the upper surface of the embankment
may become concave, which is normally inconsistent with conditions desired
and achieved at the end of construction.

(b) Adopt the method of Chai and Bergado (1993a), as illustrated in Fig. 2.23,
in which the coordinates of the nodes of the embankment elements above the
current construction level are corrected at the end of each incremental analy-
sis. In this method the following assumptions are adopted: (i) for the region of
the finite element mesh above current construction level, the originally vertical
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Fig. 2.23 Configuration of
embankment construction )
(after Chai and Bergado y Current construction top

1993b) T TN level
__________ J‘._”__:_‘__J:,__\
I 1 I ! \\
AN:) (xbr ,Vb)

A (X, ¥,

Soil element

element boundaries are kept vertical, and the originally horizontal element
boundaries remain straight, and (ii) the incremental displacements of the nodes
above the current constructed top surface are linearly interpolated from the dis-
placements of the two end nodes (left and right) of the current top surface,
according to their horizontal coordinates.

As shown in Fig. 2.23, Node-C (x., y.) is above current construction top surface.
The incremental displacement of Node-C (Ax., Ay.) is calculated by using the
incremental displacements of Node-A (Ax,, Ay,), Node-B (Axp, Ayp), and their
x-coordinates, x, and x;, as follows:

Xe — Xa

Ax. = Ax, + (Axp — Axy) (2.36)
Xb — Xa
Xe — Xg

Aye = Aya + (Ayp — Ayq) (2.37)
Xp — Xq

2.3.3 Significance of the Method of Applying Embankment Load

One of the Malaysian trial embankments (Scheme 6/8) (Malaysian Highway
Authority, MHA 1989a) was analyzed using different methods of applying the
embankment load. The embankment was constructed with a base width of 88 m
and length of 50 m, initially to a fill thickness of 3.9 m. Then a 15 m berm was left
on both sides and the central embankment was constructed to a final fill thickness
of 8.5 m. Two layers of Tensar SR110 geogrid were laid at the base of the embank-
ment with 0.15 m vertical spacing between the layers, and prefabricated vertical
drains (PVDs) were installed in the underlying soft clay to a depth of 20 m in a
square pattern with 2.0 m spacing (MHA 1989a).

The soil profile at the test site consists of a topmost 2.0 m of weathered crust
that is underlain by about 5 m of very soft silty clay. Below this layer lies a 10 m
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Table 2.8 Index properties of Muar clay deposit

Water Liquid Plasticity Clay Silt
Depth content limit index Ce content content
(m) Soil W (%) Wi (%) 1, (%) l+e (%) (%)
0-2 Crust 60-80 - - 0.30 62 35
2-7 Very soft silty ~ 80-110 675-90 40-50 0.50 45 52

clay

7-12 Soft silty clay ~ 70-100 75-90 40-50 0.30 50 47
12-18 55-65 58-65 3040 0.24 50 47
18 -22 Silty sand - - - 0.10 20 36

thick layer of soft clay, which in turn is underlain by about a 1.0 m thick peat layer
with high water content. A thick deposit of medium dense to dense clayey silty
sand underlies the peat layer. The groundwater level was 1.0 m below the ground
surface. The index properties of the Muar clay deposit at the test site are listed in
Table 2.8 (Asian Institute of Technology (AIT) 1988, 1989). The meshes and the
boundary conditions used in the finite element analysis are shown in Fig. 2.24. The
construction history is given in Fig. 2.25.

The analyses were carried out using the CRISP-AIT finite element program
(Chai 1992), which was developed based on the original CRISP program (Britto
and Gunn 1987). The constitutive models involved were the Modified Cam Clay
(MCC) model (Roscoe and Burland 1968) representing the soft foundation soil and
a hyperbolic, nonlinear elastic model (Duncan et al. 1980) representing the embank-
ment fill. Bar and interface elements were used to represent the reinforcement and
the soil-reinforcement interface, respectively.

The MCC model parameters for the foundation soil are listed in Table 2.9. Values
of all parameters (except the hydraulic conductivity) were directly obtained from
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Fig. 2.24 Finite element mesh and boundary conditions (modified from Chai and Bergado 1993a)
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Fig. 2.25 Construction N——————7——1—
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Table 2.9 Modified Cam Clay model parameters for Muar clay

Soil layers

Crust Very soft clay ~ Soft clay-1  Soft clay-2 ~ Sand
Parameter 0-2m 2-7m 7-12 m 12-18 m 1822 m
K 0.06 0.10 0.06 0.04 0.03
A 0.35 0.61 0.28 0.22 0.10
M 1.2 1.07 1.07 1.07 1.2
r 4.16 5.50 3.74 3.45 2.16
v 0.20 0.25 0.25 0.25 0.2
y.(kN/m?) 15.5 14.5 15.0 15.5 17.0
kp(10~8 m/s) 2.78 1.40 1.04 0.70 14,000
k, (1078 m/s) 1.39 0.70 0.52 0.35 7,000

laboratory test results (AIT 1989). The fill materials consisted of decomposed gran-
ite (sand about 50% and clay about 38%). Values of the parameters of the hyperbolic
soil model used to represent the fill material are given in Table 2.10. These param-
eters were used to calculate the initial tangent modulus (E;) and bulk modulus (Ep)
from the following equations (Duncan et al. 1980):

o’3\"

Ei=:k~pa(———> (2.38)
Pa
0’/3 "

Ep =kp - pa <—> (2.39)
Pa

where 0’3 = the effective confining stress, and p, = atmospheric pressure.

For the values of hydraulic conductivity (k), based on existing information
(Poulos et al. 1989; Magnan 1989) the initial vertical values were chosen to be twice
the laboratory test values (AIT 1989), and the horizontal values were twice the cor-
responding vertical values. During the consolidation process, values of k were varied
according to Taylor’s (1948) equation:

k=ko- 107 (0=0/Ck (2.40)
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Table 2.10 Hyperbolic model parameters for sand mat and embankment fill

Parameter Symbol Fill material Sand mat
Cohesion (kPa) c 19 0
Friction angle (°) ) 26 38
Modulus number k 320 460
Modulus exponent n 0.29 0.50
Failure ratio Ry 0.85 0.85
Bulk modulus number kp 270 392

Bulk modulus exponent m 0.29 0.50
Unit weight (kN/m?) Vi 20.5 20.5

where ko = initial hydraulic conductivity, ep = initial void ratio, k = current
hydraulic conductivity, e = current void ratio, and C; = a constant given by
Cr = (0.4 ~ 0.5)ep, following Tavenas et al. (1986).

The assumed properties of the PVDs (without a filter) are given in Table 2.11.
The PVDs were considered as vertical seams that increased the mass hydraulic con-
ductivity of the foundation soil in the vertical direction. The back-fitted value of
the hydraulic conductivity was twice the value assumed for the zone without PVDs
(Chai and Bergado 1993b). Since the PVDs were installed without a filter, only
the holes on the core (which occupy about 8% of the total surface area) acted as
drainage paths for pore water into the drains, and so the drainage effect was very
limited. For this kind of PVD, the wall of the PVD acts effectively as a part of the
“smear zone”. Chai et al. (2001) derived an equation for calculating the equiva-
lent vertical hydraulic conductivity in the PVD-improved zone, which can be used
to evaluate this “smear” effect. This matter is also considered in more detail in
Chapter 3. For the case considered the following values were adopted: the drainage
length of the PVDs, I = 10 m (two-way drainage deposit), the diameter of the PVDs,
d,, = 48.5 mm, and the equivalent diameter of a PVD-improved area, D, = 2.26 m.
Assuming the discharge capacity of the PVD, ¢,, = 50 m?/year, and the diameter
of smear zone of 0.2 m (actual smear zone and the wall of the PVD), then in order to
obtain an equivalent hydraulic conductivity (k.,) equal to twice the original value of
the subsoil in the vertical direction, a hydraulic conductivity (k) of the smear zone
of about 1.5% of the horizontal value (k) of the natural subsoil is obtained, e.g.,
kp/ks = 65.

Two options were used to apply the embankment load:

Table 2.11 Assumed properties of PVDs

Discharge Hole Number of
Width Thickness cross section  Number of diameter holes in a
(mm) (mm) (mm?2) channels (mm) linear meter

95 2 146 24 0.2 24,500
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(a) applying a percentage of the self-weight of all the embankment elements; and
(b) the method proposed by Chai and Bergado (1993a), as described previously.

For both methods the adopted loading rate at the embankment centerline closely
simulated the actual loading rate. Figure 2.26 (after Chai and Bergado 1993a) shows
a comparison of the predicted settlement profiles together with the field measure-
ments of settlement. It can be seen that applying a percentage of the self-weight of
the whole embankment yielded a larger predicted settlement under the central point
of the embankment and a smaller settlement under the toe.

Figure 2.27 (after Chai and Bergado 1993a) shows a comparison of the predicted
maximum lateral displacements at the inclinometer location (see insert to Fig. 2.27)
and at about 5 m below the ground surface. It can be seen that applying a percent-
age of the embankment self-weight as an incremental load results in much larger
prediction of lateral displacement, especially at the beginning of construction. This
phenomenon coincides with the settlement pattern. The soft foundation soil behaves
elastoplastically, in which case the deformation pattern of the soft ground not only
depends on the magnitude of the final load, but also on the sequence of applying
that load. Although the loading rate at the embankment centreline was assumed to
be the same for both methods, when applying a percentage of the self-weight of
the whole embankment, the simulated loading rate of the soil under the embank-
ment is slower than the loading rate that actually occurs in practice. In effect, this
differential loading rate implies less confinement to the central part of the embank-
ment initially, resulting in larger lateral displacements (Fig. 2.27). Furthermore, as
emphasized previously, applying a percentage of the self-weight of the embankment
implies that the stiffness of the entire embankment elements exists at the beginning
of the analysis, which is not the case in reality.
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Fig. 2.26 Comparison of surface settlement profiles (after Chai and Bergado 1993a)
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2.4 Effect of Large Deformations on Embankment Stability

2.4.1 General Discussion
The direct effects of subsoil deformation on embankment stability include:

1. the possibility of reducing the surcharge load; and
2. partially replacing the (weaker) soft soil by the (stronger) fill material.

In stability analysis, the net driving moment is derived from the weight of
embankment fill above the original ground surface. Therefore, the net driving
moment derived from the embankment fill will be reduced by the settlement caused
by a fixed thickness of embankment fill. As a first estimate, it can be assumed that
the percentage reduction in the net driving moment is the same as the percentage
reduction in the embankment height. From the conventional definition of the factor
of safety (FS) for a slope stability problem, it follows that approximately the same
percentage increase in FS can be expected. In addition, there is an indirect effect of
the subsoil deformation. It will tend to shorten the drainage path length in the sub-
soil which should promote consolidation and hence increase the rate of increase in
undrained shear strength of the subsoil. For example, for a deposit with a drainage
path length of 10 m, 1.0 m settlement of the surface of the layer can effectively
increase the non-dimensional time factor by about 20%, provided the coefficient of
consolidation of the foundation soil does not change.

2.4.2 Stability Analysis of an Embankment Constructed to Failure

In order to illustrate quantitatively the influence of construction settlement on the FS
of an embankment constructed on soft subsoil, the test embankment built to failure
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(MHA 1989b) in Malaysia was analyzed by Chai et al. (1994) using both a finite
element approach and the simplified Bishop method. The simplified Bishop slip
circle analysis provided numerical predictions of the FS for various construction
scenarios.

2.4.2.1 Brief Description of the Test Embankment

The built-to-failure embankment was constructed directly on the natural subsoil.
The fill material was decomposed granite, which was compacted in 0.2 m layers with
a nominal construction rate of 0.4 m/week until failure occurred. The embankment
was constructed with base dimensions of 55 m wide and 90 m long and initially to
a fill thickness of 2.5 m. A 15 m wide berm was then left on three sides and the
remaining embankment was constructed to failure at an overall fill thickness of 5.4
m (Brand 1991). The index properties of the underlying soil deposit are given in
Table 2.8. The groundwater level was about 0.8 m below the ground surface.

2.4.2.2 Finite Element Analysis

The finite element analysis of the test embankment was conducted assuming plane
strain conditions and the mesh used and the key field instrumentation points are
shown in Fig. 2.28 (after Chai et al. 1994). The construction schedule is shown in
Fig. 2.29. Eight-node rectangular and six-node triangular elements were included
in the mesh and the program used to conduct the analysis was CRISP-AIT (Chai
1992).

The behaviour of the foundation soil was simulated by the MCC model (Roscoe
and Burland 1968) and the compacted fill material by the hyperbolic non-linear elas-
tic model (Duncan et al. 1980). The model parameters are presented in Tables 2.9
and 2.10. The initial stresses assumed in the foundation soil are listed in Table 2.12.
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Fig. 2.28 Finite element mesh and key instrumentation points of the Malaysian built-to-failure
test embankment
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Table 2.12 Initial stress conditions of Muar clay deposit
Size of yield
Horizontal stress Vertical stress Water pressure locus
Depth (m) o'no (kPa) o’vo (kPa) u (kPa) P'o (kPa)
0.0 0.0 0.0 0.0 92.7
0.8 12.4 12.4 0.0 92.7
2.0 15.2 19.0 12.0 40.0
3.0 16.2 23.5 22.0 40.0
6.0 22.6 37.0 52.0 47.6
11.0 37.8 62.0 102.0 73.4
18.0 61.0 100.0 172.0 110.0
22.0 78.2 128.0 212.0 130.0

Comparisons of the FEM predictions with the observed data are presented in
Figs. 2.30, 2.31, 2.32, and 2.33 (modified from Chai et al. 1994) for the excess pore
pressures and displacements. All measured data were from MHA (1989b). It can be
seen that the FEM analysis simulated the embankment behaviour reasonably well.
Because of this good agreement the deformation and stress conditions predicted by
the FEM analysis were then used in a stability analysis of the embankment in a
separate investigation of the effects of construction deformations on the FS.

2.4.2.3 Effect of Construction Deformation on the Factor of Safety

In the stability analysis of the Malaysian test embankment conducted using the sim-
plified Bishop method representative values of the undrained shear strength (S,) of
the subsoil were determined using three different methods, viz.: (1) from the results
of field vane shear tests after applying Bjerrum’s (1972) correction factor; (2) using
Ladd’s (1991) empirical equation; and (3) as predicted by the MCC model. Ladd’s
equation is as follows:

S, =580 (OCR)" (2.41)
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Fig. 2.31 Comparison of surface settlement profiles (modified from Chai et al. 1994)

where o', = effective vertical stress, OCR = over

consolidation ratio, and S and m

are constants. For the soils investigated by Ladd (1991), the value of S is from 0.162

to 0.25, and m is 0.75-1.0. For the MCC model S,

was calculated from Eq. (2.10).

The calculated values of S, are summarized in Table 2.13. The values predicted
by the MCC model are the average values for the soil elements from the middle
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Table 2.13 Undrained shear strength of Muar clay deposit (after Chai et al. 1994)

Initial values (kPa)

Modified Cam clay model predicted at
Different fill thickness (kPa)

Vane Cam
Depth (m)  shear Empirical*  clay Fill25m Fill3.5m Fill45m Fill54m
0-2.0 20.0 14.5 20.6 229 24.4 252 26.6
2.0-4.5 9.5 8.7 104 11.0 11.5 12.1 12.8
4.5-7.0 13.5 10.6 12.6 12.9 13.3 13.7 14.0
7.0-9.5 16.5 13.2 159 16.2 16.6 17.1 17.5
9.5-12.0 20.0 16.5 19.8 20.1 20.5 21.1 21.5

/
as, =0.22-0,(0OCR)*®
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of the main embankment (excluding the berm) to 20 m away from the embank-
ment toe. The values of field vane shear strength of the subsoil and the total stress
strength parameters of the fill material are from Brand and Premchitt (1989). The
cohesion, ¢, and the friction angle, ¢, of the fill material were determined from the
results of unconsolidated and undrained triaxial tests providing ¢ = 19 kPa, and
¢=26°.

As shown in Figs. 2.31 and 2.32, the measured maximum construction settle-
ment was about 0.7 m which corresponds to about 13% of the total fill thickness.
The effects of these construction-induced deformations are shown in Fig. 2.34 for
the case where the values of S, were predicted by the MCC model. It can be seen in
this figure that foundation settlement increases the value of FS generally by about
0.1. Ignoring the foundation settlement in a stability analysis is generally conser-
vative, i.e., on the safe side. However, in order to understand the mechanism of
embankment failure, and for the purpose of back-analyzing accurately the mobi-
lized strength of the soft soil, this effect should probably be considered. For this
embankment, the average undrained shear strength of the soft soil, back-calculated
assuming the full fill thickness as a surcharge, is about 15% higher than that cal-
culated assuming the surcharge corresponds to the actual embankment height at
failure.

Using the various values of S, listed in Table 2.13 and adopting the full embank-
ment height to estimate the applied surcharge load, the corresponding values of
the FS were calculated and these are compared in Fig. 2.35. The results plotted in
this figure reveal that the vane shear strength and the initial strength predicted by
the MCC model yield almost the same values of FS, while Ladd’s (1991) empir-
ical equation provided lower estimates of S, and hence lower values of FS. The
effect of partial drainage resulting in strength increases during construction caused
an increased in the FS by about 0.1.
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2.5 Buoyancy Effects Due to Large Deformation

2.5.1 General Discussion

In some cases the settlement of the ground surface induced by the weight of the
embankment fill may be sufficient to bring the fill material and any subsoil located
originally above the groundwater level to a position below the groundwater level. In
such cases the effective load on the subsoil may be reduced due to buoyancy effects.
Indeed, the effects of subsoil settlement and buoyancy interact strongly. Settlement
causes buoyancy of the fill material and buoyancy reduces the further increases in
settlement. If the settlement is large, the buoyancy effect may need to be considered
in the calculations used to estimate that settlement.

The buoyancy effect described above occurs during both the construction period
and afterward as consolidation of the underlying soils proceeds. During construc-
tion, the buoyancy force will balance a part of the newly applied embankment load,
effectively reducing the load increment applied to the underlying soil. During the
consolidation process, excess pore pressure dissipation will increase the effective
stress and cause settlement. Consequently this settlement will induce further buoy-
ancy effects, which in turn will compensate for some of the effective stress increase.
Therefore, the net effect is that the effective stress increase will be less than would
correspond exclusively to the dissipation of the initial excess pore pressure.

The buoyancy effect can be considered in a conventional one-dimensional (1D)
settlement analysis by adjusting the final applied load assumed in the settlement
calculation. However, under embankment loading, the subsoil not only deforms ver-
tically but also laterally. Furthermore, the behaviour of soil is generally stress path
dependent, and so considering only the final value of applied load may not give a
correct settlement prediction. In more sophisticated numerical analyses the buoy-
ancy effect should be considered systematically, i.e., by considering the interaction
between the applied loading, the excess pore pressure and the buoyancy force. The
basic idea is that at the end of each load increment the following steps should be
undertaken:
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1. consider the total water pressure change due to the incremental settlement and the
change in unit weight due to consolidation (i.e., due to the voids ratio change);

2. check equilibrium of the whole system and form the load vector corresponding
to the buoyancy force; and

3. iterate until the residual force is less than a given tolerance (Chai et al. 1995a).

During this process, the effect of buoyancy on effective stress, excess pore water
pressure, as well as the soil deformations, will be taken into account.

2.5.2 Buoyancy Effects for a Test Embankment at Saga, Japan

In order to demonstrate the effect of buoyancy on embankment settlement, a test
embankment on the PVD-improved Ariake clay deposit at Saga Airport in Japan,
reported previously by Bergado et al. (1996), was analyzed by the FEM. Saga
Airport is located 13 km south of Saga city on reclaimed land close to the Ariake
Sea. The deposit mainly consists of soft and highly compressible Ariake clay. The
test embankment on the PVD-improved subsoil had a fill thickness of 3.5 m, base
dimensions of 71 m by 71 m, and top dimensions of 25 m by 25 m in plan view. The
rate of fill application was about 0.03 m/day. The PVDs were installed in a square
pattern with a spacing of 1.5 m to around 25 m deep over an area of 45 m by 45 m.
Figure 2.36 (after Chai and Miura 1999) shows the geometry of the embankment,
the main instrumentation points, and the pattern of PVD installation.

At the test site the soft soil layer is about 25 m deep, consisting of 3 clay layers
and 2 sand layers. The top weathered crust (B) is about 1.0 m thick and is underlain
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Fig. 2.36 Cross section of test embankment (after Chai and Miura 1999)
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by the first soft clay layer, Acl, with a thickness of about 3.0 m. A sand layer, Asl,
about 1.5 m thick, underlies Acl. The main clay layer, Ac2, below Asl, is very
soft with a thickness of about 15.5 m. Under Ac2 is a sand layer, As2, which has a
thickness of about 2.7 m. The third clay layer, Ac3, is soft to medium stiff and has
a thickness of about 1.3 m and is underlain by a thick and dense sand layer (DS).
In the finite element analysis plane strain conditions were assumed and the region
modelled was 30 m deep and extended horizontally 120 m from the embankment
centreline. The finite element mesh and the displacement and drainage boundary
conditions are shown in Fig. 2.37. The embankment construction history is shown in
Fig. 2.38. For the zone treated with PVDs, one-dimensional drainage elements were
adopted to coincide with every other vertical line (Chai et al. 1995b). The mechan-
ical behaviour of the clay layers was represented by the MCC model (Roscoe and

_ Drained Undrained
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€| H- PVD Improved Zone
L
)
%)
0l @
J N
Undrained Drained
I 120 m Z& % |

Fig. 2.37 Finite element mesh and boundary conditions assumed for the test embankment at Saga
Airport (after Chai and Miura 1999)
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Table 2.14 Model parameters for subsoil (after Chai and Miura 1999)

Layer EkPa v K N M e Yi KN/m? k108 m/s &, 1078 m/s
B - 025 0.025 025 13 200 150 11.45 7.60

Acl - 0.30 0.044 044 12 200 145 5.7 3.8

Asl 10,000 020 - - - - 15.5 290 290

Ac2 - 0.30 0.087 0.87 12 250 145 2.64 1.76

As2 15,000 020 - - - - 16.0 290 290

Ac3 - 0.30 0.030 030 13 175 16.0 2.64 1.76

Ds 30.000 020 - - - - 19.0 290 290

Note : A = virgin loading slope in e — Inp’ plot (p’ is effective mean stress); k = reload-
ing/unloading slope in e — Inp’ plot; M = slope of failure line in p’ versus ¢ plot (g is deviator
stress), £ = Young’s modulus, v = Poisson’s ratio, y; = unit weight

Burland 1968) and the sand layers as well as the decomposed granite fill material
were assumed to be elastic materials. The model parameters assumed for the sub-
soil are listed in Table 2.14. For the clay layers, these parameters were determined
from laboratory consolidation tests and triaxial tests conducted on undisturbed sam-
ples (Bergado et al. 1996), except for the values of Poisson’s ratio and hydraulic
conductivity. Selection of the values of Poisson’s ratio, v, was based on empirical
experience. For the hydraulic conductivity, first the ratio of horizontal to vertical
hydraulic conductivity, kj/k,, was determined from laboratory test results as 1.5
(Park 1994). Then values of the hydraulic conductivity in the vertical direction were
adjusted to fit the observed field data for an embankment on natural subsoil at the
same site (Chai and Miura 1999), which are about 4 times the laboratory values.
For the sand layers, Young’s modulus was estimated by referring to the results of
standard penetration tests (V values). Values of hydraulic conductivity for the sand
were simply assumed, based on past experience. The values listed in Table 2.14
correspond to the initial conditions and it was assumed that during consolidation
they varied with the voids ratio according to Taylor’s (1948) equation (Eq. (2.40)).
Parameter Cy in the equation was taken as 0.4ep, where e is the initial voids ratio.
The subsoils were in a lightly over-consolidated to normally-consolidated state with
a maximum over consolidation ratio (OCR) of about 4 for the top crust. The coeffi-
cients of earth pressures were calculated using the equation proposed by Mayne and
Kulhawy (1982). The groundwater level was about 1.0 m below ground surface. The
adopted initial stresses are listed in Table 2.15. The mechanical properties of the fill
material were assumed to be a Young’s modulus of 15,000 kPa and a Poisson’s ratio
of 0.2. The unit weight of fill material was assumed to be 20 kN/m?. The parameters
for the PVDs are listed in Table 2.16 (after Chai and Miura 1999).

Figure 2.39 compares settlements at the ground surface and 5.6 m below the
ground surface. It can be seen that considering buoyancy effects reduced the surface
settlement by about 0.36 m, which is about 13% of the total settlement. The mea-
sured data are also included in this figure for comparison purposes. Comparison of
the lateral displacement profile at the end of construction is given in Fig. 2.40. There
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Table 2.15 [Initial stress conditions of Ariake clay deposit at Saga Airport site

Size of yield

Depth Horizontal stress ~ Vertical stress Water pressure locus

(m) 0} (kPa) o) (kPa) u (kPa) P'o (kPa)
0.0 5.0 0.0 0.0 29.0
1.0 9.6 15.5 0.0 29.0
4.0 18.0 29.0 30.0 26.0
5.6 20.8 37.8 46.0 35.0
21.0 53.6 107.1 200.0 95.2
23.7 61.7 1233 227.0 109.6
25.0 65.6 131.1 240.0 116.5
30.0 88.1 176.1 290.0 151.1

Table 2.16 Parameters
relevant to PVD drains

Item Symbol Units Value
Drain diameter d,, mm 48.3
Unit cell diameter d, m 1.7
d/d,, N - 35.2
Smear zone diameter dy mm 300
Hydraulic conductivity ratio kn/ks - 10
ds/d,, - 6.2
Discharge capacity qw m3/yr 85

is no obvious effect of the buoyancy on lateral displacement, but it is noted that lat-
eral displacement is mainly influenced by the magnitude of shear stresses induced in
the ground. The method adopted to consider the buoyancy effect involved adjusting
the total water pressure and this will not change the magnitude of the shear stress in
the ground, and therefore should have little influence on the lateral displacements.
For the test embankment at Saga Airport the 3.5 m thickness of fill material
caused about 2.5 m settlement. Figure 2.39 reveals that the inclusion of buoyancy

Fig. 2.39 Comparison of

settlement-time curves for the

Saga embankment on
PVD-improved subsoil
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Fig. 2.40 Comparison of Or5— o7
lateral displacement profile 3 % oy
for the Saga embankment on 51 Endof |
PVD improved subsoil | construction
L At9 maway |
— 10 from the
g embankment
< 15+ centerline _
a
L
a
20 -
25+ —— FEM (buoyancy) -
----- FEM (no buoyancy)
0 Measured 1
30 L 1 L 1 L 1 L
-100  -50 0 50 100 150

Lateral displacement (mm)

effects in the analysis can be significant. In particular, it can make a difference as
large as 10% for the predicted total settlement.

2.6 Summary

Some techniques for simulating the mechanical behaviour of a soft clayey sub-
soil using finite element methods (FEM) have been described. A comparison of
the effects of the various techniques for simulating embankment construction has
also been provided and a summary of the findings of this chapter is as follows.

2.6.1 Undrained Shear Strength Profile

In order to solve geotechnical boundary and initial value problems accurately and
reliably, the use of an appropriate constitutive model to represent the mechanical
behaviour of the soil is generally important. However, selection of an appropriate
model alone does not guarantee realistic simulations and predictions. The values of
the model parameters and the initial stress state of the subsoil are equally important
and considerable care is required when selecting them. All these factors together
control the operative shear strength and modulus of the modelled soil. Therefore,
it has been proposed that comparing the simulated undrained shear strength (S,)
profile with a measured profile (or profiles) provides a useful check on the feasibility
and appropriateness of the selected model, its parameter values and the determined
initial stress state (including the overconsolidation ratio or OCR). The field values
of S, can be measured by field vane shear tests, laboratory unconfined compression
tests or unconsolidated undrained triaxial compression tests using undisturbed soil
samples. However, the strain rate adopted during the test is normally different from
that experienced in the soil under a real structure and the effect of strain rate on
S, may also have to be considered, with possible corrections applied to allow for



52 2 Modelling Soft Clay Behaviour

the effects of different strain rates (Bjerrum 1972; 1973). Two example analyses,
one involving a class-A prediction of a centrifuge model test of a footing on clay
and another involving the simulation of a built-to-failure embankment on a deposit
of soft Champlain at Saint-Alban, Quebec (Grammatikopoulou et al. 2007), were
described in order to demonstrate the importance of first checking the simulated
profile of S,,.

2.6.2 Simulating Embankment Loading and Construction

In order to simulate foundation response due to embankment loading using the
FEM, the embankment load, corresponding to the self-weight of the embankment
fill material, can be applied either by: (1) applying an equivalent distributed surface
loading; or (2) increasing the gravity loading of all or some of the elements used
to represent the embankment; or (3) placing embankment elements layer by layer,
‘switching on’ their own stiffness and self weight as the elements are placed or ‘con-
structed’. Method (3) can simulate quite closely the actual construction process. The
effect of the embankment load application method on the simulated ground response
was demonstrated by analyzing a test embankment on the Muar clay deposit in
Malaysia (MHA 1989a).

For an embankment on soft subsoil, normally the embankment load will cause
large deformation of the ground resulting in significant changes to the original prob-
lem geometry. A practical way to consider these large deformations is to update
the nodal coordinates of the FEM mesh frequently during an incremental analysis.
In FEM analysis, normally the elements representing an embankment are pre-
specified. If the nodal coordinates are not updated during an incremental analysis
the applied embankment load will correspond exactly (within calculation tolerance)
to the initial volume of the embankment elements multiplied by the unit weight
of the fill material. However, if large deformations are considered by updating the
nodal coordinates during the course of the incremental non-linear analysis, normally
the nodal coordinates of any un-constructed elements will not be updated and con-
sequently the volume of the unconstructed elements may actually change during
the analysis. The volume of these elements usually increases so that when they are
finally made active during a construction increment the final applied load will be
larger than may have been originally anticipated. Hence in FEM analysis, in order to
ensure the pre-specified fill thickness is maintained, the unconstructed embankment
elements must follow the settlement of the constructed elements and the foundation
soil. In order to ensure that this occurs the method proposed by Chai and Bergado
(1993a) is recommended, as has been described in this chapter.

2.6.3 Effect of Settlement on Embankment Stability

Soft subsoil deformation during embankment construction will influence the fac-
tor of safety (FS) of the embankment. The direct effects include: (1) reducing the
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surcharge load; and (2) partially replacing the weaker soft soil by the stronger fill
material. An indirect effect is the shorting of the effective length of the drainage
path within the subsoil, which can increase the partial drainage that takes place dur-
ing the construction period, and this drainage will usually cause the undrained shear
strength of the subsoil to increase. For the test embankment built to failure on the
Muar clay deposit in Malaysia (MHA 1989b), results of FEM analysis indicate that
taking into account the foundation deformation during construction can increase the
computed FS typically by about 0.1.

2.6.4 Effect of Buoyancy on Settlement

For many soft clay or clay-like deposits, the groundwater level is usually close to
the ground surface. Large deformations of the foundation soil induced by embank-
ment construction will bring a part of foundation soil and possibly some of the
fill material from above the groundwater level to below the groundwater level. In
such cases buoyancy effects will tend to reduce the overall effective surcharge load
applied to the underlying subsoil. In FEM analysis, the buoyancy effect can be taken
into account by: (1) considering the changes in total water pressure due to incre-
mental settlement, and the changes in the unit weight of soft soil and fill due to
consolidation; (2) checking equilibrium of the entire mechanical system and form-
ing the load vector corresponding to the buoyancy force; and (3) iterating until the
residual force is less than a given tolerance. For the test embankment constructed
at Saga Airport in Japan, the results of a finite element analysis of this type indi-
cated that inclusion of the buoyancy effect can reduce the predicted final settlement
about 13%.
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Chapter 3
Vertical Drains

Abstract This chapter contains a description of the methods used for modelling
soft subsoils whose mechanical performance, particularly their drainage characteris-
tics, have been improved by the installation of pre-fabricated vertical drains (PVDs).
Included is a description of how a typical problem may be dealt with using an equiv-
alent plane strain finite element analysis. Also presented are some example analyses
using specific case histories, and comparisons of the model predictions with lab-
oratory and field performance of PVD systems. A field case study from China is
included in these comparisons.

3.1 Consolidation Theory for Prefabricated Vertical Drains

3.1.1 Introduction

Vertical drains are often installed in soft clayey soils to improve their overall
drainage properties and ultimately their strength and stiffness, i.e., to accelerate
the consolidation of the soft soil under imposed loading. The types of drains used
in this form of ground improvement technology can be loosely divided into sand
drains, gravel drains and prefabricated vertical drains or PVDs. The major focus of
attention in this chapter will be on PVDs and their influence on the behaviour of
the clay layers into which they are installed. A schematic illustration of the major
components of a PVD is provided in Fig. 3.1.

Because of their speed of installation and reduced cost PVDs are most commonly
used these days to accelerate the consolidation of soft soil deposits. They are usually
manufactured from a composite of solid polycarbonate material encased in a geo-
textile filter. Various proprietary products are available for this purpose. In the field,
PVDs are installed by using a mandrel, which is pushed into the subsoil with a PVD
inside it. The mandrel is subsequently withdrawn leaving the PVD in the subsoil.
This process creates a completely disturbed zone around the PVD, called the smear
zone, with an effective radius of ry (diameter dy). The hydraulic conductivity in the
smear zone, kg, may be reduced to a very low value. Flow in the drain takes place
vertically and is governed by the discharge capacity of the PVD, g,,.

Analytical solutions for the consolidation behaviour of a soil layer penetrated
by vertical drains have invariably involved the study of a unit cell, i.e., a cylinder

J. Chai, J.P. Carter, Deformation Analysis in Soft Ground Improvement, Geotechnical, 57
Geological and Earthquake Engineering 18, DOI 10.1007/978-94-007-1721-3_3,
© Springer Science+Business Media B.V. 2011
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Fig. 3.1 Schematic illustration of a PVD

of soil surrounding a single vertical drain, under simplified boundary conditions
and assuming that the soil is uniform in the vertical direction. Figure 3.2 shows a
unit cell of fixed external radius r, (or diameter d,) and initial length, /, contain-
ing a drain of radius of r,, (diameter d,,). The impervious bottom boundary is fixed
vertically, while the downward displacement of the pervious upper boundary is per-
mitted. There are two options regarding the displacement pattern assumed at the
upper boundary. One is uniform vertical stress in the radial direction (the so called
‘free strain’ condition), and the other is uniform vertical strain in the radial direc-
tion (the so called ‘equal strain’ condition). The assumption of equal vertical strain
is usually adopted in the analysis for mathematical convenience. In obtaining ana-
lytical solutions it is also assumed that the soil exhibits uniform linear stress-strain
behaviour. Drainage within the soil may take place in both the vertical and radial
directions, although it is often considered reasonable to assume that radial flow of
the pore water predominates.

In the field, PVDs are installed in square or triangular patterns with a spacing S,
and the radius of the unit cell, r,, is calculated based on the equal area principle:

re = 0.564S Square pattern (3.1

re = 0.525S Triangular patterm 3.2)

The available theories for the consolidation of the unit cell vary in their degrees
of rigor and complexity. The most rigorous, but mathematically most complex solu-
tions are based on Biot’s (1941) consolidation theory and were derived for equal
strain boundary conditions by Yoshikuni and Nakanodo (1974) and Onoue (1988).
Both solutions allow for combined vertical and radial drainage in the soil and for
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finite drain discharge capacity (well resistance), but only in Onoue’s solution is
the smear effect considered. Although the upper boundary is displaced uniformly,
variation of vertical strain is generally permitted both radially and vertically. Less
rigorous solutions, considering both well resistance and the smear effect but neglect-
ing vertical flow in the soil, have been obtained by Barron (1948), Hansbo (1981)
and Zeng and Xie (1989). These are all genuine equal strain analyses where the ver-
tical strain is assumed to be uniform with radius. The solutions of Hansbo (1981)
and Zeng and Xie (1989) are relatively easily computed compared to either the
Barron (1948) solution or more rigorous solutions. Analytical solutions for free
strain boundary conditions have only been obtained in the absence of well resistance
by Barron (1948) and, even then, they tend to be complex.

The most commonly used consolidation theories for designing PVD improve-
ment are the Barron (1948) and Hansbo (1981) solutions and these are considered
in subsequent sections of this chapter.

3.1.2 Barron’s Solution

In the case of equal strains in the drain and the surrounding soil, the differential
equation governing the consolidation process of the unit cell is given as:
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du 9%u 1 (du
a=ol(52) 2 (5)] G

where t = the time after an instantaneous increase of the total vertical stress,
u = the excess pore water pressure at any point and at any given time #; r = the
radial distance of the considered point from the centre of the soil cylinder; and
¢, = the coefficient of consolidation in the horizontal direction. For the case of
radial drainage only, the average degree of consolidation (Uj,) from Barron’s (1948)
solution under ideal conditions (no smear and no well resistance) is as follows:

U, =1 [_m} (3.4)
n=1—exp o .
where
_
T,,_4rg 3.5)
F()—[ " Hl()—§+i} (3.6)
PEla=m M T a TR '

and where n = r./r,.

3.1.3 Hansbo’s Solution

It has been shown (Hansbo 1981; Zeng and Xie 1989; Onoue 1988) that Hansbo’s
relatively simple theory compares well, not only with the similar solutions of Barron
and Zeng and Xie, but also with more rigorous solutions. As Hansbo’s solution is
also easy to apply, the theory has been widely used in practice. Under an instanta-
neous step loading, Hansbo’s solution for Uy, at depth, z, and time, 7, is as follows
(Hansbo 1981):

Up =1 —exp(—8T)/1) (3.7

where u represents the effect of the spacing between the PVDs as well as the effects
of smear and well resistance. It can be expressed as:

3
w =In(n/s) + (kn/ks) In (s) — 27 21— 2) kn/qw (3.8)
For an average well resistance, ; can be expressed as:

. 2 .
1= 1In (n/s) + (kn/ks) In (s) — % + 2”3;—]% (3.8a)
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where s = rg/r,, [ = the drainage length of a PVD, k; = the horizontal hydraulic
conductivity of the native soil containing the PVD, and k; = the horizontal hydraulic
conductivity of the smear zone.

3.2 Parameter Determination

One of the most important parameters affecting the consolidation rate of subsoil
improved by the installation of vertical drains is the horizontal coefficient of con-
solidation (cp). As discussed later, to date there is no satisfactory laboratory test
method to determine this parameter so that the back-analysis of values of ¢;, from
field measurements or field hydraulic conductivity tests is recommended. For given
subsoil conditions, the effect of the vertical drains depends on: (1) the drain spacing
and the equivalent drain diameter; (2) the well resistance (i.e., the discharge capac-
ity of the drain); (3) the smear effect; and (4) the drainage boundary conditions of
the soil layer. Except perhaps for the drain spacing, significant uncertainties exist
when attempting to quantify each of these factors. These issues are now described
in greater detail.

3.2.1 Equivalent Drain Diameter

The first proposal for determining the equivalent drain diameter (d,,) of a band-
shaped PVD was made on the basis of the assumption of an equal drainage perimeter
(Hansbo 1979). Subsequent research indicated that due to corner effects the equiv-
alent drain diameter is actually less than the value calculated based on the equal
drainage perimeter assumption and a new equation, based on the results of finite
element analysis, has been suggested by Rixner et al. (1986) as:

w+ g
2

d, = (3.9)
where w and 7, are the width and thickness of the PVD, respectively. Equation
(3.9) has been widely used in practice and was also subsequently verified by the
independent finite element analyses conducted by Chai and Miura (1999).

3.2.2 Discharge Capacity of a PVD

The discharge capacity of a PVD must be determined experimentally. An ideal dis-
charge capacity test should simulate the drain installation, the confinement of clay
on the filter sleeve of the drain, and the deformation of the drain during consoli-
dation. It is obvious that a full-scale test could be expensive, if indeed it is ever
possible. For a useful small-scale laboratory test, the important influencing factors,
such as the confinement condition, must be considered.
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Fig. 3.3 Variation of discharge capacity with confining pressure of several different PVDs

Hansbo (1994) summarized the results of discharge capacity tests for several dif-
ferent PVDs confined in soil, as investigated by Jamiolkowski et al. (1983), Hansbo
(1983) and Kamon and Ito (1984). It may be seen from the results plotted in Fig. 3.3
that the discharge capacity is greatly influenced by confining pressure. The reason is
that the filter sleeves are squeezed further into the channel system at higher confining
pressures, which entails a reduction in the channel areas, or the channels themselves
are squeezed together under higher pressures.

Another systematic laboratory test program was carried out to identify the impor-
tant factors influencing the discharge capacity (Miura et al. 1998). The following
factors were investigated:

(a) Confining the drain in clay (compared with confining the drain by a rubber
membrane);

(b) The effect of possible air bubbles trapped in the drainage pathways;

(c) The effect of folding of the drain; and

(d) The long-term discharge capacity.

The main findings from these tests are as follows.

(a) For the cases investigated, the discharge capacity observed when confining the
drain in clay for one week (i.e., a relatively short term) was only about 20%
of the corresponding value when the drain was confined by a rubber membrane.
One long-term test, which lasted for about 5 months, indicated that the discharge
capacity also reduced significantly with elapsed time.

(b) Air bubbles trapped in the drainage pathways of the drain reduced the discharge
capacity by about 20%.

(c) The folding of the drain (with no kinking) combined with a vertical strain up
to 20% did not have much effect on the discharge capacity, supporting the
conclusion drawn earlier by Hansbo (1983).
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These results indicated that the confinement conditions and the test duration are
two key factors affecting the discharge capacity of a PVD. To confirm this point
and to identify the reasons for a reduction in discharge capacity with time in the
case of clay confinement, additional discharge capacity tests with clay confinement
were subsequently conducted by Chai and Miura (1999). In order to quantify the
creep deformation of the filter under a given confining pressure, creep tests were
also carried out for the filter elements of the PVDs tested.

The test device utilized by Chai and Miura is illustrated in Fig. 3.4. The apparatus
consists of a cylindrical cell with a diameter of 200 mm and height of 600 mm. The
maximum length of PVD that can be tested in this apparatus is 400 mm. The test
procedure was as follows:

(a) Install the drain sample on the lower pedestal, which is connected to the inlet
water flow system.

(b) Fix the membrane at the lower pedestal, and put the cylindrical mould (2 halves)
in position with the membrane inside. The inner diameter of the mould is
100 mm.

(c) Put the remoulded clay (at a water content close to its liquid limit) into the
mould layer by layer until the desired height is reached. Each layer is compacted
by a stick tamper (about 10 mm in diameter) to avoid air bubbles remaining in
the sample. However, the initial density of the sample is basically controlled by
its water content.

(d) Install the upper pedestal and connect the PVD sample to the outlet water flow
system. Fix the membrane to the upper pedestal.

(e) Apply a suction of about 10 kPa to the sample and remove the mould.

Head difference AH

Il

Confine pressure *

100 mm

Sample

Rubber membrane

Cross-section of sample

le— 200-400mm —=

33 3 33

Fig. 3.4 Illustration of
discharge capacity test device
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(f) Set-up the confining pressure, and gradually release the suction.

(g) Set-up the desired confining pressure (usually in the range from 49 to 392 kPa)
and hydraulic gradient (usually in the range 0.08 to 0.8).

(h) Then let the clay sample consolidate under the applied confining pressure. After
the clay sample is consolidated, the discharge capacity of the PVD encased
in soil is measured. Consolidation of the surrounding clay sample takes about
1 week. Therefore, the discharge measurement after 1 week is defined as the
short-term value of the discharge capacity for the test confined in clay.

Slots were cut into the lower and upper pedestals to accommodate the band-
shaped PVD. The gap between the drain sample and the slot needed to be sealed by
plasticizer to avoid the clay particles entering the drainage pathways of the PVD. It
is worth mentioning that this set-up is not intended to be a unit cell test. It merely
simulates the clay (smear zone) confinement on the sleeve of the drain.

Table 3.1 gives the properties of the PVDs tested. The remoulded Ariake clay had
a liquid limit of about 105.0% and plastic limit of about 42.8%. The soil consisted
of 57.0% clay (< 5 wm), 41.7% silt and 1.3% sand particles.

The results of two long-term tests are shown in Fig. 3.5. The corresponding val-
ues of discharge capacity measured in tests involving confining the PVDs in a rubber
membrane are also indicated in the figure for comparison. In these cases the spe-
cific test conditions were as follows: the confining pressure was 49 kPa and the
hydraulic gradient was 0.08. For both tests in clay the discharge capacities contin-
uously reduced with elapsed time, and the lowest value was about 4% of the value
observed when confining the PVDs by a rubber membrane.

On most construction projects a PVD is normally expected to work effectively
for at least half a year. Therefore, in design, the longer term behaviour of PVDs
should be taken into account. If these test data are linearly extrapolated to condi-
tions where the equivalent hydraulic gradient is 1.0, the lowest discharge capacity
would be 75 m3/year for PVD(A) and 126 m3/year for PVD(B). PVD(B) had a
larger discharge capacity than PVD(A) due to its larger initial cross sectional area
of the drainage channel (Table 3.1). The factors considered to cause the reduction in
discharge capacity with time under clay confinement are: (1) creep deformation of
the filter under a maintained confining pressure, and (2) the clogging effect of fine
particles entered the drainage pathways of the PVD drain.

Table 3.1 Physical properties of the PVDs

Size Drainage channel Material

Number Unit

1" w Depth  Width of weight
PVD (mm) (mm) (mm) (mm) channels (g/mz) Filter Core
A 2.6 94 1.5 1.8 40 90 Polyester  Polyolefin
B 3.6 97 1.3 2.0-2.4 64-66 120 Polyolefin  Polyolefin

4ty = thickness; w = width
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In order to quantify the creep effect, special creep tests on the filter elements of
the drains were conducted (Chai and Miura 1999). The test device used in this case
is illustrated in Fig. 3.6. The drain filter was tested in the direction corresponding to
the transverse direction of the PVD. The size of the sample tested was 200 mm in
width and 400 mm in length. To avoid necking of the sample, a clamp was fixed in
the middle of the sample. A measuring rule was fixed on the right side of the frame
(Fig. 3.6).

Filter

Middle clamp to
restrict the necking
of the sample

Bar to prevent
the swing of
sample

Measuring ruler

Side view Front view

Fig. 3.6 Illustration of setup of creep test (after Chai and Miura 1999)
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Fig. 3.7 Creep test results Elapsed time, t (logarithm scale)
(after Chai and Miura 1999)
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The results of the creep tests are given in Fig. 3.7. It can be seen that the filter
element of PVD(B) is weaker than that of PVD(A). To relate the creep deformation
of a filter with the reduction of the cross-sectional area of the drainage channel, the
following assumptions are used:

1. As illustrated in Fig. 3.8, the deformed shape of the filter is assumed to be a
circular arc.

2. The confining pressure is balanced by the component of the tensile force (7) in
the filter in the y direction (Fig. 3.8).

Tsinou .
Tension

force T

Confining
pressure
F=Bo

Deformed filter

Fig. 3.8 Concept used to | B ‘ (circular arc)

calculate the reduction of

drainage area (after Chai and l ‘
Miura 1999) Width of drainage channel
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By trial and error, the relationship between the confining pressure and the reduc-
tion in the cross-sectional area was obtained, as shown in Fig. 3.9. From this figure
it can be deduced that for the two long term tests (Fig. 3.5), the reduction in cross-
sectional area due to deformation (including creep) of the filter was 4 and 17% for
PVD(A) and PVD(B), respectively.

For the test conducted on PVD(A) and presented in Fig. 3.5, hydraulic shocks
were applied after about 130 days, by firmly stepping on the inlet water flow hose,
in order to examine the clogging effects. It was observed that some flocculated fine
particles were forced out of the drainage channels by these pressure shocks and
they were subsequently deposited on the wall of the outlet hose, i.e., some of the
PVD clogging was removed by these hydraulic shocks. As shown in Fig. 3.5, the
discharge capacities increased after the shock.

Figure 3.10a, b show electron microscope pictures of filter samples obtained from
the open channel area. Figure 3.10a shows a sample from the drainage channel
side, and Fig. 3.10b shows a sample from the side in contact with the clay. From
Fig. 3.10a, it can be seen that there is some bio-film formed on the drainage channel
side. On the side in contact with the clay, there is no bio-film but some soil particles
are observed in the openings of the filter material. It is considered that the formation
of bio-film together with the fine particles inserted in the drainage channel would
have caused the partial clogging of the drainage path, resulting in a reduction in the
discharge capacity with time.

3.2.3 Smear Effect

Two parameters are needed to characterize the smear effect, namely the diameter
of the smear zone (ds) and the hydraulic conductivity ratio (kp/ks), i.e., the value
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Fig. 3.10 Electron
Microscope pictures of filter
after discharge capacity test
for PVD(B) (after Chai and
Miura 1999). (a) Contact with
clay side; (b) Drainage
channel side
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of hydraulic conductivity in the undisturbed zone (k;) divided by that in the smear
zone (k). Several investigations have been made of these factors (Jamiolkowski and
Lancellotta 1981; Jamiolkowski et al. 1983; Hansbo 1987; Miura et al. 1993) and
the value of d; can usually be estimated as:

dy=21to3)dy (3.10)

where d,, = the equivalent diameter of the cross-sectional area of a mandrel. In
design, if there are no test data available for evaluating the smear zone size, the
value of dy = 3d,, is suggested (Chai and Miura 1999). Since the shape of the man-
drel is usually rectangular, the cross-sectional shape of the actual disturbed zone will
be close to rectangular or elliptical. In the unit cell theory, a circular shape based on
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the equal area assumption is used to represent the smear zone. This observation
has been checked by independent finite element analysis (Chai and Miura 1999). A
plane strain slice (either circular or rectangular) perpendicular to the drain direction
was considered for evaluating the effect of the shape of the smear zone. Because
of symmetry only a quarter of the slice was required in the finite element analysis
(Fig. 3.11). The boundary conditions are also shown in this figure. During the anal-
ysis a hydrostatic load of 50 kPa was first applied under undrained conditions, and
then the consolidation process was simulated. The soil was assumed to be elastic
with a Young’s modulus of 10,000 kPa, Poisson’s ratio of 0.3, hydraulic conduc-
tivity k, = 1078 m/s, and k; = k;,/5. Figure 3.12 compares the average degree of
consolidation of a rectangular smear zone with that of a circular one assuming equal
areas. It can be seen that the shape assumed in the model does not make a signifi-
cant difference to the curves of average degree of consolidation (U) versus the time
factor (7). The adoption of a circular smear zone is therefore reasonable.

There are many uncertainties regarding the value of kj,/k,. Since for most nat-
ural deposits the hydraulic conductivity in the horizontal direction is higher than
that in the vertical direction, Hansbo (1987) proposed that k; should be the same as
the hydraulic conductivity of the natural soil in the vertical direction, k,. The value
of kj/k, can vary from 1 to 15 (Jamiolkowski et al. 1983). It was argued by Chai
and Miura (1999) that the assumption of k;/k, is based mainly on laboratory test
results. Laboratory tests may be an appropriate way to determine the value of kg, but
they generally under-estimate the hydraulic conductivity of a field deposit, mainly
because a 20 mm thick soil sample is too small to capture all the effects of stratifi-
cation of a natural deposit. It is therefore suggested that kj, /k, can be expressed as:

kn (kh>
2o(2) ¢ (3.11)
ke \k /), 7
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Fig. 3.11 Modelling the smear zone around a drain (after Chai and Miura 1999)
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where subscript / represents the value determined in the laboratory, and Cy is the
hydraulic conductivity ratio between field and laboratory values. In some cases,
(kn/ks)1 = (kn/ky)i. The best way for estimating the value of field hydraulic con-
ductivity is by back-analyzing local case histories, such as measured embankment
settlements, or by measuring the hydraulic conductivity in the field using a self-
boring permeameter, if such sophisticated equipment is available (Tavenas et al.
1986). It is considered that the most important factor affecting the value of Cris the
stratification of the deposit. For a homogeneous deposit, the value of Crcan be close
to 1.0, but for stratified deposits, even those with thin sand layers and sand seams
which can not be clearly identified from the borehole record, the value of Cr can
be much larger than 1.0. Values of Cy for a few selected clay deposits are listed in
Table 3.2 for reference.

Table 3.2 C values for various clay deposits

Deposit Cr Method Remarks
Bangkok clay at Asian Institute 25 Back-analysis Chai et al. (1995)
of Technology campus (about
100 km from sea)
Bangkok clay at Nong Hao 4 Back-analysis Chai et al. (1996)
(close to sea)
Malaysia Muar clay deposit 2 Back-analysis Chai and Bergado (1993)
Ariake clay (close to sea area) 4 Back-analysis Chai and Miura (1999)
Louiseville (Canada) About 12 Self-boring Tavenas et al. (1986)
permeameter
St-Alban (Canada) About 3% Self-boring Tavenas et al. (1986)
permeameter

4Laboratory value was determined by direct measurement. For other cases, laboratory values were
deduced from c¢,, value (¢, is coefficient of consolidation)
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For the unit cell theory proposed by Hansbo (1981), a single value of hydraulic
conductivity is used in the smear zone. However, experimental results indicate that
the degree of disturbance, and therefore the coefficient of consolidation in the smear
zone, varies with the radial distance from the drain (Onoue 1991; Madhav et al.
1993). Based on this experimental evidence, a unit cell consolidation theory, which
considers the hydraulic conductivity in the smear zone to vary linearly or bi-linearly
with position has been proposed by Chai et al. (1997). It has been demonstrated
that by adopting the average value of hydraulic conductivity in the smear zone, the
smear effect will be under-estimated. The value of hydraulic conductivity at the
inner smear zone, i.e., in the zone immediately adjacent to the drain surface, has a
dominant effect on the consolidation behaviour of a unit cell.

3.2.4 Effect of a Sand Mat

Some or all of the water collected by the PVDs will flow to the ground surface first,
and then drain away by the outlet system, usually consisting of a sand mat placed
over the ground surface. Since the hydraulic conductivity of sand is considerably
higher than that of clay, usually in an analysis it is assumed that there is no hydraulic
resistance within the sand mat. If a thick layer (more than 0.5 m) of clean sand,
i.e., with the percentage fines less than 5%, is used in the construction of the sand
mat, then this assumption may not result in much error. However, in some cases
due to material availability as well as cost considerations, lower quality sand, such
as clayey sand, may be used to construct the sand mat. In this case, the hydraulic
resistance in the sand mat may have some influence on the rate of consolidation of
the subsoil containing the vertical drains. The amount of resistance in the sand mat is
a function of its hydraulic conductivity as well as the geometry of the embankment
constructed over the mat. By analyzing a test embankment at Saga Airport in Japan,
Chai and Miura (1999) suggested that a sand mat at least 0.5 m thick with a hydraulic
conductivity larger than 10~ m/s, should be sufficient to provide conditions that are
close to free draining.

3.3 Optimum PVD Installation Depth

For a deposit with only one-way drainage, PVDs are normally installed so that
they fully penetrate the deposit in order to shorten the required preloading period.
However, for a deposit with two-way drainage, e.g., in cases where a sand layer
underlies soft clay, full penetration of the PVDs into the deposit may not be an
economical choice. Retaining a thin clay layer without PVD improvement near the
underlying drainage boundary can have advantages. Indeed, almost the same overall
rate of consolidation may be achieved with only partial penetration of the clay layer
as in the case of full penetration of the layer by PVDs. Therefore, it is possible to
design a PVD improvement with partial penetration to achieve approximately the
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same rate of consolidation as that of a fully penetrated case. This installation depth
will be referred to as the optimum depth.

3.3.1 Optimum Thickness of Unimproved Sub-layer (H.)

The condition assumed in deriving an equation for calculating the optimum thick-
ness of the unimproved soil layer, H. (Fig. 3.13), is that the average degree of
consolidation of the sub-layer of thickness H, under one-way drainage is the same
as the average degree of consolidation of the same deposit with full penetration of
the PVDs. Considering both the drainage capacity of the natural deposit and the
effect of the PVDs, the average degree of consolidation of a PVD-improved deposit
can be calculated as follows (Carrillo 1942):

Un=1-(0=Uy) 1 - Up) (3.12)

where U,, = the average degree of consolidation of the PVD-improved subsoil
layer, U, = the average degree of consolidation of the layer due to radial drainage
only (due to the presence of the PVDs), which can be calculated by Hansbo’s (1981)
solution (Eq. 3.7), and U, = the average degree of consolidation of the layer due to
vertical drainage alone.

In order to obtain a simple explicit expression for H., an approximation of
Terzaghi’s solution for the average degree of vertical consolidation has been
proposed (Chai et al. 2001):

U, =1 — exp(—=CyT}) (3.13)

cyl . . L .
where T, = Lz is the time factor for vertical consolidation, ¢, = the coefficient

of consolidation in the vertical direction, 7 = the vertical drainage path length
and C; = a constant. In order to determine the most appropriate value of Cg, the
following factors need to be considered.
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layer
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Figure 3.14 shows a comparison of Terzaghi’s solution for consolidation assum-
ing vertical drainage only as well as the approximate solution given by Eq. (3.13).
It may be seen from this figure that the two solutions are almost the same for
U, = 50%, provided Cy is assigned a value of 3.54. In this case, for U, < 50%,
Eq. (3.13) underestimates the Terzaghi solution, while for U, > 50% it overestimates
the average degree of consolidation, but with a maximum error of less than 10%.

By considering the combined effects of both vertical drainage of the natural sub-
soil and radial drainage due to the presence of a PVD, the maximum error in the
average degree of consolidation will be reduced below that for the case assuming
vertical drainage alone. In this case, in order to retain the use of the approximate
but simple Eq. (3.13), the optimum value for C,; then becomes a function of the
relative importance of the vertical and the radial drainage, which of course may
vary from case to case. In order to be definitive, a value of C; = 3.2 has been pro-
posed by Chai et al. (2001) and its adoption is recommended here for most practical
cases. Of the cases of combined vertical and radial drainage studied by Chai et al.
(2001), the maximum error of the proposed method, in terms of the predicted aver-
age degree of consolidation, was less than 5% whenever the value C; = 3.2 was
adopted.

For the unimproved layer (H,), the average degree of consolidation (U,7) can
be calculated by Eq. (3.13) with a corresponding time factor, T,» = c,t/H.2. By
equating the average degree of consolidation of the unimproved layer (of thickness
H_.) and the average degree of consolidation of the deposit which is fully penetrated
by PVDs and has a vertical drainage length of H/2, H. can be expressed as follows:

H, = (3.14)
4 25 ¢

_+—_
H? ,u'De2CV



74 3 Vertical Drains

Values of H,. calculated from Eq. (3.14) ensure that the average degree of consol-
idation of the unimproved layer under one-way drainage is the same as the average
degree of consolidation of a similar deposit with full penetration of PVDs. However,
with the arrangement shown in Fig. 3.13, the vertical drainage path length for the
PVD-improved layer, i.e., H — H,, is longer than that for the case where the PVDs
fully penetrate the layer, i.e., H/2. Theoretically, this increase of the drainage path
length will also result in increased well resistance for the case of a layer with PVDs
installed, and it will also reduce the rate of consolidation occurring due to vertical
drainage through the natural deposit. For most practical cases, when the discharge
capacity (¢,,) of a PVD is larger than about 100 m?/year, the effect of well resistance
is not significant (Bergado et al. 1996). In such cases the main effect of an increase
in the drainage path length will be to reduce the degree of consolidation due to
the vertical drainage through the natural deposit. This relative effect will increase
with the increase of PVD spacing, smear effects and the thickness of the deposit in
question. To compensate for this effect, the average degree of consolidation of the
unimproved layer (H,) should be higher than that for the case where PVDs fully
penetrate the layer. One solution to this dilemma is to calculate H, by assuming that
the average degree of consolidation of the unimproved layer is the same as that of
the fully penetrating PVD case, as well as assuming that the drainage path length of
the natural deposit in the vertical direction is only H/8. This value was determined
by trial and error and was found to be applicable for H < 20 m. This particular
condition results in a modified form of Eq. (3.14), which is now the recommended
equation for calculating H. (Chai et al. 2009):

1
H, = (3.14a)

64 n 25 ¢
H? I ~DL,2 Cy

The value of u appearing in Eq. (3.14a) can be calculated from Eq. (3.8a).

It should be noted that Eq. (3.14a) was derived by assuming that the deposit
is uniform. Although most natural deposits are non-uniform, it is proposed that
Eq. (3.14a) can be used to good effect for non-uniform deposits using weighted
average values of the coefficient of consolidation in the horizontal direction (cj)
and in the vertical direction (c,), where the layer values are weighted by their indi-
vidual layer thicknesses (Chai et al. 2009). The effectiveness of Eq. (3.14a) has been
verified by one dimensional finite element analysis, as reported by Chai et al. (2009).

3.4 Two-Dimensional Modelling of PVD-Improved Soil

For most field projects, the subsoil is not uniform, and also the deformation of PVD-
improved soil is not always one-dimensional. Thus numerical methods, typically the
finite element method (FEM), are required for designing PVD improvement or for
predicting the behaviour of PVD-improved subsoil. Methods for modelling PVD-
improved subsoil in two-dimensional (2D) plane strain analysis can be classified
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into 4 groups. The first group represents the individual PVDs by solid elements and
reproduces the axisymmetric (unit cell) and plane strain responses by matching the
times for 50% consolidation by adjusting the value of the hydraulic conductivity in
the horizontal direction assumed for plane strain (Shinsha et al. 1982; Indraratna
and Redana 1997). The second group adopts a macro element in the FEM program
to represent the hydraulic behaviour of a PVD (Sekiguchi et al. 1986). The third
group employs discrete 1D drainage elements to represent individual PVDs (Hird
et al. 1992; Chai et al. 1995), while the fourth group combines the drainage effects
of the PVDs and the natural soil in the vertical direction by assuming an equivalent
hydraulic conductivity in the vertical direction for a single solid medium (Chai et al.
2001). In the following sections these methods will be described and discussed in
chronological order of their appearance in the literature.

3.4.1 Approach of Shinsha et al.

In many cases involving the analysis of a boundary value problem, it is neces-
sary to model the effects of PVDs under plane strain conditions, as shown in
plan view in Fig. 3.15. In such cases, matching the degree of consolidation under
both axisymmetric and plane strain conditions becomes an essential step in the
modelling.

When analyzing the behaviour of subsoils improved by the installation of sand
drains, Shinsha et al. (1982) proposed a procedure which can match the average
degree of horizontal consolidation that occurs under axisymmetric conditions to that
occurring in a plane strain analysis for a given degree of consolidation, normally
50%. The matching equation proposed by Shinsha et al. (1982) is as follows:

2 2
TipB” = TD; (3.15)
khp ki,
where B = the half drain spacing in the plane strain model, k, = the matched
horizontal hydraulic conductivity for the plane strain case, and 7}, = the time
factor corresponding to the given degree of consolidation for plane strain conditions
calculated using Terzaghi’s 1D consolidation theory with a drainage path length
of B. The value of T} can be calculated from Eq. (3.5) for the same degree of
consolidation. Either Barron’s (1948) or Hansbo’s (1981) solution is appropriate for
the case where vertical drains are present in the subsoil. In such cases the equivalent

Axisymmetric Plane strain
drain drain
Fig. 3.15 Illustration of S 2B
modelling the effect of PVDs Actual
Ctua Modelled

in plane strain analysis
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plane strain drain is represented in the finite element model by solid elements. Since
the matching equation was derived on the assumption that Terzaghi’s consolidation
theory for two-way drainage can be applied to the soil between the two adjacent
rows of equivalent vertical drains (effectively assuming horizontal flow of pore
water between the adjacent rows), it is automatically assumed that the location of
a plane strain vertical drain is indeed a drainage boundary. It is noted that for cases
where these equivalent plane strain drains are located at every other vertical line
in a finite element mesh, the resulting excess pore water pressure distribution will
necessarily be zigzag in form.

3.4.2 Macro-element Approach

A quadrilateral macro-element that includes the beneficial drainage effects of a PVD
was formulated by Sekiguchi et al. (1986) in which the degree of freedom cor-
responding to excess pore water pressure is located at the centre of the element
(Fig. 3.16). In formulating the response of this element the following assumptions
have been adopted:

(a) the discharge capacity of a PVD is infinite (g,, — 00);
(b) the smear effect is not considered; and

Horizontal

i Element 2
i o2

*
®
@
Vertical

Element 4

z¥Y

Fig. 3.16 [Illustration of excess pore water pressure degree of freedom
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(c) the distribution of excess pore water pressure (u) in the radial direction around
a PVD is expressed by the eigen-function of an ‘equal strain vertical drain
consolidation problem’ as follows:

r g
fry=In{—|)— 5 (3.16)
T 2rs
where r = radial distance. This function satisfies the following boundary conditions:
frw)=0,and £| =0
r=re

3.4.2.1 Equation of Continuity

Assuming that within a time increment Af the increment of volumetric strain is Ag,,
and that the rate of flow into or out of an element is ¢, the equation of continuity can
be expressed as follows:

[ Asydxdydz = qAt (3.17)

As shown in Fig. 3.16, water can flow into or out of an element from the 4 sides
of the 2D quadrilateral element. Using Darcy’s law, the net change in the amount of
water within an element can be expressed as follows:

qAt = |:<Z4:,31) Ut — 24: (Bi- ui‘)} - Sy (3.18)

i=1

where g; = the coefficient of water flow (fori = 1 to 4), u" = the excess pore water
pressure at the centre of the element being considered, u;" = the excess pore water
pressure at the centre of ith element adjacent to and surrounding the element being
considered, and S, = the thickness of the element in the direction perpendicular to
x-z plane of Fig. 3.16 (normally unity). As an example, the expression for §; for the
line boundary 14 (connecting nodes 1 and 4 in Fig. 3.16) is:

. kp - At-S;/vw
dy + (It — dy) - (kn/kn1)

Bi (3.19)

where kj, and kj,; = the hydraulic conductivities of the central element being con-
sidered and the adjacent Element 1, respectively, y,, = the unit weight of water,
dy and [ = the distances from the centre of the element being considered to the
boundary 14 and the centre of Element 1, respectively, and S; = the length of the
line segment 14.
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3.4.2.2 Macro-element Formulation

Consider the case where the PVDs are arranged in a square pattern with a spacing
§ = 8§y = §y. For this case the amount of water flowing into or out of a PVD within
a time increment of Af can be expressed as:

a (u/yw)

qvp - At =2mry, - S, -k - At - 5
-

(3.20)

r=ry

where gyp = the flow rate for a section of PVD with a length of S,. Referring to
Eq. (3.18), the following equation can be written:

qvp - At = Byp - u- Sy (3.21)
where

27 [y¢u-r-dr

U=
T2

(3.22)

is the average excess pore water pressure, and Syp = the coefficient of water flow for
a PVD. Assuming u = u(r, z, t) = f(r) - g(z, ) and using Eq. (3.16) for f(r), from
Eq. (3.22), the average excess pore water pressure i will be a function of g(z, ).
However, by equating Egs. (3.20) and (3.21) and eliminating g(z, f), an expression
for Byp can be obtained for the case of a square pattern of PVDs (S = S, = Sy):

5 2T kA S, 1- %
T e Lo - (1- %) (3- %) /4

Including the effect of the PVDs on the net water change in Eq. (3.18), replacing
uj by u; and equating Egs. (3.17) and (3.18) results in the following continuity
equation for the macro-element:

(3.23)

4 4
/ Avdxdydz = (¢ + qvp) - At = [(ﬁm +y ﬁ,-) -y (ﬁiﬁ»} Sy (3.24)
i=1

i=1

Replacing the continuity equation in a normal FEM formulation by Eq. (3.24)
provides the formulation of a macro-element that includes the effects of the PVDs.
Sekiguchi et al. (1986) verified the macro-element they formulated in this way by
comparing their numerically simulated results with analytical solutions for selected
problems, obtaining good agreement.
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3.4.3 One-Dimensional Drainage Elements

3.4.3.1 Formulation of a Drainage Element

Hird et al. (1992) adopted a discrete one-dimensional (1D) drainage element to
model the effects of a PVD installed in soil. In the finite element mesh their ele-
ment has zero cross-sectional area but, in calculating its contribution to the drainage
matrix, a unit cross-sectional area can be assumed for convenience. The important
quantity defining the behaviour of this element is its discharge capacity, g,,.

This type of element can be used in conjunction with triangular or rectan-
gular continuum elements representing the consolidating soil, i.e., the discrete
drainage element can be introduced along one side of a solid or continuum element.
Therefore, adding drainage elements into a finite element mesh will not introduce
additional nodes or degrees of freedom. Within a drainage element, the variation of
excess pore water pressure is assumed to be linear. This type of element is there-
fore compatible with six noded triangular elements and eight noded rectangular
elements, which only have pore water pressure degrees of freedom at the vertex
nodes. The formulation of the drainage element is summarised as follows.

With a fully implicit approximation over time, the discretized forms of the
equilibrium and continuity equations of Biot’s (1941) consolidation theory are:

KAd+ LAu = AFy (3.25)

LTAd — Atd®Au = AF, (3.26)

where AF;, AF>, Ad, Au and At = increments of nodal force, nodal flow, nodal
displacement, nodal pore water pressure and time, respectively; K = the material
stiffness matrix; L = the link (or coupling) matrix and @ = the hydraulic conduc-
tivity matrix. The element ‘stiffness’ matrix, Kg, for displacement and pore water
pressure variables is given by:

K L
Kg = |:LT _Mb} (3.27)

For a PVD, the relationships between the axial force and displacement and
between the axial flow rate and the hydraulic gradient are represented by the
matrices K and @ respectively. Physically, it is assumed that the PVD has neg-
ligible cross-sectional area. Hence, no volume change results from displacement
and no change of force in the drain results from a change of pore water pressure.
Consequently for these elements the link matrices L and LT are composed entirely
of zero terms. Normally in such cases the structural stiffness a PVD can be ignored
(K =0), and @ is a function of g,,,.
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3.4.3.2 Matching Procedure for Plane Strain Analyses

To get a better matching between plane strain and axisymmetric conditions, Hird
et al. (1992) applied Hansbo’s (1981) solution to a plane strain vertical drain.
Figure 3.17 shows a plane strain unit cell of half width, B, containing a drain with
a discharge capacity, gy, per unit width in the direction perpendicular to the plane
under consideration. For matching purposes the drain is assumed to possess negli-
gible thickness and no smear zone. From Hansbo’s solution, the average degree of
consolidation (Uj) can be expressed as follows:

Unp = 1 — exp(—8Ty/11) (3.28)
where
cpt
W= 15 (3.29)
and
1y = % + ;;:p (ZZZ - z2> (3.30)

|
dp——> | ? dq, dz
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Flow direction
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Fig. 3.17 Plane strain
unit cell

—
A




3.4 Two-Dimensional Modelling of PVD-Improved Soil 81

For the rates of consolidation in a plane strain and an axisymmetric unit cell to
be matched, equality of the average degree of consolidation at any time and at every
level in the unit cell is required. From Egs. (3.7) and (3.28), this implies:

T _Tn (3.31)
Mp 18

Geometry Matching

Assuming ¢y, (and therefore, k) is the same for both axisymmetric and plane strain
conditions, Eq. (3.31) can be re-written as:

B, =rlu (3.32)

The relevant expressions for 1, (Eq. 3.30) and x (Eq. 3.8) can be substituted into
Eq. (3.32) and the terms rearranged to give:

28— 2 [In /) + t/k ) — 3] = (k)
— (2Bkn/qup)] - (21z — 22)

(3.33)

The condition for geometric matching is obtained by considering the case of
negligible well resistance (g, and ¢,, — 00). Therefore, geometric matching,
including the effect of the smear zone, is achieved if:

3 3 1/2
B/r. = {E [m (n/s) + (k/ks)In (s) — Z“ (3.34)

The effect of well resistance is matched independently if:

Gup = (2B/nre2) G (3.35)

Hydraulic Conductivity Matching

An alternative procedure can be developed which involves changing the hydraulic
conductivity instead of the drain spacing. Adopting B = r, and following the
same logic as before, the hydraulic conductivity and well resistance matching
requirements are:

2k,

(3.36)
3 [ln (n/s) + (kn/ks) In (s) — %]

kpp =
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Fig. 3.18 Comparison of the 0 — T — —
results of axisymmetric and L Axisymmetric
matched plane strain analyses = IPON N N Geometry-matched
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(after Hird et al. 1992) z -matched
g L ]
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3
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g
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Time factor 7},
and
qwp = (2/7'”'(3) 4w (337)

Although geometry and hydraulic conductivity matching procedures have been
described separately, they can be used in combination by setting B to a desired value
and re-deriving the matching requirements for kj, and g,,,. This is useful in avoiding
the necessity of modelling a small equivalent drain spacing with an excessively large
number of finite elements.

Assuming the soil behaves elastically with a Young’s modulus £ = 10* kPa,
Poisson’s ratio v = 0, and kj;, = 1073 m/s, re =100m, r,, = 02m, / = 20.0 m,
s =5, kp/ky = 2,and L = 8kh12/(rrqw) = 2, Hird et al. (1992) conducted finite
element consolidation analyses of axisymmetric and matched plane strain unit cells.
The average degrees of consolidation based on predicted settlements are compared
in Fig. 3.18 (after Hird et al. 1992). The results indicate that the error introduced
from the plane strain matching is less than 11%. The geometry and hydraulic
conductivity matching produced almost identical results.

Well Resistance (Discharge Capacity) Matching

While the geometry and hydraulic conductivity matching procedures can match well
the average degree of consolidation within a unit cell, the excess pore water pressure
distributions within an axisymmetric unit cell and a plane strain unit cell are quite
different. Theoretically, excess pore water pressure (u) distributions in the horizontal
direction in axisymmetric (Hansbo 1981) and plane strain (Hird et al. 1992) unit
cells are as follows:

2 2
— d
U= 23%2 [rez In (é) T 5 rw:| % (axisymmetric) (3.38)
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Fig. 3.19 Theoretical excess
pore water pressure variation
within an axisymmetric and
plane strain unit cell

g
E
02+ e Hansbo's theory -
// Axisymmetric
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r?/r2or x/B
Yw 2\ 9&y .
u=-—\(2Bx —x“) — (plane strain) (3.39)
2k, ot

where, &, = vertical strain, and x = the distance from the centre of the drain for plane
strain conditions. It should be noted that for the equal vertical strain assumption, as
used elsewhere, the strain rate, de,/9d¢, is not a function of r or x. The theoretical
excess pore water pressure distribution, normalized by the value at the periphery of
a unit cell (#4max), is shown in Fig. 3.19. Instead of plotting r or x on the horizontal
axes, the ratio of areas, 12 / rezor X/B is used, which provides a better picture of the
excess pore water pressure variation within the complete unit cell area. It can be seen
that theoretical excess pore water pressure distribution patterns for the plane strain
and the axisymmetric conditions are different, mainly because of different boundary
conditions. The stronger variation of excess pore water pressure in the plane strain
case implies a more non-uniform response of the soil.

The average degree of horizontal consolidation of a unit cell is not only influ-
enced by drain spacing and the hydraulic conductivity of the soil, but is also
influenced by the discharge capacity of a drain. Therefore, the average degree
of horizontal consolidation can be matched by fixing both the geometry and the
hydraulic conductivity of the soil and varying the well resistance (Chai et al. 1995).
In geometry and hydraulic conductivity matching, it can be easily proved that for
the condition where n(n = r./r,) is larger than 5 (in practice, normally n > 20),
either the drain spacing must be increased or the hydraulic conductivity of the soil
has to be reduced for the plane strain condition. Therefore, logically, in well resis-
tance matching, the well resistance for plane strain conditions will be higher, and
the excess pore water pressure variation in the horizontal direction will be reduced
within a unit cell. For the condition of equal average horizontal degree of consol-
idation in the plane strain and the axisymmetric conditions, based on the unit cell
solutions, both axisymmetric (Hansbo 1981) and plane strain (Hird et al. 1992), and
using the average well resistances along the drain, the following equation can be
obtained:
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k 3 212k 2 4Pk
r2 (2 P s 2 a2 g2 (2 e (3.40)
s kg 4 3qw 3 3Bquwp

If B = r, (note that B can be larger than r,) and kj, = kj, and with some rear-
rangement, the equivalent discharge capacity of the drain in plane strain conditions
can be determined by matching the average degree of horizontal consolidation as
follows:

Ak, 12

38 [In (2) + § In (5) — 43 + 270 |

Qwp = (3.41)

As illustrated in Hansbo’s solution, for a constant discharge capacity of the drain
the well resistance increases with depth. Therefore, partly matching the well resis-
tance based on the geometry and smear effects for the axisymmetric case to the well
resistance for the plane strain case determined by Eq. (3.41), the variation of excess
pore water pressure with depth will not be the same as for the axisymmetric case,
although a more realistic excess pore water pressure distribution in the horizontal
direction can be obtained. To overcome this drawback, it is reasonable to consider
artificially varying the discharge capacity of the drain with depth in the model.

Assuming the average discharge capacity is (¢y,)ay, Which may vary with depth
(z) from a value of A1(q)ay at the top of the PVD and a value of (A| + A2)(qw)ay
at the bottom (where A; + A2/2 = 1.0, Chai et al. (1995) obtained a unit cell
consolidation solution for axisymmetric conditions, and then matched the varying
discharge capacity to the plane strain condition. It has been shown that the selection
of Ay = 0.1 and A = 1.8 can result in an acceptable excess pore water pressure
variation with depth under plane strain conditions. In cases where the same average
discharge capacity is required, the variable discharge capacity case (A1/A2 > 0)
will yield a higher well resistance, or a lower degree of consolidation for a given
time, than that of the constant discharge capacity case. To obtain the same aver-
age well resistance, the average discharge capacity for the variable discharge case
(A1/A2 > 0) must be increased. If the ratio between the average discharge capacity
for the case of variable discharge to the constant discharge capacity is designated
as R, then under the condition of the same average well resistance, R, can be
determined as follows (Chai et al. 1995):

_ 3 Ao Aq A
Rq_A—%{—7+(A1+A2)[<1+A—2)ln<l+A—l)—1“ (3.42)

R, is the same for both the axisymmetric and the plane strain conditions. For
A; = 0.1 and A, = 1.8, R; = 2.875. In finite element analysis, the discharge
capacity of each PVD element can be determined by its location relative to the top
and the bottom of the PVD.

In order to check this approach for matching the well discharge, an ideal drain
case was analyzed using FEM. The soil was assumed to be elastic with Young’s



3.4 Two-Dimensional Modelling of PVD-Improved Soil 85

Fig. 3.20 Finite element Drained
mesh used in drain matching
problem

Drainage element, horizontal fixed
Undrained, horizontal fixed

< 50m —mMM>

Undrained, vertical fixed

<— 15m =

modulus E = 10% kPa, Poison’s ratio v = 0.3, and the horizontal hydraulic con-
ductivity was given by k;, = 10~8 m/s. The other parameters in the problem were
defined as [ = 5m, d,, = 0.013 m and r, = 1.5 m. The finite element mesh used
for this analysis is shown in Fig. 3.20.

For the ideal case (¢,, — 00), Eq. (3.41) yielded an equivalent discharge capacity
in plane strain, gy, of 8.9 x 1078 m3/s (or 2.81 m3/year). Figure 3.21 (modified
from Chai et al. 1995) compares the average degree of horizontal consolidation
based on the value of the excess pore water pressure at the bottom of the drain.
Hansbo’s (1981) solution is also shown. It can be seen that the proposed matching
procedure for well resistance yielded a satisfactory match in terms of the average
degree of horizontal consolidation. The predicted maximum difference between the
axisymmetric and plane strain cases is about 2%. A comparison of the normalized
excess pore water pressure distributions is shown in Fig. 3.22 (modified from Chai
et al. 1995). It can be seen that the well resistance matching procedure has resulted
in a more realistic excess pore water pressure distribution in the horizontal direction
(compare the distributions plotted in Figs. 3.19 and 3.22).

3.4.4 Modelling PVDs Using Equivalent Solid Elements

Indraratna and Redana (1997; 2000) derived a solution for a plane strain unit cell
with a half width of PVD of b,,, and a half width of the smear zone of b, as shown
in Fig. 3.23. The equation for the average degree of consolidation is the same as
Eg. (3.28), but the expression for p,, is as follows:
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Fig. 3.21 Comparison of the
average degree of horizontal
consolidation at the bottom of
the PVD (modified from Chai
et al. 1995)

Fig. 3.22 Comparison of
normalized excess pore water
pressure distribution in the
horizontal direction (modified
from Chai et al. 1995)
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Fig. 3.23 Axisymmetric and plane strain unit cell models (after Indraratna and Redana 1997)

and where k;, = the hydraulic conductivity of the smear zone in the plane strain
unit cell.

Assuming the radius of an axisymmetric unit cell is the same as the half width
of a matched plane strain unit cell (r, = B), a matching equation for the hydraulic
conductivity has been derived as:

kn [a + ﬂ% +0 (21z — ZZ)]

[in () + (§) In(9) = 075 + 7 (212 = 2) |

qwp

ki = (3.47)

In order to use Eq. (3.47), the values of the discharge capacity (¢y,) and the ratio
of the horizontal hydraulic conductivity in the smear zone to that in the undisturbed
zone (kg /kpp) of the plane strain unit cell first have to be determined. Indraratna and
Redana (1997) proposed that gy, can be calculated by Eq. (3.37), which has been
proposed by Hird et al. (1992). The ratio kg /kp, can be calculated by ignoring the
well resistance in Eq. (3.47) and thus can be expressed as follows (Indraratna and
Redana 2000):
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ko _ p (3.48)

kip o [m (") + (’;_h) In (s) — 0.75] S

N

However, the right hand side of Eq. (3.48) also contains the term kjp/kp,, and
therefore in order to obtain the value of kj, either iteration is needed or some kind
of approximation is required. Indraratna and Redana (1997) proposed the following
approximation of k,/ky, by ignoring both the smear effect and the well resistance:

knp _ 0.67 (3.49)
kn ~ [In(n) — 0.75] '

Finally, if Egs. (3.37), (3.48) and (3.49) are substituted into Eq. (3.47), the
matched horizontal hydraulic conductivity for the plane strain case can be obtained.

In order to use the solution for the plane strain unit cell with smear effect in
a plane strain FEM analysis, a plane strain PVD has to be modelled by at least
5 columns of finite elements, i.e., 1 for the PVD itself, 2 for the smear zone and
2 for the remaining zones of the plane strain unit cell. In engineering practice this
requirement may not always be convenient to implement.

3.4.5 Equivalent Vertical Hydraulic Conductivity

For those methods of finite element analysis that require the use of 1D drainage
elements or those adopting a macro-element formulation, conducting the FEM anal-
ysis for PVD-improved subsoil can be very time consuming and even inconvenient
(Olson 1998). To avoid this shortcoming Chai et al. (2001) proposed a method
involving the adoption of an equivalent vertical hydraulic conductivity, in which
PVD-improved subsoil can be analyzed in the same manner as unimproved subsoil.

3.4.5.1 Equivalent Vertical Hydraulic Conductivity, k.

From a macro perspective, the presence of vertical drains increases the mass
hydraulic conductivity of the subsoil particularly in the vertical direction. Therefore,
it is logical to try to establish a value of the vertical hydraulic conductivity which
approximately represents both the effects of the vertical drainage of the natural
subsoil and the effects of radial drainage due to the existence of the PVDs. This
equivalent value of vertical hydraulic conductivity (k,.) can be derived based on the
same average degree of consolidation under 1D conditions (e.g., Chai et al. 2001).
To obtain a simple explicit equation for k., Eq. (3.13) has been used to approximate
Terzaghi’s 1D consolidation theory, and Hansbo’s (1981) solution (Eq. 3.7) for cal-
culating PVD-induced consolidation has been adopted. Carrillo’s (1942) equation is
used to combine the vertical and radial drainage effects (Eq. (3.12)). In such cases
the equivalent vertical hydraulic conductivity, k., can be expressed as (Chai et al.
2001):
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Fig. 3.24 One and two way drainage conditions (after Chai et al. 2001)

(3.50)

2.5 ky
kve=<1+ ,LLdng;) v
where k, = the hydraulic conductivity of the soil in the vertical direction. The other
parameters appearing in this equation have been defined previously.

For multilayer conditions, when using Eq. (3.50) to calculate the value of k,,, for
each layer, it is simply assumed that the drainage path length / is the same as the
total thickness (H) of the PVD-improved zone, i.e., for one-way drainage / = H, and
I = H/2 for two-way drainage. One-way or two-way drainage conditions should be
applied based on the conditions in the PVD improved zone only. In the case where
a clay deposit has two-way drainage but the PVDs do not penetrate through the
whole thickness of the layer, then for the PVD-improved zone, one-way drainage
conditions should be assumed, as illustrated in Fig. 3.24.

3.4.5.2 Verification of the Method

For brevity and convenience, the equivalent vertical hydraulic conductivity method
will be referred to in the following as the ‘simple method’. The simple method was
tested by comparing its predicted average degree of consolidation and excess pore
water pressure distribution in the vertical direction with values calculated using a
combination of Terzaghi’s 1D consolidation theory and Hansbo’s (1981) solution for
radial consolidation. It is possible to obtain a closed form solution for the case of a
uniform subsoil. For multi-layer subsoils, the analyses were conducted numerically
using the FEM and the results of the simple method were compared with those
obtained from separate analyses using drainage elements (Chai et al. 1995). All
comparisons were made assuming 1D deformation conditions.
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(a) Uniform Subsoil

The assumed 1D configuration is illustrated on the left hand side of Fig. 3.25
(after Chai et al. 2001) and the assumed subsoil and drain parameters are listed in
Table 3.3. It should be mentioned that the absolute values of the parameters adopted
in this example have no effect on the trends observed in this comparison. With these
conditions, Eq. (3.50) yields a value of k., = 11.94k,.

A comparison of the average degree of consolidation is shown in Fig. 3.26
(after Chai et al. 2001). It can be seen that the maximum difference between the
predictions of the simple method and the theoretical solution is about 5%. The
predicted excess pore water pressure distribution in the vertical direction is com-
pared in Fig. 3.27 (after Chai et al. 2001) at an average degree of consolidation of
50%, where uy is the initial uniform excess pore water pressure. The simple method
indicates a faster excess pore water pressure dissipation in the upper part of the
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Fig. 3.25 Assumed 1-D ) S=1.77m
subsoil conditions (after Chai Lg S _
et al. 2001) _% b=20m
Table 3.3 Assumed subsoil and drain parameters
Subsoil
E (kPa) v ky, (1078 m/s) ky, (10~8m/s) y: (kKN/m?)
4,000 0.3 2.0 1.0 18.0
Drain
dy (m) d (m) ds (m) ki/ks qw (m*/year)

0.05 2.0 0.3 5.0 100
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subsoil and slower dissipation in the lower part. This is because the simple method
converts both the effects of vertical and radial drainage into an equivalent verti-
cal drainage. Radial drainage tends to result in almost uniform excess pore water
pressure distribution with depth, provided the well resistance of the PVDs is not
significant.
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(b) Multilayer Subsoil

A uniform subsoil condition is rarely encountered in engineering practice. A more
common situation is where a weathered crust with higher hydraulic conductivity
is underlain by softer layers. A two layer subsoil model is indicated on the right
hand side of Fig. 3.25. The assumed values of the hydraulic conductivities of layer
1 are kyy = 2 x 1078 m/s and ky; = 2k, and the elastic modulus of layer 1
(Ep) is 8,000 kPa. The other soil parameters for layer 1 and layer 2, and the drain
parameters are the same as those given in Table 3.3. Consequently, the coefficient
of consolidation of layer 1 (c,1) is 4 times that of layer 2 (¢y»).

A rigorous closed form solution is not available for the case of a multilayered
subsoil and so the FEM was used for these calculations. FEM solutions using the
simple method were compared with base solutions calculated using the method in
which radial drainage due to the presence of the PVDs was modelled by including
1D drainage elements in the finite element mesh (Chai et al. 1995).

Figure 3.28 (after Chai et al. 2001) compares predictions of the average degree of
consolidation, which shows that the maximum difference is about 5%. In Fig. 3.28
the time factor 7, was calculated using the weighted average value of the coef-
ficient of consolidation in the vertical direction (weighted by the individual layer
thickness). The distribution of excess pore water pressure with depth is given in
Fig. 3.29 (after Chai et al. 2001). Due to the higher hydraulic conductivity of layer
1, the differences between the two solutions evident in Fig. 3.29 are smaller than
those predicted for the uniform case (Fig. 3.27).

(c) Discussion

Regarding the accuracy of the simple method, it can be concluded that the error
in the predicted average degree of consolidation is usually less than 10% for 1D
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conditions. However, it should be noted that the comparisons presented previously
have been made assuming specific conditions, and strictly speaking the relative
errors would only be valid for those particular cases. Generally, it has been found
that the relative error is affected by the following factors.

®

(ii)

(iii)

@iv)

The relative significance of vertical and radial drainage. The smaller the
effect of vertical drainage in the natural subsoil, the larger the error
will be.

The effect of well resistance. Well resistance tends to result in a non-uniform
excess pore water pressure distribution with depth. Therefore, the larger the
well resistance, the smaller the error will be. Field evidence has shown that
due to drain clogging the well resistance of a PVD may be quite high and
the corresponding discharge capacity therefore may be quite small (Chai and
Miura 1999).

The vertical drainage path length. The larger the vertical drainage path length
(1) and the smaller the drain spacing (S), i.e., the larger the value of the ratio
l/S, the larger the error will be.

The uniformity of the subsoil. As shown in the above comparisons, the errors
involved in predicting the consolidation of multilayer soils using the simple
method, particularly in cases where the topsoil has a higher hydraulic conduc-
tivity than the underlying subsoil, can be reduced below those occurring in the
case of a uniform soil layer. This is because the higher hydraulic conductivity
of the upper layer enhances the vertical drainage. For most natural deposits,
the hydraulic conductivity of the top layer is normally higher than that of the
underlying layers, as previously noted.



94 3 Vertical Drains

3.5 Modelling a Large Scale Laboratory Test

3.5.1 Large Scale Consolidometer

Tests of PVD materials installed in large scale laboratory samples of clay have been
reported by Saowapakpiboon (2010) and Saowapakpiboon et al. (2010). Some of
these test details and some relevant findings of the testing program conducted at the
Asian Institute of Technology are reported here.

The large scale consolidometer shown in Fig. 3.30 consists of a cylindrical cell
of 0.45 m inner diameter and 0.95 m height made of polyvinylchloride (PVC). The
upper and lower pedestals have a thickness 40 mm and are connected by eight
12 mm diameter steel rods. The piston system consists of a 40 mm thick piston and
a hollow shaft with an outside diameter of 100 mm. To prevent tilting of the piston, a
guide is installed on the upper pedestal around the shaft and this guide is fixed to the
upper pedestal with eight steel bolts each 15 mm in diameter. ‘O’ rings lubricated
with silicon grease are used to form seals between the upper and lower pedestals
and the cylindrical cell, the piston and the cell, the shaft and the upper pedestal
and the guide and the shaft. Air pressure is applied through the upper pedestal to
the top of the piston. A natural rubber membrane with a thickness of 3 mm was
installed in the chamber above the piston to prevent leakage of the pressurized air.
The rubber membrane is initially folded in the vertical direction to allow free ver-
tical displacement of the piston during consolidation of the soil sample contained

Vacuum
pressure
Air 4 w
pressure ! r Displacement /|, :
ﬁ “O’ring
[
Fixing ring{{p E
Rubber gl | —————
membrane
PVD cap
= £
= o
= <) e}
g s g2
1S a =
L 2> 2 =
@) A 3 =S
2
3
Cross-section \ S
L T
L 045m
b »
(a) Sketch (b) Photo of actual device

Fig. 3.30 Large scale consolidometer (after Saowapakpiboon et al. 2010). (a) Sketch; (b) Photo
of actual device
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within the cell. Geotextiles were placed on the top and bottom of the soil samples
to serve as drainage layers. A dial gauge was placed on top of the shaft to allow
settlement measurement. A KPD-200 kPa excess pore water pressure transducer
(manufactured by Tokyo Sokki Kenkyujo Co, Ltd, Japan) was installed in the soil
layer at about its mid height and about 0.11 m away from its central axis. This trans-
ducer was connected to a data logger to monitored pore water pressure in the sample
during consolidation (Saowapakpiboon 2010).

3.5.2 Soil Properties and Testing Procedures

The soft clay samples tested in the large scale consolidometer were obtained from
the site of the Second Bangkok International Airport (SBIA), which is located about
30 km southeast of Bangkok. Samples were recovered from 3.0 to 4.0 m depth below
a weathered crust layer. Table 3.4 shows the physical properties of the soft Bangkok
clay. The PVD material used in the consolidometer test was the CeTeau CT-D911
drain and its properties are summarized in Table 3.5. In the model tests, the installed
PVD was formed from a section of this drain material cut into a half width (50 mm
wide).

Before putting the soil sample into the consolidometer, silicone grease was
applied to the inside of the large consolidometer to reduce friction. The soil sam-
ples were then remoulded by adding a sufficient amount of water until its water
content was greater than its liquid limit. The samples were then thoroughly mixed
in a mechanical mixer and transferred in layers into the consolidometer. For each
layer, air bubbles were eliminated by using a vibrator. A vertical surcharge pres-
sure of 50 kPa was applied under two-way drainage conditions to reconstitute the

Table 3.4 Physical

properties of soft Bangkok Properties Value
ziagi (gg%)s aowapakpiboon Liquid limit (%) 102.24
’ Plastic limit (%) 39.55
Water content (%) 112.69
Plasticity index 62.69
Total unit weight (kKN/m?) 14.70
Specific gravity 2.66

Table 3.5 Properties of CeTeau CT-D911 drain (after Saowapakpiboon et al. 2010)

Drain Body Configuration o o
Material Polypropylene
No. of channels 44

Filter Jacket Material Polypropylene
Colour Grey

Weight (g/m) 78

Width, W (mm) 100

Thickness, ¢; (mm) 3.5
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samples in the large consolidometer,. The consolidation was terminated when the
degree of consolidation was more than 90%, as determined by Asaoka’s (1978)
observational method. The reconstituted sample created in this way had a thickness
of approximately 0.7 m (Saowapakpiboon et al. 2010).

A PVD was then installed in the reconstituted soil sample using a mini-mandrel
81.9 mm wide and 18.2 mm thick (a cross-sectional area with an equivalent diameter
of 44 mm), and the consolidation test was conducted by applying an overall vertical
consolidation pressure of 100 kPa, i.e., a 50 kPa increment in the vertical pressure.
During the consolidation test, drainage was allowed only at the top surface and the
bottom drainage valve was closed.

3.5.3 Comparison of Measurements and Numerical Simulations

The laboratory model tests were simulated using the finite element method in order
to back-analyze the parameters related to the drain performance, e.g., the smear zone
parameter, kj, /k;, etc. (Saowapakpiboon et al. 2010), as well as to evaluate the effec-
tiveness of the various methods for modelling PVD performance. The soil sample
was simulated by the Modified Cam clay model (Roscoe and Burland 1968) and
the model parameters determined from laboratory test results are listed in Table 3.6.
The back-analyzed parameters for the PVD are given in Table 3.7. The value of dj
listed in this table is twice the equivalent diameter of the cross-sectional area of the
model mandrel.

In the FEM analysis, two different methods were adopted to model the effects
of the PVD. One made use of the axisymmetric unit cell model with the drain at
the centre, in which the soil sample with the PVD was modelled in three distinct

Table 3.6 Model parameters for reconstituted soft Bangkok clay (after Saowapakpiboon et al.
2010)

H (m) e k (m/day) K v A M ecs

0.70 2.29 7.51E-05 0.052 0.3 0.569 0.8 451

ep = initial void ratio; k = hydraulic conductivity; k = slope of unloading-reloading curve in
e —Inp’ plot (e is void ratio and p’ is consolidation pressure); A = slope of virgin loading curve in
e — Inp’ plot, M = slope of critical state line (CSL) in p’ — ¢ plot (q is deviator stress), and e.; =
void ratio corresponding to p’ = 1 kPa and on CSL in e — Inp’ plot

Table 3.7 Parameters for PVD consolidation (after Saowapakpiboon et al. 2010)

Parameter Symbol Unit Value
Drain diameter dy, m 0.0268
Diameter of smear zone dy m 0.087
Discharge capacity qw m3/year 100

Ratio of kj, to kg ks/kn - 3
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Fig. 3.31 FEM meshes (after Saowapakpiboon et al. 2010). (a) Radial drainage model;
(b) Equivalent k., model

material zones: the drain zone; a smear zone; and the undisturbed zone, as shown
in Fig. 3.31a. The hydraulic conductivity of the drain element was calculated using
the discharge capacity of the PVD and the cross-sectional area of the elements in
the drain zone. In the other finite element model the equivalent vertical hydraulic
conductivity method, i.e., the ‘simple method’ proposed by Chai et al. (2001), was
adopted. In this case there was no zoning of the model ground (Fig. 3.31b). In both
cases the soil was represented by 8 noded quadratic displacement elements with
only 4 pore water pressure nodes at the element corners and reduced integration
was adopted for all calculations. The displacement boundary conditions were, at the
bottom both the vertical and horizontal displacements were fixed, and at the right
hand boundary (corresponding to the wall of the model) the horizontal displace-
ment was fixed. Only at the top surface was drainage allowed. The program used to
compute the numerical simulations was ABAQUS version 6.7 (Abaqus Inc. 2008).

Using the test data from (Saowapakpiboon et al. 2010; Saowapakpiboon 2010),
the simulated settlements are compared with the measurements in Fig. 3.32. It can be
seen that the simple method resulted in a faster predicted settlement rate at the earlier
stage and a slower settlement rate at the later stages of consolidation. However, the
differences between the two methods are quite small. Both simulated results com-
pare well with the measurements. The predicted excess pore water pressures (u) are
compared in Fig. 3.33. Although the simulations slightly over-estimated the excess
pore water pressures, they compare quite favourably with the laboratory measure-
ments. Generally, the simple method will result in a lower predicted value of u
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near the top drainage surface and a higher value of u close to the bottom of the
PVD. At the location of the piezometer (near the middle of the model), the sim-
ple method yielded almost identical result with those predicted using individual
drainage elements.

3.6 Application to a Case History

The simple modelling method was applied to the analysis of a test embankment at
the Hangzhou-Ningbo (HN) Expressway in eastern China. Analyses using drainage
elements (Chai et al. 1995) to represent the effect of the PVDs were also conducted.
It is worth mentioning that using the concept of equivalent hydraulic conductiv-
ity, the FEM analysis can be conducted using standard commercial finite element
programs. The results obtained using the simple modelling method are compared
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with those obtained using drainage elements in terms of settlements, excess pore
water pressures, and lateral displacement profiles. The results of both types of FEM
analysis are also compared with the measured field data.

3.6.1 Test Embankment on a Soft Clay Deposit in Eastern China

The Hangzhou-Ningbo (HN) expressway is located on the southern coast of
Hangzhou Bay, as shown in Fig. 3.34. It starts from Hangzhou, the capital of
Zhejiang Province and extends to Ningbo, the biggest harbor city in the same
Province. The total length of the HN expressway is 145 km, of which about 92 km
passes over a soft clay deposit (in China it is called ‘mucky clay’). In order to obtain
reliable field data and experience that would guide the design and construction of
the entire expressway, 12 full scale field test embankments with a total length of
3.15 km were constructed and investigated (Wang et al. 1998). The PVD-improved
section of soft ground analyzed here underlay one of these test embankments.

The generalized soil profile and the properties of the soft soil deposit at the test
site are shown in Fig. 3.35. The overall thickness of the soft soil layers is about 23 m.
A thin weathered crust (TC) having a thickness of 1 to 1.5 m overlies a silty clay
layer (SC1) approximately 4 m thick. The third layer is the very soft mucky clay
(MC) with a thickness of approximately 10 m. The fourth layer is also a soft clay,
called mucky-silty clay (MSC), and it has a thickness of approximately 4 m. The
fifth layer is a medium to stiff silty clay layer (SC2) approximately 3 ~ 5 m thick.
Below the fifth layer, it is a clayey sand layer. Prior to embankment construction
the subsoils were in lightly overconsolidated to normally consolidated states. The
overconsolidation ratio (OCR) of the top crust was about 5. The soft silty clay and
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~| Taihu =R
| Lake
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Fig. 3.34 Location of the test Shaoxing ~on
site in China (after Chai et al. 0 15 30km Ningbo
2001)
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Fig. 3.35 Soil profile and properties at the test site in China (after Chai et al. 2001)

mucky clay have initial water contents greater than their corresponding liquid limits,
low hydraulic conductivity and low shear strength. The groundwater level was about
1.5 m below the ground surface.

Figure 3.36 shows the geometry of the embankment on the PVD-improved sub-
soil and the main instrumentation points. A 0.5 m thick sand mat was placed on
the top of the soft ground. Decomposed granite was used as the fill material which
was compacted in layers to a unit weight of about 20 kN/m?. The height of the con-
structed embankment was 5.88 m. PVDs were installed to 19 m depth in a triangular
pattern with a spacing of 1.5 m

3.6.2 FEM Modelling and Model Parameters

The modelled subsoil was 29 m deep from the ground surface, and 120 m horizon-
tally from the embankment centreline. 120 m is about 4 times the embankment half
width, which is considered sufficient to substantially reduce the boundary effects
in the numerical model. The displacement boundary conditions were as follows: at
the bottom, both vertical and horizontal displacements were fixed and at the left
hand vertical boundary (under the embankment centreline) and the right hand ver-
tical boundary (away from the centreline), the horizontal displacement was fixed
but vertical movement was allowed. The drainage boundary conditions adopted in
the model were as follows: the ground surface and the base of the model (a sand
layer) were both considered as drainage boundaries. The left and right hand vertical
boundaries were assumed to impermeable, except for selected locations on the right
boundary (away from the centreline) corresponding to the locations of sand layers,
which were assumed to be drainage points.

Figure 3.37 shows the finite element mesh adopted for the analysis of this field
case. The elements used were 8 noded quadrilaterals. In the analyses which included
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discrete drainage elements, the 1D drainage elements were set at every other vertical
line of the finite element mesh in the PVD-improved zone as, indicated in Fig. 3.37.
The behaviour of the clay layers was represented by the Modified Cam-clay model
(Roscoe and Burland 1968). All parameters defining the mechanical behaviour
of the clay layers were estimated based on laboratory test results, except for the
Poisson’s ratio and hydraulic conductivity of the subsoil. The hydraulic conductiv-
ity was back-calculated from the response of the test embankments constructed on
natural subsoil at the same site (Shen et al. 2000). During the consolidation calcu-
lations, the hydraulic conductivity was varied with void ratio according to Taylor’s
equation (Taylor 1948):

k= k- 107(€0=0/Ck (3.51)
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Fig. 3.37 Finite element mesh in the analysis (after Chai et al. 2001)

where ko = the initial hydraulic conductivity, ep = the initial void ratio, kK = the
current hydraulic conductivity, e = the current void ratio, and Cy = a constant
(Cr = 0.5¢0, according to Tavenas et al. 1986). The sand layers and the embankment
fill materials were treated as elastic materials, and values of the Young’s modu-
lus, E, and Poisson’s ratio, v, were assumed empirically. The model parameters so
determined for the subsoil are listed in Table 3.8. Based on the back-analysis of an
embankment on natural subsoil at the same site, the value of Cy (in Eq. (3.11)) was
estimated to be 6 (Shen et al. 2000). The parameters related to the PVD behaviour
are listed in Table 3.9, which were determined by using the method proposed
by Chai and Miura (1999). The embankment construction history was simulated
closely in the numerical model.

Table 3.8 Model parameter for subsoil in the test site in eastern China

kh kv kve

E i ao-t @ao* (ao?
Layer (kPa) v K A M ep (KN/m3) m/s) m/s) m/s)
TC - 0.3 0.008 0.08 1.0 0.81 19.3 3.51 3.51 39.8
SC1 - 0.35 0.016 0.16 1.0 1.07 18.5 0.65 0.26 8.45
MC - 035 0.028 0.28 0.8 1.36 17.3 2.94 1.96 335
SMC - 0.35 0.018 0.18 0.8 1.10 17.9 2.39 1.17 279
sc2 - 0.3 0.010 0.10 1.0 0.81 19.3 0.45 0.21 6.03
CS 25,000 025 - - - - 19.5 29.98 29.98 -

Fill 30,000 0.2 - - - - 20.0 - - -
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Table 3.9 Parameters related to the behaviour of PVD

Item Symbol Unit Value
Drain diameter d,, Mm 53.0
Unit cell diameter d, M 1.58
de/dy n - 29.7
Smear zone diameter dy Mm 355
Ratio of kj, over kg in field (kn/ks)r - 13.8
dg/dy s - 6.7
Discharge capacity qw m3/year 100
Ratio of field to laboratory values of kj, Cr - 6

3.6.3 Comparison of Results

Figure 3.38 shows a comparison of the predicted and observed curves of settle-
ment versus time. The simple method has resulted in a slightly slower predicted
consolidation rate compared with that predicted using the discrete drainage ele-
ments. The maximum difference in the plotted settlements is less than 5% (or 0.1 m).
Figure 3.39 compares the predicted excess pore water pressures with the measured
values, and it indicates that the simple method (using k,.) predicted slightly higher
excess pore water pressures than those predicted using the drainage elements at
the piezometer locations, which is consistent with the results for settlement. When
compared with the measured data, the FEM analyses predicted a faster excess pore
water pressure dissipation rate. For lateral displacement, the two numerical meth-
ods yielded almost identical results (Fig. 3.40). From these comparisons, it can be
observed that from a practical standpoint the simple method can predict results that
are as good as those obtained using discrete drainage elements.
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Fig. 3.39 Calculated excess
pore water pressure variations
(after Chai et al. 2001)

Fig. 3.40 Lateral
displacement profiles (after
Chai et al. 2001)
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3.7 Summary

For calculating the consolidation settlement of subsoil improved by the installation
of prefabricated vertical drains (PVDs), analytical solutions are only available for a
homogeneous subsoil deforming under one-dimensional (1D) conditions. Normally
this type of solution is called a unit cell consolidation theory. The most commonly
used unit cell consolidation theories are those presented by Barron (1948) and
Hansbo (1981). In addition to the horizontal coefficient of consolidation of a deposit
(kp), the factors which have a significant effect on PVD-induced consolidation are
the hydraulic conductivity (k) and the diameter (d) of the smear zone that forms
around the PVD during installation, and the discharge capacity of the PVD (g,,).
The available test data as well as the methods for determining these parameters
have been described in this chapter.

It has been shown that for a deposit with two-way drainage, full penetration of
the PVDs into the deposit may not be an economical choice. An equation for cal-
culating optimum PVD installation depth has also been developed and described in
this chapter.

For many practical problems, such as those requiring the simulation of embank-
ment construction, two-dimensional (2D) finite element analysis is often a computa-
tional necessity, and this usually requires the assumption of plane strain conditions.
Several methods have been developed for numerically modelling PVD-improved
subsoil in plane strain finite element analyses. These methods can be classified into
4 groups. In the first group the PVDs are modelled by solid elements after modi-
fying the value of the hydraulic conductivity in the horizontal direction in order to
obtain matching solutions for 50% of consolidation in both the axisymmetric unit
cell and plane strain models. In the second group, a macro-element is formulated
to represent the drainage effects of both the natural soil and the PVDs. The third
group employs discrete 1D drainage elements directly in order to model the drainage
effects of PVDs. The fourth group combines the drainage effects of the PVDs
and the natural soil in the vertical direction into an equivalent vertical hydraulic
conductivity. The latter has been referred to as the ‘simple method’. Since most com-
mercial software does not include special macro-elements, nor special purpose 1D
drainage elements, conducting a finite element analysis of PVD-improved subsoil
using these techniques can be a troublesome task. The major advantage of the sim-
ple method is that PVD-improved subsoil can be analyzed in the same way, using
the same type of solid elements, as for the unimproved soil. The only difference
lies in the choice of values for the effective hydraulic conductivity in the vertical
direction.

The effectiveness of the simple modelling method has been demonstrated and
verified by successfully simulating a large scale laboratory model test and a test
embankment constructed in eastern China. These comparisons show that for most
practical purposes the simple method can yield a result as good as that obtained
using discrete drain elements to represent the behaviour of the PVDs.
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Chapter 4
Vacuum Consolidation

Abstract This chapter describes the methods commonly used for conducting
vacuum consolidation of soft soils in the field. It then presents the general theory
of vacuum consolidation and describes the major characteristics of vacuum consoli-
dation of soft ground, the methods adopted for calculating the deformations induced
by application of vacuum pressure, as well as some example analyses based on case
histories and laboratory studies. Distinctions are drawn between the behaviour of
soft soil layers with one and two-way drainage and the case of fully and partially
penetrating pre-fabricated vertical drains (PVDs) installed in the soft clay. The field
case studies considered in this chapter were sourced from Japan and China.

4.1 Introduction

Preloading is a commonly used method for improving the mechanical performance
of soft clayey deposits. The effective surcharge responsible for providing the preload
to the soil can arise from either the weight of imposed fill material, e.g., due to
embankment construction, or it may be due to a vacuum pressure applied directly
to the soil, or some combination of both. Using a vacuum pressure has several
advantages over embankment loading, e.g., no fill material is required, construction
periods are generally shorter and there is no need for heavy machinery. In addi-
tion, the vacuum pressure method does not put any chemical admixtures into the
ground and consequently it can be regarded as an environmentally friendly ground
improvement method. Numerous applications in which the vacuum consolidation
method has been used to improve soft clayey deposits have been reported in the lit-
erature (e.g., Bergado et al. 1998; Tang and Shang 2000; Chu et al. 2000; Chai et al.
2008; Saowapakpiboon et al. 2010).

The mechanism of vacuum consolidation is different from that which occurs
when a conventional surcharge load is applied to the ground surface to induce
soil consolidation. With the load originating from the weight of embankment fill,
there will be consolidation settlement resulting from volume change in the soil as
well as shear stress-induced deformations. The latter will normally be manifested
most obviously as outward lateral displacement of the ground beneath the embank-
ment. In contrast, the application of a vacuum pressure causes only isotropic stress
increments in the ground. These will generally induce settlement as well as inward
lateral displacement of the ground, toward the centre of the vacuum loaded region
of soil.

J. Chai, J.P. Carter, Deformation Analysis in Soft Ground Improvement, Geotechnical, 109
Geological and Earthquake Engineering 18, DOI 10.1007/978-94-007-1721-3_4,
© Springer Science+Business Media B.V. 2011
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Furthermore, the effects of the drainage boundary conditions are generally dif-
ferent in both cases (Chai et al. 2005). For a soil deposit with two-way drainage,
vacuum pressure is normally applied at only one boundary, i.e., the upper boundary
and perhaps also internally via drains installed in the ground. At the other, lower
drainage boundary effectively no vacuum pressure can be applied. Hence there will
always be a head difference between the top and bottom boundaries of the soil layer,
and the final condition (i.e., at 100% consolidation) will correspond to a steady flow
of water through the deposit toward the upper drainage boundary at which the vac-
uum pressure is applied. In contrast, if a conventional surcharge load is applied to
the surface of a soil layer with two way drainage, the flow of pore water will tend to
occur towards both the top and bottom drainage boundaries, driven by the gradients
of excess pore water pressure that vary throughout the layer.

This chapter presents the theory of vacuum consolidation, the characteristics
of vacuum consolidation and methods for calculating vacuum pressure-induced
ground deformation. Example calculations with case histories are included in order
to illustrate the application of this theory in practice.

4.2 Field Methods for Vacuum Consolidation

In practice, there are two main methods used to conduct vacuum consolidation in
the field. Each is described in this section.

4.2.1 Air-Tight Sheet Method

The first method for conducting vacuum consolidation in the field was originally
proposed by Kjellman (1952). It involves placing an air-tight sheet on the ground
surface in the first instance and sealing the periphery of the sheet by embedding
it in the ground. Air and water in the soil below the sheet are then sucked from
the ground by a vacuum pump (Fig. 4.1). In order to accelerate the consolidation
process vacuum consolidation is normally combined with the prior installation of
prefabricated vertical drains (PVDs) into the ground. The role of these PVDs is
usually to enhance the soil drainage and, unless they are connected and sealed to
the vacuum system, they will not normally provide a means of directly applying the
vacuum pressure at depth in the soil layer.

It is obvious that the effectiveness of this method of vacuum consolidation
depends very much on the air-tightness of the covering sheet. There will be situa-
tions under which it is difficult to maintain this air-tightness. Three typical examples
of when this kind of difficulty may arise are described as follows.

1. The presence of a high air/water permeability layer at the ground surface. To
avoid air leakage, the air-tight sheet must be embedded below this layer, or an
air/water cut-off wall penetrating through this layer and into the underlying lower
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Fig. 4.1 Illustration of Air-tight
original vacuum
consolidation technique

To vacuum

Sand-mat

permeability layer must be constructed around the perimeter of the preload-
ing area. In practice, these options are costly and sometimes their effectiveness
cannot be guaranteed.

2. Combining vacuum pressure with an embankment load. Combining embank-
ment loading with vacuum pressure should increase the overall preloading pres-
sure and reduce the consequent lateral displacement of the ground (Indraratna
et al. 2005; Chai et al. 2006). However, after placing embankment fill, any dam-
age to the air-tight cover sheet cannot be identified and repaired. Consequently,
the effect of vacuum pressure will be reduced in cases where the sheet has
sustained damage during construction (Bergado et al. 1998).

3. Consolidating a soft clayey deposit under water. There are situations where a
soft soil layer lying entirely beneath the water table needs to be consolidated
by applying a vacuum pressure. Particular examples include the use of vacuum
preloading for reclaimed land in coastal areas and consolidating soft sea bed
deposit (Takeya et al. 2007). Usually it is not convenient to place an air or water
tight sheet below water level.

4.2.2 Vacuum-Drain Method

A relative new technique of applying vacuum pressure to soft clayey deposits
involves application of the vacuum pressure directly to the prefabricated vertical
drains which are specially capped for this purpose. They are usually referred to as
capped PVDs or simply CPVDs (Fujii et al. 2002; Chai et al. 2008). As illustrated
schematically in Fig. 4.2, the cap provides an interface between the rectangular
shaped PVD and the drainage hose, which is usually circular, allowing suction to
be applied to the soil directly via the PVDs. This method is usually implemented
in combination with the use of a surface or subsurface soil layer acting as an air
sealing layer. In such cases there is often no need to place an air-tight sheet on
the ground surface. With this method a vacuum pressure is applied directly to each
PVD through the hose, with a value just below the cap of the CPVD which will
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Fig. 4.2 Vacuum
consolidation with CPVD
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(a) Without middle sand layer (b) With a middle sand layer

be designated as p,,.. Each CPVD is connected to a geosynthetic pipe placed on
the ground surface, which in turn is connected to a vacuum pump. This technique is
usually denoted as the ‘vacuum-drain method’. Consolidation of soft clayey deposits
underwater can be conducted quite easily using this method (Takeya et al. 2007).

Within the top sealing layer of soil the vacuum pressure varies from the value of
Dvac at the bottom of this layer, i.e., at the cap location, to zero at the ground surface.
Therefore, any compression of the sealing layer under the action of the vacuum
pressure is likely to be less than that which would result by applying a vacuum
pressure under an air-tight sheet placed on the ground surface. For the layers of soil
below the sealing layer, the vacuum drain method will result in similar compression
under vacuum as that which would be experienced if the air tight sheet method was
adopted instead.

The required thickness of the surface sealing layer (Hy) can be estimated using
a simple model, i.e., if the vacuum pressure at the bottom of the sealing layer is
assumed to be p,,. and zero at the ground surface it can be demonstrated (Chai
et al. 2008) that:

pVaC
YwQa

where yy = the unit weight of water, k,;- = the permeability to air flow of the sealing
layer, A = the area of treatment, and Q, = the capacity of the vacuum pump. For
example, if kg = 1073 m/s, Pvac = 80kPa, O, = 0.1 m3/s, and A = 100 m?,
then H; = 0.8 m can be calculated from Eq. (4.1). kg is generally larger than the
coefficient of hydraulic conductivity (k). Although the ratio k,;/k depends on the
degree of saturation of the soil, Mike (1971) reported that for sandy soils kg;/k is
roughly the same as the reciprocal of the ratio of the coefficient of viscosity of air

Hs = kair A (41)
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and water, i.e., about 55. In cases where the sealing layer is saturated, Eq. (4.1)
can still be used to estimate Hy by substituting the hydraulic conductivity k and the
pump capacity for water (Q,,) in place of k,;- and Q,, respectively. However, if there
is no water supply from the ground surface, in the longer term the sealing layer will
become partially saturated and air flow will eventually become the dominant factor
rather than water flow.

Figure 4.2b shows the situation where there is a sand layer in the middle of a
clayey deposit. To avoid vacuum pressure loss through this sand layer, a sealing
sheet is required over the filter of that section of PVD passing through the sandy
layer. This sealing sheet is usually attached to the filter using an appropriate glue. To
use the technique shown in Fig. 4.2b effectively, an intelligent construction system
is also needed. One method that has been employed successfully involves placing
a piezocone on the tip of the mandrel used to install the CPVDs (Nomura et al.
2007). The piezocone readings obtained during any given CPVD installation can
then be used to infer the locations of any sealing sheets that might be required on
the adjacent CPVDs.

4.3 Theory of Consolidation Due to Vacuum Pressure

Mathematically, vacuum consolidation is an initial value problem involving a
known negative value of the initial excess pore water pressure applied and usu-
ally maintained at one boundary of a soil layer, and either zero excess pore water
pressure (two-way drainage) or zero hydraulic gradient (one-way drainage) main-
tained at the other boundary. The solutions presented below have been developed
under the assumption that the vacuum pressure propagates into a soil deposit one-
dimensionally (1D) for both single layer and two-layer systems. For the case of
a soil into which PVDs have been installed, the consolidation theory is normally
derived using a unit cell model (a cylinder of soil including the PVD), as described
in Chapter 3. In the theory presented here it is assumed that the consolidation of
the soil is mainly due to the presence of the PVDs allowing horizontal flow of pore
water towards the PVDs, along which it is extracted from the soil, with negligible
vertical flow of pore water through the soil itself.

4.3.1 Single Layer System (Without PVDs)

Under the same assumptions as those made in Terzaghi’s 1D consolidation theory
(Terzaghi 1943), the governing equation and the boundary conditions for the gener-
ation and dissipation of excess pore water pressure in a saturated soil layer under a
vacuum pressure loading are as follows:

Cy— = — 4.2)
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u (0, t) = —Dvac (43)
u(H,t) = 0 for t > 0 (two-way drainage) “4.4)
Ju(H, ) .
3 = 0 fort > 0 (one-way drainage) (4.4a)
z

where z = the spatial coordinate; r = time; u = the excess pore water pressure;
¢y, = the coefficient of consolidation of the soil; p,,. = the magnitude of the applied
vacuum pressure at z = 0; and H is the thickness of the deposit.

Conte and Troncone (2008) derived a solution for the 1D consolidation prob-
lem for a uniform layer with harmonic pore water pressure variations with time
applied at the upper boundary. Using their solutions, various time-dependent pore
water pressure boundary conditions can be simulated by developing the appropriate
Fourier series approximation of the relevant time function. Following this method,
and introducing a constant excess pore water pressure at the boundary where the
vacuum pressure is applied, a theory for vacuum consolidation for a single layer
system can be easily obtained.

For vacuum consolidation, the final state is not a condition with zero excess pore
pressure in the deposit. Therefore, the solution to the governing equation must con-
sist of two parts, namely the steady state solution (¥ (z)) and the transient solution
(v(z, 1)). With the boundary condition of Eq. (4.3), u(z, ) can be expressed in the
following form:

u(z,t) = —pyac Y (2) — v (z,1) 4.5)

where the term —p,,.Y(2) is the final steady state excess pore water pressure dis-
tribution and p,,.v(z, ?) is the time-dependent component of the excess pore water
pressure. Closed-form mathematical expressions for both functions Y(z) and v(z, )
have been derived for two-way and one-way drainage conditions, respectively.

4.3.1.1 Two-Way Drainage

In this case the excess pore water pressure distribution in the soil is given by:

U@ = —Puac [(1 —5) =2 Y psinG ek’%”'t} “.6)

n=

where A, = nm / H. In the bracket of the right hand side, the first term represents
Y(z) and the second term represents v(z, f). The average degree of consolidation is
given by:

— st 2n—1)*n?

8 — 1
U =1- ;; me 4.7



4.3 Theory of Consolidation Due to Vacuum Pressure 115

4.3.1.2 One-Way Drainage

In this case the excess pore water pressure distribution is given by:

o]

4 [ —dlcy
= —Pvac |:1 - ; Z 2}1 -1 sin ((ZnZ) e ey ti| (48)

n=1

where a, = % In this case, Y(z) = 1, and the second term in the bracket is
v(z, t). The average degree of consolidation is:

- @n—1)’7?
=1-— Z (2n 4H2 “9)

From Eqs. (4.7) and (4.9), it can be seen clearly that under vacuum pressure loading,
the rate of consolidation for a deposit with two-way drainage is faster than that of a
deposit with one-way drainage, even through for both cases the pore water can only
be drained from the boundary where the vacuum pressure is applied.

4.3.2 Single Layer with PVD Improvement

The theory of consolidation under vacuum pressure loading for a PVD-improved
soil deposit is derived here for the case of one-way drainage conditions using a
unit cell model. The latter consists of a PVD surrounded by an annular smear zone
generated during PVD installation and the outer annular zone of soil whose overall
drainage is to be improved by the presence of the PVD. The unit cell model is
shown in Fig. 4.3. In order to avoid vacuum pressure loss at the bottom drainage
boundary of a two-way drainage deposit, the PVDs are normally installed so that
they only partially penetrate the soft subsoil. In this case, there is an optimum PVD
penetration depth, which will be discussed further in Section 4.5. The governing
equation for consolidation is as follows:

du 9%u N 1 (du (3.3 bis)
— =c PR — | — . 1S
ot "\ 52 r\or

where r = the radial distance and c¢;, = the coefficient of consolidation in the
horizontal direction. The boundary conditions are:

8 € Ly
ulre,z _ (4.10)
ar
Au(r,0, ou’ (r,0,
u(r,0,1) _o, u (r,0,1) _0 @.11)
0z 0z
a al7t a ! ,l,t
ulnlb) _ o 9wl _ 4.12)
0z 0z
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Fig. 4.3 Unit cell model and CL
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Z rv re r
u = (ry,0,1) = —Pvac (4.13)

where u and ¥’ = the pore water pressures in the undisturbed zone and the smear
zone, respectively (Fig. 4.3), z = depth from the ground surface, r,, = equivalent
radius of a PVD, and r, = radius of the unit cell. The boundary condition at r = r,,
is derived from the flow continuity conditions. The first flow continuity condition is
that the total inflow of pore water through the boundary of a cylinder with a radius of
r has to be equal to the change in volume of the hollow cylinder with outer radius of
re and inner radius of r. Under the assumption of equal vertical strain this condition
can be expressed as follows:

u r2 de

o = 2% (7 - r) Shfor (n=r=ro) (4.14a)
o _ yw (e 98 tor (ry<r<r) (4.14b)
— = ——\——-T1r) —— 14 r r .

ar  2ks \ r ot ==

where ¢, = vertical strain, ry = radius of the smear zone, y,, = unit weight of water,
and kj, and k; = hydraulic conductivities of the undisturbed zone and the smear zone
in the horizontal direction, respectively. The second continuity condition is that the
pore water flow into the PVD from a horizontally cut soil slice is equal to the change
of vertical flow rate in the PVD:

i) ke (1050 @.15)

ar T2k 072
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where k,, = the hydraulic conductivity of the PVD (the discharge capacity of a PVD
is qy = nrﬁ,kw). Substituting Eq. (4.15) into Eq. (4.14b) provides:

2u Y ’ de,
Uy~ 1) el 4.16
022 ky ( at (4.16)

where n = r,/r,. Using the boundary conditions expressed in Eqs. (4.12) and
(4.13), and integrating Eq. (4.16) results in the following boundary condition at

=Ty

w

2
9
W (Fyy 2, ) = Z— (n2 - 1) (lz - Z—) il (4.17)

The interface condition between the smear zone and the undisturbed zone is
described by:

Au (rg, 2,1 ou' (rg,z,t
u(rs,z )st u' (rs,z,1) 4.18)
or or

kn
For the problem defined above, Y(z) = 1 in Eq. (4.5), which is the same as for the
case of one-way drainage of a soil layer without PVDs. Assuming there are no vac-
uum pressure induced cracks around the periphery of the unit cell, the solution for
the time dependent part (v in Eq. (4.5)) will be the same as the solution under an
applied surcharge load. As discussed in Chapter 3, there are several solutions avail-
able. By neglecting vertical flow in the soil, Hansbo’s (1981) solution is relatively
simple and can take into account both the smear effect and the well resistance, and
so it is adopted here. In this case, v is not only a function of z and ¢, but also a
function of radial distance, r. If v(r, z,£) and V/(r, z, ) are used to denote the time
dependent excess pore water pressures in the undisturbed zone and the smear zone,
respectively, the solution under a vacuum pressure -p,,. can be expressed as:

u(r,z,t) = —pyacll —v(r,z, )] for (ry < r < re) (4.19)
u/(r, Z,1) = —pyacll — V/(rs )] for (ry, <r <ry) (4.20)

For a unit pressure applied at the top of the PVD, Hansbo’s (1981) solution with
some rearrangement, provides the expressions for v and v as follows:

i [ E 4+ 55 e (2 - 1) (2 — ) exp (25

m
for (r, < r <ry)

Vi (r,z,t) =

4.21)
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2.2k 2,2 k
v(r,z,t) = rzl'u [rglnr% = zrf + k_h (rglns — %) + k—h ( 2 _ 1) (2lz—z2)i|
¢ s w
exp (%) for (r, <r <ry) )
where
cpt .
Th = @ (35 blS)
and
3
w=1In(n/s) + (kp/ks) In (s) — 1 +m-zQ1—2) kn/qw (3.8 bis)

where s = ry/r,, and [ = the drainage length of a PVD. The expressions appearing
in Eqgs. (4.21) and (4.22) are only applicable for # > 0. The average degree (Uj) of
consolidation of the unit cell is:

Up=1—exp(—8Ty/1) (3.7 bis)
For average well resistance the expression for u becomes:

3 2k
i =1n (n/s) + (kn/ks) In (s) — = + =L %" (3.8a bis)
4 3¢

4.3.3 Two-Layer System

4.3.3.1 Governing Equations

Consider now the situation defined in Fig. 4.4, where a two-layer soil system is
subjected to a vacuum pressure applied at the top surface, from which drainage
also occurs. The underside of the lower soil layer may be either impermeable or a
drainage boundary. In the general case the hydraulic and mechanical properties are
not the same in each layer. For 1D deformation conditions where the total stress
remains constant for time, # > 0, the governing equations for the consolidation of
the layered soil system are as follows:
Layer-1
T ky, ”}:vb Syl i

Layer-2

ky, myy, ¢y

Fig. 4.4 Two-layer system
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duy (z,1) 3%uy (z,1)
o = 92 0<z<H (4.23)
duy (2,1 3%uy (2,1
u (z,1) = us (z,1t) H <z<H (4.24)
at 972

where u1(z, 1) and u»(z, t) = the excess pore water pressures in layer-1 and layer-2,
respectively, ¢, and c,» = the coefficients of consolidation in the vertical direction
of layer-1 and layer-2, respectively; and H; = the thickness of layer-1. The boundary
conditions are the same as for the single layer system, i.e., Eqs. (4.3) and (4.4).
However, for a two-layer system there are interface conditions that also need to be
satisfied:

uy (Hy,t) = up (Hy, 1) (4.25)
0 Hi,t 0 Hi,t
Ky uy (Hy )=k2 up (Hy, 1) (4.26)
0z 0z

where k; and ko = the hydraulic conductivities in the vertical direction of layer-1
and layer-2, respectively.

4.3.3.2 Steady State Solution

For a two-layer system with two-way drainage and a vacuum pressure applied at
the surface, at the final state (i.e., at large time) there will be a steady flow of pore
water towards the boundary where the vacuum pressure is applied. Two possible
excess pore water pressure distributions for the long term steady state condition are
illustrated in Fig. 4.5. Assuming for convenience that the vacuum pressure at the
upper boundary is unity, and denoting the vacuum pressure at the interface between
the two layers at large time as u,,, the hydraulic gradients in layer-1 (i;) and layer-2
(i) can be expressed as:

1 —u, U
, Ip = — 4.27
H1 i2 0 4.27)

i1 =

Fig. 4.5 Possible steady state
vacuum pressure distributions
for a two-layer system
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Using the flow continuity condition:

itk1 = i2k (4.28)
the pore pressure at the interface u,, can be determined as follows:

ki - Hy

S e - 4.29
ki1Hy 4 koH| (429)

Um

where Hy = the thickness of layer-2. The final (steady state) vacuum pressure
distribution in the system, Y(z), will then be:

1+(””’H—jl)z 0<z<H
Y (2) = (4.30)
() -2 Hy<z<H

For a two-layer system with one-way drainage, under a unit vacuum pressure
applied at z = 0, the final vacuum pressure distribution ¥(z) will be:

Y2)=10<z<H 4.31)

4.3.3.3 Transient Solution

Again, for convenience, it is assumed that unit excess pore water pressure is main-
tained at the top boundary, z = 0, and the transient solution for this problem is
denoted as v(z, 7). Consider the case where the two-layer soil system is consolidat-
ing under the influence of an initial excess pore pressure distribution. In order to be
specific, the case of a spatially bi-linear (two-way drainage) or uniform (one-way
drainage) distribution of initial excess pore water pressure throughout the system is
considered, and is defined by:

1, z=0

v(z,0) = { uy, z=H; 2 — way drainage (4.32)
0, z=H
1, z=0

v(z,00) =11, z=H; 1— way drainage (4.33)
1, z=H

The solution for v(z, t) is derived from the governing Egs. (4.23) and (4.24), the
interface continuity conditions Egs. (4.25) and (4.26) (replacing the variable u by v)
and the following boundary conditions

v(0,0)=0 (4.34)
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v(H,t) = 0 (2-way drainage) (4.35)
av .

— = 0 (I-way drainage) (4.36)
9z z=H

The solution to this problem is a special case of the solution given by Zhu and Yin
(1999) for a two-layer system in which the initial excess pore water pressure varies
with both time and depth. The time variation assumed by Zhu and Yin was defined
as a ramp function while the initial spatial distribution was bi-linear, the same as
defined in the case considered here. Following Zhu and Yin the following variables
are defined:

Vkamy) = /amy)  HiJ/on — Ha/on

— , g= 4.37)
g N (kymyp) + +/ (kimyy) 1 Hy/cvo + Hy /eyt
—1(1+) ,3—1(1 ) (4.38)
o = 2 q), = 2 q .
and
Gt
T, = i 5 (4.39)
(Hi/e2 + Hy\/E01)

In this case the solution to the governing equations may then be expressed
conveniently as:

v T =Y Tu(T) Z (2) (4.40)

n=1

where, for two-way drainage:

T, () = 2 exp (—c,%Tv) (4.41)
C}’l
and
sin (cpa [2/H )
W 0 <z=< Hl
Zy=1 (4.42)
sin (¢, B [(H — 2) /H2]) Ho<2<H
sin (cu) P

The constant b, appearing in Eq. (4.41) is given by:

myHy / [ sin (cpo)] + myiHy / (0?cp) (um — 1) + mpHo / (B*cn) um
myiHi/ [2sin” (ca@)] + maHa/ [2sin® (c,8)]

b, =
(4.43)
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and ¢, is the nth positive root of the following equation in the variable 6:

sinf + psin(gf) =0

For one-way drainage boundary conditions:

d
T, (1)) = e_n €Xp <_83Tv)

n

and

sin (eqo [2/H1])

- 0<z=<H
sin (e, )

Zp =
cos(eaB[H—-2) /Ha]) . _ _ .
c0s (enf) P=c=

In this case the constant d,, appearing in Eq. (4.45) is given by:

my1H1/ [a sin (epa)]
d, =
my1Hy/ [2sin? (ena) | + myaHz / [2c0s? (e B) ]

and e, is the nth positive root of the following equation in the variable 0:

cosf —pcos(gh) =0

4.4 Characteristics of Vacuum Consolidation

4.4.1 Settlement

4.4.1.1 One-Way Drainage

(4.44)

(4.45)

(4.46)

(4.47)

(4.48)

Vacuum loading involves application of an isotropic incremental consolidation pres-
sure to the soil. It will induce vertical settlement and at the same time it has a
tendency to induce inward lateral (horizontal) displacement of the ground. If inward
lateral displacement occurs, the settlement induced by application of a vacuum pres-
sure will be less than that induced by a surcharge load of the same magnitude. The
necessary condition for a vacuum pressure of magnitude Ao, to induce inward

lateral displacement is as follows (Chai et al. 2005):

Ko - o'y

|Aoyge| > 1— Ko

(4.49)
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where Ky = the at-rest coefficient of earth pressure, and o/vo = the initial vertical
effective stress.

4.4.1.2 Effect of Drainage Boundary Conditions

In the case of two-way drainage, at the bottom boundary the excess pore water
pressure is fixed at zero and effectively no vacuum pressure can be applied at
this location. It is obvious therefore that vacuum consolidation involving two-way
drainage should result in less settlement than in the case of one-way drainage. Under
a vacuum pressure, for both one-way and two-way drainage conditions, water is
drained out of the soil layer only at the boundary where the vacuum pressure is
applied. Therefore, for both cases, the length of the drainage path is the same.
However, it should be noted that the final state is different for these two cases, and
the rate of consolidation for the two-way drainage case is 4 times faster than that for
the case of one-way drainage (compare Egs. (4.7) and (4.9)).

4.4.1.3 Two-Layer Soil Systems

Generally, the effect of the initial vertical effective stress (alvo) in the soil on the
consolidation characteristics of a two-layer soil system to which vacuum pressure
has been applied should be similar to that for a uniform soil layer. However the
effects of the drainage boundary conditions are strongly affected by the order of the
soil layers relative to the boundary where the vacuum pressure is applied (Chai et al.
2009a).

(a) One-way drainage. The order of soil layering will not influence the final settle-
ment. However, it will influence the rate of consolidation. Under the condition
of no lateral displacement occurring, when a layer with a relatively low value
of the hydraulic conductivity (k) is located adjacent to the drainage boundary,
the consolidation rate will be slower; and this is the same for the case of con-
solidation induce by the application of a surface surcharge load (e.g., Pyrah
1996).

(b) Two-way drainage. Under two-way drainage conditions and vacuum pressure
loading, the final state involves a steady flow of pore water toward the bound-
ary where the vacuum pressure is applied. In a two-layer soil system at steady
state, the flow continuity condition (Eq. 4.28) must hold, which implies that a
layer with a lower value of k must have a higher hydraulic gradient (i). In such
cases changing the order of the soil layers will not only influence the rate of
consolidation, but also the distribution of vacuum pressure in the system, as
illustrated in Fig. 4.5. The final settlement will be a function of both the relative
values of the hydraulic conductivity (k) and the compression indices of the soil
layers (C¢).
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4.4.2 Laboratory Oedometer Tests

4.4.2.1 Test Details

The problem of one and two layer consolidation under vacuum loading and
also under conventional surcharge loading has also been studied experimentally
using laboratory oedometer apparatus. The equipment used in the laboratory
study described here (Chai, 2010, private communication) was a Maruto Multiple
Oedometer Apparatus manufactured in Tokyo, Japan. It has five consolidation cells,
which can be used either as individual consolidation cells or connected together
to form a multi-layer system. Each sample was 60 mm in diameter and typically
about 20 mm thick. Figure 4.6 shows the set-up of one consolidation cell. A vac-
uum pressure can be applied to the top of the sample. During testing, the settlement,
the excess pore water pressure at the bottom of the sample and the horizontal earth
pressure at the mid height of the consolidation ring were measured. In order to
test a two-layer system, two cells were connected together, as illustrated schemati-
cally in Fig. 4.7. For the two-layer cases involving only surcharge loading, the same
surcharge load was applied to the tops of both cells. However, in the case of vac-
uum pressure loading, the desired vacuum pressure was applied only at the top of
layer-1.

Two types of soil were tested by Chai (2010, private communication). One was
reconstituted Ariake clay and another was a mixture of reconstituted Ariake clay
and sand (passing the 2 mm sieve) with a mix ratio of 1:1 by dry weight. Some of
the physical and mechanical properties of the samples used in this study are given
in Table 4.1. In this table, W;, and Wp are the liquid limit and the plastic limit of the
samples, respectively. Values of the hydraulic conductivity (k) and the coefficient
of one-dimensional volumetric compressibility (m,) were calculated from the con-
solidation test results corresponding to a consolidation stress increment from 80 to
160 kPa. Values of the friction angle (¢/) listed in Table 4.1 are from the results of
consolidated undrained triaxial compression tests with measurement of pore water
pressures.

Ariake clay contains mainly the smectite clay mineral (Ohtsubo et al. 1995) and
consequently it generally has a high liquid limit and plasticity index. Geologically,
the Ariake clay originated from volcanic ash and there is a considerable amount of
diatoms in the upper non-marine deposit (Hasuike formation) from which the soil
samples used in this testing were recovered. The presence of diatoms is known to
increase the friction angle considerably (Shiwakoti et al. 2002).

The test procedure adopted was as follows. First, soil slurry with a water content
higher than its liquid limit was de-aired under a vacuum pressure of approximately
100 kPa. Then the de-aired slurry was put into a mould with a diameter of 60 mm
and a height of 60 mm (20 mm high consolidation ring plus a 40 mm collar), and pre-
consolidated under a surcharge pressure of 20 kPa. Following initial consolidation,
the sample was cut to 20 mm thick for further consolidation testing. For samples
prepared by this method the degree of saturation was close to 100%. All B values
measured before the consolidation test were larger than 0.9, where B is the ratio
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Fig. 4.6 Setup of the consolidation cell. (a) Sketch; (b) Photo

of the measured excess pore water pressure response to the applied surcharge load
under undrained conditions. To investigate the effect of the initial vertical effective
stress (o/,0) in the sample on the behaviour during subsequent vacuum consoli-
dation, samples were first consolidated under a predetermined surcharge load in the
range o’ ,o = 0 ~ 120 kPa. Then an incremental consolidation surcharge load (Ao,)
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Fig. 4.7 Two-layer Vacuum
configuration pressure
ddbddy
Drained 7/ Layer-1 Layer-2
Connecting tube Drained or
undrained
Table 4.1 Basic soil properties
Grain size distribution (%)
Soil Clay (<5pum) Silt Sand Wi (%) W, (%) m, (m*/kN) k (m/s) Q)

Ariake clay  60.5 383 12 1205 603 1.47x102  233x10™° 36.6
Mixed soil — - - - - 1.35x1072  2.98x107 35.6

or a vacuum pressure (Ao,,e) or a combination of both was also applied. Samples
involving both single layer and two-layer systems with one-way as well as two-way
drainage conditions were tested. The test duration was 48 h for a single layer system
and 72 h for a two-layer system to ensure the completion of primary consolidation.
All cases tested are summarized in Table 4.2.

4.4.2.2 Method for Calculating Earth Pressure Coefficient (K)

The horizontal earth pressure measured during each test is actually a total stress.
However, using the consolidation theory presented in Section 4.3, the value of the
excess pore water pressure at the location of the earth pressure measurement device
was calculated, thus allowing an estimate to be made of the lateral effective stress

Table 4.2 Details of all cases tested

No. of Drainage
soil layers Soil type o’vo (kPa) Aoy, (kPa) Aoy, (kPa) condition
1 Ariake clay 0, 40, 80, 120 - -80 One-way
80 -
Mixed soil - -80
80 -
1 Ariake clay 0, 40, 80 0, 80, 120 -80 One-way
80 -80
2 A+MP 100 - =50 One-way;
M+AP Two-way

aSurcharge load was applied stepwise; P A=Ariake clay; M=mixed soil; A+M=layer-1 A, layer-
2 M; M+A=layer-1 M, layer-2 A
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in the sample at the location of the earth pressure measurement. In turn this allowed
the value of the earth pressure coefficient K to be evaluated (in terms of effective
stress components). In the consolidation analysis, a constant coefficient of consoli-
dation (c,) was used and at certain elapsed times there were discrepancies observed
between the calculated and the measured excess pore water pressures at the bottom
of the sample. The following method has been adopted to overcome this problem.

(a) At a given time, the ratio of the calculated value of the excess pore water
pressure at the bottom of the sample and at the location of the earth pressure
measurement was obtained.

(b) Using the measured value of excess pore water pressure at the bottom of the
sample and the ratio obtained from (a), the corresponding value at the location
of the earth pressure measurement was calculated.

In evaluating the effective stresses in the samples, thus allowing the value of K to
be estimated, the vacuum pressure is included in the estimate of the vertical effective
stress. However, when estimating the horizontal effective stress, only the effective
stress arising from the confinement of the ring is taken as positive. In cases where a
gap occurs between the ring and the sample, only the vacuum pressure is assumed
to act in the horizontal direction, and for purposes of making a clear distinction
this case is arbitrarily treated as a negative effective horizontal earth pressure (the
earth pressure gauge used was able to measure the suction) resulting in a negative
value of K. This convention was adopted in order to distinguish those cases where
a gap forms between the soil sample and the confinement ring from those where it
does not.

4.4.3 Test Results

4.4.3.1 Single Layer with Vacuum Pressure or Surcharge Load

A comparison of the settlement-time curves is given in Fig. 4.8a, b for the Ariake
clay samples and the mixed soil samples, respectively. In these figures, the curves
corresponding to the surcharge load cases generally have larger settlements at early
times than those observed for the vacuum pressure cases. When consolidation was
essentially completed under a given value of o' vo, the drainage valve was closed and
the predetermined surcharge load was then applied. There was a time period (about
1 h) required for the excess pore water pressure at the bottom of the sample to reach
more than 90% of the corresponding applied pressure. During this period some set-
tlement (mainly elastic deformation) occurred and, in order to make comparisons
with the vacuum pressure case, this settlement component has been included in the
reported total settlement. It can be seen that when O’/V() < 80 kPa, the settlement
induced by vacuum pressure is smaller than that induced by the surcharge load of
the same magnitude. It is generally accepted that the direction of the major plas-
tic strain occurring in the soil is usually coaxial with the direction of the principal
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Fig. 4.8 Comparison of 0
settlement-time curves for a
single layer system.

(a) Ariake clay samples;

(b) Mixed soil samples
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effective stress. With the propagation of vacuum pressure into the sample, and when
the horizontal effective stress acting on the sample is directed inward, i.e., when the
vacuum pressure is dominant, then inward lateral displacement will occur and the
settlement will generally be less than that induced by the surcharge load.

For the Ariake clay samples, the calculated values of K are depicted in Fig. 4.9a,
b for the surcharge load and the vacuum pressure cases, respectively. For the sur-
charge loading cases, the initial value of K is influenced by the value of o' 0, but the
final values of K are almost independent of o' (Fig. 4.9a). Using the Jaky (1948)
equation, for normally consolidated soils, the at-rest coefficient of earth pressure
(Kp) can be approximated as:

Ky=1-—sin¢’ (4.50)

Adopting the values of ¢’ listed in Table 4.1, Ko was estimated to be about 0.41.
The final value of K measured in these tests was about 0.4, which is very close to
the value calculated from the empirical relationship corresponding to at-rest condi-
tions and expressed in terms of ¢/ (Eq. (4.50)). However, for the vacuum pressure
cases, the final values deduced for K depend on the initial consolidation pressure,
o 0 (Fig. 4.9b). When inward lateral displacement occurred and a gap between
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Fig. 4.9 Variations of K for
Ariake clay samples.

(a) Surcharge load;

(b) Vacuum pressure
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the ring and the sample formed, the value of K was arbitrarily assigned a negative
value. Under oedometer conditions, K > 0 indicates that the sample deforms one-
dimensionally (1D) and the vacuum pressure-induced settlement is the same as the
settlement induced by a surcharge load. The relationship between the final value
of K and o' o is shown in Fig. 4.10 for both the Ariake clay and the mixed soil
samples.
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4.4.3.2 Combined Vacuum Pressure and Surcharge Loading

In the field, when K = K, there should be no lateral displacement associated with
the consolidation of the soil deposit. Figure 4.9 shows that during the consolidation
process under surcharge loading, K > Ky, and for the vacuum pressure cases, K <
Kp. It may be possible therefore to keep the value of K close to Ky by controlling
the combination of vacuum pressure with surcharge load. This would have important
practical implications for cases in which the lateral displacement is a crucial design
requirement.

Two types of test were carried out on single layer samples to investigate the
effects of combining vacuum pressure and surcharge loading, i.e., Type-1: in which
a vacuum pressure and a surcharge load were applied together instantaneously; and
Type-2: in which a vacuum pressure was applied instantaneously but the surcharge
was applied in discrete steps over time, i.e., ‘stepwise’ loading. In the latter case, a
surcharge increment of 20 kPa was applied every 30 min until the total surcharge
pressure was reached.

Figure 4.11 shows the results of Type-1 tests in which ¢’,¢9 = 0. It can be seen
that at the early stages of each test, K > K,, which tends to induce outward lat-
eral displacement, and at the later stage K < K,, which tends to induce inward
lateral displacement. The reason behind this phenomenon is that lateral displace-
ment induced by the surcharge load occurs mainly due to the shear stresses in the
sample which is therefore largely an immediate deformation. Conversely the lateral
displacement induced by the vacuum pressure occurs continuously during the con-
solidation process. In terms of the final value of K, the effect of the surcharge load
is the same as the increase in the value of o/vo (compare Fig. 4.11 with Fig. 4.9b).

In order to reduce the value of K during the early stages of consolidation, Type-2
tests were conducted. The results of Type-1 and Type-2 tests are compared in
Fig. 4.12a to 4.12c for cases in which Aoy,,, = —80kPa, Ao, = 80kPa and
o’y0 = 0, 40 and 80 kPa, respectively. It can be seen that generally, Type-2 tests
resulted in smaller values of K during the consolidation process, and under field
conditions this loading regime can contribute to reducing the immediate outward
lateral displacement generated by the surcharge load.
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Fig. 4.12 Comparison of K values for Type-1 and Type-2 tests. (a) o/,0 = 0; (b) 0/,o = 40 kPa;
(¢) o’,9 = 80 kPa

4.4.3.3 Two-Layer System Under Vacuum Loading

The settlement-time curves are shown in Fig. 4.13 for cases where two-layer sam-
ples were subjected to vacuum pressure loading only. For the two types of samples
tested, the mixed soil had a higher value of k (Table 4.1) and when it was placed at
the boundary where the vacuum pressure was applied, the rate of consolidation was
faster. This phenomenon can be more clearly observed from the measured excess
pore water pressure (1) at the middle of the two layers (Fig. 4.14). Although the
final values are almost the same, in the earlier stages of consolidation the case M+A
(layer-1: the mixed soil M; and layer-2: the Ariake clay A) exhibited a smaller value
of u, i.e., a larger vacuum pressure indicating faster consolidation.

For the case of two-way drainage, the excess pore water pressures measured at
the interface of the two layers are depicted in Fig. 4.15. It may be observed that the
case M+A not only had a faster rate of excess pore water pressure development, but
also a smaller final value, i.e., a larger vacuum pressure. In other words, cases where
k1 > kp will result in generally larger vacuum pressures being distributed through
the system (Fig. 4.5).

Figure 4.16a, b show the variation of the interpreted earth pressure coefficient
K during the consolidation process for one-way drainage of the M+A and A+M
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Fig. 4.13 Comparison of
settlement curves for
two-layer systems under
vacuum loading

Fig. 4.14 Excess pore water
pressure at the middle of two
layers under vacuum pressure
with one-way drainage

Fig. 4.15 Excess pore water
pressure at the middle of two
layers under vacuum pressure
with two-way drainage
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Fig. 4.16 Variation of K for
a two-layer system with
one-way drainage. (a) M+A
samples; (b) A+M samples

o
w

o

—e—Layer-1
0 --*--Layer-2 | | |
0.01 0.1 1 10 100 1000 10000

Elapsed time, t (min)
(a) M+A Samples

Coefficient of earth pressure, K
=)
[\e)

0.4

0.3

0.2

0.1

—e—Layer-1
--2--Layer-2

0
0.01 0.1 1 10 100 1000 10000
Elapsed time, t (min)
(b) A+M Samples

Coefficient of earth pressure, K

samples, respectively. The final values of K for layer-1 and layer-2 are almost the
same, but the value of K for layer-1 reduced faster in the M+A sample than in the
A+M case, i.e., the order of the soil layers influenced the rate of consolidation. The
results for two-way drainage cases are shown in Fig. 4.17a, b for M+A and A+M
samples, respectively. The values of K for the A+M case (Fig. 4.17b) are generally
larger than those of the M+A case (Fig. 4.17a) for the corresponding layer-1 and
layer-2. The larger K value implies a smaller vacuum pressure at the location of the
earth pressure gauge, and this has influenced the consolidation settlement. Further,
since the vacuum pressure at the bottom drainage boundary is zero, the vacuum
pressure in layer-2 is generally less than that in layer-1, which has resulted in larger
deduced values of K.

4.5 Optimum PVD Penetration Depth

4.5.1 Theoretical Prediction

In vacuum consolidation projects conducted in the field, generally the vacuum pres-
sure is applied at the ground surface so that the final vacuum pressure distribution
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in the ground depends on the properties and drainage boundary conditions of
the deposit. Considering a 1D problem and a uniform soil deposit, if the bottom
boundary is not drained the final vacuum pressure in the deposit will be uniform.
Conversely, if drainage can occur through the bottom boundary such that a vacuum
pressure cannot be effectively maintained at this boundary, the vacuum pressure dis-
tribution at the end of vacuum consolidation, i.e., when a steady-state distribution
of suction (excess) pore pressure is established throughout the soil deposit, will be
linear with the maximum value at the ground surface and zero at the bottom of the
layer (Chai et al. 2005). This distribution will involve steady upward water flow
through the clayey layer. In the case of a non-uniform deposit, the vacuum pressure
distribution within the deposit will depend on the relative values of the hydraulic
conductivities of the individual layers. For steady upward water flow in a layered
deposit the following condition must be satisfied in order to maintain continuity of
the flow:

itkyt = idkyy = - - - = iiky; (4.51)
where i; and k,; = the hydraulic gradient and hydraulic conductivity of the ith layer,

respectively. A layer with a lower value of £ must have a higher value of i, and
a higher i value implies a larger variation of vacuum pressure within the layer.
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For a clayey deposit with two-way drainage which has been partially penetrated
by PVDs, a possible vacuum pressure distribution within the layers at the end of
vacuum consolidation is illustrated in Fig. 4.18.

The optimum penetration depth is the depth of installation at which the clay
layer will exhibit the largest consolidation settlement under a given vacuum pres-
sure applied at the ground surface. Assuming that the static water table is at the
ground surface, the values of k are uniform in both the PVD-improved zone and the
unimproved zone, and at the end of vacuum consolidation the vacuum pressure at
the ground surface is pyqc, and p,, at the base of the PVD-improved zone (Fig. 4.18),
the condition of flow continuity requires (Chai et al. 2006):

Pvac — Pyl =k Pvi

k .
vl H, H — H,

(4.52)

where k| and k,» = the vertical hydraulic conductivities of layers 1 and 2, respec-
tively, H; = the thickness of the PVD-improved zone, and H = the overall thickness
of the soft clayey deposit. If the integration of vacuum pressure with depth is
denoted by A, it can be shown that A is expressed as:

1 1
A = [Pysc - H1] — |:§ (pvac _pvl)Hl] + |:§ (H—Hy) 'pv1i| (4.53)

The quantity A corresponds to the area under the curve of excess pore suction versus
depth. Substituting Eq. (4.52) into Eq. (4.53) to eliminate p, an expression for A is
obtained as follows:

1 1 Pvac * kva - Hi
U P 454
vaac (Hy + H) 2 ky1-H— (ky1 — kyn) Hy ( :
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The task of finding the maximum value of A corresponds to finding the largest value
of the area under the curve of suction versus depth. This is the condition at which in
the longer term the application of suction will have the greatest effect on the induced
settlement in the clay layer. Hence, differentiating A with respect of H; and equating
this to zero, provides an expression for the optimum penetration depth H; as follows
(Chai et al. 2006):

kv - kv kv
Hy = (1— V”) H (4.55)

kvl - kv2

Chai et al. (2001) proposed a method to calculate the equivalent vertical hydraulic
conductivity of PVD-improved subsoil, which can be used to evaluate the value of
ky1, 1.e., the mass vertical hydraulic conductivity of the PVD-improved zone:

k 1+ 251 ky k (3.50 bis)
= —_— . 1S
vl Mdg k, v

where d, = the diameter of a unit cell (containing a PVD and its improvement area),
ky, and k, = the horizontal and vertical hydraulic conductivities of the natural soil,
respectively, /(= H;) = the drainage length of the PVDs, and ¢,, = the discharge
capacity of the PVDs. The expression for u is given by Eq. (3.8a bis). Since H; in
Eq. (4.55) and / in Egs. (3.50 bis) and Eq. (3.8a bis) have the same meaning, in order
to obtain the value of H; some iteration is needed. Also note that if the value of k,; in
the PVD-improved zone or k,, in the unimproved zone is not uniform, an equivalent
hydraulic conductivity (k.,) can be used, but using Eq. (4.55) may not yield an exact
optimum penetration depth. For a two-layer case, k., can be calculated as follows:

L ki1 - kipH; (4.56)
I ki - Hp + ko - Hyy )

where H; = the thickness of the PVD-improved or unimproved zone, H;; and Hj; =
the thicknesses of sub-layer 1 and 2 in H;, and k;; and k;; = hydraulic conductivities
of sub-layer 1 and 2 in Hj, respectively. Furthermore, if the compressibility of the
soil around the base of the PVD-improved zone varies significantly, from a settle-
ment point of view, Eq. (4.55) may not guarantee the optimum penetration depth.
Note that the method proposed above also has the following limitations.

(a) The effect of horizontal water flow from the surrounding area into the zone of
soil improved by vacuum consolidation is not considered.

(b) Only the condition at the end of vacuum consolidation is considered, i.e.,
when a steady-state distribution of suction (excess) pore pressure is established
throughout the soil deposit. The effect of the PVD installation depth on the
consolidation process is not considered.

(c) By contrast, in Eq. (4.55), the initial thickness (not the final thickness) of the
soft deposit is used to calculate the initial PVD penetration depth. If the whole
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deposit compresses uniformly, these contradictory conditions may not cause
any significant error, but if the upper soil layer compresses more than the lower
layer, some error may be introduced.

4.5.2 Laboratory Model Tests

Chai et al. (2009b) reported the results of a series of laboratory tests aimed at
investigating the behaviour of soil samples whose consolidation performance had
been enhanced by the introduction of partially penetrating PVDs. These model tests
and the important findings of the testing program conducted at Saga University are
described as follows.

4.5.2.1 Test Device

A cylindrical soil sample was used in these tests and a sketch of the test set up
is shown in Fig. 4.19 (Chai et al. 2009b). The apparatus consisted of a cylinder
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Fig. 4.19 Sketch of the model test device (after Chai et al. 2009b)
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containing the soil sample, with 0.45 m inner diameter and 0.9 m height and made
of vinyl chloride with a wall thickness of 15 mm; upper and lower pedestals with a
thickness of 40 mm; a piston system; and a burette connected to the drainage layer
at the bottom of the model. The upper and the lower pedestals are connected by
eight 12 mm diameter steel rods. The 40 mm thick piston is made of vinyl chloride
and has a hollow shaft with an outside diameter of 100 mm fixed to it. To prevent
possible tilting of the piston, a guide was installed on the upper pedestal around the
shaft. Sealing between the piston and the cylinder and between the shaft and the
upper pedestal was achieved by ‘O’ rings lubricated with silicon grease. Both air
pressure and vacuum pressure can be applied independently as consolidation loads.
The air pressure was applied through the upper pedestal to the top of the piston
and the vacuum pressure was applied through the hollow shaft of the piston to the
bottom of the piston, i.e., to the surface of the soil sample. To prevent leakage of the
air pressure and vacuum pressure leakage through the piston, a rubber membrane
sleeve with a thickness of 1 mm was installed inside the chamber above the piston.
This membrane was initially folded to accommodate vertical displacement of the
piston during consolidation of the soil. A KPD — 200 kPa piezometer, manufactured
by the Tokyo Sokki Kenkyujo Co. Ltd, Japan, was embedded around the middle
height of the soil sample. Settlement of the soil sample was measured at the top of
the shaft by a dial gauge.

4.5.2.2 Materials

The soil used in these tests was remoulded Ariake clay with a liquid limit W =
108.8%, and plastic limit Wp = 59.2%. The initial water content of the clay was
adjusted to about 120% (more than its liquid limit) and the samples were then
cured in a plastic container for more than 1 day before putting them into the appa-
ratus. Mini-PVDs were formed by folding non-woven geotextile in 3 layers 30 mm
wide and 9 mm in thickness when unconfined. The geotextile used was made of
polypropylene and had a mass density of about 131 g/m?.

4.5.2.3 Test Procedure

To set up the model test, firstly the cylindrical container was installed on the lower
pedestal and 3 layers of the geotextile were placed at the bottom of the cylinder as a
drainage layer. A thin layer of silicon grease was painted on the wall of the cylinder
to reduce the friction between it and the soil sample contained within. The clay was
placed inside the cylinder, layer by layer, and when the overall height of the soil
sample reached about 0.4 m from the bottom, the piezometer was installed. Further
clay was added to the sample, again layer by layer, until the overall height of the soil
sample was 0.78 m. After completing installation of the soil in the model ground,
4 mini-PVDs were installed to a pre-determined depth with the plan locations as
indicated in Fig. 4.19. The method used to install the mini-PVDs involved inserting
a stainless steel rod inside the mini-PVD and pushing it into the soil sample ver-
tically. The rod was then withdrawn leaving the mini-PVD inside the soil sample.
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Another 3 layers of the geotextile were placed on the top of the soil sample to act
as a drainage layer. Finally, the piston, the rubber membrane sleeve and the upper
pedestal were installed and the dial gauge for measuring the vertical displacement
was set in place. The pre-determined air-pressure and vacuum pressure were then
applied to the composite soil sample and the testing commenced.

4.5.2.4 Test Program

Four tests were conducted using the apparatus described previously with the con-
ditions of each test as listed in Table 4.3. The mini-PVD installation depth varied
from 0.48 to 0.73 m leaving an unimproved layer varying in thickness from 0.30
to 0.05 m. Each test lasted for about 15 days. It is well known that vacuum con-
solidation not only induces settlement, but also inward lateral displacement of the
ground (e.g., Chai et al. 2005). If only vacuum pressure were applied in the model
tests described above there would have been a distinct possibility of gaps forming
between the soil sample and the cylinder wall, due to inward lateral displacement of
the soil sample, which may have resulted in leakage of the vacuum pressure. In order
to avoid this situation, both surcharge loading derived from air pressure applied to
the piston and vacuum pressure loading applied directly to the soil sample were
adopted in these tests.

4.5.2.5 Simulation of Model Tests

To obtain detailed information about the likely distribution of excess pore water
pressure (vacuum pressure) developed in the model ground and to provide a cross
check on the experimental results, the model tests were simulated by finite element
analysis (FEA). The mechanical behaviour of the model ground was simulated using
the modified Cam-clay model (Roscoe and Burland 1968). The values of the model
parameters used in these calculations are listed in Table 4.4. The values of \, eg
and ko were determined from the results of laboratory consolidation tests involving
incremental loading and the values of v, x and M were simply assumed based on
experience. During the consolidation process, the hydraulic conductivity of the clay
soil (k) was varied with void ratio (e) following Taylor’s equation (Taylor 1948):

Table 4.3 List of the cases tested

Mini-PVD
Initial Thickness installation depth® Air pressure Vacuum pressure
Case (m) (m) (kPa) (kPa)
1 0.78 0.48 (0.30)* 40 40
2 0.78 0.58 (0.20) 40 40
3 0.78 0.68 (0.10) 40 40
4 0.78 0.73 (0.05) 40 40

4The number in parenthesis is the thickness of the layer improved by PVD installation
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Table 4.4 Model parameters adopted

A K e v M ko (m/s)

0.265 0.027 32 0.3 1.2 2.51x107°

Note: A = slope of virgin consolidation line in e-In p’ plot (p’ is effective mean stress
and e is voids ratio); ¥ = slope of rebound line in e—In p’ plot; M = strength parameter
for Cam-clay model, i.e., stress ratio q/p' at critical state; v = Poisson’s ratio; ey =
initial voids ratio; and ko = initial hydraulic conductivity

k = ko - 10€¢0)/Ck (4.57)

where Cy = a constant (in this study Cy = 0.4ep). Since the entire model ground
sample was remoulded, it is considered reasonable to assume that there was no
smear zone. When considering the possibility of compression of the mini-PVDs
under the confining stresses imposed in these test, back-fitting of some of the
observations indicated that the effective diameter of the mini-PVDs should be
d,, = 10 mm, and the discharge capacity, g,, = 1 m?/year (Chai et al. 2007). For
the arrangement as shown in Fig. 4.19, the diameter of the unit cell can therefore be
evaluated as d, = 0.225 m.

4.5.2.6 Results of Testing and Analysis

The settlement curves for these four tests are compared in Fig. 4.20, while Fig. 4.21
shows an enlargement of the final part of the consolidation curves. It can be seen that
the FEA simulated well the settlement curves for Case-1 and Case-2. For Case-3 and
Case-4, the simulated settlement rate is faster than the test data for elapsed times less
than 10 days. Theoretically, increasing the mini-PVD installation depth increases
the initial settlement rate and it is not clear why the test data did not show this
same tendency. Nevertheless, both test data and analysis predictions indicate that
Case-2 and Case-3 result in larger settlement than Case-1 and Case-4 (Fig. 4.21).
Figure 4.22 shows plots of final settlement at the corresponding mini-PVD instal-
lation depth. It can be observed that with respect to this settlement, an optimum
mini-PVD installation depth exists between Case-2 and Case-3, although it should
be acknowledged that experimental error may account for some of the observed
differences in settlement.

As indicated in Fig. 4.19, a piezometer was installed at about the middle of the
sample (i.e., about 0.4 m from the bottom). Variations with time of the measured
and simulated excess pore water pressures (i) at this piezometer point are compared
in Fig. 4.23. Note that these variations include both positive and negative (suction)
excess pore pressures. The simulated maximum values of # and the simulated dis-
sipation rates are higher than those measured. Despite taking care to maintain a
saturated piezometer filter during the installation process, the results in Fig. 4.23
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show that the piezometer may not have been 100% saturated. At the time of termi-
nating the tests the relative ordering of the values of u for the 4 cases, both measured
and analyzed, is different. However, if the maximum simulation time in the FEA is
extended to 25 days, the predicted ordering of the values of u is the same as that
observed from the measured pore pressures, i.e., the largest is Case-4 (with the
smaller vacuum pressure) and the smallest is Case-1. The final vacuum pressure
distributions in the model ground are given in Fig. 2.24. This figure shows that the
area enclosed by the line corresponding to the pore pressure distribution u, the left
or y-axis, and the top or x-axis, i.e., the area A under the curve of suction versus
depth is larger for Cases 2 and 3 than it is for Cases 1 and 4. This supports the con-
tention that the PVD penetration depths adopted in Cases 2 and 3 are more effective
in terms of the final induced settlement than are Cases 1 and 4.

Using the adopted model parameters, Eq. (4.55) gives an optimum mini-PVD
installation depth of about 0.575 m, which is close to the installation depth adopted
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for Case-2 of 0.58 m. From Fig. 4.22, it can be seen that an increase in the mini-PVD
installation depth from 0.58 to 0.68 m had almost no effect on the final settlement.
From an economic point of view, the optimum installation depth should therefore
be close to 0.58 m in this model problem.

From this experimental study it can be concluded that Eq. (4.55) is useful for
determining the optimum installation depth of PVDs for a soil deposit with two-way
drainage subjected to vacuum pressure applied at the ground surface.
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4.6 Estimating Deformations Induced by Vacuum Pressure

The pattern of deformation induced by vacuum pressure loading applied in the field
is different in character from that induced by embankment loading. Hence the defor-
mation characteristics of vacuum pressure loading need to be carefully considered
when performing calculations to predict the effects of applying a vacuum pressure
to soil. Two semi-theoretical methods to predict such deformations have been sug-
gested in the literature (Imai 2005; Chai et al. 2005). These are now considered in
the following sections.

4.6.1 Imai’s Method

Imai (2005) proposed a method for calculating the final settlement and inward lateral
displacement occurring during vacuum consolidation of a soil layer. This method
assumes that the imposed vacuum pressure (-pyqc) is constant throughout the whole
deposit. Further, it also assumes active earth pressure conditions in the soil sur-
rounding the area being subjected to the vacuum treatment, as shown in Fig. 4.25.
Consequently the effective stress conditions in the area being treated will be as
follows.

Initially, the vertical effective stress (o/,9) in the ground is the effective over-
burden pressure, and the horizontal effective stress (0”40) can be calculated from
knowledge of the at-rest earth pressure coefficient (Kp):

o'no = Koo' o (4.58)
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Fig. 4.25 Stress state and deformation pattern assumed in Imai’s method

In the longer term, due to sustained application of a vacuum pressure to the soil,
incremental stresses must be added to both the initial vertical and horizontal effec-
tive stress components. Clearly a value equivalent to the magnitude of the applied
vacuum pressure, py,c, should be added to the initial vertical and horizontal effective
stresses, but it is also assumed that the initial horizontal effective stress will tend to
reduce from the at-rest condition. i.e., from Koo', to K o’ ,0 where K, is the active
earth pressure coefficient of the soil, so that finally:

0y = 0"v0 + Prac (4.59)
oy = Ka0'v0 + Prac (4.60)
Hence, the incremental effective stresses are:
A0y = Prac (4.61)
AG} = prac — (Ko — Ka) 0y (4.62)
A parameter called the Isotropic Index (/) can be defined as:

I Aoy

O./
L =1— (Ko — Ko) 2 (4.63)
A Gv Pvac

Assuming axisymmetric conditions and using Hooke’s law, the vertical and
horizontal strains (g, €;) induced in the improved zone can be expressed as:

&y = —ay My Pyac (4.64)
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Ep = —aApMyPyac (4.65)

where m, = the 1D coefficient of volumetric compressibility and a, and a;, = strain
correction factors given by:

(1 +Ko) — 2Kyl
" (14 2Ko) (1 — Kp)
_ —Ko+1

T (14 2Kp) (1 — Kp)

(4.66)

v

ap (4.67)
For one-dimensional deformation conditions, m, can be expressed in terms of the
effective stress Young’s modulus (E’) and Poisson’s ratio (v') of the soil skeleton as
follows:

my, = ( _(21v ) (1/)+ v) | % (4.68)
— vV

and for elastic soil response the relationship between v’ and Kj is:

(4.69)

Imai (2005) further argued that when I = K, there will be no inward lateral dis-
placement induced by the vacuum pressure and at that depth where this condition is
satisfied the following equation holds:

oo _ 1—Kj
|pvac| Ko — K,

Assuming Ky = 0.5, K, = 0.3, pyoc = —70kPa, the groundwater level at the
ground surface and a submerged unit weight of the soil of 6 kN/m?3, from Eq. (4.70)
a depth of about 30 m can be calculated as the zone of influence of the vacuum pres-
sure on lateral displacement, i.e., the depth at which the inward lateral displacement
vanishes.

Imai (2005) suggested that if the depth of improvement by the PVDs is less than
the depth determined by Eq. (4.70), I can be expressed approximately as:

(4.70)

I=1—(— Ko)g 4.71)

where z = depth from the ground surface, and H = the depth improved by PVDs.
The variations of /, a, and a;, with depth suggested by Imai are shown in Fig. 4.26.

Imai’s (2005) method captures some important aspects of vacuum consol-
idation such as: the fact that vacuum consolidation induces settlement under
one-dimensional conditions that is equal to or less than that which would be induced
by a surcharge load of the same magnitude; and the fact that the lateral displace-
ment induced by a vacuum pressure reduces with depth. However, the method also
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Fig. 4.26 Variation of I, a, and aj, assumed in the Imai method

has some shortcomings. Assuming active earth pressure at the edge of the vacuum
consolidation area is possibly a crude approximation and it ignores the existence of
tension cracks which might occur near the ground surface. It is also unclear whether
equilibrium is assured by making this assumption. Secondly, for soft clayey soils
the deformation induced by application of the vacuum pressure is mainly plastic so
that adopting the values of a, and a; deduced from elasticity theory may involve
significant errors. Further, there is a contradiction involved in using I = K to deter-
mine the depth where there is no inward lateral displacement, because I is defined
by assuming an active stress state in the ground.

4.6.2 Method of Chai et al.

4.6.2.1 When Does Lateral Deformation Occur?

Under oedometer conditions, the criterion determining whether vacuum pressure
will induce inward lateral displacement is given by Eq. (4.49). However, in the field,
conditions are often somewhat different from those in an oedometer test. As illus-
trated in Fig. 4.27a, at the ground surface, inward lateral displacement induced by
vacuum pressure may cause tension cracks with a depth of z.. For a soil element
located at a depth less than z., the stress state can be approximated by that shown
in Fig. 4.27b, which is the same as in an oedometer test with a vacuum pressure
large enough to cause inward lateral displacement. However, below z. and above
77, the depth at which no lateral displacement occurs (the value of z; will be dis-
cussed later), the lateral effective stress consists of two parts: one is the vacuum
pressure and the other is the earth pressure exerted by the adjacent soil mass. In this
zone, the horizontal earth pressure will be between the values corresponding to the
at-rest and active states. Denoting the coefficient of earth pressure in this zone as
K0, the stress state of a typical soil element will be like that shown in Fig. 4.27c.
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Fig. 4.27 Illustration of stress state and deformation pattern of soil slices in the ground under
vacuum loading (after Chai et al. 2005)

In Fig. 4.27b and c, the same symbols, 6,9 and Aad,, are used for the initial ver-
tical effective stress and the applied vacuum pressure, but their numerical values
can be different in each case. Intuitively, the value of K, should be close to the
active coefficient of earth pressure (K,) at a depth just below z., and close to the
at-rest coefficient of earth pressure (Ky) at the depth just above z;. Another factor
which needs to be considered when determining a reasonable value of K, is that
under field conditions, the deeper layers which do not undergo lateral displacement
will tend to restrict the inward lateral displacement of the layers above. Considering
these factors, an expression is proposed for Ko, as follows:

Kao = BKa + (1 — P)Ko (4.72)

where 8 = an empirical factor. Chai et al. (2005) proposed that 8 should normally
be assigned a value in the range 0.67-1.0.

From Rankine earth pressure theory, assuming that the groundwater level is
located at a distance z,, below the ground surface, the depth of tension cracking
Zc can be expressed as follows:

2¢

= ———+ forz. <z (4.73a)
Y/ Ka ‘ "

Zc

1 2 )
Ze=——\| — — Ywzw ), for z. >z (4.73b)
C (‘}/t _ ‘}/w,) (m wiw C w
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where y; = the total unit weight of soil, y,, = the unit weight of pore water, ¢ =
the effective stress cohesion, K, = tan?(45 — @’ /2) is the coefficient of active earth
pressure, and d)/ is the friction angle of the soil. Assuming ¢’ = 5—10 kPa, ¢’ = 30°,
vy =15 kN/m3 and z,, = 1.0 m, Eq. (4.73) predicts z. = 1.47 t0 4.93 m.

In Fig. 4.27c, if the horizontal stress (| Acyqc| + Kq0Z'y’) is larger than the effec-
tive stress required to maintain a Ko stress state, then inward lateral displacement
will occur. Equating the effective stress required to maintain a Ky stress state,
Ko(|Aoyaee] + 0'10), and the lateral effective stress, |Aoyae| + (z’ y a0>, a condition
is obtained for determining the depth below which no lateral displacement occurs in
the soil, z; = z. + 7(Z =z — z¢), i.e.,

Ko.0'v0 — 0’0
[A0vac| = lv——KOa (4.74)

where

0 for z < z

K,7y forzy >z > z, (4.75)

o'ay = <Z/V/ a0> = {

and where y' = the effective unit weight of soil, equal to y, above the groundwater
level and (y; — yy) below the groundwater level. For multilayer soils, o’ v should
be calculated using an appropriate summation procedure. With a known value of
Aoygc, the value of z; can be determined from Eqgs. (4.73), (4.74), and (4.75).

The vacuum consolidation method is generally applied to deposits of soft, normal
to lightly overconsolidated clayey soils, so that at the end of vacuum consolidation
the soil should be in a normally consolidated state. Therefore, the value of K corre-
sponding to the normally consolidated state should be substituted in Eq. (4.74), and
this value should typically be less than 1.0. In multilayer subsoils, the value of K
for the layer closest to the depth z; should be substituted in Eq. (4.74).

4.6.2.2 Vertical Deformation

The vertical strain caused by vacuum loading can be expressed as a portion of
the vertical strain that would occur under conditions of 1D consolidation with an
increment of vertical effective stress given by Aoy, 1.€.,

A
In (1 + (,’V“C> (4.76)

00

g, =a

1+e

where e = the voids ratio, A = the virgin compression index in an e-Inp' plot (where
p is effective mean stress) and o = a factor with a value less than or equal to unity.
It is proposed that o will have a minimum value () at the ground surface and it

/ /
will be unity when Z > (or |AGe| < ’”17—,;”) Chai et al. (2005) proposed
the following expression for «:
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1 — amin (Koo'vo — 0”ay
O = Omin +

[Aoyacl 1 —Kp

for

Ko - U/VO - OJuv
A > 4.77
|Aoyacl = 1— Ko ( )

In the field, vacuum consolidation can be conducted under stress conditions that are
either close to triaxial (usually in cases where the improved area is close to a circle
or a square) as well as plane strain (where the improved area is a long strip). It is
convenient to denote the values of onmi, for triaxial stress conditions and plane strain
conditions as oin —7 and amin —p, respectively. Based on laboratory test results,
Chai et al. (2005) proposed that «,—7 = 0.80 and that «,;,—p should be larger
than o, —7. If it is assumed that both the horizontal and volumetric strains are the
same for triaxial and plane strain conditions (the vertical strain is usually larger for
plane strain conditions), it can be shown that omin—p = (1 + &min—71)/2, and if
Omin —7 = 0.8 then opin —p = 0.9. If the volumetric strain is the same in each case,
it is more logical that both the vertical and horizontal strains in plane strain should
be larger than for triaxial stress conditions. Hence, it is assumed that «;;,—p = 0.85.

4.6.2.3 Volumetric Strain

The effective stress path experienced by a soil element undergoing vacuum consoli-
dation varies with depth. For an element at or near the ground surface, the effective
stress path is close to isotropic consolidation, while at deeper locations it is closer
to 1D consolidation. Strictly speaking, to calculate the volumetric strain accurately,
it is necessary to follow the effective stress path experienced by all soil elements
with an appropriate elasto-plastic constitutive model. However, for simplicity we
consider a semi-empirical equation for calculating the vertical strain (Eq. (4.76))
and also assume that under vacuum loading (for both triaxial and plane strain condi-
tions), the volumetric strain (&,,;) in the ground is the same as that occurring during
1D consolidation, so that:

A
In <1 + (f”“> (4.78)

Evol =
1 a0

+e

4.6.2.4 Horizontal Strain

With known values of the vertical (Eq. (4.76)) and volumetric strains (Eq. (4.78)),
the average inward (compressive) horizontal strain (e;,) can be expressed as follows:

1
ep = E(EM — &yy), for triaxial stress conditions 4.79)
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en = (€yo1 — &w), for plane strain conditions (4.80)

Once ¢, is known, the lateral displacement (§;) can be approximated quite simply
as follows:

Sh=B-¢e, (4.81)

where B = the half width of the area treated by vacuum consolidation.

For clarity, it should be emphasized that the analysis presented above is for nor-
mally consolidated soils only. For a lightly overconsolidated deposit, the same type
of calculation can be made in two steps. Step 1 is from the in situ stress state to
the maximum pre-consolidation stress previously experienced by soil, using the
unloading-reloading compression index (k) instead of A in Eqgs. (4.76) and (4.78).
Step 2 is for stress states from the maximum pre-consolidation stress experienced
by the soil to the final stress state and it will be the same as the procedure suggested
previously for a normally consolidated soil. The total horizontal strain will be the
summation of the values obtained from Steps 1 and 2.

The information needed for calculating the deformations induced by vacuum
consolidation according to the method of Chai et al. is as follows.

(a) Vacuum consolidation conditions. Two parameters are required: the magni-
tude of the vacuum pressure (Aoy,:) at each depth and the half width of the
improvement area (B).

(b) Groundwater level and soil parameters. The groundwater level (z,,) and seven
soil parameters are required for each soil layer: the total unit weight (y,),
the initial voids ratio (e), the over consolidation ratio (OCR), the virgin and
unloading-reloading compression indices in e-Inp’ space (x and A respectively),
the effective stress friction angle (qﬁ/) and cohesion (c,).

(c) Model parameter . It is suggested that for triaxial stress conditions,
min—7 = 0.80 and for plane strain conditions, omin —p = 0.85.

It should be noted that the method proposed here does not consider any interac-
tion between the soil strata. In particular, the restraining effect of a deeper layer on
an overlying layer of soil is not considered. This may result in a predicted zig zag
profile of lateral displacement if the compressibility of adjacent soil layers varies
significantly.

4.6.3 Analysis of Field Tests

Several examples of the application of the vacuum consolidation technique in the
field have been well documented in the literature. Some of these case study examples
are considered here, since they allow an evaluation to be made of the techniques
described previously for estimating the ground deformations induced by applying
vacuum pressure over a portion of the ground surface.
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4.6.3.1 Vacuum Preloading for an Oil Storage Facility

This case history from Tianjin in China was first reported by Chu et al. (2000). The
site was a reclaimed section of land and the thickness of the reclaimed soft clay
layer was about 4-5 m. Below it was a marine clay layer with an overall thickness
of about 10—16 m. This layer can be further divided into a silty clay layer 2—4 m
thick, a clay layer 7-8 m thick and a silty clay layer. The marine clay layer was
underlain by a stiff sandy silt layer. The treated zone covers an area of approxi-
mately 50,000 m? and for the purpose of ground improvement it was divided into
two sections: Section I (about 30,000 m?) and Section II (about 20,000 m?) (see
Fig. 4.28).

Before the vacuum loading commenced, partially dried clay fill about 2 m thick
(on average) was placed on the site, on top of which was placed a 0.3 m sand mat.
PVDs were then installed on a square grid at a spacing of 1.0 m to a depth of 20 m
(elevation of about —13.5 m). There is no information about the duration of the fill
loading before the vacuum loading commenced. Chu et al. (2000) reported that the
ground settled about 0.15 and 0.27 m during installation of the PVDs for Sections I
and II, respectively. The vacuum pressure applied at the surface was about —80 kPa
and the duration was 4 months. During application of this vacuum loading, the set-
tlement and pore water pressure at different depths and the lateral displacement at
the edge of the treated area were monitored. From the measured pore water pres-
sures, it was interpreted that the groundwater level was about 1.0 m below the top
surface (elevation about 5.0 m) after the 2.0 m thick clay fill and 0.3 m thick sand
mat were constructed, i.e., the groundwater level was almost at the ground surface
before application of the clay fill. Pore water pressure measurements at the centre of
Section I indicate that before vacuum consolidation commenced, the consolidation
induced by the surcharge load, i.e., the clay and sand fill, was not finished. At about
—6 m elevation (approximately the middle of the soft clay layer), the measured ini-
tial excess pore water pressure was about 20 kPa. However, it is considered that the
outward lateral displacement induced by the fill loading was almost finished when
vacuum consolidation commenced, i.e., most of the measured lateral displacement
was therefore due to vacuum consolidation.
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Table 4.5 Soil strata and parameters at the Tianjin oil storage site

Unit Compres-
Elevation weight, Voids sion index c
No. Description (m) Yi (kN/m?)  Ratio, e (e—lnp’), A OCR ¢’ (°) (kPa)
1 Fill + sand  6.50t0 4.69 19.0 0.85 0.056 1 31 12
mat
2 Soft clay 4.69 to 17.9 1.15 0.068 1 30 12
(reclama- -0.37
tion)
3 Silty clay -0.37 to 18.3 1.05 0.092 1 31 -
-4.28
4 Soft clay —4.28 to 17.5 1.30 0.252 1 30 -
-12.57
5 Stiff silty -12.57 to 19.0 0.85 0.114 1 31 -
clay -16.0
6 Sandy silt -16.0 to 19.0 0.85 0.114 1 31 -
-21.0

The soil parameters required to calculate the final deformations induced by vac-
uum consolidation are given in Table 4.5 for Section I. Elevations, unit weights
and voids ratios were read from the soil profile figures given by Chu et al. (2000).
The values of A were back calculated from the measured compression of each
soil layer assuming an applied vacuum pressure of —80 kPa and OCR of 1.0. The
back-calculation was made assuming 1D deformation conditions. Considering that
field vacuum consolidation might yield less settlement than 1D consolidation, the
A values listed in Table 4.5 are 1.05 times the back-calculated values. Also, it was
assumed that the settlement below elevation —12.57 m was due to the compression
of the 3.43 m thick stiff silty clay layer and the 5.0 m thick sandy silt underlying
it. The measured compression of the clay fill and the sand mat at Section I seems
problematic — the amount of compression reduced with elapsed time and was almost
zero at the end of vacuum consolidation.

Referring to Section II, 100 mm compression of the clay fill and the sand mat
was assumed in calculations. For this site, although the consolidation induced by
the surcharge fill may not have finished by the time vacuum pressure was applied,
assuming OCR = 1.0 at the commencement of the vacuum treatment should not
introduce significant error. Values of the effective stress friction angle (¢/) and cohe-
sion (c/) were assumed. With the parameters listed in Table 4.5, the depth of tension
cracks was calculated as about 2.8 m.

Taking into account the shape of the treated area, triaxial stress conditions were
assumed in this case with amin—7 = 0.8 and a half width of the vacuum consol-
idation area of 110 m being adopted in calculations of the settlements and lateral
displacements. The effects on the calculated deformation of the ground of the value
assumed for 8 (and therefore the value of K,0) in Eq. (4.72) and of the variation of
vacuum pressure with depth were investigated by comparing predictions with the
field measurements.
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Fig. 4.29 Comparison of 5
measured and calculated

lateral displacements at

Tianjin, constant vacuum 0+
pressure with different 8

R — 3
values (after Chai et al. 2005) E ! ..
5L |
g Vacuum pressure =80 kPa
g L (constant ]
g (constant) °
2 [}
m -10 ) (X
@ Measured, Section I, North
F A Measured, Section II, South
Measured data from
15 Chu et al. (2000)
L Calculated, 3=0.67
—-——- Calculated, 3=1.0
-20 | L | L

-600 -400 =200 0
Lateral displacement (mm)

Figure 4.29 shows the effect on the predicted lateral displacement of varying g
within the range 0.67-1.0, assuming a constant value of vacuum pressure with depth
of —80 kPa. The measured field data are from Chu et al. (2000) and correspond to
the end of the vacuum treatment and soil consolidation. The zig zag shape of the cal-
culated lateral displacement profile is probably due to a shortcoming of the method
which does not consider interaction between soil layers. It can be seen that the value
of B mainly influences the lateral displacement at deeper locations and the calcu-
lated depth at which the lateral displacement becomes insignificant (z;). The smaller
the value of B (and hence the larger the value of K,), the larger the calculated lateral
displacement and the larger the predicted value of z;. When § = 1.0, z; = 21.5m
(at an elevation of —15.0 m), and when g = 0.67, z7 = 29.5 m (elevation of —
23.0 m). It seems that overall 8 = 1.0 provides a better simulation of the field data
in cases where the vacuum pressure does not reduce with depth. Of course § = 1.0
corresponds to the active earth pressure state and it will obviously under-estimate
the earth pressure for soil at depths near z;. However, as mentioned previously, the
proposed method does not consider the interactions among the different soil strata.
In the field, the deeper layers which do not undergo lateral displacement will tend to
restrict the inward lateral displacement of the layers above. Using 8 = 1.0 indirectly
takes into account this effect.

Close to the ground surface the calculation method over-estimated the lateral
displacement. This is simply because near the ground surface the initial effective
stress due to gravity forces alone is assumed in the analysis to be quite low. In
reality, prior to application of a vacuum pressure there may have been some suction
above the groundwater level which would tend to increase the initial effective stress.
In addition, weathering can increase the stiffness of soil at shallow depths. None of
these effects was considered in these calculations.

From the measured pore water pressures at locations near the centre of Section I,
it was calculated that there was no significant vacuum pressure reduction with depth,
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down to about 20.5 m (elevation —14.0 m). However, under the edge of the area
improved by vacuum pressure there could be significant vacuum pressure reduction
with depth. The lateral displacements were also calculated assuming that the vac-
uum pressure varies linearly from —80 kPa at the ground surface to —64 kPa (80%
of the value at the ground surface) at a depth of 25 m (elevation —18.5 m). The pre-
dicted lateral displacements are compared in Fig. 4.30. In this case, for both 8 = 1.0
and 0.67 the calculated results are comparable with the field data. The correspond-
ing values of z; are calculated as 17.0 m (elevation —10.5 m) for 8 = 1.0 and 22.0 m
(elevation —15.5 m) for g = 0.67.

The calculated values of vertical compression of each soil layer are compared
with the field measurements in Table 4.6. Because the values of A were based on the
back calculated values from the measured compression of each layer, comparisons
between measured and calculated values are good. The calculated settlements also
varied with the assumed value of 8, especially for the deeper soil layers. The smaller
the value of B, i.e., the larger the value of Ko, the larger is the predicted lateral
displacement (Figs. 4.29 and 4.30) and the smaller the predicted compression of the
soil layer. Reducing the vacuum pressure with depth reduced the predicted vertical
compression of the deeper layers.

4.6.3.2 Field Trial at Yaoqiang Airport

A field trial of vacuum consolidation at the site of Yaoqiang airport in China was
reported by Tang and Shang (2000). The test area was 60 m x 40 m. The soil at the
site consists of alternate layers of silty sand (2.5 m), silty clay (2.5 m), silt (2.5 m)
and soft clay (2.5 m). The groundwater level was about 2.5 m below the ground sur-
face. Before the vacuum consolidation treatment was applied, PVDs were installed
to a depth of 12 m over a square pattern at 1.3 m spacing, in an attempt to accelerate
the consolidation process. At the ground surface there is a 2.5 m thick silty sand
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Table 4.6 Comparison of measured and calculated vertical compression of soil strata at the Tianjin
oil storage site

Vertical compression (mm)

Calculated
Aoy =
Aoy, = 80 kPa 80 — 64 kPa?
Elevation (m) Soil layer Measured =10 g=067 pB=10 p=0.67
6.50 to 4.69 Fill + sand 100° 87 87 86 86
mat
4.69 to —0.37 Soft clay 154 148 147 145 145
(reclama-
tion)
-0.37 to —4.28 Silty clay 113 110 109 105 104
—-4.28 to—-12.57  Soft clay 417 425 414 392 382
-12.57t0 -21.0  Stiff silty clay 167 176 170 148 147
and sandy

silt

aVacuum pressure linearly varied from 80 kPa at ground surface to 64 kPa at 25 m depth; ® Assumed
by referring to the measured value for Section II

layer. To minimize vacuum pressure loss through this layer, an in situ deep mixing
slurry cut-off wall, 1.2 m thick and 4.5 m deep was constructed around the perime-
ter of the treated area. The vacuum pressure monitored at the ground surface was
—70 to —80 kPa, and the reduction in groundwater pressure was measured as being
about 65 kPa at depths of 2 and 14 m. However, at 8 to 10 m depth, the measured
pore water pressure reduction was only 40-50 kPa. There was some scatter in the
measurements of pore water pressure. The duration of vacuum consolidation was
recorded as 83 days. The thickness and soil parameters for each significant layer
at this site are given in Table 4.7. Unit weights and voids ratios are average values
of the ranges reported by Tang and Shang (2000). There are no reported values of
the virgin compression index A. The values listed in Table 4.7 were back calculated

Table 4.7 Soil strata and parameters at the Yaoqiang airport site

Unit Com-
weight, pression
Depth Yi Voids index ¢’ ¢

No. Description  (m) (kN/m3)  Ratio, e (e-lnp/), A OCR (°) (kPa)
1 Silty sand 0-2.5 17.3 0.91 0.046 1 33 12
2 Silty clay 2.5-5.0 19.3 0.87 0.046 1 33 -
3 Silt 5.0-7.5 19.1 0.77 0.036 1 33 -
4 Soft clay 7.5-10.0 18.2 1.35 0.25 1 30 -
5 Silty clay 10.0-16.0 19.8 0.65 0.034 1 33 -
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from the reported 1D compression of each layer, assuming that the vacuum pressure
in the ground was —65 kPa, and OCR was 1.0. Because the PVDs only penetrated
to 12 m depth, Tang and Shang (2000) attributed the settlement below 10 m to a
2 m thick layer (from 10 to 12 m depth) of silty clay. However, because the vacuum
pressure measured at 14 m depth was still about —65 kPa, significant compression
in the sub-layer from 10 to 16 m was assumed in the calculations reported here. The
listed values of the friction angle (qﬁ’) and cohesion (c,) were assumed. The value
of ¢ may seem high for a silty sand layer but, as described previously, an in situ
deep mixing slurry cut-off wall was constructed around the vacuum consolidation
area and the value of ¢ was therefore selected to take its effect into account. From
Eq. (4.73a), the depth of tension crack was calculated as 2.1 m.

A comparison of the measured and calculated lateral displacements at the end
of the field test, assuming a constant vacuum pressure (—65 kPa) with depth, is
shown in Fig. 4.31. The measurements were made by an inclinometer located at
the middle of one of the longer sides of the treated area and 2.5 m outside the edge
of this zone. Plane strain conditions were therefore assumed in the calculations,
with a half width of the treated area of 20 m and oy —p = 0.85. The same as for
the Tianjin site, it seems that assuming 8 = 1.0 yielded a better simulation of the
field data. However, it should be noted that the predictions of lateral displacements
were made at the edge of the treated zone, while the measurements were recorded
2.5 m away from this edge. The calculated depth (z;) for no lateral displacement
is 14.5 m for B = 1.0, and this is larger than observed in the field. This is pos-
sibly because the method does not consider the restraining effect of a deeper stiff
layer undergoing no lateral displacement on an overlaying layer. For the silty sand
layer, the proposed method predicted larger lateral displacements near the ground
surface and smaller values near the bottom of the layer, relative to the corresponding
field measurements. This is probably because assuming an OCR of 1.0 and using a
back-calculated compression index for the whole layer will over-estimate the com-
pressibility of the soil near the ground surface (lower initial effective stress), and
under-estimate the compressibility of the soil near the bottom of the layer.

0
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g
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S L (constant)
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vacuum pressure and : L : L :
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different B values (after Chai i
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The calculations for the case in which it was assumed that the vacuum pressure
reduced with depth, i.e., =65 kPa at the ground surface and linearly reduced to —
52 kPa (80% of the value at the ground surface) at 16 m depth, were also conducted.
The results are compared in Fig. 4.32. It can be seen that the same as for the Tianjin
site, the results for both § = 1.0 and 0.67 are comparable with the field data.

Comparison of the calculated and measured vertical compression of each soil
layer is given in Table 4.8. There is a good agreement for the constant vacuum
pressure (—65 kPa) cases because the A values were back calculated under the
same assumption. For cases of reducing vacuum pressure with depth, the calculated
compressions in the deeper layers are smaller than the measured data.
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Table 4.8 Comparison of measured and calculated compression of soil strata at the Yao-qiang
airport site

Vertical compression (mm)

Calculated

Aoyye = 65 kPa A6y, = 65 —52 kPa?

Depth (m) Soil layer Measured B=1.0 B =0.67 =10 B =0.67

0-2.5 Silty sand 75 83 83 82 82
2.5-5.0 Silty clay 43 44 44 43 42
5.0-7.5 Clayey silt 27 28 28 27 27
7.5-10.0 Soft clay 133 133 131 122 121
10.0-16.0 Silty clay 48 47 46 41 41

4Vacuum pressure linearly varied from 65 kPa at ground surface to 52 kPa at 16 m depth
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4.7 Deformations Associated with the Vacuum-Drain Method

In the preceding section 4.6, theoretical methods to predict ground deformations
due to the direct application of a vacuum pressure to the ground surface, i.e., for
the air-tight sheet method, were described. In this section, attention is also focused
on predicting the ground deformations that are induced by applying suction to the
ground, but in this case the application is via the so called vacuum-drain method. It
will be recalled that in the vacuum-drain method (Fig. 4.2), a vacuum pressure is not
applied directly to the ground surface. Instead, it is applied at the location of the cap
of each capped prefabricated vertical drain (CPVD) and transmitted into the ground
directly via the PVDs themselves. In order to make such predictions of deformation,
consideration also needs to be given to how the applied suction propagates through
the ground.

4.7.1 Distribution of Final Vacuum Pressure

In designing a program of vacuum-drain improvement, there are two assump-
tions that can be made regarding the final distribution of vacuum pressure in the
ground, i.e., at 100% consolidation, as shown in Figs. 4.33 and 4.34 for one-way
and two-way drainage deposits, respectively (Chai et al. 2008; Miyakoshi et al.
2007b; Chai et al. 2010). Distribution-1 (Figs. 4.33b and 4.34b) is quite simple
but it may not represent the real situation. Since the vacuum pressure is applied
at the location of the cap of each CPVD, the vacuum pressure around the ends
of a CPVD will propagate approximately radially, as illustrated in Figs. 4.33a and
4.34a, i.e., it is as if the end of the CPVD acts like a point sink in an infinite space,

To vacuum o
Vacuum pressure distribution
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propagation

Fig. 4.33 Vacuum pressure distributions for the vacuum-drain method — one-way drainage
(modified from Chai et al. 2010)
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Fig. 4.34 Vacuum pressure distributions for the vacuum-drain method — two-way drainage
(modified from Chai et al. 2010)

and so Distribution-1 may over-estimate the final vacuum pressure in the ground.
Therefore, Distribution-2, shown in Figs. 4.33c and 4.34c, may be closer to the
actual situation. For Distribution-2, Chai et al. (2010) have proposed an empirical
equation to determine the value of Ah (either Ah; or Ahy) as shown in Figs. 4.33
and 4.34.

Chai et al. (2010) conducted finite element analyses (FEA) assuming an axisym-
metric CPVD unit cell model and investigated the distribution of vacuum pressure
in the ground. The results indicated that Ak depends on the relative contributions of
radial drainage due to the CPVD and the vertical drainage of the natural soil. In the
case of only cylindrical radial drainage with no flow across the external boundary,
the steady state is predicted to be a uniform vacuum pressure within the unit cell, as
might be expected. However, in the case of vertical and radial drainage around the
two ends of the CPVD, the final state is predicted to be steady flow toward the cap
of the CPVD at which the vacuum pressure is applied.

Therefore, for a given deposit, the main factors influencing the value of Ak are:
(a) factors influencing CPVD consolidation, which include the unit cell diameter
(d.); smear zone parameters, especially the ratio of kj/ks (where kj, is the hydraulic
conductivity of the natural deposit in the horizontal direction and k; is the hydraulic
conductivity in the smear zone); and the ratio of kj, /k,, (where k,, is the hydraulic con-
ductivity of the natural deposit in the vertical direction); and (b) the thickness of the
sealing layer, Hy (Fig. 4.2) and the thickness of the soft clayey layer without the
CPVDs at the bottom of the deposit, Hy, (in the case of two-way drainage). As for
the diameter of the smear zone (dy), it is generally agreed that d; = (2 —3)d,,, where
dy, is the equivalent diameter of the mandrel used to install the CPVDs (Chai and
Miura 1999). In engineering practice, d,, is about 0.1 m, and so d; = 0.3 m has been
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adopted. Also, in practice Hy is normally within the range 1-2 m (Fujii et al. 2002;
Chai et al. 2008), and FEA results indicate that within this range the influence of H;
and/or Hy, on Ah is not significant. An empirical equation for determining Ah has
been proposed as follows (Chai et al. 2010):

1.7 —0.65 0.45
Ah = 1.o<ld§6> (%) (%) (d, and Ah in metres) (4.82)
} . s

In deriving Eq. (4.82) the ranges of parameters investigated were: 0.9 < d, <
2.26 m (spacing of 0.8-2.0 m arranged in a square pattern); 1 < kj/k; < 10; and
1 < kp/k, < 10. Chai et al. (2010) suggested that for k;, /k; < 5, and d, < 1.70 m,
Eq. (4.82) can be used for all combinations of these parameters. For d, = 2.26 m,
Eq. (4.82) can be used for k,/k; < 2; and for ky/k; = 10, it can be used for
d, < 1.5m.

For a deposit with two-way drainage, at the macro level the layer with the CPVDs
installed (i.e., excluding the sealing layer Hy) and the bottom layer without the
CPVDs form a two-layer system. The average vacuum pressure at the bottom of
the CPVDs (pyqe in Fig. 4.34c) can be evaluated approximately by Eq. (4.29), i.e.,
DPvae = Um X Pyac, Where pyqc is the applied vacuum pressure at the cap location.
For the layer with the CPVDs, an equivalent vertical hydraulic conductivity (k1) is
used and it can be calculated by Eqs. (3.50 bis) (Chai et al. 2001).

4.7.2 Deformation Predictions

4.7.2.1 Drainage Conditions

Figure 4.35 shows a schematic illustration of a soil deposit with two-way drainage
improved by the vacuum-drain method. The sealing layer has a thickness H and
the bottom layer without the CPVDs has a thickness Hy. Both are consolidated
mainly due to vertical drainage. The middle layer, of thickness H,,, with the installed
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CPVDs, will be consolidated mainly due to cylindrical radial drainage of the soil.
For the case of a soil deposit with one-way drainage there is no lower sub-layer.
By ignoring the possible effects of shallow cracks around the perimeter of the zone
of improvement, the degree of consolidation can be calculated by the consolidation
theory given in Section 4.3. For the surface and lower layers, of thickness H, and
Hj respectively, it is proposed that the assumption of one-way drainage conditions
is probably reasonable.

Chai et al. (2010) argued that the drainage conditions in the upper and lower
layers should be considered to be one-way, as illustrated in Fig. 4.35. However,
there will be interactions between all layers, and the average excess pore water
pressures at the level of the ends of the CPVDs will change with time. In addition,
the actual drainage path will be curved toward each CPVD and not purely vertical.
Considering all these factors, it was proposed by Chai et al. that one-way drainage
conditions should be assumed for simplicity in the analysis of this problem.

4.7.2.2 Deformation

The deformations occurring at the end of vacuum consolidation can be calculated
by the methods given in Section 4.6. If the degree of consolidation and the overall
deformation at the end of a project are known, the settlement curve can be pre-
dicted. However, in Section 4.3 the degree of consolidation was defined in terms of
the excess pore water pressure and not settlement. For a clayey deposit, the relation-
ship between settlement and the effective stress increment is normally logarithmic.
When the average degree of consolidation at time 7 (U ) and therefore the average
effective stress increment throughout the depth of treatment (Ac’,) are known, the
corresponding settlement at time # (S) can be calculated from the following equation
(Chai et al. 2010):

In{1+U- Ao’ U.o'
S=5, Il[ G/ve/( /ea vo)] (4.83)
In (l + Ac'ye /o Vo)

where S, = the settlement, U, = the average degree of consolidation, and Aoy, =
the average effective stress increment at the end of the field consolidation, i.e., when
the vacuum pressure is removed, respectively.

The procedure for calculating the ground deformations resulting from the
vacuum-drain method can be summarized as follows:

(a) Determine the final vacuum pressure distribution in the deposit, i.e., at 100%
consolidation, assuming either a bi-linear or tri-linear pattern (Figs. 4.33c or
4.34c¢).

(b) For a given time (7), calculate corresponding degrees of consolidation, U(t), for
each layer using the consolidation theory described in Section 4.3.

(c) Determine the actual vacuum pressure distribution at the end of the field con-
solidation using the corresponding degree of consolidation (U,) and the final
vacuum pressure distribution determined at step (a).
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(d) Calculate the settlement (S,) at the centre of the improved area and the lateral
displacement profile at the edge of the vacuum consolidation area corresponding
to the end of the field consolidation.

(e) Calculate the settlements, S(7), for the given time ¢, using Eq. (4.83).

4.7.3 Analysis of a Case History in Tokyo

4.7.3.1 Site History

Two field test sections were constructed with the vacuum-drain method in Tokyo
Bay, Japan (Miyakoshi et al. 2007a; 2007b). Section-A had an area of 60 m x 60 m
and Section-B an area of 61.2 mx 61.2 m, and the two sections were almost adjoin-
ing, as shown in Fig. 4.36. The soil profile consists of a reclaimed clayey silt layer
about 12 m in thickness. Below it is a clayey deposit about 29 m thick which is
in turn underlain by a sand layer. The majority of the reclamation was carried out
between 2003 and 2005 with a rate of filling of about 3.5 m/year. The total unit
weight (y,), compression index (C.) and maximum consolidation pressure (p.) of
the deposits before vacuum consolidation are shown in Fig. 4.37. It can be seen that
the reclaimed layer was close to being normally consolidated but the original clayey
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Fig. 4.37 Properties y;, C. and P, of the Tokyo Bay deposit (Measured data from Miyakoshi et al.
2007a — after Chai et al. 2010)

deposit was in an under-consolidated state. In the original deposit the clay content
(with grain sizes less than 5 pwm) was more than 50% and for the reclaimed layer
the sum of the sand and silt contents was more than 50% (Fig. 4.38).

Takeya et al. (2007) reported that for both the original clayey deposit and the
reclaimed layer, the coefficient of consolidation (c,) was about 0.012 m?/day.
However, from the grain size distribution and the pre-consolidation pressure (p.)
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Fig. 4.38 Composition of the subsoil (data from Miyakoshi et al. 2007a — after Chai et al. 2010)
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information shown in Figs. 4.37 and 4.38, respectively, it can be argued that the
reclaimed layer may have had a higher value of c,. In the analysis, it was assumed
that ¢, for the reclaimed layer was 0.024 mz/day, i.e., twice the value of the original
clay deposit. Taking into consideration possible stratification of the soil layers, for
all layers the coefficient of consolidation in the horizontal direction was assumed to
be twice the corresponding vertical value.

The CPVDs used at this site had a cross-sectional area of 150 mm x 3 mm. At
Section-A, the CPVDs had a spacing of 2.0 m, while at Section-B it was 1.8 m on a
square pattern. For both sections, CPVDs were installed to a depth of 30 m from the
ground surface, and the sealing surface layer had a thickness of about 1.0 m. The
field installation of CPVDs started at the beginning of January 2006 for Section-A,
and at the beginning of February 2006 for Section-B, and for the both sections the
duration of the installation process was about one month. The durations between the
end of CPVD installation and just prior to application of the vacuum pressure were
5 and 4 months for Sections-A and B, respectively. Considering half of the period of
the CPVDs installation as consolidation time, the partial self-weight consolidation
periods before application of the vacuum pressure were estimated to be about 165
and 135 days for Sections-A and B, respectively. From June 30, 2006, a vacuum
pressure of —80 to —90 kPa, as measured at the vacuum pump location, was applied
and maintained for 204 days. Surface and subsurface settlement gauges, excess pore
water pressure (vacuum) gauges, as well as inclinometer casings were installed to
monitor the ground response. The key instrumentation points are given in Fig. 4.36.

4.7.3.2 Analytical Model and Soil Parameters

The model adopted in the analysis and the values of the soil parameters assumed
for each layer are shown in Fig. 4.39. The values of the initial void ratio (ep) shown
in Fig. 4.39 were calculated from the total unit weights (y,) by assuming the soil
was 100% saturated and the unit weight of the soil particles (y) was 26.5 kN/m?>.
The parameters relating to CPVD consolidation are: the diameter of CPVDs, d,, =
75 mm; the diameter of smear zone, d; = 0.3 m; the discharge capacity, ¢,, =
1.37 m3/day (500 m3/year); and the hydraulic conductivity ratio, k;,/ks = 2 The
value adopted for g,, in the analysis was simply an assumed value. The value of
ki /ks was back fitted to the observed results for the settlements for Section-A under
the partial self-weight consolidation, before application of the vacuum pressure.

4.7.3.3 Degrees of Consolidation

The consolidation of the soil layer can be divided into two periods, i.e., Period-1 —
after CPVD installation but before vacuum pressure application; and Period-2 —
during vacuum consolidation. The analyses were also divided accordingly into these
two-parts.

The CPVD-improved zone contains three soil layers (Fig. 4.39). The unit cell
consolidation theory (such as Hansbo 1981) was proposed for a uniform soil deposit
and cannot be directly applied to a multilayer condition. It is assumed that the degree
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of consolidation for each layer can be calculated separately using the appropriate
coefficient of horizontal consolidation (cj) for each layer. However, the drainage
path length of the CPVDs was assumed to be 29 m. This means that, for example,
when calculating the degree of consolidation for the reclaimed layer, it is assumed
that there exists a layer with the properties of the reclaimed layer which has a thick-
ness of 29 m. The degrees of consolidation calculated under these assumptions are

listed in Table 4.9.
Table 4.9 Calculated degrees of consolidation

Degree of consolidation, U (%)

Part of self-weight

induced

(before vacuum Vacuum

application) Consolidation
Soil layer Thickness (m) A B A B
Sealing layer 1 - - 100 100
Reclaimed 11 84.8 85.6 90.4 94.7
Clayey soil 1 9 68.9 70 76.6 83.9
Clayey soil 2 9 68.9 70 76.6 83.9
Clayey soil 3 11 17.8 15.7 20.3 20.3
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4.7.3.4 Settlement and Lateral Displacement

Based on the field measured data reported by Miyakoshi et al. (2007a), it was
assumed that the final vacuum pressure at the location of the caps of the CPVDs,
i.e., 1.0 m below the ground surface, was —70 kPa. The value of vacuum pressure
at the bottom end of the CPVDs was calculated to be about —69.3 kPa for both sec-
tions. With the values of the initial effective vertical stress (o”/,0), assumed to be
equal to the corresponding values of p., as shown in Fig. 4.37, and the degrees of
consolidation as listed in Tables 3.9, the effective vertical stresses in the ground at
the different stages of the consolidation process can be easily calculated.

Figure 4.40 shows distributions of the vertical effective stress at Section-A, ini-
tially, before application of vacuum pressure and under self-weight consolidation.
The end of the vacuum consolidation and the assumed final vertical effective stress
distributions, i.e., at 100% consolidation, are depicted in Fig. 4.41.
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With d, = 2.26 and 2.03 m for Sections-A and B, respectively, assuming
kn/ks = 2, and kp/k, = 2, Eq. (4.82) results in a value of Ak of 2.69 and
2.25 m for Sections-A and B, respectively. Figure 4.41 shows that Distribution-2
results in smaller predicted values of vertical effective stress around the ends of the
CPVDs than for Distribution-1 (Fig. 4.34). It is worth mentioning that Eq. (4.82)
has been developed assuming that the thickness of the layers above and below the
CPVDs was about 1-2 m. For the case considered here, the thickness of the bot-
tom layer without CPVDs was about 11 m. As a general tendency, the thicker the
layer without CPVDs, the smaller is the value of Ah. Therefore, there may be an
over-estimation of A/ at the bottom of the CPVDs. However, for both Sections
A and B, deformation analysis indicates that at the bottom of the CPVDs, vary-
ing Ah from O to the value given by Eq. (4.82) has no noticeable difference on
the resulting settlement curves due to the higher initial effective stress near that
location.

Although there was lateral displacement observed after CPVD installation and
before vacuum pressure application, it was assumed that the consolidation induced
by self-weight was one-dimensional and so only the settlement was calculated. To
calculate the settlement-time curves before application of the vacuum loading, using
Eq. (4.83), for Section-A the initial effective stress (o/,) is the line marked as ‘ini-
tial’, and the stress increment at the end of this period (Ac’,,) is the difference
between the lines labelled ‘initial’ and ‘before vacuum’ in Fig. 4.40.

Both the settlement and the lateral displacement induced by vacuum consolida-
tion were calculated. In this case, for Section-A, the initial effective stress (o’,0) is
the line marked with ‘before vacuum’, and the stress increment at the end of the
period (Ao”’,,) is the difference between the lines of ‘before vacuum’ in Fig. 4.40
and ‘end of vacuum’ in Fig. 4.41. As noted previously, the deformation calculations
depend on whether triaxial or plane strain deformation patterns are assumed in the
ground. For the case considered, the improved area of each section was a square
and so it is likely that, when considered individually, conditions would have been
closer to the triaxial state. But since the two sections were almost joined together,
it is also possible that taken together the conditions may have actually been closer
to plane strain. In the analysis, it was assumed that the deformations are the aver-
age values obtained after making both the triaxial and plane strain assumptions. The
additional parameters adopted for calculating the ground deformation induced by
vacuum pressure, using the method proposed by Chai et al. (2005), are: the effective
stress friction angle, ¢’ = 30°, cohesion, ¢’ = 5kPa, 8 = 1.0 m (Eq. 4.72), the
half width of the improved area, B = 30 m for Section-A and 30.6 m for Section-B,
respectively, and oy, = 0.8 for triaxial conditions and 0.85 for the plane strain
condition (Eq. 4.77).

The results of the settlement calculations are compared with measured values
in Fig. 4.42a and b for Sections-A and B respectively. For the vacuum pressure
Distribution-2, the calculated compression of the surface soil layer is obviously
smaller than that of Distribution-1 (Fig. 4.34). This is because the initial effective
stress in the surface layer was small and the difference in the estimated vac-
uum pressure can induce considerable differences in the calculated compression.
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Section-A resulted in a larger value of Ah, and hence a larger difference in the
calculated settlements. There was no noticeable difference in the calculated ver-
tical compression of the original deposit for both distributions. Generally, using
Distribution-2, the predicted values are in better agreement with the measured field
data.

Comparison of the lateral displacement profiles at the edge of the improved
area is depicted in Fig. 4.43a and b for Sections-A and B, respectively. Firstly, it
can be seen that for the vacuum pressure Distribution-2, the calculation yielded a
much better prediction for the values of lateral displacement near the ground sur-
face. Secondly, for both vacuum pressure distributions the calculation predicted a
smaller lateral displacement for the original soil deposit, which was in an under-
consolidated state before application of the vacuum loading. Chai et al. (2008)
reported a similar tendency for a site in Yamaguchi, Japan, and suggested that the
values of «,,;,;, proposed by Chai et al. (2005) may only be applicable for a nor-
mally consolidated deposit. For an under-consolidated deposit a smaller value of
o min should probably be used.
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4.8 Summary

This chapter described two methods that are used for conducting field vacuum
consolidation, viz., the method involving the use of an air-tight sheet placed over
the surface of the soil in combination with vacuum loading and the vacuum-
drain method. The latter uses a surface soil layer as the air and water-tight layer,
rather than an air-tight sheet. Theories of consolidation under vacuum pressure
loading have been presented for both single and double layer deposits under one-
way as well as two-way drainage boundary conditions. This theory included the
case of a soft clay deposit improved by the installation of prefabricated vertical
drains (PVDs).

The characteristics of vacuum consolidation have been discussed mainly with
reference to laboratory oedometer test results and with emphasis on (a) the amount
of settlement induced by the vacuum pressure, and (b) the effects of the drainage
boundary conditions. It was noted that application of a vacuum pressure can induce
the same or less settlement than that induced by a surcharge load of the same mag-
nitude. When the initial vertical effective stress in a soil sample is small, the vacuum
pressure will induce inward lateral displacement and result in a smaller settlement.
The effect of the drainage boundary conditions for the case of vacuum consolidation
is different from that observed during consolidation under an imposed surcharge
load. For a soil layer with two-way drainage, vacuum pressure cannot be applied
at the bottom drainage boundary and the final vacuum pressure distribution in the
deposit will be triangular, with a maximum value at the location where the vacuum
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pressure is applied and zero at the bottom drainage boundary. Consequently the con-
solidation settlement under two-way drainage conditions will be less than that for
the case where one-way drainage conditions apply.

For a two-layer system and two-way drainage conditions, the order of the soil
layers will influence both the rate of consolidation as well as the final consolidation
settlement. Further, for a layer with two-way drainage subjected to vacuum pressure
loading there is an optimum PVD installation depth, and a method for determining
this depth has also been presented.

Two semi-theoretical methods for calculating the ground deformation (settlement
and lateral displacement) induced in the soil by application of a vacuum pressure
have been described. The usefulness of one of these methods has been demonstrated
by analyzing two case histories previously reported in the literature.

Finally, in the vacuum-drain method the vacuum pressure is applied to each
individual capped PVD (CPVD). A method for estimating the final vacuum pres-
sure distribution generated in the deposit when this technique is used has been
established and applied successfully to a case history in Tokyo Bay, Japan.
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Chapter 5
Soil-Cement Columns

Abstract This chapter describes a consolidation theory for a clayey subsoil whose
mechanical performance is improved by the installation of soil-cement columns
which are stiffer and stronger than the surrounding soil layer. It also describes meth-
ods for estimating ground settlements for the case of ground improved by the prior
installation of ‘floating’ columns, a method for predicting the lateral displacement
of the ground induced by column installation, and the analyses of some relevant
case histories. The various theories presented in this chapter are evaluated and vali-
dated by comparing their predictions with the results of measurements obtained in a
number of different field trials. The latter include results from laboratory scale test-
ing and case histories from a number of different test embankments in Japan. The
case studies used to illustrate the theory for predicting the lateral soil displacements
caused by the introduction of the soil-cement columns include a soft clay site as
well as a sandy soil.

5.1 Introduction

Deep mixing of cement with soil and water, normally forming soil-cement columns
in situ, is a widely used soft ground improvement method (e.g., Broms and Boman
1979; Bergado et al. 1994). During installation of the soil-cement columns either
cement slurry (wet mixing) or cement powder (dry mixing) is injected into the
ground under pressure. The installation process is often carried out by employing
rotary equipment with high torque capacity. The cement is continuously injected
and then mechanically mixed with the soil particles by special tools attached to
the rotary device. The cement hydrates and reacts with the soil particles eventually
forming a solid material usually significantly stiffer and stronger than the original
soil layer.

This technique has been used for improving the foundations underlying embank-
ments, stabilizing the base of excavations, as well as forming retaining walls for
excavations in soft clay or clay-like deposits, and to prevent liquefaction of loose
sandy ground. To reduce construction costs and minimize the impact on the ground
environment, an improvement method which uses ‘floating’ soil-cement columns
partially penetrating the soft deposit has been developed (Shen et al. 2001). It has
been recently applied in several field construction projects, as reported by Chai et al.
(2010).

J. Chai, J.P. Carter, Deformation Analysis in Soft Ground Improvement, Geotechnical, 173
Geological and Earthquake Engineering 18, DOI 10.1007/978-94-007-1721-3_5,
© Springer Science+Business Media B.V. 2011
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This chapter concentrates on the theories for calculating the consolidation set-
tlement as well as the degree of consolidation of clayey soil improved by the
installation of floating soil-cement columns. The problem of estimating the lateral
ground deformations induced by column installation is also addressed.

5.2 Settlement Predictions

5.2.1 Definitions

For soft soil deposits improved by the inclusion of soil-cement columns, the area
improvement ratio («) and depth improvement ratio (8) are commonly used to
describe the relative improvement of the soft layer by the columns. Their definitions
are illustrated in Fig. 5.1 and can be expressed as follows:

5.1

(5.2)

where A = the total cross-sectional area of the zone improved by a single column,
A, = the cross-sectional area of a column, H = the thickness of the soft clayey
deposit, and Hy = the length of a column.

When the column-improved soft subsoil is loaded vertically, e.g., by application
of a surcharge load, concentration of vertical stress will generally occur in the stiffer
column accompanied by a reduction in vertical stress occurring in the surrounding
less stiff clayey soil (Fig. 5.2). The distribution of vertical stress within a unit cell
consisting of a column and surrounding softer soil can be expressed by a stress
concentration factor (ny), defined as:

ng = — (5.3)

11
© O 0O
Column
(&)
AQ (%) Q H L -
O 00 kil
Fig. 5.1 Definition of « (@) a=A,/A ,”(b)ﬂ:HL;H

and
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Fig. 5.2 Illustration of stress Applied average
concentration stress o
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where o . = the stress in the column, and o ;¢ = the stress in the surrounding soft soil.
The value of n; depends on the relative stiffness of the column and the surrounding
soil and the area improvement ratio («) for the case where the columns fully pene-
trate the soft soil layer. The average stress, o, over the unit cell area corresponding
to a given value of « is expressed as:

o=o0a+0; (1 —a) (5.4)

The expressions for the stresses in the column and the soft soil using the stress
concentration factor, ng, are:

ngo

R R, 55

T M+ (- Dag ©=)
o

o s0 (5.6)

T+ (- el

where (. and pug = the ratio of stress in the column and the soft soil to the average
applied stress over the unit cell area, respectively.

5.2.2 Fully Penetrating Columns

Basically there are two methods for calculating the final settlement of a soil-cement
column that fully penetrates a clayey subsoil, namely the equilibrium method
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(Aboshi et al. 1979) and the composite modulus method. In the equilibrium method
the one-dimensional (1D) settlement of the soft clayey soil is calculated considering
the effect of stress concentration in the column. The equation for the final settlement
(S;) is as follows:

Sy = mysuso H (5.7)

where m,; = the coefficient of volumetric compressibility of the soft soil, and
H = the thickness of the soft soil layer.

In the composite modulus method it is assumed that the improved zone behaves
like a uniform soil mass with a constrained modulus (D) determined as a weighted
average of the deformation moduli of the column material and the surrounding soft
soil. There are two ways to obtain the value of D. One way is to calculate it from
the constrained modulus of the column (D.) and the soil (Dy) as follows:

D=a-D.+ (1 —a)Dys (5.8)

An alternative is to calculate D from the coefficient of volumetric compressibility
(m,) of the two materials involved (Bergado et al. 1994):

1
D= 5.9)
mys (1 — a) + myea

where m,s, m,. = the coefficients of volumetric compressibility of the soft soil and
the column, respectively. Normally, the value of D calculated from m,g and m,.,
Eq. (5.9), is much smaller than that from D, and Dy, Eq. (5.8). It is suggested that for
cases close to free (equal) stress conditions at the ground surface, Eq. (5.9) should
be adopted, and for cases close to an equal strain condition, Eq. (5.8) should be
used.

5.2.3 Floating Columns

5.2.3.1 Method of the Japan Institute of Construction Engineering

In order to prevent excessive settlements in road construction on soft ground, bridges
and box culverts are normally supported by pile foundations or the soft soil is
improved by the installation of soil-cement columns. However, if the soft soil layer
is improved by fully penetrating columns, the ground beneath the bridge structure
may become so stiff that large differential settlements occur between the structures
and the adjacent road or embankment. To overcome this dilemma, ‘floating’ soil-
cement columns are often used to effect ground improvement, as they provide a less
stiff foundation option than fully penetrating columns.

The Japan Institute of Construction Engineering (JICE 1999) proposed a method
to calculate the settlement of soft subsoil improved by the installation of floating
columns. This method, which is widely used in Japan, is described as follows.
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For ground improved by floating columns, there will be interactions between
the column and the surrounding soft soil. When the value of the improvement area
ratio « is small, there will be some contribution to the overall surface settlement
derived from the unimproved sub layer beneath the columns as well as from the
improved upper sub layer. With an increase in the value of «, the contribution from
the improved upper sub layer will be reduced. JICE proposed that when o < 30%),
the relative penetration of the columns into the surrounding soft soil is significant,
and in settlement calculations the main contribution to the overall settlement will
be the unimproved sub layer plus 1/3 of the column-improved sub layer, as shown
in Fig. 5.3a. This is effectively the same concept as that proposed by Terzaghi and
Peck (1967) for calculating the settlement of a floating pile group. When o > 30%,
the contribution from the sub layer containing the columns can be ignored and the
main contribution to surface settlement will be the unimproved lower sub layer only
(Fig. 5.3b). Figure 5.3 also illustrates that when the width of the column-improved
area is small, the load spreading effect also needs to be considered and so a spreading
angle of 30° has been suggested by JICE.

Obviously, the JICE method only provides a rough estimate of the effect of «
on the settlement and it is usually not possible to obtain good agreement between
the calculated settlements and field measurements for all possible values of « (Chai
et al. 2010). For example, in practical terms the difference between o = 30% and
29% is not very significant, but with the JICE method the calculated settlement will
be quite different in these two cases. Another shortcoming of the method is that it
does not consider the effect of the value of §. As a simple illustration, consider a
soft clayey deposit with an overall thickness of 10 m, improved by the installation of
soil-cement columns 9 m in length with an « value of 20%. Using the JICE method,
the thickness of the main compression layer is estimated to be 4 m (1 m of the
unimproved sub layer plus 3 m of the column-improved sub layer). In most cases
the settlement will be over-estimated assuming an effective thickness of 4 m for the
compressible layer.

Hy,

30°
w| FFTTTIILE

a<30° a=30°

Fig. 5.3 Illustration of JICE method
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Furthermore, the JICE method does not clearly specify a way to calculate the
compression of the column-improved layer. For consistency with other methods,
it is therefore suggested that the area weighted average of the constrained modu-
lus, Eq. (5.8), under one-dimensional (1D) conditions can be used to estimate the
contribution of the column-improved sub layer to the overall surface settlement.

5.2.3.2 a—f Method

Although the JICE method has shortcomings, it is simple and easy to use. If, when
calculating settlements, the thickness of the part of the column-improved layer to be
treated as an unimproved layer can be determined more rationally, the method can be
a useful design tool. Chai et al. (2010) conducted a series finite element simulations
of the consolidation behaviour of soft clayey soils improved by the installation of
floating soil-cement columns. They adopted an axisymmetric unit cell model, i.e., a
single column and its surrounding region of soft natural soil. In the analysis, it was
assumed that there was also a relatively rigid soil-cement slab constructed on the
ground surface, i.e., there was no differential settlement between the column and
the soft soil at the ground surface. It has been found that the relative penetration of
the column into the surrounding soft soil is mainly influenced by the values of «
and B. The loading intensity (p) and the soil type also have a considerable influence
on the mechanical interaction between the soil-cement column and the soft soil.
For simplicity, and considering that the load intensity p and the parameters used to
represent the soil type are directly included in the settlement calculation, Chai et al.
(2010) proposed that the thickness (H,.) of the part of the column-improved layer to
be treated as an unimproved layer should be a function of « and § as follows:

He=HLf (@) g(B) (5.10)

The physical meaning of H, is shown in Fig. 5.1b. Bilinear functions have been
chosen for flar) and g(B) from the results of the numerical studies, as shown in
Fig. 5.4a and b, respectively. These functions can be written mathematically as
follows:

8 o
(22 (10% < o < 40%)
fla) = {65 [ (o > 40%) (5.11)
_ [1.62—-0.0168 (20% < B < 70%)
g(p) = {0.5 (70% < B < 90%) (5.12)

The values of « and B appearing in Eqgs. (5.11) and (5.12) should be input as
percentages. It is considered that the ranges for & and 8 adopted cover most practical
situations. It has also been suggested that the method is suitable for soft clayey
deposits with a load intensity from 50 to 160 kPa (Chai et al. 2010).
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Fig. 5.4 Functions floe) and g(8)

Following the same logic, in the settlement calculation the compression of the
unimproved layer (of thickness H,, = H — Hy, see Fig. 5.1) and part of the column-
improved layer (of thickness H,) should be calculated using the properties of the soft
soil. The compression of the improved layer above H, layer (of thickness Hy, — H.)
is computed using an area weighted average of the constrained moduli (1D) of the
column material and the surrounding soft soil.

In the case of embankment loading, there will be a load spreading effect in the
ground. Using the theory of elasticity and assuming plane strain conditions, Gray
(1936) derived equations for calculating the stresses in the vertical and the horizontal
directions (o, and o) in the ground as:

T a R2
2 R
=21+ L b+ St (5.14)
T a R2 a Ro

Definitions of essential variables are given in Fig. 5.5. The influence factors (/)
for o, = Ip, where p is the intensity of surface loading at the embankment cen-
treline) have been published by Osterberg (1957) and are shown here in Fig. 5.6.

5.2.3.3 Application of a—f Method to Three Case Histories
(a) General Description

In 2002, along the national road No. 208 at Shaowa-Biraki, Fukuoka, Japan, three
test embankments (referred to here as Cases-1, 2 and 3) were constructed on a soft
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Fig. 5.5 Definitions of

variables in Egs. (5.13) and a J b
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clayey silt/silty clay deposit improved by the installation of floating soil-cement
columns. The columns were installed either in conjunction with a top slab (Case-1
and Case-2) or without a slab (Case-3) (FNHO 2003; Chai et al. 2010). There was
also an embankment constructed on the natural soil deposit which is designated
as Case-4. The plan dimensions and the relative locations of the embankments are
shown in Fig. 5.7. The embankment for Case-1 had a length of about 64 m, while
for Case-2 it was 68.8 m. For Case-3 the embankment was constructed behind a
retaining wall and had a length of about 38 m. Case-4 had a base dimension of
40 m by 40 m. For those cases involving the installation of columns, the soil-cement
columns were constructed by the dry jet mixing method (Chai et al. 2005). The
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Fig. 5.7 Location and plan dimension of four cases

diameter of each column was about 1.0 m and they were arranged in a square pattern.
However, the length of the columns, the improvement area ratio («) and the design
strength of the columns were different in each case. The thickness of the slab and
the method for constructing the slab also differed. In all cases the backfill used to
construct the embankments was decomposed granite and the compacted backfill had
a total unit weight of about 19.0 kN/m?>.

Case-1

The cross-sectional geometry of the embankment and the thickness of the soft layer
as well as the thickness of the slab and the length of the soil-cement columns are
illustrated in Fig. 5.8 for this case. Based on the results of laboratory tests the amount
of cement used in the field for the column construction was 140 kg/m? for this case.
The value of o value was 21.7% and B was 76%. The slab was constructed by
mixing cement with the surface soil using a mixing machine and then compacting
the placed mix using a bulldozer. The thickness of the slab for this case was 0.5 m
and the amount of cement used in its construction was 80 kg/m?.

Fig. 5.8 Cross-section of
Case-1 (after Chai et al.

a=21.7% S-2 Soft clayey silt
2010) Stiff gravelly clay
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Case-2

The cross-section of Case-2 is shown in Fig. 5.9. The amount of cement used for
constructing the columns was 100 kg/m® and the value of o was 9% for this case.
The length of the columns varied from 5.5 m (8 = 85%) at the left hand side (about
2/3 of the overall width) to 5.0 m (8 = 77%) at the right side (about 1/3 of the overall
width). This case had a soil-cement slab with a thickness of about 2.5 m which was
constructed by overlapping soil-cement columns 3.0 m in diameter. The amount of
the cement used for the slab construction was 80 kg/m?.

Case-3

The longitudinal cross-section of Case-3 is illustrated in Fig. 5.10a and the trans-
verse cross-section at the settlement measuring locations (S-1 and S-2 in Fig. 5.10a)
is shown in Fig. 5.10b. The amount of cement used to construct the columns was
130 kg/m>. The length of the columns was 5.0 m giving an « value of 30% and
value of 47%. For this case there was no soil-cement slab constructed and only a
sand mat about 0.5 m thick was placed on the ground surface above the columns.
The slope of the embankment was reinforced and it had a steep slope angle (V:H =
1:0.5).

Case-4

In this case the embankment was constructed on natural ground without any ground
improvement. The cross-sectional geometry of the embankment is illustrated in
Fig. 5.11.

(b) Soil Properties and Calculated Settlement
Case-1

The soil profiles as well as some physical and mechanical properties at borehole
No. 1 (Fig. 5.7), which was adjacent to the site of Case-1, are shown in Fig. 5.12
(FNHO 2003). The thickness of the soft soil layer was about 9.0 m and the ground-
water level was about 1.1 m below the ground surface. Curves of the measured

T

H;=55m Hp =5.0m Soft clayey silt

Fig. 5.9 Cross-section of

Case-2 (after Chai et al. o=9% S-2°
2010) (<9.7m)

Tuff clay and fine sand
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Fig. 5.10 Cross-sections of
Case-3 (after Chai et al.
2010). (a) Longitudinal
cross-section of Case-3;

(b) transverse cross-section of
Case-3

Fig. 5.11 Cross-section of
Case-4
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Behind a retaining wall

H=10.6m

o=30%

S-2°
(-11.2m)

(a) Longitudinal cross-section of Case-3

o=30% Soft clayey silt

s-2° Stiff gravelly clay
(-11.2m)

(b) Transverse cross-section of Case-3

a=21.7% . S22 Soft clayey silt

Stiff gravelly clay

settlement (S) versus elapsed time () at the measuring points S-1 and S-2 (Fig. 5.8)
are depicted in Fig. 5.13. The settlement difference between S-1 and S-2 represents
the measured compression (AS) of the soft layer improved by the floating column-
slab system. Based on the soil properties presented in Fig. 5.12, the parameters
adopted for the settlement calculations are listed in Table 5.1. Values of the over
consolidation ratio (OCR) were calculated using values of the consolidation yield
stress (0,) under 1D conditions and the initial vertical effective stress (o7o) in the
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Fig. 5.12 Soil profiles and properties at the site of Case-1
Table 5.1 Soil properties for settlement calculation at sites of Case-1, 2 and 3
Soil properties
Depth of
Case groundwater (m) Depth (m) A € Vit (kKN/m?) OCR
Case-1 1.1 2.4 0.20 1.94 15.46 1.9 (1.94)*
4.4 0.18 1.53 16.39 1.9 (1.89)
6.4 0.52 1.82 15.75 1.4 (1.38)
8.4 0.23 1.84 15.75 1.4 (1.06)
Case-2 0.7 1.4 0.21 1.97 15.26 2.5(2.55)
34 0.19 1.95 15.44 2.5 (2.66)
54 0.18 1.63 16.10 1.5 (1.38)
74 0.26 1.83 15.75 1.5 (1.60)
Case-3 0.9 24 0.20 1.20 15.68 2.0 (1.29)
5.2 0.17 1.53 16.43 2.0 (2.50)
6.4 0.23 1.80 15.71 1.6 (1.63)
8.4 0.26 1.62 16.34 1.6 (1.10)
10.4 0.27 1.52 16.66 1.6 (2.37)
Case-4 0.4 24 0.19 2.03 15.50 2.3(2.33)
4.4 0.37 1.74 15.68 1.5 (1.0)
6.4 0.21 1.43 16.47 1.2 (1.18)

*Numbers in the parentheses were calculated from the consolidation yield stress (¢”,) and initial

vertical effective stress (6’,0) in the ground. The numbers not in parentheses were adopted in
settlement calculation

ground, providing OCR values of 1.9 and 1.4 for the layers above and below 5.0 m
depth, respectively. Young’s modulus for the columns was assumed as 70,000 kPa,
i.e., 100 times the estimated unconfined compression strength (g,,) (Kitazume 1996),
and a Poisson’s ratio of 0.2 was also adopted for the column material. These values
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were also used for Cases-2 and 3. The stress increments in the ground under the
embankment load were calculated using Osterberg’s influence factors. The com-
pressions of the soft layers were calculated by both the method of JICE and the «-8
method. Both measured and calculated values are listed in Table 5.2. The measured
values correspond to the last measured data points in Fig. 5.13. In this table, the
relative error (RE) is defined as follows:

. (AS)cal - (AS)mea
B (AS)eq

RE

x 100 (%) (5.15)

where (AS)cqr and (AS )neq = the calculated and measured amount of compression
of the soft layer, respectively. It can be seen that both the JICE (1999) method and
a—p method over-estimated the amount of the compression, but the «—f method
yielded a much better result with a RE value of 10.5% compared with 57.0% for the
JICE method.

Table 5.2 Measured and calculated compression (AS) of the soft layer

Calculated
JICE method o-f method
Case Measured AS (m) AS (m) RE (%) AS (m) RE (%)
1 0.277 0.435 57.0 0.306 10.5
2 0.226 0.323 429 0.265 17.3
3 0.562 0.536 -4.6 0.575 2.3
4 1.16 - - - -
09 T T T T 1
I S-2 (-9.0 m)
0.1 AMAAMMMAMAA 4, A A -
= | ) ]
= 02 “ ; .
g L § | Endof |
=] 1 construction
303k .
3 L S-1 (surface) 4
04 L Ccoococecco o o o B
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Fig. 5.13 Measured i i
settlement—time curves for 0.5 T e
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Case-2

The soil profile and properties at the site of Case-2 (borehole No. 2 in Fig. 5.7) are
shown in Fig. 5.14. The thickness of the soft layer was about 8.0 m, and the ground-
water level was about 0.7 m below the ground surface. The measured settlement
curves at points S-1 and S-2 (Fig. 5.9) are depicted in Fig. 5.15. The parameters
adopted for the settlement (compression) calculation were determined using the
same method as for Case-1, as listed in Table 5.1. Both the calculated and mea-
sured compressions of the soft layer are given in Table 5.2. Again, the proposed
a—p method yielded a better result with a RE value of 17.2% compared with 42.9%
for the JICE method.

Case-3

The soil profile and the soil properties at the site of Case-3 (borehole No. 3 in
Fig. 5.7) are shown in Fig. 5.16. The thickness of the soft layer was about 10.6
m at the settlement measuring point, and the groundwater level was about 0.9 m
below the ground surface. The measured settlement curves are given in Fig. 5.17.
This case did not have a soil-cement slab constructed at the original ground surface,
but considering the improvement area ratio of 30%, and the presence of a sand mat
as well as compacted decomposed granite soil backfill above the columns, the rela-
tive settlement between the columns and the surrounding soil at the ground surface
should be very limited. For this reason the same calculation methods were used to
estimate the compression of the soft layer. The computed values are compared with
measurements in Table 5.2. For this case, since the « value was 30%, the method
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Fig. 5.14 Soil profiles and properties at the site of Case-2
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Fig. 5.16 Soil profiles and properties at the site of Case-3

of JICE under-predicted the AS value with a RE value of -4.8%. The -8 method
yielded a slight over-prediction (RE = 2.3%). This comparison indicates that the
a—p method yielded a reasonable prediction of the consolidation settlement of soft
subsoil improved by the installation of floating soil-cement columns.

Case-4

The soil profiles and the soil properties at the site of Case-4 (borehole No. 4 in
Fig. 5.7) are shown in Fig. 5.18. The thickness of the soft layer was about 9.6
m at the settlement measuring point, and the groundwater level was about 0.4 m
below the ground surface. The measured settlement curves for this case are given
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Fig. 5.18 Soil profiles and properties at the site of Case-4

in Fig. 5.19. This case did not involve soil-cement column improvement, and thus
it provides a useful reference case for assessing the effects of floating soil-cement
columns on reducing consolidation settlement and increasing the rate of consolida-
tion of the soft subsoil. Although the soil profiles are different at each site, making
direct comparisons difficult, it is noted that Case-4 has the lowest embankment
thickness but the largest surface settlement (Fig. 5.19). The observed compression
of the soft layer in Case-4 is about 4 times that measured for Case-1, about 5 times
that for Case-2 and about twice that for Case-3 (Table 5.2).
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Fig. 5.19 Measured
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5.2.4 Summary

Installing soil-cement columns into soft clayey subsoils can reduce the settlement
induced by a surcharge load. When the columns fully penetrate the soft layer, the
equilibrium method or the composite constrained modulus method can be used to
calculate the settlement of the improved subsoil.

In cases where floating soil-cement columns are used to improve the soft subsoil,
the stress concentration on the column will vary with the improvement area ratio (o)
and the depth improvement ratio (8), as well as vary with depth along the column.
To consider these effects when calculating settlements, a method for regarding a
lower portion of the sub-layer improved by the installation of soil-cement columns
as effectively an unimproved layer of thickness H. has been described. Two bi-linear
functions in the variables o and 8 have been proposed to determine an appropriate
value for H.. This method, denoted as the o-8 method, was adopted to calculate
the consolidation settlement (compression) of soft layers for three case histories in
Fukuoka, Japan, in which the soft soil layers were improved by floating soil-cement
columns and slabs or soil-cement column systems. Comparisons of these settlement
predictions with field measured values of settlement showed that the «-8 method
yielded reasonable predictions.

5.3 Degree of Consolidation

5.3.1 Fully Penetrating Columns

Column inclusions in soil, such as compacted sand piles and stone columns, can
accelerate the degree of the consolidation of a soft clayey subsoil due to their higher
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hydraulic conductivity. The consolidation theory for this kind of improvement is
directly analogous to the consolidation theory for vertical drains (Barron 1948;
Hansbo 1981). As for a soil-cement column, its hydraulic conductivity is usually
in the same order of magnitude as the surrounding soft soil, but due to its higher
stiffness its coefficient of consolidation is much higher than that of the soft soil.
As a result the soil-cement column may also accelerate the degree of consolidation
of the improved ground. Han and Ye (2002) derived a closed form unit cell solu-
tion for fully penetrating stone columns which can consider both the effects of the
hydraulic conductivity and the stiffness of the column inclusion. It is considered
that this solution can also be used for evaluating the effects of fully penetrating
soil-cement columns on the degree of consolidation of the improved subsoil. The
assumptions used in Han and Ye’s solution are as follows:

(a) no vertical flow occurs within the surrounding soil;

(b) the soil is fully saturated and the pore water is incompressible;

(c) the column and the surrounding soil only deform vertically and have equal
vertical strain at any depth;

(d) the coefficients of compressibility of the smeared zone and the undisturbed soil
are equal;

(e) the load is applied instantaneously and maintained constant during consolida-
tion;

(f) the total vertical stresses within the column and the surrounding soil are gener-
ally acknowledged as being different but for the purposes of the modelling are
taken as averaged and uniform within each material; and

(g) the excess pore water pressure within the column is averaged and uniform in
terms of radius.

In addition, initial and boundary conditions are assumed in terms of the geometry,
the compressibility of the column and the soil, and excess pore water pressures
defined in Fig. 5.20. In this figure, u,, v, and u, are excess pore water pressures in
the surrounding soft soil, the smear zone and the column, respectively, k., and k',
are horizontal hydraulic conductivities of the surrounding soft soil and the smear
zone, respectively, k. and k, are the vertical hydraulic conductivity of the column
and the surrounding soft soil, respectively, r., ry and r, are the radii of the column,
the smear zone and the unit cell, respectively, H is the drainage path length of the
column, z is the depth and r is the radial distance from the centre of the column. The
initial and boundary conditions are as follows.

(a) the initial excess pore water pressure within the surrounding soil at the time of
instantaneous loading is equal to ug, i.e., U, ;=0 = uop;
(b) due to the symmetry of the problem, no flow occurs across the external
boundary, i.e., % =0;
T lr=re
(c) for the column, the ground surface is always free-draining, i.e., u. ;=0 = 0;
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Fig. 5.20 Definition of terms for a unit cell model

(d) within the column, the boundary at z = H is impervious or because of symmetry,
no flow occurs across this boundary, i.e., %) =0;
2

(e) the quantity of water flowing horizontally thr(;ugh the smeared zone into the
column is equal to that flowing vertically out from the column, i.e.,

ks Ou,’
27n’cdz—si r=r, = —Jrrgdz
Yo OF

ke 82140.
Yo 072 ’

(f) the excess pore water pressures at the interface between the smeared zone and
the undisturbed in situ soil are equal, i.e., u; |r=rs = u, ir=rs ; and

(g) the excess pore water pressures at the interface between the smeared zone and
the column are equal, i.e., u,/ |,:,L, = U.

For this problem the average degree of consolidation due to radial drainage (U,)
can be expressed as:

_L/Trm
U-=1—¢ Fm (5.16)
where
Tom = (5.17)

1
= H—ng———- 5.18
Crm Cr( nsn2_1> ( )
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+

k, 1 | 1 32 (k\ (H (5.19)
(k‘) (—1)( ‘4—>+—<k‘) (d—)

and where ¢, = coefficient of consolidation of the soft soil due to radial flow, ny; =
the stress concentration ratio between the vertical effective stress in the column and
in the surrounding soil, t = time, n = r,/r. , d. = 2r. and s = ry/r.. Regarding the
value of ng, Han and Ye (2001) suggested that n; can be taken to be the same as the
ratio of the coefficient of volumetric compressibility of the surrounding soil to that
of the column.

The effect of vertical drainage of the natural soft soil can be evaluated by
Terzaghi’s 1D consolidation theory. Carrillo’s solution (Carrillo 1942) can then be
used to combine the effect of the radial drainage due to the presence of the column
and the vertical drainage of the natural soil:

Upr=1-0-U,)1-0U)) (5.20)

where U, = the average degree of consolidation, and U, = the average degree of
consolidation due to vertical drainage alone.

5.3.2 Floating Columns

The consolidation behaviour of subsoil improved by the installation of floating soil-
cement columns is different from that where the soft layer is improved by fully
penetrating columns. For the floating case, during the consolidation process there
will be relative penetration of the columns into the surrounding soft soil. As a result,
the stress concentration ratio is likely to change with time and depth. Further, this
relative penetration is influenced by the values of « and B, the loading intensity
and the strength and stiffness of the soft soil (Chai et al. 2010). As yet there is no
rigorous theoretical solution for this complicated problem.

For the case of floating column improvement, Lorenzo and Bergado (2003) pub-
lished a solution to estimate the degree of consolidation, but it ignores the effect
of vertical drainage in the natural soft soil. Miao et al. (2008) proposed a method
which considers the effect of the higher stiffness of the column on the stress con-
centration but ignores the drainage effects of the column. Therefore, it should be no
great surprise that these methods have had limited success when used to calculate
the degree of consolidation of soft subsoils improved by the installation of floating
soil-cement columns.

As a pragmatic approach, Chai and Pongsivasathit (2010) proposed that at the
macro scale a soft clayey subsoil improved by the installation of floating columns
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Fig. 5.21 Two-layer model for calculating the degree of consolidation (after Chai and
Pongsivasathit 2010)

can be considered as a two-layer system, as shown in Fig. 5.21, and the degree of
consolidation can be evaluated by the corresponding theoretical solution for a two-
layer system, such as that proposed by Zhu and Yin (1999). In the figure, m,; and
m,y are the coefficients of volumetric compressibility of layer-1 and layer-2, k,; and
ko are the vertical hydraulic conductivities of layer-1 and layer-2, ¢, and c,, are
the vertical coefficient of consolidation of layer-1 and layer-2, respectively. There
are two issues which need to be resolved before applying these solutions. One is
the representative values of k,; and m, to be adopted for layer-1 (Fig. 5.21), and
another is the thickness of each layer (H; and Hj). For a two-layer system, the
degree of consolidation is not only influenced by the coefficient of consolidation,
but by both values of the hydraulic conductivity (k) and the coefficient of volumetric
compressibility (m,) independently.

Chai and Pongsivasathit (2010) proposed that the value of m,; can be evaluated
by using the area weighted average value of the constrained moduli of the column
(D¢) and the surrounding soil (Dy) as follows:

1
" aD.+ (1 — @)Dy

(5.21)

nmy1

Although the hydraulic conductivity of the column can be smaller or larger than
the corresponding value of the surrounding soft soil, for most cases there may not
be much difference between the two values. However, due to the higher stiffness
of the column, the value of the coefficient of consolidation of the column is nor-
mally several orders of magnitude higher than that of the soft soil. As a result, there
will be radial flow toward the column (Chai et al. 2006), and the column partially
functions as a drain. Chai et al. (2001) introduced the concept of the equivalent
vertical hydraulic conductivity for a subsoil improved by the installation of prefab-
ricated vertical drains (PVDs), and it is considered that the same concept can also be
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applied to column-improved subsoil. In such cases the value of k,; can be calculated
from the following equation (Chai et al. 2001):

oy = (14 2.5H ki k (5.22)
vl = ,U«dg kv v .

where k, and kj;, = the hydraulic conductivity of the soft soil in the vertical and the
horizontal directions, respectively, Hj is the thickness of the layer-1, and u can be
expressed as follows (Hansbo 1981):

SH%kh
3d2k.

n ky, 3
w=1In <§) LR (5.23)

where k. is the hydraulic conductivity of the column material. Note that even for the
case where k. = k,, k1 is larger than k, due to the effect of assumed radial flow.

When calculating the final consolidation settlement of the soft subsoil improved
by the installation of floating columns a portion of the column-improved layer with
a thickness H, (Fig. 5.1) is regarded as an unimproved layer, due to the relative
penetration of the columns into the underlying soft soil (Chai et al. 2010). By com-
paring predictions of the consolidation behaviour with the results of independent
finite element analysis (FEA) using a unit cell model, and by trial and error, Chai
and Pongsivasathit (2010) proposed that H; can be evaluated as:

H,
Hy =H, — — (5.24)

2
Another point worth noting is that due to large consolidation strains occurring
within the unimproved layer-2, the thickness of layer-2 may be reduced considerably
after consolidation, as illustrated schematically in Fig. 5.22. To consider this kind of
large deformation phenomenon, at least in an approximate way, it is proposed to use
the average thickness before and after the consolidation of layer-2 when calculating
the degree of consolidation. For simplicity the total settlement of the system is used

as the compression of layer-2, and H> is calculated as follows:

H K
Hy=Hy+ = - zf (5.25)

where sy = the final consolidation settlement (compression) of the system and H,, =
the original thickness of the unimproved sub-layer.

It is recommended to apply to this problem the double layer consolidation solu-
tion published by Zhu and Yin (1999), which can consider linear variations of the
total vertical stress increment with depth and time. A special case of Zhu and Yin’s
solution for cases where the total vertical stress does not change with time has been
presented in Egs. (4.32)—(4.43) for the special case of consolidation under vacuum
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Fig. 5.22 Illustration of changing the thickness of layer-2 (after Chai and Pongsivasathit 2010)

pressure. Here the equations for calculating the degree of consolidation for the gen-
eral case of a two layer system are given. The variables p, ¢, o, 8, and T, used in
the solution have been defined in Chapter 4 and will not be repeated here. A new
parameter, T, is defined as follows:

T, = Cvl O2 I (5.26)

(HIM‘FHZ«/CV])Z

where 7. = the time interval over which the applied load reaches its ultimate mag-
nitude, assuming a linear increase over this period. For two-way drainage boundary
conditions, the average degree of consolidation, U(T)), can be expressed as follows:

U(T,) = min (1, §—) S

n=1

(5.27)
2 [myi1Hy/ {o sin (hget)} + mypHo / {B sin (A B)}] T (T))
ho lmy1 Hy (00 + 01) + miHy (01 + 02)]
- [1 - <_)‘2T )] T, <T,
AT, P{=dv)]> < Te
Tn(Ty) = b (5.28)
AT, [1 P (—'\nTc)] [exp (—M(Tv - Tc>] . T,>T,
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Fig. 5.23 Variation of o
vertical total stress (after Zhu
and Yin 1999)

oy forz=H

oy forz=H,

oy forz=0

where o, 01, 02 = total stresses at the top of layer-1, at the interface between
layer-1 and layer-2 and at the bottom of layer-2, respectively. It is also assumed that
the variation of total stress within each layer is linear with depth. The variation of
total stress with time at the three locations of interest is illustrated in Fig. 5.23 (after
Zhu and Yin 1999). In these equations the constant b, is defined as:

v H v H v H wH
[a:ilnl(knla)] 00 + I:ﬁ:an(Anzﬁ)] o2+ I:”;zl)hnl] (o1 —o00) + I:”/lgzz)mzil (o1 —02)

by, = ) )
my1H, / [2sin® (knor)] + my2Ha /[ 2sin® (k)]
(5.29)
where ),, = the nth positive root of the following equation for variable 6:
sind + psin (gf) =0 (5.30)
For one-way drainage boundary conditions:
T > 2my Hy Ty, (T,
U(T,) = min <1, —”)— : roifh T (1)
T, Ana sin (Apat) [my1Hy (00 + 01) +myoHp (01 + 02)]
(5.31)

The expression for T,,(T,) is the same as in Eq. (5.28) and the constant b, is as
follows:

o H W H v Ho[cos( B)—1
Lt oo+ 850 [ 01— o0 + [4EIGE |01 - o0
n —

5.32
my Hy / [2sin? (Oupe) ] + myoHa [ [2c08% (A B) ] (-32)

where ),, = the nth positive root of the following equation for variable 6:

cosf —pcos(gf) =0 (5.33)
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5.3.3 Summary

For soft clayey deposits improved by soil-cement columns and under the influence
of a surcharge load, the effect of the columns will be not only to reduce the consol-
idation settlement, but also to increase the degree of consolidation. Although there
are several methods available for calculating the degree of consolidation in cases
where the columns fully penetrate the soft layer, it is suggested that the solution
proposed by Han and Ye (2002) for stone column improvement may be most suit-
able to evaluate the effects of the columns on the degree of consolidation, because
it can consider both the effects of radial drainage and the higher stiffness of the
columns on the consolidation response.

In the case of floating columns installed in the soft layer, the interaction
behaviour between the columns and the soft layer is more complicated and there
is no rigorous solution for calculating the degree of consolidation. A semi-empirical
method has been described in this section. It is considered that at the macro level,
the subsoil improved by floating soil-cement columns can be regarded as a two-layer
system and the degree of consolidation can be calculated by the double soil-layer
consolidation theory. Methods for determining the thickness of each layer, the
equivalent vertical hydraulic conductivity (k,1) and the coefficient of volumetric
compressibility (m,1) of a part of the column improved layer (layer-1) have been
proposed.

5.4 Settlement—Time Curve

5.4.1 Method of Calculation

For normally consolidated ground, once the final settlement and the degree of
consolidation at any time () are known, the settlement—time curve can be easily
obtained. However, even soft clayey deposits usually possess a crust layer at the
ground surface which is usually over-consolidated or apparently over-consolidated.
The presence of this crust should normally be considered when calculating the
settlement—time curve. Chai and Pongsivasathit (2010) proposed the following
method to deal with this possibility.

The settlement consists of two parts: the compression (s1) of that part of the
column-improved layer with a thickness of Hj;(Hy — H,) and the compression (s2)
of the unimproved layer supplemented by a portion of the improved sub layer of
thickness H., i.e., the sub layer with a total thickness of H»s, as shown in Fig. 5.24.
It is assumed that an average degree of consolidation, U(f), can be used for both
layer-1 and layer-2. The equations for calculating the consolidation settlement, s(f),
are as follows.

For the layer of thickness Hy,:

n

Ap1iHy ;U (1)
£ = 5.34
o ,;Dciaﬂl—awsi 639
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Fig. 5.24 Layer thicknesses 1 1 1 1 1 1 1 1 1 p
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where Hy; and Hy; = the thickness of all sub-soil layers contained within the layers
with overall thickness of Hys and Hay, respectively, o’,; = the initial vertical effec-
tive stress in the sub-layer Hy;, ep; = the initial void ratio, A; = the slope of virgin
compression line in an e — In p’ plot (p is the mean effective consolidation stress),
Api; and Apy; = the total vertical stress increments in sub-layers of thickness Hi;
and H»;, respectively. D.; and Dy; = the constrained moduli of the column and the
surrounding soft soil of the sub-layer of thickness Hj; which can be calculated as
follows:

Ei (1 —vy)
D= —— "W (5.36)
(I +v) (1 —2v)
1 i /avi
Dy = LT i i)“ (537)

where for each sub-soil layer i, E; = Young’s modulus, v; = Poisson’s ratio, ¢; =
void ratio, and o,; = the average effective vertical stress in the corresponding sub-
soil layer including the incremental stress induced by the embankment loading. In
Egs. (5.35) and (5.37), the slope of the unloading-reloading line in the e — Inp’ plot,
i.e., ki, should be substituted instead of X; in cases where the sub-soil layer is in an
over-consolidated state, i.e., where [6’W~ + Ap1;U (t)] or [G’vi + ApoiU (t)] is less
than p.;, the consolidation yield stress of the corresponding sub-layer. Finally, the
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total compression (settlement) at time 7, s(f), can be expressed as follows:

st =s1() + 50 (5.38)

5.4.2 Application to Laboratory Model Tests

In order to demonstrate the validity of the analytical methods presented above for
predicting the behaviour of ground improved by the installation of soil-cement
columns, a series of laboratory tests will be considered in this section. Further vali-
dation of these analytical methods will also be presented in the subsequent section
where field case studies are presented. But first attention is confined to laboratory
scale testing.

The cylindrical soil model adopted for the laboratory tests described in this sec-
tion has a diameter of 0.45 m and height of 0.9 m. The test set-up is shown in
Fig. 5.25. The soil used was reconstituted Ariake clay with a liquid limit of about
108% and plastic limit of about 59%. The particular cement used in the model tests
was US10, which is a typical cement used for the improvement of soft clayey ground
in Japan. Non-woven geotextile with a thickness of about 3 mm (under zero con-
fining pressure) was used as drainage medium at the bottom and the top of the soil
sample. The geotextile was made of polypropylene with a density of about 131 g/m?.

Drainage

Air Pressure [ Shaft

Tl | |

O-ring

0.78 m
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Fig. 5.25 Set-up of the
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To accelerate the process of consolidation during preparation of the soil sample,
a mini-prefabricated vertical drain (mini-PVD) was installed at the middle of the
cylindrical specimen. The mini-PVD was made by folding the geotextile in 3 layers
with a cross-section of 30 mm by 9 mm.

The procedures adopted for each test are described in the following sub-sections.

5.4.2.1 Pre-consolidation

Firstly, 3 layers of the geotextile were placed at the bottom of the model to act as a
drainage layer. A thin layer of grease was smeared on the inside wall of the cylindri-
cal apparatus to reduce friction. The remoulded Ariake clay with a water content of
about 120% was then placed in the model apparatus layer by layer. Piezometers were
installed at vertical locations defined by 0.2 m, 0.4 m and 0.55 m height from the
bottom of the cylindrical sample. When the thickness of the clay reached about 0.78
m, the mini-PVD was installed by pushing it into the centre of the soil sample with
a stainless steel rod. Three layers of the geotextile were then placed on top of the
sample. The loading system shown in Fig. 5.25 was then set-up, and air-pressure of
40 kPa was applied to the annular top of the piston resting on the soil sample. Taking
into account the plan area of the shaft fixed to the piston, the consolidation pressure
experienced by the soil sample was estimated to be about 38 kPa. Consolidation
of the soil sample occurred under two-way drainage. During the consolidation pro-
cess, the settlement at the top of the sample and the excess pore water pressures
were monitored. After the degree of primary consolidation reached about 90%, the
test was stopped, the loading system was dismantled and the mini-PVD was with-
drawn. This means that just before unloading, the average effective vertical stress
in the model ground was about 34 kPa if the effect of friction between the model
wall and the soil is ignored. Although a thin layer of grease was smeared on the
inside wall of the containing cylinder, there may still have been some friction at this
boundary. Considering an interface friction angle of 2°, and horizontal earth pres-
sure coefficient (Kp) of 0.5, it is estimated that the friction would reduce the average
vertical consolidation stress by about 2 kPa. Therefore, an average vertical effective
stress of about 32 kPa can be estimated and this value of initial vertical effective
stress was assumed in the subsequent settlement calculations. The thickness of the
resulting sample of model ground was about 0.65-0.67 m.

5.4.2.2 Soil-Cement Column Installation

The small hole left after withdrawing the mini-PVD was filled carefully with the
same type of clay. At the middle of the model ground specimen, a hole with a diam-
eter of 150-246 mm was made by an auger to a pre-designed depth. The excavated
soil was mixed with cement (16.6% by dry weight) and put back into the hole to
form a soil-cement column. For ease of mixture, the water content of the excavated
soil was adjusted to about 120%. To avoid air-bubbles getting trapped in the col-
umn, the soil was carefully compacted layer by layer by a steel-rod. The specially
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prepared model ground sample containing the soil-cement column was then left for
2 weeks to allow the column to cure before the consolidation test commenced.

5.4.2.3 Consolidation Test

Prior to the consolidation phase of the testing three layers of geotextile were
installed on top of the model ground sample and the loading system was set-up
again. Air-pressure of 40 kPa (equivalent to the pre-consolidation air-pressure) was
applied first and maintained for 2 hours in order to make firm contact between the
piston and the model ground and also to reload the model ground to the state it was
in at the end of the pre-consolidation phase. The air pressure was then increased
to 100 kPa (providing a total consolidation pressure for the soil sample of about
95 kPa) and measurements were made over time of the settlement at the top of the
sample and the excess pore water pressures within the soil sample.

5.4.2.4 Test Results and Model Predictions

The cases tested in the laboratory study are listed in Table 5.3. Cases-L1 to L3
were conducted to investigate the effect of the depth improvement ratio 8, Case-
L4 investigated the effect of the area improvement ratio o and Case-L5 involved a
sample without any soil-cement columns.

As explained previously, at the time the pre-consolidation phase was terminated
for each test specimen, the vertical effective stress in the model ground can be esti-
mated as approximately 32 kPa. This means that subsequently, after applying an
overall surcharge pressure to the soil of 95 kPa, the increment in vertical stress
was approximately 63 kPa. If the additional friction effect is then considered, an
incremental consolidation pressure of 61 kPa was estimated for calculating the final
consolidation settlement of each soil sample.

Based on the results of unconfined compression tests on specimens made using
the same soil, cement and preparation method as used for making the soil-cement
columns, Young’s modulus for the column material was measured as approximately
6 x 10* kPa. Poisson’s ratio of the column material was assumed to be 0.2. Taking
into account the procedure used to install the columns, it was assumed that there
was no smear zone surrounding the column. Using the results of oedometer tests

Table 5.3 Cases studied in laboratory testing

Case o (%) B (%) Model thickness H (m) Length of column Hy(m)
L1 11 50 0.67 0.34
L2 11 70 0.65 0.48
L3 11 80 0.67 0.54

L4 30 50 0.67 0.34
L5 - - 0.67 -
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for the void ratio, eg, and the corresponding hydraulic conductivity, kg, for the the
columns composed of Ariake clay and cement, a value of k. of 3.65 x 10~* m/day
was calculated using Taylor’s (1948) equation corresponding to a voids ratio of 3.2
(water content of 120%), with the constant in Taylor’s equation Cy = 0.4eg. The
values of all other parameters used in the consolidation calculations are listed in
Table 5.4. The degree of consolidation was calculated by the double layer theory
and the corresponding final settlement by Egs. (5.34), (5.35), (5.36), and (5.37).
The calculated values are compared with the measurements in Figs. 5.26, 5.27, 5.28,
and 5.29, which indicate that the proposed method yielded good predictions of the
test data. The calculated final consolidation settlement for Case-L2 is less than the
measured settlement due to the poor quality of the column material at its tip, which
was verified by the post-test investigation. In Fig. 5.28 the case without the column
is included to demonstrate that the presence of the columns significantly reduced
the final settlement and accelerated the rate of consolidation.

Table 5.4 Parameter values adopted for calculating the degree of consolidation

my my2 ky1 ko
Case A eo (x10™* m2/Kn) (x107* m/day) He (m) sy (mm)
L1 0.33 2.38 131 31.1 1.36 1.02 0.106 42
L2 1.31 31.1 1.38 1.02 0.088 31
L3 131 31.1 1.39 1.02 0.104 25
L4 0.49 31.1 1.37 1.02 0.037 37
L5 31.1 31.1 1.02 1.02 - 53
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5.4.3 Application to Case Histories

5.4.3.1 Test Embankments in Fukuoka, Japan

Four test embankments in Fukuoka, Japan (Cases-1, 2 3 and 4) have already been
described in detail in Section 5.2.3. The additional parameters required for calculat-
ing the degree of consolidation are given in Table 5.5. To demonstrate the effect of
the columns, the calculated values of U(r) for Case-1 with and without the columns
are compared in Fig. 5.30. This figure clearly shows that the columns should have
accelerated the consolidation process. Comparisons of the predicted and measured
settlement curves are given in Figs. 5.31, 5.32, and 5.33 for Cases-1 to 3.
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Fig. 5.29 Comparison of the
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Table 5.5 Parameters for calculating the degree of consolidation

Case
Quantity 1 2 3
H (m) 8.5 6.5 10.6
Hy (m) 6.10 4.93 4.71
Hy = Hyy — s7/2 (m) 2.25 1.43 5.60
o0 (kN/m?) 152.0 157.7 190,0
o1 (kN/m?) 147.0 153.2 187.0
o2 (KN/m?) 140.2 151.0 168.9
o (%) 21.7 9 30
B (%) 76.0 85.0 47.0
Ey 1.53 1.95 1.62
A 0.20 0.20 0.21
Initial average stress at the middle of upper 39.02 41.37 41.453
layer, o0(kN/m?)
Calculated final settlement s (m) 0.306 0.265 0.565
Layer H; cy1(m?/day) 0.596 (0.046)*  0.181 (0.036)  1.258 (0.034)
ki (x107* m/day)  2.81 2.17 4.06
Layer H; cy2(m?/day) 0.035 0.031 0.061
ko(x107* m/day)  2.67 2.02 1.84

#Number in parentheses is for soft soil in layer of thickness H; without the columns

Generally, these calculations resulted in slower predicted settlement rates at the
early stages compared with the measured rates. A possible reason is that the values
of ¢, used in the calculations correspond to normally consolidated soil states, but for
these 3 cases initially the sub-soil was in an over-consolidated state. Nevertheless,
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the proposed method has resulted in a fair prediction of the time-dependent set-
tlements and the proposed calculation method is therefore considered useful as a
design tool.

5.4.3.2 Test Embankment in Saga, Japan
(a) Brief Description of the Project

As shown in Fig. 5.34 (after Igaya et al. 2010), a highway around a section of the
Ariake Sea, Japan, was planned and construction commenced in 2010 for the sec-
tion in Saga Prefecture. This road was designed as an access controlled freeway
with an embankment height of 5.0-8.0 m for most sections of the road. A deposit
of soft Ariake clay exists along the route of the highway, virtually from the ground
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surface to depths between 10 and 30 m. This deposit is characterized by high com-
pressibility and low strength (Miura et al. 1998a). Below this soft clay layer there is
an aquifer (a sand layer). The design for this project required that: (1) the residual
settlement of the embankment and road surface should be less than or equal to 0.3m
after the completion of construction; (2) the vertical and horizontal displacements
along the property boundary of the road should be less than £50 mm; and (3) the
road construction should have no effect on the groundwater quality. In order to sat-
isfy these requirements, one of the construction methods selected involved ground
improvement resulting from the installation of floating soil-cement columns. In this
case it was anticipated that the mechanical properties of most of the soft clay layer
would be improved by the presence of these columns, while leaving an intact clay



5.4 Settlement-Time Curve 207

,,/'T/ Saga City

Saga Pref. Gov. Office®
® Saga Univ.

Trial Embankments

Ariake Sea Coastai Road ™N

Q\Q

] Ariake Saga Airport
Ariake Sea

2 km

AN

Fig. 5.34 Site of trial embankments (after Igaya et al. 2010)

sub-layer (without improvement) immediately above the aquifer. It was expected
that this clay layer would serve as a barrier to prevent hazardous chemicals from the
cement treatment entering and possibly contaminating the groundwater. To verify
the performance of the proposed method three trial embankments were constructed
and the case described here involves just one of them. The location of the trial
embankments is indicated in Fig. 5.34.

The soil profile and some engineering properties of the various materials at the
test site are summarized in Fig. 5.35 (data from ASCRDO 2009). At this site there
exists a surface crust about 1.5 m thick underlain by a thick soft silty clay and/or
sandy clay layer (the Ariake clay layer) which is about 8.0 m thick. Below it is a
relatively stiff silty clay layer about 1.7 m thick underlain by alternating gravelly
sand and silty to sandy clay layers. The groundwater level was about 0.5 m below
the ground surface. The soft Ariake clay was initially in a lightly over-consolidated
state and its natural water content was generally more than 100% and larger than
the corresponding liquid limits. The compression index (C.) of the layer was about
2.0. The ranges indicated for the coefficients of consolidation (c,) and hydraulic
conductivity (k) correspond to the stress range from the value of the initial vertical
effective stress (o”,0) to o', plus the vertical stress increment due to the weight of
the constructed embankment.

Before embankment construction, the ground was improved by the installa-
tion of floating soil-cement columns. The columns had a diameter of about 1.2 m
and a length of 8.5 m. They were arranged in a square pattern with a spacing of
1.9 m, which resulted in an area improvement ratio («) of approximately 30%. The
columns were constructed by the slurry mixing method, and the amount of cement
used was 150 kg/m® with a water/cement ratio of 150%. The design unconfined
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Fig. 5.35 Soil profile and some engineering properties of soils at the test site

compression strength (g,) of the columns was 600 kPa. However, using core sam-
ples retrieved from the columns about 1 month after the field treatment, an average
qy value of more than 1,000 kPa was measured in laboratory tests. Considering the
main compression layer extends from the ground surface to 11.2 m depth, the depth
improvement ratio () was approximately 76%.

The trial embankment considered here had a fill thickness of 6.5 m. The base
dimensions (length x width) of the embankment were 56.8 m x 35.4 m and the
side slope of the embankment was 1:1.8 (V:H), which resulted in plan dimensions
of the top of the embankment of 33.4 m x 12.0 m. Decomposed granite was used
as fill material, and the average filling rate was about 0.06 m/day. The average total
unit weight of the embankment fill as placed was about 18.2 kN/m>. A cross-section
of the embankment and some of the key instrumentation points for measuring set-
tlement, lateral displacement and pore water pressure are shown in Fig. 5.36. In an
attempt to reduce the horizontal spreading force applied to the ground surface by
the constructed embankment, two layers of diamond-shaped steel wire mesh were
placed at the base of the embankment with a vertical spacing of about 0.5 m. The
mesh had a grid spacing of 56 mm and the diameter of the wire was 2 mm. All the
detailed information presented above is from Igaya et al. (2010).
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(b) Field-Measured Data

209

The measured settlement curves are shown in Fig. 5.37. For this case, there was
no soil-cement slab constructed on the ground surface prior to construction of
the embankment, so that there was significant differential settlement between the
columns and the soil around them. Near the embankment centreline, the measured
settlement of the original ground surface at the top of the column (Sg;) was about
100 mm less than that measured on the original soil surface between the columns
(So2)- The settlement gauge S (as distinct from Sp;) was located about 7.5 m below
the original ground surface and between the columns. Assuming for the moment
that the compression of the column is small enough to be ignored, then at 7.5 m
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depth the differential settlement between the column and the surrounding soil will
be about 131 mm (i.e., the difference between measurements at Sg; and Sp). On
the other hand, if it is assumed that the embankment load is carried entirely by
the columns, then if the confining effect of the surrounding soil is ignored a com-
pression of the columns of about 34 mm can be calculated (assuming a Young’s
modulus of 100,000 kPa for the soil-cement columns). In this case the differential
settlement is estimated to be about 97 mm. Therefore, the relative penetration of the
columns at 7.5 m depth is expected to be within the range from 97 to 131 mm. It is
worth noting that this is one of the rare cases where field measurements have clearly
demonstrated that the columns have penetrated into the surrounding soft soil. It is
also notable that at this site there was considerable settlement of the stiff soil layers
below 11.2 m depth (e.g., see the data for S3). The differences between Sg; and S3
and between Sy and S3 represent the compression of the soil layers from the ground
surface to 11.2 m depth. In the next section these measured values of soil compres-
sion will be compared with values predicted using the theory presented previously
in this chapter.

Although the lateral displacement and the excess pore water pressure are not
directly related to the main topic of this chapter, in order to provide complete
information on this case study the measured lateral displacement profiles and the
measured variations of excess pore water pressure are provided in Figs. 5.38 and
5.39, respectively. It can be seen from Fig. 5.38 that the lateral displacements were
generally relatively small, indicating that the method of ground improvement was
quite successful in limiting this type of displacement. Clearly these measurements
were smaller than the design limit of 50 mm permitted for the lateral displacements
at the property boundary. All the data in Figs. 5.37, 5.38, and 5.39 are from Igaya
et al. (2010), except the settlement data Sy, which are from ASCRDO (2009).

Lateral displacement, 8, (mm)

~10 0 10 20 30 _ 40 50
0 T T I T I T I L T T
oA
i oa i
S
»
S+ Ao -
Ao
A e
—~ | - ° 1
S A o
A 10+ Ao i
ator
- §
1
A ae
15+ Ae -
o Elapsed time
i (day) 1
Fig. 5.38 Lateral 20 L ® 110
displacements under the toe 4 494
1 1 I 1 I 1 I 1 I 1

of the embankment &



5.4 Settlement-Time Curve 211

Fig. 5.39 Variations of 100 T T T T T T
excess pore water pressures | = Py (9.2m)
Endof . A P, (10.7m)
— construction
g 8o o P, (122m)
& | r » [ I} i
=
y L}
g 60t \‘; .
2 ]
8 L. |
a ’ ap
[0}
— - —
‘g 40 . = .
é I s " 1
Q
5 - Mgy A ﬁ
2 20 % ?&A A s gt
Ak A A |
0 d ] , 010 o @ °
0 100 200 300 400 500

Elapsed time, t (day)

(c) Comparison of Predicted and Measured Settlement—Time Curves

The parameters adopted for calculating the predictions of final settlement are listed
in Table 5.6. They are based on the results of the site investigation, as presented
in Fig. 5.35. The values of « were simply assumed as A/10. For the columns, a
Young’s modulus, £ = 100, 000 kPa (i.e., approximately 100 times the unconfined
compression strength, g,, of about 1,000 kPa) and Poisson’s ratio, v = 0.2 were
assumed. Using the method presented in section 5.2.3 of this chapter, the compres-
sion of the layers from the ground surface to 11.2 m depth can be estimated as
approximately 0.337 m. The measured compression was 0.298 m (i.e., the differ-
ence between Sg; and S3) and 0.396 m (the difference between Sy and S3) from the
top of the column and from the original surface between the columns, respectively.
Without a slab on the ground surface, the settlement of the column should normally
be less than that for the case with a slab, while the settlement of the ground sur-
face between the columns may be larger than that for the case with a slab. The
method used for predicting these settlements was developed assuming the presence
of a surface slab spanning the columns, and therefore the outcome described here,

Table 5.6 Parameters adopted for settlement predictions

Depth(m) Soil strata s eo Vi (kN/m?) OCR
0.0-1.5 Surface soil 0.25 1.50 16.0 5
1.5-4.0 Soft clay 0.87 3.10 13.4 2.4
4.0-6.0 0.87 2.81 14.0 1.7
6.0-8.0 0.58 2.58 14.1 1.4
8.0-9.5 0.43 2.49 14.3 1.2

9.5-11.2 Stiff clay 0.15 1.10 18.0 1.2
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Table 5.7 Parameters

adopted for predicting the Parameter Value
rate of consolidation Hy (m) 322
H>, = Hyy — S//Z(m)“ 2.82
oo (kPa) 118.3
o1 (kPa) 105.1
o3 (kPa) 98.4
Calculated final settlement sy (m) 0.32
Layer H; ¢y1(m? /day) NC 0.819
oC 5.842
ky1(x10~* m/day) NC 237
oC 15.94
Layer H, cy2(m? /day) NC 0.028
oC 0.052
k2 (x10~* m/day) NC 0.97
oC 3.67

“Note: Hy +Hy, = H — s7/2

where the predicted value lies between the two measured values, is considered to be
reasonable.

The parameter values adopted for calculating the degree of consolidation using
the double layer consolidation theory are listed in Table 5.7. These values were
determined based on the laboratory consolidation test results on undisturbed soil
samples. In calculating the values of k,; and c,1, the ratio of the hydraulic con-
ductivities in the horizontal and vertical directions (kj/k,) of 2 was assumed (Chai
and Miura 1999), no smear effect was considered and the hydraulic conductivity
of the columns was assumed to be the same as the surrounding soil. Within the
range of the vertical effective stress considered, two sets of the values of ¢,1, ¢y2,
ky1 and ko, were evaluated corresponding to a normally consolidated state (NC),
and an over-consolidated state (OC) in the Ariake clay. Accordingly, two calcu-
lations were carried out using these two sets of parameters. A comparison of the
measured settlement curves with those calculated using the theory presented in sec-
tions 5.3.2 and 5.4.1 is shown in Fig. 5.40. It can be seen that for much of the
elapsed time the two calculated curves lie between the two measured curves indi-
cating that both predictions are probably acceptable. However, the predicted final
settlement is closer to the measured value of (So; — S3), and from this point of
view it could be argued that adoption of the NC parameters has resulted in a pre-
dicted settlement performance that is closer to the measured settlement rate. This
outcome is considered to be quite reasonable because the ground was initially in a
lightly over-consolidated state but for most of the loading increment arising from
embankment construction it should have been in the normally consolidated range of
behaviour.

Again, the results of this case history have indicated that the proposed method for
predicting the behaviour of soft clay soils reinforced by soil-cement columns can be
adopted in practice as a useful design tool.
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5.5 Deformations Induced by Column Installation

5.5.1 Introduction

During the installation of soil-cement columns either cement slurry (wet mixing) or
cement powder (dry mixing) is injected into the ground under pressure and the appli-
cation of this pressure may cause lateral deformation of the surrounding subsoil. In
urban environments this deformation may be very significant because it can affect
nearby structures. Therefore, predicting and controlling the lateral displacements
induced by soil-cement column installation are important design considerations.

Installing soil-cement columns is a complicated process, and even with numer-
ical analysis there are significant difficulties in simulating the entire process (Shen
et al. 1999). The main mechanisms causing lateral displacement during column
installation are expansion and possible hydraulic fracturing in the ground due to
the injection pressure and the addition of extra material into the ground (Miura et al.
1998b). It may be assumed that the expansion caused by soil-cement column instal-
lation is analogous to a cavity expansion. Indeed, it would appear that the only
method of analysis available to date for this problem is the one proposed by Chai
et al. (2005, 2007, 2009) which is based on the theory of cavity expansion. This
method will be explained in the following sections.

5.5.2 Lateral Deformation

5.5.2.1 Cavity Expansion Solutions

The theory of cavity expansion in an infinite medium proposed by Vesic (1972),
has been used to determine the equations for calculating the lateral displacement
induced by a cavity expansion, as summarized in Table 5.8. Equations have been



5 Soil-Cement Columns

214

JO sn[npow Jeays = £ $[I0s Y} Jo sninpowt s,UN0X = 7 ‘AIALD ) JO I)UID ) WOIJ SNIPLI = £ "y Je Juawadedsip =

[10s oy Jo xaput AIPISL = “J pue
‘101087 votsuedxa A11ARd = 2.7 <27 ‘punoid oy ur ssans ursw [eniur = 0d [10S 9y JO ONRI S, UOSSIOJ = d $[10S Y} JO SUALS Te3YS paureIpun = "¢ 108 ay)

o ¢J1A®D ® JO snIpel oY) = "y 210N

(% < 1)@ ‘uoz

GE=de = = am =9 onse[a ur Judwade[dsiq (#¥°6) 'ba
el Y Y
& (% —"¢) + "e— (%4 = 45 my) ¢ ouoz
2 dy 4/ %+1g d d -A) b
" e d At ~ ¢ onse[d urjuswedeldsig (ev'S) ‘ba
ao R 1R/ e+¥T
¢, | —7 =¢
A
"PRALISP U3q
QAey 9sed [eoryds
10§ suonenbyg
*9SBO [BOLIPUI[AD 1O ,nm%?wmcm = x%&k%l — dg dy — 4
(L00T *S007) T8 10 TeyD) dnd J dNde 4 J Je Juourade[dsT(q (z¥°s) 'ba
(0d — o) %35 = (0d — o) Gy =
A\wv u[ gy — "d = o Au\wv up gz — "d = o 4o *dy = .1 1e amssaig (1+°6) 'ba
[+ (Duls="4 1+ (Nur="4
01 ="q 01 ="4 nd “omssord
by-0d+2q-"g="d by-od+oq-"g="d Ay1aeo Sunury (or's) ba
n n + n, n, AT
s _ w?m DT _ 0t % — n:m DT _ 1 dy “suoz
(TL61) 215oA =y =y onserd jo snipexy (6£°9) b
Q0UIRJY (q) reouroydsg (®) [ROLIPUIIAD wal oN ‘bg

uorsuedxa Ay1aeo [eonroyds pue eouIpuI[Ad Aq pasnes sjuowadedsip [e1oe] Sune[no[es 10J suonenby 'S J[qeL,



5.5 Deformations Induced by Column Installation 215
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presented for both cases of cylindrical and spherical cavities and these are numbered
as Egs. (5.39a, b) to (5.44a, b). They correspond to the specific case of an undrained
soil for which it is assumed the friction angle, ¢ = 0, and for which the volumetric
strain in the plastic zone, A = 0. It should be noted that Eq. (5.43a) is not a rigorous
expression. A precise expression can be obtained by solving a quadratic equation,
but in order to obtain an explicit equation for the lateral displacement caused by
installing a row of columns, an approximation form (Eq. (5.43a)) has been adopted.
The magnitude of the errors introduced by making this approximation depends on
the specific values of the parameters r, R, and 6,,. The smaller the value of the radial
position r and the larger the values of the plastic radius R, and the displacement at
this radius §,, the larger the error. As an example, for the field cases reported by
Chai et al. (2005), R, was in a range from about 1.5 m to 5 m, and §,, from about
0.015 m to 0.05 m (the larger values are for the wet jet mixing method - WIM).
Using R, = 5.0 m, §, = 0.05 mand r > 0.5 m, Fig. 5.41 shows a comparison of the
calculated lateral displacements in the plastic zone. It can be seen that the maximum
error is about 9%. Further, both Egs. (5.43a, b) have been derived using initial values
of the parameters R,, R, and r, so that for cases involving large displacements,
there will be some additional error involved. It is also noted that Eq. (5.43b), which
describes the solution for the spherical case, is in fact a rigorous solution.

5.5.2.2 Infinite Columns

The additional Egs. (5.45), (5.46), and (5.47), which are based on application of
the theory of cylindrical cavity expansion (Chai et al. 2007), have been obtained to
calculate the lateral displacement at point A in the x-direction caused by installing
a single row of infinitely long soil-cement columns in clayey soil (Fig. 5.42). These
equations are listed in Table 5.9. In deriving these equations the method of super-
position has been adopted. Strictly speaking, superposition is applicable for linear
materials only. However, the soil model assumed in the analysis is non-linear, i.e.,
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Fig. 5.42 Plan section o
illustration of the lateral xT p
displacement in the x Ty
direction caused by
installation a single row of
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Chai et al. 2009)

Table 5.9 Equations for calculating lateral displacement caused by installation of a single row of
columns of infinite length

Eq. No. Condition Lateral displacement

2_p2
2D(2Ry+8y)8p . tan~! Z(R” D)

b = § 4D212R,0, 2D2+R,5,
Egq. (5.45) For D < R, and D* + L* > R}
2
2};” 8 (tanli") — tan™! % - 1)
2 2 2 _ 2D(2Rp+5p)6,, —1 212
Eq. (5.46) D < Rpand D* +L° < Rp SxA = SR D2k, tan AR5,
Eq. (5.47) For D > R, St = s, (tan~' &)

Note: D = offset distance from the centre of a row of columns to the point of interest; S = spacing
between two adjacent columns in a row; L = half length of a row. Equations in this table assume
that the point of interest is on the perpendicular bisector of a row of columns. If the point of interest
is not on the bisector of the row, two calculations are needed, i.e., using two different values of L
and then averaging the results

linear elastic-perfectly plastic, and so using superposition in the plastic zone will
also induce some error, possibly a slight over-prediction of the lateral displacements.
It is also noted that the method of superposition has been used to consider the effect
of an installation composed of multiple rows of soil-cement columns.

It can be seen from the governing equations that in addition to the geometric con-
ditions, the parameters controlling the lateral displacement are R, and §,. Both R,
and §,, are functions of I, and R, (Egs. (5.39) and (5.42) in Table 5.8). The rigidity
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index, I,, is a basic soil parameter, being a measure of the soil’s stiffness to strength
ratio. R, the radius of a cavity, is also a crucial parameter controlling the amount
of lateral displacement that will occur. The installation of a soil-cement column
is neither a displacement controlled nor a pressure controlled process. It is a pro-
cess of injecting a pre-determined amount of cement slurry/powder into the ground
by pre-determined pressures (which may not be precisely controlled). For exam-
ple, injecting the same amount of admixture into the ground by the cement deep
mixing (CDM) method and by the wet jet mixing (WJM) method, which normally
uses a higher injection pressure, will in general cause different lateral displacements.
Therefore, several factors will affect the value of R,,. The first of these is the injection
pressure (p) of the admixture and the second is the effective volume of admixture
injected into the subsoil per unit length of a column (Avol), which in some cases
may include the amount of water injected into the ground prior to injecting the
admixture. The effective volume means the total volume injected into the ground,
which is obtained after subtracting the volume of returned spoil (slurry and clay
mixture). The third and fourth factors affecting the value of R, are the undrained
shear strength (S,) and the modulus (E) of the subsoil. At present, there are insuf-
ficient data available to derive a meaningful theoretical expression for R, in terms
of all these factors. Instead, empirical equations have been proposed to evaluate R,
(Chai et al. 2005).

The effect of the injection pressure p is incorporated indirectly in the back-fitted
radius of the cavity, R,p, which also depends on the amount of injected admix-
ture and the soil conditions (specifically the modulus Ep). An empirical equation
has been proposed to consider the effects of S, and E on R,,. Since for most soft
clayey deposits, E can be estimated as a linear function of S, only E is required as a
variable in this empirical expression, and consequently the following simple power
function has been selected:

Eo\ '/
R, = Ruo(f) (5.48)

where R, = the radius of the cavity corresponding to a modulus of Ey. There are
three main methods used for soil-cement column installation, namely, the cement
deep mixing (CDM) method, the dry jet mixing (DJM) method, and the wet jet
mixing (WJM) method. The injection pressures used in these methods are usually
different. By back-fitting the field measured data from three sites in Saga, Japan,
Chai et al. (2005) proposed values of R,o for these three methods, as listed in
Table 5.10, together with the corresponding values of p, Avol and Ej.

For a given installation method, the effect of varying Avol on R,y can be
estimated under equivalent volume conditions. Suppose the value of R, corre-
sponding to Avolj is R,o1, then for Avolp, the corresponding value R, can be
approximated as:

Avoly — Avoly
Ru02 = Ryo1 — —an o1 (5.49)
u
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Table 5.10 Back estimated

empirical parameters Injection

Mixing pressure Injected volume  Radius R,,o (m)
method  p (MPa) Avol (m3/m) (Ey = 2250 kPa)

CDM 0.1-0.2 0.146 0.21
DIM 0.5-0.7 0.036 0.46
WIM ~20 0.146 0.58

5.5.2.3 Lateral Deformation Caused by Columns of Limited Length

The equations in Table 5.9 are for calculating the lateral displacement caused by
installing an infinitely long column in an infinite soil medium. However, actual
soil-cement columns have limited length, and the equations in Table 5.9 generally
over-predict the lateral displacement near the ends of the columns. A correction
function is proposed to take into account the effect of limited length of the columns
(Chai et al. 2009). This correction function has been developed by comparing the
solution based on the theory of a spherical cavity expansion with that of a cylindrical
cavity expansion for a single column installation. The cavity expansion theory used
to derive the equations in Table 5.9 is not a half space solution, which implies that
the method does not satisfy the stress conditions at the free surface and it ignores
the vertical displacement of the free surface during soil-cement column installa-
tion. Considering the simplicity of the resulting equations (Egs. (5.45) to (5.47) in
Table 5.9) and the fact that one of the key parameters, R,, is determined empiri-
cally, this violation of the free surface boundary condition is usually accepted as a
reasonable approximation.

However, when simulating the installation of a column of limited length as a
series of spherical cavity expansions, the effect of the free surface has to be con-
sidered. The theoretical solution for the expansion of a single spherical cavity in
a half-space has been presented by Keer et al. (1998). For the case of a series
of spherical cavity expansions an approximate solution can be obtained approxi-
mately by adopting the method of superposition. In practice it is difficult to obtain
an explicit closed form solution for this case because of difficulties with the required
integration. For simplicity, it is proposed to take into account the effect of the free
surface in an approximate manner by using a virtual image approach, as shown in
Fig. 5.43. Using the theory of spherical cavity expansion in an infinite space implies
that there is an infinitely thick soil layer existing above the ground surface, which
will restrain the lateral displacement induced by the spherical cavity expansion. In
reality, no such restraint exists. Therefore, the main propose of using the virtual
imagine approach is to eliminate this ‘virtual restriction’ on lateral displacement.
The lateral displacements caused by the expansion of both the real and the imagi-
nary spherical cavities in an infinite space are superposed. In this case, zero vertical
displacement at the free surface is imposed.

As shown in Fig. 5.43, it is assumed that a soil-cement column is formed by a
series of spherical cavity expansions with a spacing of S, along a straight line. The
lateral displacement at point A in the x direction (§;) caused by the ith and the imth
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Fig. 5.43 Vertical section
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direction caused by
installation of a single
soil-cement column (after

Zim

. R} I .
Chai et al. 2009) , maginary
0
Zy
H, A.""‘-_ bi; 6
1 Pl T
g )
Y m
H;| i B,
S,

spherical cavity expansions can be calculated as follows:

D D
Six = i + 8 -

e L2 | oimTT
Dy +zi D%+Zzzm

(5.50)

where D, = the horizontal offset (radial) distance from the centre of the column
to point A, z; and z;;, = respectively the vertical distances between point A and
the ith spherical cavity and the corresponding imth imaginary cavity, §; and §;,, =
the displacement components at point A in the corresponding radial directions. The
overall lateral displacement at point A in the x direction (§,4) caused by installa-
tion of a single column can then be calculated from the appropriate integration, as
follows:

H 2Zy+Hy+H
D b D b
Sea = — / ——dr+ L f —dz (5.51)
Ss J VDr+7 Ss VD: 422
—Hy 2Zp+Hy

where S; = the centre-to-centre spacing of two adjacent spherical cavities in a
column, H = the length of the column, H| and H> = the vertical distances from
point A to the bottom and the top of the column, and Zy = the vertical dis-
tance from the ground surface to the top of the column. When the radial distance
R = /(D> + %) < Ry, the parameter § in Eq. (5.51) can be calculated from the
elastic solution (Eq. (5.44b) in Table 5.8), and the result of the integration is as
follows:
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H H> 2Z0+Hy+H

R2S§ \/D2.+H2 + \/D2+H2 + DX+ (2Zy+Hy +H)?
PP r 1 r
F (5.52)
Ss-Dy | _ 2Zy+H)

A/ D2 +(2Zy+H,)?
If the length of a column (H') approaches oo, Eq. (5.52) reduces to:

2
2R3,

= 5.53
S..D, (5.53)

BxA

If it is assumed that the radii of the plastic zones (R)) created around a cylindrical
and a spherical cavity must be the same, and if the lateral displacement expressed in
Eq. (5.53) is equated to the displacement expressed by Eq. 5.44a in Table 5.8, then
an expression for the equivalent spacing, S, is derived as follows:

Ss = ;—‘Rp (5.54)

Note that in this derivation, D, = r, and (8p)spherical = 2(8p)cylindrical/3 (refer to

Egs. (5.42a and b) in Table 5.8) have been adopted, where the subscripts ‘spher-

ical’ and ‘cylindrical’ refer to the values for a spherical and a cylindrical cavity
expansion, respectively. The process for obtaining S is illustrated in Fig. 5.44.

As indicated by Eq. (5.39) in Table 5.8, the ratio of the radius of the plastic zone

and the cavity radius is different for cylindrical and spherical cavities. Assuming the
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Fig. 5.44 Illustration of the conditions for obtaining the expression for S (after Chai et al. 2009)
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same radius of the plastic zone for each case implies that the radius of the spherical
cavity must be larger than the radius of the cavity in the cylindrical case. In this case
the ratio of the radii of the spherical and cylindrical cavities is designated as Ry,
which can be expressed as a function of the rigidity index (/) of soil:

Rye =110 (5.55)

As shown in Fig. 5.45, R, increases with I, and for 7, in the range from 10 to
200, the value of R, is about 1.5-2.4.

If the expression for Sy given in Eq. (5.54) is substituted into Eq. (5.52) and the
resulting expression for the lateral displacement is compared with Eq. (5.44a) in
Table 5.8, the ratio of lateral displacement (RLD) caused by a column with limited
length to that predicted by an infinitely long cylindrical cavity expansion can be
evaluated as follows:

H, + Hy + 2Zy+Hy+H
1| Jorem;  [D2eH} /DR QZotHHH)
RLD = — (5.56)
2\ 2Zy+H)
N/ D2+(2Zy+H,)?

For the case of a single column, Eq. (5.56) indicates the effects of the horizontal
offset radial distance (D,), the length of the column (H) and the location of the
point interested (Zy, Hy, H2) on RLD. Figure 5.46 shows the variation of RLD with
depth for two assumed cases at a location 5 m horizontally from the centre of the
column. Case-1 is a situation where the column is installed at depths between 5 and
15 m, and Case-2 is a column installed to 15 m depth from the ground surface.
For Case-1, RLD has its largest value around the middle of the column and reduces
towards the two ends, and for Case-2, RLD reduces with depth. Figure 5.47 shows
the variation of RLD with distance from the column for a point at the middle of
the 15 m length of the column assumed in Case-2. From Fig. 5.47, it can be seen
that RLD reduces significantly with the offset (radial) distance from the column. It
is noted that Eq. (5.56) was obtained assuming that the point of interest lies within
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the elastic zone of the soil around the column. Considering that Eq. (5.56) simply
provides a geometrical correction factor, for analytical convenience it is assumed
that this equation can also be used to sufficient accuracy for points located within

the plastic zone.

In engineering applications, soil-cement columns are normally installed in a sin-
gle row or in multiple rows. In the case of a row of columns, the offset (radial)
distance from each column to the point of interest is different and Eq. (5.56) can-
not be directly applied to the equations shown in Table 5.9. Using the principle of
superposition, the lateral displacement induced by installing a row of columns with
limited length can be expressed as follows:
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RLD(,/D? + y2)dy (5.57)

L
2D 8
8xA = o —2 5
S 5 /D +y

where RLD./ (D*+ y2) represents the function defined in Eq. (5.56) with the variable
of D, = \/(D*+y?). The meanings of the other parameters are indicated in Fig. 5.42.
Integration of Eq. (5.57) becomes complicated and explicit forms have not been
obtained. However, the integration of Eq. (5.57) can be easily done numerically. The
values of RLD (varying with depth) for a single row of columns can be evaluated by
using the numerical result of Eq. (5.57) and the lateral displacement calculated by
the equations in Table 5.9 for a single row of infinite cylindrical cavity expansions.
L is defined as the length from the point of interest to one end of a row. For cases
where the point of interest is located on the perpendicular bisector of a row, L is
half the total length of the row. For cases where the point of interest does not lie
on the bisector of the row, two separate calculations with different values of L are
needed, and then the results must be averaged. Numerical results indicate that the
representative value of D, in the elastic zone from the integration of Eq. (5.57)
depends mainly on the values of D and L, but also on the length of the columns (H),
and the location of the target point (Hy, H>, and Zp). The results given in Fig. 5.48
were calculated assuming H = 10m, H; = H = 5m and Zy = 0. Assuming
H varies from 5 to 30 m, and Zy from O to 10 m, and with the D, values given
in Fig. 5.48, limited numerical investigation indicates that the maximum error in
estimating D, is about 15% for D = 1.0 m, and the corresponding error in RLD is
about 3%. This error reduces rapidly with increasing values of D.

Fig. 5.48 Radial distance D, 0 . 1 . 1 . I . I

as a function of D and L (after 0 10 20 30 40 50
Chai et al. 2009) Distance from a row of columns, D (m)
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Taken together, Eq. (5.57) and the representative offset (radial) distance D,
obtained from Fig. 5.48 form the correction function. Multiplying the correction
function by the lateral displacement values obtained from Egs. (5.45), (5.46), and
(5.47) (Table 5.9) forms the method for predicting the lateral displacement caused
by installation of soil-cement columns with limited length in soft deposits.

5.5.3 Case History in Clayey Ground

Shen et al. (1999) reported a case where three field tests involving installation of
soil-cement columns using the CDM, DJM and WJM methods were conducted
along the banks of the Rokkaku River in Saga, Japan. All these cases have been
analyzed previously by Chai et al. (2005). At this site, soft Ariake clay is deposited
with a thickness of about 15 m. The natural water contents of the soft Ariake clay are
80-120% and these values are generally slightly higher than the corresponding lig-
uid limits. The undrained shear strength (S,,), derived from unconfined compression
test results, is within a range of 15-30 kPa. For each installation method, three rows
of columns with 5 columns per row were constructed under the toe of an embank-
ment. At the site where the DJIM method was used the columns were installed from
the ground surface to a depth of 13 m with a diameter of about 1.0 m. The layout
of the columns and the location of inclinometer casing are illustrated in Fig. 5.49.
For this case the lateral displacements caused by installation of each row of columns
were measured, and these are compared here to the values predicted by the method
suggested above. For this site, the ratio E/S, of about 150 is adopted, and the back
fitted value of R, is 0.46 m, corresponding to a value of Ey of 2250 kPa and (dry)
mass injected Avol of 0.036 m3/m (Table 5.10). Other test details can be found in
Chai et al. (2005). E/S,, = 150 was selected based on the reported values of the
ratio E50/S,, (Es5 is the secant modulus at the stress level equivalent to 50% of peak
strength) of 100-200 for soft Ariake clay (Fujikawa et al. 1996).
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The predicted and the measured lateral displacements at the ground surface are
compared in Fig. 5.50. It can be seen that the calculated values almost match the
measured data. Comparison of the variation of the lateral displacement with depth
at 6.2 m from the edge of the columns is given in Fig. 5.51. Although the calcu-
lations over-predicted the lateral displacements within the top 5 m, generally the
method yields fair predictions. Note that the measured surface lateral displace-
ments given in Figs. 5.50 and 5.51 at a distance of 6.2 m from the edge of the
improved zone are slightly different. The data given in Fig. 5.50 were measured
from a surface mark and are larger than the corresponding inclinometer readings
(Fig. 5.51).
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5.5.4 Case History in Sandy Ground

5.5.4.1 Modifications

The method described previously for calculating the effects of column installation
was specifically for clayey soil deposits for which the assumptions of undrained
soil behavior and a friction angle ¢ = 0 were made. However, the method can be
extended to a cohesive-frictional deposit, such as sandy ground. The main modifi-
cation required relates to the equations used for calculating the lateral displacement
(6p) at the location of the boundary between the plastic and elastic soil zones.
Assuming a Mohr-Coulomb failure criterion and an effective stress approach, it is
not difficult to show that the corresponding equations are as follows (re-arranged
from Vesic 1972).
For a cylindrical cavity expansion:

_1+v

8y = TR,, (¢ - cotg’ + po) sing’ (5.58a)
and for a spherical cavity:
1+v 4sin ¢’
8, = ——R, (¢ - cotg’ P —— 5.58b
b =g R (/oo +po) 70 (5-585)

The effective stress strength parameters of the soil are the cohesion, ¢’, and fric-
tion angle, ¢’. With these modifications, the expression for the spherical cavity
spacing, S5 (Eq. 5.54), becomes:

5y = Ry S’ 5.54
i p(3—sin¢’)sin¢>/ (5.542)

For values of ¢’ of 1°-45°, Eq. (5.54a) gives S; = (1.34-1.74)R,,. However, the
resulting expression for RLD (Eq. (5.56)) remains the same.

In the analysis presented previously for clay soils it was assumed that the soil
behaved in an undrained manner, so that no volumetric strain would occur in the
plastic zone (A = 0). However, during the injection of cement slurry into sandy
ground, some drainage can occur in the soil resulting in finite volumetric strain in the
plastic zone surrounding the column. In order to consider the effect of a finite value
of A, the reduced rigidity index (/) should be used instead of I, as recommended
by Vesic (1972). The relevant expressions for I, and I, are as follows:

E
I = 5.59
2(1+v) (¢ +potang’) (5:59)
so that for a cylindrical cavity:
Iy
I, = (5.60a)

1+ 1I,Asecg’
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and for a spherical cavity:
I

TI1+LA

(5.60b)

Irr

As indicated in Egs. (5.60a and b), for a given value of A and for cases where
¢’ > 0, the value of the reduced rigidity index I,, for the cylindrical case will be
smaller than for the spherical case. Conversely, a larger value of A would be required
in the spherical case to result in the same value of reduced rigidity index for both
the cylindrical and spherical cases. This latter condition is adopted when applying
Eq. (5.56) to sandy soils.

It is also noted that Eq. (5.39) (in Table 5.8) remains the same for the spherical
case but has to be changed for the cylindrical case in sandy soils, following the
recommendation of Vesic (1972), i.e., in this case:

R
= /Ty secd (5.39)

R,

Equation (5.43) in Table 5.8 has been derived based on the assumption of no vol-
umetric strain in the plastic zone. For cases where A > 0, Eq. (5.43) will predict
smaller lateral displacement in the plastic zone, especially near the cavity bound-
ary. It is considered that this error has no great practical significance and therefore
Eq. (5.43) has not been modified for the case of sandy soils.

5.5.4.2 Case History

Minami et al. (2007) and Sato et al. (2007) reported a case history that involved
installation of soil-cement columns in loose sandy ground to form walls arranged in
grids in plan-view. The purpose of these walls was to prevent potential liquefaction
of the sandy ground contained within them. The profiles of grain size composition,
natural water content, voids ratio, total unit weight and standard penetration test
(SPT) N-values for this site are given in Fig. 5.52. The grain size distribution curves
for the samples from about 12.3 m and 13.3 m depths are given in Fig. 5.53. Except
for the SPT N-values (from Sato et al. 2007), all other data plotted in Figs. 5.52 and
5.53 were provided by Dr. E. Sato of the Takenaka Corporation, Japan. It can be
seen that Ds( is about 0.1-0.2 mm and the sand layer is potentially liquefiable. At
the site, the groundwater level was about 1.0 m below the ground surface. For the
sandy soil layers above 16 m depth, there are no measured data on total unit weight.
Using the measured initial water contents, values of total unit weight of 17.5, 17.2
and 18.2 kN/m> have been estimated for the soil layers from 0 to 4.5 m, 4.5 to 7.0
m and 7.0 to 16.0 m depth, respectively.

The depth of improved soil was 16.0 m from the ground surface (as indicated
in Fig. 5.52). The plan-view of the improved areas and the construction sequence
are shown in Fig. 5.54. The machine used for this ground improvement project is
capable of constructing 2 soil-cement columns with a diameter of about 1.0 m at
the same time, with a centre-to-centre spacing of 0.8 m. The construction speed was
approximately 1.0 m/min. in the vertical direction (personal communication with



228 5 Soil-Cement Columns

Grain size composition  Natural water . . Total unit weight
(%) content W,, (%) Void ratio e 7, (kN /m?) SPT N-value
0 20 40 60 80 100 50 100 1 20 10 20 0 10
0 L B B B L — L B T 1 J—
° le
., e ©
5 T K - - 1
o 4+ @
o [ °
10 + 8, + + + e
~ : e
é 15 -+ ® -+ -+ 4o ®
= hd hd hd e Soil-
o b hd b ° cement
8 20 HE T T e column |
! [ ]
25 - T -T B
° . °
Data from
30 I T T ® Minamietal.
L i b i d (2007)
g bt v L . L N B | ® Py

Fig. 5.52 Profiles of grain size composition, natural water content, voids ratio total unit weight,
and SPT N-value of the sandy ground (after Chai et al. 2009)
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Dr. E. Sato). The adjacent columns were deliberately overlapped to form a contin-
uous wall, and the average centre-to-centre spacing between the adjacent columns
was about 0.8 m. With different design requirements for the strengths of the columns
on the perimeter and on the inside, the amount of cement injected into each type of
column was different. For the pairs of columns designated as Nos 1-17 and No. 31,
the amount of cement used was about 210 kg/m3, and for column Nos 18-30, and
Nos 3244, it was 159 kg/m>. The water/cement ratio of the slurry by weight was
70% (Minami et al. 2007). Considering the density of cement particles as 3 Mg/m3,
the volume of slurry injected into the ground can be evaluated as 0.216 m3/m> and
0.165 m3/m? for the cement contents of 210 kg/m? and 159 kg/m?, respectively, and
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Fig. 5.54 Plan view of the arrangement of the columns and construction schedule of sandy ground
case (after Chai et al. 2009; data from Minami et al. 2007)

for a column with a diameter of 1.0 m, the corresponding volume of slurry injected
for 1.0 m length will be 0.17 m3/m and 0.13 m3/m, respectively.

For the case reported by Minami et al. (2007) and Sato et al. (2007), there are
no test data for the values of ¢’ and ¢’ for the soil strata. The ¢ values listed in
Table 5.11 were determined from SPT N-values using the equation proposed by
Japanese Railway (JSCE 1986), i.e.,

¢ = 185° N " +26° (5.61)
o 0.7+ 0",/pa ’

where o, = effective vertical stress and p, = atmospheric pressure. The effec-
tive stress ¢’ values shown in Table 5.11 have been determined purely empirically,
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Table 5.11 Assumed ¢’
values and estimated ¢’
values from SPT-N values

Soil layer Depth (m) ¢ or S, (kPa) @' (°)

Surface crust 0-1 20 30
Surface layer 1-3 10 30
Clayey sand 3-7 10 25
Fine sand 7-15 2 35
Clayey silt 15-22 10 25
Silty clay 22-30 0.250"yo? 0

2Ladd (1991) for undrained shear strength S,

based on experience. In selecting these values it was noted that the undrained shear
strength of soft clay is typically 10-30 kPa. These parameters were used to calcu-
late the ‘undrained’ shear strength according to the initial effective stress state. For
the 1.0 m thick surface crust, a relatively high effective cohesion was assumed to
account for its higher strength (and stiffness). ‘Undrained’ shear strength (S,) was
calculated as follows for all strata except for the silty clay layer:

S, = c + potan ¢’ (5.62)

For the silty clay layer S, was calculated by the equation proposed by Ladd
(1991).

Tatsuoka et al. (1986) reported drained strength-deformation characteristics of
saturated fine sand under plane strain conditions. For loose fine sand samples with
a voids ratio (e) of about 0.8, from the representative values of ¢’1/0’3, 0’3 and
&q (01, 0’3 are major and minor effective mean stresses and g, is vertical strain)
at stress levels of 50-75% of the corresponding strength under confining stress of
4.9-98.0 kPa, and assuming an effective stress Poisson ratio v/ = 0.3, the ratios of
E' /1y (E is effective stress secant modulus and 7yis drained shear strength) of about
100-350 can be estimated. The corresponding values of 1, are about 38—135. Vesic
(1972) suggested that I, = 70-150 for sand from loose to dense states, and 10—
300 for clay from very soft to stiff consistency. Referring to these suggestions and
considering the fact that the clayey layer at this site is relatively stiff (and strong),
the values of Young’s modulus (E) were calculated as 200 times the corresponding
Sy values for both the sandy and clayey layers. The assumed value of Poisson’s ratio
was v = 0.45 (to allow for some volumetric strain in the elastic region of the soil).
With all these parameters, a rigidity index (/) of about 68 can be calculated. A value
of 68 is almost the lower boundary for sand corresponding to a very loose state as
suggested by Vesic (1972). For clay, a value of 68 corresponds to a soft state.

Regarding the radius of the cavity (R,), no suitable data have been proposed for
sandy ground. Since the construction method is CDM, the values listed in Table 5.10
for CDM were used directly to investigate their applicability to this case. For the
pairs of columns designated as Nos 1-17 and No. 31, a value of R,9 of 0.23 m
(Ep = 2250 kPa) was evaluated via Eq. (5.49). Similarly for column Nos 18-30,
and Nos 32-44 a value of 0.2 m was evaluated.
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Fig. 5.55 Comparison of measured and calculated lateral displacements of sandy ground case
(after Chai et al. 2009). (a) Comparison of measurements with predictions; (b) Effect of volumetric
strain

Two calculations of the lateral soil displacements were conducted. One assumed
no volumetric strain in the plastic zone (A = 0) while the other assumed an average
volumetric strain of A = 4.5% (the back-fitted value) in the plastic zone. The results
are compared in Fig. 5.55a, b, from which two observations are made. First, if A =
0 is assumed for this sandy ground the calculated displacements are about four times
the measured values (Fig. 5.55b), whereas the field data are approximated quite well
if A =4.5% is assumed. The second observation is that superposition of the lateral
displacement is not strictly applicable to cases where subsequent consolidation of
the soil causes a considerable reduction in the lateral displacement induced by the
cavity expansion. From observations made in the period from May 27 to May 29,
2006, superposition generally appears to work well, although on May 27, 2006, the
calculated values are larger than the measured data over the depth range 0-10 m,
and on May 29, 2006, the calculated displacements are less than the measured data
for most depths. However, the lateral displacements of May 30, 2006, calculated
using the superposition method, are generally larger than those of May 29, 2006,
while the measured data show the reverse tendency (Fig. 5.55a). Constructing the
pair of columns designated as No. 31 caused a large increase in the lateral displace-
ment at the measuring point, and subsequent consolidation (due to dissipation of the
excess pore water pressures induced by column installation) appears to have caused
a significant reduction in the lateral displacement.
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Since the values of ¢’ listed in Table 5.11 were assumed and since a value of
A = 4.5% was back fitted, the calculation procedure described above is not entirely
rigorous. However, there are very few, if any, reported cases of predicting lateral
displacements induced by soil-cement column installation in sandy ground, and it is
believed that at the very least the data presented here may serve as a reference case
for future studies of this problem.

5.6 Summary

The theories and methods for calculating consolidation settlements of soft soil
deposits improved by the installation of soil-cement columns and the lateral dis-
placements of the ground induced by column installation have been described. The
methods have been applied to several case histories reported in the literature. By
comparing the predicted values with the field measurements, the usefulness of these
methods has been demonstrated.

The theories for predicting consolidation settlements can be divided into two
groups, namely, for the case where the columns fully penetrate the soft deposit
and for the case where the columns only partially penetrate the deposit (floating
columns). For the fully penetrating case, the final consolidation settlement can be
calculated by the equilibrium method if focusing on the settlement of the soft soil
surrounding the columns, or the composite modulus method if the aim is to pre-
dict the average ground settlement for the columns and the surrounding soil. It has
been recommended that the degree of consolidation for the fully penetrating case
can be evaluated by Han and Ye’s (2002) solution for stone-column improvement,
which can consider both the higher stiffness and enhanced drainage properties of
the column material.

For the floating column case, a method considering the influence of both the
improvement area ratio («) and the depth improvement ratio (), i.e., the so-called
a—p method, has been recommended and described for calculating the final consol-
idation settlement. At the macro level, a soft soil layer improved by the installation
of soil-cement columns forms a double layer system. It has been suggested that
the consolidation theory for double layer systems can also be used to calculate the
degree of consolidation for the problem of floating columns. Methods for deter-
mining the representative consolidation parameters of the column-improved layer
have been given. Four case histories in Fukuoka and one from Saga in Japan have
been described and analyzed with satisfactory agreement being obtained between
the predicted and measured performance in all cases.

Finally, a method for predicting the lateral displacements in the ground caused
by the installation of soil-cement columns has been presented. Explicit equations
were derived to describe the soil response using the theories of both cylindrical and
spherical cavity expansion as well as the principle of superposition. The method was
applied successfully to two case histories reported in the literature, one involving
clay soils and the other involving sandy soils.
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Chapter 6
Concluding Remarks

Abstract Many of the techniques for deformation analysis presented in the
preceding chapters involve approximations of reality, sometimes quite crude
approximations. These have been clearly and deliberately identified. In many cases
it has been demonstrated, by presenting comparisons of predictions with field data,
that these approximations provide a reasonable balance between tractability of the
problem at hand and the accuracy and reliability of the resulting deformation pre-
dictions. However, there is still a need for considerable further research in this area
of geotechnology. Much still needs to be done to increase our predictive capabilities
and particularly the accuracy and reliability of our predictions of ground deforma-
tions associated with common ground improvement techniques. It is anticipated
that this need will only continue as further advances are made in the technology
of ground improvement. This chapter provides some suggestions for future research
directions, which hopefully will address some of the present shortcomings or gaps
in our current predictive abilities.

6.1 What Else Needs to Be Done?

The aim of this book has been to present up-to-date methods for the analysis of
ground deformations associated with commonly used techniques of soft ground
improvement. Particular emphasis has been placed on those methods involving
preloading soft ground whose drainage characteristics have been improved by the
installation of prefabricated vertical drains (PVDs). The preloading could be applied
directly to the ground surface either as a surcharge load (e.g., embankment fill,
etc.) or by the imposition of a vacuum pressure. An entire chapter has also been
devoted to the topic of improving soft ground by the installation of soil-cement
columns.

All of the techniques for deformation analysis presented in the preceding chap-
ters have involved approximations of reality, in some form or other. Sometimes
these have been quite crude approximations, but it was always the intention that
they should be clearly identified. It is to be hoped, and in many cases it has in fact
been demonstrated by comparisons of predictions with field data, that these approx-
imations provide a reasonable balance between tractability of the problem at hand
and the accuracy and reliability of the resulting deformation predictions.

J. Chai, J.P. Carter, Deformation Analysis in Soft Ground Improvement, Geotechnical, 235
Geological and Earthquake Engineering 18, DOI 10.1007/978-94-007-1721-3_6,
© Springer Science+Business Media B.V. 2011
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However, there remains a need for considerable further research in this area of
geotechnology. Much still needs to be done to increase our predictive capabilities
and particularly to improve the accuracy of our predictions of ground deformations
associated with common ground improvement techniques. It is anticipated that this
need will only continue as further advances are made in the technology of ground
improvement. The following are some suggestions for future research directions,
which if followed should address some of the present shortcomings and gaps in our
current predictive abilities.

6.1.1 Constitutive Models for Soft Clays

Constitutive models are essential in any rational theoretical modelling in geotech-
nics. How the stress-strain response of soil is represented in these models is
usually the key to successful prediction of the behaviour of geotechnical structures.
However, the important details of these models, particularly the idealizations that
are made are sometimes poorly understood or even ignored, sometimes at signif-
icant cost to the unwary analyst. Indeed, the capabilities and the shortcomings of
these models, especially the more advanced models, are not always easy to ascer-
tain. In some cases determination of the input parameters is not straightforward.
Consequently, in general, it may be difficult to determine which constitutive model
to select for a particular analytical or numerical task.

Clearly, this suggest that one task requiring our attention as a geotechnical pro-
fession is a continuing education program, with the ability to effectively disseminate
the capabilities and especially the limitations of the theoretical models used for esti-
mating the deformations associated with current ground improvement technologies.
Such programs should include an emphasis on how the constitutive behaviour of
the soil and other relevant materials is represented in these models. It is the humble
hope of the authors that this book will be a small step in this direction.

It is also worthwhile addressing the specific question of what are the major limi-
tations of the constitutive models for soft clay soils considered already in Chapter 2
and used in the development of numerical solutions to the various problems of
ground improvement. Are there any features of soft soil behaviour missing in cur-
rent models, which perhaps should be included in order to provide more accurate
representation of the ground undergoing improvement?

It is useful to commence this assessment by reviewing the major capabilities of
the soil stress-strain models described in Chapter 2. Such an assessment is included
in Table 6.1. This table indicates what is possibly an incomplete list of the desired
features for stress-strain models of soft soils, and also an indication whether each
of the three different models described in Chapter 2 possess the listed features or
capabilities.

It is clear from the details presented in Table 6.1 that none of the models consid-
ered in Chapter 2 possesses all the ‘desirable’ features, and so potentially they may
not capture all the critical aspects of soft-clay behaviour.
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Table 6.1 Features of constitutive models for soft soils

Generalized two
Modified Cam  Sekiguchi-Ohta surface ‘bubble’

Feature clay model model model

Non-linear, stress-dependent elasticity Yes Yes Yes

Non-linear, strain-dependent (small strain)  No No Yes
elasticity

Pre-failure (work hardening/softening) Yes Yes Yes
plasticity

Critical state failure criterion in the triaxial ~ Yes Yes Yes
effective stress plane

Variable shear strength in the 7 plane of No Yes Yes
effective stress space

Non-associated plastic flow rule No No Yes

Variable plastic dilatancy /contraction Yes Yes Yes
including critical state response at large
strains

Inherent anisotropy in stiffness No Yes Yes

Inherent anisotropy in strength No No Yes

Developing (stress-dependent) anisotropy ~ No Yes Yes
in stiffness

Developing (stress-dependent) anisotropy ~ No No Yes
in strength

Inclusion of material creep and relaxation ~ No Yes No

This simple analysis indicates that more model development may be required
to capture some of the missing features in the stress-strain models that should be
adopted for soft ground when analyzing the implications of the various ground
improvement technologies. In particular, it will be important for any future research
of this type to identify which of the listed features are critical and which may be rela-
tively unimportant. Presumably the latter may therefore be safely ignored in routine
analysis. Answering this particular question is probably the greatest challenge in
this area of endeavour.

6.1.2 Electrical and Thermal PVD Improvement

Research into the effects of ground improvement using mechanical means, including
the installation of PVDs, has been quite intense and comprehensive over the past 30
years. The basic consolidation theories and numerical modelling methods are now
well established.

However, in recent years there have been a number of important technological
innovations in the area of pre-fabricated drains. Examples include the use of electri-
cal PVDs (Jones 2002; Chew et al. 2004) and thermal PVDs (Pothiraksanon et al.
2008). The clear aim of these endeavours has been to utilize the effects of both elec-
tric fields and temperature to enhance the effectiveness of the PVD as a drainage
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medium when installed in soft ground. To further develop these technologies and to
assist their implementation in engineering practice, advances are now required in our
understanding of the underlying physical phenomena, as well as the theories to allow
rational predictions to be made of their effects on soft ground behaviour, includ-
ing the important task of predicting any consequent deformations of the ground.
In particular, a consolidation theory that can include the effects of electrical gradi-
ents (voltage) and thermal gradients (temperature) is needed. A special requirement
is also the associated need for methods for determining soil parameters related to
electrically and thermally induced soil consolidation. These have yet to be reliably
established.

6.1.3 Soil-Cement Slab and Column Interaction

The method for calculating the consolidation settlement of soft subsoil improved by
the installation of floating (i.e., partially penetrating) soil-cement columns, together
with an overlying soil-cement slab, has been developed and presented in Chapter 5
of this book. However, implicit in this method is the assumption that the top slab will
not fail structurally under the loading imposed on it. In other words, the structural
interaction between the slab and the column has not really been investigated to any
extent.

Soil-cement slabs are generally relatively strong in compression but much
weaker in tension. Indeed, the tensile strength of the soil-cement mix is typically
about 1/8 of its compression strength (Takakura et al. 2002). As shown in Fig. 6.1,
under a distributed surcharge load the sections of the slab spanning between the
columns will tend to settle more than those immediately above the columns, so that
tensile stress can develop at locations such as A and B in Fig. 6.1. Hence there is
the potential for tensile failure to occur in the slab, especially for cases where the
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installed columns provide a low area replacement ratio (). When a slab fails in ten-
sion in this manner it will influence the structural interaction between the column
and the surrounding soft soil, and therefore the consolidation settlement of the the
overall ground improvement system.

It is suggested that the structural interaction between the slab, the column and
the surrounding soft soil needs to be further investigated and a method for designing
slab-column soft ground improvement systems taking into account the finite tensile
strength of the slab, and possible tensile failure in the slab, needs to be developed.

There have been reported cases where soft soil deposits have been improved
by the installation of floating columns alone, without the presence of a slab at the
ground surface (e.g., Igaya et al. 2010, as described in Chapter 5). In these cases,
there may be some relative settlement between the column and the soft soil near
the ground surface and this will influence the consolidation and deformation char-
acteristics of the system. Further study is required to include this possibility in
the deformation analysis of soft soils improved by the installation of soil-cement
columns without an overlying slab.

6.1.4 Combined Vacuum Pressure and Surcharge Loading

Combining embankment loading with the application of a vacuum pressure to con-
solidate soil has several advantages, such as increasing the overall consolidation
pressure exerted on the soft soil, increasing the factor of safety (FS) of the embank-
ment during construction, as well as minimizing lateral displacement of the ground.
This particular technique has already been adopted in several engineering projects
(e.g., Bergado et al.1998).

As previously noted, embankment loading can induce shear stress increments in
the ground and thus cause immediate outward lateral displacement of the ground.
On the other hand vacuum pressure is an isotropic consolidation pressure which will
tend to induce inward lateral displacement of the ground during the consolidation
process (Chai et al. 2006). Conceptually, it is possible to control or minimize the
lateral displacement of the ground by the combination of embankment loading and
the application of vacuum pressure (Fig. 6.2). However, there is still no well estab-
lished method to predict the lateral displacements for this particular combination of
loading applied to the ground.

Theoretically, the ground deformation under the combination of embankment
load and vacuum pressure can be simulated or predicted by finite element analysis
(FEA). However, in engineering practice even predicting the lateral displacement
due to embankment loading alone is a challenging task. As a general tendency, when
an embankment has a relatively higher FS, finite element analysis will generally
over-predict the lateral displacement of the ground (Poulos et al. 1989). Conversely,
when the FS is low and approaches unity, FEA will tend to under predict the lat-
eral displacement (Chai et al. 2002). In addition, although nowadays FEA is used
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Fig. 6.2 Illustration of the principle of minimizing lateral displacement by the combination of
embankment loading with vacuum pressure

increasingly in routine design of geotechnical projects, the results of the numer-
ical analysis still depend on several factors including the analyst’s judgment and
skill in using a particular computer program. Indeed, there can be no guarantee of
a unique result. It is considered desirable that a reliable and easy to use method for
engineering design should be developed for this particular problem.

6.2 Hybrid Soft Ground Improvement Techniques

For soft ground improvement to become more economical, effective and efficient, it
is almost inevitable that hybrid techniques will need to be developed. If this proph-
esy is realized, then the corresponding methods of deformation analysis will also
need to be established. Combining the installation of soil-cement columns with
vacuum consolidation is one of these possible hybrid methods.

For the case of embankment construction on soft clayey soils, improving the
soft subsoil by first installing soil-cement columns is an effective technique, but
generally it is more expensive than the preloading method. However, preloading is
very likely to induce greater settlement and possibly greater lateral displacement
of the ground and so it may have adverse impacts on the adjacent area. In urban
environments it is very common that such impacts need to be tightly controlled.
One of the ways of economically and efficiently dealing with this kind of situation
is likely to be by combining vacuum consolidation with the installation of soil-
cement columns, as shown in Fig. 6.3. In this figure, the term CPVD refers to the
installation of capped prefabricated vertical drains.

Clearly, if hybrid technologies such as the one suggested here, as well as any oth-
ers that may emerge, are to gain greater use in engineering practice, then appropriate
design methods will need to be developed. It is to be hoped that such meth-
ods will be firmly based on a robust theoretical underpinning combined with the
vital experience that will be gained from well instrumented and documented field
applications.
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