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Preface 

These proceedings summarize the state-of-the-art in composite construction worldwide, as presented at an 
international conference on Composite Construction in Steel and Concrete held at Palm Cove in North 
Queensland (Australia) in July 2013. This is the seventh in a series of conferences on this topic organized 
by the United Engineering Foundation (and now Engineering Conferences International) aimed at 
assessing and synthesizing the most recent advances in research and practice in the area of composite 
steel-concrete construction. This conference was preceded by those held in Henniker, New Hampshire, 
USA (1987), Potosi, Missouri, USA (1992), Irsee, Germany (1996), Banff, Canada (2000), Kruger 
National Park, South Africa (2004) and Devil’s Thumb Ranch, Colorado, USA (2008).  
 
The papers contained in this volume cover a wide variety of topics, including composite bridges, 
composite slabs, shear connectors, composite columns, innovative composite structural systems, fire and 
seismic resistance of composite structural systems and practical applications. Sixty participants from 
fifteen countries participated in four days of presentations, panel and informal discussions dealing with all 
aspects of composite construction. The conference was organized and chaired by Professor Mark 
Bradford and Professor Brian Uy from The University of New South Wales, Sydney, Australia.  
 
The papers in the proceedings were peer reviewed as per the guidelines used for the Journal of Structural 
Engineering, ASCE and are eligible for all ASCE awards and are open for discussion in the Journal of 
Structural Engineering, ASCE. The review process was administered by the proceeding editors, who 
would like to thank all the reviewers for their prompt and useful responses. The publication of the 
proceedings was supported by the Technical Activities Division of the Structural Engineering Institute 
(SEI), ASCE and assisted very ably by Professor Roberto Leon of Virginia Tech.  
 
The support of the ASCE (SEI) and Centre for Infrastructure Engineering and Safety is also gratefully 
acknowledged. This conference would not have been possible without their support and funding.  
 
Finally, the Editors would like to thank Mrs Rachel Stoddart, Dr Brendan Kirkland, Dr Vipulkumar Patel 
and the administrative staff of the Centre for Infrastructure Engineering and Safety for all their work in 
preparing the final draft of the proceedings. Without their contributions these proceedings would not have 
been possible.  
 

Professor Mark Bradford and Professor Brian Uy 
Australia, September 2015  
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U.S. Composite Design Codes:  
A Personal View of the Influence of Composite Construction Conferences 

 

Roberto T. Leon 
Virginia Tech, Blacksburg, VA. E-mail: rleon@vt.edu 

 

Abstract 
Over 25 years have gone by since the first Composite Construction in Steel and 
Concrete Conference was organized in Henniker, New Hampshire (USA), and this 
seventh conference presents a great opportunity to assess the impact that this series of 
conferences has had on American composite construction codes.  The intent of this 
paper is to provide a brief history of both modern composite member design 
provisions in the USA and how this conference series influenced their development.  
The latter include important direct impacts on the design provisions for shear studs, 
composite columns, and serviceability provisions, among others. Looking forward, 
the paper also gives some preliminary results on provisions for the determination of 
the equivalent stiffness of simply supported beams to be proposed for the 2016 
edition of the AISC specification. It is written as a personal reflection and is not 
intended to represent the points of view of any of the organizations mentioned.      

INTRODUCTION 
The first Engineering Foundation Conference on Composite Steel and Concrete 
Structures was held at Western New England College in Henniker, New Hampshire 
(USA) on June 7-12, 1987.  The Engineering Foundation conferences were an 
atypical American engineering event, as it consisted of morning and evening 
technical sessions, with the afternoon and late evenings dedicated to improvised, 
small group discussions on topics of interest to participants.  The format encouraged 
open technical exchanges, while fostering the development of personal relationships. 
This first conference became the occasion for many of the most prolific composite 
construction 8users and researchers 
to meet and develop lifelong 
professional and social ties. 

This first conference (CC I), and its 
six repetitions since, led to very 
close ties between the composite 
construction research communities 
in the USA, Europe, Canada, 
Australia and Japan and to fruitful 
collaborations between code writing 
committees in those regions. Figure 
1 shows the location of the 
conferences, including its two 
predecessors focused on seismic 

Table 1 - Conference participation 

Year Attendees Countries Papers 

1987 96 17 63 

1992 91 15 68 

1996 100 18 72 

2000 101 22 85 

2004 80 18 70 

2008 85 22 63 
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published the first design rules for composite columns consonant with the existing 
steel column design curve and its associated stability provisions. From 1986, the 
AISC Specification has become the preeminent design guide for composite members 
in the USA (Hansell, 1978).  For a complete history of American composite 
construction design provisions, the reader is referred to excellent articles by Furlong 
(Furlong 2012a,b).  

Within a similar timeframe, across the Atlantic, CEN had published the first draft of 
the Eurocode 4 (CEN, 2009) in 1984, and work on the document was still ongoing 
under the leadership of J. Stark (Stark, 1998). The Henniker conference thus became 
one of the first venues in which the similarities and differences between the American 
and European codes in terms of the technical bases and aims of the documents, as 
well as their development processes, were widely discussed.   

In the USA, the ASIC TC-5 Composite Construction subcommittee that developed 
the 1986 provisions was very small and dominated by very experienced multi-story 
building designers whose primary concerns were simplicity and transparency in the 
design rules and preservation of great design freedom for the structural engineer.  
Thus the approach was to keep strength design provisions to a minimum, to what has 
come to be known as “enabling legislation” language, and to explicitly exclude any 
provisions that would limit design flexibility, for example any specific limit for 
serviceability criteria.  A number of important design issues are addressed in the 
Commentary to the Specification, which has no legal standing but is read carefully by 
designers as this is the primary source of background information on the code 
provisions.  This approach was consonant with the desires of composite building 
designers who specialized in high-rise construction and the development of 
innovative structural schemes.  In addition, it is consistent with the USA tradition that 
codes are developed by industry associations and not constrained in any way by 
government interference. 

The aims and processes in the USA were in stark contrast to the EC4 development, 
where a much larger, younger and diverse group led by academics was tasked with 
developing a much more comprehensive, and some would say prescriptive, set of 
design rules. The EC4 development was also more constrained because it had to fit 
within a much larger and prescribed format not only for building codes but also for 
European normatives.   As a young participant at the Henniker Conference, the author 
came away with the distinct impression that the initial drafts of EC4 could be 
considered revolutionary in that they went back to fundamental mechanics and 
rigorous reliability principles, while the American codes remained comparatively 
simplistic and more rooted in experimental data. A particularly memorable paper for 
the author was that on partial interaction by Robinson and Naraine (Robinson, 1988), 
which derived the sixth order differential equations for the case of partial interaction 
with uplift. The synthesis of this paper showed when uplift effects were important 
and was an excellent example of the uniform great quality and impact of all the 
papers at the first Conference.  These characteristics remain the guiding principle for 
papers accepted at the Conferences.  

The offline discussions that took place in Henniker regarding the scope and content 
of design codes were passionate and enlightening. The technical differences ranged 
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from small, as for the case of strength design of composite beams, to extreme, as was 
the case for composite decks and shear stud capacities. The lucid discussions between 
the leaders of the American and European groups led the author, and some of his 
American colleagues in attendance, to decide that there had to be some better middle 
ground.  This view appeared to be shared by the large and strong Australian 
contingent present at that initial conference, and led to a long-term and fruitful 
American collaboration with the group at the University of Sydney led by Dr. R. 
Bridge.  

In the last 20 years, the younger American group has taken over the reins of ASIC 
TC5 and implemented many of the EC 4, Canadian and Australian technical concepts 
into the AISC specification.  This paper briefly summarizes some of the recent 
changes in the American codes that have had direct influence from the discussions 
that took place in the seven conferences on Composite Construction in Steel and 
Concrete held since 1987.  

Contrary to the “pure” steel and reinforced/prestressed concrete codes where little 
American-European cross-pollination seems to have occurred, perhaps with the 
exception of truss models and anchorage to concrete, this paper intends to show that 
the conferences have had a permanent and important role in the development of 
composite construction provisions in the USA. 

STRENGTH DESIGN OF COMPOSITE FLOORS 
Design provisions for horizontal members can be roughly subdivided into three parts: 
design of the slab-deck system, design of the connectors (often shear studs) and the 
design of the concrete and steel portions of the beam.  Although the Composite 
Conferences have always included a number of lively presentations on slabs and deck 
systems, the design of those components in the USA has been outside the purview of 
the AISC Specification.  Initially those were based on an ASCE standard (ASCE 3-
91, 1991) and lately on a new SDI specification (SDI, 2011).  Therefore, this paper 
will not cover those aspects and the interested reader is referred to (Daniels, 1997) 
and (Abdullah, 2011) for more details on how this topic has been influenced by the 
Conferences. This discussion will limit itself to the latter two topics: composite 
beams and shear connectors.  

Leon (Leon, 2001) identified a number of the areas in which the existing ultimate 
strength AISC specification needed improvement or clarifications.  The first strength 
topic noted in that paper, and one that differentiates the American approach from the 
rest of the world, deals with the lack of a specific check for yielding of the steel beam 
under construction loads in the AISC specification.  Although an explicit check is not 
included, this limit state was eliminated in the 1986 AISC Specification through the 
use of appropriate load factors (1.2 for both dead and construction loads) and 
resistance factors (0.85 for the steel portion of a composite beams and not the 0.9 
usual for steel beams), calibrated to a fairly large construction load of 1.34 kPa 
including the load factor.  In addition, the designer was required to include any 
additional load due to ponding of the concrete in the design of the steel beam.  The 
problem was that many designers were unaware of these assumptions and were using 
significantly lower construction loads and load factors, and not accounting for 
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ponding.  As with many situations of this type, the solution was to include detailed 
commentary language in the 2005 AISC Specification edition discussing the issue 
and alerting designers to the assumptions.  In addition, the commentary warned 
designers as to the requirement of considering the effect of cambering, which will 
also affect the ponding calculations. 

A much larger problem, and one that had been widely discussed since the first 
Conference, was the strength values for shear studs under different loading and 
geometry constraints (Easterling, 1993).  The American specification had always 
assumed a design value based on the concrete strength and capped by the ultimate 
strength in tension of the stud.  Those values were based primarily on pushout tests 
that did not separate the contributions of different force transfer mechanisms and all 
relevant testing parameters.  The values in the AISC Specification were known to be 
high, particularly with respect to studs in a “weak” position (Rambo-Roddenberry, 
2002).   Although there had not been any documented failures, or even problems, 
with the use of these values, the extensive discussion at the Conferences with 
European and Australian colleagues led AISC TC5 to the decision that there was 
irrefutable evidence (Johnson, 1997) that the values should be adjusted.  In a two-step 
process, through the 2000 and 2005 editions, the AISC stud strengths have been 
adjusted downward, although they still remain slightly higher than those used by 
other specifications.  This is in spite of the fact that the American specification does 
not require transverse reinforcement below the head of the stud as other codes do 
(Kemp, 1997), another important difference that remains unresolved.    

Leon (Leon, 2001) also cited three other important strength criteria in which the 
American specification differed substantially from similar documents: 

• Horizontal shear in the slab:  Current AISC LRFD provisions do not include a 
check on the horizontal shear strength of the slab.  For the case of girders with 
decks with narrow troughs or thin slabs, shear strength of the slab may govern the 
design.  Although the configuration of USA decks tends to preclude this mode of 
failure, it is important that it be checked if the force in the slab is large.  This is an 
issue that is now discussed in the AISC Commentary as a result of the discussions 
at the conferences. 

• Rotational capacity of hinging zones: Another area where American codes differ 
from other international design guides is in the area of required, or probably more 
accurately “implied,” rotational capacity.  Use of plastic design principles and 
redistribution is predicated on the capacity of the system to deform through very 
large rotations, as is the use of low amounts of shear connection.  The American 
codes are generally silent on this issue as only a 10% redistribution is commonly 
used, and that can be achieved by almost any section with reasonable bracing and 
local buckling limits.  

• Minimum amount of interaction required: Currently there is no lower bound in 
the AISC specification, although its available design aids limit interaction to 25%.  
Current American practice leads to economic designs at low degrees of 
interaction (25%-35%), well below those of most other codes.  This item has been 
discussed by TC5 extensively over the past three years, and it is likely that in the 
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2016 AISC edition minimum values of interaction will be specified.   The 
changes are being made not because failures have been observed, but because 
consistency between design models and design provisions is desirable.  

STRENGTH DESIGN OF COMPOSITE COLUMNS  
At the first Conference, the author was introduced to the simple and elegant Eurocode 
formulation for composite column section strength (Roik, 1992).  By the early 1990s, 
it was clear that the 1986 AISC provisions for composite columns were less reliable 
than the code intended (Lundberg, 1996).  There were multiple reasons for this, 
including the decision to treat composite columns as a variation of a steel one, 
without regard to the volumetric ratio, confinement, initial imperfections, residual 
stresses and long-term effects.  A concerted effort through the next 10 years (Leon, 
2007) resulted in improved provisions in the 2005 AISC Specification (Leon, 2008) 
that mirror the Eurocode sectional strength provisions and remove many of the 
inconsistencies between AISC and ACI sectional strength provisions.  This is a case 
where the American specification directly borrowed from European ones.    

Stability considerations are another area where extensive interactions at the 
Conferences with European and particularly Australian researchers led to extensive 
changes in the American steel code. Beginning with the concepts of nominal loads to 
capture stability effects that were discussed at the Conferences, an ASCE committee 
composed of American and Australian researchers planted the seeds for the adoption 
of the current AISC Direct Design method (Length, 1997).  These discussions have 
led to extensive research on the best equivalent rigidity values, particularly for 
slender sections (Perea, 2014), with revisions in both the 2010 and 2016 editions to 
the original equations proposed in the 2005 AISC Specification (Denavit, 2015).  
These research efforts testify both to the robustness of composite columns and the 
accuracy of current analytical models.  Figure 3 shows a comparison for Perea’s tests 
(Perea, 2014) of cyclic biaxial strengths measured (dots) vs. the proposed interaction 
surface. 

As a follow-up to the large changes in the AISC Specification for composite columns 
introduced in 2005, including significant relaxation of the local buckling 
requirements for tubes, the latest AISC Specification has also been considerably 
expanded to permit the use of non-compact and slender steel sections in concrete-
filled tubes (Lai, 2014).   It is expected that with the 2016 version, the AISC 
Specifications will have the most modern and flexible design provisions for 
composite columns. 

An issue that will remain unresolved in the American codes even in the 2016 editions 
is how to handle stiffness reductions due to long-term effects.  Although the 
American reinforced concrete design provisions have long had a substantial reduction 
on stiffness if large permanent loads are present, the AISC ones have never 
incorporated such provisions. Changes in construction practice and materials have 
considerably reduced the impact of creep and shrinkage in the last 25 years, and there 
is scant experimental data on which to base modern provisions.    
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introduction of the long-term effects is considered by the author a victory as such 
provisions had been routinely dismissed in the past by the Specification Committee.  

Another area where the American and European provisions diverge is in the 
calculation of the moment of inertia for composite beams. The 2005 and 2010 AISC 
Specification Commentary Section I3 provides three methods to calculate moment of 
inertia of composite beam: equivalent moment of inertia, lower bound moment of 
inertia and effective moment of inertia. For fully composite beams, the equivalent 
moment of inertia, Iequiv, is the transformed moment of inertia calculated utilizing the 
modular ratio (Es/Ec) and elastic analysis. From short –term deflection tests, the 
effective moment of inertia, Ieff, has been found to range from 70% to 85% percent of 
that calculated based on Iequiv. Therefore, for realistic deflection calculations, it is 
recommended that Ieff be taken as 0.75Iequiv. The Commentary does not favor one of 
the procedures, which in some cases can give very different results. 

The effective moment of inertia for cases where elastic properties of partially 
composite beams are needed, which may be approximated by: 

         (Eq. 1) 

where Is is the moment of inertia for the structural steel section, Itr is the moment of 
inertia for the fully composite uncracked transformed section, �Qn is the strength of 
shear connectors between points of maximum and zero moment, and Cf2 is the 
compression force in concrete slab for concrete slab for fully composite beam, the 
smaller of FyAs and 0.85Acf’c. 

The Lower Bound moment of inertia (ILB) is an alternative of equivalent moment of 
inertia, and is based on the section properties at ultimate.  Thus, contradictorily, an 
ultimate strength force distribution is used to calculate an elastic property.   There 
were two reasons for suggesting this approach: (a) the location of the neutral axis 
could be calculated as part of the computations for ultimate strength (see Eq. 2 which 
is needed to calculate the ultimate strength by Eq. 3) and (b) the differences in the 
calculated moments of inertia by either the lower bound or the equivalent moment of 
inertia approach gave similar results (within 15%) for a large range of typical cross 
sections.  The ILB is calculated as follows 

  2
3 3 1 3 1[ ( / )(2 )] / ( ( / )(2 )ENA s n y s n y ENAY A d Q F d d A Q f d d Y= + + + + −                  

(Eq. 2)  

                  (Eq. 3)                              

where d1 is the distance from the centroid of the longitudinal slab reinforcement to the 
top of the steel section, and d3 is the distance from the centroid of the concrete force 
to the top of the steel section. 

The reasons for having three methods in the AISC Commentary are historical and 
confusing, so an effort has been recently undertaken to develop a more rational 
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approach or to select a single technique to recommend to designers.  A database of 
122 tests for which reasonably clear load-deflection, material properties, dimensions 
and other important data could be found was developed. Figure 4 shows the 
distribution of degree of composite action (n = ΣQn/min(FyAs,0.85Acf’c)) vs. the 
beam depths; it is obvious that much of the data is for very shallow beams, and that 
any scale effects may not be properly reflected for many of the much deeper 
composite beams in use today.   

Since in most cases the tests were to verify ultimate strength, initial elastic stiffness 
are seldom reported.  For most cases the load-deflection curves were enlarged and the 
slope to 40% of ultimate approximated by hand methods (Zhao, 2013). It is 
recognized that this introduces both aleatoric and epistemic errors into the data set. 
The error was estimated at about ±10% and was considered acceptable as the intent is 
to differentiate between different approaches for design and not to develop a well-
calibrated analysis procedure. 

 

Figure 4 - Degree of composite action (n) vs. beam depth for beams in database. 

Five methods for computing deflections were examined: the conventional AISC 
effective and lower bound approaches described above, the Newmark method 
(Newmark, 1951), the Cosenza-Mazzolani method (Cosenza, 1993) and Eurocode 
method (CEN, 2009).  The Newmark method was considered as the more “exact” 
approach for beams with partial interaction, while the Cosenza-Mazzolani method 
was taken as a simplified European approach for comparison. Figure 5 shows a 
typical comparison of the results. As expected the lower bound approach provides a 
very conservative result. The Cosenza-Mazzolani one overestimated the stiffness, 
with the Newmark approach providing the best match, followed by the Ieff and the 
Eurocode.  The overall results are summarized in Table 2, which shows the measured 
to predicted ratios and their standard deviations. 

For the AISC formulas, comparisons indicate that the approach using an equivalent 
moment of inertia, Iequiv, results in a prediction of the deflections roughly equivalent 
to the average (50%) deflection for the 122 tests that were examined.  On the other 
hand, the use of the ILB corresponds roughly to the mean plus one standard deviation 
(84%). Based on these results, the use of the ILB approach is considered as the best 
approach to live load deflection calculations for composite beams. 
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Abstract 
 
The urban development of the city of Lucerne required the replacement of the 
existing Langensand road bridge by one designed according to modern standards of 
urban mobility. The bridge’s shape is the result of a synthesis between function, 
construction method, structure, and the urban context (extremely dense environment 
and several complex constraints). The bridge crosses 79.7m with one single span 
girder over 11 railway lines. Its composite structure has an extreme slenderness of 
about L/37. The paper describes the advantages and problems of a steel-concrete 
composite construction especially in regard to its structural system, and the evolution 
during the construction phases, and to its slender and flexible structure. The paper 
will compare and highlight the theoretical approach (hypothesis and numerical 
models for static and dynamic actions) with the results of in situ tests for the two 
principal states of the structure: firstly, the half bridge and secondly, the final 
connected bridge. 

 
INTRODUCTION 
 
The Langensand Bridge, located in the city of Lucerne in Switzerland, crosses over a 
very dense rail network near the central station and links the centre of the city with a 
new quarter which is being highly developed (Figures 1 and 2). Its location is very 
strategic; the bridge is taken every day by over 20000 vehicles of which are 1000 
public transport buses. Moreover, 1200 trains pass under the bridge every day. 
 

 
Fig. 1 - City of Lucerne, urban context Fig. 2 - New Langensand bridge 
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Therefore, the development of the city required replacing an obsolete concrete bridge 
dating from 1938 which no longer met the increasing needs of pedestrian and bike 
mobility as well as road and rail traffic (Figure 3). The project of the new bridge is 
the result of an international competition in 2004 that our company, Ingeni structural 
engineering, won with the Swiss architects Brauen and Wälchli. The construction 
work started in 2008 and finished at the end of 2009. The bridge was put in service at 
the beginning of 2010. In 2011, this construction work received the Swiss Steel 
Award.  
 
Due to its strategic location and the development of the mobility needs, the demands 
of the client were strict and clear. Firstly, it was required to keep the exact same 
location of the existing bridge. Secondly, the capacity needed to be doubled in terms 
of pedestrian, bicycle and road traffic (Figure 4). Thirdly, the new bridge had to cross 
the eleven tracks without any supports over a span of 80 m. And finally, the 
construction could under no circumstances interrupt the rail and road traffic. In 
addition there were numerous restrictions to continually guarantee the safety of users 
and workers. 
 
 
 
 
 
 
 
 
 
 
 
Fig. 3 - Existing old bridge Fig. 4 - New bridge: demands of the client
 plan view and cross section 
 
DESIGN 
 
The former bridge was a concrete structure made from multi-box girders (Figure 5). 
It was important to understand this structural system in order to take advantage of it 
during the building stages where, in this project, it would be progressively 
dismantled to allow for the new construction. The requirements of the competition 
led to the placement of temporary propping in some areas between the railroad tracks 
and allowed the construction company to organise the site installation in the two 
adjacent areas (Figure 6). 
  
 
 
 
 
 
 
Fig. 5 - Concrete structure of the former  Fig. 6 - Available areas for work site 
and bridge  temporary propping 

CROSS SECTION 
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Thus, the demands and constrains were very exacting and the context of the site very 
complex and dense with constant flux to manage. This notion of flux guided initial 
reflections around the design of the bridge (Figure 7). Moreover, the goal was to 
have a simple clean design in complete contrast to the complexity of the world of the 
trains below all in harmony with the surrounding area of the city. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 7 - Notion of flux, design drafts 
 
From a formal point of view, the project is the result of a synthesis between 
functionality, construction methods, structural behaviour and the urban context 
which it fits into. The chosen shape is defined by the space between the line of the 
limit of the free area required by the railway company and the longitudinal profile of 
the road. This profile is given by the maximal slopes allowed and its minimal vertical 
radius (Figure 8). In this way, the bridge is inserted between these limits very 
precisely. 
 

 
Fig. 8 - Profile constraints and shape of the bridge 
 
The resulting shape follows the movement of the bending moments of a simple beam 
with the maximal height at mid-span. Based on this principle, the outcome was a 
simple beam structure with a span of 79.7m and the maximal height of 2.6m. On the 
bearings the height is only 1.2m (Figure 9). This gives a very slender bridge with a 
ratio - length by height – of about 37. Such slenderness makes the bridge sensitive to 
deflections and vibrations. The cross section was imagined in terms of functional and 
constructive considerations (Figure 10). For functional purposes, the road from the 
pedestrian walkway and bike line was separated. This gave a curved longitudinal 
profile for the former and a flatter profile for the latter. Constructively, a particular 
composite structural system was chosen which is composed of two steel box girders 
covered by a concrete slab. 
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 CROSS SECTION – DIAPHRAGM 

STANDARD CROSS SECTION 

CROSS SECTION – ABUTMENT 

 
Fig. 9 - Plan view and longitudinal section   Fig. 10 - Cross section 
 
This particular cross section allowed for the bridge to be build up in two half parts 
enabling each part to be structurally autonomous and functional during the working 
phases. The two steel boxes were launched over the railway tracks with an interval of 
about one year so as to never stop the road and rail traffic as required by the client. In 
the plan view (Figure 9), for geometrical reasons, the longitudinal axis of the bridge 
can’t be placed perpendicular to the direction of the railways. Therefore, the bearings 
of the bridge are at an angle of about 17 degrees. This feature as well as the high 
torsion rigidity of the box girder, makes an important difference to the support 
reactions. A special process adjustment was necessary using lifting and measuring 
pot bearings. Six diaphragms link the two box girders to finally obtain the complete 
structure of the bridge with, naturally, better behaviour than each single girder. A 
series of cantilever beams with an impressive span of 6.8m and spaced out over 
3.6m, are laterally fixed to the girders to support the pedestrian walkway and bike 
lane. Actually, the geometry of the bridge is quite complex. Along the bridge axis, 
each cross section is different from the one next to it. Figure 11 shows different cross 
sections in the middle of the bridge with and without a diaphragm and another one at 
the abutment. Furthermore, the manufacturing and the assembly on site (completely 
made by welding) were complex due to the limits of transportation and the methods 
and stages of construction (Figure 12). In particular, the box girder (4.6m wide) was 
manufactured in two parts in a “C” shape, each of a length of about 20m, and then 
welded together on site. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 11 - Different cross sections Fig. 12 - Manufacturing and assembly diagram 
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The concrete slab was added after the launching and, due to the use of the steel 
orthotropic deck, no concrete form was required. Not only do the steel deck and its 
cantilever part have a structural function but they create a clear and safe separation 
between the bridge site and the railway tracks below. In this way, all the work could 
be carried out without incident. The steel box girders, associated with the 24cm thick 
concrete slab, work as a composite structure. This composite behaviour also exists in 
the longitudinal way for the overall system as well as locally for the concentrated 
loads. The layer of concrete slab considerably increases the flexional rigidity by 
about 40% more than the steel section alone. To minimise the maintenance of the 
bridge during its life cycle, we used weathering steel for all the construction. The 
exposed upper parts of the cantilever are protected by paint and asphalt. 
 
CONSTRUCTION STAGES 
 
The guiding principle of construction was one of the most important elements which 
influenced the design and the constructive choices of the bridge. During the 
construction process we had different situations to deal with, in chronological order 
as follows: 
1. one half of the steel bridge under construction and beside it the existing bridge 

partially dismantled, but still in use 
2. one half of the composite bridge in use and the existing bridge being dismantled 
3. one half of the composite bridge in use and the second half of the steel bridge 

under construction 
4. one half of the composite bridge in use and the second half of the composite 

bridge under construction 
5. the complete composite bridge in use made by joining together the two halves. 
 
This method of building in two parts and then joining them together as one was 
applied to all the elements of the construction: foundation piles, abutments, bearings, 
expansion joints, waterproofing, road surface, finishing and equipment. The limited 
space of the construction site prevented us from assembling the entire half bridge 
before launching it over the railway as one piece. Thus, each half steel bridge was 
launched in four phases by 20m lengths (Figure 13). A complete phase (assembling, 
welding and launching) lasted three weeks. In view of the intensity of the rail traffic, 
the launching was carried out during the night, at a speed of about 8 to 10 meters per 
hour. 
 
 
 
 
 
 
 
 
 
 
Fig. 13 - Launching phases 
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NUMERICAL MODELS 
 
In its completed state, the bridge looks deceivingly simple, but its clean appearance 
hides the technical issues had to be solved. One of the most challenging problems of 
this structure is its flexibility due to its great slenderness. This makes it susceptible to 
large deflections as shown in Figure 14. The total deflection between the initial 
cambered geometry, given at manufacturing in the shop, until the serviceability limit 
state, during the life cycle, is about 800mm. This value represents a significant ratio 
of one hundredth (1/100) of the span. Moreover, the total deflection is a sum of 
successive deflections in relation to the history of construction where the structure 
progressively evolves from a half steel bridge to a complete composite bridge. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 14 - Camber and deflections of the half bridge 
 
As a result, it was imperative that the numerical model be as close as possible to the 
real behaviour of the structure, in particular, to be able to manage the joining of the 
two half composite bridges. This final operation was, without a doubt, the most 
delicate phase of the construction. Therefore, to have complete mastery of the 
structural behaviour, different numerical models were used (Figure 15). From the 
simplest finite element model, (FEM) using bar elements, to the most sophisticated 
model using shell elements. All of these models followed the sequence of 
construction stages and the evolution of the structural system. This process of 
modelling provided much information about the sensitivity of some design 
parameters and finally allowed for design at the ultimate and the serviceability limit 
states. Above all, this process defined, in a most reliable way, the evolution of the 
deflections and thus the camber of the steel structure for manufacturing. 
 
 
 
 
 
 
 
 
Fig. 15 - Finite element models 
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As mentioned above, in the design stage, the solution to launch a steel bridge with a 
complete orthotropic deck was selected (Figure 16). This was essentially for security 
reasons regarding the railway but not only. This steel structure allowed the engineers 
to keep the deflections (due to its dead weight and that of the concrete slab) under 
control. Actually, in this phase, the steel structure worked as a simple beam with a 
span of 80m. Temporary supports were not possible due to the extremely poor soil 
conditions (lakeside deposit) and the impossibility of boring or driving foundation 
piles between the railway tracks. Therefore, the risk of significant soil packing was 
too high.  
The composite behaviour of the longitudinal system is well known. In order to 
evaluate the local structural behaviour of the steel deck under concentrated traffic 
loads, the composite orthotropic deck was modelled with finite elements, using the 
program Axis VM. In order to optimize computing capacity, only a symmetric part 
of the orthotropic deck was taken into account, considering structural continuity by 
appropriate boundary conditions (Figure 17).The steel structure was modelled by 2D 
shell- and 1D rib-elements and the concrete layer by 2D shell elements. For the shear 
studs as structural connection between both layers, linear spring elements were used. 
The sensitivity of the system was analysed by varying both, elastic modulus of the 
concrete and the spring constant. The calculation showed that the steel sheet is 
capable to assume at the same time the stresses of the longitudinal system and those 
due to the local concentrated loads. As a result, the bottom layer of reinforcement 
bars was not put on. 
 
 
 
 
 
 
 
 
 
 
 
Fig. 16 - Steel deck Fig. 17 - FEM of the composite deck 
 
During the construction process, the geometry of the structure was regularly checked. 
A good correlation between the numerical model and the final construction was 
observed. A maximal difference of 35mm was measured (Figure 18). As a result, the 
position of the two half bridges was very close to the theoretical values. In the design 
stage, to be sure to join them, the engineers planned to adjust the two parts of the 
bridge using hydraulic jacks. They estimated any corrections to be plus or minus 
50mm. For different practical reasons, the two parts were adjusted ballasting the 
second half bridge with tanks filled with water. In that way, the joining operation 
was carried out perfectly. 
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Fig. 18 - Geometry check at the linking axes 111 and 123 
 
Before putting into service the first half bridge and the completed bridge, static load 
tests were made by the Ecole Polytechnique Fédérale de Lausanne (EPFL) [Goulet 
and all]. Several load cases were carried out to test the flexional and the torsional 
response of the structure. The results of the load tests confirmed that the behaviour of 
the structure conforms to values of the numerical model. The measurements were 
systematically lower than the calculated values of an average of 10%. This was for 
the two tests, the half bridge and the final bridge. This result was especially 
important because the reserve of the deflection under the mobile load action is very 
small. For the serviceability limit state, a deflection of 125mm was calculated with a 
reserve of 25mm of the limit of the free area required by the railway company. 
Therefore, the bridge has one bigger reserve of deflection that is a positive aspect. 
 
APPROACH OF DYNAMIC PROBLEMS 
 
It is possible that the slenderness of this bridge made it sensitive to dynamic 
problems especially because there is a mixed usage of vehicles and pedestrians (on 
cantilevered walkways of 6.8m). In the design stage, this problem was approached 
with a very simple solution based on a model of a spring submitted to a force of two 
times 100kN, which is representative of a weight of a truck’s rear axle. An overrun 
of the limit acceleration of 0.8m/s2 was detected for a specific position of two trucks 
in phase with the half bridge. The risk to have perceptible accelerations was accepted 
in this temporary phase. For the completed bridge, the same simple model showed 
that the behaviour would be better never overrunning the acceleration limits. 
Nevertheless, the engineers decided to reserve space and the corresponding weight 
(about 40t) in the box girders to install Tuned Mass Dampers (TMD’s). They also 
decided to do extensive dynamic tests on the half bridge to anticipate the behaviour 
of the completed bridge in order to decide whether or not to install the TMD’s. Reto 
Cantieni, RCI Dynamic, structural dynamics consultants, co-author of the paper, did 
this analysis and tests. 
 
 
 

111 123
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CONSIDERING DYNAMIC PROBLEMS IN THE DESIGN STAGE 
 
The question of whether or not pedestrians walking on the cantilevers would be 
annoyed by traffic vibrations had already arisen at the design stage of the bridge. To 
answer this question, some knowledge of dynamic wheel loads produced by heavy 
vehicles is required as well as some knowledge of natural bridge vibration modes. 
The latter does not only include natural frequencies, but also mode shapes. 
Significant bridge response can be expected if the frequencies of wheel loads and 
bridge are identical and, in addition, only if the related bridge mode shape is 
optimum. A mode shape is optimum if its shape is similar to the quasi-static 
deflection shape generated by the vehicle as it crosses the bridge. Heavy vehicles’ 
dynamic wheel loads appear in two frequency ranges: body bounce vibrations, 
f = 1…3.5 Hz, axle hop vibrations, f = 7…15 Hz [Cantieni and Krebs 1999]. Moving 
pedestrians are most susceptible to vibrations in the f = 4…8 Hz range [ISO 1997]. 
Based on the bridge model used in the design stage, the fundamental bridge mode in 
vertical bending was estimated at f = 0.91 Hz. The second mode could be expected at 
f ≈ 3.6 Hz. The first transverse bending mode was estimated at f = 5.63 Hz. The risk 
of being confronted with significant problems was rated as being not too large. From 
the vertical bending modes, the first had an uncritically low frequency and the 
second a suboptimal shape (node in the bridge mid-point). However, some risk 
resulting from transverse vertical bending modes could not be excluded. An 
analytical evaluation of such modes requires a very detailed bridge FEM. This was 
not available. Therefore, the recommendation was to make subsequent installation of 
TMD's (Tuned Mass Dampers) easily possible. 
 
DYNAMICS CHARACTERISTICS OF THE HALF BRIDGE 
 
Ambient vibration technology was used to identify the dynamic characteristics of the 
new half bridge completed in December 2008. This technology is very well suited to 
identify a structure with an 80m span and many railway lines underneath. Further 
excitation was provided through the road traffic crossing the adjacent old existing 
bridge. There was no traffic on the new half bridge itself. Instrumentation included 
15 DOF's (Degrees Of Freedom) per setup. Six of them were located in two 3D-
reference points. Another six covered two 3D- and another three 1D- rovers. Of the 
four measurement lines indicated in Figure 19, two were instrumented 1D and two 
3D (Figures 20 and 21). The sensors were of the 10 V/g PCB ceramic-type linear 
down to f = 0.2 Hz, the frontend was an LMS Pimento. The sampling rate was 
chosen to sR = 100 Hz, the length of the time window to T = 1'800 s. To cover the 
whole set of 104 DOF's, 12 setups were required; the total testing time was 8 hours at 
a temperature of close to freezing. The Artemis Software suite EFDD (Enhanced 
Frequency Domain Decomposition) technology was used to extract the bridge's 
modal parameters. Some of the 17 bridge natural modes identified in the f = 
1.22…23.7 Hz range are presented in Figure 22 [Cantieni 2010]. 
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Fig. 19 - The four measurement point lines used on the 2008 completed bridge half 
are indicated with red squares. 

 

 
Fig. 20 - Instrumentation for setup 2. Blue: Fig. 21 - All 52 measurement points, 
Reference DOF's, Green: Roving DOF's  104 DOF's, measured 
 
  

  

Fig. 22 - Four half bridge natural modes 

 
DYNAMIC LOAD TESTING OF THE HALF BRIDGE 
 
A comprehensive dynamic load testing schedule was performed the day after the 
ambient vibration tests ([Cantieni 2010]). Test vehicles included a steel-suspended 
35-kN 4-axle truck, an air-suspended 35 kN 4 axle-truck as well as an air-suspended 
3-axle bus (Figure 23). These vehicles crossed the bridge on a regular schedule. 
Further information on the influence of a vehicle's suspension can be gathered from 
[Cantieni, Krebs, Heywood 2000]. It can be mentioned here that the reference cited 
is the final report on a joint OECD test program between EMPA and the Queensland 
University of Technology with performing dynamic load tests using various vehicles 
in Switzerland as well as in Australia. 
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Fig. 23 - Two of the vehicles used for the dynamic load tests. Tests with crossing a 
25 and a 50 mm-plank were also performed 

 
Accelerations were measured at three points of the walkway cantilever. For passages 
without a plank on the pavement, a maximum value a = 0.8 m/s2 was not surpassed. 
With the plank, the maximum acceleration reached a = 2.5…2.65 m/s2. As, according 
to the literature ([Bachmann 1995]), a value of a = 0.5…1.0 m/s2 is rated as 
acceptable. As a result, the bridge owner decided to refrain from planning installation 
of TMD's. We however suggested keeping the pavement’s evenness under control. 
Heavy vehicles’ dynamic wheel loads are significantly dependent on this parameter. 
From analyzing the measured cantilever accelerations it became clear that the high 
frequency axle hop vibrations strongly influence the cantilever dynamic response. 
This is illustrated in Figure 24 where the body bounce excited vibrations reach a = 
0.20 m/s2 whereas axle hop excited vibrations lead to the maximum registered value 
a = 0.79 m/s2. More details to this can be taken from [Cantieni 2010]. 
 

Fig. 24 - Acceleration frequency spectra measured under the passage of a heavy 
vehicle 
 
DYNAMICS CHARACTERISTICS OF THE COMPLETED BRIDGE 
 
In May 2012 a non-comprehensive ambient vibration test was performed on the 
completed bridge. Instrumentation included: one 3D- and one 1D- sensor located at a 
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cantilever tip were used as a reference and a rover respectively (Figure 25). All other 
parameters and signal processing features were kept as those having been used in 
December 2008. 
It is naturally not possible to identify a bridge natural mode shape with using 7 
DOF's in the same way as with using 104 DOF's. However, knowing the detailed 
results (frequencies and shapes) of the half bridge, some basic results gathered for 
the completed bridge could easily be verified (Figure 26). It also becomes clear from 
Figure 27 that the completed bridge is slightly less rigid than the half bridge. 
 

Fig. 25 - The 3D-reference point MP 1 close to mid-span, the 1D-rover moved over 
the bridge half span from MP 2 to MP 5. Point 6 is located at the abutment 
 
 
 
 
 
 
 
 
 
Fig. 26 - Shape of modes 1 and 4 for the half (top) and the completed (bottom) 
bridges (numbers see Fig. 27) 
 
Table 1 - Comparison of some results of identification of the half bridge (LS 2, 2008) 
and the completed bridge (LS 3, 2012) 

Mode 

LS 2 

Frequency 

[Hz] 

Damping

[%] 

Shape 

LS 2 

Mode

LS 3 

Frequency 

[Hz] 

f LS 3/f LS 
2 

1 1.266 1.69 long. bending 1 1 1.147 0.91 

2 2.583 1.62 transv.bending1 2 2.258 0.87 

3 2.824 1.38 transv.bending2    

4 3.525 0.88 long. bending 2 4 3.479 0.99 

 
CANTILEVER DYNAMIC BEHAVIOR OF THE COMPLETED BRIDGE 
 
The signals acquired from the ambient vibration test as discussed above could of 
course also be processed using simple FFT (Fast Fourier Transform) methodology. 
The difference to the dynamic loading tests on the half bridge as discussed earlier is 
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the loading procedure. On the half bridge, we had single heavy vehicles crossing the 
bridge in a relatively short amount of time. For the completed bridge we analysed 
signals of a 30 minutes length with a wide variety of vehicles crossing the bridge in 
both directions. In addition, there was pedestrian and bicycle traffic on the cantilever. 
The maximum acceleration amplitude at the cantilever tip, a = 0.71 m/s2, was 
measured during a jogger's passage. For traffic excitation the maximum amplitude 
did not cross a = 0.42 m/s2. And: It can very nicely be seen from the spectrum 
presented in Figure 28 that, indeed, the cantilever response concentrates on the two 
frequency ranges excited by heavy vehicles: body bounce at f = 1…3.5 Hz and axle 
hop at f = 7…15 Hz. And: Almost all of the peaks shown in Figure 28 can directly be 
related to bridge natural modes. Dynamically speaking: the new Langensand Bridge 
is a cross-over between a beam and a wing. At the same time its beam-type vertical 
bending behaviour and it's wing-type transverse bending behaviour are excited by 
traffic and are both significantly influencing the final response at the wing tips. For a 
highway bridge, this is quite unusual. 
 

 
Fig. 27 - Vertical acceleration frequency spectrum measured at approximately mid-
span 

 

CONCLUSION 
 
The design of the Langensand Bridge in Lucerne represents a minimal shape defined 
by strict constraints and needs. The result is a significant slender structure (L/37) 
susceptible to substantial deflections and dynamic effects further complicated by the 
interaction between road traffic and pedestrians. The concept is based on a special 
composite structure capable of adapting itself to the different phases of the 
construction which were required by the demands in terms of the upkeep of the road 
and the railway traffic without omitting the safety problems of the users and the 
exploitation of this transport network. Several FEM’s were used to keep under 
control the various situations of the deflections during the history of the bridge’s 
construction. Geometrical controls and static load tests showed that FEM’s and real 
behaviour were much close. The difference was inferior to 10% which is an excellent 
result; in reality the structure is more rigid than the model. Consequently, the delicate 
link between the two half bridges was realised without significant complications or 
setbacks. The dynamic behaviour was approached with a simple model that showed 
the sensitivity of the structure. Thus, we decided to check the first phase of the 
construction with comprehensive dynamic tests on the half bridge in order to predict 
the final behaviour of the completed bridge. These tests of the half bridge plus a final 
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test of the completed bridge showed that the interaction of traffic loads and 
pedestrians didn’t generate excessive accelerations for pedestrians on the tip of the 
cantilevered walkway. The values are lower than the acceptable value of 0.8m/s2. 
This project shows that a clear concept accompanied by a strong numerical 
modelling capable of analysing the several parameters influencing behaviour, 
enables the realisation of complex structures. This approach has to be completed with 
in situ tests to compare results and adjust, if necessary, the following phases of the 
construction. For this complex structure, we were able to adapt the delicate phase of 
joining the two half bridges to obtain the completed bridge. 
 

 
Fig. 28 - New Langensand bridge in Lucerne Switzerland 
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Abstract 
 

This paper describes the welding procedure qualification of the multilayer 
“lamellar” flange for modern bridge construction made in the Czech Republic. The fine-
grained structural steel was used for construction and welding qualification. Weldability 
of this steel grade is briefly mentioned. Technological and proposed welding processes 
including weld joint preparation are described. FCAW welding in the overhead position 
is carried out by the seamless flux cored wire and SAW welding using solid wire in the 
flat position is applied. All required tests on the multilayer weld joint including tensile 
test, bend test, hardness distribution, impact test, and macroscopic evaluation are 
investigated. All test results are in good agreement with EN ISO 15614-1 standard 
requirements. Based on the satisfactory results, the proposed welding procedure for the 
multilayer flange weld joint can be qualified. 
 
1 INTRODUCTION 
 

Development and erection of the new modern bridge steel structures are more 
influenced by technical requirements for structure design and material savings which are 
possible due to the recent computer technique. Multilayer flanges with several plates 
combined, so called lamellar flange, have been used for top flange of the bridge 
structure. Samples and different kinds of the multilayer plates and their welded joints are 
presented in Figure 1. 
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Figure 1. Welded joint samples of multilayer flanges. 
 
Butt weld joint of the multilayer flange is only simple defined in EN ISO 1708-2 
standard mainly with respect to the minimal weld penetration size for “V” sealing butt 
weld performed between plates. It is necessary to suggest the suitable technological 
procedure for welding and range of destructive and nondestructive testing for welding 
procedure qualification. Paper describe welding process and procedure qualification of 
the multilayer flange according to the EN ISO 15614-1 standard on the in site condition.      
 
2 MODERN BRIDGE STRUCTURE USED IN PRAGUE 
 

Construction coupled composite bridge was started in the fall of 2007. Its 
structure was completed in late 2009. The bridge was put into trial service together with 
a southwest ring road around the Prague in September 20th 2010. 

Bridge of the total length of 461 m passes through the valley height 65 m in 
curves with a radius of 747.5 m, transverse slope of 4.0% and a constant longitudinal 
gradient of 2.4%. The total width of the bridge is a variable from 34.28 to 37.105 meters 
with two driving directions separated by barriers, bilateral official functions walkways 
with railings, completed on one side of a noise barrier. 

The supporting structure is continuous with five sections with spans of 70.0 + 
79.8 + 99.3 + 93.8 m + 80.5 m, while in the field with the largest span is strut frame with 
axial distance of 157.1 m. The beam is hinge supported on the pillars and abutments in 
other fields. Beam total length of 425.10 m is coupled to concrete and has a chamber 
cross-section with inclined walls. Oblique props strut frame are made of concrete. 
General view on the bridge is presented in the Figure 2. 
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Figure 2. General view on the coupled steel-concrete bridge over the Lochkov 

Valley. 
 

The steel part of the bridge support structure forms an open cross section with 
inclined walls the height approximately 3.9 to 4.5 m, the bottom width of 11.0 m and the 
upper flanges of width 1.5 to 2.4 m. The main beam is extended by two external and one 
internal spar, which is supported by tubular struts. The upper flange of the main beam 
and the longitudinal members are connected by four GEWI rods of diameter 40 mm and 
are provided with studs for coupling with the deck slab, Figure 3. 
 

 
Figure 3. Bridge steel chamber with plate flanges. 

 
The steel structure is made of S355 steel. S355J2 + N steel was used for plates 

thickness up to 35 mm, S355K2 + N steel for plates thickness up to 50 mm and S355NL 
+ N steel for thicker plates. Longitudinal walls reinforcement and bottom band of 
trapezoidal cross-section are made of the S355J2C + N steel and tubular steel struts of 
the S355J2H steel. The top flange thickness greater than 110 mm are made from two 
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plates called lamellar flange. Limiting the maximum used plate thickness was based on 
the EN 1993-1-10 requirement on prevent of brittle fracture. Lamellar flanges are 
designed over the supports P2, P4 and P5 in the negative bending moments. The 
maximum thickness of lamellar flange is 190 mm (plate thickness of 100 mm and 90 
mm) 
 
3 BASE MATERIAL FOR MULTILAYER FLANGE WELDING PROCEDURE 
QUALIFICATION 
 

Fine grained micro-alloyed steel S355NL grade according to the EN 10027-1 
with thickness of 190 (180) mm was used for design and welding procedure 
qualification. Weld joint preparation with respect to the welding in on site condition is 
presented in Figure 4. 
 

 
Figure 4. Weld joint preparation for multilayer flange. 

Standardized the base mechanical properties and the chemical composition of the used 
S355NL steel are presented in Tables 1 and 2. 

Table 1. The base mechanical properties of the S355NL steel. 

Steel grade 
 

Rm (MPa) Re (MPa) A5 (%) KV (J) 
 +20°C +20°C +20°C at -40°C 

S355NL 470-630 ≥ 315 ~ 22 
longitudinal: 34 

transverse: 20 
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Table 2. Chemical composition of the S355NL steel. 
Chemical composition (wt. %) 
C Si Mn P S Al Cr 

≤0.018 ≤0.50 
0.90-
1.65 

≤0.03 ≤0.025 ≥0.02 ≤0.30 

Cu Mo N Nb Ni Ti V 
≤0.35 ≤0.10 ≤0.015 ≤0.05 ≤0.50 ≤0.03 ≤0.12 

 
The object of the welding procedure qualification of the multilayer flange 

presented in Figure 2 was only the main, both sides V butt weld joint, which is welded in 
site on the bridge construction. V sealing butt weld joint, see Fig. IV, was prepared, 
welded and checked in bridge production plant and was not subjected to the welding 
procedure qualification. The base material of S355NL steel belongs to the 1.2 steel 
group according to the TNI CEN ISO/TR 15608:2008 standard.  
 
4 WELDABILITY OF THE MICRO-ALLOYED FINE GRAINED STEELS 
 

Modern micro-alloyed fine grained steels are produced by using of the suitable 
chemical composition and different kinds of heat treatment. The aim is to achieve both 
high mechanical properties, resistance to the brittle fracture and good weldability of the 
steel. Palates and semi-products are most often produced by controlled rolling in 
combination with heat treatment which pointing out Al, Ti, Nb and V micro-alloying 
elements on material properties. 

The attention should be mainly given to the influence of the base material 
chemical composition, welded thickness, hydrogen content in the weld metal, heat input 
and residual stresses at welding for ensuring the high quality of the fine grained steel 
welded joints.  

Preheating and post heating make it possible to decrease cooling rate at welding 
which has significant influence on final mechanical, physical and chemical properties of 
the fine grained steel welded joints. Preheat temperature is determined based on the 
chemical composition of the steel with respect to welded thickness. Interpass 
temperature is corresponding to the preheat temperature (Max. +50°C) because the yield 
strength in the heat affected zone (HAZ) of the base material can be decreased at high 
interpass temperatures.  

The main technological procedure for welding fine grained steels should be 
suggested in this way so that the HAZ was not significantly influenced by welding 
process. It is recommended to welding with low penetrated filler material, low electrode 
diameter, low amperage and with higher welding speed with up to 10 kJ·cm-1 heat input. 
It is also necessary to use the welding consumables and technological procedures 
ensuring low hydrogen content in the weld metal at welding fine grained steels. 
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5 CONSUMABLES USED FOR WELDING MULTILAYER FLANGE 
 

The following welding methods and consumables were used for welding 
multilayer flange test specimen: 

• Welding of the root area “I” (see Fig. II) was carried out by FCAW method (Flux 
cored seamless electrode Nittetsu SM-3A, according to the EN ISO 17632-
A: T 42 4 Z M 3 H5 with M21 shielding gas according to the EN ISO 14175 
standard) in the PA (ISO 6947) flat welding position. Ceramic backing of 10 mm 
in diameter was used. 

• Welding of the area “II” (see Fig. II) was carried out by FCAW method (Flux 
cored seamless welded electrode Nittetsu SF-3AM, according to the 
EN ISO 17632-A: T 46 4 Z P M 2 H5 with M21 shielding gas according to the 
EN ISO 14175 standard) in the PE (ISO 6947) overhead welding position. 

• Welding of the area “III” (see Fig. II) was carried out by SAW method (Wire 
ESAB OK Autrod 12.22, according to the EN 756: S2Si + ESAB OK Flux 10.72 
flux according to the EN 760: SA AB 1 57 AC H5) in the PA (ISO 6947) flat 
welding position. 

 
Used Nittetsu filler materials are seamless continuously welded flux cored 

electrodes which ensuring high stable welding arc and good operational properties. 
These electrodes used for important welded steel structures also ensuring very low 
hydrogen content in the welded metal which its typical value is 3 ml/100g of welded 
metal. 
 
6 WELDING AND PROPERTIES EVALUATION OF THE MULTILAYER 
FLANGE 
 

Testing weld joint of 1000 mm length and 600 mm width was prepared for 
mechanical properties evaluation. With respect to the possible distortion and in order to 
simulate the real toughness of the welded bridge steel structure, the testing specimen 
was positioned and welded into the preparation made from HEB 1000 profile as can be 
seen in Figure 5.   
 

Composite Construction in Steel and Concrete VII 32

© ASCE



 
Figure 5. Schematically positioned testing specimen in the preparation made of the 

HEB 1000. 
 

Both weld surfaces were grinded to flat after finishing of the all welding works 
and applied post heating. Welded joint of the multilayer flange could be now 
nondestructive tested using magnetic particle inspection according to the EN ISO 17638 
and ultrasonic inspection according to the EN ISO 17640. Ultrasonic testing requires 
knowledge and experiences with multilayer flanges testing. 

Mechanical properties and metallography examination of the testing multilayer 
flange were performed according to the EN ISO 15614-1 standard. Mechanical 
properties were evaluated according to the transverse tensile tests, impact toughness 
tests of the weld metal and HAZ at -40°C and hardness measurements. Positions and 
number of the impact toughness testing specimens were suggested in accordance to the 
EN ISO 15614-1 standard and took into account all the used welding methods and filler 
materials. All results from mechanical testing are summarized in the following Table 3.   

 
 Table 3. Performed tests on the multilayer flange. 

Performed mechanical tests EN ISO 15614-1 
requirement Test result (average) 

Tensile test Min. 470 (MPa) Min. 550 (MPa) 

Side bend test at 180° 
Max. length of crack shall be 
less than 3 mm 

No cracks on 4 
specimens 

Impact toughness test  
at -40°C 

Min. 20J 
Min. 60J (FCAW weld 
metal) 

Hardness measurement Max. 380 HV10 Max. value 290 HV10  
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Detail of the bend test specimen and bend test procedure is shown in Figure 6. 
 

 
Figure 6. Bend test 180° of the multilayer flange. 

 
Macrostructure examination was performed according to the EN 1321 standard 

and evaluation was performed according to the EN ISO 5817 standard for the B quality 
grade. Figure 7 presents macrostructure of the welded multilayer flange.    
 

 
Figure 7. Macrostructure of the multilayer flange. 

 
Results of the all mechanical tests performed on the welded multilayer flange 

specimen fulfill all requirements for the base material. There were identified no 
unallowable defects on the test specimen by metallography examination.   
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7 CONCLUSION 
 

Welding procedure qualification tests were used for evaluation of the 
technological and welding procedure on the multilayer flange welded joint. Test results 
evaluated according to the EN ISO 15614-1 standard clearly proved that suggested 
technology and also welding consumables used for S355NL base material fulfill all 
requirements for welded joint. It is important to suggest proper size of the test specimen 
including toughness simulation in order to get near the real welding conditions of the 
bridge steel structure.         
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Abstract 

For (low cycle) fatigue design of steel foundation piles of composite bridges 
with integral abutments, not only traffic loads but also temperature loads as well have 
to be considered. Regarding this temperature fatigue load case, no specific rules and 
recommendations are given in EN 1991-2 (Eurocode 1: Actions on structures - Part 2: 
Traffic loads on bridges). The current paper proposes a simplified temperature load 
spectrum, to be used for (low cycle) fatigue design of constructional steel members of 
composite bridges with integral abutments. Therefore, effective bridge temperature 
hydrographs (100 year period) are derived by means of FE-calculations for various 
locations based on actual weather data. They are converted into pile strain 
hydrographs, taking into consideration residual strains and plastic deformations. The 
calculations are verified by laboratory low cycle fatigue tests and monitoring results. 
Finally, a design temperature load spectrum is proposed, based on classified 
temperature variations. 

INTRODUCTION 

In many countries composite bridges with integral abutments are already an 
alternative to well-established concrete bridge solutions, in particular if an economic, 
robust and light solution is aimed at [Feldmann and Pak 2009] [Feldmann et al. 
2011]. For fatigue design of steel foundation piles of these bridges according to [EN 
1993-1-9:2005 2009], frame effects have to be considered. Therefore, not only traffic 
loads but temperature loads as well have to be considered. Especially in case of long 
bridges and stiff soils, plastifications may occur in the steel piles which need to be 
considered for low cycle fatigue verification [Nilsson et al. 2008] [Pétursson et al. 
2011]. The general approach proposed in this paper is shown in Figure 1. 

By an idealisation of the elastically bedded beam by an equivalent cantilever 
(B) (equivalent cantilever method [Greimann et al. 1987]) the strains relevant for 
design caused by elongation and contraction of the superstructure (A) are determined 
(C), whereas residual strains are considered as well. Finally, the strains are classified 
by means of a Rainflow analysis and analysed according to [EN 1993-1-9: 2005 
2009]. 

Composite Construction in Steel and Concrete VII 36

© ASCE



To accelerate that approach it needs to be simplified in a way where residual 
stresses / strains are neglected. This way the effective bridge temperatures, causing 
pile deformations, can be classified directly; afterwards the classified deformations 
can be transferred into classified strains, the load history does not need to be taken 
into consideration explicitly. The reliability and validity of this procedure is 
confirmed in the following. 

 
Figure 1. Determination of pile strains Δε. 

Furthermore the influence of self-weight (permanent axial load) and traffic 
load (alternating axial load) on the strains in the pile is examined. It can be shown 
that these axial loads do not need to be combined explicitly with the deformation 
controlled loads due to temperature variations but can be considered separately. 

Finally an approach for the determination of an artificial temperature load 
spectrum as input for the fatigue design is developed. The applicability of that 
approach is shown by means of sample calculations. 

DETERMINATION OF STRAIN SPECTRUM CONSIDERING LOAD 
HISTORY 

Pile strains at the connection between pile and abutment, caused by a 
horizontal deformation of the superstructure (elongation and contraction due to 
temperature), are determined according to the following consecutive steps (Figure 2, 
method I): 

1. calculation of the effective bridge temperature (EBT) hydrograph for a given 
cross section by means of a Finite Element calculation, based on: 

a. ambient temperature hydrograph (temperature load) 

b. global radiation hydrograph  (radiation load) 

c. wind speed hydrograph  (thermal coefficient) 
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at the structure’s actual location (time period chosen: 50 years, time step: Δt = 
2 h); 

2. transformation of the EBT hydrograph into a deformation hydrograph (axial 
deformation of the superstructure, elongation and contraction); 

3. reduction of the deformation hydrograph (local extremes); 

4. consideration of the foundation piles (elastically bedded beam) by means of 
an equivalent cantilever according to [Greimann et al. 1987]; 

5. application of the deformations (3.) to the equivalent cantilever (4.); 

6. determination of the strain hydrograph for the pile’s cross section relevant for 
design (pile-abutment connection), based on the deformation hydrograph; 

7. strain classification by means of an adequate classification method; 

8. damage accumulation according to Palmgren-Miner (see following chapter). 

 

 
Figure 2. Determination of strain spectrum. 

 
As long as the piles’ cross section is not subjected to plastic deformations, the 

deformation hydrograph can be transferred directly into a strain hydrograph by means 
of a linear admittance function (method II). The time consuming steps (5.) and (6.) 
can be skipped, as both curves are mathematically similar. To show that this 
simplification can be adopted for long bridges causing plastic deformations of the 
piles as well, both methods are compared in the following for a specific bridge 
structure. 

Step 1-3: The calculation of the effective bridge temperature (EBT) is 
performed for the cross section of the bridge “Entenpfuhl”, monitored within the 
scope of the European research project INTAB [Feldmann et al. 2010]. In a first step, 
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a finite element model is calibrated by means of temperature monitoring data (1 
year). In a second step, the model is used for generation of EBTs for a time period of 
50 years (1950-1999) based on real weather data. These EBTs are transferred into 
bridge elongations / movements of the abutments, whereas rotations due to non-
uniform temperature distribution over the superstructure’s height are disregarded. 

Step 4/5: The horizontal abutment movements are applied to an equivalent 
cantilever, based on the equivalent cantilever method proposed by [Greimann et al. 
1987]). Here the uniformly bedded pile is replaced by an equivalent cantilever; the 
determination of the cantilever’s length is based on the static equivalency to be 
granted. To generate an equivalent fixed-end moment, the following equation is 
proposed [Greimann et al. 1987]: 
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In the way the approach is adopted here, abutment rotations are disregarded, 
as bridge elongations are applied to the cantilever directly. To validate the 
applicability of this simplification, the fixed end moment cycles ΔM determined 
according to this approach are compared to the moments in the pile-abutment 
connection calculated by means of a complete finite element model (including 
abutment rotations and earth pressure variations) (Figure 3). 

 

 
Figure  3. Deviation of maximum bending moment cycle ΔM at the pile-

abutment connection (approach based on [Greimann et al. 1987]) compared to 
exact calculation. 

For the given configuration of superstructure and abutments, the approach 
proposed by Greimann results in conservative results. If the soil stiffness is low (low 
modulus of subgrade reaction ke,h) the results are nearly exact. With increasing soil 
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stiffness the moment cycles ΔM are increasingly overestimated, which conservatively 
leads to higher strains in the piles. 

Step 6: Based on the equivalent cantilever approach, a computer program is 
written to allow for a time-efficient determination of resulting strain hydrographs at 
the pile-abutment connection, taking into consideration plastic deformations and 
residual strains (method I). The program is calibrated by comparing the results to 
strains determined by means of a conventional FE tool (MARC/Mentat). Furthermore 
both programs are calibrated to static and cyclic tests performed within the scope of 
the European research project RFCS INTAB [Feldmann et al. 2010] where pile 
strains were determined as well as fatigue life was checked for HP piles loaded about 
their weak axis. The program settings are given in Table 1. 

Table 1. Program / system settings. 

 MARC/Mentat own program 

element type 
thin-walled 3D 2-node beam 
element including warping 
(type 79) 

thin-walled 3D 2-node beam 
elem., plane sections remain 
plane 

element 
parameter 

11 stress points per segment, 5 
layers over cross section 
height 

100 div. over cross section 
height with constant strains / 
stresses 

system 
parameter 

500 beam elements 

material law 
elastic-ideal plastic (without strain hardening) 
van-Mises yield criterion, fy = 355 N/mm2 

further calc. 
parameters 

small deformations, no 2nd order effects 

For the determination of strain hydrographs according to method II 
(disregarding residual strains) normalized functions are derived to transform the 
deformation cycles Δf into resulting strain cycles Δε directly. These functions and the 
relevant coefficients for the determination of strains in the outer fibre for HP-profiles 
loaded about the weak axis are given in [Pak 2012]. 

Step 7: The resulting strains derived by both methods are classified by means 
of a Rainflow analysis according to [Clormann 1986]. 

A comparison of the accumulated cycles according to both methods (Figure 4) 
shows that a classification of the deformation cycles, followed by an analytical 
conversion into strain cycles, is possible and precise. Due to the non-linear 
correlation between deformations and strains, the width of the strain classes increases 
with increasing strain amplitudes. 
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Figure 4. Accumulated strain spectrum based on strain / temperature cycles. 

Furthermore it can be proven that constant strains in the pile (e.g. caused by 
self-weight of the superstructure, here: N=500 kN) can be neglected within the scope 
of a fatigue calculation, as long as influence of mean strain is disregarded in the final 
design check (Figure 5). 

 
Figure 5. Accumulated strain spectrum for different construction temperatures 

T0 / constant axial forces N (S355). 

Moreover it can be observed that construction temperature T0 has no influence 
on the strain spectrum and therefore can be neglected. A comparative calculation for 
two different construction temperatures (T0=17°C, T0=25°C), followed by a 
classification of strain cycles, reveals that only one additional high cycle is added to 
the strain spectrum. This high cycle is caused by the fact that the strain- and stress 
free condition is assigned to a temperature of Tstart=0°C. By shifting the summation 
curve by a single low cycle fatigue strain cycle, it becomes congruent with the T0=25° 
summation curve (Figure 5). In reality this load cycle does not occur. 
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Therefore it can be concluded, that a given (artificial) temperature load 
spectrum can be transferred directly into a strain spectrum; constant normal forces as 
well as construction temperature may be disregarded. Formulas and related 
coefficients for the determination of strains in the outer fibre for HP-profiles bended 
about their weak axis, based on given lateral deformations, are proposed in [Pak 
2012]. In the following chapters, an adequate temperature load spectrum is proposed; 
the accumulated damage caused by this spectrum is compared to the damage caused 
by temperature load spectra based on actual weather data. Therefore the underlying 
concept of damage accumulation based of elastic as well as plastic strains is 
described first (Step 8). 

DAMAGE ACCUMULATION BASED ON A GIVEN STRAIN SPECTRUM 

For the determination of fatigue life, strain Wöhler curves according to 
[Coffin 1954], [Manson 1965] and [Morrow, 1965] are used. They are consisting of a 
plastic as well as an elastic part, which form in good approximation straight lines in 
double logarithmic scales (Figure 6) [Radaj and Vormwald 2007] [Haibach 2006]. 

 
Figure 6. Strain Wöhler curves acc. to the “Modified Universal Slope Equation” 
with elastic and plastic part, based on INTAB material values as well as tests at 

TU Darmstadt. 

The curves can be expressed as [Radaj and Vormwald 2007]: 
 

( ) ( )c
f

bf
AplAelA NN

E
22 ε

σ
εεε ′+

′
=+=  

 

Here σ‘f  refers to the fatigue strength coefficient, ε‘f  to the fatigue ductility 
coefficient, b to the fatigue strength exponent, c to the fatigue ductility exponent, E  
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to the Young’s modulus and N to the number of cycles to failure [Radaj and 
Vormwald 2007]. 

For determination of these parameters, estimation formulas are given in 
[Haibach 2006], which are based on the work of [Muralidharan and Manson, 1988] 
(„Modified Universal Slopes Equation“). The parameters calculated by means of 
these formulas for the scope of this study are given in Table 2. They are based on 
material tests performed within the scope of the research project RFCS INTAB 
[Feldmann et al. 2010] (Table 3, position B). 

For comparison purposes strain Wöhler curves determined by [Technische 
Universität Darmstadt] based on tests at a comparable steel S460 are given in 
Figure 6 as well. They form an envelope, including the strain Wöhler curve based on 
the identified material values. 

 
 

Table 2. Estimation formulas for parameters of strain Wöhler curves for 
metallic materials acc. to [Muralidharan and Manson, 1988] („Modified 
Universal Slopes Equation“). 

parameter estimation formula value 

σ‘f 
168.0832.0623.0 ERmf ⋅⋅=′σ  1007.03 

ε‘f ( ) 53.0156.00196.0 −⋅⋅=′ ERD mfε  0.3677 

B 09.0−=b  -0.09 

C 56.0−=c  -0.56 

D ( )ZD −−= 1ln  (Z = reduction in area) 0.3397 

Table 3. Material properties S460, determined in the INTAB project. 

Profile position 
steel grade fy fu (=Rm) A (=Z) 
[-] [N/mm²] [N/mm²] [%] 

HP 305x95 
B S460 496 605 28.8 

H S460 460 599 27.2 

For fatigue life calculation a linear damage accumulation is performed 
according to Palmgren and Miner, where the total life to failure is estimated by a 
linear accumulation of the proportion of life which is consumed by strain reversal at 
each strain magnitude. Failure occurs if the sum of damage D complies with the 
Wöhler curve. Order as well as interaction effects are disregarded [Radaj and 
Vormwald 2007]. 

The Miner’s rule is given by equation 

0,1
!

≤Δ=
i

iDD , iii NnD =Δ  

whereas Ni stands for the number of cycles to failure of a constant strain cycle 
Δεi according to Wöhler’s curve. ni stands for the number of contributing cycles with 
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the strain amplitude Δεi in the period under consideration, which are determined by 
means of the Rainflow method. Here the algorithm proposed by [Clormann 1986] is 
used. 

To check the procedure, the strain hydrographs are determined for the tests 
performed within the scope of the INTAB project according to method I and method 
II. The accumulated damages D are compared to accumulated damages based on the 
actual strain measurements (Table 4). During testing, specimen “1” collapsed after 
100 large and 36,500 small load cycles due to low cycle fatigue failure. The crack 
developed from the outer edge of the profile’s flange at the connection between steel 
profile and concrete. 

Table 4. Accumulated damage D of the INTAB test specimen “1” at the pile – 
concrete block connection / at the position of the strain gauge based on 
measurements and calculations. 

position strain spectrum 
accumulated damage D, 
specim. “1” 

clamped support 
(x=0mm) 

method I  (calculated) 0.832 

method II  (calculated) 0.834 

strain gauge 
(x=40mm) 

test (measured) 0.637 

method I (calculated) 0.618 

method II (calculated) 0.620 

The calculated accumulated damages D (Table 4) lead to the following conclusions: 

1. Based on the crack which developed during the test, the dimension of 
calculated accumulated damage (D=0.83) at the connection between profile 
and concrete block (x=0mm) is reasonable. 

2. Method I and method II lead to the same result. The equivalence of both 
methods can be shown again. It can be proven that a complex computation of 
strains including the exact load history is not necessary. 

3. A comparison of the accumulated damage at position x=40mm (strain gauge) 
according to method I or method II to the accumulated damage based on 
measured strains provides evidence of the applicability of method I as well as 
of the correct implementation into the computer program. 

TEMPERATURE FATIGUE LOAD SPECTRUM FOR DESIGN 

For practical use of the fatigue concept as described above, an adequate 
design fatigue temperature load spectrum is needed. [EN  1991-2:2003 2010] 
specifies the maximum variation in temperature for design Te,max-Te,min for different 
bridge types. Further notes for setting up a fatigue load spectrum are not given. Other 
codes such as AASHTO [AASHTO 1996] do not consider fatigue in integral 
abutment bridges as well [Razmi 2012]. For establishing a load spectrum for low 
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cycle fatigue tests, [Arsoy 2002] suggests that the amplitude of a daily temperature 
cycle can be conservatively represented by 25% of the amplitude of a yearly 
temperature cycle. In the following this assumption is checked and adjusted. 

Therefore the cross section of the bridge “Entenpfuhl” monitored within the 
scope of the INTAB research project [Feldmann et al. 2010] is investigated by means 
of a finite element model, which is loaded with different weather loads. For 
determination of the EBT, weather data from the cities of Hamburg, Aachen and 
Augsburg between 1950 and 1999 is used. 

Table 5. Examples for accumulated damages at bridge “Entenpfuhl” with 
different assumed temperature hydrographs / different locations (100 years). 

 
temperature 

hydrograph of 
bridge site / model 

EBTmin 
EBTmax 

period Δεmax

2ni 
(100 

years) 

accumulated 
damage 2D 
(100 years) 

 [-] [°C] [-] [%] 
Δε<2εpl
Δε>2εpl

Δε<2εpl 
Δε>2εpl 

total 

 C1 C2 C3 C4 C5 C6 C7 

R1 Hamburg 
-19.4 / 37.7

Δ=57.1 
01.01.1950-
31.12.1999

1.34
35,484

92 
0.017 
0.090 

0.107

R2 Aachen 
-17.9 / 42.7

Δ=60.6 
01.01.1950-
31.12.1999

1.70
35,286

92 
0.015 
0.115 

0.145

R3 Augsburg 
-26.7/ 44.2

Δ=70.9 
01.01.1950-
31.12.1999

4.18
35,408

94 
0.043 
0.202 

0.245

R4 
model acc. to 

Arsoy 
-20.0 / 41.0

Δ=61.0 
50 years 1.75

36,500
100 

0.526 
0.740 

1.266

R5 
proposal for 

„Central Europe“ 
-20.0 / 41.0

Δ=61.0 
50 years 1.75

36,372
100 

0.061 
0.214 

0.275

 
The resulting effective bridge temperature (EBT) hydrographs are classified 

by means of the Rainflow method and transformed into classified strains based on 
method II. 

For strain determination, the following boundary system specifications are 
chosen: 

1. [ ] [ ]mKTLT effT 1201102,1 5 ⋅⋅⋅Δ=⋅⋅Δ=Δ −αδ  (deformation applied to 

equivalent cantilever) 

2. [ ]mml äqp 2196, =  (length of equivalent cantilever) 

3. material parameters for HP 305x95 as given in Table 2 and Table 3 

The resulting accumulated damage D is summarized for the different bridge 
sites in Table 5. The analysis confirms the educated guess that the 100 distinctive 
yearly temperature cycles can be separated from the “small” daily temperature cycles 
(Table 5, column C5). However an application of one maximum cycle per year,  
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based on the maximum variation in temperature for design Te,max-Te,min as given 
by [EN 1991-2:2003 2010] proves to be too conservative (Table 5, row R4, 
column C6). 

 

 
Figure 7. Accumulated temperature spectrum for different bridge locations 

(100 years). 

 
Figure  8. Accumulated strain spectrum for different bridge locations (100 years, 

fy=496N/mm2). 

Furthermore Arsoy’s approach, representing the amplitude of a daily 
temperature cycle by 25% of the amplitude of a yearly temperature cycle [Arsoy 
2002] is too conservative for the locations considered here (Table 5, row R4, 
column C6). This can be concluded from the accumulated strain spectra given in 
Figure 8 as well. Based on the accumulated temperature spectra (Figure 7) a design 
approach for the determination of a design fatigue temperature load spectrum is 
introduced (Table 6). 
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Table 6. Design approach for a design fatigue temperature load spectrum. 

ΔTi [°C] cycle ni [-] note 

1 

( )4
1

1
iTT

a
Δ−⋅  

choose a depending on T1 and Ti a way, 
that Σni (0 < ΔTi ≤ T1) =  
365 · years in period under consideration

… 

T1 
T2 

( ) 1
1 4

max +Δ−⋅ iTT
b

 
choose b depending on Tmax and Ti a way,
that Σni (T2 < ΔTi ≤ Tmax) =  
1 · years in period under consideration

… 

Tmax 
For a period under consideration of 100 years and Te,max-Te,min = 61°C 

according to [EN 1991-2:2003 2010], the following parameters are proposed (see 
Figure 7): 

a = 145 [-] b = 285 [-] T1 = 31 [°C] T2 = 51 [°C] Tmax = 61 [°C] 
The damage D calculated by means of a linear damage accumulation based on 

this temperature spectrum is given in (Table 5, row R5). For a final validation of the 
proposed procedure, further investigations for different cross sections and additional 
locations, followed by statistical evaluations, are necessary. 

OUTLOOK: STRAIN SPECTRUM UNDER CONSIDERATION OF 
ALTERNATING, FORCE-CONTROLLED AXIAL LOAD 

To study the influence of an additional force-controlled axial loading caused 
by traffic loads on the superstructure, the strains in the cross section are calculated for 
the following cases: 

 
Figure  9. Cantilever loaded by single and combined actions: deformation and 

alternating normal force (160 increments). 
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case 1: single action, deformation δ: displacement controlled deformation δ 
acting on equivalent cantilever perpendicular to pile’s axis (Figure 9, 
top); 

case 2: combined action, deformation δ and normal force N: displacement 
controlled deformation δ acting perpendicular to pile’s axis as well as 
force controlled normal force N acting in direction of pile’s axis 
(Figure 9, top+bottom). 

The resulting edge strains in the cross sections close to the pile-abutment 
connection caused by single loading (case 1) and combined loading (case 2) 
respectively are compared in Figure 10 (1st order theory). 

 

 
Figure 10. Change of strain distribution caused by an alternation axial force in 

section “Pos. 1, x=0cm” and “Pos 2, x=11.4cm”. 

A comparison of the strain curve progression shows that the additional 
alternating normal force reduces the peak strains at the pile-abutment connection 
(“Pos 1”, left ordinate). This is caused by the fact that the plastic zone is widened, 
which comes along with an increase of strains in cross section “Pos 2” (right 
ordinate). The widening of the plastic zone results in stress redistribution, which leads 
to a reduction of stress and strain peaks in the critical cross section (“Pos 1”). This 
positive effect is neglected for low cycle fatigue verification if traffic loading is 
evaluated separately. However, as long as a simple concept for combining these 
effects is not at hand, a separate evaluation should be performed, as this approach is 
always conservative. 

CONCLUSION AND OUTLOOK 

For determination of a (low cycle) fatigue design temperature load spectrum, 
formulas are proposed based on investigations on bridges at 3 different locations in 
Germany. This temperature load spectrum can be transformed directly into a strain 
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spectrum, disregarding the actual load history (method II). Therefore, the movements 
of the abutments are applied to an equivalent cantilever. For the bridges investigated 
within the scope of this study this procedure is always safe-sided and nearly exact for 
weak soils. A consideration of load history is not necessary, which simplifies the 
design significantly. 

Constant axial loading can be neglected. However the influence of these loads 
in case of a second-order-theory design needs to be checked. In that case, the load 
bearing by pile friction needs to be considered. 

Alternating traffic loads, which are applied additionally, lead to a reduction of 
the maximum plastic strains developing in the pile. This phenomenon needs to be 
confirmed by tests. If the underlying theory can be approved, this reduction should be 
taken into consideration for design, e.g. by a reduction of the plastic stress amplitude 
in the load collective. This implies the determination of a safety concept for 
combined temperature and traffic actions, whereas traffic actions have to be applied 
as partly favorable. 

The temperature induced variation of earth pressure has to be considered for 
the determination of load collectives as well. 
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Abstract 
 

This paper describes the squash load of concrete-filled tubular (CFT) section 
columns with or without local buckling based on the compression test results. Local 
buckling of non-compact and slender steel sections is accounted for in the limiting 
stress formula specified for the steel skin of CFT columns in a similar manner to the 
AISC specifications. Simple squash load formulae for CFT stub columns for the 
direct strength method have been proposed to account for post local buckling strength 
of slender steel skin and enhanced concrete compressive strength due to the confining 
effect by the steel skin. The squash loads predicted by the proposed strength formula 
were compared with available test results and those predicted by the AISC 
specifications and Eurocode4. The comparison confirmed that the squash load 
formula proposed could predict the squash load of CFT columns conservatively. 
 
INTRODUCTION 
 

The attractive way to solve the local instability and the low ductility of thin 
hollow steel tubes is filling them with concrete. The concrete-filled tubular (CFT) 
composite sections are being widely used as columns of high-rise buildings and bridge 
piers in recent years. Since the steel skin confines the filled-in concrete tri-axially and 
the concrete resists against the inward deformation of steel skin, both steel and 
concrete contribute to the strength enhancement of the CFT columns. The CFT 
columns are susceptible to local buckling of the steel skin, which in many cases is a 
slender or non-compact element. The post-local-buckling strength of the steel skin and 
the concrete compressive strength due to tri-axial confinement by the locally buckled 
steel skin, both of which contribute to the ultimate strength of CFT columns, need to be 
estimated accurately to predict the ultimate strength of CFT columns reasonably. The 
confining effect of a steel skin can increase the concrete compressive strength beyond

cF85.0 . However, since micro-cracking can reduce the tri-axial effect, Chen and 
Atusta (1991) and Bradford (1991) have conservatively suggested that the effective 
strength of concrete in a steel casing should not exceed cF85.0 . However, the 

Eurocode4 (2004) has the provision where cF0.1  can replace cF85.0  for the 
concrete-filled hollow sections and some  additional amount of strengths can be 
considered for circular composite tubes, and the AISC specifications (2010) applies 

cF85.0  as the limit for rectangular compact steel sections and cF95.0  for circular 

compact steel sections cF7.0  for slender steel skin. 

Composite Construction in Steel and Concrete VII 51

© ASCE



Simple squash load formula for the steel skin of CFT columns was developed 
to account for the local buckling stress and the post-local-buckling strength reserve. 
While the post-local-buckling strength reserve for the steel skin may be accounted for 
in the current design specifications such as AASHTO specifications (2007), AISC 
specifications (2005), Eurocode4 (2004) by the Effective Width Method, the strength 
formula for the Direct Strength Method proposed does not need to compute the 
effective area of the steel skin and uses the gross area of the steel skin. The strength 
formula uses the elastic local buckling stress of the steel skin, which can be computed 
by a rigorous analysis program or theoretical equations, and the ultimate strength 
formula based on the various test results. A design compressive strength formula for 
the filled-in concrete is also proposed to account for the strength ratio of the steel skin 
and filled-in concrete and the local buckling stress of the steel skin. The formula 
proposed can consequently account for the increase in compressive strength of the 
filled-in concrete due to the confining effect of the steel skin against the outward 
deformation of filled-in concrete. The design strengths of circular and rectangular CFT 
columns predicted by the proposed strength formulae were compared with the current 
specifications and previous test results.  
 
PROPOSED SQUASH LOAD FOR CFT STUB COLUMNS 
 

Even if the magnitude of the concrete compressive strength is slightly 
differently defined in the current specifications such as AISC (2005), AASHTO LRFD 
(2007) and Eurocode4 (2004), the ultimate strength capacity or the squash load of a 
concrete-filled composite stub column is generally given by  

 

cccsy AFKAFP +=0     (1) 

 
where yF  = steel yield stress; sA =steel area; cF =concrete compressive strength; cA

= concrete area and the factor cK is differently taken as 0.7, 0.85, 0.95 or 1.0 according 
to the type of composite column , the width-to-thickness of steel skin and the shape of 
the cross section.  

For the concrete-encased composite sections and the concrete-filled 
composite sections of low diameter-to thickness (D/t) ratio for circular shapes and low 
width-to-thickness (b/t) ratio for rectangular shapes, the current specifications can 
reasonably be used. However, since a thin steel skin of higher width-to-thickness ratio 
is generally used for the circular and rectangular CFT sections, local buckling in the 
steel skin should be considered in the prediction of the ultimate strength of CFT 
columns. Up to now, the effective width method has been an unique way to account for 
the local buckling of the steel skin. However, since the effective width of the section 
specified is generally dependent on the stress level, its calculation should be conducted 
repeatedly by the trial-error method. Moreover, since the effective width formulae in 
current design specifications have not been developed and are generally the same as 
those for steel sections, the effective width for the steel skin of CFT sections specified 
in the current specifications may be too conservative. To overcome this problem, the 
squash load of CFT stub columns can be expressed by Eq. (2).  
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cdcssdu AfAFP ⋅+⋅=     (2) 

 

Where sdF = steel design strength; sA = steel area; cdf = concrete design strength; cA = 

concrete area. The portion of the reinforcement steel bar area is omitted in Eq. (2) for 
simplicity in compression. 

Substituting the test ultimate load maxP for uP  in Eq. (2), the design strength of 

the steel skin sdF  generalized by the nominal yield stress can be given by 

 

sy

ccc
ysd

AF

AFKP
FF

−
= max/     (3) 

 
Once calibrated to the previous test results, the design strength formulae can expressed 
in a simple direct strength method. Since the local buckling stress of steel skins is 
generally increased by filled-in concrete, the design strength formulae proposed for 
welded steel section columns can be adopted conservatively for the design strength 
curves for the steel skin of CFT columns.  

The design strength formula of steel sections can be adopted conservatively 
for the composite columns (Kwon et al 2007; Kwon et al. 2011). The design strength 
formula of a steel skin of rectangular concrete-filled composite columns is expressed in 
terms of stress by      

 
0.1/ =ysd FF    for 816.0≤λ  (4a) 

 

2

15.00.1
/

λλ
−=ysd FF  for λ<816.0  (4b) 

 
Where 
 

crly lFF=λ
      

(4c) 

 

The elastic local buckling stress crlF  can be computed by rigorous computer 

programs or theoretical local buckling stress. The theoretical elastic local buckling 
stress formula given in Eq. (5) can be used for square sections and rectangular 
sections of equal width sub-panels. 
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2

2
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−
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tE
Fcrl ν

π      (5) 

 
Similarly, the design strength curves for a steel skin of circular concrete-filled 
composite columns is given  
 

0.1/ =ysd FF    for 420.0≤λ  (6a) 

Composite Construction in Steel and Concrete VII 53

© ASCE



6.18.0

25.00.1
/

λλ
−=ysd FF  for λ<420.0  (6b) 

 
The theoretical elastic local buckling stress formula given in Eq. (7) can be used for 
circular sections.  
 










−
=

D

tE
Fcrl

)1(3

2
2ν

     (7) 

 
Strength curve Eq. 4(a), (4b) and 6(a), 6b) are compared with the design 

strength curve specified in the AISC specifications (2010) in Figs. 1(a) and 1(b). To 
draw Figures 1(a) and 1(b), nominal steel and concrete strengths were assumed as 240 
MPa and 24 MPa, respectively, Poisson’s ratio 0.3 and Young’s modulus 205,000MPa. 
As shown in Figure 2(a), steel design strength curve in the elastic buckling range for 
rectangular and circular sections is slightly higher than that in the AISC. However, near 

the slender section limit yFE0.3 in the AISC specifications, the strength curve in 

AISC is slightly higher than proposed strength curve. 
 

 
(a) Rectangular sections 
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(b) Circular sections 

 
Figure 1. Comparison of steel design strength curve and AISC 

 
Concrete design strength for both rectangular and circular CFT sections in Eq. 

(2) is given by 
 

cccd fKf =                       
 

(8) 

 
where cf  is a nominal concrete compressive strength. The factor for concrete design 

strength cK  is mainly dependent on the confining effect provided by the steel skin 
against filled-in concrete. The confining effect of the steel skin may differ according 
to the steel contribution ratio for ultimate strength and the local buckling strength of 
the steel skin of CFT columns. To account for the confining effect provided by a steel 
skin, the factor cK  can be proposed as 
 

0.1)045.01(85.085.0 ≤+=≤
c

sd
c

F

F
K δ

            
(9a) 

 
where the steel contribution ratio for ultimate strength is  
 

)( ccsysy AFAFAF +=δ                (9b) 

 
The factor cK  is compared with that the AISC specifications (2010) in Figures 2(a) 

and 2(b). As shown in Figure 2(a), the value of cK  is taken as 0.85 for rectangular 
compact sections and 0.7 for slender sections and nonlinearly interpolated values for 
non-compact sections in the AISC specifications (2010), which are quite different from 
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those in the previous AISC specifications (2005). As shown in Figure 2(b), the factor

cK  proposed for circular sections is slightly higher than that in the AISC 
specifications (2010) but is well coincident with that in EC4 with 2.0~1.0=λ . The 

value of cK is 0.95 for circular compact sections and 0.7 for slender sections and 
nonlinearly interpolated values for non-compact sections. 

 

 
(a) Rectangular sections 

 

 
(b) Circular sections 

 
Figure 2. Comparison of proposed cK , AISC and EC4 
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COMPARISON OF PROPOSED DSM, CURRENT SPECIFICATIONS AND 
TESTS 
 

The squash loads predicted by the proposed Eq. (2) are compared with 
available test results in literature (Song 1997, Kwon 2001, Tao 2009, Lee 2012, Yang 
2012, Uy 1998 &2001, Han 2002, Kim 1999) and those estimated by the AISC 
specifications (2010) and EC4 (2004) in Figures 3(a)-(c) for rectangular sections. 
Referring to the comparison in Figure 3(a), EC4 predicted higher strengths than the 
DSM especially for the sections of larger width-to-thickness ratios which were 

beyond the maximum limit yF/23552 in EC4. It is due to that EC4 allows the 

local buckling of the slender steel skin exceeding the limitations in width-to-thickness 
ratio but do not provide how to account for it clearly, while the DSM can account for 
the post-local buckling of steel skins. The AISC specifications allow the use of 
slender sections and predicted lower strengths than the DSM for all test sections. As 
shown in Fig. 3(c), the DSM produces reasonable squash loads for all the test sections 
of diameter-to-thickness ratios between 20 and 110 in comparison with test results. 
The reliability analysis results shows that the mean and coefficient of variation of 
values for DSMtest PP  of the rectangular CFT sections tested are 1.15 and 0.228, 

respectively. For comparison, those of AISCtest PP are 1.22 and 0.252. Conclusively,  
it can be concluded that the DSM can predict reasonable design strength for rectangular 
CFT columns.  

 

 
(a) DSM and EC4 
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(b) DSM and AISC 

 
(c) DSM and tests 

Figure 3. Comparison of DSM, AISC, EC4 and tests for rectangular CFT sections 
 

The squash loads predicted by the proposed Eq. (2) for circular CFT 
columns are compared with test results in literature (Kwon 2006, Yang 2012, Kim 
1999, O’Shea 2000) and those estimated by the AISC specifications (2010) and EC4 
(2004) in Figures 4(a)-(c). Referring to the comparison in Figure 4(a), EC4 predicted 
slightly higher strength than the DSM for all sections. However, AISC specifications 
predicted lower strengths than DSM for most test sections. However, in the case of 
slender steel skin, the strength predicted by the AISC specifications is slightly higher 
than the DSM. As shown in Figure 4(c), the proposed strength formula predicts the 
squash load quite reasonably. The reliability analysis results shows that the mean and 
coefficient of variation of values for DSMtest PP  of the circular CFT sections tested 
are 1.21 and 0.128, respectively. Therefore, it can be concluded that the DSM can 
predict reasonable design strength for rectangular CFT columns.  
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(a) DSM and EC4 

 
(b) DSM and AISC 

 

 
(c) DSM and tests 

 
Figure 4. Comparison of DSM, AISC, EC4 and tests for circular CFT sections 
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CONCLUSIONS 
 

A simple squash load formula for concrete-filled tubular (CFT) stub columns 
was proposed. For the design strength of the steel skin of CFT stub columns which 
undergo local buckling, simple strength formulae for the Direct Strength Method were 
adopted. The design strength of filled-in concrete was also proposed to account for 
varying confinement effect due to the strength ratio between steel skin and filled-in 
concrete, and the local buckling stress of the steel skin. The squash load formula 
proposed can predict the ultimate strength of CFT stub columns conservatively. The 
squash load of CFT columns predicted by AISC specifications (2010), Eurocode4 
(2004) and the proposed strength formulae for the DSM were in good agreement with 
the test results of CFT columns of comparatively low width-to-thickness ratios. 
However, in the case of rectangular CFT columns of  width-to-thickness ratios beyond 
the limitation in the EC4, EC4 predicted non-conservative strengths for the rectangular 
CFT columns in comparison with the test results. The AISC specifications predicted 
more conservative strength than the DSM. However, the ultimate strength predicted by 
the DSM proposed showed good agreement with tests results of CFT columns with 
either low or high width-to-thickness ratios. Therefore, it is concluded that the 
proposed squash load formula can predict the ultimate strength for the CFT columns 
reasonably. However, the strength formulae should be calibrated further against 
various test results for the CFT columns of comparatively large width-to-thickness 
ratios for practical use. 
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Abstract 
Available theoretical equations for the shear capacity of composite joints vary in their 
assumptions for the shear deformation mechanisms and give different equations for 
calculating its shear strength.  This paper discusses previously proposed equations for 
joint shear capacity, and suggests recommendations for obtaining more accurate 
predictions. Finite element analyses of through diaphragm connections to CFT 
columns were carried out in ABAQUS. ABAQUS results and theoretical estimations 
of the shear capacities were then used to define the properties of a rotational spring in 
a joint element in OpenSEES representing the shear deformation behavior of the 
joint. The OpenSEES and ABAQUS results were validated with experimental results 
from the literature. The results show that: (1) the steel tube flanges and not 
diaphragms dominate the shear deformation of the joint; and (2) the global behavior 
of the connection is very sensitive to shear capacity of the joint in joint yielding case. 

 

1. INTRODUCTION 
Composite connections between steel beams and concrete filled steel tube (CFT) 
columns with internal diaphragms, external diaphragms and through diaphragms are 
recommended in the Chinese design specifications CECS 159:2004 (CECS, 2004), 
because of their superior seismic performance during experimental studies.  
Connections with internal diaphragms are common in the US and Japan because of 
easy fabrication and lower amount of welding involved.  However, welds at the 
beam-joint connection showed brittle fracture in the 1994 Northridge earthquake 
(Youssef, Bonowitz et al. 1995) for connections to steel I-shapes due to poor on-site 
welding quality (Lu, Li et al. 2005) and local stress concentrations (Popov, Yang et al. 
1998). Similar behavior occurred in Japan during the 1995 Kyoto earthquake in 
connections to tube sections. On the other hand, connections with external 
diaphragms have the advantages of large stiffness and ease of fabrication; however, 
researchers have found that the local yielding of the external diaphragms may prevent 
development of the full design capacity of the connections (Zhou 2004).  Connections 
with through diaphragms are the preferred connection type in Japan (Elremaily and 
Azizinamini 2001, Lu, Li et al. 2005); this may due to its efficient capability to 
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achieve the required strength, stiffness, and ductility for a moment resisting 
connection.   

In a typical through diaphragm connections, steel tube columns are divided into three 
pieces: upper columns, lower columns and columns in joint area, and then each 
column section is welded to the through diaphragm by full penetration groove welds 
or fillet welds (Elremaily and Azizinamini 2001).  This column tree is usually 
finished in factories with well controlled environment; thus the weld quality is easier 
to guarantee.  Beam flanges are welded to through diaphragms with full penetration 
groove welds (Figure 1) and the beam webs are bolted/welded to the shop welded 
plates on the steel tube.  In the joint, the moment from the beam is transferred to the 
column by through diaphragms.  The shear force is transferred to the column through 
bolt connections or welds.  Previous studies (Morino, Kawaguchi et al. 1993, 
Elremaily and Azizinamini 2001, Xu and Nie 2011) showed that connections with 
through diaphragms have superior seismic performance.  However, careful welding 
and inspection is needed because of large amount of welding involved in the joint 
area (Elremaily and Azizinamini 2001). 

The Chinese specification (Association 2004) provides equations to calculate the 
shear capacity of joints based on previous research on internal diaphragm connections 
by Lu.  Lu’s research (Lu, Yu et al. 2000) assumes that two internal diaphragms and 
their welds, two steel tube webs and the concrete in the joint area work together to 
resist the shear force in the joint and their contributions can be added algebraically.  
Zhou (Zhou 2004) gives a different assumption for the behavioral mechanism of the 
joint: two steel tube flanges and two internal diaphragms compose a “steel frame”, 
and two steel tube webs act as a “shear wall”.  The “steel frame”, ”shear wall” and 
the concrete in the joint area act together to resist the shear force.  However, the 
Japanese code on composite connections assumes that only two steel tube webs and 
the concrete in the joint work together to resist the shear force in the joint and gives 
very simple equations for the shear capacity of the joint (AIJ 1991).   

The shear force-deformation relation of the joint is the key in analyzing the 
connection behavior and quantifying building drift.  However, no guidance is 
included in the Chinese specification as to how to calculate the contribution of shear 
deformation of the joint to the overall drift.   Wu et al. (Wu, Chung et al. 2007), Nie 
et al. (Nie and Qin 2007) and Fukumoto et al. (Fukumoto and Morita 2005) have 
studied the shear force-deformation relationship for the panel zone.  The equation 
proposed by Nie et al. (Nie and Qin 2007) gives a good estimation of the elastic 
stiffness of the joint, but the estimated unloading stiffness and energy dissipation 
capacity do not match well many experimental results  (Nie and Qin 2007).  The 
equation proposed by Fukumoto et al. (Fukumoto and Morita 2005) gives satisfactory 
estimation of the joint up to the concrete ultimate strength; however, the equation 
tends to underestimate the shear capacity if the concrete reaches its ultimate strength 
(Fukumoto and Morita 2005).  Wu’s equation (Wu, Chung et al. 2007) is based on 
data from bolted joints to concrete-filled tubes.  It assumes that the shear force in the 
joint causes shear deformation to two steel tube webs and flexural deformation to two 
steel tube flanges.  The writers believes that the shear deformation mechanism of Wu 
et al. (Wu, Chung et al. 2007) is reasonable and easy to understand.  However, this 
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method was derived for bolted connections and research is needed to validate its 
application to welded connections. 

The purpose of this paper is to model the joint behavior between CFT columns and 
steel beams with through diaphragms using advanced tools, and study shear force-
deformation behavior as a first step in the development of a comprehensive joint 
model describing the cyclic behavior of the joint.  The damage mechanism under 
cyclic loads will be discussed and associated nonlinear damage relations will be 
introduced.  

 

2. ABAQUS ANALYSES OF THE CONNECTIONS 
 

Two finite element analysis models of connections (SCP and SCC, Table 1) between 
steel beams and square CFT columns with through diaphragms were developed in 
ABAQUS.  Both models were validated with experimental data of two dimensional 
connections available from Morino’s test (Morino, Kawaguchi et al. 1993).  Both 
column ends are pinned, with axial force (15% of the squash load) applied on the 
column top and lateral forces acted on both beam ends.  The difference between SCP 
and SCC connection is the steel tube in the joint: a square steel tube 125x4.5 with 
steel yield strength fy= 368.5 N/mm2 was used in the SCP connection, so the joint 
yielded in the test. A welded steel plate PL-9 with steel yield strength fy= 368.5 
N/mm2, was used in the SCC connection, so that the column yielded in the test.  The 
beams stayed elastic during the entire load history for both connections.  This study 
will investigate the effect of the steel tube in the joint area on the shear capacity of 
the connection.  Monotonic analyses in ABAQUS were compared to the cyclic 
analyses in the test; this is reasonable as the specimens show stable hysteresis 
characteristic and little deterioration with cycling.  

 

(a) Plan                                   (b) Section A – A 

Figure 1. Connections with through diaphragms suggested in Chinese code 
(CECS 2004) 

Through
diaphragm

A A

Through
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Table 1. Specimen details of SCP and SCC connections 

Spec-
imen 

Column Beam Joint 
Squa-

re 
steel 
tube 
hcxt 

(mm) 

Steel 
yield 

strength 
(N/mm2) 

Concrete 
compress-

ive 
strength 
(N/mm2) 

Section 
hbxbfxtwxtf 

(mm) 

Steel 
yield 

strength 
(N/mm2) 

Sect
-ion 

Steel 
yield 

strength 
(N/mm2) 

SCP 125x6 356.7 16.06 250x125x6x9 368.5 
125x
4.5 

338.1 

SCC 125x6 356.7 15.76 250x125x6x9 368.5 PL-9 368.5 

 

2.1  ABAQUS Model 
Half of the model was created in ABAQUS with symmetrical boundary conditions 
(Figure 2), in order to save computational memory and time.  The steel tube column 
is modeled as three parts and each part is tied to the diaphragm.  Beam flanges are 
continuous through the joint (diaphragms), while the webs are interrupted by the steel 
tube.  Three dimensional eight node brick elements with full integration and 
incompatible modes (C3D8I) were adopted for all the parts above.  A finer meshing 
was used in the joint area in order to capture the complex stress distribution.   

 

Figure 2. ABAQUS model of SCP connection 

2.2  ABAQUS Results 
Stress Distribution: ABAQUS results for SCP and SCC connections are shown in 
Figures 3 and 4. The concrete in the whole area of the joint shows severe plastic 
strains in the SCP connection, while the concrete column close to the joint presents 
large compressive strains in the SCC connection (Figure 3). The steel tube web in the 
joint area shows a high stress concentration for the SCP connection; however, only 
the steel tube close to the joint yields in the SCC connection (Figure 4). The strain 
distribution for the two connections shows that the SCP connection yields at the joint 
while the SCC connection yields at the column end. The thicker steel tube in the joint 
area with higher steel strength than the steel tube columns results in higher joint shear 
strength and stiffness, transferring the stress concentration to the columns.   

Steel tube 

Beam

Concrete

Joint

N1

N2 N3

N4
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Shear Capacity: ABAQUS results for the SCP and SCC connections are compared to 
the test results in Figures 5-6.  The model is loaded only in the positive direction; for 
comparison purposes, a symmetrical curve is shown in the negative direction.  The 
ABAQUS model of the SCP connection gives a good estimate of the stiffness, while 
the strength estimation from the model is about 10% lower (Figure 5(a)) in the 
positive direction than in the test.  Unsymmetrical behavior in the test may be due to 
initial imperfections in the specimens.  The ABAQUS model of the SCC connection 
gives a good estimate of both shear capacity and stiffness (Figure 6(a)).  The column 
yields in the model, while it stays in elastic in the test for the SCP connection (Figure 
5(b)).  The larger strain in the column from the ABAQUS analysis can be explained 
by the fact that the value from the model is measured right at the end of the steel 
section, which is the location of the largest stress under this loading condition, while 
the value from the test is measured by the strain gauge located close to the end of the 
column, but not at the location of the largest strain.  The ABAQUS model of the SCP 
connection gives a close estimate of the joint shear strain compared to the test results 
(Figure 5(c)).  The ABAQUS results for the steel tube strain and joint shear strain are 
in good agreement for the SCC connection (Figure 6(b) and (c)).   

Shear deformation of the joint: ABAQUS results are shown in Figures 7-8.  The α 
deformation in the figure represent the angle change of the steel tube flanges in the 
loading process; the β deformation represent the angle change of the diaphragms; the 
� deformation is the shear deformation of the joint, which is the subtraction of the α 
and β deformation. It can be seen that the β deformation component is about 20% of 
the α deformation component in the SCP connection, leading to relatively large shear 
deformation � (Figure 7(a)). In the SCC connection, the β deformation component is 
around 90% of the α deformation component, resulting in very small shear 
deformation γ (Figure 7(b)).  Shear force-deformation relations for the joints are 
shown in Figure 8.  The joint yields in the SCP connection (Figure 8(a)), while it 
stays in elastic in the SCC connection (Figure 8(b)).  This is because the steel tube in 
the joint of the SCC connection is two times in thickness and has a higher steel 
strength than that in the SCP connection, resulting in higher shear stiffness, higher 
shear strength, and smaller shear deformation in the joint 

Figure 3. Minimum principal plastic 
strain of the concrete 

Figure 4. Maximum principal plastic 
strain of the steel 

SCP SCC SCP SCC
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(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 

 

Figure 5. ABAQUS simulation results of the SCP connection 

(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 
 

Figure 6. ABAQUS simulation results of the SCC connection 

  

(a) SCP (b) SCC 

Figure 7. Shear deformations of the joint 
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(a) SCP (b) SCC 

Figure 8. Shear force-deformation relations of the joint 

 

Figure 9. OpenSEES model of the connection 
 

3. OPENSEES ANALYSIS OF THE CONNECTIONS  
In this section, the shear capacity from different theories discussed in the Introduction 
are calculated and compared to the ABAQUS analyses.  Then, analysis models are 
created in OpenSEES to analyze the effect of the shear force-deformation relation of 
the joint on the overall behavior of the joint and the connection (Figure 9).  The 
OpenSEES model utilizes “NonlinearBeamColumn” fiber elements for both the 
column and the beam. In the joint, zero length translational springs are used to 
simulate the column-joint and beam-joint connections, and a zero length rotational 
spring is used to represent the shear mechanism in the shear panel zone. An “Elastic” 
material with high stiffness (1.0x1010N/m) is used for the springs at column-joint 
connections (GS1 and GS2), and beam-joint connections (GS1 and GS2) to simulate 
perfect welded connections.  A “steel02” material is used for the shear force-shear 
deformation curve of the rotational spring in the joint (R1); this relationship is 
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obtained from the ABAQUS analyses or Wu’s equation and then is transformed into 
a moment-rotation relationship. 

3.1 Shear capacities from available theories 
Estimated shear capacities of the SCP and SCC connections are shown in Table 2.  
All the values are divided by 7.22x105 for convenient comparison; this is the shear 
capacity of the joint in for the SCC connection calculated from CECS equations  The 
authors believe that the welds should not be considered in CECS equation because 
the welds and the steel tube webs working in series; the shear capacity should be the 
lower one of the two – not the summation of the two.  The estimated shear capacity of 
the panel zone without the weld contribution is also listed in the table (see CECS-m).  
The welds contribution for the shear strength in CECS equation has a significant 
effect on the total shear strength of the joint.  From Table 2, it is seen that while the 
total shear capacity of the joint is comparable from different theories, the contribution 
from each component (steel tube webs, steel tube flanges, internal diaphragms, and 
the concrete) is different.  Shear capacities of the joint are compared to the ABAQUS 
estimations in Figure 10.  The CECS equation gives highest shear strength estimation 
for the SCP connection, and that from AIJ and Zhou are close.  Wu’s equation gives a 
close estimation of the stiffness to the ABAQUS analyses, but the estimated strength 
is the lowest of all the theories (Figure 10(a)).  The estimated shear strength of the 
joint in SCC connection from AIJ, Zhou and Wu are close, but is smaller than CECS 
estimation. Wu’s equation also gives close estimation of the stiffness for the SCC 
connection (Figure 10(b)). 

Table 2. Shear capacity of the SCP and SCC connections. 

Specimens Theories 
Steel tube 

webs 
Steel tube flanges/internal 

diaphragms 
Concrete Joint 

SCP 

AIJ 0.305 0.102  0.407 
CECS 0.428  0.024 a  0.046  0.498 
CECS-

m 
0.124  0.024 a  0.046  0.194 

Zhou 0.278  0.003 b  0.117  0.399 
Wu 0.283  0.003 b  0.058  0.363 

SCC 

AIJ 0.662 0.084  0.747 
CECS 0.066  0.024 a  0.046  1.000 
CECS-

m 
0.269  0.024 a  0.046  0.338 

Zhou 0.562  0.014 b  0.094  0.670 
Wu 0.566  0.014 b  0.051  0.651 

Note: a contribution from internal diaphragms; b contribution from steel tube flanges. 
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3.2 Shear capacity from ABAQUS analyses 
Shear force-deformation relations for the joint were obtained from ABAQUS 
analyses, transformed to moment-rotation (M-) relations, and these M- relations 
were then used to define an equivalent rotational spring (R1) in the panel zone 
representing the shear deformation in the OpenSEES model.  In order to simplify the 
analysis, a bi-linear relationship for the shear force-deformation relations was 
adopted.  The OpenSEES model of the SCP connection gives a close estimation to 
the shear force acting on beam ends (Figure 11(a)), strain in the steel tube (Figure 
11(b)), and shear strain in the joint (Figure 11(c)).  The OpenSEES results of the SCC 
connection are in good agreement with the test results for the shear force applied at 
beam ends (Figure 12(a)), shear strain in the joint (Figure 12(c)).  However, the steel 
tube strain from OpenSEES is bigger than both ABAQUS and the test results for the 
SCC connection (Figure 12(b)).  A small strain hardening ratio for the steel tube may 
cause larger plastic deformation in the steel tube.  However, it appears that the 
OpenSEES model gives a good simulation of the connections with through 
diaphragms, with either column yields or joint yields case.   

  

(a) SCP (b) SCC 

Figure 10. Shear force-deformation relations of the joint 

(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 

Figure 11. Results of the SCP connection with joint capacity from ABAQUS 
analyses 
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3.3 Shear capacity from Wu’s equation 
An OpenSEES model was established with joint behavior derived from Wu’s 
equation.  The model of the SCP connection gives close simulation of the stiffness, 
while the shear strength is underestimated by 30% (Figure 13(a)).  Wu’s equation 
gives a close estimation of the column strain (Figure 13(b)) and shear strain in the 
joint (Figure 13(c)).  The joint of the SCP connection was designed to yield, and the 
joint behavior dominated the connection behavior.  Simulated results of the SCC 
connection are in good agreement with the test results with respect to shear strength 
and stiffness of the connection (Figure 14(a)), shear strain of the joint (Figure 14(c)).  
The estimated strain of the column changes to the positive direction in the OpenSEES 
analysis (Figure 14(b)); this may be due to loss of stability, especially after column 
reaches to its yield strength.  The column was designed to yield in the SCC 
connection and thus the column behavior dominates the connection behavior. 

(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 

Figure 12. Results of the SCC connection with joint capacity from ABAQUS 
analyses 
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(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 

Figure 13. Results of the SCP connection with joint capacity from Wu’s equation

 

(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 

Figure 14. Results of the SCC connection with joint capacity from Wu’s 
equation 

Comparison of the OpenSEES models for both the SCP and SCC connections with 
the joint behavior obtained from ABAQUS or Wu’s equation shows that: (1) different 
shear force-deformation relationships of the joints lead to different joint behavior and 
different overall connection behavior in the OpenSEES analyses; (2) the OpenSEES 
model with joint behavior obtained from ABAQUS analyses gives good estimation 
on the joint behavior and leads to reasonable estimation on the overall strength and 
stiffness of the connection; (3) the OpenSEES model with joint behavior obtained 
from Wu’s equation gives a good estimation on the stiffness of the joint but 
underestimate the strength of the joint; and (4) the effect of the shear force-
deformation relationship on the total behavior is more significant for the SCP 
connection compared to the SCC connection; the joint behavior controls the SCP 
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connection behavior while the concrete and steel tube behavior controls the SCC 
connection behavior. 

 

4. DISCUSSIONS OF THE JOINT BEHAVIOR 
 
Shear deformation mechanism:  The shear capacity equation suggested in CECS 
assumes that when the joint reaches its yield strength, the two diaphragms and steel 
tube webs yield.  However, this deformation mechanism may not occur because the 
diaphragms are highly restrained by the concrete and steel tube in the joint area; 
diaphragms may not be free to deform as assumed.  Wu’s equation assumes that the 
steel tube webs, steel tube flanges and the concrete work together to resist the shear 
force in the joint.  When the joint reaches its yield strength, four plastic hinges occur 
in the steel tube flanges; the diaphragms have no contribution to the joint shear 
strength.   

From the ABAQUS results (Figure 7), it can be seen that the deformation in the steel 
tube flanges (α) dominates the shear deformation of the SCP connection, while 
deformation of diaphragms (β) is much smaller, resulting in a significant shear 
deformation of the joint (γ deformation).  The analysis shows that the steel tube 
flanges rather than the diaphragms contribute to the shear strength of the joint.  The 
deformation assumption in the CECS equation is not applicable for the SCP 
connection.  Even though the diaphragms thickness of the SCC connection is the 
same as the SCP connection, the shear strength of the SCC connection (4.7 x105) is 
around 1.8 times of that of SCP connection (2.6 x105).  Meanwhile, the stiffness of 
the SCC connection is much higher than that of the SCP connection (Figure 8).  The 
analysis implies that the thickness of the steel tube rather than the thickness of the 
diaphragm has a significant effect on the shear strength of the joint.   

Effect of axial force ratio: From analyses in section 4.1, it can be seen that Wu’s 
assumption on shear deformation mechanism is more appropriate than that from 
CECS for the connections analyzed.  However, a notable disadvantage of Wu’s 
equation is that it does not consider effect of axial force ratio on the shear capacity of 
the steel tube.  The axial force ratio for both SCP and SCC connections is 0.15.  To 
assess the effect of axial force, the shear capacities were recalculated with the 
consideration of the axial force effect.  It is found that the estimated shear capacities 
are quite close to the results without axial force ratio.  Thus, the effect of axial force 
ratio is negligible for both connections because the axial forces are small. 

Effect of strain hardening ratio of the steel tube: Previous research shows that the 
steel tube has undergone significant strain hardening because of the high restraint 
from columns and beams.  However, the calculated strain hardening ratio from Wu’s 
equation is only 0.0008 for these joints.  To assess the influence of strain hardening, a 
strain hardening ratio of 0.01, 0.03, and 0.05 was used for the shear capacity of the 
connection.  It is found that the strain hardening ratio of the panel zone has a 
significant effect on the behavior of the panel zone strain, column strain, and the post 
yielding stiffness of the connection.  A higher strain hardening ratio leads to higher 
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post yield stiffness of the joint, smaller shear deformation of the joint, and larger 
column strain.  OpenSEES results with strain hardening ratio 0.01 for the joint are 
close to the ABAQUS results, which give reasonable estimations for the shear 
strength of the connection, column strain and panel zone strain when compared to the 
test results, as shown in Figure 15.  The shear strength of the joint is increased by 
25% ((from 248kN to 310kN)), leading to 23.5% increase (from 19.06kN to 
23.54kN) in the shear strength of the connection. 

(a) Rotations of the 
connection 

(b) Column strain (c) Joint strain 

Figure 15. Results of the SCP connection with joint capacity from Wu’s equation 
(strain hardening ratio of the rotational spring: 0.01) 

 

5. CONCLUSIONS 
Finite element analyses were conducted in ABAQUS to investigate damage behavior 
of through diaphragm connections to CFT columns, with experimental validation 
obtained from test in the literature that included column and joint yielding scenarios.  
The ABAQUS results show that: 

1. The steel tube has a significant influence on the yielding mechanism of the 
joint.  Yielding location is transferred from the joint to other weaker elements 
(column for the SCC connection) when a thicker steel tube and/or higher steel 
strength is used in the joint.  

2. The deformation of the steel tube flanges in the joint area rather than that of 
diaphragms dominates the shear deformation of the joint. 

Shear force-deformation relations for the joint are obtained from ABAQUS analyses 
were compared to the shear capacities calculated from existing models.  While the 
joint shear strength is comparable among these theories, the contribution of each 
component is very different.  Wu’s equation gives a close estimation of the stiffness 
compared to ABAQUS results; however the estimated shear strength of the joint is 
the lowest among these theories.   

OpenSEES analyses on these connections were then conducted with the joint 
behavior obtained from ABAQUS or Wu’s estimation.  The results show that: 
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1. The joint behavior in the OpenSEES analyses is very sensitive to the shear 
force-deformation relationship assumed.  

2. The OpenSEES model with joint behavior from ABAQUS analyses models 
the connections well when compared to test results. 

3. The OpenSEES model with joint behavior from Wu’s equation gives 
contrasting results.  In the case of joint yielding, a lower estimation of the 
shear capacity leads directly to a   lower shear strength of the connection.  In 
the case of column yielding, the model gives good results both with respect to 
shear strength and stiffness of the connection.   

Possible influencing factors of the shear capacity of the joint were then analyzed. The 
axial force ratio has a negligible effect on the shear strength of the joint analyzed at 
low levels of axial force, such as those used in the calibration studies.  However, the 
strain hardening ratio of the steel material has a significant effect on the joint 
behavior.   
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Abstract 

This paper describes the effect of composite slabs in increasing beam strength 
and its implications for design. It also discusses the “beam-growth” phenomena, which 
can detrimentally influence the performance of a frame with reinforced concrete or 
precast concrete beams, and its impact on steel beams with RC slabs. From the 
subassembly testing conducted the slab increased the beam strength by around 40%. 
However, the slab could not maintain strength at large drifts without degradation with 
transverse or longitudinal decking placed around the columns. This indicates that while 
transverse or longitudinal slabs should not be considered in design to size the beam, they 
should be considered in the beam overstrength calculations for the design of other 
members. Also, both rational considerations and experimental results indicate that beam 
growth effects tend to be small for composite steel beams because the steel beams are 
able to yield in both tension and compression. 
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INTRODUCTION 

Slabs are commonly used in buildings around the world but are seldom 
considered explicitly in their seismic design. In most countries the effect of the slab is 
not considered at the beam ends at all. In New Zealand, slab effects are not considered 
determining beam end moment resistance, but they are considered when determining the 
overstrength from the beam/slab to determine column and panel zone demands. This NZ 
approach is more conservative than that internationally. It could be more economical if 
the slab effect could either be (i) fully ignored, or (ii) considered to size the beam as well 
as the column/panel zone. However, for either of these options to be used, experimental 
evidence, considering the possibility of secondary effects such as change in demands 
due to beam growth, is required.  

It may be seen from the above discussion that there is a need for experimental 
testing so that models may be developed which would allow us to detail, and consider 
appropriately, the slab effect on the demands and capacities.  

This paper seeks to address this need by seeking answers to the following 
questions: 

1) What are the particular issues with slabs in MRFs? 
2) What is the reliable strength in traditional construction? 
3) Can methods be developed to stop slab degradation? 
4) What is the beam elongation in presence of the slab? 

SLAB ISSUES 

A. Slab Effects on Subassembly Strength and Degradation 

Steel beams in buildings in seismic regions generally support a floor slab. While 
the effects of this slab are generally ignored in specifications around the world, New 
Zealand design specifications require the slab effect to be considered in capacity design 
to determine column sizes. It was hypothesized that: 

a) For isolated/separated slabs, slab effects should not be considered in beam 
strength design to resist the lateral forces or in overstrength design, but axial 
force effects on the beam from the slab may be significant.  

b) For slabs which are full depth for a significant distance (say equal to the beam 
depth) from the column face, a strut-and-tie approach is used to reinforce that 
area, and which has sufficient confinement, then the slab effect could be 
considered both in beam strength design to resist the lateral forces and in 
overstrength design.  

c) For slabs which are placed in contact with the column face, but without special 
attention to design and detailing, that the current NZ design approach should be 
continued to be used where the slab effect is not considered for beam strength 
design to resist the lateral forces, but it is considered in overstrength design. 
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crushing strength f’c and εc = 0.002 respectively. As a result of this, two possible ways to 
determine the likelihood of spalling are given below.  

The likelihood of spalling can be assessed simply from strength considerations. 
The force on the slab may be as great as that caused by axial yielding of the beams, 
which is ΣAsfy, where As is the area of the steel beam cross-section and Fy is the steel 
yield stress It may be slightly less than this as a result of axial forces being carried in the 
beams, and as a result of sharing of force between the outside of the column and that 
carried on the inner flange. If the beam axial yield force is greater than Acf’c, then there 
is a possibility of yielding. Here Ac is the area of the concrete slab bearing on the outside 
of one of the column flanges and f’cis the compressive cylinder strength of the concrete 
at the time of testing. 

Alternatively, the likelihood of spalling can be understood from strain 
compatibility considerations as follows. Unconfined concrete stress-strain curves 
indicate the unconfined stress of the concrete reaching the crushing strength f’c which 
occurs at a concrete strain of about 0.002. The displacement imposed at the top of the 
concrete, Δc, may be estimated as the inelastic rotation of the plastic hinge multiplied by 
the distance from the neutral axis to the top of the concrete slab.  The position of the 
neutral axis may be found from standard methods allowing for composite action. The 
strain in the stab may conservatively be estimated as the displacement divided by the 
length over which this strain occurs. In standard NZ design, the slab is disconnected 
from the beam over a distance of 1.5 times the depth of the steel beam (1.5d) from the 
column face. At the end of this length, 1.5d, the slab is connected by shear studs which 
can deform. If they are conservatively assumed to be rigid, then the strain, ε, is Δc/(1.5d). 
If this is less than 0.002, then there is little likelihood of spalling failure.  

The deformation capacity of the subassembly and slab may be increased by 
increasing the strain capacity within the concrete slab, through confinement of the top of 
the slab. One way it could be accomplished is by placing a plate over the top of the slab 
and tying it down as shown in Figure 2. Note that the tie-downs do not go through the 
beam member, as this is subjected to severe inelastic deformations and any hole or 
discontinuity in this plastic hinge region could lead to failure.  

 
  
 
 
 
 
 
 
 

(a) Side View             (b) End View 

Figure 2. Slab Confinement with a Plate 
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Another way of providing confinement involves placing a steel cage in the slab 
placed in front of the column in a region of full-depth slab around the column as shown 
in Figure 3. This has the advantage of not only confinement of the concrete, but it also 
works as part of the truss mechanism with longitudinal steel. (The longitudinal and 
transverse steel is not shown in Figure 3a and transverse steel is not shown in Figure 3b). 
This concept was also advanced in Section 13.3.5 of the HERA Design Guides Volume 
2 (referenced from NZS 3404 : C13.4.11).  

Both of these configurations are being considered as part of the research program 
of Tushar Chaudhari at the University of Canterbury. 

 
 
 
 
 
 
 

 
 
 
 
 
 
(a) Side View             (b) Plan View 
 

Figure 3. Slab Confinement with a Reinforcing Cage [Chaudhari] 
 

B. Slab Effects on Beam Growth  

Beam growth occurs in reinforced and prestressed concrete structures and full 
description of this phenomena is given by MacRae and Clifton (2013). It causes damage 
the slab and it can push columns apart causing additional demands on the steel frame. 
This is because the concrete structures carry load well in compression, but tend to 
crack/gap in tension. The situation for steel structures is quite different when the slab is 
separated from the column face to prevent contact during the lateral deformations as 
shown in Figures 4a and 4b. Here the top of the beam lengthens due to both elastic and 
plastic deformation. Similarly, the bottom of the slab shortens by the same amount so 
the theoretical beam growth, measured at the beam centerline, is approximately zero. 
During displacement in the reverse direction, the lengthening and shortening at the top 
and bottom of the column are recovered and the top and bottom shorten and lengthen 
respectively. Another way of stating it is that the neutral axis of the steel beams is at the 
steel beam centroid so there is unlikely to be any significant beam growth (or 
shortening) during all stages of testing until effects such as buckling become significant.  

Full depth slab 

Column 

Column 

Beam 

Cage Cage 

Longitudinal steel 

Beam 
Column 
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(a) As-built      (b) With lateral deformation 
 

Figure 4. Steel Beam with Slab Separated from Column 
 

If the slab touches the columns, and is strong in tension and compression, the 
neutral axis may be in the slab and the beam will yield axially in tension and 
compression as shown in Figure 5a. Since it is the elongating on the left hand side, and 
shortening on the right hand side, the net effect is that the columns remain the same 
distance apart and there is zero beam elongation. 

If the slab is not strong, then the neutral axes at the different ends of the beam are 
at different heights as shown in Figure 5b. Here, the neutral axis due to flexure is on the 
right hand side is through the centre of the beam, while that on the left-hand side of the 
beam may be in the slab. This would imply more tension yielding at the centre of the 
beam than compression yielding and some net elongation. This elongation would be 
expected to be much less than that of a concrete beam where cracks/gaps open at both 
ends of the beam. 

It should be noted that in the discussion above, the neutral axis position due to 
flexure is considered to be significant. It will also vary somewhat due to the horizontal 
axial force being transferred from the inertia forces of the beam and slab, through the 
connections at the end of the beam to the column and this may make some difference to 
the elongations discussed above. 
 
 
 
 

 
 
 
 
 

(a) Strong Slab Around Column              (b) Weak Slab Around Column 
 

Figure 5. Deformation of Steel Beam with Different Strength Slabs  
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BEHAVIOUR OF TEST UNITS 

A series of full scale beam-column-joint-slab subassembly tests were recently 
conducted at the University of Canterbury to quantify the effects of slabs under cyclic 
loading [Hobbs et al. 2013, Hobbs 2013]. Specimens tested have haunched moment end 
plate connections as shown in Figure 6. The height of the column between loading and 
reaction pins was 2.0m. The beams were two 3m 310UB32 sections connected to a 2m 
tall 310UC158 column using bolted moment-endplate connections. Panel zone doubler 
plates were used. All steel was specified to be Grade 300. The ends of the half beams 
were pinned to represent the point of inflection of the full length beam whilst the column 
was pinned at its base and a ram mount located 2m from the base pin centerline. 

ComFlor 80 profiled sheet steel decking was used with a total slab depth of 
150mm and slab dimensions of 6m by 3m. The decking was connected to the main 
beams with two 125mm×19mm diameter shear studs every 300mm. Where secondary 
beams were used one shear stud was provided every 300mm. No studs were placed over 
the length of beam 1.5 times the beam depth from the column face. Reinforcing steel 
provided included SE82 seismic mesh across the whole slab and 1.5m lengths of D10 
bar centred across beams at approximately 100mm centres in the direction of the deck 
tray. Further reinforcing was provided around the column opening in the slab as per 
ComFlor recommendations (Corus 2005). The target strength for the concrete was 
30MPa. 

The units with different deck configurations are described in Table 1. The 
isolated unit was separated from the column by 25mm polystyrene glued to both sides of 
the column flanges, but it was still in contact with the web and the end of the haunch 
implying that the column was not fully isolated as shown in Figure 6. While isolated 
connections are simple to consider, axial forces from the slab through the beam onto the 
columns should also be considered in design. The transverse units had the deck placed 
transverse to the column. The outside of the column flanges beared against the full depth 
of concrete both sides with the distance to the beginning of the trough being about 
30mm. In the full depth test unit, a square area of full depth slab was placed 300mm 
from the column making an area of approximately 910mm x 910mm which is in effect a 
“column capitol”. In this unit, extra reinforcing in the full depth portion of the slab was 
2-D10's across each column face as recommended by Comflor. The schematic of the test 
setup is shown in Figure 7 and the test  protocol as per Figure 8 [ACI, 2001]. 
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Table 1. Unit Descriptions and Failure Mode 
Slab Unit Deck Tray 

Direction  
(to main beams)

Concrete Detailing Behaviour 

Isolated Transverse Separated from 
column 

Beam bucking at 3.5% drift. 

Transverse Transverse Poured upto column Beam bucking at 2.5% drift. 
Slab spalling at 3.5% drift. 

Longitudinal Longitudinal Poured upto column Beam bucking at 2.5% drift. 
Slab spalling at 2.5% drift. 

Full Depth Transverse Poured upto column, 
large full depth 
block 

Beam bucking at 2.5% drift. 
Slab spalling between column 
flanges. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6. Partial Isolation 
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Figure 7. Beam and column setup for all tests. 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 8. Test Regime (ACI, 2001) 

In the tests, the column, panel zone and beam end connections remained 
essentially elastic. The unedited hysteretic behavior of the units is shown in Figure 9. It 
may be seen that the isolated column had the lowest lateral resistance. Lateral force 
resistances were increased by up to 40% due to the presence of the slab in contact with 
the column. The increase in strength was greater for decking running in longitudinal 
direction than in the transverse direction as a result of a more substantial full depth slab 
bearing on the column. However, at 100mm displacement (5% drift) all units had 
strength similar to that to that of the isolates unit as a result of strength degradation. This 
degradation in the unisolated connections generally occurred at drifts from 2.5% to 3.5% 
as a result of shear failure of the concrete between the flanges of the units shortly 
followed by spalling of the concrete. In the transverse unit, the deck failure mode 
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involved compression perpendicular to the ribs. For longitudinal floor, there was a 
longitudinal concrete shear failure at both edges of the trough of the profiled floor that 
was centred in the column. This extended over the full 3m of the beam length. In the 
isolated slab case, there was minimal damage to the slab because it was separated from 
the column. When full depth concrete was placed around the column, there was no 
significant cracking near the column but there was compressional concrete strain there. 
This resulted in lower strength at repeated cycles to the same displacement. In all cases 
with concrete around the column, there was a shear failure of the concrete between the 
column flanges at drift ratios greater than 3.5%.  

 
Figure 9. Subassembly Hysteresis Curves 

 

From the discussion above, it may be seen that degradation occurred in both 
slabs with traditional longitudinal or transverse deck placement. While the degradation 
was less for the full depth slab unit, there was still significant strength degradation. For 
the envelope curve, the degradation was less than to 80% of the peak strength obtained 
even at the large drifts of 5% (i.e. column displacement of 100mm). This would make 
this configuration satisfactory according to many standard evaluation criteria. Also, with 
greater depth beams and similar depth slabs, the slab effect would likely be smaller so 
that it is likely to behave satisfactorily in these cases too. The need to specifically 
provide confinement of the slab around the column face is therefore not clear from these 
tests. 
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Figure 12. Beam Elongation During the Tests 
 
The elongation shown here tends to be negative and it is likely a result of buckling of the 
beam and some spalling of the concrete at the slab/column interface. However, in case 
of the longitudinal slab assembly, the west beam did not exhibit a noticeable elongation 
under low drift cycles. At larger drifts cycles (3.5% and 5.0% drift) the bottom flange 
instruments mounting points fell within the buckled portion of the beam resulting in a 
skewed plot comparing to east beam as shown in Figure 10. Whereas in most of the units 
it is a similar magnitude to that from the kinematic considerations. Until the very last set 
of cycles, the absolute value of elongation at zero displacement, termed the residual 
displacement here, is generally less than about 1mm. This is small and it is likely to be 
smaller in a building with more realistic boundary conditions (such as other columns) 
which would resist the possibility of positive or negative beam elongation. It is not likely 
to adversely affect the structural response. 
 
CONCLUSIONS 

A series of tests were conducted to evaluate the effect of beam strength and beam 
elongation effects considering the presence of a slab. It was found that: 

1) Slabs on steel beams may bear against the column increasing the strength of 
the beam and demands on the column and panel zone. However, compressive 
or shear failure of the slab may occur depending decking orientation. This 
can be accompanied with a shear failure of the concrete between the column 
flanges causing degradation in traditional construction. 

2) For traditional construction, with the deck perpendicular to the frame and 
direction of loading, the moment resistance depends on the locations of the 
troughs relative to the column face. It is possible to obtain significant bearing 
resistance but spalling may also occur depending on the trough location. 
When the deck is parallel to the frame and direction of loading, a longitudinal 
shearing failure of the concrete in the trough at the interface with the topping 
occurred. While the strength of these tests was 31% more than that of the 
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partially isolated test, it degraded by about this amount after 2.5% drift for 
this configuration. The reliable strength of traditional construction with any 
possible configuration, where the troughs may be further or closer to the 
column, is therefore that of the beam alone. 

3) The use of a full-depth reinforced slab immediately around the column 
provided a dependable moment capacity in the case studied of about 34% 
more than the partially isolated member. Also, partially isolating the column, 
by separating the slab from the column face, but not from the gusset plate, 
end-plate or bolt heads, still resulted in some spalling but little strength loss. 

4) Beam elongation measurements showed that each beam tended to change in 
length by shortening up to about 1mm, or 2mm for both beams, during 
applied drifts up to 3.5%. With more realistic boundary conditions, this effect 
is expected to be less. 
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Abstract 

This paper describes the methodology for post-processing experimental data 
related to the axial strength of slender full-scale concrete-filled tubes. Although 
utilizing a state-of-the-art testing system, the results obtained during testing needed to 
be corrected to account for the compliance, frictional forces, resolution and capacity 
limits of the testing system, as well as the initial imperfections of the specimens. A 
complex load protocol, aimed at determining the buckling load capacity of CFT 
columns, a set of points in the P-M interaction diagram of CFT beam-columns, and 
the torsional strength of CFT members, was used. This load protocol consisted of a 
set of load cases applied sequentially: (1) pure compression, (2) uniaxial and biaxial 
bending combined with different constant axial load levels, and (3) torsion with and 
without constant compression loading. Successful post-processing of the data 
required the application of different techniques to correct, filter and extrapolate the 
measured experimental response. In addition, these efforts required that behavior of 
the loading system be characterized through integration of data from different sensors 
and computational simulations using stiffness and displacements obtained directly 
from the test. 
 

INTRODUCTION 
A comprehensive experimental program that consisted in testing 18 full-scale 

and slender concrete-filled steel tube (CFT) specimens was conducted at the Multi-
Axial Sub-assemblage Testing (MAST) Laboratory at the University of Minnesota as 
part of a NEES project [Perea 2010]. The main objectives of this experimental 
program were to characterize the response of slender CFT beam-column to a complex 
load protocol, in order to verify and improve their modeling [Leon et al. 2009; Perea 
et al. 2010].  This modeling, in turn, was used to both verify current specifications 
and provide advanced analysis and design recommendations. 
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The Multi-Axial Sub-assemblage Testing system (MAST), shown in Figure 1(a), 
consist of a stiff cruciform steel crosshead connected to the strong floor with four 
vertical actuators and connected to the L-shaped strong wall with two horizontal 
actuators in each wall. The eight actuators are connected at the ends using swivels 
with low-friction bearings. Each vertical actuator has a static load capacity of ±1,468 
kN (±330 kips) and ±508 mm (±20 inches) of piston stroke. In turn, each horizontal 
actuator has a load capacity of ±1957 kN (±440 kips) and ±406 mm (±16 inches) of 
piston stroke. Thus, the MAST system has the capability of controlling the top 6 
degrees-of-freedom (DOFs) independently with a total capacity of ±5,872 kN (±1,320 
kips) in vertical force (Fz), ±3,914 kN (±880 kips) in shear for each axis (Fx, Fy), and 
a maximum stroke of ±508 mm (±20 inches) and ±406 mm (±16 inches) respectively 
for both the horizontals and the vertical displacement.  

The crosshead is driven by a servo-hydraulic control system (HCC) that converts 
digital input commands (displacement, force or mixed control) for the 6 DOFs at the 
crosshead center to control commands for each of the eight actuators. The control 
system is similar to those used in shake tables, but can shift control during testing 
from displacement to load and vice versa on any channel.  This is particularly useful 
in controlling buckling tests as control can be shifted from load to displacement as the 
buckling begins.  An important limit on the HCC is that most quantities can be 
theoretically controlled to 0.05% of full-scale.  This is more than sufficient for axially 
and flexurally stiff specimens such as shear walls, but, as will be discussed later, was 
not sufficient to control some of the very flexurally weak specimens tested in this 
project. This research is particularly valuable because of the extreme slenderness of 
some of the specimens; current specifications have been calibrated to databases with 
few slender columns [Leon et al. 2005; Kim 2007]. 

  
 (a) Overview of MAST (b) RCFT Specimen connected 

Figure 1 - Multi-Axial Sub-assemblage Testing (MAST) system 
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A very careful and deliberate process was required to post-process values from the 
experiments so that they could be directly compared to design values. Some of the 
post-processing is inherent to the geometric and material uncertainties intrinsic in 
specimens used for buckling studies.  However, there were other sources of potential 
errors that can be attributed to the system setup and control. To extract reliable values 
for comparison to current design provisions, it was necessary to address all these 
issues. How this was done is discussed in the following sections. 

EXPERIMENTAL PROGRAM AND TEST SETUP 
The specimens in the experimental program were selected to be both 

relatively slender in length and in width-to-thickness parameters. Few specimens with 
these attributes have been tested in prior research as noted in experimental databases 
[Leon et al. 2005; Kim 2007; Goode and Lam 2011]. In total, 18 full-scale CFT 
specimens were tested with variations in steel tube shape and size, length, and 
concrete strength. The test matrix is shown in Table 1 with nominal values and in 
Table 2 with measured values. The tests were labeled by a test number – shape – 
length – concrete strength convention; thus Specimen 8-Rw-18-12 corresponds to the 
eighth specimen in the series, with a Rectangular cross section loaded along its weak 
axis (or C# for Circular sections of # nominal diameter), with a length of 5.5 m. (or 
18 ft.) and a nominal concrete strength of 83 MPa (or 12 ksi). An idea of the scale of 
the tests is given by the person standing at the bottom of Figure 1(b). 

Table 1. Test matrix with nominal values 

Section Cross-Section D/t
L = 5.5 m = 18 ft. L= 7.9 m = 26 ft. 

fc′ = 5 ksi 
= 34.5 MPa

fc′ = 12 ksi 
= 82.7 MPa 

fc′ = 5 ksi 
= 34.5 MPa 

fc′ = 12 ksi 
= 82.7 MPa 

Circular 

HSS141.3x3.4 
(HSS5.563x0.134) 

45 1-C5-18-5   18-C5-26-12 

HSS323.9x6.4 
(HSS12.75x0.250) 

55 2-C12-18-5 6-C12-18-12 10-C12-26-5 14-C12-26-12

HSS508.0x6.4 
(HSS20x0.250) 

86 3-C20-18-5 7-C20-18-12 11-C20-26-5 15-C20-26-12

Rectangular 

HSS508x305x7.9 
(HSS20x12x5/16) 

weak axis buckling 
67 4-Rw-18-5 8-Rw-18-12 12-Rw-26-5 16-Rw-26-12

HSS508x305x7.9 
(HSS20x12x5/16) 

strong axis buckling 
67 5-Rs-18-5 9-Rs-18-12 13-Rs-26-5 17-Rs-26-12 

 
Thick plates were welded to the ends of the specimens, with the bottom plate rigidly 
connected to the strong floor and the top plate rigidly connected the specimen to the 
crosshead as shown in Figure 1(b) and Figure 2(a). Through control of the crosshead 
DOFs, different end conditions could be simulated; most often a fixed-free (K=2) 
condition was enforced. Due to control issues, fixed-fixed (K=0.5) conditions were 
used in specimens 1-C5-18-5 [as shown in Figure 2(b)] and 18-C5-26-12. The axial 
strength of some of the specimens exceeded the vertical capacity of the system (5,872 
kN or 1330 kips) and so a pure compression test was not possible in some of the 
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larger sections. All the specimens retained a large portion of their strength at the 
maximum displacement (406 mm or 16 in.) although they were often being held in an 
unstable configuration as the crosshead horizontal DOFs shifted to displacement 
control as buckling began. 

Table 2. Test matrix with measured values 
No. 

Specimen 
Name 

L HSS Fy Fu Es fc′ fc ft Ec λ 
(m)  (mm) (MPa) (MPa) (GPa) (MPa) (MPa) (MPa) (GPa) - 

1 1-C5-18-5(*) 5.50 141.3x3.4 383 487 194.0 37.9 37.9 7.6 27.6 0.90* 
2 2-C12-18-5 5.50 323.9x6.4 337 446 199.2 37.9 38.6 7.6 27.6 1.55 
3 3-C20-18-5 5.52 508.0x6.4 328 471 200.3 37.9 40.0 7.6 27.6 1.05 
4 4-Rw-18-5 5.54 508x305x7.9 365 502 202.4 37.9 40.7 7.6 27.6 1.38 
5 5-Rs-18-5 5.54 508x305x7.9 365 502 202.4 37.9 40.7 7.6 27.6 0.88 
6 6-C12-18-12 5.50 323.9x6.4 337 446 199.2 87.6 91.0 11.4 41.9 1.90 
7 7-C20-18-12 5.53 508.0x6.4 328 471 200.3 87.6 91.0 11.4 41.9 1.30 
8 8-Rw-18-12 5.55 508x305x7.9 365 502 202.4 87.6 91.7 11.4 41.9 1.65 
9 9-Rs-18-12 5.55 508x305x7.9 365 502 202.4 87.6 91.7 11.4 41.9 1.04 
10 10-C12-26-5 7.95 323.9x6.4 335 470 200.2 50.3 54.5 4.1 34.5 2.38 
11 11-C20-26-5 7.99 508.0x6.4 305 477 201.7 50.3 55.8 4.1 34.5 1.61 
12 12-Rw-26-5 7.96 508x305x7.9 406 534 200.1 50.3 56.5 4.1 34.5 2.14 
13 13-Rs-26-5 7.97 508x305x7.9 383 505 200.2 50.3 57.2 4.1 34.5 1.35 
14 14-C12-26-12 7.96 323.9x6.4 383 461 198.3 79.3 80.0 5.2 40.0 2.72 
15 15-C20-26-12 7.98 508.0x6.4 293 454 200.1 79.3 80.0 5.2 40.0 1.78 
16 16-Rw-26-12 7.96 508x305x7.9 381 506 200.5 79.3 80.7 5.2 40.0 2.30 
17 17-Rs-26-12 7.96 508x305x7.9 380 496 200.1 79.3 80.7 5.2 40.0 1.46 
18 18-C5-26-12(*) 7.94 141.3x3.4 383 487 194.0 79.3 80.7 5.2 40.0 1.51* 
Notes: L is the length; Fy, Fu and Es are the yielding stress, the ultimate stress, and the Young’s modulus of the 
HSS section, respectively; fc′ and fc are the concrete strength at 28 days and at the day of testing, respectively; ft 
and Ec are the tension strength and the Young’s modulus of the concrete, respectively;  λ is the slenderness 
parameter calculated as defined by AISC 360 (2010) generally based on K=2 ( except (*), K=0.5). 
 

   
 (a) Before testing (b) During testing 

Figure 2. Specimen 1-C5-18-5 
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Instrumentation 
The specimens were extensively instrumented to assess and quantify their behavior as 
carefully as possible.  The wealth of information collected and its redundancy are 
crucial to the post-processing described later.   The data recorded included outputs 
from: 

 Built-in load cells and magnetostrictive linear position sensors from all eight 
actuators. Calculations of the resultant crosshead forces, external moments, and 
overall displacements and rotations associated with the horizontal and vertical 
axes were obtained from these sensors. 

 Sets of three or four strain gages located at nine longitudinal sections, primarily 
near the bottom of the column, to monitor strains and calculate internal moments 
and curvatures. The majority of these gages were uniaxial and longitudinal, but at 
any given level at least one was a biaxial strain gage to allow monitoring of 
transverse (confinement) strains.  

 Sets of three LVDTs for measuring relative displacements (elongation of 
shortening) located at six levels near the bottom of the specimen to monitor 
curvature and length changes indicative of local buckling at the critical section. 

 String-pots distributed along the height for measuring lateral displacements and 
obtaining the displaced profile in both horizontal axes. These were located at four 
levels for the 5.5 m. (18 ft.) specimens, and 5 levels for the 7.9 m. (26 ft.) 
specimens.  

 LED (light-emitting diode) semiconductors for measuring the position change of 
about 80 points near the bottom of the specimen. These measurements are 
captured by a Krypton system and were used primarily to monitor the growth of 
local buckling.  

 Eight still cameras and eight video cameras distributed in 4 robotic towers were 
used to capture images and videos of the whole specimen and some local points 
of interest. 

 Additional calculated channels were obtained from the measured data including: 
(a) moments at the base, and at different points along the specimen; (b) rotations 
and curvatures at different cross-sections; (c) evolution of the displaced shape of 
the column and deformations in selected segments; and (d) stresses at different 
positions through the cross-section and the specimen length.   

All the data is currently archived in the NEES repository [NEES 2011]. 

 
Initial Geometry Surveys and Setup 
As with any buckling experiment, characterizing the initial imperfections was a key 
goal of the project.  Figure 3 shows typical deformation patterns for several of the 
specimens when they were first bolted to the reaction floor.  The figure shows the 
global or interstory deformations (Δ), but the local or out-of-straightness 
deformations (δ) can also be obtained from the numerous intermediate measurements.  
All of these imperfections were included directly in the advanced analyses used to 
correct the data and were used as the initial coordinates for all lateral deformations 
measured during the test.  Because of the difficulties in welding the thick end plates 
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exactly perpendicular to the specimens, 
several specimens (2, 3, and 7) appear to 
exceed the Δ < H/500 conventionally 
required in construction, but appear to be 
almost straight (δ ≈ 0); specimen 1, the most 
slender one, actually shows the reverse (Δ ≈ 
0 and large δ). 

After these measurements were made, the 
top plate of the column was bolted to the 
MAST crosshead, resulting in parasitic 
forces. The crosshead then was moved until 
the system came back to the initial state of 
zero forces and moments. The final data 
taken during this process was named LC0 
and became the baseline for all 
measurements. 

Load protocol 
The specimens were subjected to a variety of successive load histories, providing a 
wealth of data useful for developing design recommendations and calibration of 
advanced nonlinear computational models.  The first load case (LC1) consisted of 
moving the crosshead with an incremental downward vertical displacement (Δz) and 
with free lateral translation (Δ) and free rotations (θ) controlled at the top. Since the 
base is rigidly connected to the strong floor and top DOF’s are controlled as 
mentioned (F=0 and M1=0), the full-scale specimen will behave as a slender fixed-
free member with an effective length of K approximately equal to 2. Since the 
rigidity in the circular specimens is equal in any direction, both principal translations 
(Δx and Δy) and rotations (θx and θy) were controlled as free in the CCFTs (Kx=Ky=2).  
The rigidity is different in the two perpendicular directions in the case of the RCFTs, 
and so the Y-axis was kept fixed (Δy=θy=0) and only the X-axis was controlled free 
(Kx=2, Ky=0.5). For the weakest CCFT specimens (1C5-18-5, 18C5-26-12), the 
boundary conditions were set as fixed-fixed (K=0.5) in both directions in order to 
have a strength well above the resolution of the loading system. These axially stiff yet 
flexurally compliant CFT beam-column specimens were a unique challenge to 
control. 
The second load case (LC2) subjected 
the specimens to combined axial 
compression and uniaxial bending. 
This was achieved with vertical force 
control at a specified load (Pi) and 
displacement control of the lateral 
DOFs. Again, most specimens were 
held in a fixed-free (K=2) 
configuration with bending moments 
at the crosshead were force controlled 

Figure 3. Initial configurations of 
some specimens (numbers refer to 

Figure 4. 3D interaction surface (analytical) 
and experimentally measured points (dots) 
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to zero [specimens 1-C5-18-5 and 18-C5-26-12 were held in a fixed-fixed (K=1) 
configuration]. The third load case (LC3) maintained the same control as the second 
load case, but subjected the specimen to combined axial compression and biaxial 
bending.  Two axial load levels were used for LC2 and three different ones for LC3, 
resulting in a large number of triaxial load combinations that allowed the construction 
of a very complete interaction surface (Figure 4). Additional latter load cases were 
conducted, subjecting the specimens to torsion or alternate end conditions. Full 
details of the test program including these load cases and discussions on wet concrete 
effects are presented elsewhere [Perea 2010]. 

 

CORRECTIONS FOR ISSUES RELATED TO THE TEST SETUP 
Because the data was used to assess the reliability of current American design 
provisions and because careful track had been kept of all aspects of the tests except 
residual stresses, it was of important to assess the impact of several testing factors on 
the overall results, as discussed below. 

System compliance: According to the MAST manufacturers, the conversion process 
by the HCC accounts for all geometric nonlinearities.  However, details of the 
algorithms used by the HCC are not public, and so the overall system compliance was 
not accurately known when the test series was planned.  However, during analyses of 
the pilot test for this research project (1-C5-18-5), an incompatibility between the 
experimental and the predicted analytical axial deformations of the CFT specimens 
was noticed, as shown in Figure 5.  Finite element analyses [French et al. 2004] 
modeling the crosshead under critical load conditions had indicated the presence of 
deformations that were not properly accounted by the HCC in the computation of the 
control commands (Figure 6).  This required a correction when comparing 
experimental and analytical results since part of this measured experimental data 
corresponds to deformation developed in the system and part deformation in the 
specimens. 

To determine the magnitude of the correction, an experimental determination of the 
crosshead relative vertical displacement with a specimen of known axial stiffness was 
performed [Gaulke et al. 2010] as part of this research. As seen in Figure 7, which 
shows a variation in crosshead deflections from about 2.5 mm (0.096 in) at the center 
to 5.1 mm (0.25 in) at the ends (±3.2 m (±10.5 ft) from center), the crosshead 
develops deflections that are not considered in the computed value by the controller 
(in this case Δz = 2.8 mm (0.11 in)). Based on the measurements and analyses, all the 
data was corrected to reflect system compliance assuming that the behavior of the 
MAST was elastic throughout the load history. 

Friction in the actuator clevises: The large vertical load actuators have very 
carefully machined bearings at the clevis pins to eliminate as much of the friction as 
possible. However, tests conducted without any specimens in place indicate that this 
friction is on the order of 8.34 kN (1,875 lbs) in force and 39.15 kN-m (28,875 lbs-ft) 
in moment (Figure 8) for the entire eight-actuator system. 
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 Δz (in) 

 
 Δ (in) 

Figure 5. Experimental vs. analytical 
axial shortening (Δz) 

 
Figure 6. Crosshead deflections from 

FEA analysis [French et al. 2004] 

 Δz (in) 

 
Distance from center of crosshead (ft.) 

Figure 7. Crosshead deflections along the span from averaged measurements in 
compliance test 
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Figure 8. Computed top forces reported by the controller from the empty 
crosshead test 
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These values are small compared to the lateral load capacity of the system and would 
be negligible for specimens that are laterally stiff such as concrete or masonry walls.  
However, for slender column specimens, this level of restraint at the top represents a 
large proportion of their lateral resistance as they approach buckling. As soon as the 
load reverses from a peak, this friction needs to be overcome in order to move the 
specimen in the opposite direction. These spurious forces need to be removed when 
comparing analytical and experimental results. Figure 9(a) shows typical uncorrected 
results with the ideal imperfections, while Figures 9(b) and 9(c) show analyses with 
the measured imperfections and with the friction effects included to give an idea of 
the magnitude of this effect. 

 P (kip)  P (kip) P (kip) 

 
 M (kip-ft) M (kip-ft) M (kip-ft) 

(a) No friction - ideal imperfection (b) No friction - real imperfection (c) Friction - real imperfection 

Figure 9. Effects of friction on test results 

Lack of perfect control for the DOFs:  As described before, the 6 DOF’s at the top 
for the Specimens 2 to 17 were in vertical displacement control with horizontal forces 
(Fx, Fy) and top moments (Mx, My) in load control such that both forces and moment 
are kept at zero (fixed base and free top condition, or effective length K=2). 
However, as the system approached the idealized capacity as a fixed-free specimen, 
the controller began to impose extraneous forces in the opposite direction of motion, 
and thus increased the maximum load.  These forces are probably the result of both 
the HCC using algorithms originally meant for shake tables, which intended to 
account for inertial forces in the system, and interactions between the 6 DOFs.  These 
forces were negligible in the context of the quasi-static tests described herein. In 
addition, as shown in Figure 10(a) there was substantial force relaxation (dF) at the 
peaks, resulting in appreciable differences in the lateral force vs. displacement traces 
[Figure 10(b)] for some of the more flexible specimens.  There was no simple way of 
accounting for these effects except by introducing into the analyses springs at the top 
of the column and calibrating their force-deformation relationship with the 
experimental results. 

Limit on axial compressive capacity: As described earlier, the system is limited to a 
vertical axial capacity of 8572 kN (1320 kip). The buckling capacity of some 
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specimens, even when the large slenderness and imperfections are taken into account, 
exceeded the capacity of the crosshead. This implies that some alternate method of 
determining the axial capacity for these specimens was needed.  In the literature [e.g., 
Horton et al. 1971], there are methodologies that aim to estimate the elastic buckling 
load based on the response [P-Δ curve as shown in Figure 11(a)] with a lower load, 
including those proposed by: (a) Southwell who noticed than the axial load (P) vs. 
lateral displacement ratio (P/Δ) keep a linear relationship; similarly, (b) Ayrton and 
Perry [1/P vs. 1/Δ, illustrated in Figure 11(b)], and (c) Donnel (P vs. P/Δ). In this 
research, a more refined approach was used, based on the fact that, in either the 
elastic or the inelastic buckling ranges, the critical load is given when the tangent 
slope in the P-Δ curve reaches zero; thus, the axial force (P) vs. P-Δ tangent (dP/dΔ) 
plot is proposed [Figure 11(c)] for the determination of the buckling load, including 
the geometric imperfection and the material non-linearities. Similar to the Donnell 
form [Figure 11(b)], where the secant P-Δ is used for the estimation of the Euler load 
(PE), the critical load (Pn) from the tangent form is defined by its y-intercept or when 
the tangent becomes zero. 

 
 (a) Lateral Force vs. Time (b) Lateral Force vs. Lateral Displacement 

Figure 10. Force relaxation with time at the testing pauses (data for 4Rw-18-5) 

  P  P P 

 
 (a) P-Δ curve (b) Donnell (secant) form (c) Perea (tangent) form 
Figure 11 – Determination of buckling load for specimens that exceeded MAST 
axial capacity 
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Effective confinement in concrete: Even though the AISC equations give 
considerable credit to the circular sections due to confinement, differences were 
expected in the CFTs buckling capacity due to this parameter.  The transverse strain 
gages indicated that this effect was limited to the areas where concrete crushing 
occurred and this effect was difficult to isolate from the local buckling occurring at 
the same critical sections.  The effect of confinement appears to have been smaller as 
the slenderness increases, so linking this effect to slenderness, as is done in the 
Eurocode, appears to be a reasonable approach. 

 

RESULTS 
The large number of factors discussed required careful modeling using the OpenSees 
fiber models described previously.  The buckling loads obtained from this set of 
computational analyses are summarized in Table 3 and Figure 13. In Table 3, the 
experimental values previously extracted from the raw and processed or adjusted data 
are also shown. In addition, this table shows the effective length factor (K), the 
slenderness parameter (λ) and the buckling load (Pn) that is obtained with the AISC 
(2010) Specifications.  Very good agreement between the predicted and measured 
data is found when all of the factors described above are taken into account in the 
comparisons. 

 

 

Figure 13. Comparison of axial capacities 
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Table 3. Buckling loads from computational analysis 
 
Specimen 

 
K 

AISC 
(2010) 

Maximum
raw data 

Adjusted 
critical load 

Analytical 
critical load 

 
ratio 

  λ Pn (kip) Pexp (kip) Pcr, (kip) E[Pn] (kip) E[Pn]/Pn 
2C12-18-5 2.0 1.55   393    427 400 a 429.5 1.09 
6C12-18-12 2.0 1.90   472    581 500 a 540.4 1.14 
10C12-26-5 2.0 2.38   207    362 222 a 262.2 1.27 
14C12-26-12 2,0 2.72   216    386 225 a 285.1 1.32 
3C20-18-5 2.0 1.05 1469 1320 + 1478 b 1486.7 1.01 
7C20-18-12 2.0 1.30 2190 1320 + 1791 b 2168.7 0.99 
11C20-26-5 2.0 1.61   992    802 802 825.3 0.83 
15C20-26-12 2.0 1.78 1080  1127 1100 a 1146.2 1.06 
4Rw-18-5 2.0 1.38   939  1070 950 a 901.7 0.96 
8Rw-18-12 2.0 1.65 1124    961 961 946.2 0.84 
12Rw-26-5 2.0 2.14   501    791 540 a 601.1 1.20 
16Rw-26-12 2.0 2.30   534  1140 1000 a 673.0 1.26 
5Rs-18-5 2.0 0.88 1501 1320 + 1705 b 1521.0 1.01 
9Rs-18-12 2.0 1.04 2209 1320 + 1918 b 1877.5 0.85 
13Rs-26-5 2.0 1.35 1199  1320 1200 a 1275.9 1.06 
17Rs-26-12 2.0 1.46 1323  1120 1120 1126.9 0.85 
Notes: (+) MAST axial capacity reached before reaching buckling; (a) load given at the instant the 
controller added significant top forces a moments; (b) load from the tangent plot 
 

CONCLUSIONS 
Comparison of experimental data and code predictions for the nominal axial load 
capacity on CFT columns, one of the primary goals of this research, required careful 
attention and correction for both geometric and experimental setup issues.  These 
difficulties included characterization of the effective flexural stiffness, large 
dispersion in initial out-of-straightness and out-of-plumbness, among others. The raw 
experimental data was adjusted and processed accordingly. Results from the 
processed data seem to be more consistent with the expected values than the raw 
experimental data. 
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Abstract 
 

This paper introduces a new type of connections—reinforced concrete (RC) ring 
beam joints between concrete-filled steel tubes (CFSTs) column and RC beam. In this 
connection, the continuous load transferring in the frame beams are achieved by the 
transitional ring beam encircling the CFST column. Bidirectional cyclic loading tests 
on four interior column joint specimens were conducted to evaluate the seismic 
performance of this new connection system and the influence of the reinforcement on 
the joint behavior. Test results indicated the multi-directional nature of the force system 
in the ring beam. RC ring beam should be designed against the combination of 
multi-directional forces including axial load, bending, torsion, and shear due to the 
interaction of ring beam and CFST column under external load. The connections with 
reasonable design were observed to have good ductility and suitable for seismic 
resistant application. 
 
1. INTRODUCTION 
 

The concept of confined concrete has been widely accepted and applied in 
structural engineering. Concrete filled steel tubes (CFSTs), as an economical type of 
column, have been developed for several decades due to their advantages over either 
pure steel or pure reinforced concrete (RC) columns (Roeder et al. 2010). In 
engineering practice, RC beams are frequently employed instead of steel beams in 
CFST column systems with the incentive to reduce cost. Therefore, the safety and 
economical design of CFST column-RC beam connections poses unique challenge that 
has not been addressed by traditional design standards.  
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Very limited research work exist on the connections between CFST columns and 
RC beams due to the difficulty to arrange the longitudinal steel bars in the beam and the 
transferring of moments and shear forces at the beam ends. A new through-beam 
connection for a CFST composite column and RC beams was proposed (Nie et al. 
2008). Axial compression experiments on six specimens and reversed cyclic loading 
tests on three interior column specimens and three corner column specimens were 
conducted to evaluate the new beam-column system. An experimental investigation 
was carried out on a similar through-beam connection between concrete filled twin 
steel tube columns and RC beams (Zhang et al. 2012). Both experimental results 
showed that the effective confinement can be achieved by the stiffening ring, and an 
excellent axial bearing capacity can be obtained, as well as a good ductility and energy 
dissipation capacity. However, the steel tube is completely interrupted in these 
connections, leading to high material and labor cost along with complicated fabrication. 
Furthermore, little research is available on the seismic behavior of three-dimensional 
(3D) beam-to-column connections under the severe earthquake.  

This paper introduced a new type of connection between CFST column and RC 
beam. The cyclic behavior of three-dimensional (3D) interior CFST column to RC 
beam subassemblies was experimentally investigated. Test results were presented and 
discussed on the hysteretic behavior of the connections subjected to bidirectional 
cyclic lateral loading. 
 
2. EXPERIMENTAL PROGRAM 
 

A new through-column connection for CFST column and RC beams is introduced. 
Due to the construction and manufacture efficiency, RC ring-beam joints are used, of 
which ribbed steel bars or square bars as outer shear connectors are welded around the 
periphery of the column in the joint region and RC ring beam is placed as a transition 
zone between frame beams and columns. In order to avoid the interruption of the steel 
tube in the connection zone, the steel reinforcing bars in the RC frame beam does not 
cross through the steel tube continuously, but are anchored into the aforementioned 
transitional RC ring beam in this area. The interaction between the RC ring beams and 
the CFST column with outer shear connectors equilibrates moments and shear forces 
from the beams. 

Four specimens, named R-2-S, R-3-S, R-4-S and R-4-S-V6 were designed on a 
one-half size scale for prototype connections. The parameters include different 
longitudinal reinforcement ratios and stirrup reinforcement ratios for the ring beam as 
shown in Table 1, where Askt and Askb denote the longitudinal reinforcement of the 
frame beam at the top and bottom levels respectively; Asht and Ashb denote the 
longitudinal reinforcement of the ring beam at the top and bottom levels respectively. 
The geometric dimensions and reinforcement arrangements are shown in Figure 1. The 
material properties of the used steel and concrete are summarized in Table 2. 
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Table 1. Specimens and test parameters 

Specimens 
Frame beams 

 
Ring beams 

 
Columns 

 
Shear 
connectors bb×hb 

Askt/ 
Askb 

br×hr 
Asht/ 
Ashb 

Stirrups dc×tc 

R-2-S 250×500 
4
22/4

20 
 250×500 

2
22/2

20 
12@100  350×9  3■20 

R-3-S 250×500 
4
22/4

20 
 250×500 

3
22/3

20 
12@100  350×9  3 20 

R-4-S 250×500 
4
22/4

20 
 250×500 

4
22/4

20 
12@100  350×9  3 20 

R-4-S-V6 250×500 
4
22/4

20 
 250×500 

4
22/4

20 
6@100  350×9  3 20 

 
Table 2. Material properties of steel and concrete used in the test 

Components 
Yield 
strength  
fy (MPa) 

Tensile 
strength  
fu (MPa) 

Elongation 
(％) 

Compressive cube 
strength 
fcu (MPa) 

Tube column 464 632 32 - 
Rebar- 22 408 599 27 - 
Rebar- 20 407 597 29 - 
Rebar- 12 521 620 22 - 
Rebar- 6 456 572 22 - 
Concrete(R-2-S) - - - 67 
Concrete(R-3-S) - - - 44 
Concrete(R-4-S) -  - -            45 
Concrete(R-4-S-V6) -  - -            41 

 
Specimens were tested in a purpose-built 3D testing system for beam-column 

connections (Wang et al. 2011) in the State Key Laboratory of Disaster Reduction in 
Civil Engineering, Tongji University. The schematic loading arrangement and test 
setup are shown in Figure 2. At the beginning, a constant compressive axial load of 
1200kN was first applied at the top of the CFST column and maintained throughout the 
test. The alternately repeated vertical loads, P, were then synchronously applied at 
beam ends by servo actuators. Considering the maximum numbers and loading 
capacities of servo actuators which can be offered by the lab, this biaxial cyclic loading 
program assumes that the seismic load is input simultaneously in two directions, i.e. 
major loading direction along the west-east plane and minor loading direction along 
the north-south plane. The loading ratio of PWE in the west-east plane to PNS in the 
north-south plane is 1:0.75, which was realized by setting parallel connection of two 
sets of actuator pairs with different maximum loading capacities to the oil pump. The 
interstory drift was applied in each principal direction, with the resultant at 37° having 
a magnitude equal to the drift in principal direction multiplied by 1.25. 
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Fig. 1  Dimensions and reinforcement arrangement of specimens 
 

The vertical force-displacement relationships at four beam ends can be 
equivalently expressed as the story shear force (Pc) versus story drift (Δ) relationship 
of a single column according to energy conservation principle (Wang et al. 2011). It 
makes the test results for 3D subassemblies more intercomparable. The axial strains at 
the steel reinforcement were also measured to investigate the load-strain histories on 
the ring beam. As shown in Figure 3(a), the strain gauge location is designated as S-X 
where X represent the angle measured clockwise from the 0-East axis. At each location, 
4 strain gauges were attached to either the longitudinal reinforcement or the stirrups.  
At location S-0, S-90 and S180, four strain gauges were attached to the longitudinal 
reinforcement (Figure 3(b)).  While at location S-17, S-73, S-107 and S-163, the four 
strain gauges were attached to the stirrups (Figure 3(c)). 
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Fig. 2  Schematic loading arrangement and test setup 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) Sectional view and coordinate system 
 
 
 
 
 
 
 
 
 
 

(b) Longitudinal reinforcement             (c) stirrup 
 

Fig. 3  Strain gauge locations of ring beam 
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3. EXPERIMENTAL RESULTS 
 
3.1 Cracking pattern 

A typical failure mode from specimen R-2-S is described in this section to 
illustrate the development of cracks in the RC ring beams.  After the initial pre-load of 
1200kN at the CFST column, there were no visible cracks in the ring beam. During the 
cyclic loading at the beam ends before rebar yielding, horizontal cracks perpendicular 
to the frame beam were observed at the junction between the frame beams along East 
and West direction and the ring beam. Radial cracks were observed at the 225o and 45o 
locations at the ring beam and diagonal cracks at 315o and 135o locations, which 
propagated at 30o to the radial direction.  During the cyclic loading at the beam ends 
after rebar yielding, inverted “V” cracks were observed at the junction between the 
top/bottom of the ring beam and the frame beam. Horizontal cracks perpendicular to 
the frame beam were observed at the ring beam close to the column wall, extending to 
intersect with diagonal cracks in the side wall of the ring beam, finally forming a 
complete crack. As the loading increased, the crack width increased.  In addition, 
concrete spalling could be found at the bottom of the ring beam first near 0o and 180o 
locations, then within the range from 23o to 90o locations. The final cracking pattern is 
shown in Figure 4. The crack distribution along the ring beam illustrates the 
multi-directional performance of the internal force condition in this type of joint. 
 
 
 
 
 
 
 
 
 
 
  
 
 
 
 
 
 
 
 
 

Note: redline-cracks; shaded area-concrete spalls. 
Fig. 4  Typical crack pattern of specimens after final loading 
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3.2 Hysteretic behavior 

The equivalent column story shear versus story drift responses of the 
subassemblies from the major loading direction along west-east plane and minor 
loading direction along north-south plane are coupled and presented in Figure 5. The 
curves displayed pinching behavior. This was caused by the opening and closing of 
cracks during cyclic loading. The cracks appeared in the concrete were not closed 
when the applied load was zero which explain the early low rigidity in the initial stage. 
However, when the cracks were closed, a stable response was observed from the figure. 
The maximum loads and ductility ratios for each specimen are also summarised in 
Table 3. The ductility ratio is defined as the ratio of the displacement corresponding to 
the maximum load and the nominal yielding displacement. The capacity of joints to 
dissipate energy when subjected to seismic loads is as important as their strength or 
ductility in the evaluation process. The equivalent damping coefficient he for the 
maximum loading loop of the specimens is also given in Table 3. As can be seen from 
the comparison between four specimens, both the longitudinal reinforcements and 
stirrups are very crucial to enhance the load-carrying capacity and improve the 
ductility of the connection system. 
 
 
 
 
 
 
 
 
 
 

(a) R-2-S                             (b) R-3-S 
 
 
 
 
 
 
 
 
 
 

(c) R-4-S                           (d) R-4-S-V6 
Fig. 5  Coupled story shear versus story drift responses 
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Table 3. Maximum load, ductility and energy dissipation capacity 
Specimens Maximum load (kN) Ductility ratio he 
R-2-S 223  2.6  0.09
R-3-S 274  3.1  0.19
R-4-S 300  3.3  0.11
R-4-S-V6 266  2.0  0.08
 
3.3 Load-strain curves of ring beam reinforcement 

Taking Specimen R-4-S for example, the equivalent column story shear-strain 
responses for longitudinal reinforcements and stirrups of the ring beam are shown in 
Figure 6 to 9.  

Under cyclic loading, the load-strain curves of the longitudinal reinforcement and 
stirrups at S-135 location for each specimen illustrate symmetric “butterfly” shape (for 
example, as shown in Figure 6). The strain variation of the longitudinal reinforcement 
at the inner ring (Figure 6(b) and (d)) is greater than that at the outer ring (Figure 6(a) 
and (c)). The story shear-strain curves of the longitudinal reinforcements and stirrups at 
S-45 location illustrate asymmetric “butterfly” shape (Figure 7). While at locations of 
S-17, S73, S-107 and S-163, the story shear-strain curves of the stirrups (see Figure 8(c) 
and (d)) show asymmetric behavior. Whereas at S-0, S-90 and S-180, the story 
shear-strain curves of the longitudinal reinforcement illustrate asymmetry “butterfly” 
shape.   

Through analysing the ring beam reinforcement behavior, the following 
observations can be made: (1) Within the ring beam range with adjacent frame beams 
subjected to opposite bending (e.g. S-135 location), the bending moment about the 
y-axis (My) is significant, while the moment direction is not affected by the external 
load and the inner surface of the ring beam is always under tension. The interaction 
between the ring beam inner surface and the outer wall of tubular column is weak. (2) 
Within the ring beam range with adjacent frame beams subjected to identical bending 
(e.g. S-45 location), the bending moment about the z-axis (Mz) is significant. The 
moment direction is affected by the external load and the interaction between the ring 
beam inner surface and the outer wall of tubular column is strong. (3) In the ring beam 
locations within the width of the frame beam (e.g. S-17, S-73, S-107, S-163, S-0, S-90 
and S-180), the bending about the z-axis (Mz) is significant. The moment direction is 
affected by the external load and changes at different zones. The interaction between 
the ring beam inner surface and the outer wall of tubular column is strong. 

The analysis of the crack development and reinforcement reveals the importance 
of the reinforcement arrangement on the force distribution within the ring beam. The 
loading protocol also affects the joint performance as the crack developments are 
multi-directional. 
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(a) Longitudinal reinforcement (Outer top)      (b) Longitudinal reinforcement (Inner top) 

 

 
(c) Longitudinal reinforcement (Outer bottom)  (d) Longitudinal reinforcement (Inner bottom) 
 

 
(e) Stirrup (Top leg)             (f) Stirrup (Bottom leg) 

 
Fig. 6  Load-strain curves of reinforcement for specimen R-4-S at S-135 location 
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(a) Longitudinal reinforcement (Outer top)      (b) Longitudinal reinforcement (Inner top)  

 

 
(c) Stirrup (Inner leg)            (d) Stirrup (Outer leg) 

 

 
(e) Stirrup (Top leg)                 (f) Stirrup (Bottom leg) 

 
Fig. 7  Load-strain curves of reinforcement for specimen R-4-S at S-45 location 
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(a) Stirrup (Inner leg)             (b) Stirrup (Outer leg) 

 
(c) Stirrup (Top leg)                 (d) Stirrup (Bottom leg) 

 
Fig. 8  Load-strain curves of reinforcement for specimen R-4-S at S-163 location 
 

 
(a) Longitudinal reinforcement (Outer top)      (b) Longitudinal reinforcement (Inner top) 

 
Fig. 9 Load-strain curves of reinforcement for specimen R-4-S at S-180 location 
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4. CONCLUSIONS 
 

A new type of RC ring beam joints between CFST column and RC beam is 
introduced and the seismic behaviour was investigated based on bidirectional cyclic 
loading tests on four interior column joint specimens with 3D configuration. The main 
findings can be summarized as follows.  

(1) Internal forces of ring beam are a consequence of the interaction of ring beam 
and CFST column under external load.  

(2) The crack developed near the proximity of the ring beam under cyclic loading, 
illustrating the multi-directional nature of the force system in the ring beam.  

(3) RC ring beam should be designed against the combination of multi-directional 
forces including axial load, bending, torsion and shear. The connections with 
reasonable design were observed to have good ductility and suitable for seismic 
resistant application. 
 
Acknowledgements 
 

The authors wish to kindly acknowledge the financial support from the National 
Science Foundation of China through Grant No. 51038008 and the State Key 
Laboratory of Disaster Reduction in Civil Engineering, Tongji University. 
 
References 
 
Nie JG, Bai Y, Cai CS. (2008). “New connection system for confined concrete columns 

and beams. I: Experimental study.” Journal of Structural Engineering, 134(12), 
1789–1799. 

Roeder CW, Lehman DE, Bishop E. (2010). “Strength and stiffness of circular concrete 
filled tubes.” Journal of Structural Engineering, 136(12), 1545-1553. 

Wang W, Chen YY, Li WQ, Leon RT. (2011). “Bidirectional seismic performance of 
steel beam to circular tubular column connections with outer diaphragm.” 
Earthquake Engineering and Structural Dynamics, 40, 1063–1081. 

Zhang YF, Zhao JH, Cai CS. (2012). “Seismic behavior of ring beam joints between 
concrete-filled twin steel tubes columns and reinforced concrete beams.”  
Engineering Structures, 39, 1–10. 

 

Composite Construction in Steel and Concrete VII 119

© ASCE



Flexural Strength of High-Strength Steel-Concrete Composite Beams with Varying 
Steel Grades 

 
Huiyong Ban1 and Mark A. Bradford, Dist.M.ASCE2 

 
1Research Fellow, Centre for Infrastructure Engineering and Safety, School of Civil 
and Environmental Engineering, Univ. of New South Wales, Sydney, NSW 2052, 
Australia. E-mail: h.ban@unsw.edu.au 
2Scientia Professor and Australian Laureate Fellow, Centre for Infrastructure 
Engineering and Safety, School of Civil and Environmental Engineering, Univ. of 
New South Wales, Sydney, NSW 2052, Australia. E-mail: m.bradford@unsw.edu.au 

 
Abstract 
 

In order to investigate the bending capacity of composite beams constructed with 
high strength steel (HSS) sections, a three-dimensional finite element model allowing 
for both material and geometric non-linearity is described and validated against previous 
experimental results. An extensive body of parametric studies incorporating selected 
steel grades and degrees of shear connection is further undertaken. The flexural strength 
of such composite beams are analysed, and the effects of the steel yield strength and 
cross-sectional residual stresses are elucidated. Based on a comparison with composite 
beams using conventional mild steel, it is found that the method of rigid plastic analysis 
that is normally utilised to design composite beams with mild steel sections somewhat 
overestimates the bending strength of composite beams with HSS. There is no 
significant difference in the strength of a composite beam when considering the cross-
sectional residual stress. A reduction factor is proposed for the adaptation of rigid plastic 
analysis, from which the prediction of the bending strength of composite beams with 
HSS becomes more accurate. This research has the potential to promote the practical 
application of HSS in composite construction, which is more environmentally 
sustainable due to the better efficiency of material utilisation compared with composite 
beams with lower-strength mild steel. 
 
Keywords: High strength steel; Composite beam; Finite element analysis; Partial shear 
connection; Strength; Residual stress. 
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INTRODUCTION 
 

High strength steel (HSS), having a steel grade of larger than 460 MPa, is being 
utilised increasingly in contemporary building and bridge construction because of the 
development of suitable fabrication techniques, as well as in response to growing 
demands for advanced structural materials with higher strength (Pocock 2006). The 
application of HSS in infrastructure engineering can provide more efficient, economic 
and sustainable design solutions because of its increased yield strength and more 
resource efficient compared with conventional mild steel (IABSE 2005). Design 
solutions with frames that use HSS need less steel compared to their mild steel 
counterparts, and they are lighter so less expense is needed in providing safe and 
adequate foundations. 

Previous investigations reported in the existing literature are devoted to the 
mechanical performance of bare steel structures fabricated from HSS (Shi et al. 2012a), 
such as the buckling behaviour of columns subjected to compression (Ban et al. 2012a, 
2013a and b; McDermott 1969; Nishino et al. 1967; Rasmussen and Hancock 1992 and 
1995; Shi et al. 2012b and c; and Usami and Fukumoto 1982), residual stress within hot-
rolled and welded sections (Ban et al. 2012a, 2013c), the performance of connections 
(Girão Coelho and Bijlaard 2007; Puthli 2001; Shi et al. 2012), and others. It was 
concluded from this research that the structural behaviour of HSS is generally better 
compared to mild steel. The overall buckling behaviour of HSS columns, for instance, is 
significantly improved due to the less severe effects of residual stresses and geometric 
imperfections. 

For flexural members constructed with HSS, Beg and Hladnik (1996) 
investigated experimentally the buckling behaviour of ten S690 HSS I-section beams, 
and proposed a slenderness limit for such members. Earls (1999) researched numerically 
the inelastic failure of HSLA80 (550 MPa) HSS I-shaped beams, and concluded that the 
effect of the cross-section compactness and bracing configuration was different to that 
for conventional mild steel beams. Gao et al. (2008) undertook an experimental program 
for HSS (745 MPa ~ 800 MPa) four-point loaded beams, and elucidated the effect of the 
width-to-thickness ratio of the component plates. Shinohara et al. (2012) studied the 
elastic behaviour of HSS (over 700 MPa) H-shaped beams under cyclic loading through 
several tests, and proposed a new limiting value for the plate slenderness ratio. Lee et al. 
(2013) carried out 15 HSS (HSB800 and HSA800) I-shaped beam tests to study the 
effect of the flange slenderness on the flexural strength and rotation capacity, which 
indicated that the strength was satisfactory but that the rotation capacity was reduced. 

It is more beneficial to apply HSS in composite construction, specifically in 
composite beams because a major portion of the steel section is subjected to tension in a 
case of sagging moment, and so local buckling may not govern the failure of the beam. 
As a result, the increased-strength attribute of HSS can be utilised more effectively. 
Despite this advantage, surprisingly limited research has been reported on the behaviour 
of composite structures constructed with HSS. Uy and Sloane (1998) tested two 690 
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MPa HSS composite beams, and found that current design theory produced slightly 
unconservative results for the flexural strength. Bradford and Pi (2012) developed a 
finite composite beam element for the non-linear inelastic analysis of composite HSS 
and geopolymer concrete members. Despite its higher strength, compared with the 
conventional mild steel, HSS does have poorer performance with respect to its post-yield 
response, and therefore the bending behaviour of composite beams using HSS may 
differ from that with conventional mild steel. The present paper is devoted to a study of 
the flexural strength of HSS-concrete composite beams, and the effects of steel grade 
and residual stresses are also clarified. 
 
FINITE ELEMENT MODEL 
 

A three-dimensional finite element (FE) model was developed herein by 
employing the widely-used commercial program ABAQUS. Both the steel joist and 
concrete slab were modelled by using the shell element S4R, and the shear connector 
between these two components was simulated by the element CONN3D2. Figure 1 
represents a typical meshed model, in which the thickness of the shell element is shown 
rendered. 

 

 
 

Figure 1. A typical finite element model for composite beam 
 

The constitutive model for the steel material in the joist was simulated by using a 
multi-linear stress-strain relationship using von Mises’ yielding criterion that allows for 
both the yield plateau and strain hardening, while an elastic perfectly-plastic model was 
adopted for the steel reinforcement embedded in the concrete slab. The non-linear stress-
strain relation for concrete in compression was described by using the quadratic curve 
equation prescribed in Eurocode 2 (BSI 2004), and other parameters for specifying its 
material properties were also determined in accordance with Eurocode 2. The well-
known load-slip model proposed by Ollgaard et al. (1971) was adopted for the shear 
connectors. 
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In order to verify the accuracy and reliability of this FE model, a large number of 
simply supported beams that were the same as those tested by Chapman and 
Balakrishnan (1964), Kwon et al. (2011) and Uy and Sloane (1998) were modelled. The 
test configurations, geometry of the specimens and material properties were all reported 
in detail in the corresponding literature, which are not repeated herein. The parameters 
for the constitutive models for steel, concrete and shear connectors were all determined 
based on relevant test results. Figure 2(a) describes a comparison between the computed 
results (PFEA) obtained through the FE model and the test results (Pt) for the flexural 
strength of all specimens. Satisfactory agreement between these two groups of results 
can be observed, and the FE analysis results are on average 1.2% less than those 
obtained from the tests with a standard deviation of 0.055. In addition, a typical 
comparison between the load-deflection curves obtained from the FE model and the tests 
is shown in Figure 2(b), which indicates excellent agreement as well. As a consequence, 
the FE model developed herein is proven to be accurate and reliable for the prediction of 
flexural strength of composite beams with varying steel grades. 

 

    
(a)                                                                  (b) 

 
Figure 2. Comparison of FE analysis results with test results. (a) Flexural 

strength; (b) Load-deflection response 
 

EFFECTS OF STEEL GRADE 
 

To quantify the effects of the steel grade on the flexural strength of composite 
beams, eight simply supported beams subjected to single-point loading at the mid-span 
were analysed by using the validated FE model, incorporating one conventional mild 
steel (235 MPa) and three kinds of HSS (i.e. 460 MPa, 690 MPa and 960 MPa) joists. 
The corresponding concrete compressive strengths were 20 MPa, 35 MPa, 50 MPa and 
60 MPa, respectively. Complete shear connection between the concrete slab component 
and steel joist was taken into account, and two degrees of shear connection were selected, 
i.e. 1.0 and 1.2. The material properties of steel were taken as the nominal values 
suggested by Ban et al. (2011), and for the concrete material the prescriptive 
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representation in Eurocode 2 was utilised. The sectional geometry of the steel joist was 
designed as 300×150×16×12 (mm) and the concrete slab was 1200 mm wide and 100 
mm thick, with a span of 5500 mm. 

Figure 3 shows a comparison between the flexural strength (MFEA) obtained from 
the FE model and the values (Mn) computed based on rigid plastic analysis (Oehlers and 
Bradford 1995), and the same value of the yield strength was employed in these two 
calculation approaches for the same grade of HSS. It can be seen that the effect of the 
degree of shear connection for composite beams with complete shear connection is very 
slight, whilst the steel grade has a severe impact. The flexural strength (MFEA) of 960 
MPa HSS-concrete composite beams, for instance, is lower than the value obtained from 
rigid plastic analysis (Mn); as much as 9.5%. This percentage was 4.3% and 2.1% for 
690 MPa and 460 MPa HSS composite beams respectively. As a consequence, the rigid 
plastic analysis that is commonly adopted in national standards overestimates the 
flexural strength of composite beams with HSS, and this conclusion is consistent with 
that obtained by Uy and Sloane (1998). 

 

 
 

Figure 3. Comparison of flexural strengths obtained from FE model and rigid 
plastic analysis 

 
Figure 4 shows a typical distribution of the stress along the sectional height for 

690 MPa HSS composite beams when the peak load is being reached. 
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Figure 4. Stress distribution along the sectional height for 690 MPa HSS composite 
beam 

 
From Figure 4 it is seen that the assumed rectangular yield stress block in rigid 

plastic analysis results in an over-estimation of the development of plasticity within the 
steel joist. One of the most important reasons is the poor plastic deformation possessed 
by HSS, and the other is the higher yield strain for HSS because of its increased yield 
strength but unchanged elastic modulus. The higher yield strain of HSS can lead to 
premature crushing of the concrete slab before the sufficient development of plasticity 
within steel joist, and the flexural strength is therefore lower than that in accordance 
with rigid plastic analysis. 
 
EFFECTS OF PARTIAL SHEAR CONNECTION 

 
To evaluate the effects of the degree of shear connection (β) on the flexural 

strength, 40 composite beams with varying steel grades (i.e. 235 MPa, 460 MPa, 690 
MPa and 960 MPa) and degrees of shear connection ranging from 0.2 to 1.2 were 
analysed. Figure 5(a) illustrates the ratios of the flexural strengths obtained from the FE 
model to those obtained from rigid plastic analysis. It can be seen that an increase of 
either the degree of shear connection or the steel grade results in a more significant 
difference between the flexural strengths from the FE model and those from rigid plastic 
analysis. 
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       (a)                                                    (b) 

 
Figure 5. Comparison of flexural strengths from FE model and rigid plastic 

analysis with partial shear connection. (a) Conventional rigid plastic analysis; (b) 
Modified rigid plastic analysis 

 
A reduction factor (α) for the steel strength is proposed herein to adopt 

conventional rigid plastic analysis, and which reflects the reduced development of 
plasticity in HSS as observed in the aforementioned FE analyses. Based on numerical 
investigations, Ban and Bradford (2013) proposed the value for α as 
 
 2

yG yG0.97 0.08 0.18f fα = + − , (1) 

 
in which fyG denotes the yield strength of the steel in units of GPa. For 235 MPa 
conventional mild steel, the value of α according to Equation (1) is 1.0. Figure 5(b) gives 
a comparison of the FE analysis results MFEA with the values Mn.m determined from rigid 
plastic analysis using the proposed factor α. It is seen that they have good agreement, 
particularly for composite beams with a degree of shear connection larger than 0.5. 
 
EFFECTS OF RESIDUAL STRESS 
 

For bare steel beams, there is normally no effect of the cross-sectional residual 
stresses on the flexural capacity, because the entire steel cross-section is yielded as its 
flexural capacity is attained. However, this plasticity may not develop through the full 
depth of a critical section of the steel joist in a composite beam, particularly composite 
beams constructed with HSS, as was noted previously in this paper. It is therefore of 
interest to quantify the effects of residual stresses on the flexural strength of composite 
beams. For this, 16 composite beams were analysed by using the validated FE model, 
allowing for four steel grades (235 MPa, 460 MPa, 690 MPa and 960 MPa), two degrees 
of shear connection (0.5 and 1.0) and two residual stress models (one is consistent with 
that reported by Ban et al. (2013a) and the other ignores the residual stress). Figure 6 
shows a typical distribution of the von Mises stresses within a composite beam, from 
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which it is seen that the bottom flange and a major portion of web near the mid-span 
region is completely yielded. A comparison of the flexural strengths for composite 
beams with and without residual stresses is represented in Figure 7. It is indicated that 
these are very close to each other, with a maximum difference of only 1.4% for 960 MPa 
HSS composite beams. Hence, despite the limited development of plasticity for HSS in a 
composite beam, the effect of residual stress is very slight. 

 

 
 

Figure 6. A typical distribution of von Mises stress within a composite beam 
allowing for residual stresses 

 

 
 

Figure 7. Comparison of flexural strengths for composite beams with 
and without residual stresses 

 
CONCLUSIONS 
 

A three-dimensional FE model incorporating both geometric and material non-
linearity was described and validated against independent experimental investigations 
reported elsewhere in the literature. Based on a number of parametric analyses by using 
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this model, it was found that the development of plasticity for HSS within a composite 
beam was overestimated using conventional rigid plastic analysis, and which therefore 
will lead to unconservative results for the flexural strength of such members. This over-
estimation was shown to be more severe with an increase of the steel grade and with the 
degree of shear connection. A reduction factor for the steel strength was suggested so as 
to adapt rigid plastic analysis for HSS, which was shown to be more accurate for the 
prediction of the flexural strength of HSS composite beams. In addition, despite the 
limited development of plasticity for HSS within a composite beam, the effect of the 
residual stresses on the flexural strength was very slight. 

It should be noted that the proposed amendment of Eurocode 4 herein is only 
applicable to composite beams using such HSS considered in this work. Despite a large 
number of parameters having been considered including various strengths of steel and 
concrete, partial and full interaction as well as residual stresses, more further 
investigations on the effects of loading patterns, cross-sectional geometries and usage of 
profiled steel decking for the slab are still in need, which may provide a more broad 
basis for verifying and improving the research findings obtained in this work. 

Applying high strength and high performance structural materials is one of the 
trends in the development for contemporary infrastructure construction, and the present 
research contributes to the application of HSS in composite construction as a more 
sustainable design solution. 
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Abstract 

 
Current design specifications for steel and composite structures generally 

assume elastic-plastic or rigid-plastic material behaviour, which means that the 
beneficial influence of strain hardening is neglected. This assumption may lead to 
overly conservative strength predictions particularly for stocky bare steel sections and 
composite beams subjected to sagging bending.  The continuous strength method 
(CSM) is a deformation based design approach that allows for strain hardening in the 
design of metallic cross-sections. Although the method has been successfully applied 
to bare steel, stainless steel and aluminium alloy cross-sections, use of the CSM for 
steel-concrete composite structural components, which may considerably benefit 
from strain hardening, has not been extensively studied. Thus, the primary purpose of 
this study is to extend the application of the CSM to composite structures, with an 
emphasis on simply supported beams subjected to sagging bending. 
 

1. INTRODUCTION 
 
Although largely disregarded in design codes, strain hardening may 

considerably increase the strength of structural components provided the elements are 
not susceptible to instability effects or such effects are adequately suppressed. Thus, 
consideration of strain hardening may lead to more efficient design. The continuous 
strength method (CSM) is a deformation based design approach that accounts for 
strain hardening. Originally developed for stainless steel structural elements (Gardner 
and Nethercot, 2004; Ashraf et al., 2008; Afshan and Gardner, 2013), which exhibit a 
high degree of strain hardening, application of the method has also been extended to 
structural carbon steel (Gardner, 2008; Gardner et al., 2011) and aluminium alloy 
members (Ashraf and Young, 2011). For bare metallic elements, the continuous 
strength method requires the determination of the deformation capacity of the cross-
section, as limited by local buckling. In lieu of placing the cross-sections into discrete 
behavioural classes, which is the approach that is traditionally adopted in design 
codes, the continuous strength method assigns a limiting strain to a cross- section. 
This limiting strain is controlled by the slenderness of the cross-section and is used, 
in conjunction with a simple strain hardening material model, to determine the 
resistance of a structural element. 
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Composite steel-concrete construction attempts to use the combined merits of 
the two materials to achieve more efficient structural solutions. Simply supported 
composite beams subjected to sagging bending, where the concrete is largely in 
compression and the steel is in tension, offers the opportunity to exploit the full 
capacity of both materials. Similar to those for bare steelwork, current design codes 
for composite structures, including Eurocode 4 (EN 1994-1-1, 2004), generally 
neglect strain hardening and use simple material models for the determination of the 
plastic bending moment resistance of composite beams. The potential benefit of strain 
hardening on the sagging bending moment resistance of simply supported composite 
beams has been reported in previous experimental and numerical studies (Ansourian, 
1982; Chung and Chan, 2010), thus suggesting that failure to account for strain 
hardening in design codes may lead to somewhat conservative results. The results of 
analytical and numerical studies performed to investigate the effect of strain 
hardening on the sagging bending moment capacity of composite beams are reported 
in this study. Simple expressions to calculate the bending capacity of composite 
beams with full shear connection, allowing for the influence of strain hardening, are 
derived. The proposed design expressions are compared with experimental and 
numerical results to demonstrate the accuracy and benefits of their application. The 
behaviour of composite beams under sagging bending moment with partial shear 
connection is also investigated by means of finite element modelling and an 
indicative design approach is outlined. Finally, the response of continuous composite 
beams, featuring regions of hogging bending moments and with the possibility of 
moment redistribution is discussed.  

 
2. APPLICATION OF THE CONTINUOUS STRENGTH METHOD TO 

COMPOSITE BEAMS WITH FULL SHEAR CONNECTION 
 
The bending resistance of composite beams with full shear connection can be 

derived by means of simple equilibrium considerations in conjunction with suitable 
material laws - see Figure 1. Considering various geometric and material properties 
for the composite section, seven design scenarios, featuring different neutral axis 
locations and points of initiation of yielding, can be identified (Kucukler, 2011). 
Herein, an analytical expression for the bending resistance, incorporating strain 
hardening, is derived considering only one scenario, that being where the neutral axis 
lies within the concrete, and the steel section has fully yielded, as shown in Figure 1, 
in which hc is the depth of the concrete flange, ha is the depth of the steel section, fcd 
is the design concrete (cylinder) compressive strength and εcsm,c and εcsm,a are the 
outer fibre concrete and steel strains respectively.  

The deformation capacity of the cross-section will typically be limited by 
either crushing of the concrete or tensile ductility of the structural steel for composite 
beams with full shear connection. The capacity of the shear studs should also be 
verified, with existing design provisions remaining applicable. In this study, the 
maximum outer fibre concrete strain has been limited to the crushing strain of the 
concrete εcu (i.e. εcsm,c = εcu = 0.0035), while the maximum outer fibre strain in the 
steel εa,max has been limited to 15εy where εy is the yield strain. 
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Fig. 1 - Strain and stress distributions for a composite beam with full shear 
connection 

 
The following material laws are assumed in the analytical model: the stress-

strain relationship for the structural steel is represented by the strain hardening 
material response of Figure 2 (EN 1993-1-5, 2005) in which E is the Young’s 
modulus, Esh is the slope of the strain hardening region and fy is the yield strength of 
the steel, while the concrete material behaviour is assumed to be rigid plastic, with 
plasticity occurring at a stress level of 0.85fcd. These material models are used to 
evaluate stress values from the strain distribution. 
 
 
 
 
 
 
 
 
 

 

 

Fig. 2 - CSM material model for structural steel with strain hardening 
 

The position of the neutral axis at failure initially needs to be determined so as 
to calculate the bending capacity. Since the neutral axis shifts under increasing 
curvature, its location at failure depends on the failure mode, either concrete crushing 
or reaching of the steel ductility limit (εcsm,a  15εy). The general relationship 
between curvature κ and neutral axis position ycsm (measured from the outer concrete 
fibre) is provided by Equation 1, where Aa is the cross-sectional area of the steel 
section and beff is the effective width of the concrete slab. 
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The position of the neutral axis ycsm is given by Equation 2, where the 

coefficients B, C and D are given by Equations 3-7. 
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For the concrete crushing failure mode, the neutral axis position at failure 
ycsm,c is found by employing coefficients Bc, Cc and Dc while for failure governed by 
the steel ductility limit, the neutral axis at failure ycsm,a is found using coefficients Ba, 
Ca and Da, with the subscripts ‘c’ and ‘a’ denoting concrete and steel respectively. 
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To ascertain the governing failure mode, ycsm,c and ycsm,a may be substituted 
into Equations 8 and 9 respectively whereby the limiting curvatures κcsm for concrete  
(κcsm,c) and steel (κcsm,a) failure can be determined. Note that κcsm,c and  κcsm,a represent 
reaching the limiting strain at the outer concrete and steel fibres respectively. The 
governing failure mode is defined by the lower of κcsm,c and κcsm,a.  
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Having determined the governing values of ycsm and κcsm (i.e. either ycsm,c and 
κcsm,c for a concrete governed failure or ycsm,a and κcsm,a for a steel governed failure), 
the outer fibre stresses in the steel section at failure (see Figure 1) can be found from 
Equations 10 and 11: 
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The moment capacity of the composite section, allowing for strain hardening, 

can finally be calculated by means of Equation 12: 
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The above proposals were validated numerically and compared with a series 
of experimental results collected from the literature (Chapman and Balakrishnan, 
1964; Ansourian, 1982; Nie et al., 2004) on composite beams with full shear 
connection. The comparisons, shown in Table 1, have been made on the basis of 
measured geometric and material properties, with all partial factors set to unity.  It 
may be seen that the proposed method, accounting for strain hardening, provides a 
more accurate prediction of test capacity than the current approach given in EN 1994-
1-1 (2004). 
 
Table 1 - Comparison of moment capacities from test results on composite 
beams with shear connection with those predicted by EN 1994-1-1 (EC4) and the 
CSM 

 
 
 
 
 

 

3. APPLICATION OF THE CONTINUOUS STRENGTH METHOD TO 
COMPOSITE BEAMS WITH PARTIAL SHEAR CONNECTION 

 
The behaviour of composite beams with partial shear connection is more 

complex than that for the case of full shear connection. This is due to the 
deformability and finite resistance of the shear connectors, which lead to a more 
complex arrangement of internal forces in the composite section, and two distinct 
neutral axes, as shown in Figure 3. Thus, the contribution of strain hardening to the 
cross-section moment capacity cannot be calculated using the simple analytical 
approach described in Section 2. However, using finite element models in 
conjunction with suitable nonlinear relationships for the constituent materials and 
shear connection, the load-deformation response and collapse load of composite 
beams with partial shear connection can be predicted with a high degree of accuracy 
(Gattesco, 1999; Zona et al., 2011). A similar approach was adopted herein using the 
finite element programme ABAQUS (2010). The steel beam and concrete slab were 
modelled using quadratic beam elements (B22), while the connection between the 
two components (i.e. the behaviour of the shear studs) was represented using rigid 

No. of tests = 15 MEC/ Mtest Mcsm/ Mtest Mcsm/ MEC 

Mean 0.93 0.98 1.05 

COV 0.064 0.052 - 

Composite Construction in Steel and Concrete VII 135

© ASCE



links and nonlinear springs, as shown in Figure 4. The ability of 2D models to 
simulate the 3D response of composite beams have been demonstrated in several 
previous studies (Salari et al.,1998, Queiroz et al., 2009).  
 
 
 
 
 
 
 
 
 
 
 

Fig. 3 - Strain and stress distribution diagrams for a composite beam with 
partial shear connection 

 
For the purpose of validating the finite element models, the obtained results 

were compared against those from existing experimental and numerical studies 
(Chapman and Balakrishnan, 1964; Queiroz et al., 2007; Queiroz et al., 2009). The 
comparisons, which are reported in Gardner et al. (2013), show good agreement 
between the results of the present FE models and those reported in the literature, 
indicating the ability of the models to capture accurately the true response of 
composite beams with partial shear connection. 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 4 - Components of finite element model of a composite beam with partial 
shear connection 

 
The adopted material stress-strain models for the steel (Figure 1) and concrete 

(Figure 5) were taken from EN 1993-1-5 (2005) and EN 1992-1-1 (2004), 
respectively, where the following symbols are used: Ecm is the mean value of the 
secant modulus of elasticity of concrete, fcm is the mean value of concrete cylinder 
compressive strength, fctm is the mean value of axial tensile strength, εc1 is the 
compressive strain in the concrete at the peak stress fcm, εcu1 is the ultimate 
compressive strain in the concrete. The recommendations of Johnson and Molenstra 
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(1991), using Curve A and a maximum slip smax = 6 mm were followed for the shear 
studs. The load-slip relationship is shown in Figure 6, where P is the load applied to 
the shear stud and Pd is the design shear resistance of the shear stud. Failure was 
signified when the designated maximum strains in either of the materials were 
reached: εcu = 0.0035 for the concrete and εa,max = 15εy for the steel or when the 
maximum allowable slip in the shear studs, defined as smax = 6 mm, was reached.  
 
  
 
 
 

 
 
 
 
 
 
 

Fig. 5 - Concrete material model employed in FE study 
 

 
Fig. 6 – Load-slip relationship for shear studs (Johnson and Molenstra, 1991) 

 
A series of simply-supported composite beams loaded by a point load at mid-

span were analysed, providing structural performance data for a range of varying 
parameters. Various steel profiles, concrete slabs and levels of shear connection were 
considered, while the material properties, S355 steel (fy = 355 N/mm2) and C30 
concrete (Ecm = 33 kN/mm2, fcm = 38 N/mm2, fctm = 2.9 N/mm2, εc1 = 0.0022, εcu1 = 
0.0035) remained constant. Results for a UB 457×152×60 steel profile with a 3000 
mm wide and 125 mm thick concrete slab and varying degrees of shear connection, 0 
< η ≤ 1.4, are illustrated by Figure 7(a), where η = Nc/Nc,f with Nc being the design 
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value of the compressive normal force within the concrete flange and Nc,f being the 
design value of the compressive normal force within the concrete flange with full 
shear connection. The ratio between the ultimate bending resistance Mmax obtained 
through the FE models and plastic bending moment resistance Mpl,c determined 
through the Eurocode 4 provisions for beams with full shear connection is plotted on 
the vertical axis and the degree of shear connection η is given on the horizontal axis 
in the figure. Two sets of results are illustrated with and without considering strain 
hardening in the figure, which are compared against the plastic bending resistance for 
partial shear connection calculated according to the equilibrium and the interpolation 
method provided in Eurocode 4. 

The influence of strain hardening on the response of composite beams with 
partial shear connection may be assessed by comparing the results of the FE models 
with the two different material models shown in Figure 7a. The results indicate that 
for low levels of shear connection, the influence of strain hardening is small, while 
for higher degrees of shear connection, strain hardening may increase the bending 
moment resistance by up to about 15 %. The FE results without strain hardening fall 
below the resistance calculated through the equilibrium method of Eurocode 4 for 
intermediate to high degrees of shear connection. This suggests that although it is 
neglected in the calculation, strain hardening is required to attain the full bending 
resistance of composite sections in the presence of partial shear connection. The FE 
results suggest that the sagging bending capacity of simply-supported beams can be 
enhanced through a more systematic approach to the use of strain hardening in 
composite design.  

Based on the numerical results, a tentative approach to determine the sagging 
bending capacity of composite beams with partial shear connection, but accounting 
for strain hardening, is proposed. The approach proposed herein uses the CSM 
bending resistance of the bare steel section Mcsm which is outlined in Section 4 for η 
= 0 and the CSM bending resistance for the composite section with full shear 
connection Mcsm,c, described in Section 2 for η ≥ 1.4, in conjunction with an 
interpolation function for intermediate degrees of shear connection.  Note that the use 
of η = 1.4 is based on the FE results that indicated a degree of shear connection equal 
to 1.4 times that deemed necessary to provide full shear connection in Eurocode 4 is 
required in order to achieve the bending resistance with strain hardening Mcsm,c, 
derived in Section 2. A total of 71 parametric FE results are shown in Figure 7b, 
together with an indicative interpolation function generated by regression analysis. 
For the range of parameters considered, which were described earlier in this section, 
the interpolation function may be seen to provide an accurate match to the numerical 
data, indicating that the described approach may be used to predict the ultimate 
capacity of composite beams with partial shear connection allowing for strain 
hardening. Clearly a wider range of parameters and loading types need to be 
considered before the method is suitable for use in practice, but the present study has 
demonstrated the validity of the proposed approach. 
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Fig. 7 - Finite element results, code comparisons and the outline CSM approach 
for bending capacities in the case of partial shear connection 

 
4. APPLICATION OF THE CONTINUOUS STRENGTH METHOD TO 

BARE STEEL ELEMENTS 
For composite beams under hogging bending moments, consideration must be 

given to the possibility of buckling of the steel elements in compression. This has 
been previously considered in the context of bare steel elements in compression and 
bending, and the key aspects are summarised herein, with a focus on local buckling. 
Susceptibility to local buckling of the cross-section is assessed through the cross-
section slenderness λp,   determined from Equation (13):         

 
50.)/( cryp f σλ =                                                  (13) 

 
in which fy is the material yield strength and σcr is elastic critical buckling stress of 
the cross- section or its most slender constituent plate element. Following the CSM 
design approach, the deformation capacity εcsm	(i.e. the limiting strain) of the cross-
section may subsequently be determined from Equation (14) for λp ≤ 0.68. 
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where εy = fy / E  is the yield strain of the material. Since the capacity of the cross-
sections where λp >	0.68 will be below the yield load (or moment) with no benefit 
from strain hardening, the CSM does not apply to such cross-sections.  Existing 
methods, such as the effective width (EN 1993-1-5, 2005) or direct strength methods 
(Schafer, 2008), can be used for the determination of capacity of these sections. 
 

a) FE results and code comparisons 

 
b) Indicative interpolation function 

Composite Construction in Steel and Concrete VII 139

© ASCE



After ascertaining the limiting strain, the cross-section resistance, under any 
loading condition, may be determined with reference to the strain hardening material 
model. The CSM employs an elastic, linear hardening material model (see Figure 2) 
with, for structural steel, a strain hardening slope Esh=E /100 where E is the Young’s 
modulus and a maximum allowable strain of 15εy, which corresponds to the 
minimum ductility requirements set out in EN 1993-1-1 (2005). 

In pure compression, there is a uniform strain distribution and cross-section 
resistance can simply be calculated by means of Equation (15). 
 

0M

csm
csm

Af
N

γ
=                                                           (15)	

 
where A is the cross-sectional area (previously termed Aa in the context of composite 
construction), γM0 is a partial safety factor for cross-section resistance with a 
recommended value of unity for steel elements and fcsm is given, from the elastic, 
linear hardening material model shown in Figure 2, by: 
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Cross-section resistance in bending Mcsm,Rd is given by Equation (17) for 

bending about the major (y-y) axis and Equation (18) for bending about the minor (z-
z) axis (Gardner et al., 2011), in which Wpl is the plastic section modulus, Wel is the 
elastic section modulus, y and z refer to the major and minor axes, respectively, and 
α is a coefficient dependent on section type with α = 2.0 for square and rectangular 
hollow sections (SHS and RHS) and α = 1.2 for I-shaped sections. 
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Table 2 -  Comparison between the CSM, Eurocode and test results for 
compression and bending resistances of steel, stainless steel and aluminium alloy 
cross-sections 

 
 

Comparisons between the above design expressions and test data on steel 
(Gardner et al., 2011), stainless steel (Afshan and Gardner, 2013) and aluminium 
alloy cross-sections (Su et al., 2012a, 2012b) are summarised in Table 2. All 
comparisons are made on the basis of measured geometric and material properties 
and with partial factors set equal to unity. Results obtained from the respective 
current European design standards, namely EN 1993-1-1 (2005), EN 1993-1-4 (2006) 
and EN 1999-1-1 (2007) are also shown. In all cases, the results suggest that the CSM 
provides a more accurate prediction of observed physical behaviour over current 
design approaches, through rational deformation based design and systematic 
exploitation of strain hardening.  Despite the increased strength determined through 
the CSM, an increase in  the partial safety factors may not be required owing to the 
reduced variability (COV) of the model predictions in comparison with the 
experimental results – see Table 1.  The use of the same partial safety factors has 
been verified in the case of stainless steel (Afshan and Gardner, 2013), and the above 
design proposals are currently under consideration for inclusion in the European and 
North American design standards for stainless steel. 

 
5. APPLICATION OF THE CONTINUOUS STRENGTH METHOD TO 

COMPOSITE BEAMS SUBJECTED TO HOGGING BENDING 
 
In continuous composite beams, the steel sections will experience 

compressive loading in the hogging regions and will thus be susceptible to local 
buckling. The behaviour in such regions will be similar to that described in the 
previous section this paper. When designing continuous composite beams, the use of 
a deformation based approach, such as the CSM allows not only a realistic prediction 
of the ultimate bending capacity under sagging and hogging moments but also an 

Material  
Compression resistance Bending resistance 

NEC/ Ntest Ncsm/ Ntest MEC/ Mtest Mcsm/ Mtest 

Steel 

No. of tests 74 88 

Mean 0.89 0.95 0.87 0.92 

COV 0.11 0.078 0.076 0.069 

Stainless 
steel 

No. of tests 85 63 

Mean 0.81 0.95 0.74 0.89 

COV 0.084 0.077 0.099 0.083 

Aluminium 
alloy 

No. of tests 189 70 

Mean 0.91 0.97 0.85 0.98 

COV 0.12 0.083 0.10 0.093 
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accurate evaluation of the collapse load. This is attained when a mechanism is formed 
or the ultimate rotational capacity of the beam at the proximity of one of the internal 
supports or fixed ends is reached, while the largest sagging moment is lower than the 
sagging bending resistance.  

In general, a procedure similar to that detailed in Section 4 can be followed 
for calculating hogging bending moment capacity. In this case, the reinforced 
concrete slab is in tension and much of the steel profile is in compression. Since the 
contribution of concrete in tension is usually disregarded, concrete tensile strength 
being negligible Figure (5), the tensile resistance of the slab is largely provided by the 
steel reinforcement. The deformation capacity of the composite cross-section is 
controlled by the ductility of steel reinforcement embedded in cracked concrete and 
the deformation capacity of structural steel. This, according to the CSM, can be 
obtained from Equation (14), which allows for local buckling. 

In typical continuous composite beams, the bending moment demand obtained 
from elastic analysis is larger at the internal support than at mid-span, while the 
moment capacity of the composite cross-section is usually lower at the interior 
supports than in the regions of sagging bending moment. Thus, large deformations 
under hogging moment giving rise to significant redistribution of bending moment 
from interior supports to mid-span are usually required to attain plastic collapse and 
exploit the full capacity of the composite cross-section at mid-span. Previous research 
(Kemp and Nethercot, 2011) has shown that an accurate evaluation of maximum 
rotational capacity limited by local buckling in the steel profile is critical for a 
realistic prediction of the collapse load, while rigid plastic analysis and the moment 
redistribution method do not always lead to a safe design (Gattesco et al., 2010), even 
for beams with a Class 1 composite cross-section (Eurocode 4). In this respect, the 
use of the CSM incorporated into a detailed FE description (Section 3) represents an 
effective alternative, as it enables an accurate evaluation of the maximum 
deformation in the component materials and connection device thus obtaining a 
realistic prediction of the collapse load for a continuous beam.  Further research is 
underway on this topic. 
 

6. CONCLUSIONS 
 
The continuous strength method (CSM) is a deformation based design 

approach that allows for strain hardening in the design of metallic cross-sections. 
Although its application has been studied for bare steel, stainless steel and aluminium 
alloy cross-sections, the use the CSM for steel-concrete composite structural 
components, which may considerably benefit from strain hardening, has not been 
extensively investigated. In this study, the CSM is extended to composite beams 
under sagging bending moment, where the influence of the strain hardening has been 
found previously to be significant. For the case of full shear connection, explicit 
analytical expressions which incorporate the influence of strain hardening and two 
failure criteria (concrete crushing and exceeding of a steel ductility limit) have been 
derived. The predictions are compared against fifteen collected test results from the 
literature, suggesting that the CSM offers more accurate and less scattered predictions 
than current codified approaches. A finite element model, which was validated 
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against experimental and numerical studies from the literature, has been employed to 
generate structural performance data for the case of partial shear connection. An 
indicative interpolation function predicting capacity for varying degrees of shear 
connection is established by means of the numerical data. Finally, application of the 
CSM to the composite beams subjected to hogging bending is also discussed.  Future 
work will be directed towards consideration of a wider variety of design scenarios, 
more comparisons with test data and reliability analyses to establish a consistent 
design methodology that can be used in the design of steel-concrete composite 
structures.      
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Abstract 

 
A laboratory investigation to determine the long-term behaviour of Timber-

Concrete Composite (TCC) beams was started from August 2010 at the University of 
Technology, Sydney. The test was conducted on four six-meter-span TCC beams; 
this paper reports the results to-date for only two beams. The materials used are 
laminated veneer lumber (LVL) for the joists and 32 MPa concrete for the flanges. 
From the start of the test (August 2010), the specimens have been under sustained 
loads of (1.7kPa) whilst the environmental conditions have been cyclically alternated 
between normal and very humid conditions (typical cycle duration is six to eight 
weeks) and the temperature remains quasi constant (22 °C). During the test, the mid-
span deflection, moisture content of the timber beams and relative humidity of the air 
are continuously monitored. The investigation is still continuing and this paper 
reports the results of the experimental investigation for the last two and half years.  

 
1  INTRODUCTION 

 
Timber-concrete composite (TCC) floor system is a construction technique 

where by the concrete is placed on top of the timber joist and connected with shear 
connectors such that timber and concrete work as a composite element and are 
essentially in tension and compression,  respectively. The three components of TCC 
floors; timber, concrete and connection, are characterized by different time dependent 
behaviour. This behaviour is affected by, the stress level, moisture content, 
temperature and relative humidity of air. Concrete is characterized by significant 
creep and shrinkage phenomena, timber by creep, mechano-sorptive and 
shrinkage/swelling (Ahmadi 1993, Armstrong 1960, 1961 & 1972, Brebbia 1991, 
Toratti 1993, Bou Said 2004, Ceccotti 2006, Epmeier 2007), and connection by creep 
and mechano-soptive effect. Due to complexity of the composite action, a series of 
experimental tests is desirable in order to investigate the behaviour of the composite 
structures. There are hardly available literatures on long-term deflection of TCC 
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beams under cyclic humidity conditions but a few long-term tests performed on TCC 
structures so far are reported in (Ahmadi 1993, Brebbia 1991, Bou Said 2004, 
Ceccotti 2006, Fragiacomo 2007, Grantham 2004, Hailu 2012, Meierhofer 1993). 

Yeoh (2010) tested three 8 meters T-section TCC floor beams with three types 
of connectors in uncontrolled, unheated indoor environment, classified as service 
class 3 as per Euro code 5. The test result showed largest creep coefficients for plate 
connection and least with rectangular notch connection. The long-term deflection for 
beams with normal concrete was larger than the beams with low shrinkage concrete. 

Ceccotti (2006) tested a 6 m span TCC floor system with glue in connection 
in outdoor unsheltered well ventilated conditions and protected from direct radiation 
from the sun. The test lasted for five years and it was classified as service class 3 as 
per Euro code 5.The maximum average deflection monitored throughout the test was 
3.36 mm, which was almost four times the instantaneous elastic deflection and is well 
below the limiting value L/300 as per the Euro code 5 (2008). 

Bou Said (2004) monitored a composite beam with glue-in mechanical 
connectors loaded in sheltered outdoor conditions for 2 years. The short term 
deflection estimated using Euro code 5 was exceeded and it also exceeded the long-
term deflection limits. 

Grantham et al. (2004) reported results on a full-scale long-term test 
performed on a timber floor strengthened with SFS screws and lightweight aggregate 
concrete. 

Meierhofer (1998) conducted a long-term bending test on a 4 m span beam 
with SFS screw connectors under relatively unfavourable conditions: outside under 
roof, i.e. the specimens were fully exposed to the natural temperature changes and 
wetting cycles which provide to be a very dominating influence. The creep factor 
after one year varied between 2 and 4. 

Ahmadi (1993) tested a simply supported 3.9 m long TCC slab loaded with a 
full sustained live load of 2 kN/m2 for 140 days. The ultimate long-term deflection 
under this 100 % sustained live load was within acceptable limits set by the building 
codes AITC and ACI 318-89 and the relative dimensional changes in the timber joists 
due to variations of humidity and temperature caused cracks in the concrete. 

Brebbia et al. (1991) conducted long-term experimental investigation on a 4 m 
span TCC beam with gang-nail connector type for about two years and the final 
deflection was about 4 times that of the no-slip theory and about 2.5 times the actual 
value under short term load.  

The present research work aims to obtain detailed experimental result about 
the long-term deflection of the composite beams subjected to sustained loads for 
about two and half years. Particular attention is devoted to behaviour of the beams in 
cyclic humidity conditions. 
 
2  EXPERIMENTAL PROGRAM 
 
 Two TCC beams with identical geometry, each with a clear span of 5.8 m, are 
currently being tested under long-term test in the civil engineering structures 
laboratory at University of Technology Sydney which was started on 04-August-
2010, 200 days after the concrete pour. 
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2.1  CHARACTERISTICS OF THE COMPOSITE BEAMS 

 The top slab is made of a normal weight concrete with commercial strength of 
32 MPa, the test results for the concrete compressive strength after 28, 56 and 91 
days were 39.5, 44.3 and 50.3 MPa, respectively. The mean drying shrinkage was 
800 micro strains at 28 days. A standard reinforcing mesh of 7 mm diameter normal 
strength reinforcement bars at 200 mm spacing was provided in the concrete slab to 
prevent shrinkage cracks. Figure 1, shows typical cross-section of the beams under 
investigation. 

 

Figure 1. Cross-section of the TCC beam (Typical) (measured in mm). 

 
The joists are made of 250 x 48 mm laminated veneer lumber (LVL). The 

mean modulus of elasticity and characteristic bending strength of the LVL was 12.3 
GPa and 48 MPa, respectively. Two types of shear connector configurations were 
used in the beams. The first beam, B_6N, had six bird’s-mouth notch connections ( 
Figure 2). The second beam, referred to as B_SFS, was constructed with a pair of 
SFS screws at ±45° angles ( Figure 2) and with a spacing of 300 mm between pairs of 
screws. Series of push-out tests were conducted (Khorsandnia et al. 2012) to 
determine the slip modulus of the connectors and the results are tabulated below in 
Table 1. Layout of the connectors along the span of each of the tested beams is shown 
in Figure 3. 
 

Table 1. Type of connector and slip modulus. 
Specimen Type of connector Slip modulus, Ksls, 

(kN/mm) 
Characteristic 

strength, Qk, (kN) 
B-6N bird-mouth notch with 

coach screw 
36.9 59.5 

B-SFS SFS screw 54.9 32.6 
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600
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 Figure 2. (a) Birds mouth with Ø16 mm coach screw and (b) SFS screw 
connections. 

 

 

Figure 3. (a) Beam B-6N and (b) Beam B-SFS. 

A short term static test was done to determine the bending stiffness of the 
composite beams before they were subjected to a long-term test conditions. The 
results are shown in Table 2, where “EI” refers to the tested effective stiffness of the 
composite beams. 

 

Table 2. TCC beams bending stiffness. 
Specimen Stiffness, 

(kN/m) 
EI  

(1012 Nmm2) 
B_6N 1254 4.34 

B_SFS 1323 4.60 
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2.2 LONG-TERM TEST 

2.2.1  TEST SET-UP AND INSTRUMENTATION 

 Figure 4, shows the long-term test set up. The beams were loaded with 
equally spaced lead bars (Figure 5) which were arranged such that the bars apply a 
uniformly distributed load of 1.05kN/m (1.7kPa). The load level is such that no 
plasticity in any material is expected to occur immediately after the loads have been 
applied. A ratio of up to 20 % of the failure load including the self-weight is what 
could be expected to be present on timber concrete composite floors under normal 
use. The air humidity was artificially accentuated using a humidifier positioned to 
apply uniform water vapour to the fog-room. The fog-room is made air–tight to avoid 
loss of humidity during the wet conditions.  

 

Figure 4. Test set up (measured in mm). 

The quantities that have been monitored are mid-span deflection using 
LVDTs (Linear Voltage Displacement Transducers) with a range ±25 mm, relative 
humidity and temperature of the room using climate loggers and moisture content of 
the timber using small timber blocks placed beneath the TCC beams. 

.. .

100 5800 100

Sustained load
equivalent to 1.7Kpa
(equally spaced lead bars)

LVDT
midspan deflection
measurement
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Figure 5. Beams under quasi-permanent loads (lead bars). 

The instantaneous elastic mid-span deflections immediately after the 
application of the loads are shown in Table 3. 
 

Table 3. Instantaneous elastic mid-span deflection. 
Specimen Instantaneous elastic deflection 

(mm) 
B-6N 4.39 
B-SFS 4.17 
 

2.2.2 ENVIRONMENTAL CONDITIONS 

 The relative humidity (RH) and temperature of the room are measured 
regularly every hour. The changes in RH, moisture content and temperature are 
shown in Figure 6, for the last two and half years. The test is on-going. 
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Figure 6. Changes in relative humidity, moisture content and temperature. 

This environmental condition, based on Euro code 5, can be assigned to service class 
3; it is characterized by moisture content in the material corresponding to a 
temperature of 20°c and relative humidity of the surrounding air exceeding 85%. 

2.2.3 MOISTURE CONTENT 

 To monitor the variation of moisture content in LVL joists, separate moisture 
content samples with 100x100x45 mm sizes cut from same batch of LVL were kept 
beneath the TCC beams and the changes in the level of moisture are measured 
regularly every week. The test samples for the moisture content are shown in Figure 
7. 

 
  
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7. LVL MC Test samples. 

The oven-dry method as described in AS/NZ 1080.1:1997 is used in moisture 
content measurement and the moisture content obtained from the test samples was 
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around 9 % at the start of the test and increased to above 20 % after the humidifier 
was operated. It is observed from the result that it takes at least two weeks for the 
moisture content samples to attain 10 % moisture content increment. 

2.2.4 LONG-TERM DEFLECTION 

 The mid-span deflection was measured every minute during loading of the 
specimen for the initial 24 hours and every hour for the remaining of the long-term 
test. Figure 8, shows the mid-span deflection, moisture content versus time of the 
TCC beams. 
 

 

 

Figure 8. Mid-span deflection, moisture content versus time. 

The specimens were loaded when the humidity chamber was at normal room 
environmental conditions which will be referred as dry state here onwards. Despite 
the instantaneous elastic deflection due to the applied loads very little additional 
deflection due to creep occurred. After, approximately one week water vapour was 
admitted, and the deflection increased in both the beams (Figure 8), this period 
referred as wet period is the first absorption period in the test, and the beams 
responded with increase in their deflections. In this wet period the air humidifier was 
used to increase and maintain the air humidity approximately at 100 %, this was then 
followed by dry period. The humidity chamber was opened and an air fun was used to 
increase the ventilation. During this period (desorption) the deflection in both the 
beams increased sharply with the deflection reaching more than twice their 
instantaneous defections. When the humidity chamber kept at this state the rate of 
defection increase slows down tending to reach some limiting values. 

The beams were then again exposed to the wet period by admitting water 
vapour to the chamber, the defection in the beams suddenly changes direction and 
started to recover and the recovery continues as the air humidity was maintained at 
high RH levels. This procedure was repeated every four to six week except in some 
instances the duration may be longer due to instrument malfunction or other reasons. 
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The length of the humidity cycle is four to six weeks and is monitored using the 
moisture content measurements on the moisture content samples 

The results of the long-term investigation indicates that the long-term 
deflection of the TCC beams is accelerated due to the variation in air humidity in the 
humidity chamber and most of the change in deflection occurs within period during 
which moisture content cycle changes, and is more pronounced during a period when 
the humidity changes from wet to dry (Figure 9). The moisture content of the beams 
under load, cycled from dry to wet and back to dry again; the deformation also 
followed a cyclic pattern i.e. the beam deflections fluctuated in response to the cyclic 
air humidity of the chamber. However the recovery in each cycle is only partial and 
the total amount of creep is very large as shown in Figure 9. It should be noted that 
creep increased during drying and decreased during the wetting cycle with the 
exception of the initial wetting when creep increased. 

 

Figure 9. A comprehensive plot of deflection, RH% and MC %. 

Three distinct behaviours were observed in the long-term test of these beams; 
• increase in RH & MC followed by an increase in deflection in the first one 

week (first adsorption) 
• decrease in RH and MC  followed by an increase in deflection in all dry 

periods (desorption) 
• increase in RH and MC followed by decrease in deflection (local recovery) in 

all wet periods (adsorptions) 
 
The significant MC variation may have contributed to the high creep and 

deflection. The findings from this test show that it is not just the level of the moisture 
content that affects creep deflections. The rate of change , number and length of the 
cycles have a pronounced effect on the deflections, with rapid changes in moisture 
content (air humidity) producing more sever creep under bending loads also reported 
in Yeoh (2013). The rapid response to the change in MC is pronounced when the 
humid cycle changes from wet to dry, during this transition the moisture leaves the 
surfaces at faster rate than from the middle cross section of the LVL, causing a faster 
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reaction from the beams. During the dry period the defection increased faster initially 
and then followed by a very slow rate when the environment is maintained in the dry 
conditions and showing tendency to flatten at some point. However, this is not the 
case when the humidity changes from dry to wet.  

The following observation has been reported by several researchers (Capretti 
& Cecotti, 1996, Kenel & Meierhofe 1998, Lukaswezkas, 2009 and Yeoh 2009); 
When TCC beam is exposed to naturally varying environmental conditions in 
bending, an increase in the ambient relative humidity of the air causes an increase in 
timber moisture content, which promotes elongation of the timber beam, but this is 
prevented by the concrete slab. The overall effect is, therefore, a downward 
deflection, and self-equilibrated stress distribution over the composite cross-section. 
However, it needs to be emphasised that in semi-controlled environmental conditions 
characterized by moisture cycling; except the first cycle in all other cycles, increase 
in air humidity causes an increase in timber moisture content, which causes recovery 
of deflection while in the contrary a decrease in air humidity causes loss of moisture 
from the timber, which causes a rapid increase in the deflection of the TCC beams. 
Although there are hardly available literatures on the long-term experimental 
investigations on TCC beams subjected to cyclic humidity conditions in bending, this 
behaviour has been reported as typical creep behaviour of wood in bending 
(Armstrong 1960, Gibson 1996, Hearmon 1964, and Toratti 1993). Toratti (1993) 
explained the oscillation of the creep curves ( the alternate increase of deflection and 
recovery of deflection) is the shrinkage strain of wood, since the shrinkage is of much 
higher in magnitude perpendicular to the cell wall, this would result in higher 
shrinkage values when wood is compressed and less when tensioned as compared to 
unstressed state. Based on this explanation it can be argued that the effect of drying 
shrinkage of concrete is not significant enough to reverse the situation. 

The creep mechanism is worst for long span structural composite beams 
where the stiffness of the floors is much more dependent on the composite action 
between the concrete and the timber joists. It was confirmed by several authors that 
the long-term behaviour of TCC is significantly influenced by the variation of the 
MC, concrete creep and the various interaction of shrinkage and creep, shrinkage and 
swelling of the LVL, and creep of the connection system, contributes a significant 
additional deflection in TCC floor structures. 

Both the beams (B-6N and B-SFS) have attained most of the deflection with 
in one and half years, as was also found out by several researches that most of the 
deflection developed during the first one and half to two years, after which the 
deflection tends to either plateaus or to increase much more slowly (Cecotti et al. 
2006, Yeoh 2013). However, the deflection from these beams is showing a distinct 
increase throughout the period, with minimal reduction in the rate of deflection 
increase to the end of this reporting period. Similar finding was also reported in 
Kenel et al. (1998). 

The changes in temperature also are found to significantly affect the long-
term deflection of the TCC beams. Generally a reduction in temperature causes a 
shortening of both the concrete slab and, to a lesser extent, the timber beam. The 
overall effect is then a downs ward deflection (Lukaswezka 2009). Yeoh (2013) also 
reported a low temperature and high RH, increased the MC of the LVL and 
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consequently caused the deflection to increase whilst higher temperatures and low 
MC, reduced the deflection. In this investigation the temperature of the humidity 
chamber remained quasi-constant (20±2 °C) with little or no variation in temperature 
throughout the test period. Hence, the influence of the temperature is either none or 
negligible to be observed in this test.  

 
CONCLUSIONS 
  

This paper reports the results of an experimental test performed on two 5.8 m 
clear span TCC beams with two different type of connection. The beams were under 
a sustained load in sheltered indoor conditions and subjected to cyclic humidity 
condition. The most important quantities such as mid-span deflection, moisture 
content, relative humidity and temperature of the environment were continuously 
monitored through-out the test. 

The conclusions made are (i) the relative humidity monitored during the long-
term test varied from 45 % to 100 % while the timber moisture content fluctuated in 
the range of 7 % to 20 % and temperature remained quasi constant (21 °C±1), (ii) 
cycling the humidity has accelerated the creep response of the beams and induced 
very high deflection about seven times their initial deflection, (iii) the mid-span 
deflection markedly augmented with in two years of the long-term test, with a final 
value well above the limits usually adopted by national regulations. 
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Abstract 

 
The composite slim-floor beam (CoSFB) solution is based on the 

development of an innovative composite connection. This connection is achieved by 
arranging reinforcement bars through the web of the slim-floor beam, hardly adding 
to complexity in fabrication or costs. By this technology, an economic and efficient 
method to activate the full effective width of the concrete chord (EN1994-1-2) for 
slim-floor beams has been innovated. In order to structurally assess the system, push-
out tests, shear beam and long beam tests with focus on structural, vibration and 
deformation behavior of the CoSFB have been performed. Their evaluations show an 
increase of the load bearing capacity by 100% and of the stiffness by 150%, 
compared to non-composite slim-floor beams. The shear connection provided 
sufficient resistance with a ductile load-deformation behavior. This paper presents the 
experimental results, their evaluation, and their comparison to existing design 
approaches of reinforcement bars as shear connectors.  
 
INTRODUCTION 

 
A stylistic device of modern architecture is the combination of transparent 

structural envelopes with column free ground floor design. Next to the implicit 
flexibility of these objects for sustainable conversion of use, the possibility to easily 
upgrade the services for multifunctional living is advised. Slim-floor construction 
combines the advantages of prefabricated slab elements with steel-framed 
construction and lead to economic building solutions fulfilling the above specified 
demands [Hechler and Braun 2010]. Slim-floor construction is characterized by the 
integration of a steel beam into the slab, see Figure 1. The steel section consists of a 
hot rolled beam with a supporting plate welded below the lower flange. To facilitate 
the erection, the width of this plate is larger than the flange of the hot rolled section, 
so that slab elements are easily placed on it. The slim-floor beam (SFB) can be 
combined with any kind of slab system. Fully or partially prefabricated concrete slab 
elements perfectly suit with the SFB; a safe and quick erection is assured.  
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Fig. 1 - Standard slim-floor beam (SFB) 

 
Fig. 2 - Typical CoSFB-section    

 

 
Slim-floor construction enables low construction height of the floors; 

consequently either the total height of the building is decreased for fixed quantity of 
floors (leading to e.g. less façade area) or the total quantity of floors may be increased 
for a fixed building height (interesting for cities with limited height for buildings). 
The technical installations (e.g. heating and cooling devices) are installed easily and 
flexible due to the absence of down standing beams. Therefore structural and service 
design are independent processes in the designing phase. However, because of the 
low beam height, the design of an SFB is generally governed by the stiffness of the 
system and thus, spans are limited to approximately 7m, see Figure 15. 

Therefore the goal has been formulated to enlarge the span range of slim-floor 
systems without an increase in construction height and satisfying all requirements on 
the slim-floor system and beams imposed by the ultimate and serviceability limit 
states, including vibration comfort. This technical challenging objective has been 
accomplished by Braun and Hechler [Braun et al. 2009] with realizing a composite 
action between steel beam and in-situ concrete due to an innovative shear connection, 
therefore activating the concrete slab as compression chord in longitudinal direction 
with its effective width. The resulting economic and sustainable structural solution 
offers the possibility to realize slim-floor beam spans up to 14m with an assumed 
slim-floor beam distance of 10m and a construction height of only 40cm. The major 
advantage however is the integrated fire resistance met without any additional 
measures up to the European fire resistance rating R90 (R120) [“R90”: maintaining 
the load bearing function during 90min of European standard fire exposure]. This has 
been documented with the help of numerical analyses. 

The technical challenge of this 
innovation is to be seen in the shear 
connection, realized in this configuration for 
the first time. It is based on the composite 
dowel concept and consists of a drilled hole 
through the web of the rolled beam and a 
reinforcement bar guided through this hole 
to allow for shear transmission and 
prevention of cracking of the concrete in 
shear planes, see Figure 2 and Figure 3.  

Fig. 3 – Bar through web of 
section 

The use of concrete dowels has been motivated by the design of apertures 
plates with holes and related work on their bearing capacity ([Leonhardt et al.1987], 
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[Wurzer 1997], [Zapfe 2001]). However major differences to existing design are to be 
found in the geometrical boundaries of the composite dowel in the CoSFB 
application. As the dowel is confined between the steel flanges of the rolled profiles, 
only local failure mechanism are supposed to occur. Though, it is unknown whether 
the flanges allow for load distribution and transfer from concrete into the steel profile. 
Further block failure of the dowel must be avoided. Experience for this particular 
case has been drafted from the design of filler beam bridges which do work with 
similar geometrical boundaries in composite action, although the design of this action 
is based on empirical knowledge. 

Consequently it has been decided to further investigate in 
- the global behaviour of the composite slim-floor beam with special focus on the 

shear force capacity, effective width of the concrete chord, the deflection and 
vibration behavior by 2 shear beam tests and 2 long-span beam tests and 

- the shear connection characteristics of the concrete dowels in the composite slim-
floor beams by 27 Push-Out Tests. 

This research campaign is presented in this contribution. 
 
EXPERIMENTAL INVESTIGATIONS IN THE GLOBAL BEHAVIOUR OF 
COMPOSITE SLIM-FLOOR BEAMS (BEAM TESTS)  

 
To investigate in the global behaviour of the composite slim-floor beam two 

shear beam tests and two beam tests were performed [Kuhlmann et al. 2009], see also 
Table 1. Focus has been to analyze the shear force capacity, activated effective width 
of the concrete chord, the deflection and vibration behaviour as well as the overall 
structural behavior of composite slim-floor beams. 

 
Table 1 – Overview of beam test programme and test results 

Typ 
Geometry 
L x B [m] 

Type 
ß 

[%] 
Aim 

Pj 
[kN] 

S1 
4.0 x 2.5 m 

Single span 
girder 

100 Shear force capacity, structural 
behaviour (bearing capacity, effective 

width of concrete chord) 

1881.8 

S2 50 1688.5 

B1 
8.0 x 2.5 m 

Single span 
girder 

100 Structural behaviour (bearing capacity, 
effective width of concrete chord), 

deflection behaviour, vibration analysis 

944.8 

B2 100 953.3 

  

 
The short-span shear beam tests (S1, S2) have been designed to check the 

transferability of test results from push-out tests to beam behavior. One short-span 
test was designed with ß = 100% shear connection (S1); the second (S2) was 
designed with ß = 50% shear connection, once to produce possible shear connection 
or shear block failure and secondly, to later have the possibility to conclude on the 
behavior3of the CoSFB system with partial shear connection in case the concrete 
dowel provides sufficient ductility. Each shear beam spans 4m from hinged support 
to hinged support. Both were 4-point-bending tests (see Figure 4 and Figure 5).  
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Fig. 4 – Bending (left photo) and shear (right photo) beam tests at Stuttgart 
 

 
Shear beam S1, with a full shear connection, had concrete dowels at each 125mm. 
Shear beam S2, with a partial shear connection, had the same distance of concrete 
dowels, however half of the dowels have been closed by silicone to prevent their 
action (see Figure 5). To investigate in the overall structural behavior (load bearing 
and deformation behavior) two long span girders (B1, B2) were tested in a 4-point 
bending test. The long span bending tests are simple supported beams with 8m span.  

 
For shear beam S2 half of the holes were filled with silicone. 

 
Fig. 5 – Beam test specimens [mm]:  S1 & S2 l = 4200mm, span 4000mm; 
 B1 & B2 l = 8400mm, span 8000mm  

 
As the effective width of the concrete chord plays an important role for the 

bearing capacity of the composite section, the concrete slab width of the test girders 
was selected as 2.50m. Figure 6 shows the section of the investigated slim-floor 
girder. The tests were executed deflection controlled. During testing, the jacking 
force, deflections at ¼ span length and mid-span as well as the slip in these location 
and the supports by deflection measurement devices, the strains in the reinforcement 
bars of the concrete dowels as well as the stirrups by strain gauges and the strains in 
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the concrete over the width of the concrete chord by strain transducers had 
continuously recorded during testing. 

 

 
Fig. 6 – Beam test section: S1 & S2, B1 & B2 

 
TEST RESULTS AND EVALUATION FOR THE GLOBAL BEHAVIOUR OF 
COMPOSITE SLIM-FLOOR BEAMS – LONG-SPAN BEAM TESTS 

 
Both girder beam tests B1 & B2 showed a very ductile behavior and a large 

deformation behavior at ultimate limit state (Figure 7). Test girder B1 attained a 
maximum load of 944.8kN and test girder B2 a maximum load of 953.3kN. Both test 
girders failed due to a bending failure in the concrete compression zone. Near the 
load pads (bearing of the load distribution girder) the concrete constricted, concrete 
blocks started to spall mechanically. A comparison of the calculative bearing capacity 
and the experimental capacity clearly shows a full composite action between the steel 
girder section and the concrete chord.  

 

 
Fig. 7 – Load-deflection curve - test girder B2 

 
Based on the strain distribution, determined from the results of strain 

transducer on the concrete chord at mid-span, the effective width of the concrete 
chord at mid-span was recalculated. According to DIN EN 1994 the effective width is 
calculated to 1.0m; the test results however clearly show a full activation of the 
concrete chord over the whole slab width, see Figure 8.   
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The evaluation of the strain records for the transverse reinforcement shows, 
that all reinforcement bars of the concrete dowels have exceeded the yielding point 
before ultimate failure of the girder test specimens. At a load of 75% of the ultimate 
load the reinforcement of the concrete dowel reached the yielding strength. Therefore 
composite action has been achieved by the concrete dowels and they provide a high 
and ductile capacity of the shear joint. Due to the longitudinal shear force in the 
concrete, the stirrups were activated but without exceeding the yielding strength. 
Therefore it is recommended to foresee stirrups in final design to prevent block 
failure of the composite joint. 

 

 
Fig. 8 – Effective width at mid-span (calculated from compressive concrete 

stresses) 
 
EVALUATION FOR THE GLOBAL BEHAVIOUR OF COMPOSITE SLIM-
FLOOR BEAMS – VIBRATION TESTS 

 
To check the stiffness at serviceability limit state level, the natural frequency 

of one long-span beam was measured. Two measurement campaigns were carried 
out. The first was executed for the un-cracked, unloaded, composite section, before 
the start of ULS testing. The second was performed for the cracked composite 
section. For these measurements ULS testing has been stopped at the load level 
corresponding to a deflection of L/300 and unloaded for the measurements. The 
measured natural frequencies for the 2 conditions are given in Table 2. The derived 
stiffness confirmed for full activation of the effective width and full shear connection. 

 
Table 2 - Measured natural frequencies (nf) 
Condition 1st nf [Hz] 2nd nf [Hz] 

Un-cracked 8.84 30.62 

Cracked after preloading 8.69 30.13 
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TEST RESULTS AND EVALUATION FOR THE GLOBAL BEHAVIOUR OF 
COMPOSITE SLIM-FLOOR BEAMS – SHEAR BEAM TESTS 
 

The shear test girder S1 with a span of 4.0 m reached a maximum load of 
1881.8kN (corresponds to ultimate bending moment of 1529kNm). The girder 
deflection at the ultimate state limit was 142mm at mid-span, for the serviceability 
(50% of the ultimate load) 16mm. The load-deflection curve is given in Figure 9. 

Despite the length of the shear force charge (1.63m), the girder failed due to 
bending with failure of the concrete compressive strength (Figure 9). As for the long-
span beam tests, first, concrete blocks spalled near the load bearing pad and increased 
in transverse girder direction. Further slant cracks were monitored on the top side of 
the concrete plate in direction towards the girder supports, a typical shear crack 
behavior. 

For shear beam test 
S2, with 50% shear 
connection, the maximum 
load capacity was 1688.5kN 
(corr. bending moment of 
1371kNm) with a mid-span 
deflection of 152.3mm. The 
deflection at serviceability 
(50% of the ultimate limit 
state) was about 15.4mm, 
see Figure 10. The minor 
difference regarding the 
maximum jack force and 
the maximum moment 
respectively indicates that 
the composite joint of the 
partial connected shear 
beam did not fail. Also 
shear beam test S2 failed 
due to failure of the 
concrete compr. strength in 
mid-span. It has to be 
remarked, that additional 
load components as friction 
and clamping effects may 
result in an increase in 
resistance of the concrete 
dowels in the beam tests. 

Fig. 9 – Load-deflection curve shear-beam test S1 
(full shear connection) 
 

Fig. 10 – Load-deflection curve of shear beam S2 
(partial shear connection) 
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EXPERIMENTAL INVESTIGATIONS OF SHEAR CONNECTION (PUSH-
OUT TESTS)  

 
To investigate in the shear connection characteristics and capacity of the 

concrete dowels in the composite slim-floor beams a total of 6 push-out tests in 2009 
[Kuhlmann et al. 2010] and 21 push-out tests in 2011 [Kuhlmann et al. 2012] were 
planned and performed. In this test campaign the following parameters have been 
varied to check their influence on the shear connection, see also Table 3: 
- concrete compression strength (cylindric concrete compression strength fck and 

corresponding tensile concrete strength fctm, 
- the web thickness of the steel beam section tweb, 
- the diameter of the hole in the slim-floor beams’ web ∅d, 
- the diameter of the reinforcement bar through the web hole ∅r. 

The concrete class has been varied from C20/25 to C50/60, to cover the 
common application range in building construction. The cross section of the test 
specimens are shown in Figure 11. For the reference tests the steel section was based 
on a HE220M (S355M) profile with the addition of a welded bottom flange 
450x20mm (tweb = 15.5mm). For the tests on the thinner web thickness (2-1a and 2-
1b) the steel section HE240A (S355M) has been chosen (tweb = 7.5mm). The concrete 
dowels were based on drilled holes with a diameter of ∅d = 40mm at 125mm distance 
each but has been changed to a diameter of ∅d = 25mm for test series 2-2a. In test 
series 2-3 the web holes were filled with silicone to exclude concrete in this location 
around the penetrating reinforcement bar. Through each dowel a reinforcement bar 
with diameter ∅r = 12mm was placed. To check the influence of the bar diameter it 
has been changed to ∅r = 25mm for series 2-2b. 

The slab thickness was in total 27.4cm supported by cams of 16mm for the 
beam tests, thus the concrete topping over the beam was 50mm. In test P1 stirrups 
were inserted at the edges to connect the chamber concrete with the in-situ concrete 
of the deck layer (the series P1 has shown, that these stirrups are not required and 
therefore they have been omitted for the subsequent series). The slab consisted of a 
COFRADAL200® deck [Arval] with a height of 14cm as lost formwork and second 
phases a concrete chord of 13.4cm.  

Each half of the push-out tests has 5 holes (dowels) positioned in the steel 
web (see Figure 11). Hence, each push-out test had 10 concrete dowels in sum (see 
Figure 12). 

The tests have been performed deflection controlled. Regularly the loading 
has been stopped and kept constant for approximately 5min to cover the influence of 
the short-term relaxation. During testing, the jacking force Pj, slip and inclination by 
deflection measurement devices and strains at the reinforcement bar at selected 
locations have continuously been recorded. 
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Table 3 – Overview of push-out test programme and test results 
 

Series 
No. of 
tests 

Beam 
Section 

tweb ∅d ∅r fck fctm Pj 0.92Pj 

 [mm] [mm] [mm] [N/mm²] [N/mm²] [kN] [kN] 
20 09

P1 3 HE220M 15.5 40 12 34.0 2.2 2167 1994 

P2 3 HE220M 15.5 40 12 39.4 - 2282 2099 

20
11

 

1a 3 HE220M 15.5 40 12 26.7 4.1 1963 1806 

1b 3 HE220M 15.5 40 12 55.1 5.1 1654 1522 

2-1a 3 HE240A 7.5 40 12 29.5 4.0 1728 1590 

2-1b 3 HE240A 7.5 40 12 58.2 5.3 1591 1464 

2-2a 3 HE220M 15.5 25 12 32.7 4.4 2029 1867 

2-2b 3 HE220M 15.5 40 25 40.0 4.7 3978 3659 

2-3 3 HE220M 15.5 40* 12 38.3 4.7 1416* 1303* 
 

* web holes filled with silicone  
 

 
Push-out section: P1:  

Push-out section: P2, 1a to 2-3: 

 

Steel girder for push-out tests: 

 

Fig. 11 – Push-out test specimens  
(2-1a & 2-1b with HE240 A) [mm] 

Fig. 12 – Push-out test at 
Stuttgart 
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RESULTS AND EVALUATION FOR THE SHEAR CONNECTION  
(PUSH-OUT TESTS) 

 
All push-out tests showed a ductile behaviour and reached a slip deformation 

in the shear joint >6mm, as required for ductile composite action acc. to [DIN EN 
1994]. 

 

 
Fig. 13 – Static load-deflection curves of  P2 (test V4-V6) 

 

 
All test with a reinforcement diameter of ∅r = 12mm failed due to failure of 

the concrete dowel reinforcement without any shear block failure. The test with 
diameter ∅r = 25mm failed due to cracking of the specimens footing before failure of 
the shear connection. In Table 3 the shear connection capacity is given for short term 
loading (Pj) as well as after short term relaxation (0.92 Pj). The influence of the short 
term relaxation has been estimated to approximately 6-10%. A typical load-deflection 
diagram for the concrete dowels in the CoSFB configuration is given in Figure 13 
showing a high initial stiffness and a ductile behavior with maximum bearing 
capacity at high deflection values. 

Due to the tests the following results were identified experimentally; the 
relations have been derived for the shear capacity including the short-term relaxation: 

• The shear stud capacity is hardly influenced by the concrete strength up to 
approximately fck = 45N/mm² (max. -12% for selected tests). For higher 
strength concrete with fck > 45N/mm² a drop in shear capacity has to be noted 
(approx. -25%); 

• This dependency for high strength concrete is recognized as well for smaller 
web thicknesses (HE240A) and therefore depends on the concrete strength 
only independently from the steel girder web thickness; 

• The influence of the web thickness appears in general only in a small range - 
with a reduction of the web thickness about 50%, the bearing capacity reduces 
only about 12% for low strength and just 4% for higher strength concrete; 
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• The tests with a smaller web hole diameter ∅d have shown a lower shear 
capacity, however with -9% to an insignificant level;  

• The influence of the reinforcement bar (diameter) seems to be decisive in 
design for the bearing capacity. The doubling of the diameter (which means a 
quadruplicating of the cross-sectional-area) results in a significant increase in 
bearing capacity; the final resistance could not be determined due to failure of 
the test specimens’ concrete footing; 

• The infill of concrete in the web hole around the reinforcement bar has a great 
influence on the bearing capacity of the concrete dowel shear connection. If 
the concrete filling in the hole is prevented, the maximum load is reduced by a 
third with highly increased slip at ultimate bearing capacity level. 

 
 

 
Fig. 14 – Influence of tested parameters on the bearing capacity 

 
The shear connection capacity over the concrete strength for all test series is 

summarized in Figure 14 and the relation of the each bearing capacity to the reference 
series is given. 

The tests clearly showed the high performance and bearing capacity of the 
reinforcement bar as shear connector through the steel girder web (concrete dowel). 
Hereby the capacity mainly depends on the reinforcement bar. A large ductility, far 
larger than the 6mm criteria imposed by the Eurocode, is also to be noted. Shear 
block failure has not been observed. 
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COMPARISON OF PUSH-OUT TEST RESULTS TO EXISTING DESIGN 
APPROACHES  

 
In the frame of the test results analyses the experimentally derived shear 

capacities Pexp have been compared to various design approaches in literature. The 
shearing criterion by Zapfe [Zapfe 2001] for concrete dowels deeply embedded in 
concrete seems hereby the best fitting one. Therefore the experimentally determined 
load capacities Pexp have been compared to calculated capacities Pth by [Zapfe 2001]. 
For this comparison, the characteristic concrete tension strength fctk  and the Youngs’ 
modulus of the concrete Ecm have been calculated according to the Eurocode from the 
measured fck. For the reinforcement Es has been assumed to be 210000 N/mm2.  

 
 Shearing failure criterion by 

[Zapfe 2001] :  

 , = 23.4 ∙ ∙ ∙ ∙  
with: 
Ad  =   area of web hole   
ρi  =   1+(Es/Ecm -1)⋅Asq1/Ad 
Asq1 = section of reinforcement 
      in web hole 
fh  =   (1,2 - ∅d/180) ≤ 1 Fig. 15 – Comp. of the experimental test results 

Pexp to calculated values Pth  acc. to [Zapfe 2001] 

 

 
From the comparison, see Figure 15, it is concluded that the linear 

dependency of this criterion from the tension strength fctm cannot be confirmed for the 
CoSFB configuration, see especially Pexp/Pth for series 1b and 2-1b. Further the 
influence of the reinforcement diameter is not reflected appropriately, see Pexp/Pth for 
series 2-2a. Therefore a new design model is to be developed. 
 
POTENTIAL OF THE NEW SLAB SYSTEM 

 
As demonstrated, CoSFB and Cofradal200® floor systems have an excellent 

overall performance: high load bearing capacity and stiffness, ductility and 
robustness. Further, the combination of composite and slim-floor construction by 
using an innovative horizontal shear connection leads to efficient material use, hence 
to a sustainable construction [Braun et. al. 2011], and to an economic solution. For 
the total costs for an erected CoSFB + Cofradal200® less than 125€/m2 can be 
achieved. It should be outlined, that these costs cover material, fabrication, transport 
and erection costs. Additional costs for fire resistance and/or acoustical and thermal 
insulation are inexistent. Thanks to the use of a horizontal shear connection, the 
composite action is activated without increasing the slab height. 
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The average slenderness ratio (beam span / height) of the CoSFB is around 
35. This leads to slender constructions in combination with large spans. CoSFB spans 
of 12m (beam distance up to 10m) and a construction height of only 35cm can be 
realized. The typical weight of the CoSFB is around 20kg/m2. 

More than 40 million square meters of floors are built in central Europe per 
year (figure of 2009, non-residential buildings). Most of them are constructed with a 
standard 8m x 8m grid, mainly because of cost reasons. This contribution presents a 
solution with which grids of 14m x 10m are realizable without a significant cost 
increase, see Fig. 16. Therefore the customer demand is not only met but extended. 

 

 
Fig. 16 – Economic floor solutions 

 

 
SUMMARY AND CONCLUSIONS 
 

This contribution outlines the potential and the testing of concrete dowels and 
their application for slim-floor construction. Sufficient load bearing capacity and 
ductile behavior of this innovative shear connection has been proven for slim-floor 
beams configurations. Thus the concrete dowels can be distributed equidistant, partial 
shear connection can be designed. Further the beam tests have shown an activation of 
the concrete chord even larger than the effective width according to Eurocode 4 [DIN 
EN1994-1-1]. Therefore it is concluded that based on the described test results, that 
the full plastic design of CoSFBs in accordance with EN is possible. Design values 
for the shear connection will be soon available in a General Technical Approval to be 
published by DIBT [DIBT 2013]; detailed information on the bearing mechanism and 
design guidance will be published [Braun]. Hereby the effect of dropping bearing 
resistance of the shear connection with increase in concrete strength will be covered.  
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Abstract 
 This paper presents a long term experimental study to quantify changes in 
dynamic response due to a long term loading and varying temperature effects. The 
experimental study is set up for one year. Two types of blind bolt connectors were 
used as shear connection systems in steel-concrete composite beams alongside a 
welded shear stud system and a non composite beam. Two questions are answered; 
firstly, do composite steel-concrete composite beams experience a change in 
frequency and/or mode shape due to environmental factors. Secondly, for identical 
specimens, does the type of shear connection system used change the extent to which 
environmental factors affect the frequency of the specimens. The results indicated 
that the dynamic behaviour is affected by both the load and changes in environmental 
factors over the course of the year as expected. The extent of the effect is dependent 
on which type of shear connector is used. 
 
INTRODUCTION 
 

Of the nearly 5000 bridges in New South Wales, about 17% are more than 50 
years old. Most of these existing bridges are considered structurally deficient by 
modern standards for the loads they are required to carry. These bridges will have to 
be replaced or strengthened by utilising post installed shear connection systems or 
other similar means. Before retrofitting or strengthening existing structures, the 
condition of the structure should be assessed and the damage condition determined. 

The process of implementing a damage detection and characterization strategy 
for engineering structures is referred to as structural health monitoring (SHM). The 
term damage can be defined as changes to the material and/or geometric properties of 
these structures, including changes to the boundary conditions and system 
connectivity, which adversely affect the system’s performance (Farrar & Worden 
2007). The incentives behind research into SHM are increased safety and the obvious 
financial incentives of detecting damage and taking remedial action as early as 
possible. The civil engineering community has studied vibration-based damage 
assessment of bridge structures and buildings since the early 1980’s. These days 
several bridges globally have structural health monitoring systems in place. Ko & Ni 
(2005) cite no less than 18 articles based on different examples of long term 
monitoring systems implemented on bridges throughout the world. However, as 
Farrar & Worden (2006) state, environmental and operating condition variability 
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presents significant challenges to the bridge monitoring application. Kullaa (2011) 
postulates 4 possible analysis avenues under uncertain environmental conditions. The 
easiest of these is to quantify damage only using those variables which are insensitive 
to changes in environmental factors such as the modal assurance criterion (MAC), 
and coordinate modal assurance criterion (COMAC). A more difficult solution path is 
to quantify and establish a relationship between the environmental factors and the 
response variable of interest. Research on the effects of environmental factors on 
SHM schemes vary in scope from the full scale bridge approaches demonstrated by 
Farrar et al (2000), Sohn (2007), and Moser & Moaveni (2013) through to a purely 
numerical approach such as Deraemaeker et al. (2006, 2008). The simple approach of 
a single or double span beam experimental series for the express purpose of 
evaluating the impact of environmental factors on dynamic responses is less well 
covered. One such paper is put forward by Xia et al. (2006). They have shown for a 
steel reinforced concrete slab that frequencies decrease while the damping ratios 
increase consistently with the increase of temperature and humidity. However, mode 
shapes are insensitive to environmental changes. Kim et al. (2007) conducted a 
similar experimental study on a steel plate with twin girder span and came to the 
conclusion that structures can be effected by environmental factors and that detection 
of simulated damage using Frequency Response Function (FRF) methods are also 
affected. In this paper the effect of environmental factors on the frequency response 
of steel-concrete composite beams under the serviceability load condition and with 
different shear connection systems will be investigated. Two points will be addressed. 
Firstly do steel-concrete composite beams experience the same effects as those 
expressed by Xia et al. (2006) or Kim et al. (2007). Secondly, for identical test 
specimens under the same environmental conditions do the types of shear connectors 
used change how the specimen is affected by environmental conditions. 
 
TEST SPECIMENS 
 
 The test series comprised of four specimens. Three composite steel-concrete 
beams with different types of shear connectors were designed with partial shear 
connection. Two types of blind bolt and a conventional welded stud were used as the 
shear connectors. A fourth non composite beam was used for comparison. Each beam 
was supported at both ends with a 6m span. The steel beams were universal steel 
beam sections of 460UB 74.6. The concrete slab was 150mm thick with a 1m wide. 
Figure 1 shows the top view of one of the beams. Figure 2 shows the three different 
types of shear connectors. Figure 2 (a) shows a 100mm M20 8.8 bolt, known as B1, 
which is the blind bolt one.  The bolt has a folding washer mechanism that allows the 
bolt to be secured from the bolt head side using a special tool. Figure 2 (b) and (c) 
show the second blind bolt type (B2) in both closed and open configurations. It works 
by having a section that spreads open when the bolt is secured. Figure 2 (d) shows the 
conventional shear stud that is being tested as a comparison to B1 and B2. The shear 
stud connected beam will be referred to as SS from here on and the non-composite 
beam will be referred to as NC.  
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 Where  is the average estimated transfer function of the systems (FRF), 
 is the cross power spectral density and  is the power spectral density. 

Subscript  denotes input, subscript  denotes output, and  is the number of 
experimental results to be averaged together. The four specimens were kept for one 
year. The temperature, humidity, ambient vibration response, impulse input vibration 
response, central deflection, and strain at the quarter, mid, and three quarter span 
locations were measured once a week. However, only the temperature and vibration 
response will be discussed herein. 
 
RESULTS & DISCUSSIONS 
 
 Before the mass is placed on the specimens the frequencies of the specimens 
were measured. An example of the B2 beam is given here. The fundamental mode of 
the B2 specimen was 22.43 Hz. Once the loading plates were put into place the 
frequency response of the beam changed immediately to 16.09 Hz. Over the 
following four days the frequency was measured on a daily basis. To minimise the 
effect of temperature on the specimens over this period the measurements were taken 
at the same time of day. As the beam settled under the influence of the load the 
frequency of the fundamental mode increased again. There are several interdependent 
factors forming the complex behaviour which causes this. However, a large 
contribution to this phenomenon could be caused by the deflection of the beam. Over 
the course of the first four days the measured deflection at the central locations 
increased thus increasing the curvature of the specimens. This increase is curvature 
could be responsible for the increase in frequency experienced after placement of the 
load. The first fifteen measurements after the placement of the load for the B2 
specimen are shown in Figure 7. 
 

 
 

Figure 7. 1st mode frequency of the B2 specimen vs time. 
 

 The first four measurements can be seen as outliers to the dataset which as a 
whole sits roughly between 16.3 and 16.4 Hz. The first measurement that falls within 
the 16.3 and 16.4 Hz band was taken on the 26/04/2012. After this date any change in 
frequency could be seen as being due to environmental factors. This measurement 
period was the subject of a statistical analysis presented later. Prior to the load being 
placed on the specimens the frequency response was recorded and modal parameters 
are shown in Table 1 from the test dates 12th and 13th of March 2012.  One year later 
the load was removed and the initial experiment repeated on the 04th to the 18th of 
March 2013. The modal parameters of all four specimens are shown in Table 2.  By 
comparing Tables 1 and 2 it can be seen that there is an observed difference in the 
frequency of the specimens in the prior and post loading condition. 
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Table 1. Modal parameters of all specimens prior to loading. 

Mode 
NC SS B1 B2 
f (Hz) ζ (%) f (Hz) ζ (%) f (Hz) ζ (%) f Hz ζ (%) 

B1 21.977 1.96 23.259 1.92 22.954 2.06 22.419 1.71
T1 61.627 0.45 66.176 0.42 64.363 0.39 66.671 0.41
B2 89.835 6.23 98.120 2.60 98.051 3.90 93.722 0.72
T2 120.40 0.40 127.99 0.42 126.66 0.38 128.60 0.38
B3 133.84 2.81 159.43 2.10 153.19 2.81 149.15 1.13
T3 186.78 0.46 195.56 0.36 192.43 0.37 195.57 0.37
B4 177.29 2.97 227.07 1.19 224.85 0.86 223.09 0.71
T4 254.88 0.47 264.83 0.37 262.31 0.38 265.81 0.39
B5 225.46 1.83 301.86 0.21 298.46 0.43 297.42 0.22
T5 326.55 0.08 337.69 0.35 335.45 0.36 341.55 0.34
B6 290.12 1.31 378.34 0.45 373.96 0.43 373.83 0.16
T6 405.86 0.65 416.61 0.33 413.40 0.45 419.90 0.31
B7 360.88 0.39 459.15 0.37 454.30 0.36 460.97 0.40
T7 -- -- 493.29 0.48 497.24 0.49 491.06 0.40

 
Table 2. Modal parameters of all specimens post loading. 

Mode 
NC SS B1 B2 
f (Hz) ζ (%) f (Hz) ζ (%) f (Hz) ζ (%) f Hz ζ (%) 

B1 20.552 1.26 24.022 0.61 22.934 0.71 23.549 0.65
T1 58.777 0.51 64.570 0.45 63.864 0.51 64.748 0.49
B2 71.539 1.42 90.882 2.28 86.089 1.10 89.400 1.12
T2 118.02 0.53 125.55 0.39 124.44 0.39 126.01 0.37
B3  77.785  2.42 144.04 1.09 140.99 1.40 135.38 1.77
T3 181.92 0.81 191.6 0.43 188.13 0.46 192.07 0.47
B4  --  -- 214.99 0.53 216.55 0.44 215.69 0.47
T4 248.30 0.50 259.06 0.41 256.18 0.46 260.52 0.39
B5 152.01 2.68 286.06 0.47 295.01 0.56 291.80 0.39
T5 321.29 0.77 331.0 0.44 327.97 0.42 333.39 0.35
B6 198.80 0.72 360.86 0.49 370.71 0.47 361.81 0.44
T6 397.87 0.99 409.08 0.46 405.07 0.46 409.60 0.43
B7  --  -- 439.20 0.24 451.87 1.14 444.66 0.44
T7  --  -- 495.97 0.50 491.52 0.29 497.33 0.63

 
  In general the frequency of the specimens is reduced whilst the damping 
ratios remain much the same for higher modes whilst being reduced for lower 
bending modes. Also, the bending modes are more greatly affected than the torsional 
modes. Assuming no damage occurred to the specimens during the course of the 
experiment the difference in modal properties of the specimens are most likely due to 
the long term loading and to a lesser extent the ageing of the concrete. As this long 
term test was conducted with a load it is important to check that the load didn’t cause 

Composite Construction in Steel and Concrete VII 178

© ASCE



 

any
dur
tem
con
use
con
acc
ben
mo
mo

 
(MA
sho
 

 
 
the 
mo
free
CO
Equ
 

 
 
com
Ma

y damage to
ring the yea

mperature on
ndition of the
ed to find ou
ndition is d
celerometers 
nding modes
des of the B
dal analysis 

F

In order
AC) and coo

ows how the 

 
Where 

complex co
de . The C
edom to the

OMAC indic
uation (3) sh

Where 
mplex conju
atlab environ

o the specim
ar than an i
n the frequen
e specimens 

ut if the obse
due to local

in each of
s and the firs
B1 beam pri

of the exper

Figure 8. Fir

r to compar
ordinate mo
MAC value

	
 is the m

onjugate tran
OMAC valu
e MAC for

cate high co
hows how th

 is the num
ugate of . 
nment by exp

men during th
investigation
ncy of the s
could not b

erved differe
l or global 
f the four s
st seven tors
ior to the loa
rimental resu

rst 14 modes

re the mode 
dal assuranc

es are calcula

modal coeffic
nspose (Herm
ue gives an i
r a given m
rrelation an
e COMAC i

	∑
mber of ma
The MAC 

ploiting the m

he course of
n into the e
specimens w
e considered
ence in frequ

changes in
ets it is po

sional modes
ad being app
ult. 

 

s, B1 specim
 

shapes gain
ce criterion (
ated (Allema|

 

cient for deg
mitian) of 
indication of

mode pair (A
d low value
is calculated∑ ∗ ∑
atching pair
and COMA

modal vecto

f the year. I
effect of env
would be inv
d constant. T
uency of the
n specimen 
ossible to vi
s. Figure 8 s
plied and pl

men prior to

ned, the mo
(COMAC) w
ang, 2003). |
gree-of-freed

, and 
f the contrib
Allemang, 2
es show are

d (Allemang,

∗ 		
rs of modal
AC values w
or calculated 

If damage w
vironmental
validated as 
The mode sh
e prior and p

properties. 
isualise the 
shows the fi
lotted direct

o loading. 

odal assuran
were used. E

																					
dom , mod
 is the moda

bution of eac
2003). High
eas of little 
, 2003).  

																					
l vectors an
were calcul

d by the Matl

was accrued 
l change in 
the overall 

hapes can be 
post loading 

With nine 
first seven 

rst fourteen 
tly from the 

ce criterion 
Equation (2)

														( )
de r,  is 
al vector for 
ch degree of 
h values of 
correlation. 

														( )
nd ∗  is the 
ated in the 
lab package 

Composite Construction in Steel and Concrete VII 179

© ASCE



 

use
the 
wer
cha
CO
cha
spli
are 
pra
calc
Mo
incr
 

 

 
tim
tem
  

 

 
 
per
mu
ran
30.
effe
as a
is r
eas
tem
effe

t
d

C

ed to analyse
first fourte

re calculated
anged over t

OMAC of the
ange. The nu
ine interpola
necessary a

acticality wo
culated at an

ore points ca
reases signif

Over th
me the dynam
mperature and

Fig
 
The ver

rcentage for 
ultiple readin
nges experie
1oC and 36 
ect of tempe
an area for f
really a comb
ily separate

mperature an
ect. To ana

0

30

60

90

12/03/2012te
m

p 
de

gr
ee

s 
C

e the raw ex
en modes o
d. From this
the course o
e B1 specim
umbers on t
ation points 
as the respo
ould allow. 
ny number o
an be used t
ficantly for v

Figure 9.

he course of 
mic respons
d humidity c

gure 10. Tem

rtical axis h
the humidi

ngs being tak
nced by the
– 81% resp

erature (Xia 
further study
bined effect 
d and the te

nd humidity 
alyse the ef

2

xperimental d
of each spec
s it was see

of the year. A
men. The CO

the  and  a
use on longi
nse was me
By using 

of points. In 
o build a fin
very little ga

. MAC & C

the year the
se was mea
changed ove

mperature a

has units of 
ty. The nea
ken on each
e specimens
ectively. Th
et al., 2006)

y and not cov
of temperatu

emperature i
will be ref

ffect of tem

20/06/2012

Tempe

data. The M
cimen in the
en that the m
As an examp

OMAC has b
axis of the 
itudinal ( ),

easured at on
a spline in
this case tha
ner image h
ain in resolut

COMAC of t
 

 temperature
sured. Figur

er the course 

and humidit

both degree
arly vertical 
 day of testi
s over the c
he effect of h
). Due to this
vered here. T
ure and hum
is the domin
ferred to fro
mperature on

28

rature

MAC and CO
e prior and 
mode shape

mple, Figure 
been inversed
COMAC re
, and transve
nly 27 locat
nterpolation 
at number is 
owever the 
tion after a c

the B1 speci

e and humid
re 10 show
of the year.

ty variation

es Celsius fo
sections of 

ing. The tem
course of te
humidity is m
s the effect o
The tempera

midity howev
nant effect t
om here on 
n the frequ

8/09/2012

Humidity

OMAC value
post loading

es had not s
9 shows the
d so that 0 i
epresent the 
erse ( ), spl
tions which 

the COMA
21 x 61 = 1
computation

certain point

imen. 

dity were rec
ws a graph o

     

n with time. 

for the temp
f the curves 
mperature an
est period w
more compl
of humidity 

ature effect s
ver as the tw
the combine
in as the t

uency respo

06/0

es based on 
g condition
ignificantly 

e MAC and 
indicates no 

number of 
lines. These 
are all that 

AC can be 
1281 points. 
nal expense 
. 

corded each 
of how the 

erature and 
are due to 

nd humidity 
were 11.9 -
lex than the 
will be left 

studied here 
wo cannot be 

ed effect of 
temperature 

onse of the 

0

30

60

90

01/2013

H
um

id
ity

 (%
)

Composite Construction in Steel and Concrete VII 180

© ASCE



 
 

specimens the data excluding the four data points representing the settling of the 
loading underwent a bivariate analysis. Figures 11-16 show the percentage change in 
frequency versus temperature, and the MAC value versus temperature, of the 
fundamental mode for each of the three shear connected specimens. A linear 
regression line along with 95% interval lines for a two sided  distribution of ( − 2) 
degrees of freedom were fitted to each data set. 
  

  
 

Figure 11. B2 1st bending mode          Figure 12. B2 1st bending mode MAC
  

   
 
Figure 13. SS 1st bending mode          Figure 14. SS 1st bending mode MAC
  

   
 
Figure 15. B1 1st bending mode           Figure 16. B1 1st bending mode MAC 
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 Xia et al (2006) showed that for a reinforced concrete slab over a small 
temperature range the effect of temperature can be corrected by applying a scheme 
derived from Clough and Penzien (1993) and Adams et al (1978).  Whilst this is true 
for a concrete slab the effect of the shear connection system used must be taken into 
consideration for steel-concrete composite beams. Comparing Figures 11, 13, and 15 
it is clear to see that the difference in slope of the linear trend line is significant. As 
all the specimens are identical with the exception of the shear connector type used it 
must be the case that the shear connector type has an impact on how greatly a steel-
concrete composite beam is affected by temperature. As such, correction schemes not 
accounting for difference in shear connector would have to be calculated on a case by 
case basis. Figures 12, 14, and 16 show the MAC values corresponding to the data in 
Figures 11, 13, and 15. Generally these MAC values show no change with 
temperature. Xia et al. (2006) also found that environmental factors had no 
appreciable effect on the MAC value of their test specimen. This makes sense as 
environmental factors effect global rather than local beam properties whereas mode 
shapes are sensitive to local changes in beam properties. The same analysis was also 
conducted on selected higher modes, first torsional mode, third bending mode, and 
sixth bending mode. looking at the temperature effect on the frequency of higher 
modes it is clear that for the modes tested the change in temperature effects all tested 
modes equally on a percentage basis. As an example the first torsional mode of the 
SS specimen is shown in Figures 17 and 18. Comparing the slope of the trend line in 
Figure 17 to the slope of the trend line in Figure 13 it can be seen that the change in 
temperature affects these two modes similarly. 
  

     
 
Figure 17. SS 1st torsional mode          Figure 18. SS 1st torsional mode MAC 
 
 The R2 values of the frequency vs temperature plots in Figures 11, 13, 15, and 
17 range from 0.2 to 0.4. This is about half the values gained by Xia et al. (2006). 
However, this doesn’t necessarily mean that there is no relationship between 
temperature and the frequency. Colton and Bower (2002) state that R2 is reflecting 
variation solely obtained from the sampled data. Therefore unmeasured variables 
which also affect the sampled data become sources of error. R2 can be low while 
meaningful relationships exist. Although establishing acceptable levels for R2 across 
applications is inappropriate, Colton and Bower (2002). It is still generally held that 
an R2 of 0.2 to 0.5 shows a moderate linear relationship.  The loading plates introduce 
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a significant measure of uncertainty to the frequency response of the specimens due 
to the interaction of the plates with each other and the upper surface of the concrete 
slab. This is the probable course of the reduction in R2 values of the temperature 
versus frequency plots. Further investigation into this phenomenon will be conducted 
at a later date. The R2 values of the MAC plots range from 0.001-0.04. Even allowing 
for some extra variance in the data due to the presence of the loading plates it must be 
concluded that no significant relationship exists between the temperature and the 
mode shape.  
 
CONCLUSION 
 
 The results show that the dynamic behaviour of the specimens is affected by 
both the load and changes in environmental factors over the course of the year as 
expected. The temperature shows a moderate linear relationship with the frequency 
change of the specimens over the temperature range experienced during the course of 
testing. To directly address the two key points outlined earlier. Firstly, the steel-
concrete composite beams do experience similar effects due to environmental factors 
as those experienced in the experimental studies of Xia et al (2006) and Kim, Park, & 
Lee (2007). Secondly the type of shear connection used affects the extent to which 
the frequency is changed by environmental factors. This is an important conclusion as 
it shows that structures of identical geometry and materials can have a varied 
response under the same environmental conditions. The implication of this is that 
correction schemes for environmental factors need to encompass more than material 
properties to accurately represent observed behaviours. Or, correction schemes need 
to be developed on a case by case basis. Further work to isolate the effect of the 
loading and to incorporate other test data such as humidity, strain, and deflection will 
have to be conducted before any correction scheme is proposed.  
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Abstract 

 
Deltabeam is a hollow slim floor beam made from welded steel plates with 

regular web penetrations. Due to the long spanning capabilities of this product, the 
Deltabeam technology has recently been used in a prestigious shopping centre in the 
UK. As the floor would be subject to continuous walking activities the main 
contractor, Bovis Lend Lease, was concerned with occupant-induced vibrations. This 
paper presents the results from vibration tests conducted by the University of 
Sheffield, which can be compared directly with the requirements given in ISO 10137. 
Through extending the scope of the test results by numerical modelling and applying 
the design rules given in SCI P354, a methodology has been developed to estimate 
the vibration performance for this floor type and is presented. 

 
INTRODUCTION 
 

Serviceability issues relating to the vibration response of steel-framed floors 
are frequently becoming the governing design criteria because: long slender spans 
can be readily achieved; the natural frequencies can be low; the construction is 
relatively light in weight; and the level of damping is generally low. The highly 
publicised vibration serviceability problem with the Millennium Bridge in London 
(Dallard et al., 2001) has focused designer’s attention to issues related to human 
acceptance of vibration.  

In the interests of providing harmonized design guidance for floor vibrations, 
two major European research projects were undertaken (European Commission 
Directorate-General for Research and Innovation, 2006; European Commission 
Directorate-General for Research and Innovation, 2010). Through the JRC-ECCS 
cooperation agreement, the results from this work led to the development of a JRC-
Scientific and Technical Report (Feldmann et al., 2009), which presents a simplified 
design method that is amenable to hand calculations. However, the simple design 
method is only confined to dynamic actions from walking activities (i.e. dancing and 
jumping are not included). Moreover, in a similar way as AISC/CISC Design 
Guide 11 (Murray et al., 1997), the methodology can be difficult to apply when 
eigenmodes other than the first mode are excited by the activity or several modes are 
excited simultaneously and for floors that do not possess a rectangular plan form.  
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The Steel Construction Institute (SCI) Publication 354 (Smith et al., 2007) 
was developed from these European research projects and provides two design 
methodologies: the general design method, which is based on modal superposition 
and is similar to the method given for reinforced concrete construction (Willford et 
al., 2006); and the simplified design method, which was developed from considering 
the results from parametric studies of steel-framed floors using the general design 
method. Although developed on a completely different basis, the simplified design 
method is of a similar form to that given by AISC/CISC Design Guide 11. 

 
HUMAN PERCEPTION OF VIBRATION 
 

Many modern standards describe the severity of human exposure to vibration 
in terms of acceleration. To ensure that the measure of the vibration is not influenced 
by one unrepresentative peak in the response, it is often preferred to express the 
severity of the vibrations in terms of an average measure. The measure in greatest use 
is the frequency-weighted root-mean-square (rms) value, which is given by the 
following equation. 
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where aw(t) is the frequency-weighted acceleration as a function of time (expressed in 
m/s2) and T is the period under consideration and, for vibrations with occasional 
shocks and transient vibration (i.e. walking activities). 
 

 
(a) 

 
 (b) 

Figure 1 (a) ISO 2631-1 directions of basicentric coordinate systems for 
vibrations influencing humans (b) ISO 10137 building vibration curves for z-

axis vibrations 
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The perception of vibrations depends on the direction of incidence to the 
human body. To account for this, most modern standards such as ISO 2631-1 
(International Organization for Standardization, 1997) use the ‘basicentric’ 
coordinate system shown in Figure 1(a) (N.B. the z-axis corresponds to the direction 
of the human spine). The threshold of human perception is defined by a ‘base value’ 
which, for continuous vibrations, is given as an rms acceleration of: 5×10-3 m/s² in 
the z-axis direction; and 3.57×10-3 m/s² in the x- and y-axis direction. However, 
acceptable vibration levels vary with the frequency of the motion and, as a 
consequence of this, it is necessary to filter the acceleration. The appropriate filters or 
frequency weighting parameters, are given in ISO 2631-1 for situations where the 
critical vibration direction is specified according to the directions in Figure 1(a), or 
ISO 2631-2 (International Organization for Standardization,2003) if the critical 
direction is unknown. The base curves in ISO 10137 (International Organization for 
Standardization, 2007) are derived from dividing the base values by the appropriate 
frequency weighting parameter. For example, the base curve for z-axis vibrations 
shown in Figure 1(b) is based on an environment where vision/hand control is 
critical, which corresponds to the Wg frequency weighting curve given in BS 6841 
(British Standards Institution, 1987) whose asymptotic approximation is given by: 
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ISO 10137 covers many vibration environments in buildings. To achieve this 

wide coverage, limits of satisfactory vibration magnitude are expressed in relation to 
the base curve and a series of multiplying factors whose magnitude are dependent on 
the building environment (see Table 1). The multiplying factors in Table 1 are based 
on continuous vibrations and correspond to a ‘low probability of adverse comment’ 
(according to ISO 10137, continuous vibrations are those with a duration of more 
than 30 minutes per 24 hours).  

The base curve for continuous vibrations in the z-axis, together with a range 
of typical factored curves for different building environments, is shown in Figure 
1(b). Each line in Figure 1(b) represents a constant level of human reaction known as 
an isoperceptibility line: the area above a line corresponds to an unacceptable human 
reaction in the corresponding environment. In practice, base curves are rarely used 
because they relate to only a single frequency response. Instead, measured or 
calculated accelerations are attenuated by the frequency weighting parameter 
appropriate to the frequency under consideration (e.g. Equation (2)). 
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Table 1 Multiplying factors used in several countries to specify satisfactory 
magnitudes of building vibration with respect to human response according to 
ISO 10137. 

Place Time

Multiplying factors to base curve for 16h 
day 8h night 

Continuous 
vibration 

Impulsive vibration 
excitation with several 

occurrences per day 

Critical working areas (e.g., some 
hospital operating theatres, some 
precision laboratories, etc.) 

Day 1 1 

Night 1 1 

Residential (e.g. flats, homes, 
hospitals) 

Day 2 to 4 30 to 90 

Night 1.4 1.4 to 20 

Quiet office, open plan 
Day 2 60 to 128 

Night 2 60 to 128 

General office (e.g. schools, 
offices) 

Day 4 60 to 128 

Night 4 60 to 128 

Workshops 
Day 8 90 to 128 

Night 8 90 to 128 

 
To facilitate comparisons of test measurements with the required multiplying 

factors presented in Table 1, the ‘response factor’ is calculated, which is defined as 
the measured frequency-weighted acceleration divided by the appropriate base value. 
The response factor should be less than, or equal to, the limiting multiplying factor 
for the particular floor type (see Table 1). For z-axis vibrations, the response factor is 
given by: 

 Response factor 
3

,

105 −×
= rmswa

  (3) 

 
Generally, walking activities are not continuous; by their very nature they are 

intermittent. For intermittent vibrations, a cumulative measure of the response has 
been found to be more reliable in determining perceptive tolerance levels (Griffin, 
1996). In these cases ISO 10137 gives vibration dose values (VDVs), which describe 
the perception levels due to occasional short-duration vibrations. This allows the 
vibration levels to be higher than the thresholds for continuous vibrations given in 
Table 1 as long as the occurrence is rare. The recommended levels of VDVs for 
residential buildings are presented in Table 2. The general expression for calculating 
VDVs is given by: 
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where VDV is the vibration dose value (in m/s1.75), aw(t) is the weighted acceleration 
(in m/s2) and T is the total period of the day during which vibration may occur (in 
seconds). 
 
Table 2 Vibration Dose Values (m/s1.75) above which various degrees of adverse 
comments may be expected in residential buildings according to ISO 10137 
Place Low probability of 

adverse comments 
Adverse comments 

possible 
Adverse 

comments 
probable 

Residential 
buildings 16h day 

0.2 to 0.4 0.4 to 0.8 0.8 to 1.6 

Residential 
buildings 8h day 

0.13 0.26 0.51 

 
DRAKE’S CIRCUS SHOPPING CENTRE  
 

The Drake’s Circus Shopping Centre in Plymouth is a multi-storey shopping 
centre offering 60,800 m² of retail space. The scheme is arranged over two principal 
trading levels, with the upper level having the addition of mezzanine floors. Beneath 
the trading floors a multi-story car park provides 1270 spaces. This project was one 
of the UK’s first large-scale application of the Deltabeam system which, inter alia, 
enabled the project to be completed 3-months faster than if conventional construction 
methods had been used. Deltabeam is a proprietary steel-concrete composite slim 
floor beam produced by Peikko Group, which is made from welded steel plates with 
regularly spaced circular web penetrations (see Figure 2). The beam is filled with 
concrete, which acts compositely with either pre-cast hollow core, composite, or thin 
shell slabs. The shear connection is developed through concrete dowel action at the 
circular web penetrations. The Deltabeam system possesses a fire rating of up to 120 
minutes without the need for additional applied fire protection. 

 

 
Figure 2 Steel-concrete composite Deltabeam 
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Due to the long-span slender floors on the Drake’s Circus project, concerns 

were expressed at the possibility of vibrations occasioned by walking activities 
causing annoyance to the occupants of the building. In response to these concerns, it 
was decided to conduct vibration testing on the floor. The floor consists of a 75 mm 
deep structural topping applied to 400 mm and 320 mm deep precast concrete hollow 
core units in the car parks and retail areas, respectively. The precast units are, in turn, 
supported by Deltabeams. The three principal floor areas that were considered worthy 
of investigation were: the Level 1 Car Park and Retail Area (10 m span hollow core 
units supported by 8 m span 320 mm deep D32-400 Deltabeams); and the Level 2 
Car Park (16 m span hollow core units supported by 10 m span 400 mm deep D40-
500 Deltabeams). The general arrangement of the three test areas are presented in 
Figure 3. 

 

(a) (b) 

(c) 

 
 

(d) 
Figure 3 (a) Plan of Level 1 Car Park (b) Level 1 Car Park floor during testing 

(c) Plan of Retail Area (d) Plan of Level 2 Car Park 
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IN SITU VIBRATION TESTING 
 

In situ testing was conducted on the areas shown in Figure 3 to: 
experimentally estimate the modal properties of the floors (i.e. natural frequencies, 
modal damping ratios and mode shapes); and to measure the accelerations of the 
floors due to a single person engaged in walking activities, to enable comparisons to 
be made with the acceptability criteria given in ISO 10137 (see Table 1). The 
numbered test grids shown in Figure 3(a), (c) and (d) were used to evaluate the mode 
shapes of the floor to identify the antinode positions (i.e. the maximum point of 
response) in order to plan the critical paths for the subsequent walking tests.  

 
MODAL PROPERTIES OF THE FLOORS 
 

The measured modal properties from Multi-Input Multi-Output (MIMO) 
shaker tests on the three floor areas are presented in Table 3. 

 
Table 3 Modal properties for first six modes of vibration of the floors 
Mode Level 1 Car Park Retail Area Level 2 Car Park 

Frequency 
(Hz) 

Damping
, ζ 

Frequency 
(Hz) 

Damping
, ζ 

Frequency 
(Hz) 

Damping
, ζ 

1 6.0 1.7% 8.9 2.5% 4.96 1.40% 
2 8.1 2.2% 8.9 0.8% 5.11 1.00% 
3 8.3 1.3% 10.3 1.3% 5.50 1.10% 
4 8.7 1.6% 11.0 2.7% 5.77 1.70% 
5 8.8 1.4% 12.1 2.8% 5.81 1.80% 
6 8.9 1.3% 12.5 1.3% 5.82 1.55% 

 
As can be seen from Table 3, in all cases the frequencies to the modes of vibration 
were very closely spaced. This is primarily due to the bending stiffness of the floor 
being concentrated in one direction (this behaviour has also been observed by the first 
author on long-span floors using cellular beams). As a consequence of this, it is 
possible for several modes to be excited simultaneously from walking activities. This 
behaviour is not considered by either the JRC-Scientific and Technical Report or the 
AISC/CISC Design Guide 11.  
In unfurnished ‘bare-construction’ structures SCI P354 recommends a damping value 
ζ = 1.1%. As can be seen from Table 3, the measured values were higher than this 
value and the first mode damping averaged at 1.9%, which supports the use of the 
SCI design recommendations for this type of construction. 
 
MEASUREMENTS OF DYNAMIC RESPONSE DUE TO WALKING 
 

A set of walking tests were carried out for each floor area. Two male participants 
were used JMWB (47-years old; 85 kg; 182 cm) and EPC (28-years old; 95 kg; 178 
cm). The walking path was chosen to be as close to the antinode positions. For each 
subject five tests were carried out at 40 seconds each to controlled pace frequencies 
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of 1.6, 1.8, 2.0, 2.2 and 2.4 Hz (which correspond to the design range of pace 
frequencies given in SCI P354). All measured acceleration time histories were 
weighted according to the Wg curve (see Equation (2)) and the weighted rms 
acceleration aw,rms was taken as the maximum value using an integration time of 1-
second (Equation (1)). To enable comparisons to be made directly with the 
Multiplying Factors given in Table 1, the results were converted to Response Factors 
using Equation (3). Finally, to maximize the value of the tests, VDVs were also 
evaluated using Equation (4). The highest responses measured from the walking tests 
are presented in Table 4. 
 
Table 4 Maximum floor responses measured from walking tests 
Floor Walking 

path on 
Figure 3 

TP with 
max 

response 

Walke
r 

Pace 
frequency 

(Hz) 

aw,rms 
(m/s2) 

Respons
e Factor 

VDV 
(m/s1.75

) 
Level 1 
Car 
Park 

TP36-42 39 EPC 2.2 0.0088 1.77 0.0013 

Retail 
Area 

TP08-14 11 EPC 2.4 0.0140 2.79 0.0029 

Level 2 
Car 
Park 

TP17-31 30 EPC 2.1 0.0112 2.24 0.0017 

 
Although no specific guidance is given in ISO 10137 for multiplying factors 

in retail environments, it is commonly accepted in the UK that the limit should not be 
set lower than that for a general office (Smith et al., 2007); this equates to a 
multiplying factor of 4.0. As the measured maximum floor response factor is 2.79 for 
a 95 kg individual, the floor may be considered to be acceptable for a retail 
environment. It is interesting to note that the AISC/CISC Design Guide 11 permits a 
much higher multiplying factor of 20. However, the present authors are uncertain of 
the correlation between the human acceptance of vibrations with actual floors that 
delivers this level of response. 

 
PERFORMANCE OF SCI P354 METHODOLOGY COMPARED WITH TEST 
MEASUREMENTS 
 

To investigate the performance of the SCI P354 general method, the test 
measurements were compared with the results from finite element (FE) models that 
had been constructed according to the recommendations given in that design guide. 
Figure 4 shows frequency against mode number for both the tests and the FE models 
of each of the floors. Clearly, there is a good fit for both of the car park levels, but 
there is some discrepancy for the Retail Area. It is thought that the discrepancy may 
be caused by extra stiffness contributed from the columns. However, given that the 
difference between the measured frequency and the predicted frequency has little 
effect on the response, the FE models were not refined.  
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Figure 4 Comparison of measured frequencies with predictions made from finite 
element analyses 

 
The FE models of the three floors predict fundamental frequencies of less than 

10 Hz which, according to SCI P354, means that the floors must be considered to be 
capable of responding both resonantly (i.e. the response builds-up over time) and 
transiently (i.e. the floor responds to each footfall independently). Both cases were 
assessed for each floor and the worst response result taken as the prediction of floor 
response.  

In international design guides, the mass of an ‘average person’ is normally 
taken as 76 kg. For the purposes of comparisons made in this section, the response 
factors were normalised to this mass, which resulted in corrected response factors of 
1.42, 1.82 and 1.79 for the Level 1 Car Park, Retail Area and Level 1 Car Park, 
respectively. From a modal superposition of the test results according to the general 
design method given in SCI P354, response factors were predicted for the three floors 
(see Figure 5(a)). In every case the steady-state response dominated. Figure 5(a) 
indicates an unusually high level of fit, and implies that the general design method is 
valid for this floor type. Based on the mode shapes, it is possible to get an 
appreciation of the area of the floor participating in the vibration. The mode shapes 
determined in the testing were found to match those found in the finite element 
modelling very well and were used to develop the proposed simplified design method 
presented in the next section. 
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(a) 

 
(b) 

Figure 5 Comparison of measured response factor with that predicted using (a) 
the SCI P354 general design method (b) the proposed simplified design 

method 
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PROPOSED SIMPLIFIED DESIGN METHOD FOR COMPOSITE FLOORS 
USING DELTABEAM SLIM FLOOR BEAMS 
 

Given the good correlation between the predictions using the SCI P354 
general method and the measurements made on the floor of Drake’s Circus, it was 
possible to develop a simplified design method that is appropriate to floors using 
Deltabeams. The scope of the simplified design method is limited to the following 
conditions: 

• Construction using Deltabeams with precast concrete units and an in-situ 
structural topping of at least 75 mm. 

• The span of the slab should be greater than the span of the beams between 
columns. 

• The fundamental frequency of the floor is between 3 Hz and 10 Hz. 
In other circumstances, the general design method given in SCI P354 may be used. 
 
FLOOR LOADING 
 

The loading used to calculate the frequency and response of the floor should 
be taken as the load equivalent to the self-weight and other permanent loads, plus a 
frequent variable action factor ψ1 times the imposed load (which represents the 
imposed loads that may be reasonably assumed to be permanent during building use 
from, inter alia, office furniture, filing cabinets, etc.). From measurements made on 
office floors (Hicks et al., 2003), it is recommended that ψ1 = 0.1 unless it is known 
that the imposed loads that will be present in service are likely to be higher or lower. 

 
FUNDAMENTAL FREQUENCY 
 

The first mode, or fundamental, frequency of the floor can be determined from: 
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where m is the distributed floor loading as described above (kg/m²), g is the 
acceleration due to gravity (=9.81 m/s²), Lslab is the span of the slab (m), Lbeam is the 
span of the beam (m), EIslab is the stiffness of the slab (Nm²/m) and EIbeam is the 
stiffness of the beam (Nm²) 
(N.B the second moment of area of the cross-section should be based on the 
uncracked concrete properties, with an effective breadth of 1 m in addition to the 
concrete enclosed in the section. The dynamic elastic modulus of Econc = 38 kN/mm² 
should be used for normal weight concrete, or Econc = 22 kN/mm² for lightweight 
concrete). 
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MODAL MASS 
 

The modal mass can be determined from: 
 

  
4

mLL
M yx=  (6) 

 
where m is the distributed floor loading, as defined above (kg/m²), Lx and Ly are the 
dimensions in metres of the rectangular floor area that can be considered to 
participate in the motion (usually the area where the span of the slab between 
supporting beams is identical). Examples of the floor areas that may be considered 
are given in Figure 6. 
 

 

 

Figure 6 Examples of the rectangular floor area on different building 
arrangements that can be considered to participate in the motion a define Lx 

and Ly 
 
FLOOR RESPONSE 
 

The response of the floor can be determined from: 
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ζ22
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a
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(7) 

 
where: Q is the static force exerted by a person, normally taken as 746 N 
(76 kg × 9.81 m/s2), M is the modal mass (kg), ζ is the critical damping ratio which, 
according to SCI P354, can be taken as 1.1% for bare floors and 3.0% for fully 
finished and fitted-out floors and W is the weighting factor from ISO 2631-1, ISO 
2631-2 or SCI P354 (for z-axis vibrations, and environments where vision/hand 
control is critical, Equation (2) may be used) based on the fundamental frequency of 
the floor. 
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ACCEPTABILITY CRITERIA 
 

The floor response calculated from Equation (7) should less than, or equal to, the 
recommended Multiplying Factors given in ISO 10137, SCI P354 or other design 
guidance. 
To demonstrate the performance of the simplified design method, the response of the 
three test floors was predicted using the equations presented above. As can be seen 
from Figure 5(b), the proposed method compares favourably with the measurements 
and can therefore be used with confidence. 
 
CONCLUSIONS 
 

Vibrations in steel-concrete composite floors are not a new phenomenon. 
Indeed, the first guidelines for considering this serviceability limit state were 
developed over 30 years ago. However, as slender floors are increasingly being 
constructed, it is essential that a serviceability assessment of the floor vibration from 
walking activities be fully considered at the design stage.  

Based on the measurements made on the floor of the  Drake’s Circus 
Shopping Centre, the Deltabeam floor performs very well in comparison to standard 
methods of construction by producing responses which are lower than half those that 
would be expected from traditional composite construction. Although no specific 
guidance is given in ISO 10137 for multiplying factors in retail environments, it is 
commonly accepted in the UK that a multiplying factor of 4.0 is appropriate. As the 
measured maximum floor response factor is 2.79 for a 95 kg individual, the floor may 
be considered acceptable for this environment.  

The measured floor frequencies were very closely spaced. This is primarily 
due to the bending stiffness of the floor being concentrated in one direction and has 
been observed on other long-span floors. As a consequence of this, it is possible for 
several modes to be excited simultaneously. Neither the JRC-Scientific and Technical 
Report or the AISC/CISC Design Guide 11 considers this behaviour. 

The SCI P354 general design method compared very well with the 
measurements. A simplified design method for this form of construction is proposed, 
which is amenable to hand calculations, and is shown to compare favourably with the 
measurements. 
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Abstract 
 

The methods proposed by the design codes for single member design in fire 
situation assume that these members are isolated in their response. The real response 
of structural members such as beams is, however, more complex due to thermal 
expansion and the presence of restraints against this expansion by the surrounding 
structure. It is therefore imperative to study the response of structure at high 
temperature in a way which includes its interaction with its surroundings such as in a 
full-scale fire test and in numerical analysis. This paper focuses on the numerical 
investigation of steel beams, with a concrete slab and connected to concrete filled 
tubular (CFT) columns through reverse channel connections. The finite element 
software ABAQUS has been used in this study. The aim of the investigation is to 
study the behaviour of the composite steel-concrete beam exposed to increasing 
temperature in fire. 

 
1. INTRODUCTION 

 
The conventional method for analyzing the design strength of a structural 

member has been the ‘’standard fire test’’. In the standard fire test an isolated 
structural member such as a beam or a column is subjected to increasing temperature 
according to a temperature-vs-time relationship based on the ISO 834 standard fire 
curve. The drawback of a standard fire test is that it is not representative of the real 
behaviour of a structural member exposed to fire in a framed structure due to two 
reasons; It does not consider the interaction of a member with its surrounding 
structure during fire exposure and also that the standard fire is not representative of a 
natural fire [Wald et al 2006]. The interaction with the surrounding structure through 
the connections can have both beneficial and adverse impact on the robustness of the 
overall structure with respect to its resistance to fire. The redistribution of the load 
taking place at high temperature from the heated parts to the colder parts of the 
structure adds to this robustness. On the contrary failure of the connection region for 
example during the cooling phase might cause a sudden failure. 
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One way to study the restrained response of a steel beam to fire is to study the 
behaviour of a sub-frame assembly consisting of a steel beam supported by columns 
at each end exposed to fire as shown in Figure 1 [Lopes et al 2013]. The test setup is 
in the form of a ‘rugby goalpost’ where the columns provide the required restraints to 
the beam during its exposure to high temperature. Lopes et al performed a series of 
tests on the sub-frame setup to study the behaviour of reverse channel connections 
with respect to restrained thermal expansion of the beam, its yielding or buckling and 
at the catenary stage [Lopes et al 2013]. 

 
Fig. 1: Sub-frame test setup [Lopes et al 2013]. 

 
Full scale fire tests on building are very rare due to the cost and complexity 

involved in carrying out such tests. A series of tests carried out on steel framed 
building at the Cardington facility of the Building Research Establishment (BRE) 
provided a unique opportunity for studying the real behaviour of real structures and 
their components exposed to fire. Results from Cardington tests have been 
extensively used for validation of numerical models. In the tests it was observed that 
in the regions near the connections, the beams underwent local buckling of the 
bottom flange and web of the beam. The local buckling happens due to the thermal 
expansion of the beam under axially restrained conditions. The upper flange, due to 
the restraint from the concrete slab, did not undergo any buckling. The buckling of 
the bottom flange releases the hogging moment at the supports and thus enables the 
beam to behave as a simply supported beam, which subsequently allows for large 
deflection in the beam [Wald et al 2006]. 

Establishing simplified design procedures that can predict the restrained 
behaviour of steel beams in fire are very important as design tools. Yin and Wang 
have proposed one such analytical procedure which can be used to predict the 
behaviour of a restrained steel beam under the wide range of temperature starting 
from the initial heating to the catenary stage at very high temperatures [Yin and 
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Wang, 2005]. It is very important to determine if the proposed method is able to 
predict the restrained behaviour of beam satisfactorily and the way to ascertain this 
could be to compare test results or validated finite element model results to the results 
from the proposed hand calculation procedure. The following sections will provide 
details of the hand calculation procedure as well as the comparison between the 
results obtained from the hand calculation procedure and those from finite element 
models of sub-frames. 

 
2. Analytical Model 

 
The analytical model used here for comparison to FEM has been proposed by 

Yin and Wang in their publications [Yin and Wang 2005]. The detailed model is not 
presented here but its general concept is described as follows. The method is intended 
to describe the behaviour of a steel beam, which is axially and rotationally restrained 
at the supports, at elevated temperatures. The beam axial force and the midspan 
deflection, as a function of increasing temperature, are the parameters measured from 
this model. The general trend of the variation of the axial force in the beam with 
respect to increasing temperature can be seen from Figure 2. The variation of the 
axial force with respect to increasing temperature can be divided into three distinct 
phases described as follows: 

 

 
Fig. 2: Axial force variation with respect to increasing temperature. 
 

Phase I: 
 
As the beam is exposed to increasing temperature, initially the thermal 

expansion of the beam will be restrained by the surrounding structure. This restrained 
thermal expansion will produce compressive force in the beam whose magnitude will 
depend on the level of the stiffness of axial restraint. The compressive force in the 
beam will continue to increase until the beam cross sectional yield limit is reached 
under the combined effect of the bending moment due to applied loading and the 
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axial compressive force due to restrained thermal expansion. For a slender beam, 
however, the beam will undergo flexural buckling before the yield limit is reached. 

 
Phase II: 

 
When the beams capacity is reached in compression, it starts exhibiting 

vertical deflection at an increasing rate. The vertical deflection of the beam 
introduces contraction of the beam at the ends, which compensates for some of the 
thermal expansion. This results in the reduction of the compressive force in the beam 
and goes on decreasing with the increasing vertical deflection until a limit is reached 
i.e. the beam contraction becomes equal to its thermal expansion. At this point the 
axial force in the beam is equal to zero and the temperature of the beam corresponds 
to the conventional critical temperature i.e. the temperature at which the bending 
moment resistance of the beam is equal to the bending moment due to applied 
loading. 

 
Phase III: 

 
Beyond the conventional limiting temperature the beam will not be able to 

resist the applied loading through flexural resistance alone. The catenary action in the 
beam will provide the additional resisting mechanism as the axial force in the beam 
now becomes tensile. The vertical deflection of the beam now starts to increase at a 
very high rate as the flexural resistance of the beam is reduced significantly and the 
bending moment resistance is offered by the product of the resisting tensile axial 
force at the connections and the midspan deflection. The axial force continues to 
increase until a limit is reached which is imposed by either the capacity of the 
connection components to the axial force or the yield of the beam cross section in 
tension. 

The hand calculation procedure presented above has been validated against 
finite element model results using the sub-frame model, which provides 
simultaneously flexible axial and rotational restraint to the beam in a detailed study 
[Iqbal 2013]. Results from that study have also been used here for comparison as 
discussed below. 

 
3. Finite Element Model (FEM) 
3.1 Test setup and mesh 

 
The sub-frame setup is shown in Figure 1, which consists of a steel beam 

supported by a concrete filled tubular (CFT) column at each end. The connection 
between the steel beam and the CFT column consist of a channel section whose legs 
are welded to the face of the column section and the web is bolted to the endplate of 
the steel beam as shown in Figure 3. The dimensions of the different components of 
the sub-frame setups used in the fire tests and then for validation of the FE-models 
are provided in Table 1. 

The model is created using finite element software ABAQUS. All parts of the 
sub-frame are modelled using 3D reduced integration solid elements C3D8R. The 
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concrete slab on top of the steel beam is introduced later in the model, which is 
modelled by using four node shell elements S4R. 

 

 
Fig. 3: The connection region between steel beam and the CFT column. 

 
Table 1. Dimensions of the Sub-frame components 
Setup Column Beam Connection Beam span [m] 

1 SHS 250x8 
UB 178x102 
x19 

UK SHS 180x42.7 2 

2 SHS 250x10 IPE300 U200x90x10 5 
3 SHS 250x10 IPE300 U200x90x8 5 
4 SHS 250x10 IPE300 U200x90x12 5 

 
3.2 Temperature application 

 
The temperature is applied to the beam by assigning it as a predefined field to 

the different regions. In the initial step the 20°C temperature is applied to the whole 
model which is then increased in the ‘heating’ step according to an amplitude curve 
defining the temperature vs. time relationship. The temperature gradient through the 
depth of the beam is defined by means of splitting the beam into two zones i.e. the 
top zone (top flange) and the bottom zone (bottom flange plus web) and applying 
different temperature to them separately as shown in Figure 4. The temperature of the 
top zone will be slightly lower than the bottom zone due to the heat sink effect of the 
concrete slab. According to EN 1994-1-2 the temperature of the web can be taken as 
equal to that of the bottom flange if the height of the beam does not exceed 500 mm, 
which holds true for the given beam dimensions and therefore using same 
temperature for the web and the bottom flange is not without justification [Hanus F. 
2010]. 
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Fig. 4: Temperature gradient through the web of the beam as a predefined field. 

 
3.3 Analysis procedure 

 
The FE-analysis of the sub-frame model without the slab was performed using 

the ABAQUS implicit solver. The convergence problems due to material softening at 
very high temperatures are taken care of by introducing artificial damping in the 
model through ‘dissipated energy fraction’ option in ABAQUS. Introducing the 
concrete slab on top of the steel beam in the model produced convergence problems, 
which are then solved by performing a quasi-static analysis using the dynamic 
explicit solver. Variable non-uniform mass scaling with a target time increment of 5e-
6 sec was used. Duration of load application step was set to last for 1.0 sec, while 
heating step, with thermal action lasted for 4.0 sec. 

 
3.4 Validation of FE-Model 

 
The finite element models of the sub-frames are validated against the 

laboratory fire tests conducted on the list of sub-frame setups shown in Table 1. The 
parameters that are compared between the fire tests and the FE-models include the 
maximum compressive force, the maximum tensile force and the maximum midspan 
deflection in the beam. These parameters are measured as a function of increasing 
temperature for both fire tests and FE-analysis. The results shown in Figure 5 to 
Figure 6 show the comparison between the two [Iqbal 2013]. 
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Fig. 5: Comparison between Tests and FEM (Maximum tensile and compressive 
force). 

 

 
Fig. 6: Comparison between Tests ad FEM (Midspan deflection). 

 
The results show that maximum compressive force in the beam is very closely 

matched between the tests and the FE-analysis. The maximum tensile force exhibits 
comparatively more scattered results for the comparison between the tests and FE-
analysis. The midspan deflection is seen to be higher in the tests than the FE-models 
which could be attributed to the generally stiff behaviour of the FE-model. 

 
3.5 FE-Model with concrete slab 

 
In a real structural frame a composite steel beam is always supporting a 

concrete deck and the interaction between them is usually through steel studs welded 
on the top surface of the top flange of the steel beam and embedded into the concrete 
deck. These studs transmit the longitudinal shear at the interface between the steel 
beam and concrete deck. The interaction between the concrete deck and the steel 
beam will produce a composite action in the beam, which might produce a response 
of the beam in fire that is very different than a steel beam without concrete deck.  

The concrete deck is added to the sub-frame model as a shell using S4R 
elements whose reference surface (chosen as the ‘Bottom surface’ in the shell offset) 
coincides with the top surface of the beam top flange. Figure 7 shows the concrete 
deck on the top flange of a sub-frame model with its rendered thickness. The model 
also shows a beam on the opposite side of the column, which is introduced to model 
the continuity of the slab at the connection region. 

 

0.00

0.03

0.05

0.08

0.10

0.13

0.15

0.00 0.03 0.05 0.08 0.10 0.13 0.15

[F
EM

]  
F a

xi
al

/N
b,

R
k

[Tests]  Faxial/Nb,Rk

Maximum Compressive Force

0.00

0.03

0.05

0.08

0.10

0.13

0.15

0.00 0.03 0.05 0.08 0.10 0.13 0.15

[F
EM

]  
F a

xi
al
/N

b,
R

k

[Tests]  Faxial/Nb,Rk

Maximum Tensile Force

0

100

200

300

400

500

0 100 200 300 400 500

[F
EM

]  
D

ef
le

ct
io

n 
[m

m
]

[Tests]  Deflection [mm]

Maximum Midspan deflection

Composite Construction in Steel and Concrete VII 205

© ASCE



 
Fig. 7: FE-Model of the sub-frame with the concrete deck as a shell. 

 
Symmetry boundary conditions are applied along the longitudinal edges of the 

slab, which means that similar parallel sub-frames are present. At the cross sectional 
edges symmetry boundary conditions are again used since only half the sub-frame is 
modeled utilizing the symmetry with respect to the midspan of the beam. The other 
boundary of the concrete slab is located in the adjacent compartment which could 
either be fire compartment or not which makes it unclear what will happen there. The 
interaction between the top flange of the beam and the concrete deck is modeled by 
using a tie constraint at the interface, which would model full interaction and not 
consider any reduction in stiffness due to slipping of the studs. The reinforcement 
bars are entered into the concrete deck by defining the ‘Rebar layers’ as part of the 
shell section properties. The diameter of each bar is 6mm with 200 mm spacing 
between adjacent bars and applied in both long and short directions of the slab. 

 
4. Results 
4.1 Without concrete slab (FEM vs. HCM) 

 
A steel beam without a concrete slab is expected to be at uniform temperature 

through the span and the cross section since the heat sink effect of the concrete slab is 
absent and steel itself has very good heat conduction properties. Figure 8 shows how 
the axial force in the beam changes as a function of changing temperature for setup 1 
from Table 1 and uniform temperature distribution. The comparison between the 
proposed hand calculation procedure described above and the FE-analysis in Figure 8 
shows how closely the hand calculation procedure is able to predict the axial force in 
the beam. 
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Fig. 8: Axial force in the beam as a function of temperature (HCM vs FEM). 

 
The limit on the maximum catenary force in the beam is imposed by the 

capacity of the beam in tension. In reality however the connection components will 
impose the limit on the beam capacity as can be seen from Figure 8 the resistance of 
the bolts in tension is reached earlier than the cross section of the beam could 
undergo yielding under tension. Protecting the connection region will, however, 
increase their capacity in tension due to a lower temperature and thus prevent 
connection failure. 

A concrete slab present at the top flange of the beam will impact the 
temperature distribution through the beam cross section due to the heat sink effect 
brought about by it. The temperature gradient depends on the height of the beam 
cross section and as was discussed in Section 3.2 the temperature in the bottom flange 
and the web can be considered as the same according to Eurocode. The reduced 
temperature will only be in the top flange of the beam which is in contact with the 
concrete slab. Setup 4 with a beam in the opposite direction of the column is used for 
comparison between the hand calculation procedure and finite element results for a 
slightly lower temperature of the top flange than the web and bottom flange. This 
example is shown to see the effect of the temperature distribution alone without the 
composite effect due to the presence of the concrete slab. Figure 9 shows the 
variation of the axial force in the beam with temperature. 
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Fig. 9: Axial force in the beam as a function of temperature (HCM vs FEM). 

 
The maximum compressive force in the beam is slightly overestimated by the 

hand calculation procedure which is conservative. FE results for the cooling phase 
shows that the tensile force is increasing in the beam due to contraction.  It can be 
seen that at 20°C the level of the tensile force in the beam is around 200 kN. Once 
again the important thing to consider would be the level of strains in the bolts and 
they are able to resist these tensile strains. Figure 10 shows the deformed shape of the 
connection components at maximum catenary stage. The level of strains is well 
beyond the limit and therefore the upper row of bolts has already failed at this of the 
catenary force in the beam. In the uniform temperature case the plastic hinge is 
formed in the beam near the connection, which releases the hogging moment from 
acting on the connection region. 

 

 
Fig. 10: Deformed shape of the connection region at maximum catenary force. 
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4.2 With concrete slab (comparison with the beam without slab) 

 
Adding the concrete deck on the top flange which is constrained to it through 

tie constraints will induce a composite action in the beam. The beam is expected to 
behave in a much stiff manner than it was without the concrete deck. Initially as the 
temperature increases the lower part of the steel beam (web and bottom flange) being 
at a much higher temperature compared to the top flange and the slab will undergo 
considerable expansion. This differential expansion will induce tensile stresses in the 
slab as shown in Figure 11 which will exceed the tensile cracking strain already 
around 150°C. 

 

 
Fig. 11: Maximum In-plane Plastic Strains in the concrete deck. 

 
The variation of the axial force and the vertical midspan deflection in the 

composite beam as a function of the temperature is shown in Figure 13 and Figure 14 
respectively. The axial force in the beam is seen to be exclusively compressive and 
no catenary action is observed in the beam. As the beam starts to cool down from its 
maximum temperature of 900°C the compressive force is seen to decrease. The 
maximum deflection observed in the beam is very small (around 30 mm) and as the 
beam cools down a reverse bowing is observed which causes the beam to bend in the 
opposite direction. The connection components are observed to be not subjected to 
very large forces in this case as they were in the case of no concrete deck. 

The behaviour of the composite beam can be attributed to the very stiff 
interaction between the concrete deck and the top flange of the beam. It is understood 
that the steel beam will have very low stiffness at temperatures in excess of 600°C at 
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which stage the beam normally starts to transit into the catenary phase. Figure 12 
shows the stress distribution the steel beams at around 140°C before the concrete in 
the composite beam cracks. The steel beam in the composite section has no 
compressive stresses yet at this stage which could be attributed to its interaction with 
concrete deck which resists its thermal expansion. In a real situation the behaviour of 
the slab would be more like a membrane action. The other important aspect need to 
be considered here is that the interaction between the top flange and the concrete deck 
is also very stiff whereas in reality this interaction will take place through studs 
welded to the top flange and embedded into the concrete deck. This interaction will 
have a finite stiffness and not the full interaction considered here in the given 
situation. 

 
 

 

with slab 

 

 
 

 

without slab 
Fig. 12: Longitudinal stresses in the steel beams at 140°C. 
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Fig. 13: Axial force vs. temperature. 

 

 
Fig. 14: Midspan deflection vs. temperature. 

 
5. Conclusions 

 
This paper presents a comparison between proposed hand calculations 

procedure and the finite element results. This is done by using the finite element 
models validated against test data, as the validation examples [Iqbal 2013]. For the 
sake of comparison each model is subjected to uniform temperature and temperature 
gradient through the depth of the cross section each separately loaded with 0.4 and 
0.6 times the cross sectional bending moment capacity of the beam at ambient 
temperature. The supports consisting of the reverse channel connection and 
supporting columns provide finite axial and rotational restraint stiffness to the beam, 
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which is taken into account in the improved hand calculation method [Iqbal 2013]. 
The results show that such hand calculation procedure can predict the beam 
behaviour with sufficient accuracy especially in the case of uniform temperature 
distribution. 

At the maximum catenary force in the steel beam it has been observed that the 
level of strains produced in the top bolt row are in excess of 20%, which are enough 
to cause their rupture. This indicates that the limit to the maximum catenary (tensile 
force) in the beam is limited by the capacity of the connection components (in this 
case bolts). It is therefore very important to determine if the capacity of the 
connection components is enough to withstand these forces to prevent sudden failure 
(especially in the case of bolt failure). 

The concrete deck addition to the top flange of the beam has shown that the 
behaviour of the beam, in the particular example considered, becomes very stiff due 
to the presence of composite action between the steel beam and the concrete deck. 
Maximum deflection in the steel beam at 750°C (critical temperature) is 200 mm 
whereas for the composite beam it is only around 30 mm. The level of axial force at 
the same temperature is almost zero for the steel beam without slab whereas for the 
composite beam the axial force is around 500 kN compressive force. It is however 
important that for accurate modeling of the composite action, which is much closer to 
real composite beam behaviour, the slab is modeled with membrane action in the 
transverse direction and also that the interaction between the top flange and concrete 
deck by realistically modeled by modeling the studs with finite strength and stiffness. 
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Abstract 
 

For the fast construction of bridges, it is necessary to design bridges as light 
and modular superstructures. For this purpose, a new composite bridge constructed 
by segmental method is suggested, which consists of concrete filled steel tubular 
girders and prefabricated concrete decks (Kim 2010). This paper presents a study of 
the structural behavior of the proposed CFT truss girder at a continuous under 
negative bending moment. A numerical analysis is performed to verify the structural 
behaviors of CFT truss girder in continuous support. Based on the results of a 
numerical analysis, a model with a continuous composite member shape is fabricated 
and static tests are conducted. 
 
1.  INTRODUCTION  
 

As the deterioration of public infrastructures and cost saving for the 
construction of public infrastructure business becomes an issue, the topics of rapid 
construction methods for economic feasibility, durability and maintenance of civil 
structures have become a major challenge. New technology, research and 
development related to these subjects have been furthered in response to this growing 
challenge. From the point of view of cost saving and upgrading construction 
efficiency, interest in composite construction, which referred to as compound 
structure or hybrid structure, has increased in order to address that need. At this point, 
composite and compound bridge types using concrete filled steel tube (hereinafter 
referred to as "CFT"), have maximized the advantages of each main 
materials ,concrete and steel, in  construction. Furthermore, CFT bridges have an 
excellent appearance, are economical, lightweight, and efficient to maintain, leading 
to various studies being conducted. 

Pre-fabricated types of truss girder bridge systems, which are designed to 
improve the construction of CFT bridges, will be introduced in this study. For the 
construction of pre-fabricated CFT girder bridges, separate segments were 
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Figure 10. Experiment specimens for negative bending moment onto continuous 

supporting points of CFT. 
 
3.2 Specimen and test set-up  
 

An experimental model to test the continuous supporting points of CFT truss 
girder bridges was manufactured in a factory with a single steel truss with a length of 
10m and a width of 3.0m. It was filled with concrete for upper and lower chords. The 
process is shown in Figure 11. Bridge decks were combined with precast concrete 
decks. The size of a deck was 2.0m in length and 3.6m in width and a total of 5 deck 
panels were made. Authors have introduced a compressed force of 7MPa for the deck 
through internal tendons to integrate with decks.  

In order to measure gauges were attached in multiple locations as shown as 
Figure 12. A total of 120 gauges were attached to measure the steel strain and the 
deflection of cantilever sections and 1/4 length sections of the spans were measured 
through LVDTs. Concrete strain gauges were also attached on the deck floors. Five 
steel strain gauges are mounted on the top, S1, S2, S3 and the bottom of each chord 
which are divided by the same angle as shown as Figure 12(a) and 11(b). 
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3.3 Experiment results 
 

The experiment on the continuous supporting points was conducted twice. 
First, authors conducted a negative bending moment experiment on the CFT truss 
girders of the experimental specimen. At this time, the loads applied to experiment 
specimens were controlled to move within a range of their elastic behavior. The 
second experiment was conducted after combining precast decks on CFT truss chords. 
The applied load was about 800kN in the case of non-combined decks and, after 
combining the decks, a load of up to 3600kN was applied resulting in the destruction 
of the specimen. 

Test results are as shown as in Figure 13 and 14, for continuous supporting 
points of CFT truss without combining decks and Figure 15 and 16 show test results 
for continuous supporting points of CFT truss with presterssed, precast decks. 
 

           
(a)                                                        (b)  

Figure 13. Strain curves of upper and lower chords at the center: (a) upper 
chords; (b) lower chords. 

           
(a)                                                     (b)  

Figure 14. Strain curves of upper and lower chords at 1/4 length points: (a) 
upper chords; (b) lower chords. 
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(a)                                                     (b)  

Figure 15. Strain curves of upper and lower chords at the center: (a) upper 
chords; (b) lower chords. 

           
(a)                                                              (b)  

Figure 16. Strain curves of upper and lower chords at 1/4 length points: (a) 
upper chords; (b) lower chords. 

 
The authors are planning to proceed with the analytical study on nonlinear 

materials using three-dimensional SOLID elements for further experiments on 
experiment specimens of continuous bridges with truss girder combined with precast 
concrete decks as well as the evaluation of the behavior of specimens used in 
experiments. Through analytical study, the authors will review the nonlinear behavior 
of the specimens in experiments and then compare and examine them using their 
experiment values. 
 
4. CONCLUSION 
 

The CFT truss girder bridge is a combined bridge technology that secures 
safety and economic feasibility. The method maximizes the structural mechanics and 
structural merits of the truss shape. A CFT truss girder bridge has an excellent 
appearance and see-through view, and can be manufactured simply and reduces many 
of the reinforcing members necessary for the fabrication of steel bridges. It has huge 
merits with regard to efficiency of installation, due to minimal costs associated with 

0

500

1000

1500

2000

2500

3000

3500

4000

-2000 -1000 0 1000

Lo
ad

 (k
N

)

Strain (X10E-06) 

UPPER CHORD(Top)

UPPER CHORD(S2)

UPPER CHORD(S3)

UPPER CHORD(S4)

UPPER CHORD(Bottom) 0

500

1000

1500

2000

2500

3000

3500

4000

-3000 -2000 -1000 0

Lo
ad

 (k
N

)

Strain (X10E-06) 

LOWER CHORD(Top)

LOWER CHORD(S2)

LOWER CHORD(S3)

LOWER CHORD(S4)

LOWER CHORD(Bottom)

0

500

1000

1500

2000

2500

3000

3500

4000

-400 -200 0 200

Lo
ad

 (k
N

)

Strain (X10E-06) 

UPPER CHORD(Top)

UPPER

CHORD(Bottom)

0

500

1000

1500

2000

2500

3000

3500

4000

-1200 -900 -600 -300 0

Lo
ad

 (k
N

) 

Strain (X10E-06) 

LOWER CHORD(Top)

LOWER CHORD(Bottom)

Composite Construction in Steel and Concrete VII 224

© ASCE



steel tube manufacturing at a factory. The pre-fabricated CFT truss girder bridge, 
which strengthens the merits of the CFT truss girder and enhances constructability, 
can be applicable to all kinds of bridges up to 100m in span length due to it having a 
girder segment without limitation that can span the length of bridges. Especially by 
applying it on middle and long spans of over 50m, it can save more than 20% of steel 
parts used in construction and it also provides a cost saving of more than 10% of the 
construction cost. In addition to relatively short spans of 20m – 60m in length, CFT 
truss girder bridges are expected to be an alternative solution for acquiring economic 
feasibility, construction performance and safety for long spans of more than 60m, 
which are very limited and harder to adapt to regular steel bridges.  
 
REFERENCES 
 
American Concrete Institute (2002). Building code requirements for reinforced 

concrete(ACI, 318-02) and Commentary (ACI 318R-02). 
Elchalakani, M., Zhao, X. L. and Grzebieta, R. H. (2001). “Concrete-filled circular 

steel tubes subjected to pure bending.” Journal of Constructional Steel 
Research, 57(11): 1141-1168. 

Gho, W.M. and Liu, D. (2004). “Flexural behaviour of high-strength rectangular 
concrete filled steel hollow sections.” Journal of Constructional Steel 
Research, 60(11): 1681-1696. 

Han, L.H. (2004). “Flexural Behaviour of Concrete-Filled Steel Tubes.” Journal of 
Constructional Steel Research, 60(2): 313-337. 

Lu, Y.Q. and Kennedy, D. J. (1994). “The flexural behaviour of concrete filled 
hollow structural sections.” Can. J. Civil Eng, 21(1):  111-130. 

Wheeler, A.T. (2000). “Thin-walled steel tube filled with high strength concrete in 
bending.” Engineering Foundation Conferences, Composite Construction 
IV, Banff, Alberta, Canada. 

 

Composite Construction in Steel and Concrete VII 225

© ASCE



 
 
 

Behaviour and Design of Composite Beams Subjected to Combined Bending and 
Axial Forces 

 
 

G. Vasdravellis, M.ASCE1; B. Uy, M.ASCE2; E. L. Tan3; and B. Kirkland2 
 
 

1Institute for Infrastructure and Environment, Heriot-Watt Univ., Edinburgh EH14 
4AS, U.K. E-mail: g.vasdravellis@hw.ac.uk 
2Centre for Infrastructure Engineering and Safety, Univ. of New South Wales, 
Sydney, NSW 2052, Australia. E-mail: b.uy@unsw.edu.au; b.kirkland@unsw.edu.au 
3Institute for Infrastructure Engineering, Univ. of Western Sydney, Locked Bag 1797, 
Penrith, NSW 2751, Australia. E-mail: e.tan@uws.edu.au 
 
Abstract 
 

Steel-concrete composite beams can often be subjected to combined bending 
and high axial forces. However, the moment-axial force interaction in composite 
beams is not covered by the current codes of practice. An experimental investigation 
comprising twenty-four full-scale tests was conducted recently in the University of 
Western Sydney, aiming to investigate the behaviour and ultimate strength of 
composite beams under bending and axial forces. Nonlinear finite element 
simulations and parametric studies complemented the tests. It was found that the 
moment capacity of a composite beam is reduced in most situations under 
simultaneous axial loading. Partial shear connection does not alter the shape of the 
interaction curve, but it affects the ductility of the beam and the amount of axial load 
transferred to the slab. Based on the experimental and numerical results, simplified 
design rules are proposed to account for the effect of axial loads on the bending 
capacity of composite beams. 
 
INTRODUCTION 
 

Composite construction of steel and concrete is a popular structural method 
due to its numerous advantages against conventional solutions. The optimal 
combination of the properties of the two most popular construction materials, i.e. 
steel and concrete, results in structures that are both safe and economic. Composite 
action between the steel beam and the reinforced concrete slab, which is commonly 
achieved through the welding of shear studs to the top flange of the beam, results in 
significant reduction of beam deflections, enabling the use of smaller steel sections 
compared with bare steel systems. 

In engineering practice, there are situations where composite beams are 
subjected to combined actions, e.g. simultaneous action of positive or negative 
bending and axial tension or compression. Such examples include: a) in floor beams 
where the axial force can either be as part of a specific bracing system or where the 
beam acts as part of a diaphragm; b) high-rise frames where the effects of wind 
loading become significant and can impose large axial forces on the beams of the 
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building; c) structures where inclined members are used, e.g. stadia beams or inclined 
parking ramp approaches; and d) bridges, where inclination and traffic loads may 
introduce large axial forces on the supporting beams. 

Current structural codes, e.g. Eurocode 4, AISC 360-10 and AS2327-1, do not 
provide specific rules for the design of composite beams under combined axial forces 
and bending moments; they refer to rules established for bare steel sections. Since the 
behaviour of a composite beam differs substantially from that of a bare steel section, 
the moment-axial load interaction of composite beams still deserves further 
investigation. Despite the large amount of available experimental data on the flexural 
behaviour of composite beams, experimental data on the behaviour of composite 
beams under combined loading is rather limited. Previous research works on 
composite beams under combined actions include those by Uy and Bradford (1993), 
Uy (1996), Nie at al. (2009), Tan and Uy (2009), Baskar and Shanmugam (2003), Uy 
and Tuem (2006). 

The effects of axial tension on the sagging and hogging moment regions of 
composite beams were studied in Vasdravellis et al. 2012a and 2012b. In this work, 
the ultimate strength of composite beams subjected to combined actions was 
investigated by experimental tests, rigid plastic sectional analyses and extensive finite 
element simulations. Interaction curves were established and simple design rules 
were proposed for use in practice. Composite beams under the effects of axial 
compression and negative bending were studied in Vasdravellis et al. 2012c. 
Simplified design rules and detailing at the regions of continuous supports were 
proposed for the more efficient design of continuous composite beams. This paper 
summarizes the main experimental results, the numerical analyses, and the proposed 
design models for composite beams under combined bending and axial force. The 
preliminary results on the axial compression – positive bending interaction are also 
presented. 
 
EXPERIMENTAL PROGRAM 
 

The relevant geometry and details of the reinforcement and shear studs are 
shown in Fig. 1. All specimens were constructed with a 600mm-wide and 120mm-
deep concrete slab connected to a UB203x133x30 universal beam section. The beam-
to-slab connection was achieved through 19mm-diameter, 100mm-long headed shear 
studs welded in a single line along the centre of the top flange of the steel beam. 
Specimens tested under positive bending had partial shear connection equal to about 
0.6 and specimens tested under negative bending had full shear connection. 
Longitudinal and transverse reinforcement was placed in the concrete slab in the 
arrangement shown in Fig. 1. 

Two 10mm-thick web stiffeners were welded between the beam flanges at the 
point of the vertical load application to prevent premature web buckling due to the 
concentrated midspan load. In addition, specimens subjected to compression were 
reinforced by using a series of web and flange stiffeners at the two ends of the beam 
(see Fig. 1). This configuration aimed to avoid local failure due to large stress 
concentration at the points of the axial load application and allowed for the high 
compressive loads to be partly transferred to the composite cross section at the 
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midspan. Lateral bracing was placed along the length of the beams subjected to 
negative bending to eliminate the possibility of lateral-torsional buckling failure 
mode. The lateral bracing consisted of steel rectangular members anchored on the 
edges of the concrete slab and welded on the bottom (compressive) flange of the steel 
beam. 
 
Material property tests 

 
Both concrete and steel material property tests were performed to obtain the 

actual strength of the materials. Concrete tests consisted of standard cylinder 
compressive tests and flexural splitting tests. The latter aimed to determine the tensile 
strength of the concrete. The cylinders were 200mm high with a diameter of 100mm, 
while the flexural tests were performed on 100x100x400mm specimens. The mean 
compressive strength of concrete was 24 MPa and the mean tensile stress was 2.8 
MPa. Tensile tests were also conducted on coupons cut out from the flange and web 
of the steel beams as well as the reinforcing bars. The mean values of the yield 
stresses were 365 and 388 MPa for the flange and the web, respectively. 

The load-slip characteristics of the shear studs were evaluated by conducting 
three push-out tests for each loading combination. The push-out specimens were 
constructed using shear studs and concrete from the same batches as those used to 
form the steel-concrete composite beams in the main experimental series. Each of the 
push-out specimens were tested following the testing procedure described in 
Eurocode 4 [2]. The resulting load-slip curves showed that the average capacity of 
one shear stud is about 110kN, while the maximum slip achieved during the tests 
varied from 8 to 14mm (Vasdravellis et al. 2012b). 

 
Experimental setup 
 

A combination of load actuators was used to produce simultaneous bending 
and axial forces in the composite beam specimens. The vertical load was applied with 
the use of a 1000kN-capacity hydraulic actuator with a usable stroke of 250mm. To 
apply positive bending the beam was positioned with the slab above the steel beam, 
and to apply negative bending the beam was positioned with the slab underneath the 
steel beam. Fig. 1 shows the test setup for negative bending application. The axial 
load was applied using four 800kN-capacity hydraulic actuators placed in parallel. 
Therefore, this system was capable of applying a maximum 3200kN tensile or 
compressive axial load with a 200mm usable stroke. The axial compressive load was 
transferred to the composite beam section by the use of a plate which was welded to 
the steel beam section and a triangular spreader plate of equal width as the beam 
flange, i.e. 134mm, as schematically shown in the test setup of Fig.1. In this way the 
loaded area was the area of the steel beam plus a portion of the slab area equal to the 
width of the spreader plate times the depth of the slab. The tensile load was 
transferred through the steel beam section. 
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Instrumentation 
 

A combination of LVDTs and strain gauges was deployed to record the 
relevant parameters and to obtain the experimental behaviour of the beams. An 
automatic data acquisition system was used to automatically record data from all 
measuring devices including load cells, strain gauges and LVDTs throughout the test. 
Strain gauges were used to measure strains of the steel beam and reinforcing bars. 
Strain gauges were located in sets of seven through each cross-section with one set at 
midspan and one set at each quarter point, as shown in Fig. 1. LVDTs were used to 
measure the deflection of the beam. These were placed at the midspan and at the 
quarter points. The connector slip and interface slip were also measured by LVDTs. 
The slip was measured at the ends, quarter points and midpoint. 

 
Test procedure 

 
One pure bending and one pure axial load test was performed initially for 

each of the four experimental series. Subsequently, five tests were conducted for each 
of the bending – axial force combinations. The vertical loading was applied in 
incremental steps in the order of 10% of the theoretical design strength of the 
composite section. To obtain different levels of axial force, the increments of applied 
axial load were varied. Both loads were increased until either material failure 
occurred or the maximum stroke of either of the load actuators was reached. 

The resulting moment in each tested beam was calculated taking into account 
the equilibrium of the external forces acting on it. The following equation was used to 
calculate the ultimate bending moment: 
 = 4 + −  (1)

 
where PV is the vertical force applied at the centre of the beam, PH is the horizontal 
force, Msw is the moment due to the beam's self-weight and e is the eccentricity 
between the location of the load application pin and the plastic neutral axis of the 
composite beam. The eccentricity was estimated by: 
 = + + 2 − +  (2)

 
where Dc is the slab thickness; tf is the flange thickness; dw is the height of the web; 
yc is the depth of the plastic neutral axis (PNA), measured from the top of the slab; 
and δ is the measured vertical deflection at the midspan.  
 
EXPERIMENTAL RESULTS 
 

A detailed description of the experimental results can be found in Vasdravellis 
et al. (2012a, 2012b, 2012c). A brief summary of the complete moment – axial force 
interaction is provided herein. Fig. 2 presents the complete moment –axial force 
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interaction diagram resulting from the four series of tests, i.e. positive bending and 
tension, positive bending and compression, negative bending and tension, and 
negative bending and compression. The results of the FEM analyses, described in the 
next section, are superimposed to the experimental data points. In all combinations 
the moment is reduced with increasing the applied axial load. Typical experimental 
failures of the specimens included slab compressive failure under positive bending, 
steel beam flange local buckling under negative bending, steel global buckling under 
axial compression, and shear connection failure under high axial compression/tension 
in the specimens designed with partial interaction. These failure modes are illustrated 
in Fig. 3. An important outcome of the experiments concerning compressive axial 
force is that a large amount of compression can be transferred from the steel beam to 
the concrete slab through the shear connection system if adequate reinforcement is 
provided at the ends of the steel beam. A set of plates welded to the beam flange and 
web, as shown in Fig. 1, can provide this feature. 
 

 
Figure 1. The tests setup for negative bending moment. 
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Figure 2. Complete moment–axial force interaction curve from tests and FEM 

analyses. 
 

 

a) b) 

c) d) 
 
Figure 3. Experimental failure modes: a) local buckling of steel beam flange and 
web; b) compressive failure of slab; c) stud failure; and d) buckling due to high 

axial compression. 
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THEORETICAL ANALYSES 
Rigid plastic analysis 
 

An analytical calculation of the composite beam capacities was conducted by 
means of rigid plastic analysis (RPA). Under negative bending, only the steel parts 
(reinforcement bars and steel beam section) of the composite section were considered 
to contribute to the section capacity, while the concrete in tension was neglected. To 
determine combined capacities, the plastic neutral axis is assumed to lie in several 
points within the section height and the resulting moment and axial compression are 
summed taking as centre of rotation the plastic centroid of the composite section. For 
comparison purposes with the experimental values, no partial safety factors were 
assumed and the average yield strengths resulted from the material tests were used in 
the calculation of the internal forces. In all situations, results have shown that RPA 
can be safely used for the calculation of the ultimate combined strength of composite 
beams, since it provides a conservative figure when the nominal values of the 
materials’ strength are used. The interaction points provided by the RPA were in 
general consistent with those derived from tests and the FEM analyses. 

 
Finite element model 
 

A nonlinear three-dimensional finite element model was constructed to 
simulate the tests on the composite beams. The model relies on the use of the 
commercial software Abaqus (Dassault Systems 2010). 

The concrete slab was modelled using eight-node linear hexahedral solid 
elements with reduced integration, namely C3D8R in ABAQUS, while the steel beam 
was modelled with eight-node elements with incompatible modes (C3D8I). The main 
reason for using different elements is that the elements with incompatible modes are 
more efficient to capture local instabilities such as flange and/or web buckling 
without the need to introduce imperfections in the model. The reinforcing rebars were 
modelled as two-node three-dimensional linear truss elements, T3D2. The lateral 
bracing was modelled indirectly by applying boundary conditions which prevent 
lateral displacement at the same points on the beam compression flange as the fly 
bracings were located in the tests. Due to the symmetrical geometry and loading, only 
half of the beam was modelled, while appropriate boundary conditions were applied 
to the plane of symmetry. An overview of the mesh and a schematic representation of 
the various modelling assumptions are depicted in Fig. 4. 

To model the reinforcement in the slab the embedded element technique was 
employed. The embedded element technique in ABAQUS is used to specify an 
element or a group of elements that lie embedded in a group of host elements whose 
response will be used to constrain the translational degrees of freedom of the 
embedded nodes. In the present case, the truss elements representing the 
reinforcement are the embedded region while the concrete slab is the host region. 
Using this technique, it is assumed that perfect bond exists between the rebars and the 
surrounding concrete. Contact interaction was applied to the beam-slab interface 
which did not allow separation of the surfaces after contact. The node-to-surface 
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contact with small sliding was used while the "hard" contact without friction was 
specified as the contact property. 

The true stress-strain relations obtained from material tests were converted 
into piecewise linear curves and used to model the steel material for the beam and the 
reinforcing bars. Elastic-plastic material with isotropic hardening law was used as the 
constitutive law for all the steel parts of the model. 

The concrete material stress-strain relationship was calibrated according to the 
values obtained from the concrete cylinder and splitting tests. The stress-strain curve 
for compression followed the formula proposed by Carreira and Chu (1985) while the 
tensile behaviour is assumed to be linear up to the uniaxial tensile stress provided by 
the material test. The stress-strain law used is plotted in Fig. 5a. The post-failure 
behaviour for direct straining across cracks is modelled using the tension-stiffening 
option and determining a linear relation until stress is zero at a strain value of 0.05. 
This value is used to avoid numerical instabilities in the computational procedure 
while accuracy is not affected considerably. There are two plastic models available in 
ABAQUS for modelling the concrete behaviour. In the present analysis the damaged 
plasticity model was preferred over the smeared cracked model. This model provides 
a general capability for the analysis of concrete structures under static or dynamic and 
monotonic or cyclic loading based on a damaged plasticity algorithm. Compared to 
the companion model (smeared crack model), it models concrete behaviour more 
realistically but it is computationally more expensive. Nevertheless, this model was 
chosen for monotonic loading due to its numerical efficiency when full inelastic 
response has to be captured. 

A discrete spring model representation of shear studs is chosen to simulate the 
slip in the slab-beam interface. The nonlinear spring element SPRING2 was adopted 
to connect a beam flange node with a slab node at the interface at the same positions 
where studs were welded to the specimen, as schematically shown in Fig. The force 
slip law for the spring element is derived by the standard push-out tests on 19mm-
diameter shear studs. A piecewise linear curve was fitted to the experimental diagram 
and defined as the force-slip law for the springs, as shown in Fig. 5d. 

The vertical load was applied as an imposed displacement on the top of the 
beam flange, while the axial load was applied as an edge pressure on the steel beam 
section. The axial load direction was kept constantly horizontal, i.e. it did not follow 
the rotation of the edge, in order to be consistent with the experimental loading 
procedure. The analysis consisted of two steps. In the first step the contact 
interactions were established, ensuring that numerical problems due to contact 
formulation will not be encountered during the next steps, while in the second step 
the vertical and the axial loads were applied simultaneously, following the 
experimental procedure. The static nonlinear solution algorithm with adaptive 
stabilisation as a fraction of dissipated energy was employed to solve for the 
nonlinear response of the composite beams. Finite element analysis with concrete 
elements in tension may result in convergence problems. To avoid these, the 
discontinuous analysis option was also used in the general solution control options. 

The behaviour of the finite element model and the failure modes at the 
ultimate deformation of the composite beams were monitored during the FEM 
analyses through the establishment of specific failure criteria which were defined 
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corresponding to the ultimate strength of the various section components. In 
particular, failure of the composite beam in the simulation was identified by one of 
the following situations: a) flange or web buckling, b) reinforcement fracture, and c) 
shear connection failure. While local instabilities can be captured accurately using the 
large displacement nonlinear analysis option in ABAQUS, the second and third 
conditions should be identified by monitoring some specific response quantities. The 
strain of the reinforcing bars and the relative displacements in the nonlinear springs 
representing the studs were monitored during the analysis. An excessive strain in the 
rebars reaching the experimental rapture values should indicate a reinforcement 
fracture, while a measured slip near or above the failure slip of the push-out tests was 
a criterion for shear connection failure. Finally, a ductile failure mode was defined 
when none of the above criteria was met and the analysis was ended by numerical 
problems due to excessive cracking of concrete in tension, while the ultimate load 
achieved was easily identified by the load-deflection curve. 
 
FEM model validation 
 

The experimental tests were reproduced using the developed FEM model. The 
FEM model was able to predict the combined strength of the composite beams with 
good accuracy. The model was assessed by comparing the structural behaviour of the 
tested beams with that of the model in terms of force – deflection curves, slip 
evolution in the slab - beam interface, axial force – displacement response, and strain 
evolution in the steel beam. Fig. 5 shows typical comparisons which demonstrate 
good agreement between the experimental and numerical responses. 
 
 

 
Figure 4. Details of the finite element mesh used for modelling the composite 

beams for the negative bending case. 
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a) b) 
Figure 5. Experimental versus numerical response comparison: a) negative 
moment – midspan deflection; and b) slip evolution under positive bending. 

 
 

PARAMETRIC ANALYSES 
 

The validated FEM model was used to conduct an extensive parametric study 
on composite beams subjected to combined bending and axial force. A wide range of 
composite beam section commonly used in buildings was studied. The results of the 
parametric analyses generally confirmed the experimentally derived interactions. 
Both full and various degrees of partial interaction were studied. The shape of the 
interaction was not affected in most situations when the composite beam had partial 
shear connection. More details of the parametric analyses are provided in 
Vasdravellis et al. (2012a, 2012b, 2012c). Regression analysis of the numerical 
results allowed the derivation of simplified design equations for use in practice. 
 
PROPOSED DESIGN MODELS 
 

Based on the experimental and numerical results simplified equations are 
proposed for the design of composite beams subjected to any combination of positive 
or negative bending moment and axial tension or compression. In the following 
equations, Mu and Nu represent the bending and axial resistances of a composite 
section, respectively, calculated according to the current structural codes (e.g. 
Eurocode 4): 
 
a) Composite beams under negative bending and compression (Fig. 6a): 
 
 + ≤ 1.0 (3)

 
According to this formula, the hogging moment resistance of a composite 

beam is reduced with the presence of compression forces following a linear 
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relationship. Although the interaction diagrams from the parametric analyses 
indicated that in some cases the reduction in moment capacity is delayed 
(Vasdravellis et al. 2012a), a linear reduction is proposed for a reasonably 
conservative design, which also conforms with the experimental output. The 
proposed design formula assumes that adequate lateral restrain is provided to the 
compression flange so that flexural or distortional buckling is excluded as failure 
mode. In addition, longitudinal stiffeners according to the design details proposed in 
Vasdravellis et al. (2012c) is recommended to be welded to the steel beam web at the 
internal support regions of continuous composite beams to ensure that web local 
buckling is delayed and adequate rotation capacity for plastic structural analysis is 
available. 
 
b) Composite beams under negative bending and tension (Fig. 6c): 
 

 + 0.8 = 1, for N > 0.20N  (4)

  
 = , for N ≤ 0.20N (5)
 
According to this formula, the bending capacity at the hogging moment regions of 
composite beams is not reduced when an axial tensile force up to 20% of the axial 
strength is applied in the beam, and it reduces linearly to zero when larger values of 
axial force are present. 
 
c) Composite beams under positive bending and tension (Fig. 6d) 
 

 + 0.6 = 1.0 (6)

 
where Mu is the plastic resistance of a composite beam to bending, according to 
structural code provisions (including the associated safety factors for materials), and 
Nu is the plastic resistance of the steel section to axial tensile loading, e.g. the steel 
reinforcement in the slab is neglected under an axial force acting in the steel section. 
According to this equation, the moment capacity of a composite section is reduced 
linearly until the 40% of the Mu by increasing the axial tensile force acting on the 
steel section. It has to be pointed out, however, that in practice it is very rare for a 
beam to be subjected to tensile axial forces greater than the 30%-40% of its axial 
capacity; however, it was judged as necessary to study the whole range of axial force 
percentages in order to complete the interaction diagram and have a full picture on 
the behaviour of composite beams under combined actions. 
 
d) Composite beams under positive bending and compression (Fig. 6b): 
 

 
NN + 0.75 MM = 1, for N > 0.25N  (7)
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 M = M , for N ≤ 0.25N (8)
 
This design equation is currently based on analysis of the experimental section only. 
The initial analyses indicated that the bending capacity at the sagging moment 
regions of composite beams is not reduced when a low compressive force (up to 25-
30% of the axial strength) is applied to the beam, while it deteriorates considerably 
when larger values of axial force are present. Moreover, Fig. 5b shows that there is 
rather different behaviour of the composite section when full and partial shear 
connection is used. Extensive parametric analyses, aiming to clarify this behaviour, 
are on course. 
 
 

 
               a)               b) 

                c)          d) 
 

Figure 6. Results of parametric analyses and proposed design equations for 
composite beams under combined bending and axial force. 

 
 
CONCLUSIONS 
 

The ultimate strength of steel-concrete composite beams under the combined 
effects of axial compression or tension and positive or negative bending was 
investigated through a large experimental programme comprising twenty-four full-
scale tests on composite beams prototypes. The beams were tested up to collapse and 
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the reduction of the moment capacity due to the presence of an axial force was 
identified. A finite element model was also constructed to complement the 
experimental findings. The model was assessed against the experimental data and 
found capable to predict the structural behaviour of composite beams under combined 
actions with good accuracy. Extensive parametric studies were conducted using the 
validated numerical model and simplified design rules were proposed. The main 
conclusions from this research are: 

• Experimental testing and numerical simulations demonstrated that the bending 
moment capacity of a composite beam is significantly deteriorated under the 
simultaneous action of an axial compressive or tensile force. 

• In order to transfer substantial compressive forces in a composite beam 
without experiencing premature buckling of the steel section, reinforcing the 
flanges and the web with additional steel plates locally at the edges is 
recommended. 

• Rigid plastic analysis can be conservatively used for the design of composite 
beams under combined bending and axial force. 

• The developed three-dimensional nonlinear finite element model can be used 
as a tool for the assessment of the nonlinear behaviour and the ultimate failure 
modes of composite beams under combined negative or positive bending and 
axial compression or tension. 

• Simplified design models for the moment – axial force interaction in 
composite beams are proposed for use in practice. 
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Abstract 
 

The shear strength and the moment-shear interaction in steel-concrete 
composite beams was previously evaluated by the authors through an experimental 
program comprised of fourteen tests on simply-supported composite beams. In this 
paper, a nonlinear finite element model is developed to simulate the behavior of the 
experimental section. The model was assessed in terms of the ultimate strength and 
the failure modes of the composite beams under shear and bending and found to be 
accurate in capturing the nonlinear response of the specimens. The numerical model 
was then used to carry out an extensive parametric study on the various factors that 
influence the shear strength of a composite beam. These factors include the slab 
thickness, the slab width, and the reinforcement ratio. Based on the results of the 
numerical study, design models are proposed for the calculation of the shear strength 
and the shear-moment interaction in composite beams. 

 
INTRODUCTION 
 

Composite construction of steel and concrete is the most efficient structural 
system for buildings and bridges due to the numerous advantages that it provides 
compared with other structural solutions (Uy and Liew, 2002). There are practical 
situations where steel-concrete composite beams can be subjected to combined 
bending and significant shear forces; some representative examples include transfer 
beams in high-rise buildings, beams in industrial buildings supporting concentrated 
loads from operating  machinery and beams acting as shear links in eccentrically 
braced frames. Plastic limit analysis of gravity-resisting members can result in 
increased shear that should be taken into account in the design (Bruneau et al., 2011). 
However, current structural provisions concerned with the design of composite 
structures, such as the Eurocode 4 (BSI, 2004), the AS 2327.1 (Standards Australia, 
2003) and the AISC 360-10 (American Institute of Steel Construction, 2010), do not 
provide explicit design methods for the calculation of the composite shear strength 
and do not address the interaction between bending and shear in composite beams; 
they refer the designer to the corresponding structural steel provisions. As a result, 
composite beams are currently designed against shear loading by neglecting the 
contribution of the concrete slab, i.e. it is assumed that the shear loading is resisted by 
the web of the steel beam alone. This assumption can be conservative especially 
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when the slab is in compression (Johnson, 2012) and may lead to uneconomical 
design. Eurocode 4 refers to the rules given in the parts 1-1 and 1-5 of Eurocode 3 
(BSI, 2005, 2003), relevant to the design of steel members. When the section is 
compact, the shear resistance is equal to the plastic shear capacity of the web: 
 
 , = 0.6  (1)

 
where Av is the shear area of the steel beam and fyw the yield strength of the steel of 
the web. The same approach is followed by the AISC 360-10 and AS2327.1 
standards. The reduced moment capacity of a steel-concrete composite section is 
taken into account in Eurocode 4 when the acting shear is higher than half the Vpl,Rd. 
The design moment resistance is then calculated using a reduced design steel strength 
in the shear area of the steel beam, equal to (1-ρ)fyw, where:  
 
 = 2, − 1  (2)

 
and V is the design shear force. For a design shear force equal to Vpl,Rd, the code 
assumes that the available moment resistance is equal to that provided by the flanges 
of the steel section only. 

There is limited experimental data on composite beams under combined 
actions. Most of the past research is concerned with the shear strength of composite 
girders, where the girder consists of slender plates, rather than compact composite 
beams. Prior works concerning shear behavior of composite beams include those of 
Johnson and Willmington 1972; Nie et al. 2004; and Liang et al. 2004, 2005. The 
behavior of composite girders was extensively investigated by Baskar and 
Shanmugam 2003; Shanmugam and Baskar 2003; and Sherafati et al. 2011.  

The work presented herein is part of a research program aiming to investigate 
the ultimate strength of composite beams under combined actions. Previous research 
by the authors investigated the behavior and design of composite beams under 
combined bending and axial forces (Vasdravellis et al. 2012a, 2012b, 2012c). The 
shear strength and moment-shear interaction in simply-supported compact composite 
beams was experimentally investigated by the authors (Vasdravellis and Uy 2014). 
Fourteen simply-supported composite beams were tested under combined bending 
and shear. A test on a bare steel section under high shear served as a reference beam 
for direct comparison with the corresponding composite beam. Beams with partial 
shear connection and with shear reinforcement in the concrete slab were also tested. 
The tests aimed to assess the contribution of the concrete slab to the ultimate shear 
capacity of a composite section and to ascertain a moment-shear interaction law for 
composite beams subjected to combined positive bending and shear forces. This 
paper focuses on the implementation of a nonlinear finite element model (FEM) 
aiming to complement the experimental results. The accuracy of the model is 
assessed against the experimental results and the validated model is subsequently 
used to extend the experimental findings to a wider range of sections and to study the 
effects of various parameters on the shear strength of composite beams. A semi-
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empirical design model is proposed for a more efficient design of composite beams in 
regions with high shear forces. 
 
EXPERIMENTAL PROGRAM 
 

Details of the experimental investigation can be found in Vasdravellis and Uy 
2012 and 2013. A brief summary of the main experimental results is outlined here to 
facilitate reading of this paper. Table 1 summarizes the test matrix. The clear spans of 
the composite beams ranged from 0.8 m to 5.5 m. Different shear-to-moment ratios, 
denoted as η (units: m-1), were realized. A shorter span increases the value of η, and 
as η increases the shear force becomes more important. The η ratios are reported in 
Table 1. 

The tested composite beams consisted of an 150 mm-deep and 1200 mm-wide 
solid concrete slab section connected to a 360UB45 steel beam section (equivalent to 
an IPE330 or a W10x39 steel section). Full shear connection was provided in 
specimens CBMV-1 to 10, 13 and 14. Specimens CBMV-11 and CBMV-12 were 
identical to beams CBMV-5 and 8 with span lengths 2.8 and 1.2 m, respectively, 
except that they were designed to achieve partial shear connection. The degree of 
shear connection, β, in each beam is reported in Table 1. 

Each beam was tested until the ultimate collapse conditions were met. 
Cracking of concrete and the sequence of failures in each composite beam specimen 
were carefully recorded during the experimental process. Once the maximum applied 
load had been achieved, the test was continued until at least a 10% drop of the 
reaction force was recorded. The shear and moment developed in each beam in 
association with the value of η, and the experimental shear – moment interaction 
diagram, were of particular interest. 
 
EXPERIMENTAL RESULTS 
 

Typical experimental failures are shown in Fig. 1. Beams CBMV-1 to 6 failed 
in flexural mode (Fig. 1a), while beams CBMV-6 to 10 experienced shear-governed 
failures consisting of slab shear cracking (Fig. 1b) and beam web diagonal buckling 
(Fig. 1c). Table 1 reports the percentage ratio of the moment achieved in each 
specimen, denoted as Mu, to the ultimate moment achieved by the beam CBMV-1, 
denoted as Mu,f, and the percentage ratio of the shear achieved in each specimen, Vu, 
to the shear strength of specimen CBMV-10, denoted as Vu,s. 

The experimental force – deflection and moment - deflection responses are 
plotted in Figs. 2a and b, respectively. The results show that the ultimate load 
sustained by each beam increases as the span decreases: Vu ranged from 238 kN in 
beam CBMV-1 to 892 kN in beam CBMV-10. Mu,f is equal to 655 kNm. In beams 
CBMV-1 to 6 no reduction in Mu due to the presence of shear force is observed (see 
Table 1). Mu in the short specimens (CBMV-7 to 10) is significantly reduced as the 
shear force increases, assuming values equal to 82, 73, 65, and 55 % of Mu,f, 
respectively. Fig. 3 shows the reduction of the moment capacity of the composite 
beams as a function of the ratio Vu/Vu,s and the ratio Vu/Vpl,Rd. The interaction diagram 
demonstrates that the moment capacity of a composite beam starts to decrease when 
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the applied shear is greater than the 60% of the ultimate shear capacity of the 
composite section. In addition, it is shown that the bending capacity of the composite 
section is not reduced before the applied shear reaches the shear strength of the steel 
section, indicating a high degree of conservatism in the current codes' approach. 
 
Table 1. Test matrix and ultimate strengths of specimens 

Specimen 
Span 

length (m) 
η (m-

1) 
β Vu

1 Mu
2 

Mu/Mu,f 
3(%) 

Vu/Vu,s
4(%) 

CBMV-1 5.5 0.36 1.3 238 655 100 27 
CBMV-2 4 0.50 1.2 337 674 103 38 
CBMV-3 3.2 0.63 1.2 427 684 104 48 
CBMV-4 3.0 0.67 1.0 465 697 106 52 
CBMV-5 2.8 0.71 1.0 498 697 106 56 
CBMV-6 2.6 0.77 0.9 524 681 104 59 
CBMV-7 1.4 1.43 1.0 767 537 82 86 
CBMV-8 1.2 1.67 1.1 798 479 73 89 
CBMV-9 1.0 2.00 1.2 854 427 65 95 
CBMV-10 0.8 2.50 1.6 892 357 55 100 
CBMV-11 2.8 0.71 0.6 447 625 95 50 
CBMV-12 1.2 1.67 0.5 750 450 68 84 
CBMV-13 2.8 0.71 1.0 503 697 106 56 
CBMV-14 1.2 1.67 1.1 809 479 73 91 

BS1 0.8 2.50 - 538 215 - - 
1Ultimate shear achieved by each specimen; 2Ultimate moment achieved by each 
specimen; 3Ultimate moment of specimen CBMV-1; 4Ultimate shear strength of 

specimen CBMV-10 
 
 

Fig. 4 shows the force-deflection curves of the BS-1 and CBMV-10 
specimens along with the prediction of the shear strength of the steel beam according 
to the procedure of Eurocode 3 (BSI, 2005). The shear strength of the steel beam is 
calculated as 460 kN and compares well with the experimental yield strength equal to 
470 kN. The maximum shear strength of BS-1 reached 538 kN, significantly lower 
than the maximum shear strength of 892 kN achieved by CBMV-10, indicating the 
high degree of conservatism of the current code provisions in calculating the shear 
resistance of a composite section. The contribution of the slab to the ultimate shear 
strength of the beam is evaluated by subtracting the maximum shear of the BS-1 
specimen from the maximum shear of the CBMV-10 specimen, resulting in 354 kN 
or 40% contribution. The experiments showed that the concrete slab of a fully shear 
connected composite beam contributes significantly to the shear strength of the 
composite section. Taking the contribution of the slab into account can result in a 
more efficient design of composite structures. 
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a) Compressive failure of 
slab 

b) Shear failure of slab c) Beam web buckling 

Figure 1. Typical failure modes of the tested composite beams 
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Figure 3. Reduction of the moment capacity of the experimental composite beam 
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Figure 4. Load-deflection responses of specimens CBMV-10 and BS-1, and 

Eurocode 3 and FEM model predictions 
 
FINITE ELEMENT MODEL 
 

A FEM model of the experimental specimens was developed using the 
commercial software Abaqus (Dassault Systemes, 2012). The concrete slab, steel 
beam and stiffeners were modeled using the four-node shell element with reduced 
integration and finite membrane strains. The slab reinforcement was modeled as 
smeared in two directions within the shell elements of the concrete slab. The 
simulation used the same boundary conditions and loading arrangement as in the 
experimental program. The stress-strain relationships obtained from the coupon tests 
were used as input for the steel material definition. Structural steel was modeled as 
elastic-plastic material with isotropic hardening. The compressive uniaxial stress-
strain law of concrete followed the formula proposed by Carreira and Chu (1985) up 
to the maximum stress fc

'. A perfectly plastic plateau was then specified until the 
crushing strain equal to 0.004 followed by a softening part. The tensile behaviour of 
concrete was assumed to be linear up to the uniaxial tensile stress equal to ft= /10. 
The post-failure behaviour for direct straining across cracks was modeled using the 
tension-stiffening option and determining a linear relation until stress is zero at a 
strain value of 0.035. The damaged plasticity model was used to define the behavior 
of concrete in the model (Dassault Systemes, 2012). 

The shear studs were modeled using the connector element “Cartesian” and 
connecting a node of the top beam flange with the corresponding node of the slab 
mid-surface. An elastic-plastic force-slip behavior was specified along the 
longitudinal direction of the beam, according to the experimental behaviour from 
pushout tests reported in Vasdravellis et al. (2012a). 

A buckling analysis was first performed to specify the buckling modes of the 
short composite beams. The first buckling mode generated in Abaqus is consistent 
with the web buckling failures observed in the tests. A static nonlinear analysis was 
then conducted with the first buckling mode specified as initial imperfection to the 
model. The buckling mode was scaled to produce a transverse to the web initial 
imperfection equal to min{Dbeam/200; Ls/200} where Dbeam is the beam height and Ls 
the shear span, as specified in Eurocode 3: Part 1-5 (BSI, 2003). 
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PARAMETRIC ANALYSES 
 

A wide range of practical composite beams were designed for the parametric 
analysis. The steel sections considered are (equivalent sections are given in 
parenthesis): IPE300 (W310x165x44.5), IPE360 (W360x170x58), IPE400 
(W410x180x67), IPE450 (W460x190x74), IPE500 (W530x210x82) and IPE600 
(W610x230x125). The yield strength is 300 MPa and all sections are compact. The 
corresponding effective width of the slab was calculated according to Eurocode 4. 
Each composite beam is simply-supported and loaded with a midspan imposed 
displacement. The moment-shear interaction diagram was constructed for each beam 
by reducing the initial span of each section to produce increasing shear/moment 
ratios. The shortest shear span was assumed to be equal to the steel beam height. It 
was found that the shear strength of the composite beam was not increased by further 
reducing the shear span, thus the shortest beams defined the ultimate composite shear 
strength. The parameters studied are: the slab depth, slab width, longitudinal 
reinforcement ratio, and the degree of shear connection. From these parameters, slab 
width and longitudinal reinforcement ratio were found to have negligible effect on the 
shear strength of the composite beam. Thus, the results of the rest of the parameters 
are presented next. The slab depth slenderness ratio, defined as λsd=Dslab/Dbeam, where 
Dslab is the slab depth, is introduced to measure the effect of slab depth in a consistent 
way. 
 
Moment-shear interaction diagram 

 
The moment-shear interaction diagram resulting from the analyses of the 

parametric beams is plotted in non-dimensional form in Fig. 7 along with the 
experimental interaction points. The reduction in moment capacity of the parametric 
beams due to high shear follows the same trend observed in the experimental tests. 
The numerical analyses confirm the experimental outcome that the moment resistance 
of a composite beam is reduced when the applied shear is greater than 60% of the 
shear strength of the composite section. 

 

 
Figure 7. Moment-shear interaction diagram resulting from the parametric 

analyses and the tests, and superimposed design curve 
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Effect of the slab depth on the shear strength of composite beams 
 

Fig. 8a plots the shear strength of the parametric beams as a function of λsd. 
The slab depth values range from 100 mm to 200 mm with a step of 20 mm; in 
practice, however, the lower values are most commonly used for composite floor 
systems. The width was equal to the corresponding effective width. The shear 
strength variation is plotted as ratio Vcomp/V0,sd, where Vcomp is the shear strength of a 
composite beam and V0,sd is the shear strength of the composite beam with slab depth 
equal to 100 mm. The shear strength of a composite beam is significantly increased 
by increasing the slab depth. In addition, the increase is larger when λsd is larger, i.e. 
in composite beams with shallower steel sections than in those with deeper ones. Fig. 
8b plots the percentage contribution of the slab shear strength, Vslab, to Vcomp as 
function of the ratio λsd. Vslab was calculated subtracting the shear resisted by the steel 
beam in the FEM model from the total shear. It is shown that the contribution of Vslab 
to Vcomp ranges from 16 to 60%, depending on the ratio λsd of the section. For values 
λsd≈ 0.4, as in the experimental section, the contribution ranges from 41 to 50%, 
which is in agreement with the experimental evidence of this study. A similar 
contribution of the concrete slab was found in the study by Nie et al. (2004) for their 
specific sections. 
 

 

a) b) 
Figure 8. Effect of slab depth on the shear strength of composite beams: a) as 
ratio Vcomp/V0,sd; and b) as percentage contribution of Vslab to the total shear 

strength 
 
Effect of the degree of shear connection on the shear strength of composite 
beams 
 

The shortest parametric beams were analyzed using different degrees of shear 
connection. β values ranged from β= 0.1, i.e. practically no shear connection between 
the slab and the beam, to β= 2, i.e. a shear connection twice as full. It was found that 
the shear strength for β values greater than one is not affected. Partial shear 
connection, however, considerably affects the shear strength of a composite beam. A 
higher value of β increases the shear capacity and the increase level is greater in 
beams with larger λsd. Fig. 9 plots the ratio VFSC/Vcomp,0, where VFSC is the shear 
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strength of a composite beam with β= 1 and Vcomp,0 is the shear strength of a 
composite beam with no shear connection between the slab and the beam, as function 
of λsd. A best fit line is superimposed to the data points. It is shown that there is an 
almost linear relationship between the gain in shear strength and the ratio λsd. 
 

 
b) 

Figure 9. Effect of the degree of shear connection on the shear strength of 
composite beams 

 
PROPOSED DESIGN PROCEDURE FOR COMPOSITE BEAMS UNDER 
BENDING AND SHEAR 
 

Based on the experimental results and the parametric analyses, a design model 
for calculating the reduced moment capacity of a composite beam in regions of high 
shear is proposed. The moment-shear interaction in steel-concrete composite beams is 
calculated according to equation (3): 
 

 + = 1 (3)

 
where MRd is the positive design moment resistance of the composite section, 
calculated according to the provisions of the relevant standards, and Vcomp is the shear 
strength of the composite section. Fig. 7 shows that that there is good fit between the 
proposed equation and the interaction points resulting from the experiments and the 
parametric analyses of a wide range of composite sections. According to this formula, 
the reduction of the moment capacity starts when the applied shear is greater than 
approximately 60% of Vcomp. 

To develop a design model for the calculation of the shear strength of a 
composite beam, it is assumed that the shear strength of a composite section consists 
of the individual contributions of the shear capacity of the steel beam alone, Vpl,Rd, 
and the concrete slab, Vslab, i.e.: 
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 = , +  (4)
 

In Eq. (4) Vpl,Rd is the shear strength of the steel beam alone and calculated 
according to Eq. (1) for compact steel sections. Vslab accounts for the effects of both 
the shear strength of concrete slab and the shear connection between the slab and the 
beam. Eq. (4) assumes full shear connection for the composite beam; thus, the effects 
of the composite action are implicitly accounted for in the proposed formula. For 
simplicity, a formula similar to the one provided in ACI 318-11 (American Concrete 
Institute, 2011) for the shear strength of concrete section without shear reinforcement 
is proposed. Regression analysis of the parametric data showed that there is an almost 
linear relationship between the ratio λsd and the term Vslab/(bfDslab)

0.7(fc
')1/2, as shown 

in Fig. 10, where bf is the width of the beam's top flange. Thus, the shear strength of 
the concrete slab is proposed to be calculated by: 

 
 = φ ( )( ) . (5)

 
where φs is a safety factor and ( ) is a function of the slab slenderness ratio given 
by: 
 

 ( ) = 110 + 13 (6)
 

The units in Eq. 5 are in N and mm. ( ) is superimposed to the numerical 
results in Fig. 10. The ratios of the composite shear strength calculated using the 
FEM model to the values provided by the design model have mean value 0.98 and 
standard deviation 0.03. The corresponding values associated with the calculation of 
Vslab are 0.97 and 0.11. Therefore, it is suggested that φs should be equal to 0.80 to 
provide a safety margin. The inclusion of appropriate safety factors for the materials 
will produce an even more conservative design. Further analyses with different fc

’ 
values produced results that are predicted accurately by the design model. 

For the calculation of the shear strength of a partially connected composite 
beam, Vcomp,β, both the degree of shear connection and the ratio λsd are accounted for. 
The following design procedure is proposed to calculate the Vcomp,β: 
1. Calculate the ratio λsd of the section. 
2. Calculate the shear strength of a composite beam with full shear connection, Vcomp, 
according to Eqs. (4) to (6). 
3. From the graph of Fig. 9 calculate the shear strength of a composite beam with no 
shear connection, Vcomp,0, for the specific λsd value. 
4. The shear strength of the composite beam with any degree of shear connection, 
Vcomp,β, can be computed using linear interpolation between the values Vcomp and 
Vcomp,0, since the relation of the moment reduction is a linear function of β, as shown 
in Fig. 9a. 

The proposed model is believed to be valid under the range of applications 
where: a) compact composite beams are subjected to positive (sagging) bending 
moment and shear; b) punching shear failure is not the governing failure mode, 
although structural codes provide sufficient design guidance to prevent this failure 
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mode if necessary; c) the composite beam is subjected to both concentrated loads and 
UDL; however, vertical stiffeners are placed below the concentrated load; and d) Beff 
is assumed to be greater than three times the steel beam depth. 
 

 
Figure 10. Scatter of data points relating λsd with the shear strength of slab, and 

linear best-fit line used in the design. 
 
CONCLUSIONS 
 

This paper presented an experimental and numerical study on the shear 
strength and moment-shear interaction in simply-supported composite beams. Based 
on the experimental and numerical results the following conclusions can be drawn: 

The results presented in this work showed that the moment capacity of a 
composite beam starts to decrease when subjected to shear force exceeding the 60% 
of the shear strength of the composite section or the 100% of the shear strength of the 
steel beam. 

The experiments showed that use of partial shear connection reduces the shear 
strength, but increases the ultimate deformation capacity of a composite beam under 
high shear force. 

The use of inclined rebars as shear reinforcement prevents the sudden shear 
failure of the slab, slightly increases the shear strength of a composite beam, and 
significantly enhances its ductility.  

The experimental and numerical results demonstrated a high level of 
conservatism in the current code provisions for both the calculation of the composite 
shear strength and the reduction in moment capacity due to shear. A more efficient 
design of composite beams can be achieved when the contributions of the slab and 
the composite action are taken into account. The results of the numerical analyses 
showed that this contribution ranges from 16 to 60%, depending on the ratio λsd 
(defined as slab depth/beam depth) of the section. 

The parametric analyses have shown that the most important factors that 
affect the shear strength of a composite beam are the slab depth and the degree of 
shear connection, while the slab width and the longitudinal reinforcement ratio have 
limited influence on the shear strength. 
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The shear strength of a composite beam is significantly enhanced by 
increasing the slab depth; however, this increase is less for deeper sections, with 
lower λsd values. Moreover, the contribution of the slab is a linear function of the ratio 
λsd of the section. 

A higher degree of shear connection increases the shear capacity of a 
composite beam, and the increase level is higher in beams with larger λsd values. In 
addition, there is a linear relationship between the gain in strength and the ratio λsd, as 
well as the gain in strength and the degree of shear connection. 

A semi-empirical design model for the more accurate calculation of the shear 
strength and moment-shear interaction in simply-supported composite beams is 
proposed based on regression analysis of the experimental and parametric results. 
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Abstract 
 

This paper contains a parametric study for the development of the nominal 
flexural strength of conventional composite girders and hybrid composite girders 
using HSB high-performance steels in positive bending region. The flexural strength 
and the ductility of a wide range of conventional or hybrid composite girders are 
calculated using moment-curvature analysis, and the plastic moment of each section 
is obtained using simple plastic theory. For developing new design equations, the 
obtained flexural strength and the ductility of conventional or hybrid composite 
girders are compared to the previous research work and the current AASHTO 
LRFD's design equations. The comparison results show that there are considerable 
differences in flexural strength distribution between the conventional composite 
girders and the hybrid composite girders. It was also observed that in case of the 
hybrid composite girders, until considerably high ductility parameter, the flexural 
strength is not smaller than the plastic moment. Based on the results of parametric 
study, new design equations are proposed for predicting the nominal flexural strength 
of conventional or hybrid composite sections.  
 

INTRODUCTION 
 

Currently the Ministry of Land, Infrastructure and Transport (MOLIT) of the 
Korean Government has a plan for developing new design code system for 
infrastructure. The design regulations related to steel-concrete composite structures 
are distributed in the steel design codes (KSSC, 2008) or the concrete design codes 
(KCI, 2012) and thus, there is a need to develop new design codes just for steel-
concrete composite structures separately. A national research project is running to 
develop new capacity based design codes on steel-concrete composite structures 
based on limit state design concepts. The termination of the research project is 
expected for the period 2011-2014. This project has an additional purpose for 
including high-performance steel and high-performance concrete in the design codes 
for steel and concrete composite construction. The research results related to high-
performance materials conducted by the Korea Bridge Design & Engineering Center 
(KBRC, kbrc.snu.ac.kr) established by 2004 are included in the new design codes. 
The ultimate flexural strength of conventional composite girders or hybrid composite 
girders at sagging and hogging bending regions was also a research topic in KBRC 
(Ryu et al., 2005; Youn et al., 2008).  
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The high-performance steels of HSB600 and HSB800 have developed by a 
steel company POSCO in Korea (Lee et al., 2007). The HSB steels have higher 
performance characteristics, such as yield and tensile strength, weldability, cold 
formability, than those of conventional structural steels, such as SM400, SM490, 
SM520, etc. The minimum yield strength (0.2% proof stress) of HSB600 and 
HSB800 is 450 MPa and 690 MPa, respectively, and the minimum tensile strength of 
HSB600 and HSB800 is 600 MPa and 800 MPa, respectively. HSB Steels do not 
have an obvious yield point and perfect plastic region before strain hardening process 
in the stress-strain curves as shown in Fig. 1. These steels are included in the steel 
bridge design codes in 2012 (MOLIT, 2012). 
  

 
Fig. 1 Stress-strain curves of SM400 and HSB600 

 
The high strength concrete is also included in the concrete bridge design 

codes in 2012 (MOCT). The maximum compressive strength of concrete is limited to 
70 MPa. The stress-strain curves of concrete are also introduced for nonlinear 
analysis or design of the concrete structures. Fig. 2 shows the stress-strain curves for 
design of the concrete structures. The ultimate compressive strain of concrete is a 
fixed value of 0.0033 mm/mm for concrete with the strength up to 40 MPa concrete 
and 0.003 mm/mm for 70 MPa concrete. The ultimate concrete strain between 40 
MPa and 70 MPa concrete can be determined by linear interpolation. In case of steel-
concrete composite columns 100MPa high-performance concrete can be applied. 
 

 

Fig. 2 Stress-strain curves of concrete 
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The ultimate flexural strength of composite girders at sagging bending is 
influenced by the material characteristics of steels and concrete. The cross-section 
details of composite girders also influence on the ductility and the ultimate flexural 
capacity of composite girders. The moment capacity of composite sections in sagging 
bending may be determined by simple plastic theory. The simple plastic theory 
requires composite sections to be ductile to show sufficient rotation and moment 
capacity greater than plastic moment. For brittle composite sections, the moment 
capacity is governed by premature concrete crushing and thus, the bending resistance 
should be reduced for ensuring additional safety margin. In the codes of AASHTO 
LRFD (2007) and Eurocode 4 (2005), strength reduction factors and ductility 
requirements are also introduced.  

In composite bridges, steel girders may be designed by homogeneous sections 
(conventional composite girder) or hybrid sections (hybrid composite girder). In 
hybrid composite girders in sagging bending region HSB steels may be used only at 
the tension flange because the tension flange contributes most of the ultimate flexural 
strength to the hybrid composite girders. The minimum compressive strength of the 
cast-in-place concrete for bridge deck is 27 MPa. For precast concrete bridge decks 
35 MPa may be used for post-tensioning. Different from composite columns of 
concrete filled steel tube columns or steel reinforced concrete columns, transverse 
cracks caused by hydration heat should be considered when high strength concrete 
applies in the cast-in-place concrete bridge decks. In addition the empirical design 
method based on the fatigue strength of concrete decks applies in Korea. This method 
adapts the minimum thickness of concrete bridge deck of 240 mm and the 
longitudinal reinforcement ratio, 0.006 at sagging bending region and 0.015 at 
hogging bending region. If high strength concrete applies at cast-in-place concrete 
decks, transverse cracks may be expected at early curing stage and these cracks affect 
the serviceability and the durability of concrete bridge decks.  

In order to develop new design equations for predicting the nominal flexural 
strength of conventional composite girders and hybrid composite girders, the ultimate 
moment capacity and the ductility of a wide range of composite sections are 
investigated by using moment-curvature analyses and simple plastic theory.  
 
 
STRENGTH REDUCTION FACTOR  
 

For the safety of brittle composite sections, the ultimate moment capacity of 
composite girders should be reduced to introduce additional safety margin. In the 
AASHTO LRFD (2007), the nominal flexural strength at the ductility limit, 

/ 0.42p tD D = , is regulated to 0.78 pM for conventional composite girders. tD  

represents the total height of composite section and pD  is the depth of plastic 

neutral axis in composite section. The lower boundary values of the ultimate moment 
capacity at / 0.42p tD D =  are close to 0.96 pM  as shown in Fig. 3. It means the 

addition safety margin is 1.23 for 0.96 pM  or 1.28 for the plastic moment pM  as 

shown in Fig. 4 (Youn et al., 2013). These values of 1.23 and 1.28 are related to the 
research results conducted by Ansourian (1982) and Wittry (1993).  

Composite Construction in Steel and Concrete VII 256

© ASCE



 

    
   Fig. 3 Normalized moment capacity /u pM M  of conventional composite 
girders 
 

 
Fig. 4 Relationship between ductility parameter and moment capacity in the 
AASHTO LRFD (2007) 
 

Wittry assumed the ultimate moment capacity of brittle composite girders 
linearly decreases from the plastic moment pM  to the yield moment yM  as the 

ratio of /pD D′  changes from 1 to 5 and proposed new design equation for brittle 

composite sections with additional strength reduction factor φ =0.85 at /pD D′  = 5 

as shown in Eq. 1 and Fig. 5.  
 

5
( )

4 4
p y y p p

n

M M M M D
M

D
φ φ− −

= +
′

, 1 / 5pD D′≤ ≤                 (1) 

 
where D ′ is the depth of maximum plastic neutral axis for ductile conventional 
composite girders proposed by Wittry. D ′  is 0.7( / 7.5)tD  for 345 MPa composite 

section and 0.9( / 7.5)tD  for 250 MPa composite section.  
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Fig. 5 Wittry's proposal for strength prediction 

 
When the ductility limit / 5pD D′ =  in Wittry’s equation is used, the actual 

ductility limit changes with varied steel grades and the ultimate curvature of cross-
section at the ductility limit is not same to that at the ductility limit / 0.42p tD D = . 

Furthermore the ultimate moment capacity of brittle composite sections does not 
linearly decreases from the plastic moment to the yield moment as the ductility ratio 

/pD D′ changes and also the steel grade changes as shown in Fig. 6 and Fig. 7 (Youn 

et al., 2013).  
 

 
Fig. 6 Curve Fit of Non-ductile Composite Girders with SM400 Steel 

 

 
Fig. 7 Curve Fit of Non-ductile Composite Girders with HSB600 Steel 
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The values of /u yM M  at / 0.42p tD D =  are summarized in Table 1. Therefore 

there are some needs to change the addition safety margin of 1.23 for 0.96 pM  or 

1.28 for the plastic moment for consistency to varied steel grades. 
 
Table 1 /u yM M  at / 0.42p tD D =  

 
SM400 SM490 SM520 Average HSB600 HSB800 

/u yM M  1.139 1.099 1.063 1.100 1.028 0.889 

 
Concrete stress-strain model presented in the Comitè Europèen du Bèton (1991) is 
applied as shown in Eq. 2 and material properties of steels are summarized in Table 2.  
 

 

 
0.85 ( 206,600 )

1
ck c c

c
c

f af
b

ε ε
ε

−=
+

                                     (2) 

 

where, 0.95339,000(0.85 7.0)cka f −= +  
1.08565,600(0.85 10.0) 860ckb f −= + −  

 
Table 2 Material properties of steels 

Property SM400 SM490 SM520 HSB600 HSB800 

Yield strength (MPa) 240 320 360 450 690 

Tensile strength (MPa) 400 490 520 600 800 

Yield strain (mm/mm) 0.00117 0.00157 0.00175 0.00221 0.00336 

Strain-hardening strain 
(mm/mm) 

0.016 0.020 0.015 0.00221 0.00336 

Elastic modulus (MPa) 205,000 205,000 205,000 205,000 205,000 

Modulus of strain-

hardening region (MPa) 
4,800 3,800 4500 4,455 3,222 

 
MODIFIED WITTRY’S EQUATION 
 

The nominal flexural strength of brittle composite girders shown in the 
equation (1) is modified to obtain new strength equation as a function of the ductility 
parameter /p tD D . For example, as shown in Eq. 3, a modified strength equation for 

composite sections with SM400 steel can be obtained as same as the process of 
Wittry’s equation (see Eq. 1).  
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0.42 0.12 1.139 1.139

0.30 0.30
p y y p p

n
t

M M M M D
M

D
ϕ ϕ− −  

= +  
 

, 0.12 / 0.42p tD D≤ ≤ (3) 

 
Fig. 8 shows the comparison of the ultimate flexural capacity and Eq. 3 of a 

wide range of brittle composite sections to obtain safety factor at the ductility limit 
/ 0.42p tD D = . From the Fig. 8 the safety factor of 1.18 can be obtained at the 

ductility limit, / 0.42p tD D =  (Youn et al., 2013).  

 

 
Fig. 8 Safety factor for brittle composite girders with SM400 Steel 

 
For conventional composite sections with SM490 and SM520, safety factors 

at the ductility limit / 0.42p tD D =  are very close to 1.18. Using the safety factor of 

1.18, the predicting equation for nominal flexural strength can be developed as show 
in Eq. 4 and Eq. 5. Fig. 9 shows the comparison of the proposed new design equation 
and the predicting strength equation in the AASHTO LRFD (2007). From the Fig. 9 it 
can be found that the safety factor at / 0.42p tD D =  is 1.18 for the plastic moment 

and 1.13 for 0.96 pM . 

 
/ 0.1p tD D ≤  :      n pM M=                                   (4) 

0.1 / 0.42p tD D≤ ≤ , (1.047 0.47 )p
n p

t

D
M M

D
= −                     (5) 
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Fig. 9 Comparison of Proposed Equation and AASHTO LRFD's Strength 

Prediction 
 

For conventional composite sections with HSB600 or HSB800, Wittry’s 
method is not compatible for developing strength equations because /u nM M  does 

not show linear distribution as shown in Fig. 10. Therefore in cases of HSB600 or 
HSB800 the safety factor of 1.13 for the ultimate moment capacity is directly used 
for developing new design equations as shown in Eq. 6 and Eq. 7. Fig. 11 show the 
proposed strength reduction factors for conventional composite girders with HSB600 
and HSB800.  
For conventional composite section with HSB600 ;  
 

0.1 / 0.42p tD D≤ ≤ , (1.056 0.56 )p
n p

t

D
M M

D
= −               (6) 

 
For conventional composite section with HSB800 ;  
 

0.1 / 0.42p tD D≤ ≤ , (1.091 0.91 )p
n p

t

D
M M

D
= −                    (7) 

 
Fig. 10 Safety Factor for Non-ductile Composite Girders with HSB600 Steel 
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Fig. 11 Proposed Strength Equations of Conventional Composite Girders with 

HSB Steels 
 
HYBRID COMPOSITE GIRDER 
 

Hybrid composite girders can be applied in steel and concrete composite 
bridges and simple plastic theory also can be applied to calculate the collapse load of 
simple-supported or continuous composite girders. Ductile hybrid composite sections 
are to be ductile to show that the ultimate moment capacity is greater than its plastic 
moment as shown in Fig. 12 (Youn, 2013).   
 

 
Fig. 12 Stress and strain distribution of hybrid composite section 

 
For brittle hybrid composite sections, the ultimate moment capacity should be 

also reduced to obtain additional safety margin as same as that of conventional 
composite sections. In addition previous experimental tests conducted by Youn et al. 
(2008) suggest that the ultimate moment capacity of hybrid composite sections using 
HSB600 is greater than the predicting equations for the nominal flexural strength in 
the AASHOTO LRFD (2007).  

Fig. 13 shows the normalized ultimate moment capacity of a wide range of 
hybrid composite sections with 27 MPa concrete deck according to the ductility 

parameter */pD D . *D  represents the depth of maximum plastic neutral axis in the 

AASHTO bridge design codes (2000) and * / 7.5tD D= . The normalized ultimate 

cuε

s yε ε>>

0.85 ckf

yf

C

T
tD

pD

Section Strain Stress Approximate
Stresses
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moment capacity of hybrid composite sections is quite higher than the plastic moment 

pM  up to high ductility parameter */pD D  and thus, there are some needs to 

change the value of ductility parameter for classifying ductile or brittle hybrid 
composite sections. In addition it can be found that the ultimate moment capacity 
converges 0.96 pM  at / 0.42p tD D =  similar to that of conventional composite 

sections.  
Ansourian (1982) proposed the minimum ductility parameter χ =1.4 is 

required for applying simple plastic theory to calculate the collapse load of simple-
supported or continuous composite beams in sagging bending regions. This is same to 
the value of ductility parameter /p tD D = 0.143. It means the ductility parameter 

/p tD D = 0.143 can be adapted for the criteria for classifying ductile or non-ductile 

hybrid composite section in plastic design. Rotation capacity of the hybrid composite 
section is not less than that of the conventional composite sections, because rotation 
capacity is proportioned to the ultimate curvature of composite sections and the 
ultimate curvature depends on the ductility parameter of /p tD D . Therefore the 

additional safety margin for brittle hybrid composite sections can be introduced by 
dividing the ultimate moment capacity with the safety factor. The safety factor 
increases linearly from 1.0 at /p tD D =0.143 to 1.13 at /p tD D =0.42.  

 

 
Fig. 13 Effect of hybrid steel combinations on ultimate moment capacity 

 
For examples, the nominal flexural strength of hybrid composite sections with 

HSB600 can be proposed by using the safety factor of 1.13 at /p tD D =0.42 (Youn, 

2013) as follows ; 
 
For SM400+HSB600 hybrid composite sections;  
 
 / 0.1p tD D ≤  :      1.08n pM M=                         (8)  

 0.1 / 0.42p tD D≤ ≤ : 1.08 (1.067 0.67 )p
n p

t

D
M M

D
= −           (9)  
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For SM490+HSB600 hybrid composite sections;  
 
          / 0.1p tD D ≤  :      1.06n pM M=                         (10)  

0.1 / 0.42p tD D≤ ≤ : 1.06 (1.062 0.62 )p
n p

t

D
M M

D
= −           (11)  

 
where, pM  is the plastic moment of the hybrid composite sections with HSB600 

high-performance steel at tension flange only. 
 

In the previous equations, the maximum nominal flexural strength of 
1.08 pM  and 1.06 pM  can be changed to the plastic moment pM , and also the 

criteria of the ductility parameter for dividing ductile girders or brittle girders also 
can be changed from /p tD D =0.1 to /p tD D =0.15. In addition, steel combinations 

of hybrid composite sections can be changed and thus, it is considered that regulating 
predicting equations for each several hybrid composite section is not compatible to 
introduce in the design codes of steel and concrete composite structures. The research 
program is still running in order to propose simple predicting equations for 
calculating the nominal flexural strength of hybrid composite sections with HSB600 
and HSB800.  
 
SUMMARY AND CONCLUSIONS 
 

In October 2011, the Korean Government has started a research project to 
develop the new design code for steel and concrete composite structures based on 
limit state design concepts. In 2013, the Korean Government starts to change the 
current Korean codes system to a set of new design codes system for whole 
infrastructures. This system will be similar to the Eurocodes’s system. This paper 
presents a parametric study for the development of the nominal flexural strength of 
conventional composite girders and hybrid composite girders using HSB high-
performance steels. In order to introduce HSB steels in the new steel and concrete 
design codes, the ultimate flexural strength and the ductility of a wide range of brittle 
composite girders are calculated by using moment-curvature analyses. The results of 
this research project for developing new design codes for steel-concrete composite 
structures are expected to the part of new design codes system. 
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Abstract 
 

Floor vibration due to human activity has become increasingly recognized by 
structural engineers, architects, and building owners as an inherent issue in long-span 
steel framed floor systems. In the past, attention was primarily focused on strength 
and deflection serviceability limits.  However, as designers seek to push the limits on 
structural spans, grid spacings and adopt light-weight, low damping structural 
steelwork floor systems, more detailed consideration is required of the design tools 
and processes available to analyze and predict the vibration performance of floor 
systems. Selection from published criteria of an “acceptable” vibration limit is 
sometimes possible depending upon the intended use of the space and the availability 
of manufacturers’ data for any vibration sensitive equipment. Building owners and 
user groups often have little understanding or quantitative “feel” for what 
performance the proposed “acceptable vibration limit” actually represents.  The 
theoretical predication of vibration performance against actual measured performance 
can sometimes vary significantly.  This can lead to dispute post-construction as to 
whether the floor has an “acceptable” level of vibration. Post construction 
remediation of a space that is deemed to be “too lively” is often difficult, therefore, it 
is important that the vibration design criteria proposed are discussed and agreed and 
the limits of theoretical predications of vibration performance are clearly understood 
by all parties at the outset. Beca Ltd (Beca) are currently in the process of designing 
two projects at the University of Auckland, utilizing long-span partial-composite 
cellular steel beams. Both buildings will utilize existing structural frame layouts and 
foundations. As the new structure is to be built on the existing foundations, there is a 
necessity to keep it as lightweight as possible.  The question of vibration sensitivity 
has been raised as a potential issue as both buildings contain research laboratories. An 
in-depth investigation has been conducted into the factors affecting vibration 
performance in order to give the client and user groups confidence that footfall 
induced vibration will not be an issue with the proposed floor structure.  
 

1. Introduction 
 
Client requirements, coupled with architectural and cost constraints, have 

demanded new buildings to provide large uninterrupted floor spaces, which are fast to 
construct with a high degree of adaptability for building services. In response to these 
issues, Engineers have pushed the limits on column and beam grid spacings.  Where 
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previously strength and serviceability deflections governed design, it is increasingly 
the dynamic performance of floors which require increased consideration. The use of 
high strength light-weight cellular steel beams and composite metal-deck floor 
systems has reduced construction costs through lighter loads imposed on foundations 
and reduced craneage requirements. A range of software, including finite element 
(FE) tools, are now available to design composite long-span floor systems providing 
consideration of both strength and vibration issues. 

Beca are currently designing two projects at the University of Auckland 
(UoA) which comprise long-span partial-composite cellular steel beams and metal-
deck floors. The two buildings are to be used for postgraduate research and teaching 
spaces, as well as office and laboratory areas. Due to the nature of the intended use, 
there is a need to minimise footfall induced floor vibration effects on occupants and 
laboratory equipment. 

This paper outlines: the fundamental principles of vibration and factors to be 
considered during design, provides an outline of the two UoA projects, reviews the 
analysis and acceptance criteria adopted for the projects and summarises the on-site 
testing and validation of the analysis tools used. 
 

2. Fundamental Principles of Vibration 
 

To better understand the effect of footfall induced vibration on composite 
floor systems, it is necessary to understand the principles of vibration. 
 
2.1 Frequency 

 
The natural frequency of a system, given in hertz, Hz (cycles per second), is a 

measure of the rate at which the system vibrates1. When a cyclic force (e.g. walking) 
is applied to a structure, it will begin to vibrate. If the cyclic force is applied 
continuously, the motion of the structure will reach a steady-state (constant amplitude 
and frequency). 

For floors with a frequency of less than 8Hz, resonance can occur from one of 
the first four harmonic components of walking activity coinciding with the natural 
frequency of the floor. This is known as resonant excitation. Conversely, for floors 
with a sufficiently ‘high frequency’ (such that the first four harmonic components of 
the walking activity do not cause resonance), the response is dominated by a train of 
impulses corresponding to the heel impacts; which is known as impulsive excitation. 
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2.2 Modal mass 
 

A mode of vibration is characterised by a modal (natural) frequency and a 
mode shape. Each mode is independent of the other modes. All modes have different 
frequencies and different mode shapes. The modal mass of a system is a measure of 
how much mass is involved in the particular mode shape. A large modal mass will 
require a lot of energy to excite the mode. Systems with larger modal masses will 
therefore be less affected by footfall induced vibration. 
 
2.3 Excitation  

 
The forcing function from a walking activity is assumed to be perfectly 

sinusoidal, for the purpose of analysis. The excitation imposed to a floor is affected 
by the pace frequency, the length of walking path, and the location of the walking 
activity (excitation) relative to the receiver. 

The pace frequency, , used for design falls into the range1: 1.8 ≤ 	≤2.2  
The excitation point and response point should be chosen to produce the 

maximum response of the floor. In most cases, the maximum response will be when 
excitation and receiver are at the point of maximum modal displacement. 

 
2.4 Response 
 

Calculation of floor vibration response considers the mass, stiffness and 
damping properties of the structure, and by applying an appropriate excitation 
function2. For low frequency floors, both the steady state response and transient 
response need to be checked, as the higher frequencies of the floor may result in the 
transient response being greater than the steady state3. For high frequency floors only 
the transient response needs to be checked. 

The Response factor of a floor is the ratio between the calculated weighted 
RMS (root-mean-square) acceleration, and the base value given in BS64724. This 
standard covers many vibration environments in buildings. Limits of satisfactory 
vibration magnitude are expressed in relation to a frequency-weighted ‘base curve’ 
and a series of multiplying response factors. A Response factor of 1 (R = 1) is the 
level of vibration that can just be perceived by humans. R=2 is twice as much as can 
just be felt (etc). 
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3.2 University of Auckland – Faculty of Engineering Extension – B403/B404 
 

The Faculty of Engineering is located on the corner of Grafton Road and 
Symonds Street on the University of Auckland Central City Campus. The existing 
School of Engineering Buildings B403 and B404 are four level reinforced concrete 
structures.  The proposed extension comprises an additional six new lightweight 
stories be built above the existing. 

The proposed structure is an exosketetal steel frame with BRB bracing, 
erected on the outside of the existing building envelope supporting the vertical and 
lateral loads of the new floors above. The gravity structure consists of steel primary 
beams spanning 6.2m, with partial-composite long-span cellular secondary beams at 
3.1m centres spanning 12.2m and 13.4m, with a 140-thick composite reinforced-
concrete metal decking. Like the proposed Science Centre Tower, the cellular beams 
have been designed as partial-composite members, as a layer of visco-elastic material 
has been used over half the span to provide additional damping to the floor system. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. UoA Science Centre Building B302

Figure 3. UoA Engineering School 
Building 
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4. Design Assumptions / Considerations for Science Centre Building B302 
 
Vibration issues arising from using long-span composite steel beams can  

often be minimised and mitigated, if the resulting issues are identified early in the 
design process.  Early identification of factors contributing to a lively floor enables 
the Design Team to consider mitigation measures that can be easily incorporated into 
the design development. 

The following items were encountered and considered during the design of 
the University of Auckland Science Centre project: 
 
4.1 Floor Span and Structural Set-Out 
 

The frequency of a floor system is directly related to its stiffness and mass. 
The stiffness of the structure is inversely related to its span (EI/L). Therefore, as the 
span of the floor or supporting beams increase, the stiffness decreases, creating a 
livelier floor. By providing a floor system and supporting structure that is not too 
slender for the required spans, vibration characteristics of the system can be 
controlled. 

The University has a requirement to provide large clear-span spaces free of 
columns, to maximise efficiency of interior room layouts, and provide flexibility for 
future space planning layout changes to meet changing User Group needs.  The 
existing building structural layout with columns at a grid spacing of 6.2m by 13.4m 
and 14.8m, provides architecturally efficient space planning and enables re-use of 
existing building foundations; but led to an inherently flexible structural system using 
steel structure. 

Alternative grid options with additional columns, to reduce beam spans and 
stiffen the floor system, were investigated at an early stage. The alternative grid 
layouts resulted in a cheaper structure solution, with better vibration performance, 
however, the University decided that the reduction in space planning flexibility 
associated with these alternative layouts out-weighted the reduced cost and improved 
vibration performance. 

Floor penetrations and atrium voids create areas of structural discontinuity, 
but are aesthetically pleasing. There are three main atrium void configurations up the 
height of the building.  The vibration performance of the floor adjacent to the voids is 
found to be more sensitive than areas away from the voids. Special consideration of 
the vibration response of cantilevered balcony slabs and backspan beams at the 
atriums was required. 
 
4.2 Floor Mass (Modal Mass Participation) 
 

The amount of mass associated with a floor plate affects its vibration 
response. The mass used in the vibration analysis needs to accurately represent the 
mass actually present. For vibration assessment, the un-factored self-weight of the 
structure, plus super-imposed dead loads of items actually present (such as ceilings, 
floor covering, services etc.), plus a nominal allowance for imposed live loads is to be 
made, a value of 10% of live load can be assumed to be present, but may vary from 
building to building.. 
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Vertical restraint is also applied to the floor by the façade connections at each 
floor slab around the perimeter of the building and balustrading around the perimeter 
of the atriums. Sensitivity of this assumption was checked by modelling the façade 
elements and the balustrades in a Finite Element (FE) model. Pinned vertical supports 
were modelled for these elements. 
 
4.5 Effect of Partitions 
 

Internal partitions provide a mechanism to interrupt the vibration response of 
a floor. The partitions can behave in one of two ways, depending on their detailing 
and connectivity. An internal partition wall that spans from a given floor to the floor 
above, with direct connection, will connect the floor slabs together and act to reduce 
vibration by mobilising the mass of both floors. An internal partition that does not 
connect directly to the floor above, but rather stops at the suspended ceiling will 
increase the damping to the floor. 

To demonstrate what the system can achieve (as a minimum), a bare floor has 
been analysed, and this is considered as the ‘Base Case’. This would be applicable, 
should open-plan layouts of the floor be required. A case modelling the variable 
effect of partitions proposed was considered and it was found that the partition walls 
significantly improved the floor vibration response. 
 
4.6 Excitation 

 
The response of a floor system differs across its width. Nodal lines form at 

stiff areas such as column and beam lines, and these areas will be less responsive than 
areas in the middle of the slab and beam. The excitation point and response point will 
generally produce the maximum effect when they are in the same location. In reality, 
these two points are not always going to coincide.  

By considering the location, length and continuity of corridors and walking 
paths, the effect of the response generated can be controlled. The longer the walking 
path, the higher the dose of vibration that will be transmitted to other floor areas. By 
breaking up the walking paths or corridors into discrete lengths, the duration of 
continuous walking activity will reduce, and the dose of vibration will consequently 
decrease.  

SCI P3541 recommends that the ‘average’ mass for a human being, and hence, 
the assumed mass for the applied footfall source, is 76kg. This document also 
recommends a walking frequency of 1.8-2.2Hz to be used during design; these 
excitation masses and frequencies were used in the analysis of the University of 
Auckland projects. 

The floors have been independently checked for footfall induced floor 
vibration, and for vibration response from mechanical plant. Mechanical plant is to be 
appropriately isolated, either on isolation bearing pads or positioned in areas where it 
will not cause adverse effect to the building occupants. 
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To provide a reference datum of the amount of vibration currently 
experienced and deemed acceptable, various spaces within existing buildings was 
subject to vibration testing.  Testing of existing spaces included measuring modal 
properties from various dynamic excitations, and data logging of background 
vibration levels over a 48 hour period. This provided baseline “acceptance criteria” 
based on existing normal usage, with a reference that was meaningful to the Client 
and User Groups. 

The acceptance criteria finally adopted, as noted in Section 5.2, were based on 
a combination of the desires of the Client and User Groups, measurement of the 
vibration response of existing spaces, and guidance from industry documentation 
such as BS64724, SCI P3541, ASHRAE 20036 and ISO26317 and published data for 
various items of research equipment. 

 
4.9 Architectural Considerations 
 

Space planning can affect how much of an issue vibration may be. The 
distribution of corridors, corridor lengths and relativity of excitation to receptors, will 
determine the effect of a given walking path. If these walking paths are confined to 
stiffer areas of floors, such as beam lines and/or columns, then the effect of the 
walking path can be minimised. The location of receptors to machinery or plant can 
also determine the effect of a continuous source of vibration. If all plant is confined to 
say the roof level plant room or basement, and typically there is no human occupancy 
or the floor is a slab on grade (in the case of the basement), then the effect of this 
plant will be minimised. 

Specific users of a building may have the need to be situated in areas of low 
response, due to the nature of their work or the equipment they use. If this is the case, 
rather than trying to employ a solution across the whole floor plate, or even the entire 
building, it may be possible to situate them in a location that does not respond as 
much as other areas e.g. on a slab on grade, over a nodal zone, or away from sources 
or locations of excitation. 
 
4.10 Post Construction Changes 

 
Remedial action once a floor is in service is often challenging and expensive. 

It may be easier to reconfigure floors, move people or equipment away from vibration 
sources or walking paths, or alter the timing of the vibration activity, rather than look 
for intrusive solutions. 

If the floor configuration is not able to be altered, then there may be a need to 
change the response of the floor system. This may be achieved by adding mass to the 
floor, which is not usually very effective and may affect other structural elements, 
increasing the stiffness of the floor support members by stiffening beam elements, 
adding additional columns, providing stiffeners under the floor slab, providing 
partition wall systems to lower deflections, provide damping mechanisms such as 
tuned mass dampers or specialist damping materials, or isolating vibration sources by 
using isolation pads under mechanical plant (etc). 
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Notes: 
1. BBN Classification from “The Control of Vibration in Buildings” – BBN 

Laboratories, Cambridge MA, 1988 by C.Gordon. 
2. Beca estimate of “target” for Max. Peak values predicted by OASYS GSA 

Finite Element Program (assumed 25% increase on ISO2631 criteria). 
 

6. Vibration Analysis of B302 
6.1 Footfall Induced Vibration Modelling used on B302 Science Centre 
 

Dynamic response of the floor structure was highlighted as an issue at the 
early stages of the project, due to the grid spacing of columns and lightweight 
structure proposed. As the design progressed it became apparent that dynamic 
response was going to significantly influence the design of the gravity floor support 
system. A greater degree of certainty of performance and level of analysis was 
therefore required.  

Preliminary design of the structure was first analysed using the proprietary 
Fabsec and CellBeam software programs. This was verified using the Hera NZ Floor 
Vibration Analysis Program version 2 Microsoft Excel Spreadsheet and a hand-check 
using the guidance of SCI P3541. This confirmed that a more in-depth analysis was 
required, and a Finite Element (FE) model was created using Oasys GSA9 Software, 
to model the floor plates in 3D. 

Vibration analysis was completed under the guidance of SCI Publication 
P354, 2007. Two different methods of analysis were evaluated, with the first being a 
conservative hand-calculation estimate. It was found that the peak response of the 
floor system was in excess of the prescribed maximum for the given workspace. 

The P354 refined approach is to assess the floor system using Finite Element 
(FE) modelling. FE modelling takes a continuous structure and breaks it up into a 
number of discrete elements. The relationship between these elements are then 
determined using methods for multi-degree-of-freedom discrete systems. Oasys GSA 
software9, developed by Arup, was used to model the floor system. Three typical 
levels of the Science Centre Tower were assessed; Levels 2, 5 and 7 (the other floors 
are similar in nature to these). Floor vibration was measured in terms of a Response 
Factor, R. Response evaluated in Oasys GSA reported values were then evaluated as 
peak, average and point values. The peak value represents the absolute maximum 
response factor of the floor given its chosen parameters. The average response factor 
represents a mean peak value across the floor. The point value evaluates a chosen 
point on the floor which is the same location for each output, used to compare the 
response to the variables evaluated. 
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architectural layouts, furnishings are indicated in all areas, and there is no current 
requirement for whole-floor open plan spaces. The presence of fixtures and 
furnishings could potentially increase the damping available by 1 to 2% from the 
minimum 4% base case assumption. 
 
6.2.3 Internal Partition Walls 
 

As noted in Section 4.5, internal partitions can have a positive effect by 
significantly reducing floor vibration response. Sensitivity analysis led us to model 
the internal partition walls, by creating an element with the same effective stiffness as 
a 100mm wide timber stud wall with a single layer of gib-board either side. This was 
deemed appropriate over a blanket increase in damping value applied to the whole 
floor. An allowance for doorways was made, by not modelling partitions at these 
locations. Modelling partition walls reduced the floor response to vibration by a 
reduction in R factor of 2 to 4, depending on the extent of partition and base level of 
damping assumed. The Client was advised that this improved response might be lost 
should open plan office layouts be adopted in the future or the full height corridor 
walls be removed. 
 
6.2.4 Deeper Secondary Beams 

 
Use of a deeper castellated beam was analysed to determine the cost-

effectiveness and change in dynamic response. A 900mm deep member was designed 
and modelled, in lieu of the 800mm deep sections .It was found that the reduction in 
response was minor with an R value reduction of only 0.1. 
 
6.2.5 Increased Floor Slab Mass 

 
An increase in modal mass has been proven to reduce floor vibration 

response. A 140Comflor60 deck was assumed as the ‘Base Case’ floor system. It was 
found that by changing the floor slab system to a 140-flat deck profile, a 25% 
increase in slab mass can be achieved. The increased modal mass reduced the floor 
vibration response, with a reduction of R=2.6. However, the cost associated with 
increased floor mass is not just the cost of the concrete itself.  The additional demand 
placed on beams, columns, foundations and lateral bracing system meant that this 
solution was not deemed acceptable. 
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receiver placed anywhere on the floor. There are defined walking paths, dictated by 
the corridors and furniture layouts, and this beneficial effect has not been taken 
account of in the general analysis, but was used when considering the performance of 
localised specialist areas. 

The nature of footfall induced vibration is that the excitation is intermittent. In 
the FE models created, excitation has been considered as continuous, and therefore 
the maximum response experienced by a receiver would be sporadic, rather than 
constant. This may affect the users perception of vibration, and as a result, the users 
may be more accepting of occasional higher vibration response. 
 
6.3 Viscoelastic Damping Layer 
 

As noted above the use of viscoelastic materials is a simple method of 
increasing the damping properties of a slab at the time of construction. Resotec is an 
example of a commercially available product. The Resotec system improves the 
dynamic performance of composite floors by dissipating energy through shearing of 
the viscoelastic damping layer during low-level vibrations10. Viscoelastic materials 
used in this application are up to 3mm thick, consisting of the polymer sandwiched in 
between two thin steel plates. At the location of application, composite connection is 
lost between the steel beam and reinforced concrete, as there can be no direct 
connection between the two surfaces to allow the viscoelastic layer to undergo shear 
deformation. 

 
6.4 Vibration Dose Values [VDV’s] 
 

The nature of footfall induced floor vibration is that the excitation is not likely 
to be continuous, but rather, intermittent11. A cumulative measure of this intermittent 
response can be calculated and benchmarked against the acceptable tolerance level. 
The Vibration Dose Value (VDV) measures the level of human perception due to 
specified occasional vibrations for short durations e.g. a person or a group of people 
walking down a hallway. 

The analysis of VDV for the Science Centre assumed a peak response factor 
for continuous vibration of R=9.4, which is the highest resulting response factor from 
the analysed ‘Base Case’. The analysis results showed that in order to achieve a low 
probability of adverse comment, any hallway in the building should not be traversed 
more than 111 times in an hour by an individual person, or group of people. Given 
the current architectural layout and building usage, this is unlikely to occur. 

 
7. On-Site Testing and Validation of Theoretical Analysis of University of 

Auckland Projects 
 

To determine floor vibration acceptance criteria and to validate the theoretical 
analysis of the new floors, it was decided to test and analyse several existing floors 
which were either; of the same construction as the proposed new floor system, or, 
were floors housing similar users to the intended use. The purpose of the testing was 
for the Client to be able to physically experience the vibration response of various 
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floors so they could have a physical understanding of the different “R” values. 
 

Nine floors across four buildings were tested, providing a representative 
sample for the proposed structure and end use of the new Science Centre and 
Engineering School buildings. The four buildings tested were: 
 The existing B301 Chemistry Research Building, occupied by staff and 

students that would end up in the new B302 building. This provided an ability 
to benchmark the vibration response and damping achieved in their existing 
work areas. The structure is a reinforced concrete frame supporting precast 
concrete floors. Floor spans and frame centres at 6m to 8m are considerablyu 
less than the new B302 building. 

 The UoA School of Engineering Buildings 403/404, again, occupied by staff 
and students that would end up in the new building extension. The existing 
structure is reinforced concrete frames supporting precast concrete floors, 
which has a different vibration response to the proposed new steel frame 
structure. 

 The UoA Property Services Building which is a 1980’s era building 
constructed from steel beams and composite metal decking.  The Client 
occupies this building and considers the floors to be “fairly lively”. The 
purpose of testing was to compare the actual performance of these existing 
floors to the predicted performance of the B302 Science Centre which has 
significantly larger floor spans. 

 The Auckland University of Technology WG Building, which has a structural 
layout similar to the proposed new buildings. These similarities include: steel 
beam spans, composite floor construction, steel beam spacing and the use of 
cellular beams. This building has a mixed office and circulation type usage, 
which is similar to some areas of the proposed Science Centre building. Due 
to the similar nature of the structure this provided the Client the ability to see 
and feel what a similar end product could potentially be like. Testing was 
aimed at analyzing the level of vibrations felt, and damping achieved on a 
floor with similar structure to the proposed new buildings. Different levels of 
fit-out and furnishing on each of the three levels gave a representative result 
of the different damping that is achievable. 
 

7.1 Vibration Testing and Data Logging  
 

Vibration testing was undertaken to provide information in relation to the 
dynamic performance of each slab, to quantify the modal properties of the structure, 
and to measure the response of the slab to a person walking on the floor. These 
properties were required to assess the inherent properties of the structure, to 
understand the environment that the Users are currently used to, to establish the 
actual amount of damping that may be achieved out of the structure, and to give the 
Client the ability to quantify what a physical floor vibration and proposed acceptance 
limit response value actually correspond to. 

Each floor was subject to a combination of up to three different types of tests, 
depending on the desired results:  

Composite Construction in Steel and Concrete VII 283

© ASCE



 

 

like
usin
the 
to m
was
calc
 
7.2
 

cor

 Acce
 Acce
 Dyn

natur
Dampin

ely to induce
ng a metron
walk. Wher

measure acc
s extracted a
culated. 

 Theoretica

An FE m
rrelation betw

 
 

elerations un
elerations un
amic testing
ral frequenc

ng of the mo
e resonance w
nome to set t
re required, v
celerations e
and plotted, 

al vs. Measu

model of the
ween analyti

Figu

nder normal 
nder controll
g, in order 
ies 
odes, modal
were calcula
the gait and
vibration dat
experienced 

and a respo

ured Floor V

e AUT-WG 
ical predictio

ure 10. AUT

operating co
led walking 
to determin

l frequencies
ated. A contr
an accelero

ta loggers w
under norm

onse factor f

Vibration Re

floor plates 
on and meas

T-WG FE M
 

onditions 
 

ne the level 

s, and critic
rolled walkin
meter to rec

were placed f
mal operatin
for the given

esults 

tested was c
sured floor v

Model outpu

of damping

cal walking 
ng test was u
cord the time
for a period o
g conditions
n use of the

created to de
vibration resu

 
ut 

g and their 

frequencies 
undertaken, 
e history of 
of 48 hours, 
s. The data 
e space was 

etermine the 
ults.  

Composite Construction in Steel and Concrete VII 284

© ASCE



 

 

 

 

Figure 1

Figure 12

Figure 13.

11. AUT-WG

2. AUT-WG

. AUT-WG 

G Testing R
 

G Testing Fr
 

 

Measureme
 

Response ou

requency ou

ent location

 
utput 

 
utput 

 
n photo 

Composite Construction in Steel and Concrete VII 285

© ASCE



 

 

Assumptions made in the OASYS GSA model included columns and walls 
fixed at mid-height between the floor of concern and the floor above and below. 
Major penetrations modeled, including penetrations for lifts, stairs, escalators and 
service risers. Restraints for façades, balustrades and atrium walls have been used and 
all other items have been considered as variables. The variables which were found to 
provide the greatest amount of effect on the overall response of the floor is the 
provision of full-height and partial-height partitions, and floor damping. 

The OASYS GSA analytical models of AUT indicated a maximum vibration 
response value of R=19.9. This compares to measured response values in the range of 
R= 10 to R = 6. There is a poor correlation between the measured response values 
and the analytical prediction. 

The discrepancy between analytical and measured results can be attributed to 
a variety of factors, including; 
 Variations in analytical modeling assumptions such as “effective” span of 

floor beams, effect of partitions, damping, restraint conditions, stiffness 
assumptions of supporting elements, variation between analytical 76kg walker 
excitation force and pace frequency compared to actual etc. 

 Excitation of the slab during on site testing may not have the receiver in the 
worst place for the given excitation, but rather a convenient location for 
testing. Oasys GSA excites the slab from all locations across the floor plate 
and provides a contour plot of response values, which gives the maximum 
response value for each receiver location with the excitation (walker) in the 
worst place.  The analytical model therefore provides a floor response 
corresponding to a worst case location for the receiver (occupant) at each 
location for the worst case walking path in the critical location. The site 
measured walking path and position of receiver may not correspond to the 
above “worst” case. 

 Damping reported by site measurements is specific to a mode, while Oasys 
GSA evaluates all modes of vibration. 

 Various levels of construction material were scattered over the floors during 
on-site measurement, which may affect the mode shapes and provide varied 
levels of damping during testing.   
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Abstract 

 
The Leadenhall Building will add a very distinctive shape to the London 

skyline. The external steel megaframe is one of the most visible parts of the building 
but the composite floors also include innovative features. The analysis for footfall 
vibration and the design of the floor beams for axial force used new approaches but 
the most significant innovation was the use of precast planks to span between the 
steel beams. The connection between the planks and the steel beams was developed 
partly in response to the specific challenges encountered on this project. Continuity 
between the planks for negative bending and in-plane shear was provided by the use 
of bars with threaded couplers and ducts cast into the planks. To transfer the shear 
between the slabs and the beams, a tab connection was used. A series of tests was 
carried out to establish the properties of the connection and validate the system. 
Results are presented in this paper. 

 
DESIGN 
General 

 
The design of the Leadenhall building is iconic and unique in its geometry, as 

can be seen in Figure 1 below. At ground level the majority of the area of the building 
will become a public space and the first full floor is at level 5. This is the largest 
floorplate and measures approximately 2000 square metres net internal. Above this 
the floorplate reduces linearly with building height. To achieve the slope, steel beams 
and concrete plank elements are re-arranged at every level near the South face. Where 
this re-arrangement does not occur, the structural grid can be considered to be 16m by 
10.5m between Mega-columns, which poses a challenge with regards to the strict 
vibration criteria imposed by the client (Response factor generally<4). 

The external Megaframe structure, which nodes out every 7th level, provides 
the overall building stability, while between Megalevels, K-bracing in the North-East 
and North-West corners of the main building provides stability to intermediate floors. 
The floors are subject to significant diaphragm forces due to restraint of internal 
columns and the sloping columns on the south façade.  

The floor beams are fabricated plate girders with holes in the webs to allow 
integration of services. The bottom flange is typically larger than the top. 
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Fig.1 - The Leadenhall Building design, architectural image (left), sample 
structural floor plan (right) 

 
The precast plank system 

 
The development of the precast plank system started while the project was 

being tendered. In fact foundations for the building had already been installed under 
an earlier contract. So any solution could not weigh more than the original slab 
design. Also the solution could not compromise the program and hence there was no 
opportunity to revisit many design decisions and the basic beam layout and beam 
sizes had to be accepted. Therefore the system is basically 150mm deep precast 
planks typically span up to 4.5m between steel beams, with which they act 
compositely. This depth matches the original solution and to keep the weight the 
same lightweight concrete was used and the thickness reduced over part of the width 
in the middle of the span. The provision of channels in the soffit also ensured an 
equally utilitarian functionality to enable the fixing of services and suspended 
ceilings with ease. 

The key to the system is the detail at the joint between the units on top of the 
steel beam. The connection [patent pending, publication number GB 2495319, 2013] 
is shown in Fig. . This has to deal with flexure and diaphragm forces in the slab and 
provide the shear connection between steel and concrete necessary for composite 
action. A dowel bar with a female coupling device is precast in to the plank on one 
side of the joint (right side in detail A below), while a loose dowel bar with a male 
thread is pre-loaded in the corrugated void former in the plank on the other side of the 
joint (left side in detail A). Once both planks have been installed the loose bar is slid 
across and screwed into final position. Once the coupling is checked and signed off, 
the void former and joint is fully concreted with a high strength flowable grout. 

At edge beams a traditional detail was used with pockets left in the planks that 
fitted over studs on the beam. 
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Fig. 2- Connection details 

 
The slab was designed using normal code rules but taking into account that 

the self weight was applied before the joint over the beam was completed. 
Deflections had to match those predicted for the original scheme and were calculated 
taking account of the staged loading, creep and shrinkage. Concrete Society technical 
note 59 [Concrete Society 2004] was used to assess the influence of cracking.  

Although the shear connection between the slab and steel beam has some 
similarities to the Perfobond connection developed by Leonhardt Andrä and Harre 
[Leonhardt et al 1987] the differences were such that no reliable predictions of the 
resistance could be made and testing was required to allow the design to proceed.  

 
Response to footfall vibration 

 
The relatively long span of the beams meant that the response to footfall 

vibration had to be considered. Adequate response was demonstrated by analysis 
using the methods set out in CCIP 016 [Willford and Young 2006]. The analysis was 
done on a floor by floor basis but this was complicated as the tapering shape meant 
each floor was different. Routines were set up whereby analysis models for each floor 
could be extracted from the engineering model of the whole frame. The models were 
then automatically analysed and plots of response factors produced. This analysis was 
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carried out on the original slab design i.e. lightweight concrete on trapezoidal 
composite metal deck. As the precast concrete planks have different properties to the 
metal deck slab the floors were re-analysed for the new precast scheme. 

 
Beams subject to Axial Force 

 
As mentioned above there are significant diaphragm forces in the floors. 

These lead to large forces in the composite beams and these needed to be considered 
in design. A methodology was developed to carry out the assessment of the beams. 
The basis of the methodology was described by Banfi [Banfi 2008] but has been 
developed since then. The assessment is based on typical guidance in SCI publication 
P355 [Lawson and Hicks 2011] for beams subject to vertical load but adjusted to take 
into account the axial force. This involved consideration of the effect of the axial load 
on: 

• Overall stability of the beam 
• Stability of the bottom flange 
• Stability of the tees at openings in the web of the beams 
• Forces in the studs 
• The acceptable level of partial interaction. 

The methodology was developed for the slab on metal deck and adjusted for 
the as-built slab. The main adjustment was in the resistance and spacing of the shear 
connection.  

 
TESTING OF THE PRECAST SLAB SYSTEM 

 
As well as assessing the resistance of the shear connection, the series of tests 

conducted at BRE looked at; the pull-out strength of bar grouted in plank, 
buildability, overall system strength and dynamic performance.  

The tests for connection resistance were conducted as shown below. A total of 
9 were conducted to given appropriate design parameters for a range of loading and 
geometry conditions. The tests showed the resistance expected and very ductile 
behaviour (Figure 5 and 6). The results were assessed in accordance with EN1994-1-
1 [BSI 2004] and EN1990 [BSI 2002].  
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Fig. 3 - Connection shear strength test configuration 

 

 
Fig. 4 - Photo of connection shear strength test at BRE 
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Fig. 5 - Post-test examination of shear connection plate 

 
 

 
Fig. 6 - Load displacement graph for one of the shear tests 

 
A 16m by 10.5m ‘typical’ bay was erected in BRE’s laboratory for 

buildability, overall load testing and dynamic assessments. Prior to erection, a digital 
engineering model was used for manufacturing and assembly purposes (Figures 7 to 
11). 
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Fig. 7 - Digital engineering model of the test bay 

 
With regards to buildability, it soon became apparent that control of the 

temporary stability of the steel beams would be a real issue for the project. This could 
be dealt with by increasing the width of the top flange of the steel beam. However, as 
the steel had already been ordered for the project, a simple temporary propping 
solution was developed. 

 

 
Fig. 8- Erection in progress in the laboratory at BRE 

 
With regards to overall strength, the floor was loaded to ‘ultimate’ design load 

conditions as shown below. Even under such loading, the floor responded almost 
elastically, with the majority of deformation fully recovered, and no significant 
residual cracks were observed. 

A range of dynamic tests were conducted, including footfall, pacing and 
rotary shaking to give information on the performance characteristics of the floor 
system with respect to design for the project. 
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Fig. 9 - Loading arrangement on floor 

 

 
Fig. 10 - Beam deflection under ‘ultimate’ design load 
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Fig. 11 - Dynamic testing under 'pacing' load (left), rotary shaker (right) 

 
 
MANUFACTURE OF THE PRECAST SLABS 

 
The precast plank elements were manufactured by Explore Manufacturing 

Limited (a Laing O’Rourke group company) at its state-of-the-art facility near 
Worksop in the East Midlands. As part of the manufacturing process was innovative 
for Explore, a regular dialogue and evolution of the design system took place at a 
frenetic pace, which made for a great learning experience for all involved. An early 
evolution of the design involved a structurally ribbed soffit, but this was replaced by 
a coffered soffit in order to simplify formwork and reinforcement cages. 
Reinforcement cages were continually reviewed and optimised to maximize the use 
of automated bent meshes and minimise labour content (Figure 12). Also, samples 
were produced to ensure an appropriate quality of surface finish and demonstrate an 
ability to cast dowel bars in correct positions so that the elements could be 
confidently connected on site (Figure 13). 

 

 
Fig. 12 - Use of digital engineering to enable optimised reinforcement cage 
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Fig. 13 - Manufacturing trials demonstrating quality of finish (left) and 

connectivity (right) 
 

ASSEMBLY 
 
The precast planks were assembled on site by Expanded Limited, a Laing 

O’Rourke group company. Each plank, weighing about 2 tonnes, was installed in 
position by a very small team of operatives who only had to screw the dowel bars 
together and grout up the connections. The dry construction enables very quick 
access to erection activity overhead as can be seen below where an access device is 
already located on the slab prior to grouting. 

Edge protection sockets, lifting points and façade fixings are pre-installed in 
the elements, minimising the amount of onsite work and work at height. The plank 
system allowed a very fast rate of construction, up to 700 square metres per day with 
one crane and minimal labour, as can be seen in Figure 14.  

A combination of steel and precast concrete was also used for the construction 
of the North Core. Here the planks are raised up above the main framework and do 
not act compositely. However this was an excellent example of prefabrication. Table 
units one storey high were fabricated with the precast planks, horizontal services and 
the temporary edge protection and were installed in one lift (Figure 15).  
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Fig. 14 - Plank assembly at the work-front 

 

 
Fig. 15 - North core module, delivered as one unit (steel table, precast planks, 

horizontal services and edge protection) 
 

Conclusions 
 
A new method for lightweight concrete floors in composite action has been 

demonstrated through testing to be a reliable construction technique and has proven 
through practice its ability to deliver high quality construction in a fast, clean and 
efficient manner (Figure 16). 
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Fig. 16 - View of structural soffit 
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Abstract 
  
This paper describes investigations into the structural behaviour of ferritic stainless 
steel floor decking in composite construction. Although commonly used in the 
automotive and industrial sectors, structural applications of ferritic stainless steels are 
rare owing to a relative lack of knowledge, performance data, and design guidance. 
These materials display considerably better atmospheric corrosion resistance than 
carbon steels, as well as having good ductility, formability and excellent impact 
resistance.  As part of a wider investigation into the use of ferritic stainless steels in 
structural applications, an experimental study has been undertaken to assess the 
viability of using these materials for the profiled decking in composite floors. The 
shear connection behaviour between the steel beams and the composite slab is clearly 
critical and this is influenced by the through-deck welding process of the shear 
connectors. The practicality of this welding technique is assessed and described in 
this paper. Furthermore, the results of a series of push tests are presented. These 
enable the resistance of the shear connectors to be established and compared with the 
strengths specified in EN 1994-1-1 for composite slabs using galvanized steel 
decking.   
 
 
INTRODUCTION 
  
Ferritic stainless steels are low cost, price-stable, corrosion-resistant materials which 
are widely used in the automotive and domestic appliance sectors. They are a family 
of ‘utility’ stainless steels which display considerably better atmospheric corrosion 
resistance than carbon steels, as well as having good ductility, formability and 
excellent impact resistance. Nevertheless, structural applications are scarce owing to 
a lack of suitable information and design guidance. It is in this context that a major 
collaborative project is underway in Europe entitled Structural Applications of 
Ferritic Stainless Steels (or SAFSS). The principal aim of this study is to develop the 
information needed for comprehensive structural design guidance to be included in 
relevant parts of the Eurocodes and other accompanying standards/guidance. 
Although the research has general applicability to the use of ferritic stainless steel, 
there is a particular focus on trusses and space frame structures as well as exposed 
decking in composite floor systems, the latter of which is relevant to the current 
paper. 
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 Steel-concrete composite construction is a popular choice amongst engineers 
and designers as it represents a very efficient use of materials, providing quick, cost 
effective and sustainable construction (Simms and Hughes, 2011). Typical 
ingredients include steel decking, slab reinforcement, shear connectors, structural 
steel section and the concrete slab, as shown in Figure 1. The use of steel-concrete 
composite floor slabs is well established and the design approach is presented in 
Eurocode 4 (EN 1994-1-1, 2004). It is estimated that the European market size for 
decking in composite floor systems is 60-80,000 tonnes per annum. However, the use 
of stainless steel for the decking has not been explored in any great detail, although it 
offers two distinct advantages over galvanized steel, which may be favourable in 
certain circumstances: 

i. Corrosion resistance – this may be important in applications with exposed 
decking or in other sensitive environmental conditions, e.g. during the 
construction stage, or in a car park. 

ii. Thermal capacity – it has been shown that the thermal mass in floor slabs can 
be used to regulate temperatures in the structure thereby reducing the need for 
additional cooling and heating measures (Barnard and Ogden, 2006; Kendrick 
and Wang, 2007). This is optimized by using profiled slabs as the exposed 
area is greater than in flat slabs and also by having an exposed metal deck to 
allow good convective and radiative heating/cooling. Whilst the thermal 
performance of galvanised and stainless steel has not been shown to differ 
significantly, stainless steel is more likely to be exposed as it provides a more 
attractive appearance.  

 Ferritic stainless steels can offer a cost-effective solution in composite floors. 
However, before this technology can be further developed, it is necessary to satisfy 
the required structural performance of composite slabs using profiled decking rolled 
from ferritic stainless strip steel. Apart from the SAFSS project, no other research 
programme looking at the use of stainless steel in composite floor systems is known 
to the authors.  
 

 
Figure 1. Steel-concrete composite construction (image available from the SCI) 

 
 Historically, the performance of shear connectors has been established using 
small-scale push test specimens, where a small number of shear studs are embedded 
in a concrete section and welded to a steel section which is then loaded whilst the 
concrete section is held in position. This type of test is described in Eurocode 4 
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(2004) and the essence of the test has remained unchanged since the 1930’s (Hicks, 
2007).  However, it is important to note that the validity of these tests has come into 
question in recent years as comparisons have shown that that the specimens have 
lower resistances and ductility than composite beams with the same material 
properties, cross-section and decking geometry (e.g. Rambo-Roddenberry, 2002; 
Bradford et al., 2006; Hicks, 2007). The reason for this lies in the loading and 
restraint conditions of the push tests, which are different to those experienced in a 
composite beam. In particular, the vertical forces and negative bending in the slab at 
the line of the shear connectors are currently ignored. 
 Nevertheless, a cost-effective and straight-forward alternative to the standard 
push test has yet to be developed and introduced in design guidance (although it is 
currently being investigated in a major European project entitled “Development of 
improved shear connection rules in composite beams” which is being coordinated by 
the Steel Construction Institute and funded by the Research Fund for Coal and Steel), 
and therefore the tests adopted in this programme are as specified in Eurocode 4.  It is 
acknowledged that the push tests may not give the full impression of the composite 
performance but they can still give a useful insight into the most salient parameters 
and provide a basis for comparison with other materials. A primary objective of this 
study is to gain an insight into the effect of different shear connection arrangements 
on the composite performance.  
 This paper provides a background to the SAFSS project, followed by a brief 
description of ferritic stainless steel. Thereafter, a discussion on composite behaviour 
will be given as well as a description of the experimental investigation into the 
composite performance of ferritic stainless steel-concrete composite slabs. A series of 
8 push composite tests has been completed at Brunel University in order to assess the 
shear connection behaviour and these will be discussed together with the findings 
from the through-deck welding trials. More detailed discussion is available elsewhere 
(Cashell and Baddoo, 2014).  
 
SAFSS PROJECT 
  
The SAFSS project is a 3-year collaborative project which commenced in mid-2010 
with a view to increasing the structural use of ferritic stainless steels. The project is 
largely funded by the European Union Research Fund for Coal and Steel (RFCS) 
with additional support from Aperam, AcerInox and Outokumpu Stainless Oy and is 
being coordinated by the Steel Construction Institute. The project has been divided 
into eight separate work packages with various partners working on each.  The work 
packages (WP’s) include studies into:  (WP1) Mechanical properties; (WP2) 
Structural performance of light gauge members; (WP3) Structural performance of 
steel decking in composite floor systems; (WP4) Structural performance at high 
temperatures; (WP5) Structural performance of welded connections; (WP6) 
Structural performance of bolted and screwed connections; (WP7) Corrosion 
resistance; and (WP8) Design guidance and implementation into the Eurocodes. The 
study discussed in this paper is relevant to WP3.  
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FERRITIC STAINLESS STEELS 
  

Ferritic stainless steels do not contain significant quantities of nickel and are 
therefore cheaper and relatively price-stable compared with austenitic stainless steels. 
Ferritics also differ from the more commonly-used austenitic stainless steels in that 
they have higher mechanical strengths (approximately 250-330 N/mm2 0.2% proof 
strength), are magnetic, have lower thermal expansion, higher thermal conductivity 
and are easier to cut and work.   
 The mechanical and physical properties of ferritics make them suitable for use 
in composite floor slabs where an attractive metallic surface finish is desirable. 
Unlike galvanised steel, ferritic stainless steels have a naturally occurring corrosion 
resistant surface layer so there is no requirement for applying protective surface 
layers and no remedial work or corrosion risk at cut edges in most normal 
applications. Furthermore, ferritics are easy to recycle compared to galvanised steel 
where the zinc from the galvanised coating must be removed prior to re-melting the 
steel.  
 Three of the ‘traditional’ ferritic grades are covered in the American SEI/AISI 
Specification for design of cold-formed stainless steel structural members (SEI/AISI, 
2002) for thicknesses up to 3.8 mm. The South African (South African Bureau of 
Standards, 1997) and Australian/New Zealand (Standards Australia Standards New 
Zealand, 2001) structural stainless steel standards take similar approaches. The 
Eurocode for structural stainless steel, EN 1993-1-4 (2006) states it is applicable to 
three traditional ferritic grades (grades 1.4003, 1.4016 and 1.4512), however, the 
guidance is almost exclusively derived from work on austenitic and duplex stainless 
steels and in many cases ferritic-specific guidance is missing. EN 1993-1-4 refers to a 
number of clauses in other parts of Eurocode 3 such as EN 1993-1-2 (2005), 1-8 
(2005), 1-9 (2005) and 1-10 (2005) which have not been validated for ferritic 
stainless steels. One exception is that EN 1993-1-2 (2005) includes data on one 
ferritic grade. 
 
COMPOSITE BEHAVIOUR 
  

In composite structures, the applied loads are transferred between the floor 
slab and the beams through shear connectors which are embedded in the concrete slab 
and welded to the steel beam. The capacity of these studs is typically established 
experimentally through push tests, although there are shortcomings to this approach, 
as presented earlier in this paper. International design standards such as Eurocode 4 
(EN 1994-1-1, 2004) provide theoretical models for predicting the shear resistance of 
the shear studs.   
 The Eurocode 4 theoretical model is presented in Sections 6.6.3.1 and 6.6.4.2 
of the code.  When stud connectors are welded within ribs of profiled steel decking, 
their resistance is reduced compared with their resistance in a solid slab. To account 
for this, Eurocode 4 applies an empirically-derived reduction factor (kt) which is 
multiplied to the design resistance for a shear stud in a solid slab (PRd) to give the 
final shear stud resistance (referred to as PRd,rib hereafter). However, it is noteworthy 
that Eurocode 4 provides no guidance as to how the standard solid slab specimen 
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should be adjusted when decking is present, which has given rise to a large degree of 
scatter in test results (Hicks, 2007).   
 The reduction factor kt is defined as: 
 

kt = 
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  but kt  ≤ 0.85 for studs welded through profiled steel sheeting 

and kt  ≤ 0.75 for profiled sheeting with holes.     (1) 
 
where: 
b0 = the width of a trapezoidal rib at mid-height of the profile; 
nr = is the number of stud connectors in one rib at a beam intersection, 
hp = the height of the steel sheeting measured to the shoulder of the profile; 
hsc = the as-welded height of the stud, but not greater than hp + 75 mm. 
 
 PRd is defined as being the lesser of two values calculated using Equation 
(6.18) and (6.19) in Eurocode 4 for steel and concrete failure, respectively.  Equation 
(6.18) determines the resistance based on the strength of the steel, presented here as 
Equation (2): 
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where: 
fu the specified ultimate tensile strength of the material of the stud but not 

greater than 450 N/mm2 for a profiled slab; 
d the diameter of the shear connectors; 
γV the partial factor. 
Equation (6.19) in Eurocode 4 determines the resistance based on the strength of the 
concrete, presented here as Equation (3): 
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where: 
α a function of the dimensions of the deck and shear connectors;  
fck the characteristic cylinder strength of the concrete;  
Ecm the secant modulus of elasticity of the concrete. 
 
 Annex B in Eurocode 4 states that the characteristic slip capacity δuk should 
be taken as the maximum slip capacity of a specimen δu reduced by 10%, where δu is 
the slip corresponding to the characteristic load level (PRk).  In Clause 6.6.1.1(5) of 
that standard, a shear connector is defined as ductile if the characteristic slip capacity 
is at least 6 mm, and the minimum degree of shear connection rules in the standard 
are calibrated for this ductility.  
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EXPERIMENTAL PROGRAMME 
  

The primary objective of the laboratory experiments is to gain a greater 
understanding of the composite performance of slab specimens using ferritic stainless 
steel decking by completing a series of standard push tests. A number of parameters 
can affect the load-slip characteristics between the steel and the concrete, such as the 
way that the stud is welded to the steel section, continuity of the decking and the 
strength of the concrete. The focus in these tests is to ensure that the composite 
performance of specimens using ferritic decking is, at least, as good as that when 
galvanised decking is used and also to investigate the effect of different construction 
arrangements.  
 Prior to undertaking the main experimental programme, which consists of 8 
push tests, it was important to conduct welding trials in order to verify the practicality 
of the through-deck welding technique commonly used in the UK.  The welding trials 
were completed at Hare Decking Ltd (formerly Richard Lees Steel Decking) in the 
UK, where 19 mm carbon steel shear studs were welded through ferritic stainless 
steel sheeting to the structural steel beams using the same technique as used for 
regular galvanised steel decking (Figure 2). Once welded into position, they were 
subjected to the standard tests performed on welded shear studs in construction, i.e. 
the ring and bend tests (Figure 3); all welds passed these tests. Importance was given 
to subjecting the ferritic specimens to the same standard of testing as is commonly 
used on-site for galvanised decking. 
 

Figure 2. Through deck welding Figure 3. Bend test and ‘left after 
weld height’ 

  
 Further observations from the trials were that the welds were very satisfactory 
and all welds were found to have good collars and to be of correct ‘left after weld 
height’, i.e. 95 mm ‘left after weld height’ for a shear stud which was originally 
100 mm in height, as shown in Figure 3. Based on the results of these trials, it can be 
deduced that there is no greater risk using ferritic decking than using galvanised 
decking from the welding perspective. Once the welding trials were completed with 
satisfactory results, the push test specimens were prepared at the same location. 
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Push tests 
  
A total of 8 push tests were completed at Brunel University, all of which used Arcelor 
Mittal Cofraplus 60 decks (as shown in Figure 4) with a thickness of 0.8 mm in grade 
1.4003 ferritic stainless steel. The tests were completed in accordance with EN1994-
1-1 Annex B, differing slightly in that the code describes a flat concrete slab without 
steel decking whereas the test specimens were profiled with ferritic stainless steel 
sheeting. Structural tees were used rather than universal column sections to enable 
both sides of the specimen to be cast at the same time, thus ensuring consistent 
concrete properties within each specimen. The general construction of the test 
specimens is shown in Figure 5. Anti-cracking mesh (A193) was included in each 
specimen as shown in the diagram. There were 2 shear studs in each individual slab 
for all tests, thus resulting in 4 shear studs per test.   
 

Figure 4. Cofraplus 60 decking 
 

 
 

 
Figure 5. Test specimen 
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 Whilst through-deck welding is popular in the UK, other parts of Europe 
typically use studs welded directly to the steel beam and decking with pre-punched 
holes. Both of these scenarios were examined in the current programme with three 
identical specimens of each category tested.  The decking was rolled with a central 
stiffener in the centre of the trough which had to be hammered flat local to the stud 
position in the through-deck welded specimens to ensure direct electrical contact 
through the components as well as the integrity of a homogeneous weld.  There was 
insufficient space to offset the shear stud. In order to ensure that this process did not 
affect the integrity of the weld, the two remaining tests in the programme had shear 
studs welded to the steel beam through a narrow strip (100 mm wide) of flat ferritic 
stainless steel sheeting with the same material properties as the profiled sheeting. A 
profiled sheet with pre-punched holes was then placed over the studs.  The test 
programme is summarised in Table 1. 
 
Table 1. Push-out test programme 
Series
: 

Number 
of tests: 

Details Shape 
of slab 

Continuity of 
deck beyond 

weld? 

Through-
deck 

welded? 
1 2 Studs welded through 

narrow flat sheet 
Profiled No Yes 

2 3 Studs welded through 
continuous profiled 
deck 

Profiled Yes Yes 

3 3 No through-deck 
welding  

Profiled No No 

 
 In each case the test specimens were loaded to failure by applying a hydraulic 
jack to a plate on top of the steel tees. Load was transferred to the concrete through 
the shear studs. In accordance with EN 1994-1-1, the load was first applied in 
increments up to 40% of the expected failure load and then cycled 25 times between 
5% and 40% of the expected failure load. In each test, following the cycles, the load 
and displacement were gradually increased until failure occurred, typically by 
concrete pull-out, which was accompanied by a significant reduction in load capacity. 
The longitudinal slip between each composite slab and the steel section was measured 
continuously using displacement transducers, as was the lateral displacement of the 
slabs. 
 
Results 
  

Load-slip relationships for Series 1, 2 and 3 are presented in Figures 6-8 
respectively whilst the Figure 9 is an image of a specimen after testing. A summary 
of all the experimental data is presented in Table 2, where fck refers to the 
compressive cylinder strength of the concrete on the day of testing (taken as the 
average of three cylinders), Pf is the failure load observed in the tests and PRk is the 
characteristic resistance per stud equal to 90% of Pf

 divided by the number studs (4 in 
this case), as defined in Eurocode 4 Annex B (EN 1994-1-1, 2004). δu is the slip 
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corresponding to PRk whereas δuk is the characteristic slip equal to δu reduced by 10%. 
PRd,rib is the design resistance as described previously. The yield (fy) and ultimate (fu) 
strengths of the ferritic decking were 326 N/mm2 and 480 N/mm2, respectively, based 
on taking the average of 4 tensile test coupons. On the other hand, the yield and 
ultimate strengths of the shear studs were 446 N/mm2 and 488 N/mm2, respectively. 
 

Figure 6. Load-slip curves for Series 1 Figure 7. Load-slip curves for Series 2 
 

 
Figure 8. Load-slip curves for Series 3 Figure 9. Failed specimen after testing 

 
Table 2. Results of push tests 

Specimen 
fck Pf,total PRk δu δuk PRd,rib 

PRk/PRd,rib
(N/mm2) (kN) (kN) (mm) (mm) (kN) 

1-A 35.82 174.66 43.66 22.07 19.86 64.07 0.69 
1-B 44.44 234.70 58.68 6.43 5.78 64.07 0.92 
2-A 30.05 249.72 62.43 7.67 6.90 64.07 0.98 
2-B 41.26 245.19 61.30 9.62 8.66 64.07 0.96 
2-C 34.29 270.93 67.73 5.61 5.05 64.07 1.06 
3-A 37.54 231.66 57.92 6.77 6.09 64.07 0.91 
3-B 29.59 244.20 61.05 6.58 5.92 64.07 0.96 
3-C 39.25 232.40 58.10 6.87 6.18 64.07 0.91 
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Observations and analysis 
 During the 25 cycles between 5% and 40% of the expected failure load, the 
specimens remained in good condition with no visible cracks, although concrete 
movement could be heard.  At about 80-90% of the peak load and a slip of around 
1 mm, visible delamination occurred between the concrete slab and the decking. With 
the addition of more load, the concrete began to visibly and audibly crack. Failure 
was typically accompanied by a notable drop in the load-carrying capacity of the 
specimen.  
 All of the specimens demonstrated concrete pull-out failure around the shear 
connectors although one stud was found to have sheared off in Specimen 3-C.  It is 
impossible to know exactly when this happened although it is likely that it was after 
the concrete had failed as the displacement increased. After each test, the concrete 
slab was removed from the profiled sheeting, which was very easy as no bond 
remained. Figure 10 shows Specimen 3-A without the steel deck where the evidence 
of concrete pull-out can be seen, whereas the steel deck from this test is presented in 
Figure 11, showing the remaining concrete around the shear stud.  
 Concrete pull-out failure occurs when the concrete surface fails due to tension 
occurring across the failure surface. It has been shown that standard push-tests are 
dominated by failure of the concrete around the shear connectors, as was observed in 
these tests, rather than shearing of the shear connector itself (Smith, 2009). The 
typical failure surface for single shear connectors is a cone of concrete starting 
underneath the head of the shear connector and growing in diameter down the length 
of the shear connector, although the shape is restricted by the shape of the decking 
(see Figure 11). However, this type of failure would be less likely to occur in a real 
composite member which is loaded in bending and, for this reason, many researchers 
have added a lateral load to the test specimens (e.g. Easterling et al., 1993; Rambo-
Roddenberry, 2002; Bradford et al., 2006; Smith, 2009; Smith and Couchman, 2010).  
 

Figure 10. Failed specimen – concrete Figure 11. Failed specimen - decking 
  

As stated previously, all of the slabs behaved very similarly, regardless of the 
construction form and all failed in an identical manner. As expected, the Series 2 
specimens which were through-deck welded and offered continuity of the steel 
sheeting demonstrated higher load and slip capacities. Also, during the unloading 
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stage of the load-slip response, these slabs were more ductile than the specimens with 
punched holes. The combination of the through-deck welded shear studs and the 
continuous steel sheeting enhanced the bond strength and consequently the load and 
slip capacity of the slab. Previous studies have shown that composite specimens with 
pre-punched holes (i.e. Series 3) offer the advantage of producing more reliable and 
better stud welds with fewer failures (Ernst et al., 2009), but there was no issue with 
the through-deck welded studs in this test programme. 
 It is noteworthy that the response of Specimen 1-A was quite different to the 
other slabs in that it had a considerably lower load resistance, much greater slip 
capacity and the shape of overall load-slip relationship was quite dissimilar to the 
other tests (refer to Figure 6). This is due to experimental error at the time of casting. 
This was the first specimen to be cast in this programme and the concrete mixture 
was quite ‘lumpy’ and inconsistent. Although it was of acceptable strength on test 
day (fck = 35.82 N/mm2), it is thought that the texture and consistency of the concrete 
affected the bond between the deck and the slab thereby causing this test to behave 
uncharacteristically. The concrete mixture probably added to the mechanical interlock 
between the slab and the decking allowing more slippage to occur without a loss in 
bond strength. 
 
COMPARISON BETWEEN THEORETICAL AND EXPERIMENTAL 
RESULTS 
  

Using the equations presented earlier in this paper, the reduction factor (kt) for 
the Cofraplus 60 decks used in these tests is found to equal 0.63. The design strength 
(PRd,rib) for each of the test specimens is presented in Table 2, together with the ratio 
of the test resistance to the design resistance. The ratio of PRk/PRd,rib varied between 
0.91 for Specimens 3-A and 3-C and 1.06 for Specimen 2-C.  It is clear that this ratio 
is higher for Series 2 relative to Series 3 showing that the through-deck welded shear 
connectors offer slightly greater shear resistance. In general, given that the design 
resistance PRd,rib values in Table 2 do not include safety (γ) factors, having a ‘test to 
design’ ratio of around 1 is as expected.  
 The ductility of the specimens was reasonable with all of the δuk values being 
around the 6 mm value required by the Eurocode in order to justify the assumption of 
ideal plastic behaviour of the shear connection. As stated before, it has been shown 
that these types of push tests give lower strength and slip resistances than composite 
beam specimens. Hicks (2007) showed that studs in beam tests out-performed those 
in push tests both in terms of resistance and ductility, by 46% and 269% respectively. 
In particular, it has been shown that push test specimens which fail by concrete pull-
out as occurred in these tests give brittle failure and low strengths (Johnson and 
Yuan, 1998).   
 There is no data in the literature for equivalent tests using galvanised steel 
decks. However, Bradford et al. (2006) reported some tests which were conducted in 
a similar manner (i.e. no lateral force applied) and used galvanized decking with a 
very similar profile shape to the Cofraplus 60. These tests appeared to show very 
limited ductility (δuk values significantly below 6 mm) which the authors attributed to 
the test arrangement causing premature failure. A new test procedure was proposed 
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wherein a normal force is applied to the specimen in addition to the longitudinal force 
in order to prevent concrete pull-out failure and unrealistically low ductility.     
On this basis, it is reasonable to deduce that specimens with ferritic stainless steel 
decking behave at least as well as slabs with galvanised decking and therefore 
conform to the current requirements of the Eurocode specification. 
 
CONCLUSIONS  
  

This paper has described a series of push tests which were completed as part 
of a wider project looking at structural applications of ferritic stainless steels 
(SAFSS). An overview of the project was given followed by an introduction to 
ferritic stainless steel, including their relevant properties for structural use. One 
potential application for ferritics is for decking in composite construction and, 
towards this end, a series of push tests were conducted in order to determine the 
suitability of these materials for this application and the results presented herein.   
 The methodology, results and analysis of the push tests were presented, and it 
was concluded that the resistance of shear connectors is comparable with the 
resistance given in Eurocode 4 (EN 1994-1-1, 2004) for galvanised decking both 
when through-deck welded and when directly welded to the steel section through pre-
cut holes in the deck. All of the tests failed in the same manner which was through 
concrete pull-out, regardless of the construction form used. The results also showed 
that there is sufficient ductility to use the current minimum shear connection rules in 
Eurocode 4 for headed stud shear connectors.  
 It is accepted that the method of testing is not ideal as it creates internal forces 
which are different to those that occur in composite members under bending forces.  
However, as a starting point, it is important to complete the tests in accordance with 
the Eurocode so that comparisons with existing design equations can be made. 
Further work is required in order to numerically analyse the push test specimens so 
that the effect of the loading conditions can be quantified and further understood. 
Specific recommendations or modifications to the Eurocodes have not been proposed 
as further analysis is required, including a direct comparison with the performance of 
galvanised steel under identical conditions.   
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Abstract 
 

About 10 years ago, the idea arose of developing a new flat slab type with 
integrated building services.  The first idea concentrated on a pre-fabricated slab 
element with a sandwich cross section.  The open space (hollow space) between the 
two outer shells of the sandwich is available for various installation devices.  It was 
also necessary to provide appropriately large openings in the web members joining 
the two outer shells.  In order to provide the necessary strength around the large 
openings, a steel plate was embedded within the concrete web element. Appropriate 
composite connecting means were additionally needed to provide bonding capacity to 
the respective outer shells of the sandwich. In order to satisfy these requirements for 
the bonding devices, two independent solution proposals were offered.  The web 
members were additionally pre-stressed, in order to reduce the absolute values of the 
shear stresses. In order to optimize the bonding element, two variants were tested. 
Different projects were built with the new composite element.  

 
1. Introduction: Sandwich cross-section for structural elements with 

integrated building services  
 
In 2003 the idea was conceived to use a sandwich cross-section with a 

construction height equal to that of conventional flat slabs that they would replace. 
Since flat slabs are currently manufactured with precast slab elements with in-situ 
structural concrete topping, the thought was logical to precast the elements with a 
modified cross-section. There were several reasons for making use of the cross-
sectional form of a precast slab for manufacturing a flat slab in the form of a 
sandwich. 

One reason for this change was the idea to integrate at the same time the 
components of building services in the loadbearing structure. If the original 
requirements called for optimising the performance of a thermo-active element so 
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that it would achieve exclusive climatising of the building, the remaining components 
of the building services were then also to be integrated into the cross-section in the 
course of development work (Figure 1). 
 

 
Figure 1. Ribbed slabs with openings for the integrated service lines 

 
The sandwich cross-section presented itself as the ideal means for meeting 

these requirements. Separation of the cross-section into several layers enables a 
marked increase in thermo-active performance, since in this way only the individual 
very thin shells have to be provided with service lines.  

Thanks to the low concrete mass, supplemented by arrangement of the pipes 
near the surface, not only a considerable increase in performance could be achieved, 
but the responsiveness of the overall system was moreover clearly enhanced as well. 
This made it possible for the first time to boost the activation of the element, until 
now limited in its performance, to a higher level – with the result that the rooms can 
be completely climate-controlled with this system alone.  

The separation of the two shells, moreover, created a largely free interspace 
between the two shells that could be used for accommodating the integrated service 
lines (Figure 2). 

 

 
Figure 2. View into the hollow floor space with service line cross-sections 
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If the demand for integrated building services was of primary concern, the 
sandwich cross-section with its low self-weight positively affected the loadbearing 
structure as well. From the standpoint of structural engineering, the dimensions of the 
two shells can be reduced to a minimum. Because the loading of conventional 
building structures requires only low compression zones (x/d < 0.10), the shell can, as 
a general rule, be reduced to a structural minimum to absorb the compression zone. 
The dimensioning of the shell to absorb the tension zone must satisfy the 
requirements for corrosion protection of the installed reinforcement and, at the same 
time, provide sufficient room for integrating the pipelines for cooling and heating. 
Low dimensions of the two shells result in lower weights. And the lower weights also 
give rise to lower stress and strain. This reduction of self-weights, in turn, opened up 
the objective of floors with wider spans: the reason being that broken-down cross-
sections can be economically realized only in such a manner. Floors with wide spans 
and low weight, again, make prestressed reinforcement economically attractive: low 
self-weight offers two-fold advantages in that not only lower deflection forces are 
needed, but also, due to lower loading, in that less reinforcement is required. A 
reduction in self-weight – for example by 50% with the construction height being 
equal – results in equal savings in the prestressing reinforcement. 

At the same time it became evident that floor elements of this kind can be 
manufactured only as precast construction. That again means that the building 
services as well must be prefabricated and integrated in the precast plant. 
Craftsmanship-oriented construction methods lose in this way their previous image: 
and what has been demonstrated by the automobile industry for a long time already 
will in future also apply to building – i.e., increasingly widespread industrialized 
production in an enclosed factory, independent of the weather. This brings additional 
advantages as well as a marked increase in manufactured quality and time savings for 
installation at the construction site.  

The two separated shells must be interconnected for structural reasons in 
discrete places to enable them to absorb the shear forces in addition to exhibiting the 
required flexural tensile strength. This can in turn be ideally achieved with linear ribs 
placed in the direction of span. The ribs, however, restrict the possibilities for 
installing the piping within the hollow space of the floors. The aim is to install the 
piping not only parallel to the ribs, but also vertically to them. For this reason it must 
be possible to lead the piping through the ribs. Openings in the ribs are therefore 
obligatory.  

 
2. Manufacture of the slabs with sandwich cross-section – initial designs  

 
Once the sandwich cross-sections had been identified as the central element of 

the innovative floor slabs, it was necessary to ensure economical production.  
The thought logically arose to approach manufacture of the elements in a way 

similar to production of double walls: i.e., to effectively connect the two shells with 
each other. This, however, immediately gave rise to the question of stability and 
corrosion of the rebars of the lattice girder when not cast into the concrete, as is 
customary with double walls.  
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A possible approach to solving this task was to encase the rebars in such a 
way as to provide the rather thin-diameter bars with sufficient stability and protect 
them at the same time from corrosion. This requirement is automatically met by 
providing an encasing rib. But this leads to the difficulty of arranging the openings 
for the pipes. Accordingly, the initial tests concentrated on a specific encasing for the 
diagonals bar with fibre concrete (Figure 3).  

 

 
Figure 3. Concrete truss comprised of lattice girders and encased 

diagonals 
 
Neither the manufacture nor the loadbearing capacity achieved in the initial 

tests was convincing. Consequently, continuous ribs were concreted in place with the 
adjusted lattice girders – into which the individual pipes were embedded as openings 
between the diagonals. However, owing to the dimensions of the slabs with slight 
thickness, only openings with small diameters (< 100 mm diameter) were feasible, 
since the diagonal arrangement of the bars of the lattice girders restricted free access. 
 
3. Large web openings require a composite construction, with sheet steel as 

ribbed reinforcement  
 

Due to the large spans and the resulting greater floor thicknesses, the hollow 
space became larger as well, so that the dimensions of the openings also had to be 
adjusted. Lattice girders as reinforcing elements could not be used due to their height 
and loadbearing capacity, and when stirrups are used as shear reinforcement, the 
dimensions of the openings are restricted to small dimensions due to the load-transfer 
model. The installed service ducts require openings which match the height of the 
hollow space and which have a width equalling to 2 to 3 times that of the height of 
the hollow space. Dimensions of that order could not be realized with the structural 
capabilities of reinforced concrete. The alternative is a composite construction in the 
form of continuous metal plate installed in the web. The surrounding concrete 
absorbs the compressive forces and the metal plate, the tensile forces of the truss for 
absorbing the shear force. The desired dimensions for the openings could then be 
arranged in the metal plate strips. With these, the opening was then framed with the 
metal plate and the remaining dimensions and the material thickness of the plate were 
sufficiently dimensioned to be able to absorb the forces that occurred around the 
opening (Figure 4).  

Composite Construction in Steel and Concrete VII 317

© ASCE



 
Figure 4a. Shear loading around the web openings 

 

 
Figure 4b. Ribbed girder with large openings and installed prestressing 

steel; span to depth ratio l/d ≤ 30” 
 
However, for the plate installed in the rib, sufficient bonding with the two 

shells was essential. Owing to the very thin shells of the sandwich cross-section, the 
dimensions for establishing the bond were very restricted. Only the arrangement of 
the horizontal headed studs could be accommodated in the thin shell.  

The first applications of the innovative floor slabs were implemented with this 
solution (Figure 5). This design, however, involved considerable complexity in 
manufacturing the steel plate with the two rows of headed studs affixed to both sides 
of the plate. The small dimensions around the headed studs, moreover, led to 
structural problems in arranging the reinforcement layers in the individual concrete 
shells. The concrete of the rib surrounding the rib web plate was supplemented with 
stirrups. The individual ribs were additionally pretensioned to reduce shear loading. 
Using this method, the first projects were able to be successfully implemented 
(Figure 6).  
 

 
Figure 5. Web plates built into the ribs with cross section 
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Figure 6. Floor element with sandwich cross section 

 
4. Composite construction using concrete dowels with concentrated transfer 

of forces achieved with helical reinforcement 
 
Due to the considerable complexity involved with the arrangement of the 

horizontal headed studs, an alternative means for establishing the bond between 
concrete and steel was sought and found with implementation of the concrete dowels 
that were directly integrated in the web plate. With their design, it was possible to 
solve the spatial problems within the slender concrete shell, since now the relevant 
sheet plate edges together with the specially shaped geometry of the concrete dowels 
could be integrated into the individual concrete shells. The shape of the individual 
dowels is cut out to match the desired openings by laser beam during manufacture 
(Figure 7). In designing the geometry of the concrete dowels, previous experience 
gained was drawn upon. However, during design of the geometry it quickly emerged 
that the dowels, designed like a tooth, would act on the surrounding concrete like a 
blade. Analogously to the structural designs with prestressed concrete, where great 
forces are transmitted into very small areas in the concrete, installation of local 
reinforcement in the form of a strategic arrangement of a helical reinforcement 
became evident as a logical solution. It is known that peripheral confinement of 
concrete results not only in corresponding increase in force absorption, but at the 
same time in an increase in deformation capacity (Figure 8). Simultaneous increase in 
compressive strength is in this way accompanied by ductile loadbearing behaviour. 
This is a beneficial material property that is highly desirable in composite structural 
design.  
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Figure 7a. Integrated web plate with large openings: 

 Bond via horizontal headed studs 
 

 
Figure 7b. Integrated web plate with large openings: 

Bond via helically reinforced concrete dowels 
 
Tests performed on concrete dowels with and without helical reinforcement 

show the effect achieved in the form of an increase in loadbearing capacity. To assess 
the effect of the concrete dowels, their behaviour during push-out tests and pull-out 
tests is of significance.  
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Figure 8a. Behaviour of peripherally confined concrete with helical 

reinforcement: Increase in compressive strength”  
 

 
 

Figure 8b. Behaviour of peripherally confined concrete with helical  
reinforcement: Increase in ductility and simultaneous increase in 

elongation  
  
The interaction of these two effects will then also demonstrate the increase 

that can be attained through helical reinforcement for the concrete dowels (Figure 9). 
 

Composite Construction in Steel and Concrete VII 321

© ASCE



 
Figure 9. Interaction diagram – pull-out tests versus push-out tests with 

concrete dowels with and without helical reinforcement 
 
5. Large-scale test on a composite girder with helically reinforced concrete 

dowels  
 

The above-mentioned individual tests showed the possibilities for increasing 
the loadbearing capacity with innovative connectors in the form of helically 
reinforced concrete dowels. In connection with the desired large-size blockouts in the 
webs, the task was now to test the loadbearing capacity of the system. For this 
purpose, an experimental girder consisting of a long slab element with sandwich 
cross-section was manufactured. The reinforcement of the web was achieved with the 
metal plate with the desired openings and the connectors in the form of concrete 
dowels for joining both the compression and the tension zones. Encasing the web 
plate for fire resistance was provided with concrete for the rib. Additional provision 
also took place of prestressing (unbonded mono strand pretensioning) for the web, as 
implemented until now. This relieves the sandwich cross-section both under bending 
and shear forces. The latter is particularly effective in forming the larger web 
openings. The cable geometry chosen in the form of a trapezoid enables the 
arrangement of the blockouts over large areas of the girder. Only in the area of the 
support – where the tensioning cables rise from the lower edge of the web to the 
centre of the cross-section, and where the shear forces gain their maximum value – 
are the openings restricted to smaller dimensions. The experimental girder was 
manufactured in the precast plant, the same as the other precast elements (Figure 10). 
The large-scale experiment established the deflection, the cracks, and in particular the 
local deformations around the openings. The final result showed that the resistance 
values taken over from small-scale testing were sufficient for designing the entire 
system, since the loadbearing capacity of the system clearly exceeded the 
precalculated value (Figure 11). 
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Figure 10. Manufacture of the experimental girder with web plate and the 

helically reinforced connector including prestressing reinforcement 
 

 
Figure 11. Load tests performed on a metal plate strip with sandwich cross-

section and the larger web openings 
 
The small-scale tests performed on the connectors and the results of the large-

scale test then served as basis for implementing concrete construction projects using 
the new connectors. Since this method is at this time not standardized in Germany, 
individual construction projects must be tested on a case-to-case basis and their 
feasibility assessed based on these tests.  
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6. Specific implementation of the new composite construction method on a 
current project  

 
The client was convinced of the possibilities of the prefabricated sandwich 

floor when commissioning the construction of his office and laboratory buildings. 
Cooling and heating with the floor, while making use of the large spans alone had 
already been a strong argument. Utilization of the hollow space of the floor for 
accommodating the entire ventilation and for the electric and IT wiring was exactly 
what he wanted. In this way, a raised floor would no longer be needed and the 
flooring could be directly applied to the concrete surface. The individual floor areas 
were then completely planned with the prefabricated floor slabs. Only two interior 
columns were arranged over a surface of 20 x 20 m. The individual floor slabs merge 
with a flush prestressed beam in in-situ concrete that spans from façade to façade 
over the two columns. The area of approx. 400 m2 was covered with a total of 16 
slabs measuring 2.50 x 10 m. The individual slabs consist of two individual shells 
connected to each other only via the two ribs (Figure 12). The inserted ribs were 
designed as composite construction. The metal plates are provided with large web 
openings at regular intervals and incorporate the two concrete shells with the helically 
reinforced concrete dowels (Figure 13).  

The hollow space of the sandwich floor slab has a height of 20 cm and 
accommodates the arrangement of central cable ducts with branching off pipelines, 
including volume flow control (Fig. 2). The inspection openings arranged above the 
upper shell provide access to the ventilation ducts whenever needed. The cable trays 
for testing the electricity and IT systems are also installed in the hollow space.  

 

 
Figure 12. Manufacture of the hollow slabs with the webs reinforced with 

metal plate and the helically reinforced connector 
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Figure 13. Web plate with the helically reinforced connector for use in 

the slab rib 
 
The floor plates, including the integrated building services, are completely 

manufactured in the precast plant. Following their erection at the construction site, 
however, the plates must be connected with each other and the integrated piping. 
With the erection of the plates as structural elements, the share of the building 
services is already installed in horizontal connection (Figure 14). Only the connection 
to the ducts running vertically remains to be supplemented climate control facilities 
installed above the floor ensure a comfortable indoor climate that, for even more 
comfort, is supplemented by acoustic absorbers that are integrated in the lower shell 
ofthe floor. 
 

 
Figure 14. Assembly of the hollow slabs 
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7. Modification of the geometry of the metal plate for the composite 
construction – a future development 

 
The experience gained with implementation of the present solution in the 

precast plant enabled gaining more knowledge on optimisation of construction of the 
steel plate. A plate placed at the opening provides greater resistance to the absorption 
of shear force and secondary moments when designed as double-T cross-sections 
(analogous to a rolled profile). In that case, the concrete dowels will then be arranged 
in the flanges of the profile. Even better suited for the geometry adjusted to the spatial 
conditions of these thin concrete shells are 3-dimensionally formed plates whose 
geometry results from edging this material In advance, a laser beam cuts all openings 
and blockouts out of an appropriate metal strip. This procedure has the great 
advantage that openings for a subsequent arrangement of shear reinforcement for the 
thin concrete shells can be provided as well. Only then will individual sections of the 
plate be folded up towards the side. In this way, a web plate with moulded-on flanges 
is in effect created whose geometry optimally matches the very cramped spatial 
conditions (Figure 15). Metal-plate processing machines are today able to cut out of a 
metal plate strip of appropriate thickness any desired geometry and subsequently fold 
up the plates to form the three-dimensional geometry. In this way it is also possible to 
optimally adapt the shape and the dimensions for the concrete dowel to the 
anticipated loadings. 
 
8. Tried and tested floor system  
 

This development over the last 10 years has gone through many stages to end 
in a technologically mature floor system that has been successfully implemented 
(Figure 16). There are several aspects that make the system successful. Aside from 
the structural aspects such as low weight and the large span that can consequently be 
achieved, are the advantages of the integrated building services. A prefabricated 
loadbearing element with the described building-utilities properties has many 
advantages. Coordination among the consultants takes place in the first planning 
stage and is moreover reduced to the specifications for the system. Industrialized 
production of the precast elements protected from adverse weather conditions makes 
the manufacture of complex geometries (e.g., the sandwich cross-section) possible 
and with markedly higher precision than elements cast in-situ. The work on the 
construction site is then restricted purely to assembly.  
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Figure 15. Optimised geometry of the web plate, taking into 

consideration such boundary conditions as web openings and assembly of 
transverse and helical reinforcement 

 
Figure 16. Placing large floor elements with integrated service lines on 

construction side 
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Abstract 

 
This paper proposes a simplified slab model, which can be easily incorporated 

in the commercial software ABAQUS for collapse analysis of 3-D composite 
building frames. The proposed model avoids complex geometric modelling of metal 
deck profile and requires less computational time for analysing large building frame. 
Verification studies have been carried by comparing the results with established 
experimental and numerical data available from the literature. The proposed slab 
model was applied to a three dimensional 9-storey building frame and the results are 
compared with the model without the floor slabs. Numerical results show that 
incorporation of slabs in the model reduces the beam deflection by as much as 50%. 
As one of the failure criteria for the progressive collapse is related to limiting beam 
deflection, the present of slabs tends to reduce the beam deflection and enhance the 
robustness of the building against progressive collapse.  

 
1.0 INTRODUCTION 

 
Robustness and progressive collapse analyses of building structures have been 

performed over the last two decades, but mostly on skeleton frames or on plane frame 
(2D) without the present of floor slab.  This is because detailed modelling of non-
linear behaviour of steel-concrete composite slab is rather tedious and involved other 
structural components including interaction between floor beams and slab and beam 
to column joint behaviour.  A full non-linear analysis requires much computational 
time to capture the non-linear interaction between each composite slab and beam 
components ([Alashker et al. 2011]). Therefore most collapse analyses consider only 
the skeleton frames excluding the floor slab. However, floor slab is a vital part of the 
building and some researchers show that it contributes considerably to the resistance 
of progressive collapse. Remarkable studies include the contribution by [Sadek et al. 
2008], [Kwasniewsk 2010], [Fu 2009] and [Alashker, et al. 2011], who have 
incorporated the composite slab in the progressive collapse analysis with few 
simplifications. Researchers have been concerned about analysis time and complexity 
of geometric modelling for the large scale 3-D detailed building frame investigation. 
This paper proposes a simplified slab modelling approach which can be easily 
incorporated in the commercial software ABAQUS for 3-D composite buildings 
frame analysis. The proposed models avoid complicated geometric modelling of 
metal deck profile and reduce the computational time for analysing large building 
framework.   
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and the rebar could be represented by rebar option in ABAQUS. The simplified slab 
model is proposed based on the assumptions that (1) slip between the concrete and 
metal deck is neglected. [Izzuddin et al. 2013] suggested that slip between concrete 
slab and metal deck will not significantly affect the global response of the frame, (2) 
stiffness of metal deck in the orthogonal direction is negligible and can be ignored, 
(3) inelastic behaviour of each composite slab element (concrete, metal deck and 
rebar) can be defined their respective material stress-strain relationship and small 
error due to the change of depth of bottom deck area A3 is negligible. This model is 
different from that used by [Alashker, et al. 2011] who assumed that the rebar area = 
50% of metal deck area and that rebar area was defined at the centreline of the slab, 
and (4) embossment on the metal decking is not taken into consideration in 
calculating the area and second moment of area of deck. 

 
2.1.2 Beam and column  

 
Steel beams and columns are modelled using B31-two-node linear beam 

elements. Interaction between beam and slab is defined by tie constrain to represent 
the composite action between the concrete slab and steel beam. Partial composite 
action, slip between studs and concrete are not considered. Partial interaction in 
composite beams was found to have negligible effects on the global response of 3-D 
frames [Izzuddin, et al. 2013].  In addition, local buckling of members is not 
considered, which can be avoided by using steel sections with at least Class 3 cross 
section. 

 
2.1.3 Joints 

 
A simplified joint model is adopted to reduce the computational cost of 3-D 

building frame analysis. Composite joint is modelled by a six degree of freedom 
(DOF) non-linear connector. The connector behaviour is represented by axial force-
displacement and moment-rotation relationships. These relationships can be 
established using Eurocode 3-1-8 and Eurocode 4-1-1 component model approach 
([BSEN1993-1-8 2005],[BSEN1994-1-1 2004]). Figure 2 shows that the joint 
components (Figure 2a) are represented by the simplified joint model in ABAQUS 
(Figure 2b). As shown in Figure 2a, axial springs are used to represent the joint 
component for slab under tension, bolt in shear, beam web in bearing and fin-plate in 
bearing, etc. Eurocode 3-1-8 and Eurocode 4-1-1 component model is used to 
calculate the stiffness and resistance of each axial spring connector. The connectors 
in a joint are then assembled using two rigid bars and then analysed using the finite 
element analysis software, ABAQUS, subject to axial force and moment as shown in 
Figure 2c. The joint’s moment-rotation (M-θ) and axial force-displacement (F-d) 
relationships can be calculated. Finally, these relations are represented by axial and 
rotational connector in the analysis of the frame with semi-rigid joint, as shown in 
Figure 2d. The frame analysis assumes zero joint size and neglect the effect of panel 
zone shear deformation in the beam to column joints ([da Silva et al. 2008]).  It is 
also assumed that the axial force has no significant influence on the moment 
resistance of joint and axial force moment coupling effect has been ignored due to the 
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Figure 5. Load-mid span deflection for specimen S8 

 

 
Figure 6. Load-mid span deflection for specimen S9 

 
2.2.2 Numerical study of composite beam behaviour under flexural load 

 
Tests carried out on composite beam by [Ranzi et al. 2009] are referred to for 

the numerical study of composite beam response under flexural load. 130 mm thick, 
2000 mm wide composite slab is connected with 8050mm length Australian standard 
360UB44 beam (CB1) and 410UB54 beam (CB2). One stud is welded in each trough 
for CB1 and two studs are welded in each trough for CB2. Studs are of 19 mm 
diameter and, after welding, have a height of 115 mm above the steel deck. Beam 
CB1 is tested at a concrete age of 20 days, and reloaded at 27 days. CB2 is tested at a 
concrete age of 22 days. Schematic detail is shown in Figure 7. The beams are tested 
by applying 16 point loads, which is represented with strip line load in numerical 
model. Material properties and test detail shall be found in [Ranzi, et al. 2009]. 

Numerical results are summarized in Figures 8 and 9. In detailed model, (1) 
profiled deck embossment is avoided (2) studs are simplified as wire element and 
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Figure 9. Total applied load – mid span deflection of beam CB2 
 

2.2.3 Numerical studies of composite frame response under column loss 
 
Progressive collapse analysis on nine-storey steel moment-resisting frame by 

[Marjanishvili and Agnew 2006] is referred for the numerical study using alternate 
path approach. Based on the simplified numerical modelling approaches mentioned 
above, nine-story steel moment-resisting skeleton building frame is validated 
numerically against similar work done by [Marjanishvili and Agnew 2006] using 
commercially available software ABAQUS. Nine-storey building frame is shown in 
Figure 10. Linear static (LS), linear dynamic (LD) and non-linear dynamic (ND) 
analyses are performed using General Services Administration progressive collapse 
guidelines [GSA 2003].  One ground floor primary column support is instantly 
removed to simulate the column loss scenario. Frame consist six bays in the 
longitudinal direction at 8.25m space and three in the transverse direction at 9.75m 
space.  Main girders are W21 x 57 and secondary beams are W16x31. Floor-to-floor 
height is 4.3 m. Ground to the 5th floor columns are W14x159 and 6th floor to roof are 
W14x 90. Live load of 1.9kPa and dead load due to the self-weight of 90mm uniform 
concrete slab are applied. Perimeter wall weight of 19.7kN/m at every floor, except 
roof level is allowed. All the secondary beams are pin–pin connected with main 
beams. Perimeter frames and internal main frames are moment resistant frames. 
Material properties shall be found in [Marjanishvili and Agnew 2006]. 

Then (1) uniform thickness of 90mm slab (RC) (2) 120mm comflor60 deck is 
added in skeleton model to study the slab contribution in progressive collapse design. 
RC slab is reinforced with nominal bottom reinforcement of R6@ 300 c/c both-way 
with cover of 25mm. LS, LD and ND analysis are performed with instantaneous 
gravity load application and instantaneous column removal cases for progressive 
collapse analysis. Moment frame maximum beam deflections are summarized in 
Tables 1 and 2. Maximum deflection of frame is occurred at the column removed 
location. Different mesh sizes are taken into consideration and uniform mesh size of 
450mm is reported in this paper. Result shows that instantaneous gravity load 
application is conservative dynamic effect representation than the member removal 
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scenario. Ground floor column removal is simulated by removing its support at step 2 
in ABAQUS. Step 1 is used to load the structure gradually and maintain the load to 
represent the service life of the building. 

 

 
Figure 10. Elevation and plan view of the building frame 

 
 

Table 1. Slab contribution on deflections for moment frame perimeter column 
removal  
 Deflecti

on_skele
ton 

frame 
(mm) 

Deflection_ 
frame 

with 90mm 
slab (mm) 

Deflection_ 
frame 
with 

120mm 
comflor60 

(mm) 

Slab 
contribution 
for 90mm 
slab (%) 

Remarks 

LS 166.8 82.1 75.5 50.78  
LD 188.6 

162.8 
- 

65.8 
- 

59.6 
- 

59.58 
Instant load  
Support removal 

ND 286.7 
225.3 

- 
78.1 

- 
70.2 

- 
65.34 

Instant load  
Support removal 

 
Table 2. Slab contribution on deflections for moment frame corner column 
removal 
 Deflection_ 

skeleton frame 
(mm) 

Deflection _ frame 
with 90mm slab 

(mm) 

Slab 
contribution 

(%) 

Remarks 

LS 249.8 120.4 51.80 Support removal 
LD 227.6 98.3 56.81 Support removal 
ND 308.3 120.9 60.78 Support removal 

 
 

Then diagonal braces (CHS 200x8mm) are added at two corners of the above 
mentioned frame. All joints are considered as pin to study the simple braced frame 
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response under instant column loss. One ground floor perimeter and corner column 
supports are instantly removed once at a time to simulate the ground floor column 
loss scenario. Schematic views of simple braced frame are shown in Figure 11. 
Maximum beam deflections of simple braced frames are summarized in Tables 3 and 
4. Frame deflection-time relationship for perimeter column (PC) and corner column 
(CC) loss are shown in Figures 12 to 15. 
   

 

 
 

Figure11. Elevations and plan view of simple braced frame 
 

 
Table 3. Maximum deflection of simple braced frame due to perimeter column 
removal 

 Skeleton frame Deflection _ 90mm slab 
(mm) 

Deflection_ comflor60 
(mm) 

LS Collapsed 402.3 384.7 
LD Collapsed 379.4 359.3 
ND Collapsed 482.7 440 

 
 
Table 4. Maximum deflection of simple braced frame due to corner column 
removal 

 Skeleton frame Deflection _ frame with 90mm slab 

LS Collapsed 1427.4 
LD Collapsed 1274.4 
ND Collapsed Collapsed 

 
 

Numerical results show that the simple braced frame deflections are much 
higher than the moment frame deflection. [Marjanishvili and Agnew 2006] assumed 
that the joints were not failed (fixed joint and pin joint). Even though frame is not 
collapsed for such large deformations, concrete strain exceeds the limit of 0.0031  for 

Removed column_case 1 
Removed column_case 1 

Case 2 Case 2 

Diagonal bracing, CHS 200x8mm 
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all above cases in braced frame. Plastic strain of concrete is monitored at each step to 
predict the failure since failure criteria is not defined in this verification study. 
However it is ease to define the failure criteria in ABAQUS. Local buckling of beam 
and column are not considered in the simplified numerical model. It could be avoided 
by choosing the steel section within Class-3 cross section. Results show that loss of a 
column in simple braced frame may cause to severe damage on building or may cause 
to catastrophic progressive collapse. The use of skeleton frame in the progressive 
collapse (or large deflection) analysis should be avoided. Because skeleton frame 
model does not provide the real scenario in term of forces and deflection compared to 
the frame with slab model. Slab reduces the frame deflection as much as 50% 
compared to the skeleton frame and thus slab contributes favourably to resist 
progressive collapse.  Results clearly show that loss of corner column in a building is 
critical than the loss of a perimeter column. 
 

 
 

Figure 12. Moment frame deflections for perimeter column removal 
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Figure 13. Moment frame deflections for corner column removal 

 
Figure 14. Braced frame deflections for perimeter column removal 
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Figure 15. Braced frame deflections for corner column removal 

 
3.0 CONCLUSIONS 

 
A simplified composite slab model and a composite semi-rigid joint model 

based on Eurocodes using non-linear connector have been proposed to analyse 3D 
composite building frame. The proposed slab model avoids complex geometric 
modelling of metal deck profile and improves the computational time for analysing 
large building frame. Inclusion of the simplified slab model in the analysis of 
composite building frame is relatively simple. It predicts the building frame responses 
accurately compared to the skeleton frame model. Also slab reduces the beam 
deflection as much as 50% compared to the skeleton frame in the progressive 
collapse alternate load path analysis. Therefore presence of slab contributes 
favourably to resisting progressive collapse. Analysis results show that simple braced 
frame with simple joints (pin) are susceptible to progressive collapse compared to the 
moment resisting frame, which has higher redundancy to re-distribute the load. The 
use of skeleton frame in the progressive collapse (or large deflection) analysis should 
be avoided. Because skeleton frame model does not provide the real scenario in term 
of forces and deflection compared to the frame with slab model.  Loss of corner 
column in a building is critical than the loss of a perimeter column due to the floor 
slab influence. 

The proposed joint model also will avoid detailed finite element modelling of 
joint components and leads to overall improvement in computational efficiency of 
analysing large building frames. The incorporation of semi-rigid joint model in 3D 
frame analysis tends to produce more realistic estimate of frame behaviour compare 
to model using pin or rigid joints.   
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Abstract 

 
The issue of sustainability is becoming increasingly important in all industries. 

Above all, the construction industry is affected by a high use of materials and a large 
amount of waste. Therefore, a large contribution to sustainability can be already made 
by a specific choice of designs and materials in the design phase of buildings. Within 
the scope of the German FOSTA research project P881 “Sustainable office buildings 
in steel composite construction” recommendations and planning tools for slabs and 
columns in consideration of structural and technical as well as economic and 
ecological requirements will be created. In this paper, the requirement profiles of 
floor systems are given. After an introduction to the environmental and economic 
performance, the possibilities of an environmentally compliant design for structural 
components are discussed. This includes the optimisation of static, ecological, and 
economical aspects. Furthermore, concepts for the increase of resource efficiency are 
demonstrated.  

 
1 INTRODUCTION 
 

The demographic change and the growing awareness of sustainability are 
examples of changing social conditions, which affect the user requirements of office 
buildings. Resource conservation, recyclability, life cycle costs and conservation of 
value, even under changing property conditions, are increasingly the focus of 
planning. 

From the very first, the structural system of the building is of great 
importance. Column positions and stiffening walls determine the spatial possibilities 
and allow different flexibility of the floor layout, or restrict it. Besides their static 
function, the structural system often adopts other functions. For example, it serves as 
a thermal mass accumulator in order to generate a more comfortable climate. Based 
on the requirements and the presetting of the building and its structural design, media 
lines for air conditioning as well as electricity, telecommunications and water 
supplies are integrated into the building design and the necessary adjustments are 
conducted [Stroetmann et al. 2014]. 

 
 
2 REQUIREMENTS FOR STRUCTURAL SYSTEMS 
 

Diverse technical and formation requirements for the structural system arise 
from the geometry and the different functions of an office building. Therefore, for 
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example, column grids, technical building services and design demands of 
underground parking, conference rooms and offices differ from each other. For the 
appearance of foyers and conference rooms, the shape of a ceiling or the design of a 
column and its surface are very important. 

Taking into account different usage scenarios over the life cycle of a building, 
appropriate attention to the structural system and the finishes are to be provided (e.g. 
the use of flexible partition systems) to allow changes of use with low-order 
conversion and short interruptions. 

From the requirements of the building and the specifications for the facade and 
column grids, the conditions and design parameters for the structural system arise 
such as the spans of slabs and beams, floor-to-floor heights, live and additional dead 
loads, arrangements for fire protection, the design of components and spaces for 
services. For this purpose, suitable construction systems and components as well as 
design principles should be selected with sustainability in mind. 
 
3 FLOOR SYSTEMS 
 

For office buildings, steel-concrete composite structures are used in many 
technologically highly-developed countries, particularly in inner-city locations. 
Advantages of this construction type are, amongst others, the high degree of 
prefabrication, the low-weight construction conditions, the rational economic 
construction, and the extensive independence of the weather conditions. According to 
the structural design of the floor systems, there is a distinction of two basic design 
principles: floor systems with downstand beams as composite beams and slim-floor-
systems with integrated floor beams (Figure 1). 

At low-to-medium spans (grid up to approximately 11 x 8 m), the use of slim 
floors with integrated steel beams is possible. Advantages of this construction type 
are low construction heights and installation freedom. This has a positive effect on 
the floor-to-floor heights and thus also on the facades and the volume of the building 
that has to be heated.  

For larger spans downstand beams are suitable, which allow for a free floor 
layout. Common lengths for secondary beams are between 6 and 15 m, for primary 
beams 6 to 12 m. Therefore, it is possible to span over established widths of offices 
buildings (double sequence systems) without columns. The spacing of the secondary 
beam determines the span of the slab, which is often between 2.5 and 4.0 m. Rolled 
and welded I-sections are used as floor beams. The slab is made of in-situ concrete, 
precast concrete with concrete infill as well as half precast concrete or profiled 
sheeting with structural concrete topping. The latter option has the advantage that the 
profiled sheetings replace the formwork and they can be considered as reinforcement 
if the geometry is appropriate and end anchorage is used. Furthermore, the profiled 
sheetings can be placed by hand due to the low weight and be used to attach 
suspended ceilings and service distribution. 
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the design process of office buildings. Furthermore, tools are developed for the 
economic assessment of flexibility based on the life cycle.  

Based on the grids of the building, the floor layout, and the floor-to-floor 
heights from a previous design process, a quantitative comparison of construction 
systems can be made, not only in consideration of functional properties, but also of 
the environmental and economic performance. 
 
5.2 ENVIRONMENTAL PERFORMANCE 
 

The environmental performance of a building, construction systems, or 
components is evaluated by the life cycle assessment (LCA). This method helps to 
identify the opportunities to improve and develop materials, products, construction 
methods, and building structures. EN ISO 14040 [2009] describes the principles and 
framework of LCA, EN ISO 14044 [2010] contains requirements and guidelines for 
generating the LCA. The LCA studies involve four phases; see [EN ISO 14044, 
2010]. In the first phase of the study, the scope including the system boundaries and 
the level of detail is defined. The definitions depend on the subject and the intended 
use of the study. The second stage is the life cycle inventory analysis phase (LCI), in 
which all input and output data regarding the system being studied are summed up. It 
involves the data, which are necessary to meet the goals of the study. The third phase 
is the life cycle impact assessment (LCIA) with the purpose to provide additional 
information for the valuation and assessment of the results of the LCI and its 
environmental significance. LCA data with similar environmental impact are 
combined to impact categories. 

LCA studies involve four phases; see [EN ISO 14044, 2010]. In the first phase 
of the study, the scope including the system boundaries and the level of detail is 
defined. The definitions depend on the subject and the intended use of the study. The 
second stage is the life cycle inventory analysis phase (LCI), in which all input and 
output data regarding the system being studied are summed up. It involves the data, 
which are necessary to meet the goals of the study. The third phase is the life cycle 
impact assessment (LCIA) with the purpose to provide additional information for the 
valuation and assessment of the results of the LCI and its environmental significance. 
LCA data with similar environmental impact are combined to impact categories. 

Table 1 contains impact categories provided by the “Assessment System for 
Sustainable Building” [BNB 2011] which are currently used for the environmental 
performance of office buildings. In the fourth phase, the results of phase 2 and 3 are 
summarised as a base for conclusions, recommendations, decisions and evaluations. 
Based on LCI and LCIA, auxiliary variables are used, such as the ecological quality 
of BNB [2011] and DGNB [2012], in which the weighted environmental impacts are 
summarised. The procedure is not scientifically justified and is not intended in EN 
ISO 14044. The data collection of each criterion is about the life cycle of a building 
(Figure 3). This includes the product stage, construction process, use and end of life 
stage as well as the benefits and loads from reuse, recovery and recycling at end of 
the life cycle. 
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construction, maintenance, and disposal costs are considered in project P881. 
Possible effects on the cost of facade, services, operating, and earthworks are not 
investigated. Prices of building materials, performance values for production, 
construction, and wages are liable to undergo regional, temporal, and economic 
fluctuations. 

Table 3 shows a compilation of prices and work processes that have been 
summarized on the basis of research and experience of construction companies in 
Germany. The performance values highly depend on the training of the personnel. 
For example, the performance value of laying profiled sheeting’s amounts, depending 
on experience of the staff, between 0.4 and 0.6 h/m². In the following chapters the 
costs are presented as relation values in percent. Thus, absolute changes in material 
costs and performance values are avoided in the representation, so that the 
significance remains for same ratio values. 

The manufacturing costs can be reduced by resource-efficient design of the 
structure. In many cases, material savings for steel structures can be achieved through 
increases in strength. The moderate price differences to normal-strength steels can 
often be offset by corresponding reductions in mass [Stroetmann 2011]. The lower 
transport and erection weight, as well as the welded volumes in the shop fabrication, 
also has a positive impact on construction time. Costs for provision of building site 
facilities reduce and the building can be used earlier. Recurring component 
dimensions and connecting constructions also support the rapid construction progress. 
 
Table 3. Material prices and working processes 

Materials Prices Additional processes 

Concrete 
 C20/25 113 €/m³ 
 C25/30 116 €/m³ Casting 
 C30/37 121 €/m³ 

Reinforcement 580 €/t Laying 

Profile steel 
(basic price) 

 S235  600 €/t 
Cutting, corrosion protection,  
welding, cambering, drilling, laying 

 S355 635 €/t 
 S460 685 €/t 

Studs 2 €/item Welding 
Profiled sheeting 15 €/m² Laying, fixing 
Half-precast slab (h=50 mm) 7.5 €/m² Laying by crane 
Precast slab 68-115 €/m² Laying by crane 
Prestressed hollow core slab 50-70 €/m² Laying by crane 
Formwork 2.03 €/m² Positioning 
Supports 4.25 €/item Positioning 

 
 

6 SUSTAINABLE EXAMINATION OF FLOOR SYSTEMS 
6.1 GENERAL 
 

In the following paragraphs, the optimisation of floor systems is presented and 
explained for selected examples and criteria. In consideration of the previous 
explanations, the constructions are investigated according to the ecological and 
economic performance.  
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Another possibility is the selection of the steel section and the use of welded 
sections. These allow optimising the proportions (height, area, plate thickness) of the 
cross section. The production costs of welded sections are generally higher than for 
rolled sections. In case of recurring grids and a large number of beams, the additional 
labour can be reduced significantly through mass production and automation of 
processes (e.g. automatic welding machine for connecting webs with flanges), so that 
the effort can be worthwhile for appropriate projects. 

 
7 CONCLUDING REMARKS  

 
Resource-efficient construction begins in the early design phase. Elementary 

decisions are made with regard to building floor plans, column grids and floor-to-
floor heights. In the life cycle of the office buildings changes in use through changing 
office organisation forms (size of usage units, position of partition walls, vertical 
development, fire compartment), changing services and further influences can be 
important for the assessment of sustainability. Besides the effort of conversion, the 
time of non-use, temporary relocation of the users and the resulting economic 
consequences as well as the conservation of value and the ability to bring the building 
to the market are of importance. Not least, the ergonomics of an office building are 
significant for the productivity of the people working in the building. However, this is 
difficult to quantify. 

The sustainability of office buildings in steel and steel composite constructions 
is the subject of the FOSTA research project P881, which will be completed at the 
end of 2014. The results are provided, besides the project report, in the form of a 
planning guide and a software tool for sustainable planning [Stroetmann et al. 2014]. 
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Abstract 

 
Composite construction is a popular and effective method of construction, 

exploiting the strengths of both reinforced concrete and structural steel in building 
construction in a complementary fashion.  Within paradigms related to minimisation 
of emissions and maximisation of product recycling, these composite systems are 
problematic on a number of fronts. Firstly, common and traditional composite 
systems utilise ordinary portland cement, which is known to be a very large 
contributor to atmospheric CO2 emissions. Secondly, for typical construction 
practices for steel-concrete composite systems, casting of the concrete onto profiled 
steel decking and conventional reinforcement placing are undertaken on-site, which is 
time consuming and labour intensive, and which can increase the cost of construction. 
Thirdly, composite action between the steel beam and the concrete slab is usually 
achieved by using headed shear studs.  The headed shear studs connect these two 
elements permanently, which leads to much waste at the end of the service life of the 
building when it is demolished.  This paper models a sustainable semi-rigid beam-to-
column composite blind bolted connection with deconstructable bolted shear 
connectors using ABAQUS finite element (FE) software. In this “green” system, 
precast geopolymer concrete (GPC) slabs are attached compositely to the steel beam 
via pretensioned bolted shear connectors and the composite beam is connected to 
GPC-filled square columns using blind bolts.  Non-linear material properties and non-
linear geometric effects are considered in the simulation of a connection in hogging 
bending.  Based on the FE modelling, using pretensioned bolts as shear connectors 
with GPC can improve the behaviour of semi-rigid flush end plate composite joints in 
terms of ductility and load capacity. Moreover, the behaviour of the bolted shear 
connectors should be considered in composite joint design as being very different to 
headed stud connectors. 
 
Keywords: Composite connections; FE modelling; Geopolymer concrete; Partial 
interaction; Blind bolting. 
 
INTRODUCTION 
 

Concrete and structural steel are the two most widely used materials in the 
construction industry.  Whenever these materials are used individually, they are 
limited by the weaknesses of concrete to resist tensile stresses and by the propensity 
of structural steel sections to buckle prematurely under compressive stresses. When 
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they are combined in so-called composite construction, the merits of these two 
materials can be exploited optimally, and the efficiency of composite construction 
can be increased significantly where the concrete is utilised appropriately for 
compression predominantly and the structural steel for tension predominantly.  

Ordinary Portland cement (OPC) in concrete, one of the main components of 
composite members, results in the atmospheric emission of very large amounts of 
CO2.  Davidovits (1994) pointed out that the production of one tonne of OPC 
produces approximately one tonne of CO2, contributing some 65% of anthropogenic 
CO2 emissions, and the demand for OPC has been increasing significantly over the 
years.  Moreover, climate changes due to global warming from anthropogenic 
emissions have become a major concern and several attempts have been conducted to 
reduce the use of OPC in concrete in many nations.  

GPC which commonly utilises fly ash as a by-product of coal-burning power 
stations as the binder, is a viable replacement for OPC.  These concretes are also 
known to possess small shrinkage deformations as well as having superior durability 
(Ng 2011).  However, it appears that on-site batching and finishing is harder to 
undertake than that for conventional concretes, and so precast GPC components are 
ideal a replacement for conventional OPC concretes in composite framed building 
structures. 

Combining precast GPC slabs with steel elements by using a deconstructable 
shear connection may solve the problems and concerns associated with dismantling 
and recycling traditional composite structures.  Pre-tensioned high strength bolts 
installed through holes in precast GPC slabs into pre-drilled holes in the steel beam 
produce a composite flooring system that can be deconstructed at the end of life of 
the structure (Bradford and Pi 2012a,b, 2013; Rowe and Bradford 2013; Ataei and 
Bradford 2013; Lee and Bradford 2013). Marshall et al. (1971) appear to be the first 
researchers to have reported the use of  bolted shear connection, but the context of the 
usage is not clear.   Twelve push tests using high strength bolts as shear connectors 
were carried out and reported by Dallam (1968). In these set of tests, the bolts were 
embedded in the concrete slab and pre-tensioned by the turn-of-nut method after the 
concrete had aged 28 days.  He pointed out that high strength bolts displayed a higher 
capacity and ultimate strength than stud shear connectors.  Six full-scale simply 
supported composite beams with high-strength bolted shear connectors were tested by 
Dallam and Harpster (1968).  Based on this, they concluded that pre-tensioned high 
strength bolts provide a very rigid connection between the steel beam and concrete 
slab at service loads, and a reserve capacity sufficient to develop the ultimate moment 
capacity of the fully composite section is present.  Dedic and Klaiber (1984) 
conducted several tests on the retrofitting of existing bridge girders by using post-
installed high strength bolts under static loading.  Hungerford (2004) and Schaap 
(2004) conducted several direct shear tests to investigate the behaviour of 19 mm 
diameter post-installed shear connectors. Based on experimental work, Kayir (2006) 
proposed an equation to predict the ultimate strength of pre-tensioned bolted shear 
connectors. A series of test was conducted on three types of 22-mm diameter post-
installed shear connectors under static and fatigue loading by Kwon et al. (2010).  It 
was concluded that bolted shear connectors exhibited significantly higher fatigue 
strength than stud shear connectors. Five full-scale non-composite beams were 
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constructed to investigate the retrofitting of the bridge beams by Kwon et al. (2011). 
The reinforced concrete slabs were attached compositely to the steel girder via post-
installed connectors in four beams.  It was concluded that the strength and stiffness of 
the non-composite bridge girder can be improved significantly.  These studies did not 
focus on deconstructability and, moreover, no research appears to have been reported 
on the modelling of sustainable semi-rigid flush end plate composite joints with 
deconstructable bolted shear connectors. 

In order to provide a robust and efficient means for modelling sustainable 
semi-rigid beam-to-column composite blind bolted connections with deconstructable 
bolted shear connectors, the present paper presents a three-dimensional modelling 
using ABAQUS software. The modelling is benchmarked firstly against the extensive 
testing of connections with blind bolting reported by Loh et al. (2006), and then shear 
stud load-slip relationship data are replaced by the strength and the stiffness 
characteristics of the pre-tensioned bolted shear connectors determined from push 
tests conducted by Lee and Bradford (2013). The modelling is shown to provide an 
efficacious technique for conducting parametric studies, so as to develop design 
guidance in this novel application in composite construction. 

 
FINITE ELEMENT MODEL  
MATERIAL PROPERTIES 
 

For the ABAQUS modelling, the actual stress-strain curves determined by 
Loh et al. (2006) were used for the shear connectors, steel beam, reinforcement, 
profiled sheeting and blind bolts. The points defining the relationship between the 
stress and strain of the materials adopted in the FE modelling are given in Table 1. 

 
Table 1(a): Material properties for reinforcement bars. 
Strain (×103 µε) 0 3 15 50 110 155 
Stress (MPa) 0 600 600 680 680 500 

Table 1(b): Material properties for profiled sheeting. 
Strain (×103 µε) 0 2⋅75 60 
Stress (MPa) 0 550 550 

Table 1(c): Material properties for blind bolts. 
Strain (×103 µε) 0 5 40 90 160 
Stress (MPa) 0 980 1040 900 580 

Table 1(d): Material properties for shear connectors. 
Strain (×103 µε) 0 2 50 150 220 
Stress (MPa) 0 450 520 500 420 

Table 1(e): Material properties for steel beams and columns. 
Strain (×103 µε) 0 1⋅75 13 70 150 
Stress (MPa) 0 400 400 485 515 
 
 

Concrete in compression and tension was represented using the damaged 
plasticity model in ABAQUS.  For concrete in compression, the curve of Carreira  
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and Chu (1985) was used, for which the stress-strain relationship is linear when the 
stress is less than 0⋅35fc, and  
 

( )
( )1

γ

γ ε ε
σ

γ ε ε
=

− +
c c

c
c

f
                    (1) 

thereafter, in which  
 

( )3
32 4 1 55γ = ⋅ + ⋅cf        (2) 

 
εc = 0⋅002, fc is the mean cylinder compressive strength and is in units of 

MPa. For OPC, the values of the cylinder compressive strength, the Young’s modulus 
and the Poisson’s ratio adopted are 17⋅5 MPa, 21 GPa and 0⋅2 respectively, while for 
GPC, the values of the cylinder compressive strength, the Young’s modulus and the 
Poisson’s ratio adopted are 40 MPa, 30 GPa and 0⋅2 respectively. 

For concrete in tension, the stress-strain relationship is linear until concrete 
cracking, after which the concrete is assumed to be perfectly plastic. Ataei and 
Bradford (2013) pointed out that the post-peak part of the stress-strain relationship for 
tensile concrete has negligible effect on the moment-rotation response of composite 
beam-to-column connections.  This simplistic model circumvents several difficulties 
that are encountered in FE modelling of these members and improves the rate of 
convergence, as vindicated with the close agreement between the numerical model 
and the tests of Loh et al. (2006). 

The main modes of failure identified in the analysis of the composite joint 
were concrete crushing (compressive failure), fracture of the reinforcement, fracture 
of the stud shear connectors and bolts and local buckling of the beam compression 
flange. The following criteria were adopted to determine the onset of each failure 
mode: 

- The strain corresponding to onset of concrete crushing(compressive failure) 
was taken as εcu = 0⋅005. 

- Fracture of blind bolts occurs at the ultimate strain (εu = 0⋅1) obtained from 
the tensile test conducted by Loh et al. (2006). 

- Fracture of the stud shear connectors occurs at the ultimate slip (su = 10 mm) 
obtained from the push-out tests conducted by Loh et al (2006) and Tan and 
Uy (2009). 

-  
ELEMENT TYPE 
 

Three-dimensional solid elements were used to model the bare and composite 
connections. 8-node solid elements with reduced integration (C3D8R) were used to 
mesh and simulate all components, except for the steel reinforcing bars.  These 
elements lead to more precise and reasonable results and they avoid the shear locking 
difficulties encountered using other elements such as C3D8I.  For the reinforcing 
bars, a two-node linear truss element (T3D2) was chosen.  A typical FE model of a 
composite joint is shown in Figure 1 (a). 
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                         (a)                                                                    (b) 
Figure 1: Representation of FE mesh for (a) composite joint (b) bolt. 

 
MODELLING BLIND BOLTS AND SHEAR CONNECTORS 
 

In the present research, the load-slip response obtained from the push tests 
with GPC slabs was used and converted into a piecewise-linear load-slip relationship 
for the FE modelling.  The shear studs in the tests were replaced by springs and load-
slip curves were applied to model the shear stud connectors. 

Most previous researchers appear to have modelled blind bolts with axial and 
shear springs, with the axial and shear forces carried by these springs being defined 
based on the shear and tensile strengths of the bolts, with the pretension being 
neglected.  ABAQUS provides an option that allows for the pretension being included 
simply, in which the bolt is divided lengthwise into two, defining a surface on which 
the pretension is applied.  The pretension is then applied in the bolts using the “bolt 
load” module, and this option was used in the present study. Figure 1 (b) illustrates 
the meshing of blind bolt.  All components were modelled, except the threads on the 
shank and ledges. The head and nut of the bolts were assumed to connect completely 
to the shank. 

 
LOAD APPLICATION 

 
The loading was applied in two steps.  First, the pretension was applied to the 

blind bolts and the joints were then loaded, at which state the bolts were subjected to 
the pretension.  Mirza and Uy (2011) have pointed out that Riks’ technique is needed 
to capture any unloading in the non-linear analysis, and so the GENERAL method 
and modified RIKS method were used for the first step and second step respectively. 
A static concentrated load was applied at the centre of the CFST column, as was done 
in the tests.  

In FE modelling, correct representations of the boundary conditions are 
essential since slightly different boundary conditions can produce significantly 
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different results. For the simulation in this paper, the boundary conditions were taken 
as being exactly the same as in the tests, with the column being allowed to move in 
the vertical direction and with the flanking ends of the beams having roller supports. 
 
CONTACT MODELLING 

 
One of the most important aspects of FE modelling is simulation of the 

contact interaction between components.  There are various materials in composite 
connections which interact with each other, and the results of the FE analysis depend 
on the accurate modelling of the contact interaction between these materials. The 
interactions between these materials were treated in ABAQUS in the following way. 

Experiments reported elsewhere show there is no separation between the head of 
the bolt and the flush end plate in a composite connection, and also between the nut of 
the bolt and the inner face of the steel column. Therefore, the TIE option was used for 
connecting these components which leads to their having the same displacements. The 
TIE option was also used for the steel beam and flush end plate because of the welding of 
these two components together.  

In order to simulate the interaction between the top flange of the steel beam 
and the lower part of the profiled steel sheeting, surface-to-surface contact interaction 
with a coefficient of friction of 0⋅1 was adopted, in which the top flange and the 
profiled sheeting were considered as master and slave surfaces respectively. The same 
interaction was used to model the interaction between the profiled sheeting and the 
lower part of the concrete slab. Because the headed stud connectors are through-
welded to the top flange, the TIE option was used. 

Modelling the interface between the concrete slab and shear stud connectors is 
one of the main issues in the FE modelling of the composite beam and joint.  As 
noted earlier, in this research the strength and the stiffness characteristics of the pre-
tensioned bolted shear connectors determined from the push tests are used for 
modelling of the connection between the concrete slab nodes and steel flange nodes, 
and so an axial connector model was used to model the interface slip. These 
connectors were located at the same positions where studs were welded or bolts were 
placed on the specimen. A schematic diagram of the axial connector model is shown 
in Figure 2. Reinforcement was also embedded into the slab, with the slab being the 
host region and the bars being an embedded region. This technique connects these 
two different components and prevents slip between them. Interaction of the concrete 
and inner faces of the steel tubular column was simulated as a surface-to-surface 
contact interaction with a coefficient of friction of 0⋅25.  
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Figure 2:  Axial connector model for CJ1 
 
COMPARISON OF TESTS AND FE MODEL 

 
In this research, the test results obtained by Loh et al. (2006) were used to 

validate the FE model.  Loh et al. (2006) presented a comprehensive set of 
experiments on composite connections.  In this work, one non-composite (SJ6) and 
five semi-rigid composite beam to column connections (CJ1- CJ5) were tested under 
symmetric loading, with the composite beams being connected to the tubular columns 
using blind bolts.  Two rows of M20 Grade 8⋅8 blind bolts attached flush end plates to 
the columns, and to which the steel beams were connected.  Composite action was 
achieved between the steel beam and concrete slab by stud shear connectors welded 
through the profiled steel decking.  The tests were designed to simulate an internal 
composite beam-to-column connection typical of a low-rise building system.  In the 
tests, the variables were the degree of shear connection, the shear stud spacing and 
the area of reinforcement. Tables 2 and 3 summarise the dimensions and components 
in the experimental programme. 

 
Table 2: Variables in the tests of Loh et al. (2006). 
 CJ1 CJ2 CJ3 CJ4 CJ5 
Reo. bars 4φ16 4φ16 4φ16 2φ16 6φ16 
Reo. ratio  1⋅30% 1⋅30% 1⋅30% 0⋅65% 1⋅90% 
a (mm)* 100 140 300 140 100 
b (mm)* 265 480 800 480 160 
 

     *a = distance of first connector from column face 
         b = stud spacing 
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Table 3: Constants in tests of Loh et al. (2006). 
Property Value 
Slab thickness (mm) 120 
Slab width (mm)  515 
Profiled sheeting Lysaght Bondek 
Column 200×200×9 
Steel beam 250 UB 25⋅7 
End plate thickness (mm) 10 
Blind bolt Hollow-Bolt M20 
Stud shear connectors 19×100 mm 
 

Loh et al. (2006) also conducted three push tests to define the load-slip 
characteristics of shear stud connectors. Fig. 3 (a) shows the results of these tests and 
a piecewise linear force-slip relationship was used as the force-slip law for the 
springs.  The points defining the relationship between the load and slip of bolted 
shear connectors adopted in the FE modelling are given in Table 4. 

 
Table 4: Load-slip relationship for stud shear connectors. 
Load (kN) 0 100 100 75 
Slip (mm) 0 1 7 15 

 
Lee and Bradford (2013) conducted a set of push tests on bolted shear 

connectors with precast GPC slabs.  In this work, five push tests were undertaken to 
obtain the load-slip characteristics of this new method of connection, where the GPC 
precast concrete slabs are connected compositely to the steel beam using pretensioned 
high-strength bolts.  Table 5 summarises the dimensions and components of the three 
push tests of this experimental programme. 
 

 
 

(a)                                                               (b) 
Figure 3: Load-slip relationship for (a) shear stud connectors and spring, (b) 

Bolted shear connectors and spring. 
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Table 5: Variables in tests of Lee and Bradford (2013). 

 PT1 PT2 PT3 
Bolt diameter (mm) 20 20 16 
Hole diameter (mm)  24 28 24 
GPC Strength (MPa) 40 40 40 
Pretension per bolt (kN) 145 80 95 
Clearance (mm) 4 4 8 
 

The load-slip relationship for the three push tests is shown in Figure 3 (b).  
The points defining the relationship between the load and slip of the bolted shear 
connectors adopted in the FE modelling are given in Table 6. 

 
Table 6(a): Load-slip relationship for bolted shear connectors (M20 
bolts with 100% pretension). 
Load (kN) 0 52 61 78 98 164 207 207 
Slip (mm) 0 0⋅1 0⋅2 4⋅2 5⋅8 8⋅8 22 30 

 
Table 6(b): Load-slip relationship for bolted shear connectors (M20 
bolts with 50% pretension). 
Load (kN) 0 16 41 152 197 192 

Slip (mm) 0 0⋅04 5 12 24⋅5 32 
 
Table 6(c): Load-slip relationship for bolted shear connectors (M16 
bolts with 100% pretension). 
Load (kN) 0 26 36 63 102 125 153 97⋅3 
Slip (mm) 0 0⋅17 8⋅4 11⋅5 15 21⋅5 29⋅3 41⋅2 
 

A most important consideration for a FE model is its validation with physical 
tests.  In order to achieve this, the results of the ABAQUS-based FE modelling are 
compared herein with the experimental results of Loh et al. (2006). In this 
comparison, the load versus deflection response was modelled, and the results are 
given in Figures 4(a) to 4(e) for the five composite connections tested and in Figure 
4(f) for the connection with a bare steel beam.  It can be seen that the agreement is 
very good for much of the range of the response. 
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(a)                                                                (b) 

 

  
 

(c)                                                                (d) 

   
(e)                                                                (f) 

 
Figure 4: Comparisons of load-deflection response for FE model and tests: (a) 

CJ1 (b) CJ2 (c) CJ3 (d) CJ4 (e) CJ5 and (f) CJ6.  
 
 
 
 
 
 

0

50

100

150

200

250

0 20 40 60 80

M
om

en
t (

kN
.m

)

Rotation (mrad)

Test

FEM
0

50

100

150

200

250

0 20 40 60

M
om

en
t (

kN
.m

)

Rotation (mrad)

Test

FEM

0

50

100

150

200

250

0 20 40 60 80M
om

en
t (

K
N

.m
)

Rotation (mrad)

Test

FEM
0

50

100

150

200

0 20 40 60

M
om

en
t (

K
N

.m
)

Rotation (mrad)

Test

FEM

0

50

100

150

200

250

0 10 20 30 40

M
om

en
t (

K
N

.m
)

Rotation (mrad)

Test

FEM
0

20

40

60

80

100

0 25 50 75 100

M
om

en
t (

kN
.m

)

Rotation (mrad)

Test

FEM

Composite Construction in Steel and Concrete VII 365

© ASCE



  

FE MODELLING OF DECONSTRUCTABLE JOINTS 
GENERAL 
 

The FE modelling of a semi-rigid beam-to-column composite blind bolted 
connection conducted and validated against the experiments conducted by Loh et al. 
(2006) was used to develop a FE model for a deconstructable composite joint.  As 
noted earlier, the compressive strength of the concrete in these tests was on the order 
of 17⋅5 MPa, which is relatively low.  Therefore, in order to investigate the effect of 
the compressive strength of the GPC and also the bolted shear connectors on the 
behaviour of semi-rigid flush end plate composite joints, two series of FE models 
were conducted including the semi-rigid flush end plate composite joints with bolted 
shear connector and OPC, which had the same concrete compressive strength as Loh 
et al.’s tests, and semi-rigid flush end plate composite joints with bolted shear 
connectors and GPC, which had 40 MPa compressive strength.   

For the first series of FE models, the load-slip input characteristics for the 
spring, which represent the shear studs, were replaced by the strength and the 
stiffness characteristics of the pre-tensioned bolted shear connectors obtained from 
the push tests conducted by Lee and Bradford (2013). 

For the second series of FE models, the load-slip input characteristics for the 
springs and the concrete properties were replaced by the strength and stiffness 
characteristics of the pre-tensioned bolted shear connectors and GPC material 
properties respectively. In the following sub-sections, the behaviour of the stud and 
bolted shear connectors are described and then the load-deflection response of the 5 
composite specimens for two series of FE models are explained in detail. 

 
COMPARISON OF STUD AND BOLTED SHEAR CONNECTORS 

 
One of the main components that may influence the behaviour of a composite 

joint is the type of the shear connector.  In this part, the results of push tests with two 
types of shear connectors (studs and bolted shear connectors) are explained.  Figure 5 
shows the load-slip relationship for bolted and stud shear connectors.  

As shown in Figure 5, for stud shear connectors there are two distinctive 
stages, that involve a region of full interaction and then a region of almost no 
interaction.  The composite action between the concrete slab and steel beam is 
produced by the bearing of the concrete and studs.  However bolted shear connectors 
can be seen to have three distinctive stages, that involve a region of full shear 
interaction, a region of zero shear interaction and a region of partial shear interaction. 
In these bolted connectors at the first and third stages of interaction, composite action 
is produced by interface friction due to the pretension load and by bearing of the 
concrete and bolts respectively. 
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Figure 5: Load-slip relationship for bolted and stud shear connectors. 

 

 
 

Figure 6: Load-slip relationship for shear connectors (Loh et al. 2006) 
 

Figure 5 shows that the load and deflection capacities of the bolted shear 
connectors are much higher than for stud shear connectors.  The first slip for the stud 
connector starts at around 100 kN, while the first slip for the bolted shear connector 
with an M20 bolt with 100% pretension, an M20 bolt with 50% pretension and an 
M16 bolt with 100% pretension commence at about 25 kN, 30 kN and 60 kN 
respectively, which means that at the first stage the studs are stiffer than the bolts.  
However, after bearing of the bolts in the concrete slabs, the shear strength of the 
bolts increases significantly compared with studs. The values of slip are almost the 
same as the clearance between the bolts and hole in the GPC slab. 

Figure 6 shows the load-slip response for the five composite joint specimens.  
It can be seen that the ultimate slip of the stud shear connector for these five 
specimens is between 0 and 5 mm.  A comparison of Figs. 5 and 6 shows that, unlike a 
stud shear connector, most of the shear strength of the bolted shear connectors is in the 
third stage, when the slip of the bolts exceeds 5 mm significantly.  Therefore, the size 
of the hole in bolted shear connectors and the hole clearance are very important and 
should be considered during the designing of a connection, otherwise the strength 
capacity of the connectors is not properly considered in composite joints. 
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EFFECTS OF BOLTED SHEAR CONNECTORS 
 

In order to investigate the effects of the bolted shear connectors in this part, 
only the load-slip input characteristics for the spring, which represent the shear studs 
and used in the validated model in Section 3, were replaced by the strength and the 
stiffness characteristics of the pretensioned bolted shear connectors obtained from the 
push tests of Lee and Bradford (2013).  In order to achieve this, the results for the 
ABAQUS-based FE modelling with bolted shear connectors are compared with the 
FE modelling results of composite joints with shear studs herein.  In this comparison, 
the load versus deflection response was determined, and the results are given in 
Figures 7(a) to 7(e) for the five composite connections tested. 

 

 
(a)                                                             (b) 
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      (e) 

Figure 7: Comparison of deconstructable and conventional composite joints: (a) 
CJ1 (b) CJ2 (c) CJ3 (d) CJ4 and (e) CJ5 

 
The load versus deflection response for joints with M20 8⋅8 bolts and 100% of 

the minimum pretension load (M20-100% pretension), M20 8⋅8 bolts and 50% of the 
minimum pretension load (M20-50% pretension) and M16 bolts 8⋅8 and 100% of the 
pretension load (M16-100% pretension) were modelled and compared with the joints 
with stud shear connectors, and the results are also given in Figures 7(a) to 7(e) for 
the five composite connections tested.  For the M20-100% pretension joint, the load 
versus deflection response for the five composite joints is almost the same as those 
with stud shear connectors.  It is difficult to conclude that an increase in the strength 
of the shear connectors caused a slight differences in the load-deflection relationship 
and does not affect the behaviour of the composite joints, since the behaviour and the 
mode of failure for the semi-rigid end plate composite joints depends on the 
geometric and material properties of the joints.  In these specific cases, using stronger 
shear connectors does not have significant effect on the behaviour of composite 
joints.  Bonilla Rocha et al. (2012) pointed out that the ultimate strength of the studs 
does not have any influence on the connection capacity.  The mode of  failure was 
local buckling of the beam flange caused by the compression, as was shown in the 
experimental results.  Figure 8 shows the mode of failure and local buckling of the 
joint CJ5 using M20 bolts and 100% pretension. 
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Figure 8: Local buckling of flange in joint CJ5. 
 

The load versus deflection response for joints with M20-50% pretension was 
also modelled, and the results are given in Figures 7(a) to 7(e) for the five composite 
connections tested.  As shown in these figures, the load capacity of the joints is 
almost the same as those of composite joints with shear studs, but they failed with 
significantly more mid-span deflection, so that composite joints with bolted shear 
connectors are more ductile than joints with stud shear connectors.  Moreover, it can 
be seen that the initial stiffness of the joints with M20-50% pretension bolted shear 
connectors for the five composite joints are smaller than those with stud shear 
connectors.  This is may be because the load-slip characteristics of the bolted shear 
connectors are completely different to those for stud shear connectors.  This leads to a 
higher initial stiffness for a composite joint with stud shear connectors, but when the 
bolts start to bear on the concrete slab and steel beam the bolted shear connector is 
much stiffer than a shear stud.  It can also be seen that the failure mode of the 
composite joint is characterised by a higher mid-span deflection than a joint with stud 
shear connectors. 

The load versus deflection response for joints with M16-100% pretension was 
also modelled, and the results are also given in Figures 7(a) to 7(e) for the five 
composite connections tested.  As shown also in these figures, the load capacities of 
the joints are almost the same as those for the composite joints with shear studs.  
Again, the joints failed with much more mid-span deflection than their shear stud 
counterparts, indicating significantly more ductility.  For these joints, their initial 
stiffnesses are smaller than those with stud shear connectors. 

Comparisons of the load-deflection curves in Figures 7(a) to 7(e) for the five 
composite joints with the same bolted shear connectors (M20 bolts) but with different 
pretension loads shows that the pretension load in the bolt shear connectors affects 
the behaviour of the joints.  It can be seen that a 50% decrease in the pretension force 
in the bolts causes an increase between 7% and 45% in the ductility of joint without 
any decrease in the load capacity for joints CJ1-CJ4 and CJ5 respectively. 

Comparisons of the load-deflection curves in Figures 7(a) to 7(e) for the five 
composite joints with different sized bolts shows that, generally, the joints with M20-
100% pretension bolts are stiffer than those with M16-100% pretension bolts.  The 
initial stiffness of the joints with different bolts is the same.  This may be because in 
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the initial part of the response the friction force created by the pretension load at the 
interface resists the slip and there is full interaction between the beam and slab.  It 
can also be seen that when the loading on the joint increases, the deflection of the 
joint with M16 bolts is much more than that with M20 bolts. This is to be expected, 
as the frictional load in the composite joint with M16 bolts, which has 95 kN 
pretension force, is overcome sooner than composite joint with M20 bolts, which has 
145 kN pretension force. 

 
EFFECTS OF BOTH BOLTED SHEAR CONNECTORS AND GPC 

 
In order to investigate the effect of both the bolted shear connectors and GPC, 

in which the concrete compressive strength of 40 MPa is higher than that used in the 
tests of Loh et al. (2006), the load-slip input characteristics for the spring and the 
concrete properties were replaced by the strength and the stiffness characteristics of 
the pre-tensioned bolted shear connectors and GPC properties.  In order to achieve 
this, the results of the ABAQUS-based FE modelling with bolted shear connectors are 
compared herein with the FE modelling results of composite joints with shear studs.  
For this comparison, the load versus deflection response was modelled, and the 
results are given in Figures 9(a) to 9(e) for the five composite connections tested.  
These figures show that the ductility of most joints is improved, except for joint CJ5 
whose ductility is limited by local buckling of the steel compressive flange. 

It can be seen that an increase in the compressive strength of concrete causes 
an increase of between 5% and 15% in the load capacity of the composite joints for 
CJ1-CJ5.  However, the ductility of composite joints CJ2, CJ2 and CJ5 decreases due 
to their premature failure. 

 
CONCLUSIONS 

 
This paper has described a numerical modelling of semi-rigid composite beam 

connections using blind bolting, GPC and bolted shear connectors. This type of 
structural system falls within a class of low-carbon deconstructable building frames.  
Firstly, the procedure was benchmarked against the extensive testing of connections 
with blind bolting reported elsewhere, and the shear stud load-slip relationship data 
was replaced by the strength and the stiffness characteristics of pretensioned bolted 
shear connectors determined from some push tests also reported elsewhere.  Non-
linear material characteristics and non-linear geometric behaviour was considered in 
the modelling.  Comparisons of composite joints with stud and bolted shear 
connectors showed that using the bolted shear connectors instead of stud shear 
connectors can improve the behaviour of semi-rigid flush end plate composite joints 
in terms of ductility.  Since the behaviour of pretensioned bolted shear connectors is 
completely different to stud shear connectors, their behaviour should be considered 
during the design of composite connections. 
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                                    (a)                                                                   (b) 

 
                                        (c)                                                                 (d) 
 

 
(e) 

Figure 9: Comparison of deconstructable and conventional composite joints 
considering GPC. 
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Abstract 

 
Experimental investigations on the behaviour of composite steel-concrete 

beam-to-column joints are presented. The undertaken subject is related to the design 
of multi-storey buildings that are not only subjected to common actions including 
persistent design situations, but that could also be exposed to accidental situations 
(such as explosion, fire, or impact) resulting in local damage to the structure. At this 
stage of the investigations, two separate experimental arrangements are considered, 
which allow the behaviour of joints under negative (hogging) and positive (sagging) 
bending moments to be modelled. The aim of the experimental tests is the 
observation of possible failure modes of the joints and a comparison of results 
expressed in terms of joint moment-rotation characteristics. Analysis of the joint 
properties for different load situations would ultimately allow for the formulation of 
recommendations for engineering practice. 

 
INTRODUCTION 

 
In the modern approach to structural design, according to current codes of 

practice, engineers are advised to take into account the requirements of structural 
robustness, and to increase structural integrity and stability in order to prevent the 
occurrence of progressive or disproportionate collapses. This can be related to 
unforeseen or unidentified events that destroy locally only a limited volume of 
building structure, therefore they do not lead either to the progressive collapse of 
entire structures or local failure of disproportionate extent to the cause of damage.  

For example, when damage results in the loss of resistance of only one 
column of a building framework, it is associated with excessive, but limited, 
deformations of the residual substructure hanging over the damaged column. In order 
to ensure the structural robustness, some guidelines are given in Eurocodes in relation 
to unidentified accidental actions.  

In the design strategy adopted in (EN 1991-1-7), a column of a single storey 
may fail as a result of an unforeseen event, but not being able to resist loads it ensures 
the development of an alternative load path and the formation of a new equilibrium of 
the deteriorated (or residual) structural system. The residual structural system is able 
to develop a catenary action in order to limit the extent of failure. Therefore, 
structural engineers are advised to ensure robustness by redundancy for providing an 
alternative load path potential, by local resistance of key structural components, or by 
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adequate connectivity for ensuring structural continuity when the structure is being 
transformed from its original state to the final residual state. One of the possible ways 
to consider an increase in structural continuity is to keep the balance between the 
joint ductility and strength of those joints that are considered to be critical structural 
components. This balance is possible, for example, by using semi-rigid joints, which 
may exhibit a sufficient level of stiffness and resistance, and simultaneously provide 
the deformability necessary in redistribution of internal forces from a damaged 
structural member to the adjacent members.  

Research on structural robustness of steel and composite frameworks has been 
growing over the last two decades. A number of PhD theses dedicated to this topic 
have been completed, (Demonceau 2008), (Hai 2009) and (Saleh 2013) among 
others, as well as international programmes and research networks such as the 
European COST Action TU0601 “Robustness of Structures”, within which recent 
investigations have been presented, see (Kuhlman et al. 2009). In many publications, 
an exceptional event is modelled as the loss of a column in a building frame. In such 
event, the catenary effect appears and large tensile forces are present. Joints, which 
were previously subjected to hogging bending, are subjected to sagging bending after 
the column loss. This phenomena inspired the authors of the present paper to extend 
the experimental investigations on the semi-rigid composite steel-concrete joints 
under the negative bending moment, undertaken in (Barcewicz 2010). At this stage, 
experimental tests, conducted at the Warsaw University of Technology, concentrate 
on a comparison of the behaviour of joints subjected separately to bending moments 
of different signs (see Figure 1) but neglecting the effect of tensile forces. Further 
investigations are planned, including a sequential action of hogging and sagging 
bending with the presence of a tensile force. 

 

 

 
a) Joint subjected to hogging bending b) Joint subjected to sagging bending 

Figure 1. Experimental simulations of the behaviour of joints subjected to 
opposite moments. 

The aim of the tests presented herein was the observation of the possible 
failure modes of the joints in different load configurations and a comparison of the 
results expressed in terms of joint moment-rotation characteristics. 
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DESCRIPTION OF THE SPECIMENS AND TEST RIG 

 
The tested specimens consisted of isolated joints with bolted end-plate 

connections between the parts of a framed structure: beams (IPE300) and an 
unstiffened column (HEB200) made of steel grade S235JR, as well as a composite 
slab cast on the profiled sheeting (Cofraplus 60). The concrete class was of C25/30. 
Regarding the action of hogging bending, two types of slab were considered with 
reinforcement made of steel grade BSt500S: 6 #8 and 6 #12 mm, distributed inside 
the concrete slab of effective width equal to 800 mm. This gives ratios of the 
reinforcement area to the cross-sectional area of concrete above the steel ribs of 
0.60% and 1.35%, respectively. In the specimen under sagging bending, only the 
latter reinforcement ratio was used. Composite action between the beams and the slab 
was provided by means of headed studs (ϕ19 mm x 100 mm). Details of the 
composite slab cast on the Cofraplus 60 profiled sheeting are shown in Figure 2. 

 

 
a) Specimens before casting b) Specimens during casting 

Figure 2. Preparation of the composite slab for the specimens.  
 
For the joints considered herein, representing the group of semi-rigid joints, 

end-plates of thickness equal approximately to 50% of the bolt diameter were used. 
Bolts for the end-plate connections were M20 class 10.9. For comparison purposes, 
bare steel joints, shaped in the same way as the steel part of the composite joints, are 
also considered. 

The specimens with isolated joints subjected to hogging bending moment 
were widely examined within the previous research of authors (Barcewicz 2010) and 
(Barcewicz and Gizejowski 2011). The range of the experimental investigations 
covered different types of specimens with flush and extended end-plates of the 
thickness 8-12 mm. 

As the tests on the joints subjected to positive bending moments have been 
realized recently as pilot tests, the number and range of the specimens are limited 
only to two joints with extended end-plates of 10 mm thickness. One of them was 
bare steel and the second was composite steel-concrete. The summary limited to the 
joint detailing with end-plate thickness of 10 mm is presented in Table 1. 
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Table 1. Summary of specimen types. 

B
en

di
ng

 
m

om
en

t 

End-plate 
dimensions 

End-plate view 
Reinforcement 

ratio 
Specimen 

symbol 
H

og
gi

ng
 b

en
di

ng
 

10 x 150 x 320  

 

0% 
(steel) 

ES1 

0.60% 
(composite) 

EZ1 

1.35% 
(composite) 
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10 x 150 x 420 

0% 
(steel) 

WS 

0.60% 
(composite) 

- 

1.35% 
(composite) 

WZ1 

 
Expected differences in the behaviour of joints subjected to moments of 

opposite signs led to take into account a change in the shape of the end-plates (see 
Figure 1b). In the joints under hogging moment, the end-plate with the upper 
extension was used. However, the joints under sagging bending are shaped with end-
plates extended at the top and the bottom of the joint. Otherwise the same geometry 
of the joint with the end-plate extended only from one edge could cause that such 
joints will behave under sagging moment analogically to the joints with the flush end-
plate. This phenomenon is connected with the inverted location of the tension and 
compression zones of the joints and could significantly decrease the values of the 
initial stiffness and the moment resistance of such joints because of the smaller 
number of bolt-rows and the shorter distance between the furthest bolt-row to the 
centre of compression (the lever arm). 

All specimens were subjected to static, monotonic loading until failure 
occurrence. A symmetrical arrangement was used to control the specimen behaviour 
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and any effect of imperfections that could cause column drift. Two independent 
hydraulic jacks were used to apply the same loads on each cantilever tip, at 1540 mm 
from the column face. The general view of the test rigs with the composite specimens 
in two load configurations are presented in Figure 3.  

 

 
a) Hogging bending of the composite joint 

 
b) Sagging bending of the composite joint 

Figure 3. General view of the test rigs with the composite specimens  
in two load configurations 

 
For the group of specimens under hogging bending (Figure 3a), loading was 

realized by pressing the composite slab from the top, and the loading process was 
fully force controlled. These specimens were supported from the bottom by the 
column base.  

The specimens in sagging bending (Figure 3b) were hung to the rigid frame 
and the jacks pressed the lower beam flanges from the bottom. This loading process 
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was divided into two stages: in the elastic range it was force controlled, and later it 
was changed to being displacement controlled. This method is generally 
recommended since it allows evaluation of the full joint characteristic, including 
rotation capacity. 

For all specimens, the joint rotation was measured by electronic 
inclinometers, located symmetrically in the web of each beam in the vicinity of the 
joint, at a distance of 100 mm from the column face and in the middle of the column 
web (for control of symmetry). Readings of the actual force in the jacks were 
provided by the hydraulic system. 

 
BEHAVIOUR OF THE JOINTS SUBJECTED TO HOGGING BENDING 

 
Due to the diversity of the specimens subjected to hogging bending, different 

failure modes could be observed and the influence of several effects could be 
examined: composite action effect, height of the end-plate effect (and the presence of 
the additional bolt-row), and reinforcement ratio effect.  

Failure mode of the bare steel joints with flush and extended end-plates was a 
rupture in the fillet welds connecting the end-plate to the upper flange of the beam. 
This brittle failure was preceded by significant end-plate deformations in both flush 
and extended end-plates.  

Tests of composite joints with a lower reinforcement ratio were terminated 
owing to a rupture in the reinforcing bars and the large cracking of concrete. A view 
of the cracked slabs of specimens EZ1 and EZ2 is shown in Figure 4. 

 

Figure 4. View of the cracked slabs of specimens EZ1 and EZ2 
 
The failure of these specimens is located in the tension zone as shown in 

Figure 5a. Deformations of the end-plates in the composite specimens were also 
visible, as in the bare steel counterparts, but they were relatively smaller than those of 
the respective steel joints. On the other hand, failure of the composite joints with a 
higher reinforcement ratio was observed to appear in the compression zone. In this 
case, the source of failure was the yielding of the column web in compression, as 
presented in Figure 5b. 
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a) Composite joint with a lower 
reinforcement ratio (ρ = 0.60%) 

b) Composite joint with a higher 
reinforcement ratio (ρ = 1.35%) 

Figure 5. Failure modes of the composite joints subjected  
to the negative bending moment 

 
Test results are expressed in the form of relationships between the bending 

moment applied to the joint and the joint rotation. The particular sets of M-ϕ curves 
(in Figure 6) are useful to explain the effect of the height of the end-plates as well as 
the influence of a composite action and reinforcement ratio on the overall behaviour 
of joints subjected to the hogging bending moment. Due to the force controlled 
loading system, the recorded measurements were possible until the maximum value 
of the applied load had been reached. Except for joint EZ6, in case of which 
instrumentation was removed slightly earlier, the possible readings of angles of 
rotation were associated with the ultimate moment resistances and equal to about 50 
mrad in case of steel joints and 30 mrad for composite joints (independent of the type 
of end-plate and the amount of reinforcement).  

 

a) Joints with the flush end-plates b) Joints with the extended end-plates 
 

Figure 6. M-ϕ curves for the joints subjected to hogging bending 
 
From the test results, it is clearly visible that the overall behaviour and finally 

the failure mode of composite joints subjected to hogging bending mostly depend on 
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the reinforcement ratio. A detailed procedure of taking into account the effect of joint 
reinforcement ratio in the joint analytical model is proposed in (Barcewicz and 
Gizejowski 2011). 

 
BEHAVIOUR OF THE JOINTS SUBJECTED TO SAGGING BENDING 
 

In the case of the experimental tests, in which the specimens were subjected to 
sagging bending moments, only two joints: WS (as a counterpart of joint ES2) and 
WZ1 (as a counterpart of joint EZ6) were considered (see Table 1).  

Failure mode of the bare steel joint WS was a fracture of the end-plate in the 
HAZ of the fillet welds connecting the end-plate to the lower flange of the beam. It 
was associated with large end-plate deformations at both sides of the column.  

The source of composite joint WZ1 failure was the crushing of concrete. The 
view of the crushed composite slab is presented in Figure 7a. Plastic deformations of 
the bending column flanges and end-plates were also observed, increasing with the 
growth of the joint rotation. After the complete crushing of the slab, the steel part of 
the joint was damaged due to a rupture of the fillet weld connecting the end-plate to 
the bottom flange of the beam. It is presented in Figure 7b. 

 

a) View of the crushed slab  
of composite joint WZ1 

b) View of the steel part  
of composite joint WZ1 

Figure 7. Failure modes of composite joint WZ1 
 
Test results of the joints WS and WZ1 in terms of the M-ϕ curves are 

presented in the next chapter. Due to the utilization of the displacement controlled 
loading system, the readings of the joint rotation at failure were possible for these 
specimens.  

 
COMPARISON OF THE TEST RESULTS 
 

The M-ϕ curves of the joints subjected to hogging and sagging bending 
moments are compared in Figure 8. From the comparison presented in this figure, it is 
visible that the steel joint WS showed a slightly higher ultimate moment resistance 
than joint ES2, the same initial stiffness, and a larger rotation capacity. After the 
elastic range of the M-ϕ curve of joint ES2, stiffness degradation occurs more rapidly. 
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In the case of the composite joints, both of them reached almost the same ultimate 
moment resistance and similar initial stiffness. 

 

a) Steel joints b) Composite joints 
Figure 8. Comparison of the M-ϕ curves for the joints  

in hogging and sagging bending 
 
The visible difference in ductility between the two M-ϕ curves of composite 

joints results from the lack of possibility of rotation capacity evaluation in the case of 
joint EZ6. This is due to the force controlled loading process applied in the 
experiment that resulted in the earlier termination of readings. Similar composite joint 
resistances are obtained under the condition that in the tension zone there is an 
extended end-plate with bolt rows on both sides of the flange, and regardless of 
whether in the compression zone the end-plate is extended or flush. The semi-rigid 
joints analysed herein as subjected to sagging bending demonstrated a good degree of 
ductility. 

 
INFLUENCE OF THE SIGN OF BENDING MOMENT ON THE 
ANALYTICAL MODELLING OF JOINT PROPERTIES 
 

Remarks taken from the previous chapters may be useful in the prediction of 
basic joint properties. The aim of this chapter is to show the differences in analytical 
determination of the design moment resistance and the initial stiffness in the case of 
the negative and positive bending moment.  

The initial stage of analytical modelling of steel and composite joints, 
according to the component method implemented in (EN 1993-1-8) and (EN 1994-1-
1), is the identification of active components, which could be a source of 
deformations and potential failure modes of the joints. These components are located 
in three different zones within a joint: tension, compression, and shear zone.  

The shear zone covers the column web panel in shear. In the case of the 
experimental tests presented here, symmetrical double-sided joints with balanced 
moments allow the activity of this component to be neglected. 

The position and activeness of the components in the tension and compression 
zones highly depend on the load configuration and joint detailing. In typical 
situations, where the joint is subjected to hogging bending moment, the components 
of the tension zone are situated in the upper part of the steel beam section and in the 
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slab, in which reinforcement is the active component, while the influence of cracked 
concrete is omitted. A list of the active components regarding the joints with end-
plate connections, subjected to the negative moment, as well as the design procedure 
of determination of the design moment resistance and the initial stiffness are given in 
(EN 1993-1-8) and (EN 1994-1-1).  

Regarding the composite beam-to-column joints subjected to sagging bending 
moments, there is no guidance in the Eurocodes. In such situation, the joint 
components of the tension zone are situated in the lower part of the steel beam 
section. However, the compression zone is located in the upper part of the joint, 
mostly in the slab, in which concrete plays the important role. This means that with 
respect to the component method, the new component is activated, namely: concrete 
slab in compression. The influence of this new component should be taken into 
account in terms of both resistance and stiffness replacing the previous component: 
longitudinal steel reinforcement in tension. Formulae for the new component 
characteristics are given in (Demonceau 2008). 

Contrary to the joints subjected to hogging bending, where the centre of 
compression is assumed to be in the line with the centre of the bottom flange of the 
connected beam, the centre of compression of the joints under sagging bending is 
assumed to be at the middle of the height of the contributing part of the composite 
slab z. It may be computed by expressing the equilibrium of the load developing in 
the slab in compression with components in tension, and assuming a rectangular 
stress distribution in the concrete: z = ∑Ftr,Rd/[beff,conn·(0.85fck/γC)] and z ≤ hconcrete, 
where: 
Ftr,Rd – the effective design tension resistance of bolt row r 
fck – characteristic value of the cylinder compressive strength of concrete at 28 days 
(or on the day of testing in the case of the experimental investigations)  
γC – partial factor for concrete 
hconcrete – the total height of concrete above the ribs (in the case of a composite slab) 
beff,conn – the width of concrete taken into account for this joint component, defined 
as: beff,conn = bc + 0.7hc ≤ beff, where: 
bc – the width of the column flange  
hc – the depth of the column cross-section 
beff – the effective width of the composite slab to be considered in the vicinity of the 
joint. 

The results of the analytical modelling, according to Eurocode provisions and 
some additional developments presented in (Barcewicz and Gizejowski 2011), are 
compared with the experimental results in Table 2. The calculated values are based 
on the actual material properties. The joint initial stiffness Sj,ini,test was determined for 
the linear part of the M-ϕ curve by means of the least squares method, while the 
values of the moment resistance Mj,R,test are determined by the intersection point of 
the M-ϕ curve with the straight line representing the secant stiffness Sj,test (Barcewicz 
and Gizejowski 2011). The comparison presented above shows good agreement 
between the predicted values of the initial stiffness and the joint moment resistance 
with the results determined experimentally. 
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Table 2. Comparison of the joint properties from the tests and the calculations 

Joint 
properties 

Hogging bending 
Sagging 
bending 

Flush end-plate 
connections 

Extended end-plate  
connections  

ES1 EZ1 EZ5 ES2 EZ2 EZ6 WS WZ1 

Sj,ini,test 
[kNm/mrad] 

22.63 46.91 56.29 44.44 66.89 78.19 50.51 80.63 

Sj,ini,calc 
[kNm/mrad] 

21.62 39.22 51.07 52.33 65.87 75.10 52.27 73.93 

Sj,ini,calc / 
Sj,ini,test 

0.96 0.84 0.91 1.18 0.98 0.96 1.03 0.92 

Mj,R,test 
[kNm] 

55.52 124.89 178.79 92.40 158.89 201.18 124.80 168.78 

Mj,R,calc 
[kNm] 

49.40 128.31 181.29 82.75 161.67 194.70 91.90 137.64 

Mj,R,calc / 
Mj,R,test 

0.89 1.03 1.01 0.90 1.02 0.97 0.74 0.82 

 
 

CONCLUDING REMARKS 
 

In modern structural design processes, designers should take into 
consideration not only typical permanent situations, but care should also be paid to 
the accidental situations. Sometimes even a small change in the typical shaping of 
structures may be useful in order to allow the structure to resist a local overload or 
other accident events. One method for ensuring an increase in structural continuity is 
to keep the balance between the joint ductility and strength of the joints that are often 
considered to be critical structural components. This balance could be possible by 
using semi-rigid joints, which may exhibit a sufficient level of stiffness, resistance, 
and deformability, necessary in the redistribution of internal forces from a damaged 
structural member to the adjacent members.  

In the present paper, symmetrical double-sided beam-to-column joints with 
bolted end-plate connections are dealt with. End-plates of thickness equal to half of 
the bolt diameter were used and, in the case of sagging bending, symmetrical 
extensions beyond both beam flanges. Regarding the bare steel joints in hogging 
bending, the height of the end-plate is important, whereas for the composite joints in 
the same situation, the most influenced parameter is the reinforcement ratio. For 
composite joints subjected to the positive moment, parameters of concrete (concrete 
class, thickness and, effective width of the slab) are crucial as well as a detailing of 
the bottom steel part of the composite joint in the tension zone. Joints with thin 
extended end-plates exhibit a good balance between strength and rotation capacity, 
which may allow an equilibrium state to be achieved in the case of a change in the 
sign of bending moment. Further investigations are needed to proof the good 
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behaviour of such joints within the interaction of bending and tension in the case of a 
more realistic simulation of an accidental event. 

Experimental investigations are also needed to observe the joint behaviour in 
full scale multi-bay sub-frame testing when the specimen is subjected first to the 
application of service loads and then to the simulation of column removal scenario.  
Pilot testing of steel and composite sub-frames based on the same flush end-plate 
joint detailing as adopted herewith have been presented in (Kozlowski et al. 2011) 
and on the same double extended end-plate joint detailing  in (Saleh 2013).  
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Abstract 

 
The Eurocodes recognise robustness as a way to ensure the structural integrity 

of a building frame subjected to an unforeseen event and therefore to avoid a so-
called “progressive failure” mode in extreme loading situations. However, few 
practical guidelines exist nowadays which would allow a designer to design a 
structure accordingly. Within the European RFCS ROBUSTFIRE project, the 
behaviour of steel and composite car parks subjected to localised fire leading to a 
column loss was investigated. Under such a scenario, the beam-to-column joints play 
a key role in the global structural response. Indeed, these joints, initially loaded in 
bending, may be subjected to elevated temperatures and to combined axial load “N” 
and bending moment “M”. In this paper, a methodology to predict the mechanical 
response of bolted composite beam-to-column joints at elevated temperatures under 
M-N is presented and validated through comparison to experimental tests conducted 
at the University of Coimbra.  

 
INTRODUCTION 
 

The Eurocodes recognise robustness as a way to ensure the structural integrity 
of a building frame subjected to an unforeseen event (explosion, impact …) and 
therefore to avoid a so-called “progressive failure” mode in extreme but exceptional 
loading situations. However few experience and practical guidelines exist nowadays 
which would allow a designer to design a structure accordingly.  

Within the European RFCS ROBUSTFIRE project, the behaviour of steel and 
composite car parks subjected to localised fire leading to a column loss was 
investigated, and practical design guidelines were derived. To reach this goal, 
experimental, numerical and analytical developments were carried out.  

Under such a scenario, the beam-to-column joints play a key role in the global 
structural response. Indeed, these joints, initially loaded in bending, may be subjected 
to elevated temperatures and to combined axial load “N” and bending moment “M”.  

Within the above mentioned project, a methodology to predict the mechanical 
response of bolted composite beam-to-column joints at elevated temperatures under 
M-N is proposed; this methodology will be presented and discussed in the paper.  

This methodology is based on an analytical method able to predict M-N 
resistance interaction curves for joints and which is in full agreement with the 
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Eurocode model recommended for the joint characterisation, i.e. the component 
method. 

The validation of the proposed model through comparisons against 
experimental results obtained from six tests performed at the University of Coimbra 
on a composite steel-concrete beam-to-column frame under fire is introduced in the 
paper. The tested composite frame was subject to mechanical (bending and axial 
forces) and thermal actions (constant temperature equal to 500ºC or 700ºC). The 
objective of these tests was to observe the combined bending moment and axial loads 
in the heated joint when catenary action develops in the frame during the column loss 
due to a localized fire. 

The paper will first summarise the conducted experimental test campaign and 
then present the developed analytical method, with its validation through 
comparisons of its predictions against experimental evidences. 

 
EXPERIMENTAL TESTS 

 
A total of seven beam-to-column sub-frames (see Figure 1) were tested at the 

University of Coimbra: one reference test at ambient temperature; five tests at 500ºC 
or 700ºC; and a demonstration test, for which the sub-frame was subject to an 
increase of the temperature up to the failure of the column. The effect of the axial 
restraint to beam coming from the unaffected part of the building was also studied. 
The six first tests that represent “theoretical” reference situations (Haremza et al., 
2013) are used for the calibration.  

 
Experimental program 

 
A typical open car park structure was specially designed for the European 

ROBUSTFIRE project (Demonceau et al. 2013). From the studies performed on this 
common building, general design rules for such structures ensuring sufficient 
robustness under fire conditions can be obtained. The selected structure was a braced 
open car park building with eight floors of 3 m height, composite slabs, composite 
beams and steel columns. The tested sub-frame was selected from the fifth floor of 
this car park building; however, because of the laboratory dimensions, the beam 
length was reduced from 10 m in the real building to 3 m in the tested sub-frame. In 
this paper, the six tests performed under constant temperatures (tests 1 to 6) are 
presented and the obtained results are used to calibrate the proposed analytical model. 
The objective of these tests was to derive: i) the joint properties at 20ºC, 500ºC and 
700ºC (no axial restraint to the beam), and ii) the joint M-N curves at 500ºC and 
700ºC under variable axial loads (full or actual beam axial restraints).  

 
Sub-frame and testing setup 

 
The sub-frame was defined by two unprotected composite beams IPE 550 

steel cross-sections, grade S355, and one unprotected HEB 300 cross-section steel 
column, grade S460 (Figure 1). The hydraulic jack at the column top applied the 
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mechanical loading, whereas the hydraulic cylinder located at the column base 
simulated the progressive loss of the column.  

 

 
Figure 1. General layout, longitudinal view 

 
The joint configuration is representative of usual joint typologies used in open 

composite steel-concrete car park structures (see Figure 2); bolts M30, grade 10.9, 
and a steel end-plate 15 mm thick, S355, were used (Demonceau et al., 2013; and 
Haremza et al., 2013). In order to ensure the composite behaviour of the beam-to-
column joint, ten steel rebars of diameter 12 mm were placed in the composite slab 
(five at each side of the column). The composite slab (1 mm thick steel sheeting and 
reinforced concrete C25/30) had 900 mm width and 130 mm of total thickness. The 
steel beam was fully connected to the composite slab by 22 shear studs (Haremza et 
al., 2013).  

 

 
Figure 2. Configuration of the tested beam-to-column joints 

 
Description of the loading sequence 

 
Each test, from test 1 to test 6, was divided into 3 main steps (see Figure 3): 

step 1 - application of an initial hogging bending moment in the joint, step 2 - heating 
of the joint zone up to 500ºC or 700ºC (except for test 1 at 20ºC), and step 3 - 
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simulation of the loss of the column and increase of the sagging bending moment up 
to the failure of the joint.  

In step 1, the internal loads in the joint were simulated as in the real car park. 
A hogging bending moment equal to -450 kNm was applied to test 1 at ambient 
temperature. According to Eurocode 1 part 1.2 (EN 1991-1-2, 2002), effects of 
actions under fire may be deduced from those determined in normal temperature 
design, by calculating a reduction factor ψfi (53% in this case). The resulting hogging 
bending moment considered in tests under elevated temperatures was -236 kNm. 
During step 2, temperatures increased with a linear rate of 300ºC/hour, up to the 
target temperature in the beam bottom flanges: 500ºC for tests 2 and 4, and 700ºC for 
tests 3, 5 and 6. Steel temperatures were increased using Flexible Ceramic Pad (FCP) 
heating elements (concrete was not heated). The heated zone was defined by a length 
of 0.6 m of the beam to each side of the joint, the bolts and 1 m of column (Haremza 
et al., 2013). Temperatures were kept constant throughout step 3, for which the 
progressive loss of the column was simulated. Then, the vertical load at the column 
top was increased in the downward direction, in order to increase the sagging bending 
moment in the joint and to reach the joint failure.   

The effect of the beam axial restraint coming from the unaffected part of the 
building was studied, and three different restraints stiffness’s were considered (Figure 
3). When no restraint was applied (tests 1, 2 and 3), the beams were free to deform 
axially. For the total beam axial restraint (tests 4 and 5), a steel beam with profile 
HEB 300, linked from the end of the tested beams to strong walls was used (see 
Figure 1). The actual axial restraints to the beams (spring restraints in test 6) provided 
by the part of the building not directly subject to the fire were simulated using 
hydraulic cylinders, with a spring stiffness equal to 50 kN/mm. The total as well as 
the actual restraints at their extremities were pinned and allowed the rotation. 
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Figure 3. Outline of the tests 1 to 6 
 

Material tests 
 

For calibration of the proposed analytical model against the test results, 
material tests were performed to determine material properties of the steel joint 
components and concrete slab (Haremza et al., 2013). Mechanical properties of the 
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beam, the column and the end-plate were defined by steady-state tensile coupon tests 
performed at ambient and elevated temperatures (500ºC and 700ºC). Figure 4 
presents the stress-strain curves from the tensile tests performed at 20ºC, 500ºC and 
700ºC: a) the flanges of the IPE 550 steel beam (S355J0 + M) and the end-plate 
(S355J2), and b) the flanges of the HEB 300 steel column (S460M). Each curve is 
compared with Eurocode curves (EN1993-1-2:2005); it can be observed that 
Eurocode provides secure results except for high strength steel S460 under 500ºC.  

Mechanical properties of the bolts M30, grade 10.9 were defined by steady-
state tensile coupon tests at ambient and elevated temperatures (200ºC, 400ºC, 500ºC, 
600ºC, 700ºC and 800ºC). Figure 5 presents the stress/strain curves for each 
temperature. Tests showed that yield and ultimate stresses increased at 200ºC before 
decreasing at higher temperature (Haremza et al., 2013). The Young’s modulus 
decreased with temperature, and the ductility was significantly increased from 600ºC. 

 

  
a)      b) 

Figure 4. Comparisons of stress-strain curves obtained from Eurocode 3 part 1.2 
(EC), and tests performed at 20ºC, 500ºC and 700ºC for steel: a) S355J0 + M - 

IPE 550 (flange-F) and S355J2 from the end-plate (E); b) S460 - HEB 300 
(flange-F) 

 

 
Figure 5. Stress-strain curves of bolts M30 10.9 at 20ºC, 200ºC, 400ºC, 500ºC, 

600ºC, 700ºC & 800ºC  
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Experimental test results 
Temperature results 
 

Tests 2 to 6 were performed under constant temperatures: bottom flanges 
reached 500ºC in tests 2 and 4, and 700ºC in tests 3, 5 and 6. Figure 6 depicts the 
temperature evolution during tests 2 and 6 - at 200 mm from the connection (in the 
bottom flange, web and top flange), at the column centre, in bolt row 4, and in the 
concrete rib in contact with the steel beam near the joint. The reduced beam web 
thickness allowed a faster temperature increase; because beams top flanges were 
shielding by the concrete slab and heated only by heat transfer, steel temperatures 
were much lower than the ones measured in the bottom flanges and webs (Haremza et 
al., 2013). In all the tests, concrete temperatures did not rise above 300ºC. 
 

   
a)      b) 

Figure 6. Evolution of the temperatures during a) test 2 at 500ºC, b) test 6 at 
700ºC 

 
Mechanical results and failure modes 
 

Figure 7 depicts, for each test, the evolution of the bending moment versus a) 
the rotation of each connection, and b) the time. The joint rotation was estimated 
using the vertical displacements measured at: i) 1500 mm from the end-plate, and ii) 
at the column top. The reaction loads at the beams supports were used to calculate the 
bending moment.  

In step 1, the initial hogging bending moment was applied: -501 kNm for 
reference test 1, and -236 kNm for tests 2 to 6. At the beginning of the heating phase 
(step 2), the column reaction load increased under thermal expansion effects and 
reached a maximum value: the minimum hogging bending moments reached around -
500 kNm in tests 3, 5 and 6 (under 700ºC), and around -357 kNm in tests 2 and 4 
(under 500ºC). Finally, this reaction load decreased because of the degradation of 
steel properties at elevated temperatures.  

Under sagging bending moment (step 3), concrete crushing in compression 
was the first failure mode observed, due to the joint rotation and the resulting high 
compressive strain at the upper concrete surface. Bolts failures also happened later in 
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the bottom bolt rows in tests 1, 2 and 6, because of higher tensile forces under 
sagging bending moment (Haremza et al., 2013). The steel end-plates deformed in the 
bottom and centre part in all the tests, and showed a high ductility (Haremza et al., 
2013); Figure 8 shows, as an example, the final deformations of test 6 (700ºC and 
spring axial restraint).  

The evolution of the bending moment at the joint versus the beam axial load is 
presented in Figure 9 for tests 4, 5 and 6. During the heating phase (step 2), due to the 
thermal expansions of beams, the beams ends moved in the outward direction, and 
compression loads were applied by the restraints. After the column loss (step 3), the 
axial restraints increased the compression loads because beams ends continued to 
move outwards.  

 

   
 

Figure 7. Joint bending moment versus a) rotation at the connection, b) time 
 

 
 

Figure 8. Deformations of the joint at the end of test 6 (700ºC – spring axial 
restraint) 
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Figure 9. Joint bending moment versus axial loads at the joint 
 
ANALYTICAL METHOD 
 

This section presents an analytical method developed at the University of 
Liege to predict the resistance of steel or composite joints submitted to both an axial 
force and a bending moment at elevated temperature. The model was developed in 
Cerfontaine (2004) (see also Cerfontaine and Jaspart (2005)) for steel joints at 
ambient temperature. It was extended to composite joints in Demonceau (2008) (see 
also Demonceau and Jaspart (2010)), in which a formula giving the resistance of the 
“new” component “concrete slab in compression” was introduced. Within the 
Robustfire project, this model was extended to elevated temperature. 

 
M-N interaction curve for joint resistance 

 
When a joint is subjected to both bending moment and axial load, its 

resistance is represented by an interaction curve that can be evaluated following the 
procedure presented herein. The proposed analytical model is based on the 
component method (method recommended in the Eurocodes for the design of joints) 
and on the assumption that all components activated at failure are fully ductile, 
meaning a plastic redistribution of the forces is considered within the joint without 
any displacement limitations. 

The joint is divided into different rows (Figure 10) that can be activated in 
tension (T) or in compression (C). The resistance of each row can be calculated using 
the component method (i.e. using the rules from Eurocode 3-1-8 (2005), Eurocode 4-
1-1 (2004) or from Demonceau (2008) for the component “concrete slab in 
compression”), knowing that this resistance is given by the weakest component 
involved in the row. These rows are listed below for the considered joint, with the 
corresponding components: 

• Row 1 (C): upper part of the slab in compression  concrete slab + column 
web 

• Row 2 (T): slab reinforcement in tension 
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• Row 3 (C): lower part of the slab in compression  concrete slab + column 
web 

• Row 4 (C): top flange in compression  beam flange and web + column web 
• Row 5 (T): bolt row in tension  column flange + end-plate + bolts + beam 

web + column web 
• Row 6 (T): bolt row in tension  column flange + end-plate + bolts + beam 

web + column web 
• Row 7 (T): bolt row in tension  column flange + end-plate + bolts + beam 

web + column web 
• Row 8 (T): bolt row in tension  column flange + end-plate + bolts + beam 

web + column web 
• Row 9 (C): bottom flange in compression  beam flange and web + column 

web 
For given bending moment and axial force, a row will be activated or not 

depending on the position of the neutral axis and whether the upper rows are in 
tension or in compression. In any case, the following equilibrium equations have to 
be fulfilled: =  

 
(1)

= . ℎ  (2)

Where: 
•  is the force sustained by row i; it is taken positive in tension.	
• ℎ  is the distance from row i to the reference axis, positive for upper rows (the 

reference axis is arbitrary chosen at mid-height of the beam profile in Figure 
10)	
 

 
Figure 10. Rows and reference axis  

 
Based on the previous considerations, the whole resistance curve can be 

established as follows. Considering first that the upper rows are in tension, the 
activated rows can easily be determined for any chosen position of the neutral axis (at 
the very top of the joint, between two successive rows or at the very bottom). 
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Knowing the activated rows, the corresponding loading (M,N) can be computed using 
the equilibrium equations given just above. Indeed, all activated rows are supposed to 
sustain a force equal to their resistance (plastic distribution) while the other ones 
sustain a force equal to zero. One particular point of the resistance diagram can thus 
be determined for each position of the neutral axis. The same can be done for lower 
rows in tension. Finally, the whole interaction curve is established. Figure 11 shows 
the nominal M-N resistance curve of the considered joint at ambient temperature and 
Figure 12 gives the position of the neutral axis corresponding to each particular point 
of the interaction curve. 

 

 
Figure 11. Nominal resistance curve at ambient temperature 

 

 
Figure 12. Position of the neutral axis for the particular points of the M-N 

resistance curve, for upper rows in tension (left) and for lower rows in tension 
(right) 

 
The same procedure can be applied at elevated temperature provided the temperature 
distribution in the joint is known. Each component resistance is then simply evaluated 
based on the material resistance at its given temperature.  
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Validation of the analytical model against experimental tests 
 

The aim of these analytical predictions is to be compared to the loading of the 
tested joints at failure. Consequently, the ultimate joint resistance should be predicted 
instead of the nominal resistance. That is why all safety factors were taken equal to 
1,0 and the material ultimate resistances were considered instead of the yield 
resistances. The component temperatures were estimated based on the measurements 
made during the tests (they had to be extrapolated from the measure points which 
were not necessarily at the component locations). 

The material resistances at elevated temperatures were evaluated based on the 
Eurocode rules and material tests when available (Haremza et al. 2013). The slab 
reinforcement remained at relatively low temperature during the tests and the 
ambient-temperature nominal resistance was thus considered (anyway, it is not 
activated under sagging moment). For concrete, the decrease in resistance with 
temperature was also given by the Eurocode but the ambient-temperature resistance 
was deduced from tests on concrete cubes at 20°C. 

For each test, the loading M+N of the joint at failure has been identified. This 
loading corresponds to one particular point on a (M,N) diagram and can be compared 
to the analytically predicted M-N interaction resistance (based on the temperature 
distribution recorded at the moment the joint fails). As the temperature distribution 
during the tests was not exactly the same in the right and left joints, one analytical 
resistance curve was computed for each side.  

Figure 13 and Figure 14 give examples of comparisons of the experimental 
resistances to the analytical predictions for Test 5 and Test 6 respectively (for the 
other tests, similar results are obtained (Haremza et al., 2012)).  

For tests 4 and 5, two different analytical curves were predicted (see Figure 
13). The first one is the normal one, in which the resistance of the component 
“concrete slab in compression” is computed considering a given effective width 
where the compression stresses mainly develop close to the contact zone between 
slab and column flange. As the slab was observed to be crushed along its whole width 
at the end of the tests, a second analytical curve was determined considering the 
whole width of the tested specimen slab as effective. 
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Figure 13. Comparison of the experimental resistances to the analytical curve 

for TEST 5 
 

 
Figure 14. Comparison of the experimental resistances to the analytical curve 

for TEST 6 
 

These comparisons show good agreement between experimental and 
analytical results, which validates the model predicting the M-N resistance curve for 
joints at elevated temperature. 
 
CONCLUSIONS 
 

Within this paper, investigations aiming at validating an analytical model to 
predict the M-N resistance of joints at elevated temperatures have been presented.  

The proposed analytical model is based on the component method, method 
recommended in the Eurocodes for the characterisation of the joint mechanical 
properties. The comparisons of the analytical predictions to the experimental results 
have demonstrated the accuracy of the proposed method. 
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For the validation, the temperatures of the different joint components were 
extracted from the test measurements. In an actual design, the realisation of a 3D 
thermal analysis through an appropriate numerical tool is still needed. A perspective 
to the presented work is to propose one day a full analytical procedure, including the 
estimation of the component temperatures, in the image of what is already proposed 
for a specific joint configuration in Demonceau et al. (2009). 
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Abstract 

 
Investigations on improving characteristics of concrete structures utilizing 

Fibre Reinforced Concrete (FRC) have gained momentum in the last few decades. 
Using suitable fibres and additives in concrete to advance its performance is an 
important consideration in the construction industry. With regards to structural 
aspects of concrete, the important goal of this project is to improve the ductility of the 
concrete beam column joints, which helps eliminate or reduce the need for steel 
reinforcement. Fibres within the matrix, can bridge the cracks, which improves the 
performance of concrete matrix and results in a better stress bearing concrete 
material. This research project aims to investigative the effect of polypropylene (PP) 
and steel fibre volume percentage within the concrete on its mechanical properties. 
Concrete fresh properties as well as hardened properties have been tested and 
evaluated to work out the best fibre percentage to be added to concrete structure. 
From among the trial mix designs, five sets of FRC have been fully tested for the 
mechanical properties and also evaluated for the beam column concrete joint 
behaviour. Slump, mass per unit volume and air content have been tested to work out 
the fresh properties of concrete. 7 and 28-day compressive strength and also indirect 
tensile tests have been performed on the hardened concrete the results of which are 
presented in this paper. By using 0.5% by volume fraction of 30mm steel fibre, the 
indirect tensile strength of concrete has increased by 21%; however, when 1% of steel 
fibre has been utilized, about 45% increase has been observed. Furthermore, a sample 
of the joint test conducted will be presented in this work to illustrate the finite goal of 
this project.  
 
INTRODUCTION 

 
Concrete is inherently a brittle material with highly weak post peak behaviour. 

The higher the concrete strength, the steeper the trend of failure in the post peak 
behaviour of concrete will be (Swamy 1986). It is possible to improve the mechanical 
properties of concrete by adding steel fibres or some other types of fibre such as 
synthetic fibres. Fibres act as secondary reinforcement in the concrete structure to 
restrain crack propagation. Incorporation of these fibres can influence the behaviour 
of concrete and change the sudden failure trend in to a gradual failure with post peak 

Composite Construction in Steel and Concrete VII 401

© ASCE



characteristic. Therefore, these fibres are likely to transform concrete from brittle in 
to a more ductile material. It has been shown (Qian & Stroeven 2000) that steel fibres 
can greatly influence the load bearing capacity in larger loads. In another research 
(Ghosni, Samali & Vessalas 2013), it has been discussed that in small loadings of 
structure where concrete material itself is in the tensile load bearing stage, PP fibres 
can significantly improve matrix properties. 

Literature (Chanh 2004) shows that the workability of steel fibre reinforced 
concrete (SFRC) is significantly affected by the aspect ratio (l/d) of the steel fibres in 
the mix and SFRC’s workability has found to decrease with the increase in aspect 
ratio of the steel fibres. With regards to hardened concrete properties, previous 
research explain that introducing a certain percentage of steel fibres to plain concrete 
does not alter the pre-peak compressive strength of concrete substantially (Fanella & 
Naaman 1985). However, (Song & Hwang 2004) reported that the compressive 
strength of high strength fibre reinforced concrete (HSFRC) increased with the 
addition of hooked-end steel fibres by 7.1% with a volume fraction (Vf) of 0.5%, 
11.8% at 1.0% fraction, 15.3% at 1.5% fraction, and a drop to 12.9% at 2.0% 
fraction. It was concluded that 1.5% of volume fraction was the maximum 
improvement for the compressive strength in HSFRC. A 4.6% increase in 
compressive strength was observed by (Thomas & Ramaswamy 2007) for HSFRC 
with compressive strength of 85MPa and fibre volume fraction of 1.5% hooked-end 
steel fibres.  

(Olivito & Zuccarello 2010) found that their results give no real convincing 
evidence that the addition of steel fibres had a significant effect on the compressive 
strength but it was observed that SFRC had changed its failure mode from brittle to a 
ductile failure. These results show signs that the steel fibres considerably increase the 
post-cracking ductility or energy absorption of the material. 

Unlike compressive strength of SFRC, the addition of steel fibres in plain 
concrete increases the split tensile strength of the material. When hooked-end steel 
fibres with length (Lf ) of 30mm and aspect ratio of 55 were used, the effect of the 
steel fibres varied across different concrete strengths. The increase of split tensile 
strength of SFRC with a fibre volume (Vf ) of 1.5%, by 38.2% in normal-strength 
concrete (35 MPa), 41.2% in moderately high-strength concrete (65 MPa) and 38.5% 
in high-strength concrete (85 MPa) (Thomas & Ramaswamy 2007). Previous testing 
has been carried on the strength of high strength fibre reinforced concrete (HSFRC) 
through splitting tensile test.  Song & Hwang (2004) found that when using hooked-
end fibre with an average Lf of 35mm and aspect ratio of 64, the splitting tensile 
strength of HSFRC improved with the increase of volume fraction (test limited to a 
Vf  of 2%). The splitting tensile strength of steel fibre reinforced concrete is strongly 
influenced by the number of fibres intersecting the failure plane and their orientation 
(Potrzebowski 1983).  

Researches on PP fibres also report promising results with regards to concrete 
mechanical properties (Ghosni, Vessalas & Samali 2013). As regards to compressive 
strength, it has been reported (Mindess & Vondran 1988) that a 25% increase in 
compressive strength at 0.5 volume percentage of the polypropylene . In another 
research (Massoud, Abou-Zeid & Fahmy 2003), the role of polypropylene fibers is 
stated insignificant in differentiating compressive strength using the same fibre 
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volume.  It is concluded that below the 0.1% volume percentage dosage rate, fibres 
have no statistically significant effect on the characteristics of the hardened concrete 
(Midwest-Research-Institute 1994). 

In PP fibre mixes, workability of fresh concrete has been reported to be 
reduced (Bayasi & Zeng 1993). With 0.5% by volume of 12.7 mm and 19 mm PP 
fibres, slump test results showed 11.6% and 88.5% reduction, respectively. Other 
research works have also reported that fibre addition can  affect concrete slump 
noticeably (Al-Tayyib et al. 1988; Pantazopoulou & Zanganeh 2001).  By adding 
0.4% by weight of PP fibres, a large reduction in compressive strength and also 
workability is reported  (Barr & Newman 1985). According to Siddique et al. 
(Siddique, Khatib & Kaur 2008) PP fibers have a non-desirable effect on the air 
content of concrete. With the addition of PP fibers, air content of concrete has been 
reported to increase. 

MATERIAL AND METHODOLOGY  
 
Two types of fibre have been studied in this research; steel fibres and 

polypropylene fibre. It has been indicated in literature (Qian & Stroeven 2000) that 
different type and different length of fibres can perform differently in the concrete 
matrix. Softer fibres (PP fibres) control crack initiation and steel fibres, which are 
larger and stronger fibres, can control larger cracks. Hooked steel fibres (30 mm and 
60 mm), PP fibre (65 mm), fibrillated PP fibre (19mm), monofilament PP fibre 
(18mm)  have been introduced to the mix with 0.5% and 1% volume of the whole 
mix. Fibre characteristics are described in Table 1. Moreover, two control mixes, one 
with 100% PC ( C ) and one with 70% PC and 30% FA ( CF) are tested and 
compared to FRC results .  These mixes also include the addition of 30% fly ash (FA) 
for partial replacement of Portland cement (PC) and utilisation of manufactured 
coarse and fine sands to replace natural coarse and fine sand, respectively, to aim for 
producing a ‘greener’ concrete. Water ratio to cementitious material of the mix is 
fixed at 0.35 and a target slump of 80±20 is set. Water used for concrete mix is 
drinking tap water.  

In the fresh concrete properties tests all the procedures are followed according 
to Australian Standards. For freshly mixed concrete properties, AS 1012.3.1-1998 
was used for the measurement procedures. Wet density and the air content were 
additionally determined in accordance with the test method requirements of AS 
1012.5-1999 and AS 1012.4.2-1999, respectively. For vibration and compaction of 
concrete, the procedure listed in AS 1012.8.1-2000 is followed and all moulded test 
specimens were externally vibrated using a vibration table.  Compressive strength 
testing was carried out after 28 and 56 days ageing. A universal testing machine 
applying axial loads on 100×200mm cylinders were used.  
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Table 1: Fibre type and Characteristics 
Fibre Density Diameter Cut 

length 
Aspect 
ratio 

Tensile 
strength  

 [kg/m3] [mm] [mm]  [MPa] 
Fibrillated PP       (PF) 910.0 0.055 19 345 ~ 600 
Monofilament PP (PM) 910.0 0.022 18 818 ~ 600 
Structural PP       (PP) 905.0 0.850 65 75 250 
Hooked Steel      (SF30)  7800 0.750 30 40 1050 
Hooked Steel      (SF60) 7800 0.750 60 80 1225 
 
MATERIAL TEST RESULTS AND DISCUSSIONS  

 
Data from tests relating to the fresh properties of FRCs are presented in Table 

2. The amount of High Range Water Reducer (HWR) used in each mix has been 
different as a slump of 80mm was targeted. Although a few of the mixes couldn‘t 
reach that slump, even with high amounts of HWR, most mix designs showed 
promising results in terms of fresh properties. Mass per unit volume of the concrete 
mixes has also been measured to have the volume density of the engineered concrete. 
Usually, the volume density of conventional concrete is approximately 2,400 to 2,500 
kg/m3; this property is measured then to evaluate the effects of fibre and on concrete 
density and also use this value for further calculations.  

 
Table 2: Fresh Properties 

 
 
 
 
 
 
 
 
 
 
 
 

Results of Table 2 show that in mixes where fibre is present, the amount of 
HWR needed to reach the target slump is generally higher. Therefore, it can be 
concluded that fibre addition decrease the workability of the mix. Furthermore, the 
amount of HWR needed for lower percentages of SFRCs is moderately lower than 
that of higher percentages. In general, the amount of HRW needed to be added to 
SFRC is slightly higher than that of PP FRC comparing the same volume percentage 
of fibre usage. The amount of HWR used in monofilament containing mixes was 
much higher than that of fibrillated fibres which show that monofilament PP fibres 
decrease the workability of the mix more than fibrillated PP fibres. Furthermore, 
visual inspection of the mixes showed that by adding HWR to monofilament FRCs, 
there is a risk of segregation before getting the desired slump especially in higher 
percentages. This is also true when 1% of longer steel fibres are added to the concrete 
mix. In mixes where PP fibres are present, a decrease in volume density is observed. 
This is most probably due to the lower volume density of PP fibres. 

Mix ID W/C Slump  HWR   AC    Volume Density  
  [mm] [ml/ m³] [%] [Kg/m³] 
C 0.35 60 1317 0.8 2510 
CF 0.35 75 1000 1.0 2450 
PM0.5 0.35 60 1243 1.9 2380 
PM1 0.35 55 1615 2.6 2290 
PF0.5 0.35 80 1150 1.1 2380 
PF1 0.35 65 1846 1.5 2290 
PP1 0.35 45 3250 2.0 2418 
SF30-0.5 0.35 90 1333 1.1 2470 
SF30-1 0.35 60 2000 2.0 2490 
SF60-0.5 0.35 90 2125 2.0 2490 
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Results of tests under compressive load are illustrated in table 3. Regarding 
the effect of PP fibres on hardened properties of concrete some conclusions are 
presented. Considering the compressive strength properties it is observed that in PP 
FRCs, this parameter has slightly decreased, except for PM1 mix, whereas in SFRCs, 
the reverse is true. With regards to the indirect tensile tests, results show that both 
fibres help with enhancing the performance of concrete matrix except for 
monofilament PP fibre. Where 1% of 30 mm steel fibre is used in the concrete 
matrix, the splitting tensile strength has increased by about 182% which can 
considerably be beneficial to improve properties of concrete. 

 
Table 3: Hardened Properties 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
STRUCTURAL TEST RESULTS AND DISCUSSIONS  

 
As mentioned before, the results of this study are incorporated in structural 

applications of concrete to enhance the ductile behaviour of concrete material. This 
can help with reducing the amount of steel reinforcement used in the structure. The 
fibres percentages and types with better performance in material characteristics are 
tested in reinforced beam under 4 point static, 3 point cyclic loads and also beam-
column exterior joints. Comparative results of these applications are very promising. 
For example, where 1% fibrillated PP fibre has been incorporated; the ductility of 
concrete beam has almost doubled. The performance of this concrete under cyclic 
loadings applied to beam-column joints have yielded enhanced performance. Where 
fibres are added to concrete, the stirrups are eliminated in the joints. A sample of 
Load-deflection curve is presented in Figure 1. Two of the structural joints lack the 
typical stirrup as the reinforcement in the joint for the seismic design. It is observed 
that the performance of the structural element without stirrup but with fibres is 
comparable to that of a conventional joint with stirrups. 

Mix ID 28D 
Compressive  
Strength 
[MPa] 

56D 
Compressive 
Strength 
[MPa] 

28D 
Indirect  
Tensile 
[MPa] 

C 73.0 76.5 4.5 
CF 61.5 70.3 4.5 
PM0.5 56.0 62.1 4.2 
PM1 43.5 49.0 3.8 
PF0.5 56.5 63.4 4.3 
PF1 58.0 66.0 5.2 
PP1 50.7 55.5 5.4 
SF30-0.5 64.7 85.5 5.7 
SF30-1 65.5 88.7 8.2 
SF60-0.5 60.4 76.5 7.8 
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Figure 1: Exterior joint load deflection curves under cyclic loading  

 
CONCLUSION  

 
An efficient and thorough investigation on different aspects of PP FRC and 

SFRC is conducted in this project, the results of which are very promising in terms of 
both material and structural applications of concrete. This study also considers the 
effect of adding 30% FA in the concrete mix as a replacement of PC to help 
achieving greener concrete and environmentally friendly buildings with 
sustainability. PP and steel fibres were added to the mix by 0.5% and 1% of the 
volume of the mix. Two types of PP fibre and two types of steel fibre have been used 
and the results are compared.  

The outcome of this research work can conclude that although adding fibres 
may affect the workability of concrete material but this can be managed by using 
HWR to maintain the desired slump. Adding PP fibres do not enhance the 
compressive strength of the mix but addition of steel fibres can noticeably change this 
property of concrete. Where 1% of 30 mm steel fibre is used, the compressive 
strength of FRC has increased. 

Adding fibres to concrete used in structural joint show that the performance of 
under reinforced joint can be significantly maintained. 
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Abstract 
 

The demand for economic and eco-efficient solutions in construction industry 
is particularly enforcing efficient design and construction methods. The design of 
composite construction according to the plastic hinge theory in combination with 
semi-rigid joints provides one contemporary promising answer to these demands. 
This combination enables to mobilize almost all cross section and system reserves. 
However, the capability for redistribution of the bending moment from internal 
support to mid-span, to activate these system reserves, requires sufficient rotation 
capacity of the composite beam and, especially, the connections. This paper presents 
design guidance on plastic and robust design of composite beams with semi-rigid 
composite connections with special focus on the influence of the reinforcement (ratio, 
diameter and type). With the provision of an engineering logic, new opportunities to 
design elegant and slender structures are given to engineers in a simple way. 
 
INTRODUCTION 
 

In composite construction, as for steel construction, the economic execution 
of the connection between the steel beam and the column is of decisive importance 
regarding the efficiency of the total slab system. Costly welding and precision work 
have to be avoided. Generally, composite connections can be designed either fully-
rigid, semi-rigid or pinned. Figure 1 shows typical designs for moment resisting 
composite connections.  

The fully rigid connection, providing full strength, has to have at least the 
same bending capacity as the connected beam. This means, that the steel-part of the 
connection has to offer not less than the bending resistance of the connected steel 
beam itself.  

The pinned connection is the simplest solution. However, rotation and crack 
width control at the connection is challenging and the resistance of the section in 
negative bending is lost.  
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Fig. 1 – Types of composite connections [Odenbreit 2000] 
 
 

The semi-rigid, partial strength, composite connection is an efficient and 
economic intermediate solution between fully rigid and pinned connections with 
following advantages: 
a) Compared to the pinned connection:  
-  An optimization of the beam section is possible due to the activation of an 

additional bending resistance in the connection; 
-  The deflection in mid-span is reduced due to the restraint connection; 
-  The crack width in the connection zone in the serviceability limit state is 

controlled (reinforcement design). 
b)  Compared to the fully-rigid connection:  
-  Expensive construction details may be omitted (like e.g. stiffeners in the 

connections’ steel part) due to the reduced negative bending moment resulting 
from redistribution of moment from connection to mid-span; the detailing and 
construction are simplified; 

-  Less reinforcement is required for connection design. 
Particularly the combination of semi-rigid joints and design with the plastic 

hinge theory bears a high potential to gain economic structures. Plastic hinges form 
generally at the supports where the composite connection is located. Therefore the 
bending resistance of the connection is reached before the bending resistance at mid-
span is fully exploited. To activate this full moment capacity, redistribution of the 
moments from the support into the field is necessary. This redistribution of moments 
increases the rotation in the connection.  

Investigations [Odenbreit 2000] showed, that beams with composite 
connections have the potential to reach their full plastic design capacity. However, 
the moment redistribution requires sufficient plastic rotation capacity in the 
connection. Thus, the relevant components of the connections have to be designed 
with enough ductile behaviour. One decisive component on the rotational capacity is 

.  geschweisster Anschluss b. Kopfplattenanschluss c. Anschluss mit halber
  Kopfplatte 

a. welded connection b. endplate connection c. partial endplate  
connection 

e. Fahnenblechanschluss mit 
  Druckstücke 

d. Schraubenloser Anschluss 
  mit Knagge 

d. finplate connection 
with compression plate

e. boltless connection 
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the ultimate strain capacity of the concrete chord in the negative bending moment 
area close to the column. 

Designers generally lack information how to account for ductile behaviour 
and how to design semi-rigid connections. Therefore this paper presents guidance on 
the design of semi-rigid composite connections with special focus on the influence of 
the reinforcement (type and ratio) on its rotational capacity. 
 
DESIGN OF SEMI-RIGID COMPOSITE CONNECTIONS 
 

The general design approach is to account for the stiffness of the connection 
for the calculation of the internal forces and subsequently check whether the design 
loads are lower than the resistance envelope as well as whether the rotation due to the 
loads ΦEd is not exceeding the ultimate rotation Φu of the connection. Therefore an 
engineering logic has been prepared and its steps are listed in the following. 

(1) The bending stiffness of the composite section in uncracked (EI1) and 
cracked (EI2) conditions as well as the plastic moment resistance at mid-span MF,pl,Rd 
need to be calculated, see Figure 2.  

(2) The bi-linear spring with the rotation stiffness Sj [Eq. (3)], plastic moment 
resistance Mj,Rd on the basis of Eurocode 3 [EN 1993-1-8, 2005] with consideration of 
the reinforcement and the ultimate rotation capacity Φu [Eq. (4)] are to be 
determined.  

Semi-rigid, partial-strength connections should be accounted for in the 
structural analysis. Consistency is achieved by implementing a spring element in the 
structural system at the connection (see Sj in Figure 2) to account for the connections’ 
stiffness. To consider the redistribution of moments, the calculation of the moment 
resistance capacity and related loading should be done according to step (3) and (4). 

It is to be remarked, that the bi-linear curve in step (2), see Figure 3, is 
representing the non-linear rotational behaviour of the connection, see Figure 6, in a 
simplified way. This simplification has been validated by numerical investigations to 
be sufficiently exact for the determination of the displacements at serviceability limit 
state as well as the load-bearing capacities at ultimate limit state [Odenbreit 2000]. 

(3) The internal forces for the structural system, given in Figure 2, with EI1, 
EI2 and the spring stiffness Sj [Eq. (3)] are to be calculated with a linear-elastic 
analysis using the design limit of the connection resistance Mj,pl,Rd. From this analysis 
the related loading qel, the moment in mid-span MF,el and the connection rotation Φj,el 
are to be estimated. 
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Fig. 2 – Consideration of the semi-rigid, partial 
strength connection in the structural system 

Fig. 3 – Bi-linear rotational 
curve of the connection for the 

static analysis 
 
(4) In this step, the load will be increased from qel to qpl until MF,pl,Rd is reached to 
account for the redistribution of moment from support to mid-span after a plastic 
hinge has been formed at the connection, see Figure 4. Therefore the internal forces 
for the structural system given in Figure 2 with EI1, EI2 and by neglecting the 
connection stiffness (Sj = 0) are calculated according to the plastic hinge theory with 
a limit of the resistance in mid-span of ΔMF = MF,pl,Rd - MF,el; the related loading qpl 
and the connection rotation Φj,pl is so obtained. 
 

 
Fig. 4 – Illustration of the gain in design resistance from elastic analysis to 

plastic hinge theory for systems with semi-rigid connection 
 
(5) Finally the following checks are to be performed to conclude the design: 

plelRdEd qqqq +≤ =  (1)

upljelj ΦΦ+Φ ≤,,  (2)
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THE ROTATIONAL STIFFNESS 
 
The rotational stiffness of the connection can be obtained through tests or by applying 
the component method given in Eurocode 3 [EN 1993-1-8, 2005]. In addition, 
investigations have been performed to obtain a relation between the stiffness Sj of the 
composite connection, see Figure 6, the stiffness EI2 of the connected composite 
beam and the connection type. According to these ones, the following relation can be 
derived through the definition of a non-dimensional stiffness sj,nd [Odenbreit, 2000]: 

jL

EIndjs
jS 2,

⋅
=  

(3)

with Sj = stiffness of the joint according to Figure 3 to be implemented as spring 
stiffness in the static system given in Figure 2, EI2 = bending stiffness of the 
composite beam in negative bending, Lj = length of the composite connection, see 
Figure 5 [Odenbreit 2000] and sj,nd = non-dimensional stiffness parameter of the 
connection. 
  

Fig. 5 –Definition: length of composite 
connection Lj [Odenbreit 2000] 

Fig. 6 –Definition: spring stiffness Sj 
from experimental data [Odenbreit 

2000] 
 

  
- finplate connection: 

1/sj,nd ≈ 2,0, 
-  endplate connection: 

1/sj,nd ≈ 1.9, 
- cleated connection: 

1/sj,nd ≈ 1.7, 
- pinned connection: 

1/sj,nd ≈ 26.0. 

Fig. 7 – Distribution function of the non-dimensional stiffness sj,nd and 
determined values for standard connections 
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The non-dimensional stiffness sj,nd has been empirically derived from 
statistical evaluation of 56 tests on different composite connections. It corresponds to 
the stiffness of the connection at 2/3 of the connections’ ultimate moment capacity 
Mu, see Figure 6, and has been derived from the rotation-moment curves  
[Odenbreit 2000]. The distribution function of sj,nd is presented in Figure 7 and 
specific values for standard connections are listed. 
 

THE PLASTIC BENDING RESISTANCE OF THE CONNECTION AND THE 
ULTIMATE ROTATION CAPACITY 
 

The plastic bending resistance Mj,pl is e.g. determined with the help of the 
component method given in Eurocode 3 [EN 1993-1-8, 2005] and additional 
consideration of the reinforcement bars in the concrete chord. In principle, the lower 
flange of the steel beam at the connection has to take over the compression forces and 
the reinforcement in the concrete slab the tension forces. In addition, the semi-rigid, 
partial-strength composite connection has, because of its reduced bending resistance, 
to assure the redistribution of a substantial part of the bending moment towards mid-
span. The reduced plastic bending resistance in the connection is to be kept constant 
during plastic rotation (between Φ(Mj,pl) and Φu) in the plastic hinge, see Fig. 4. 

The mentioned plastic rotation requires a considerable ductility in the 
connection. Brittle failure of any component must be avoided. To assure this 
ductility: 
- The resistance of the steel plate must be lower than the shear resistance of the 

bolts, 
- The bending resistance of the connection plate must be lower than the tension 

resistance of the bolts and 
- The reinforcement in the concrete slab may not fail in a brittle way.  
For the component “reinforced concrete in tension”, the maximum rotation capacity 
Φu, which can be provided, may be assessed with the following equation: 

jh
jLu

u

⋅
=

ε
Φ  

(4)

with Lj = length of the concrete component of the connection, hj = height of the 
connection and εu = ultimate strain of the reinforced concrete. 
The ultimate strain in the reinforcement can be derived  by [Odenbreit 2000]: 

( ) ( )sys2
tk

sr
sr1sr2ts,yu f

-1 εεσβδεεβεε −







+−−= 1  

(5)

with εsy = strain in the reinforcement at yield strength, ßt = 0.25 (for a permanent load 
and alternation of load), εsr1 = strain in the reinforced concrete member, when the 
tension strength fctm of the concrete is reached, but the concrete is still uncracked, σsr1 
= stress in the reinforcement at the first crack εsr2 = strain in the reinforcement in the 
crack, when the tension strength of the concrete fctm is slightly exceeded (εsr2 roughly 
estimated to be 0.0001 [Odenbreit 2000]), δ  = factor to consider the different types 
of ductility of the reinforcement, ftk = tension strength of the reinforcement and  
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ß = factor to distinguish between mesh and bar reinforcement. However, Equation (5) 
is yet not covering the influence of the bar diameter sufficiently and needs further 
investigations. 
 
THE INFLUENCE OF THE REINFORCEMENT DIAMETER ON THE 
ROTATION CAPACITY 
 

The rotational capacity of the connection is significantly influenced by the 
reinforcement design of the composite connection. The determination of the strain 
and the elongation of the component "reinforced concrete in tension", see Equation 5, 
considers the degree and type of reinforcement; namely the factor ß distinguishes 
between mesh reinforcement (ß = 1.0) and bar reinforcement (ß = 0.85) [DIN 1045]. 
However tests showed [Odenbreit 2000], [Kindmann & Kathage 1994]), that this 
specification may not sufficient to account for the real behaviour of the connection 
and its dependency on the bar diameter has to be considered.  

Therefore a test campaign has been performed at the University of 
Luxembourg [Hahn 2009] to check the influence of the reinforcement component on 
the design of composite connection with plastic hinge theory. The test setup and 
specimens for the connection assembly, see Figure 9, have been designed in reference 
to  
[Kindmann & Kathage 1994]. 

This configuration has been chosen so as the moment in the connection can be 
clearly divided into a compression and tension component. The compression 
component is directly transmitted horizontally into the lower flange of the connected 
beam; the tension component is exclusively taken over by the reinforcement in the 
concrete chord. The shear is directly transmitted via the end plate into a cleat and is 
therefore not interacting with the tension and compression components.  

 

 
Fig. 8 – Test assembly at University of Luxembourg [Hahn 2009] 
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Fig. 9 – Test setup and static system [Hahn 2009] 

 
For all tests, the constructional detailing of the connections has been kept 

identical but the diameter of the reinforcement bar has been varied. An overview on 
the test campaign is given in Table 1. 

 
Table 1 – Overview of test programme 

Test series 
specification 

ρs  
[%] 

Reinforcement (BSt 500) 

∅ = 8 mm ∅ = 10 mm ∅ = 12 mm R513 R589 
Q513 + 

∅ = 12 mm

[Hahn 2009] 

0.63 A-2      

0.63    A-1   

0.71   A-3    

1.04 A-5      

1.11      A-4 

[Kindmann & 
Kathage 

1994] 

0.74  VT 2.1   VT 2.2  

1.06   VT 1.1    

1.41   VT 2.4    

 
For the connection design the steel compression component has been over-

designed, to achieve a very stiff compression component which deformation is 
negligible for the estimation of the connections’ rotation. The degree of shear 
connection between concrete chord and steel beam (studs ∅19 mm) has been 
designed to be 100%. The compression members have been checked against stability 
failure. 

shear studs
∅19 x 125mm
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The static system of the test setup is shown in Figure 9. The supports A and C 
are pinned supports and linked to the testing rig; the hydraulic jack is located at the 
support B and is pulling deflection controlled with a force F.  

For each test, a pre-loading with 10 cycles of the load range from 5% to 40% 
of the ultimate load expected has been applied to loosen any bonding and exclude 
settlement of the testing frame. Subsequently the test has been loaded in small 
deflection increments until failure. To measure deflections, slip in the shear joint and 
rotations, 26 displacement transducers (W) and three inclinometers (I) have been 
used, see Figure 10. 

 
 

   
Fig. 10 – Measurement campaign for each test setup [Hahn 2009] 

 
As planned, all tests failed due to tension failure of the reinforcement bars. In 

all tests the concrete showed a similar crack pattern with the crucial crack occurring 
at the location of the column flange, shown exemplarily for test A-5 in Figures 11 and 
12. This crucial crack occurred always already after pre-loading, starting from the 
outer edge of the column flange and growing towards the edge of the concrete chord 
to the location of the first transversal reinforcement. Table 2 lists the results of the 
tests presented in this paper [Hahn 2009] as well as of previous test  
[Kindmann & Kathage 1994]. 

 
 

Composite Construction in Steel and Concrete VII 416

© ASCE



 

 
Fig. 11 – Side elevation of failed test specimen (Test A-5) 

 

 
Fig. 12 – Top view on failed test specimen (Test A-5) 

 
From the test it is to be concluded that: 

(1) an increase of the degree of reinforcement, without changing the reinforcement 
diameter and the overall connection assembly, leads to an increase in stiffness of the 
connection (concluded from comparing tests A-2 with A-5 [∅8] as well as A-3 and 
VT 1.1 with VT 2.4 [∅12], see Figure 13); 
(2) an increase of the degree of reinforcement, without changing the reinforcement 
diameter and the overall connection assembly, also the rotation capacity of the 
connection is increasing (concluded from the same comparison as above); 
(3) with increase of the reinforcement bar diameter and constant degree of 
reinforcement the rotational capacity of the connection is increased (concluded from 
the comparison of tests A-2 with VT 2.1 and A-3, see Figure 14); 
(4) the moment-rotation curves of Figure 15 show, that the application of a mesh-
reinforcement reduces the ultimate rotation capacity of the joint; compare for 
example test A-1 with A-2. Even additional bar reinforcement is not able to 
compensate this deficit significantly, which is shown by the comparison of test A-4 
with A-5. 
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Table 2 – Collection of test results 

 Series Reinforcement ρs 
[%] 

Mpl,cal
*** 

[kNm] 
Mpl,cal

*** 
[kNm] 

Mu,test / 
Mpl,cal 

Φtest 
[mrad] 

Sj,test
**** 

[kNm/rad] 
Failure 

[Hahn 
2009] 

A-1 R 513 0.64 320.6 275.4 0.86 9.0 87847 R* 

A-2 ∅ = 8 mm 0.63 364.9 363.3 1.00 22.1 76639 R 

A-3 ∅ = 12 mm 0.71 402.1 416.0 1.03 45.7 81817 R 

A-4 
Q 513 + 

∅ = 8 mm 
1.11 595.4 557.9 0.94 14.9 78302 R 

A-5 ∅ = 8 mm 1.04 582.5 582.5 1.00 43.8 88258 R 

[Kindmann 
& Kathage 

1994] 

VT 
1.1 ∅ = 12 mm 1.06 538.0 595.0 

1.11 67.7 
88344 

R/B** 

VT 
2.1 ∅ = 10 mm 0.74 382.0 425.0 

1.11 36.0 
88266 

R 

VT 
2.2 

R 589 0.74 380.0 396.0 
1.04 9.2 

95652 
R 

VT 
2.4 ∅ = 12 mm 1.41 659.0 770.0 

1.17 70.6 
322851 

R/B 

 * Rupture of reinforcement     *** acc. to [8] with material properties from testing  
** Buckling of steel section    **** acc. to [8] 
 

As almost the whole rotation of the tested composite connections results from 
strains in the concrete chord, conclusion (1) is considered in Equation (3) (in the EI2) 
and conclusion (2) is already accounted for in Equation (5) appropriately. However 
the increase in rotation capacity in dependency of the bar diameter as well as the 
decrease in reference to the type of reinforcement is not yet covered.  

The increase in the rotation capacity due to the increase in bar diameter results 
from the following conditions: 
(1) the extreme negative bending moment is located at support, thus in the connection 
zone; 
(2) the connection is rotating around the contact area of lower flange of the steel 
beam with the support and therefore pulls locally away the concrete chord from the 
column; 
(3) due to the penetration of the column through the concrete chord, see Figures 11 
and 12, the point of crack initiation for the concrete chord are predefined. 
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In the consequence the negative bending moment at the connection causes 
only very few major cracks at the beam end connection in the concrete. A larger 
reinforcement bar diameter leads directly to a higher crack opening potential due to 
the bigger anchorage length. Figure 14 shows, that the rotation capacities of the 
connections  
A-2, VT2.1 and A-3 steadily increase with increasing bar diameter, even if the ratio 
of reinforcement is nearly kept the same. The same effect is shown by the comparison 
of curve A-5 with A-3 in Figure 15: Even if test A-3 has a significantly weaker 
connection with a smaller ratio of reinforcement than A-5, its ultimate rotation 
capacity is bigger. The reason for this enhanced rotation capacity lies in the bigger 
bar diameter.  

This positive effect needs to be reflected by the review of factor ß in Equation 
(5).  

The negative effect of the application of meshes as longitudinal reinforcement 
is resulting from the restriction in anchorage length to the distance of the 
perpendicular welded reinforcement bars (mesh size) and therefore, the elongation 
length for the strains in the major cracks. In the consequence, the impact of the type 
of reinforcement is to be sustained in the review of the factor ß in Equation (5). 
 

   
Fig. 13 – Comparison of the rotation-moment curves for tests with varying 

reinforcement ratio and constant reinforcement diameter 
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Fig. 14 – Comparison of the rotation-moment curves for tests with constant 

reinforcement ratio and varying reinforcement diameter 
 
 

   
Fig. 15 – Comparison of the rotation-moment curves for tests with varying type 

of reinforcement (bar vs. mesh reinforcement) 
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CONCLUSIONS  
 
This paper presented a design logic for the design of composite construction 

according to the plastic hinge theory in combination with semi-rigid joints. Design 
equations for all relevant parameters are explained and values, when relevant, are 
provided. Special focus has been put on the experimental analyses of the rotation 
capacity of composite connections required for the robust design of these kinds of 
structures. Hereby the significant influence of the reinforcement (ratio, diameter and 
type) on the rotation capacity has been demonstrated. Research potential how to 
account for this influence has been outlined. 

The presented design logic is based on the evaluation of 9 self-conducted tests 
and on the evaluation of 74 tests on composite connections from all over Europe. The 
analysis of these tests and accompanying non-linear numerical investigations 
[Odenbreit 2000] proofed, that a simplified characterization of the non-linear 
behaviour of the connection by a bi-linear law is sufficiently exact to determine the 
displacements at serviceability limit state as well as the load-bearing capacity at 
ultimate limit state. Therefore a robust method has been presented to design efficient 
and thus economic structures in a simple way. 
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Abstract 
 

This paper introduces a semi-rigid joint model to capture the composite beam-to-
column joint behaviour so that the influence of joints on the building frame can be 
assessed precisely. The beam-to-column joint is modelled using a 6-degree of freedom 
non-linear connector. Depending on the joint type (e.g., simple, rigid or semi-rigid), 
connector load deformation behaviour can be represented by axial force-displacement 
relationship and moment-rotation relationship. This will avoid detailed finite element 
modelling of joint components to improve the computational efficiency of analysing 
large three-dimensional (3D) building frame. Analysis of 3D frame shows that the use of 
semi-rigid joint model predicts less beam deflection and higher load carrying capacity 
compared to pin-joint model. The incorporation of semi-rigid joint model in 3D frame 
analysis tends to produce more realistic estimate of frame behaviour compare to model 
using pin or rigid joints. 
 
1.0 INTRODUCTION 

 
Design engineers tend to avoid detailed modelling of composite joints in 

numerical analysis due to complexity of geometric modelling, insufficient guidelines, 
high computational cost and complicated interaction behaviours among the joint 
components. As a result, joints are generally simplified into pin or rigid. In reality these 
simplified assumptions may be inaccurate and uneconomic. They represent the limiting 
cases of the joint behaviour and lead to a wrong interpretation of the structural behaviour 
in terms of load resistance and structural responses. Researchers have proven that joint 
rigidity improves the robustness and redundancy of building frames. The Eurocodes 
provide sufficient details to realistically predict behaviour of steel and composite joints 
based on the component approach. As a result, component method is widely adopted for 
modelling semi-rigid joints in numerical frame analysis. However detailed joint 
component modelling in large scale frame is still time consuming due to complicated 
geometry modelling and high computational cost.  

A wide range of steel and composite connections have been investigated over 
several decades to determine the axial force-displacement and moment-rotational 
characteristics and a vast number of experimental data on joints is currently available. 
Recently, several researchers have attempted to propose further simplification in 
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modelling semi-rigid joints for frame analysis. Some of the significant contributions 
include the work done by [Sadek et al. 2008], [Kwasniewski 2010], [Izzuddin et al. 
2008; Izzuddin et al. 2008], [Zha et al. 2010] and [Alashker et al. 2011], who have 
incorporated simplified composite joint models in progressive collapse analysis of 
building frames. This paper introduces a semi-rigid joint model so that the behaviour of 
the composite joint can be captured accurately and their influence on the overall stability 
of framework can be assessed precisely. This avoids detailed finite element modelling of 
joint components and leads to overall improvement in computational efficiency of 
analysing large building frames.  

 
2.0 NUMERICAL MODELLING OF COMPOSITE SLAB AND JOINTS 
2.1 Composite joint model 

 
A simplified joint model is proposed to reduce the computational cost of 3-D 

building frame analysis. Composite joint is represented by a six degree of freedom 
(DOF) non-linear connector. Depending on the joint type (e.g. simple, rigid or semi-
rigid), connector behaviour can be represented by axial force-displacement and moment-
rotation relationship. They are calculated using Eurocodes (EC3 and EC4). The 
procedure for joint modelling is given below. Figure 1 shows that the joint components 
(Figure 1a) are represented by the simplified joint model in ABAQUS (Figure 1b). As 
shown in Figure 1a, axial springs are used to represent the joint component for slab 
under tension, bolt in shear, beam web in bearing and fin-plate in bearing, etc. Eurocode 
3-1-8 and Eurocode 4-1-1 component model is used to calculate the stiffness and 
resistance of each axial spring connector. The connectors in a joint are then assembled 
using two rigid bars and then analysed using the finite element analysis software, 
ABAQUS, subject to axial force and moment as shown in Figure 1c. The joint’s 
moment-rotation (M-θ) and axial force-displacement (F-d) relationships can be 
calculated. Finally, these relations are represented by axial and rotational connector in 
the analysis of the frame with semi-rigid joint, as shown in Figure 1d. The frame 
analysis assumes zero joint size and neglect the effect of panel zone shear deformation in 
the beam to column joints (da Silva et al. 2008).   

Eurocode 3 (EN 1993-1-8:2005) Cl 6.2.7.1 highlights that the component model 
for determining the design moment resistance, Mj,Ed, of a joint does not take account of 
any co-existing axial force in the connected member. The model should not be used if 
the axial force in the connected member exceeds 5% of the design plastic axial 
resistance of its cross section. It further mentioned that if the axial force NEd in the 
connected beam exceeds 5% of the design resistance, Npl,Rd , the following conservative 
method may be used to account approximately for the axial force and moment 
interaction effect on the joint: 

 
 ,, + ,, ≤ 1 

(1.0) 
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Slabs with two boundary conditions, four edges simply supported against vertical 
displacement and four edges fully fixed against rotation and displacements were tested. 
The plan view and sectional view of the slab are shown in Figure 4. Test and FEM 
results from Elghazouli and Izzuddin (2004) are compared with the result obtained from 
the simplified numerical model as shown in Figures 5 and 6. FE mesh size is 100mm. 
Figure 5 shows the ribbed slab response under large deflection for slab edges simply 
supported against vertical displacement. Initial stiffness and maximum resistance of slab 
up to deflection of 25mm is reasonably well predicted the ribbed slab response. Catenary 
action can be observed beyond the deflection about 50mm. Even though there is 
deviation with literature overall ribbed slab response predicted reasonably well. The 
deviations among the ribbed slab Elghazouli and Izzuddin (2004) result and present 
analysis are occurred due to simplification in the proposed slab model and usage of 
simplified concrete material model (concrete damaged plasticity model is adopted using 
EC2: maximum tensile stress: 1N/mm2, Young modulus: 30000N/mm2, maximum 
compressive stress: 50N/mm2), which concrete model does not consider the shear 
contribution of concrete in its resistance. The given material model in Elghazouli and 
Izzuddin (2004) is difficult to define in ABAQUS. Therefore shear contribution of 
concrete is conservatively avoided and only stress-strain relationship for compression 
and tension are defined for concrete using concrete damage plasticity model in 
ABAQUS.  

 

 
Figure 5. Load-maximum deflection relation for vertically supported slab 

 
Figure 6 shows the ribbed slab response under large deflection for fully 

restrained slab (slab with four edges fixed against displacement and rotation). Initial 
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stiffness is reasonably predicted the ribbed slab response compared to the Elghazouli 
and Izzuddin (2004) FEM result. The simplified numerical analysis over predicts the 
maximum resistance by 10% due to the simplification in the proposed slab model. As 
shown in Figure 2, the proposed simplified slab concrete thickness is overestimated by 
half of the profile depth in the transverse direction of the profile rips. This overestimated 
concrete thickness over-predicts the composite slab resistance of fully restrained slab 
because floor load is transferred herein both short span and long span directions. 
Generally flange concrete (continuous/top part of the ribbed slab concrete) is effective in 
carrying the load in transverse direction of profile rib. The overestimation of composite 
slab resistance using the proposed slab model shall not significantly affect the result in 
real scenario because one-way load transfer mechanism is typically observed in metal-
deck composite floor slab. However, overall behaviours reasonably agree with the 
Elghazouli and Izzuddin (2004) test and numerical results. The proposed slab model is 
accurate enough in predicting the composite slab behaviour with less computational 
effort.  

 

 
Figure 6. Load-maximum deflection relation for fully restrained slab 

 
3.3 Numerical study of web-cleat connection  

 
Web-cleat connection investigated by [Sadek, et al. 2008] is used to study the 

web-cleat response under flexural load. Two 6.1m span beams were connected with a 
column by web-cleat connection as shown in Figure 8b. The web-cleat connection 
details are shown in Figure 7. Column is pushed downward under displacement control 
until failure of the joint. Both beam ends are assigned with pin boundary conditions. 
ASTM A992 (fy = 344.8MPa) structural steel was used for column and beam. The beam 
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numerical results reasonably well agree with the test results. Present simplified 
numerical analysis predicts the composite joint initial rotational stiffness reasonably well 
compared to the test result. The maximum resistance of the joint also reasonably well 
predicts the test result. Present numerical analysis results using the simplified numerical 
model provide accurate results than the Gizejowski et al. (2010) FEM results. The 
proposed simplified joint model can be easily incorporated in the building frame model 
and improves the computational efficiency. The proposed joint model is accurate enough 
in predicting the composite joint behaviour with less computational effort. 

 

 
Figure 10. Load-displacement behaviour of steel joint ES1 

 

 
Figure 11. Load-displacement behaviour of steel joint ES2 
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Figure 12. Load-displacement behaviour of steel joint ES4 

 

 
 

Figure 13. Load-displacement behaviour of composite joint EZ1 
 

0

20

40

60

80

0 10 20 30 40 50 60

Test by Gazejowski et al.(2010)

FEM by Gazejowski et al.(2010)

Present analysis

Displacement (mm)

A
pp

li
ed

 lo
ad

 (
kN

)

0

20

40

60

80

100

120

140

0 10 20 30 40

FEM by Gazejowski et al.(2010)

Test by Gazejowski et al.(2010)

Present analysis_static

25 per. Mov. Avg. (Present analysis_dynamic)

A
pp

li
ed

lo
ad

 (
kN

)

Present analysis_dynamic 

Displacement (mm) 

Composite Construction in Steel and Concrete VII 433

© ASCE



 
Figure 14. Load-displacement behaviour of composite joint EZ2 

 

 
Figure 15. Load-displacement behaviour of composite joint EZ3 

 
3.5 Numerical study of steel-concrete composite frame behaviour under flexural 
load 

The two-storey frame experimental study by  [Wang and Li 2007] is referred to 
for the numerical study of steel-concrete composite semi-rigid connection frame 
behaviours under flexural load. The beam-column connection consists of a flush end 
plate welded to the beam end and bolted to the column flange. Full scale composite 
frame is shown in Figure 16. All beams were loaded together incrementally until failure. 
Two concentrated loads were applied at all the beams at level-1. All beams were loaded 
together incrementally until failure. Following member sizes are used: steel columns = 
HW250x250x9x14; steel beams BB1 to BB4 = HW200x100x5.5x8; steel beams 1 to 4 = 
HW300x150x6.5x9; and beams 5 to 8 = HW200x100x5.5x8.   Material properties and 
frame details can be found in [Wang and Li 2007]. 
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Figure 17. Load-deflection behaviour of Beam-1with material damage model 

 
In addition to the end-plate semi-rigid joint composite frame response, 

parametric study for pin and fix jointed skeleton frame (frame without floor slab) and 
frame with composite slab response also investigated to study the joint and slab 
contribution on building frame response. Analysis results conclude that, conventional 
simplifications such as skeleton frame or extreme cases of joint simplifications (pin, 
rigid) do not predict the real frame behaviour well. It also shows that the use of semi-
rigid joint in composite frame enhances the building frame resistance compared to pin-
joint building frame resistance. The building frame without floor slab under predicts the 
frame response and also the frame without floor slab becomes susceptible to buckling. 
The floor slab generally increase the frame resistance by 50% compared to the resistance 
of frame without slab. Therefore floor slab and joints are vital structural elements and 
they enhance the building frame response significantly. The proposed simplified slab 
and joint model can be easily incorporated in the building frame model and improve the 
computational efficiency. 

 
4.0 CONCLUSIONS 

 
A semi-rigid joint model based on Eurocode 3-1-8 component model using non-

linear connector and a simplified composite slab model have been proposed to analyse 
3D composite frame. The non-linear connector behaviour can be represented by axial 
force-displacement relationship and moment-rotation relationship. The proposed joint 
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overall improvement in computational efficiency of analysing large building frames. The 
incorporation of semi-rigid joint model in 3D frame analysis tends to produce more 
realistic estimate of frame behaviour compare to model using pin or rigid joints.   
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Abstract 
 

Concrete filled tubular structures have advantages to overcome stability of 
thin plates and to increase stiffness. A hybrid bridge combining common steel box 
girders and truss girders was suggested to increase the span length of steel-concrete 
composite bridges. In negative moment regions, a truss girder has lower chords of 
concrete filled rectangular steel box section to increase flexural stiffness. A bridge 
model with span length of 30m was fabricated and static tests were performed to 
assess the effect of composite chords on the flexural behavior of the girder. Depth of 
the girder varies from 2.0 m to 3.0 m. Significant reduction of stresses in lower steel 
chord was observed and measured deflections showed a good agreement with 
calculated values considering the contribution of infilled concrete. Cracking and 
crack width of the upper concrete slab were observed and indirect crack control by 
longitudinal reinforcing bars can be used for the design.  
 
INTRODUCTION 
 

There are many attempts to increase economy of long span bridges including 
double composite action (Kim and Shim 2009, Shim et al. 2011), hybrid section (Lee 
et al. 2005), truss beams (Shim and Kim, 2010) and corrugated steel webs. Double 
composite sections in negative moment regions increase flexural stiffness, and hybrid 
section using high strength steel enhances material usage. Truss section and 
corrugated webs are adopted to minimize deadweight of long span bridge girders. 
These improvements make composite bridges very competitive for spans between 40 
to 100 m compared to concrete bridges.  

Steel tubular structures have been widely used for their characteristics, such as 
pleasing appearance, light-weight, easy fabrication, and rapid erection. Concrete 
filled steel tube (CFT) not only raises the compressive strength and ultimate strain of 
confined concrete but also provides its flexural strength. The CFT was used for a 
lower flange subjected to compressive force (Uehira and Ito 2008). Shear connection 
for steel and concrete composite trusses were investigated by several researchers 
(Machacek and Cudejko 2009, 2011, Bouchair et al. 2012).  
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In this paper, a hybrid combination of steel box girder and composite truss 
section was proposed as presented in Fig. 1. Fabrication cost of the steel box girder is 
lower than that of truss section. For positive moment region, a typical steel box 
section was used and composite truss section using concrete filled lower chord 
members was designed for negative moment regions.  

Design concepts of this new bridge type were verified by a bridge model test. 
A 30m long and 2.4m wide continuous composite truss bridge was fabricated to 
check constructability and fabrication error control. Static tests were performed to 
estimate global and local behavior and comparisons between design concepts and test 
results were provided in this paper.  

 
 

  
Figure 1 Continuous Composite Truss Bridge 

 
 

EXPERIMENTAL PROGRAM 
 
Main objectives of the experiment were to evaluate structural performance of 

composite truss structure in negative moment region. As shown in Fig. 2, a girder 
with 15m-15m length for negative moment section was designed to simulate 70m-
70m two-span continuous bridges.  

Three stages of construction were considered as presented in Fig. 3 and static 
loadings were applied to the ends of the girder at each stage to investigate flexural 
behavior of the girder. When the top slab concrete was hardened, the final loading 
was applied to observe cracking and inelastic behavior of the composite section in 
negative moment region. Deflections and strain of each section were measured.  

The design compressive strength of concrete was 27MPa and 40MPa for the 
slab and bottom chord members, respectively. The confinement effect on the 
compressive strength of infilled concrete in the bottom chord members was not 
considered in the design of the bridge model. The yield strength of the chord member 
and secondary members were 320MPa and 215MPa, respectively. From the standard 
cylinder tests of concrete, average strength of concrete for the slab and lower chord 
was 28.3MPa and 42MPa, respectively. 
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Figure 2 Test specimen and frame model 
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(a) Steel section only 

 
(b) Lower chord filling 

 

 
(c) Top slab casting 

Figure 3 Test procedure 
 

FLEXURAL BEHAVIOR OF COMPOSITE TRUSS GIRDER 
 
Flexural stiffness of the girder was evaluated from the measured deflection values, 

which are presented in Fig. 4. Design values were obtained from FE analyses of frame 
models(Fig. 2). Comparisons showed the differences within 2% for the 1st loading and 2nd 
loading. By filling the lower chord, the flexural stiffness of the girder increased 18%. 
Concrete filled steel members for lower chord showed considerable enhancement of flexural 
stiffness.  

When concrete of the top slab was hardened, 3rd loading was applied to 300kN, 
which is less than cracking load. The measured deflection showed the flexural stiffness of the 
composite girder agrees well to the calculated values assuming gross section of the concrete 
slab. When the loading was applied to 1500 kN, cracking at the slab was observed. The 
measured deflection showed that the calculated deflection assuming the gross section of the 
slab is smaller than the measured value. Deflection by neglecting the concrete section in 
tension gave conservative results. Therefore, it is necessary to consider tension stiffening 
effect for the evaluation of flexural stiffness of composite girder in negative moment region. 
This is important to design a long-span continuous bridge.  
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From the measured strains of top chord and lower chord members, concrete filling in 
the bottom chord members showed 10% decrease of stress in the top chord member when the 
strain values are compared at the same load level of each loading stage. In the design of the 
bottom chord, the composite action of the bottom chord decreases stress of the bottom chord 
member near the middle support by 50%. In the experiment, the decrease was 40% from the 
measured strain.  

When 3rd loading was applied to 1900kN, cracking of the concrete slab was observed 
and recorded. Table 1 summarizes crack spacing and crack width. Design loading was 
1500kN and the measured crack width was less than 0.1mm, which is reasonable considering 
the designed tensile reinforcements in the negative moment region. Fig. 5 shows cracking 
pattern of the slab. Maximum crack spacing was 287mm, which is similar to actual transverse 
cracking of concrete slab in composite bridges. 
 
Table 1. Maximum crack spacing and crack width for each service load (unit: mm) 

Location 
Service load 1500 kN Service load 1896kN 

max. crack 
spacing 

crack width 
max. crack 

spacing 
crack width 

CW01 

287 

0.0910 

287 

0.1171 
CW02 0.0663 0.0860 
CW03 0.0798 0.1015 
CW04 0.0598 0.0770 
CW05 0.0319 0.0419 

 
 

 
Figure 5 Cracking of concrete slab 

 
CONCLUSIONS 
 

For long-span composite bridges, a new concept combining steel box girder and 
double-composite truss girder was proposed. For positive moment regions, common steel box 
girder is used due to its lower fabrication cost. For negative moment region, the double 
composite action by filling concrete in lower chord members, which are mainly in 
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compression by dead loads, gives considerable increase of flexural stiffness for continuous 
bridges.  

A bridge model was fabricated and static tests were performed to verify the design 
concepts and calculated values. Significant reduction of stresses in lower steel chord was 
observed and measure deflections showed a good agreement with calculated values 
considering the contribution of infilled concrete in lower chord members. Cracking and crack 
width of the upper concrete slab were observed and indirect crack control by longitudinal 
reinforcing bars can be used for the design. 
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Abstract 

 
Composite structures using steel joists mechanically connected to concrete slabs 

serving as the flooring and decking systems are commonly used in buildings and 
bridges, respectively.  The use of the state-of-art precast geopolymer concrete slabs 
coupled with innovative deconstructable pretensioned bolted shear connectors under 
service loads in a life-cycle composite beam design can reduce CO2 emissions, thereby 
enhancing the sustainability in and recyclability of the construction industry. Most 
previous research has been conducted on composite beams with welded shear studs that 
cannot be deconstructed easily.  A number of push tests are reported in the current study 
to establish the interface strength and stiffness characteristics of the bolted shear 
connectors.  The application of the push test data in predicting complex full-scale 
composite beam behaviour with three distinctive regions that are delineated by the shear 
flow force at the interface, by the coefficient of friction at the interface and bolt 
pretension, and by the size of the clearance hole relative to the diameter of the bolt is 
explained.  An initial theoretical investigation based on a simple mechanics-based “full-
zero-full” shear interaction mechanism is presented and discussed. 

  
INTRODUCTION 
 

Composite structures using steel joists mechanically connected to concrete slabs 
are commonplace in buildings and bridges.  Concrete is normally strong in compression 
but weak in tension, whilst steel in compression is prone to buckling effects, and so their 
symbiotic attributes in composite beams make the composite beam an efficient member.  
The mechanical shear connectors are designed to bring about composite action in these 
complementary materials to increase the strength, ductility and stiffness of composite 
beams above those of the individual materials themselves.  Normally, the weakest 
component governs the strength of the composite structure.  Ordinary Portland cement 
(OPC) has been used as a paste to produce concrete over a very long period. It is widely-
known that OPC is a major contributor to anthropogenic greenhouse gas production, 
with large CO2 emissions being associated with the manufacture of OPC, with one tonne 
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of OPC producing approximately one tonne of CO2 [Davidovits 1994]. The use of 
geopolymer concrete (GPC) as a replacement for OPC is seen as one means of 
mitigating the excessive CO2 emissions associated with OPC, and is a topic of current 
research in cementitious materials science.  Fly ash is a waste material from coal burning 
power stations, and has been used as a source of geopolymer for GPC that is reported to 
exhibit comparable if not better material properties to OPC-based concrete [Hardjito et 
al. 2004].  However, GPC is not as readily batched on-site nor as workable by 
comparison to concrete based on OPC, and so its use in precast applications is an 
important research issue.  The slab systems considered in this paper are precast GPC 
ones.  

There are many types of mechanical shear connectors [Oehlers and Bradford 
1995] as shown in Figure 1, but the most commonly used ones are the stud connectors 
normally welded to the top flanges of the steel joists before casting the concrete slabs 
[solid or profiled with steel sheeting] because they are economical and easy to install.  
Clearly the welding and casting of the concrete around headed stud connectors is highly 
problematic in formulating de-constructability and recycling technologies for composite 
beams.  High-strength bolted steel shear connectors [Figures 1(b) and 1(h)] provide a 
viable alternative to headed connectors in terms of deconstructability. Despite this and 
despite the potential for retrofitting composite bridge beams whose studs have failed 
under fatigue loading, surprisingly little has been reported in the open literature on high-
strength bolts as shear connectors.  

 
Figure. 1. Mechanical shear connectors [Oehlers and Bradford 1995] 

 
Most of the previous research of composite beams has been based on stud shear 

connectors for normal steel joists and with OPC slabs.  Of the limited studies on bolted 
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shear connectors in composite steel-concrete beams, Dallam (1968) and Dallam and 
Harpster (1968) reported push tests and beam tests undertaken with bolts embedded in 
the concrete, Marshall et al. (1971) undertook tests on embedded and post-installed bolts 
and, more recently, Kwon et al. (2010) investigated the use of post-installed shear 
connectors under static and fatigue loading.  However, none of those studies offered a 
complete understanding of the structural behaviour of these types of structures, nor did 
they consider the issues of deconstructability and sustainability.  Therefore, more 
detailed investigations of the structural behaviour of bolted shear connectors, bolted 
steel joists and precast GPC slabs, all of which can be recycled at the life-end of a 
structure, is much-needed.  The results of five initial push tests have been reported in 
detail elsewhere by the authors [Lee and Bradford 2013]. The potential of applying the 
push test data to predict the structural response of full-scale sustainable composite 
beams with deconstructable bolted shear connectors using a mechanics-based model 
[Rowe and Bradford 2013] is discussed and the full scale experimental program has also 
been reported in detail [Lee and Bradford 2013]. This paper reports the results of four 
additional push tests, and presents an initial theoretical investigation based on a 
simplified mechanics-based model. This understanding allows for a codified design 
approach. 

 
SUMMARY OF PUSH TEST RESULTS 
 

The results of five initial push tests confirmed one of the research hypotheses, in 
which there are three distinctive stages of the load-slip evolution of pre-tensioned bolted 
shear connectors: viz. a region of “full interaction”, a region of “zero interaction” and a 
region of “partial interaction”.  These are delineated by the shear flow force at the 
interface, by the coefficient of friction at the interface and the bolt pretension, and by the 
size of the clearance hole relative to the diameter of the bolt shown in Figure 2 [Lee and 
Bradford 2013]. 

 

  
Figure. 2. Load-slip evolution for typical single and double panel push tests 
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Figure. 3. Push test 004 to confirm de-constructability of shear connectors 

 
The double panel push test confirmed that the shear force could be transferred 

successfully across the panels which replicate a similar situation in realistic slabs.  One 
of the push tests was also performed to confirm deconstructability of the shear 
connectors under service loads with a typical push test failure mode as shown in Figure 
3. The bolts were unloaded and then pre-tensioned again and reloaded to failure.  The 
key results of five initial push tests are summarised in Table 1. 

 
Table 1. Key push test results 

Test Psp 
(kN) 

Pu 
(kN) μ 

sb 
(mm) 

 

su 
(mm) 

 
001 283 866 0·49 4 30·8 
002 80 808 0·25 6 25·8 
003 100 609 0·26 8 31·5 
004 263 890 0·45 4 24·8 
005 288 1730 0·50 8 28·6 

 
Legend: Psp = load for first slip; Pu = ultimate load; μ = coefficient of friction; sb = slip 
at first bearing; su = ultimate slip. 

 
Four additional push tests (006-009) conducted to Eurocode 4 specifications (8 

bolts being cycled 25 times between 5% and 40% of the estimated failure load) were 
carried out with concrete strength of 48 MPa at 90 days (a confirmatory compression 
test was carried out to confirm the strength which is comparable to that for the initial 
push tests at 90 days). 
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Figure. 4. Dimensions of standard push test specimens with shear studs replaced 

bolts [Eurocode 4] 
 
Push tests 006 and 007 were designed using eight M20 8·8 single nut bolts 

embedded in the two 600 × 600 × 150 mm thick GPC panels with 15 mm cover [Figure 
1(b)] tightened manually. The pretension was calibrated as 130 kN.  These two push 
tests are material tests for the full-scale control beam.  Push tests 008 and 009 were 
designed using eight M20 8·8 bolts pretensioned to 145 kN using the calibrated electric 
wrench and squirter washers through eight 24 mm precast holes as per the five initial 
push tests except push test 002.  The load-slip evolution of push tests 006 and 007 is 
presented in Figure 5.      

 

 
Figure. 5. Load-slip evolution of push tests 006 and 007 

 
The load-slip curves for the single nut bolts embedded in the GPC panels in 

Figure 5 show two rather than three distinctive stages of composite action at the steel-
concrete interface. The reason is that the single nut bolts were embedded in the concrete 
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panels during the pre-casting process and therefore there is no hole clearances between 
the bolts and the surrounding GPC concrete. The first stage is of a frictional nature and 
once the friction is overcome, the bolts start to bear on the concrete.  Push tests 006 and 
007 recorded similar load of 500 kN at first slip and then a failure load of 1,460 kN and 
1,380 kN respectively with a similar ultimate slip of around 10 mm (cf. 6 mm specified 
by EC4 to ensure ductile behaviour of composite beams). These results are comparable 
to those presented by Kwon et al. (2010) in terms of the general shape of the load-slip 
curves and the loads at first slip and at failure.  Push test sample 006 appears to be 
somewhat less stiff than sample 007 during the second stage of the steel-concrete 
interface behaviour i.e. the bolts started to bear onto the concrete.  

 

 

 
Figure. 6. Test set up and failure mode for push tests 006 and 007 

 
Both push tests failed by bolt fracture and concrete shear cracks as shown in 

Figure 6.  There was also evidence of friction being overcome in the failed samples 
coupled with loud banging noise during the first stage of loading before the first slip. 
The load-slip curves of push tests 008 and 009 are shown in Figure 7.  The general shape 
of the curves is similar to previous push test 005 with three distinctive stages of steel-
concrete interface behaviour i.e. fully composite (held by friction), near non-composite 
[with 4 mm total slip clearance between the bolts and the surrounding GPC concrete as 
demonstrated in Figure 7] and then finally, partially composite as the bolts start to bear 

Composite Construction in Steel and Concrete VII 450

© ASCE



onto the GPC concrete.  Push tests 008 and 009 recorded a load of 560 kN and 585 kN at 
first slip and a failure load of 1,715 kN and 1,770 kN respectively.  The ultimate slip at 
failure is in the order of 20 mm showing again very ductile behaviour of these types of 
shear connection.  These test results are comparable to those of Kwon et al. (2010).  One 
interesting observation is that the loads at first slip of push tests 008 and 009 (single 
panel with 8 bolts) appear to be twice that of previous push test 005 [double panels with 
8 bolts].  This will be a subject of further investigation and it is likely that the bolts in 
these two tests start to slip more or less the same time giving a much higher load at first 
slip.        

 

 
Figure. 7. Load-slip evolution of push tests 008 and 009 

 

 
Figure. 8. Test set up and failure mode for push tests 008 and 009 

 
The test set up and failure mode observed for push tests 008 and 009 are shown 

in Figure 8.  Both push test specimens failed by bolt fracture with no apparent concrete 
shear cracks on the non-contact side of the GPC concrete panels and this could be due to 
the increased concrete strength of 48 MPa at 90 days. 
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QUASI-ELASTIC MECHANICS BASED MODEL 
 

Framework of Theoretical Model: A theoretical model of the response of a 
beam with pretensioned bolted shear connectors at service loading can be developed, 
which uses the empirical results from the push testing [Rowe and Bradford 2013].  This 
is illustrated with reference to a simply-supported geometrically symmetrical beam of 
length 2L, with the x origin at mid-span.  Initially, the beam has full interaction because 
of the prestress provided by the bolts, which has a shear flow force capacity of p = 
µnP/L, where P is the prestress in each of the n bolts and μ is the coefficient of friction.  
When the shear flow force at the ends of the beam ½qLB/I reaches p, where B and I are 
the first and second moments of area, the bolts in that location start to slip, i.e. when q = 
q1 = 2pI/(LB). As q increases from q1, the bolts start to slip with a limiting value of sb , 
being defined by the size of the total clearance between the bolts and the holes.  When q 
reaches a value of q2, the bolts then start to bear on the concrete.  This phenomenon of 
three regions will start to propagate from the end supports where the shear flow forces 
are a maximum towards the mid-span.  These regions of different behaviour of shear 
connection are illustrated by the load-slip relationship shown in Figure 9.  A beam-type 
finite element model [Ranzi et al. 2004] can be cast in an adaptive mode using 
geometric compatibility and equilibrium of forces.  Typical values of k1, k2 and k3 for the 
pre-tensioned bolted shear connectors based on the initial push tests (4 bolts) are in the 
order of 0, 27,000 N/mm, 107,500 N/mm respectively.  For the purpose of this paper, a 
simpler model of “near to full”-“near to zero”-“near to full” shear interaction [Rowe and 
Bradford 2013] was used to illustrate the concept and to predict the general load slip 
behaviour of the full scale composite beams with pretensioned bolted shear connectors 
having a span of 2L and simply supported under a uniformly distributed load q. For this 
model in Figure 9, k1 = k3 → ∞ and k2 → 0. 
 

 
Figure. 9 - Idealised response in elastic range 
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Figure. 10 - Simplified shear interaction model of composite beam with span length 

of 2L 
 
Refinement of Theoretical Model: The equation for bending in the composite 

beam in Figure 10 under a uniformly distributed load q can be applied to the different 
regions, i.e. full interaction (-a, a), zero interaction (a, b) ∪ (-a,-b) and full interaction 
(b, L) ∪ (-b,-L) of the composite beam shown in Fig. 10. The equation for bending is 
given as: 

( ) ( )2 2

, 2f n

q x L
EI v M

−
′′ = − = ,      (1) 

      
in which M is the bending moment, EI is the stiffness of the composite beam and the 
subscripts f and n indicate the region of the beam has either full or zero shear interaction 
respectively, v is the transverse deflection and v″ is the curvature.  Equation (1) can be 
applied to three different regions of the composite beam shown in Figure 10.  Applying 
the displacement and slope compatibility and static boundary conditions at x = 0, a 
(where first interface slip occurs), b (where first bearing on the holes occurs) and L 
produces, after some algebra,  
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For the domain (a, b) and noting that s(a) = 0 by definition, the slip s(x) is: 
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( ) ( )( ) v x v as x
h

′ ′−= ,     (3) 

 
where s is the slip deformation in domain (a, b) and h is the distance between the 
centroids of the two elements (the GPC concrete slab and the steel joist) of the 
composite beam.  The location of the region of bearing can be determined using x = b, 
which produces the cubic equation 

 
( )3 3

3

6
3 3fn

EI s
qhL

β β α α− = + − ,    (4) 

 
where the load at which bearing commences is defined in 

 

 
( )

( )2 1 3 3

6

3 2
f n

s EI
q q

hL α α
= +

− −
.    (5) 

     
CONCLUSIONS 
 

Additional push test data have been determined for composite beams with pre-
tensioned high strength bolts as shear connectors with precast geopolymer concrete 
slabs, and added to the repository of five previous initial push test results.  The potential 
of applying the push test data to predict the full scale beam behavior using a simplified 
quasi-elastic mechanic based composite beam model has been further refined to 
illustrate the concepts based on a “Full-Zero-Full” shear interaction model, proposed in 
earlier work.   
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Abstract 
 

The object of the present investigation is to study the effect of polyvinyl 
alcohol (PVA) fibres on dynamic properties of concrete containing fly ash as partial 
replacement for portland cement. Specimens of different concrete types, with 
variations in the length of fibers and proportioning, have been investigated to assess 
the performance of uncoated PVA fibre of two geometric lengths (6 and 12 mm) in 
concrete.  Based on total concrete volume, 2 fibre fractions of 0.25 and 0.5%, were 
evaluated for their effect on damping ratio, fundamental frequency and dynamic 
modulus of elasticity of PVA fibre reinforced concretes (FRCs). From the results, it 
can be stated that although PVA fibre addition in low volume fractions used in this 
study significantly enhance the mechanical properties of FRC, it has no considerable 
effect on concrete material and RC beams dynamic characteristics. 
 
1 INTRODUCTION 

 
Vibrations in structures which is caused by dynamic loads (e.g. earthquakes or 

wind loads) vary in amplitude and frequency with excitation source, depending on 
structural type and applied load. There is no doubt that dynamic property of concrete 
material is of great significance to these structures, particularly in vibration control 
and noise mitigation. 

Damping is defined as a process whereby vibrational energy is dissipated over 
a period of time (Smith 1988). To avoid resonance of a specific structure at typical 
modes, whether in material level or member and structural level, damping is helpful 
in reducing vibration and resonance (Amick & Monteiro 2005; Zheng et al. 2008). 

Two main sources of damping are categorised as intrinsic damping which is 
basically provided by the structure and the material damping. The other damping is 
the supplementary damping created utilizing additional devices attached to the 
structure such as tuned mass dampers, sloshing dampers, viscous dampers, and 
friction devices. Concrete buildings are generally known to have damping ratios 
between 1% and 3% of critical damping. If it is possible to increase this percentage to 
5% or more, dampers can be eliminated or reduced in some of the structures and save 
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a lot of energy and money. It is also investigated that by increasing the damping ratio 
of concrete to 10 or 15% the structure gains the capacity to dissipate the vibrating 
energy without needing any additional dampers (Jinping et al. 2008; Ou 2002). 

Damping ratio is the main parameter representing the property of materials in 
vibration reduction (Zheng et al. 2008). Due to the number of variables that affect 
damping in a system, the most realistic way of determining damping of a material or 
structure is through laboratory investigations. Logarithmic decrement (δ) is one of the 
most popular parameters of measuring and calculating the damping properties of 
concrete. This parameter simply provides a measure of the rate of decay of oscillation 
and is used to find the damping ratio (ξ) of an underdamped system based on the 
assumption of viscous damping. The logarithmic decrement is defined as the natural 
logarithm of the ratio of any two successive positive amplitude peaks as shows in 
equation (1) (Chopra 1995). 
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πξδ
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==
+mn
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U
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where Un is the amplitude of nth  peak, Un+m is the amplitude of a peak after m cycles 
and m is the number of cycles between the two successive positive peaks. 

Since damping ratio is generally small in the case of concrete (<20%) 
(Menefy 2007), equation (1) can be further simplified to give a direct relationship 
between the δ and the ξ as follows; 
 

πξδ 2≈  (2)
 
Thus, damping ratio (ξ) can be calculated as; 
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The first serious study on the damping behaviour of concrete was performed 

in 1940 by Thomson (Thomson 1940). In this investigation, it has been reported that 
the mechanical properties of concrete e.g. compressive strength and modulus of 
elasticity can be predicted through dynamic methods and damping measurements. 
Following the mentioned study, many research works have been carried out so far to 
explore the effect of various parameters (such as concrete composition, curing 
condition, moisture content, temperature, compressive strength and modulus of 
elasticity) on damping properties of concrete and concrete elements. 

As a concrete specimen is excited dynamically, each element of the matrix 
absorbs a portion of the dynamic energy. The synthetic fibre itself, due to its 
viscoelastic energy dissipation character as a polymeric material, is able to absorb the 
energy inside itself (Sun et al. 1985). However, although fibres in synthetic FRC are 
viscoelastic and have damping ratios higher than concrete, the FRC composite is not 
a good viscoelastic material since it is usually provided by a low volume fraction of 
fibres. In such cases, adequate damping may not necessarily be produced due to the 
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hysteresis energy loss in matrix because of the strain cycling in the vicinities of fibre 
ends, nor from synthetic fibres (Yan et al. 2000a). It can take place due to 
fibre/matrix debonding which may occur under certain strain and stress conditions 
surrounding the fibres. This may cause energy loss under alternating loading. 
Concrete is considered a brittle material which contains micro cracks that may open 
and close during dynamic loading under flexure. These cracks may cause the matrix 
to rub on the fibre surface and results in energy loss during vibration (Yan et al. 
2000a, 2000b) and accordingly higher damping ratio can be achieved for FRCs (Fu & 
Chung 1996; Nelson & Hancock 1979).  

Fibres generally and synthetic fibres specifically are reported to enhance the 
dynamic properties of concrete by increasing the damping ratio of plain concrete 
(Yan et al. 2000a). Furthermore, it has been reported that damping ratio can be used 
as an indication of changing concrete mechanical characteristics e.g. flexural strength 
and ductility (Arivalagan & Kandasamy 2009). 

In this study, the performance of using uncoated PVA fibre on damping 
properties of concrete has been investigated. PVA fibres of two geometric lengths, 6 
and 12 mm, with volume fraction of 0.25% and 0.50% were utilised to prepare FRC 
mixes. Furthermore, a non-FRC mix (control) was also made to be used as reference 
point of this study. The compressive strength and modulus of elasticity (MOE) of 
concrete samples were also measured to evaluate the mechanical properties of FRC 
and control concrete. Furthermore, an impact resonant frequency test was also 
conducted over steel reinforced concrete (RC) beams incorporating PVA fibres, to 
assess the dynamic properties of the RC beams. 

 
2 EXPERIMENTAL PROGRAM 

 
2.1 Materials 

 
Shrinkage limited Portland cement (PC) and fly ash (FA) were used as the 

binder for all concrete mixes. Shrinkage limited Portland cement was used in this 
study to minimise concrete drying shrinkage. The fineness of FA by 45 μm sieve was 
determined to be 94% passing (tested in accordance with AS 3581. 1-1998).  

A maximum nominal size of 20 mm aggregate was used in all mixes. All 
aggregates used in mix design were sourced from Dunmore, Australia, which 
includes 50/50 blended fine/coarse manufactured sand and 10 mm and 20 mm 
crushed latite gravel. The grading of all aggregates complies with the Australian 
Standard; AS 2758.1 specifications and limits. All aggregate was prepared to 
saturated surface dry condition prior to batching.  

Drinking grade tap water was used for all mixes after conditioning to room 
temperature (23 ± 2 °C). Furthermore, in order to improve the workability, a 
polycarboxylic-ether based high range water reducing admixture (HWR) was used. 
Non-coated polyvinyl alcohol fibre of 2 different geometries, 6 and 12 mm, with 
specifications mentioned in Table 1 with graphical illustration shown in Figure 1, 
were used in all FRC mixes. 
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Table 1. Properties of PVA fibres. 
Specific 
gravity 

Diameter Thickness Cut 
length 

Tensile 
strength 

Young’s 
modulus 

Elongation 

[g/cm3] [mm] [dtex] [mm] [MPa] [GPa] [%] 
1.29 0.014 1.8-2.3 6 and 12 1500 41.7 7 
 
 

 
Figure 1. PVA fibres; 6 mm fibres (left) 12 mm fibres (right). 

 
2.2 Mixing and samples preparations 

 
Mixes were prepared to obtain characteristic compressive strength at 28 days (

cf ′ ) of 60 MPa to conform to AS 3600 requirements as structural concrete (ranging 

from 20 MPa to 100 MPa) even after adding fibres which may cause strength 
reduction, along with a slump of 80 ± 20 mm. In order to obtain the desired slump, 
HWR dosage was varied. Details of the mix proportions for control concrete (no 
fibres) are presented in Table 2. Mix ingredients were all measured and added to the 
mix by weight. All FRCs also followed the same proportioning and only fibres were 
added to the mixture by 0.25% and 0.5% of volume fraction of the mix. 

For non-FRC (control) mix, mixing was performed in accordance with AS 
1012.2. However, for FRC mixes, due to the presence of fibres, the standard mixing 
regime suggested in Australian Standard for conventional concrete was modified. 
Accordingly, the mixing time was increased to 3 minutes to achieve a completely 
homogeneous concrete. Slump was taken to check the workability and, thereafter, 
freshly mixed concrete was placed into moulds and compacted using an external 
vibrating table. Curing of test specimens was carried out in accordance with AS 
1012.8. Specimens were placed in a water tank after demoulding to be cured in lime-
saturated water at a temperature of 20 ± 2 °C until the testing date. 

 
Table 2. Mix proportions of reference concrete. 
kg/m3      Lit/m3 Water/C* 
Cement Fly ash Sand 10 mm 

aggregate 
20 mm 
aggregate 

Water HWR 

301 129 635 390 700 151 1.215  0.35 
* Cementitous materials 
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2.3 Testing methods 
 

Uniaxial compression and modulus of elasticity (MOE) tests were performed 
on cylindrical specimens of 100×200 mm and 150×300 mm, respectively, at the age 
of 28 days in accordance with AS 1012.9 and AS 1012.17 specifications and method.  

The impact resonance test was used to determine the resonant frequency of 75 
× 100 × 400 mm prisms following the test method recommended in American 
Standard, ASTM C 215 (08), by applying a small load impulse and measuring the 
resulting acceleration through the specimen for different modes of vibration. To 
excite the normal modes of vibration, a small metal hammer (impactor) was used to 
manually apply a small load impulse to the specimen. The accelerometer attached to 
the specimen, was used to transform the resulting vibrations into electrical signals. 
The miniature accelerometer is assumed to have no influence on the resonance 
frequencies of the beam. The specification of impactor (hammer) and accelerometer 
are shown in Table 3.  
 
Table 3. Impactor and accelerometer specifications. 
Impactor (hammer)  
Model PCB 086D05 
Sensitivity (±15%) 0.23 mV/N 
Measurement range ± 22,240 N pk 
Resonant frequency ≥ 22 kHz 
Non-linearity ≤ 1% 
Accelerometer  
Model PCB 356B08 
Sensitivity (±10%) 10 mV/(m/s2) 
Measurement range ± 490 m/s2 pk 
Frequency range (±5%) 0.5 – 5000 Hz  
Frequency range (±10%) 0.3 – 6500 Hz  
Resonant frequency ≥ 20 kHz 
Broadband resolution 0.001 m/s2 rms 
Non-linearity ≤ 1% 
Transverse Sensitivity ≤ 5% 
Weight 20 gm 
 

Soft rubber supports were also used to permit the specimen to vibrate freely in 
each mode of vibrations. The schematic of test apparatus is shown in Figure 2. A 
computer based data acquisition system is used to record hammer force and 
acceleration response signals during the tests. Data processing, including Fast Fourier 
Transform (FFT) and Frequency Response Function (FRF) calculations were then 
executed using a specifically developed MATLAB programme. From recorded 
dynamic response time histories, using FFT, the auto spectrum of the given signal can 
be obtained and the FRF can be computed.   

For each concrete type, impact resonance test was carried out at 14 and 28 
days of ageing. For each age, 3 specimens of the same concrete were tested and since 
the test is non-destructive, same specimens were used for the next testing age. To 
provide more accurate results, at least 5 strikes were applied on each sample for each 
mode of vibration and the average was taken from the successive results.  
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Figure 2. Typical impact resonance test set-up (locations of impact and 
accelerometer) for transverse mode of vibration (ASTM C 215 – 08). 

 
Furthermore, impact resonant frequency test (hammer test) for transvers mode 

of vibration was also conducted over steel reinforced concrete (RC) beams 
incorporating PVA fibres, to assess the dynamic properties of the RC beams.  

The RC beams used for this test were designed in accordance with AS 3600 
(2009). All specimens were 1.9 m long with a span of 1.8 m and a depth of 200 mm 
(effective depth = 159 mm). A concrete cover of 25 mm was also applied for all 
beams. Figure 3 shows the beam geometry and the reinforcement details. 
 

 
Figure 3. Schematic of RC beam. 

 
All beams were provided with 10 mm diameter stirrups (Ø10) with a constant 

spacing of 150 mm (centre-to-centre) over the whole of their length in order to avoid 
shear failure and have a reinforcement ratio (ρs) of 1.42%. The reinforcement details 
are summarized in Table 4. 
 
Table 4. Steel reinforcement arrangements. 
Tension steel reinforcement  Compression steel reinforcement 
Diameter No. fsy (nominal)  Diameter No. fsy (nominal)
[mm]  [MPa]  [mm]  [MPa] 
12 3 250  10 2 250 
 

Beams were subjected to an impulsive load applied at mid-span to excite their 
higher transverse mode frequencies. The beam response to this impulsive load was 
captured by the means of 6 accelerometers mounted at different places of the beam as 
illustrated in Figure 4. The points to attach the accelerometers were; the one-fourth 
spans and mid span on top surface along the centreline of the beam, the one side at 
centre and at two face ends of the beam on top. The most important data captured, 

90 mm
L=400 mm

0.5L

Impact

0.5b

t=100 mm
Cross section
containing node for
fundamental frequency
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 Transverse Mode
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which is the focus of this study, is corresponding to the mid span. To minimise errors 
and noise affecting the results, 5 hits were carried out for every strike location. 
 

 
Figure 4. Accelerometers arrangement on RC beam. 

 
The specification of impactor (hammer) and accelerometers are shown in Table 5.  
 
Table 5. Hammers and accelerometers specifications. 
Impactor (hammer)  
Model PCB 086D20 
Sensitivity (±15%) 0.23 mV/N 
Measurement range ± 22,240 N pk 
Resonant frequency ≥ 12 kHz 
Non-linearity ≤ 1% 
Accelerometers  
Model PCB 352C34 
Sensitivity (±10%) 10.2 mV/(m/s2) 
Measurement range ± 490 m/s2 pk 
Frequency range (±5%) 0.5 – 10000 Hz  
Frequency range (±10%) 0.3 – 15000 Hz  
Resonant frequency ≥ 50 kHz 
Broadband resolution 0.0015 m/s2 rms 
Non-linearity ≤ 1% 
Transverse Sensitivity ≤ 5% 
Weight 5.8 gm 
 

From the test results, the fundamental (natural) frequencies were measured 
and acceleration-time history graphs were prepared. Acceleration-time history was 
used in order to calculate the damping ratio, following logarithmic decrement method 
as described previously. A sample acceleration-time history in free vibration is 
illustrated in Figure 5. 
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Figure 5. Sample PVA-FRC (6PVA-0.25%) acceleration-time history. 

 
The dynamic modulus of elasticity (DMOE) can also be calculated from the 

fundamental transverse frequency, using the below mentioned equation; 
 

2CMnDMOEtransverse =  (4)

 
where M is the mass of specimen in kg, n is the fundamental transverse frequency in 
Hz and C is a factor equal to 1122.6, calculated from table 1 of ASTM C 215-08. 
 
 
3 RESULTS AND DISCUSSION 

 
Table 6 presents the mechanical properties of FRCs and control concrete. By 

looking at the results, it can be noted that most PVA-FRCs have higher compressive 
strength at 28 days ( 28,cf ) compared to the control except for 12PVA-0.50% which 

includes 0.5% volume fraction of 12 mm fibres. It can also be observed that with a 
same fibre content shorter fibres act better than longer ones in terms of compressive 
strength and the optimum fibre volume fraction goes to 0.25% for both fibre lengths. 
In the case of concrete MOE, it can be noted that PVA fibres in low volume fractions 
used in this study do not significantly affect the modulus of elasticity. However, it is 
noted that within the FRCs incorporating the same fibre, 0.25% volume fraction 
shows higher Ec,28 and in a same fibre content longer fibres have lower Ec,28. 
 
Table 6. Mechanical properties of different mixes at 28 days of age. 
Mix  
Reference 

Fibre 
length  
[mm] 

Vf  
 
[%] 

Compressive 
strength- fc,28 
[MPa ± SD1] 

Modulus of 
Elasticity- Ec,28 
[GPa] 

Control  - - 60.0 ± 3.2 39 
6PVA-0.25% 6 0.250 67.0 ± 3.2 40 
6PVA-0.50% 6 0.500 61.5 ± 2.5 38 
12PVA-0.25% 12 0.250 64.5 ± 3.2 39 
12PVA-0.50% 12 0.500 58.5 ± 2.8 36 

1 SD: Standard deviation 
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From the result of the impact resonance frequency test, the material dynamic 
properties of FRCs and control concrete, including three primary characteristics; 
resonant (fundamental or natural) frequency, dynamic modulus of elasticity and 
damping ratio, are calculated for transverse modes of vibration. Figure 6 shows the 
damping ratio of control and FRCs in transverse mode of vibration at the age of 14 
and 28 days. For each concrete mix design a number of 45 samples were recorded as 
damping ratio. These 45 samples were calculated from the acceleration-time history 
of 5 hammer strikes over 3 specimens. From each acceleration-time history, 3 
damping ratios were calculated from 3 different parts of the graph, to minimise the 
measurements errors. To follow the same trend for calculating the damping ratios and 
minimising measurement errors, ‘Un+m’ was taken as half the value of ‘Un’(refer to 
equation (3)). In Figure 6, the horizontal short dash mark, ‘—‘, indicates the average 
value of damping for each mix. 
 

 
Figure 6. Damping ratio of FRCs versus control concrete in transverse mode at 

the age of; 14 days (left) 28 days (right). 
 

0.0%

0.5%

1.0%

1.5%

2.0%

2.5%

3.0%

3.5%

4.0%

D
am

pi
ng

 r
at

io
 [

%
]

Control
6PVA-0.25%
6PVA-0.50%
12PVA-0.25%
12PVA-0.50%

0.0%

0.5%

1.0%

1.5%

2.0%

2.5%

3.0%

3.5%

4.0%

D
am

pi
ng

 r
at

io
 [

%
]

Control
6PVA-0.25%
6PVA-0.50%
12PVA-0.25%
12PVA-0.50%

Composite Construction in Steel and Concrete VII 464

© ASCE



It has been previously (Yan et al. 2000a) reported that concrete has damping 
ratios more than 0.5% which can be a reference point. Damping ratio of all concretes 
is observed to decrease by ageing which is in line with previous investigations 
(Amick & Monteiro 2006; Cole & Spooner 1965; Swamy & Rigby 1971; Yan et al. 
2000a). According to the results, it can be seen that addition of PVA fibres in low 
volume fraction has no significant effect on concrete damping ratio. The results of all 
above calculations for transverse mode of vibration are summarised in Table 7. 
 
Table 7. Dynamic properties of control and FRCs at transverse mode. 
Mix   Resonant frequency Dynamic-MOE Damping ratio (ξ) 
Reference [Hz ± SD] [GPa ± SD] [% ± SD] 
 14 day 28 day 14 day 28 day 14 day 28 day 
Control 2206 ± 11 2245 ± 10 40.2 ± 0.4 41.5 ± 0.4 1.2 ± 0.5 0.8 ± 0.2 
6PVA-0.25% 2240 ± 29 2260 ± 37 41.5 ± 1.1 42.0 ± 1.4 1.1 ± 0.4 0.8 ± 0.3 
6PVA-0.50% 2210 ± 14 2240 ± 7 40.5 ± 0.5 41.5 ± 0.3 0.8 ± 0.2 0.7 ± 0.2 
12PVA-0.25% 2230 ± 22 2240 ± 12 41.0 ± 0.8 41.5 ± 0.4 1.1 ± 0.6 0.7 ± 0.1 
12PVA-0.50% 2190 ± 34 2220 ± 37 39.5 ± 1.3 40.5 ± 1.4 1.1 ± 0.4 1.0 ± 0.2 

 
 

Regarding the dynamic characteristics of RC beams, the beams natural 
frequencies for uncracked section are presented in Table 8. If a shift in natural 
frequency occurs in a system, it can be inferred that the system has undergone 
changes. The magnitude of the changes is also an indicator of the severity or state of 
the change experienced (Razak & Choi 2001). 
 
Table 8. RC beams natural frequency of uncracked section for transverse mode. 
Beam label Natural frequency 
 [Hz ± SD] 
B-Control 76.7 ± 0.2 
B-6PVA-0.25% 77.3 ± 0.1 
B-12PVA-0.50% 68.5 ± 1.0 

 
 

4 CONCLUSIONS 
 
The effect of PVA fibre addition on damping characteristics of concrete has 

been investigated in the current study. Test results indicated that the compressive 
strength of concrete increases by fibre addition. However, it has been observed that 
PVA fibre addition in low volume fraction used in this study do not significantly 
affect the concrete modulus of elasticity, natural frequency and damping ratio. 
Furthermore, comparing 28-day dynamic-MOE with static chord MOE shows a 
similar trend. Dynamic-MOE results are slightly higher than that of static-MOE 
which complies with literature (Malhotra & Sivasundaram 2004). 
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Abstract 
 

This paper presents the fire resistance test results of 6 concrete filled stainless 
steel tubular (CFSST) columns. The influence of various parameters, including the 
cross-section type (circular and square), the load ratio (0.3, 0.45) and the presence of 
steel reinforcement (plain and reinforced concrete), were investigated. To capture the 
initial imperfections of the CFSST columns, a photogrammetry method was 
employed for the measurement prior to the fire testing. Fire tests were conducted on 
the CFSST columns under axial compression. The failure mode, temperature 
distribution, deformation, and fire resistance of the CFSST columns are presented and 
discussed. 
 
Keywords: Concrete filled stainless steel tubes; Fire resistance; Deformation; Failure 
mode. 
 
1. INTRODUCTION 
 

Stainless steel has been used in the construction industry for many years as 
minor components, such as fixings, fasteners, and cladding. This can be seen in the 
Chrysler Building in USA and Lloyds Building in England. Due to the high cost of 
stainless steel (about 3-5 times the cost of carbon steel), its application in major 
structural components is still limited. But in recent years, the whole-life cost for a 
structure has become an important concern for engineers and property owners. Owing 
to the benefits of stainless steel, i.e. high corrosion resistance, easily maintained, 
extremely durable and high fire resistance, it is believed that this type of steel 
material will be increasingly used in civil engineering and construction (Tao et al., 
2011, Uy et al., 2011). To overcome the shortcoming of adopting stainless steel 
induced by the high cost, a promising method is to use the stainless steel tube in 
composite structures, and one typical example is the concrete filled stainless steel 
tubular (CFFST) column (Uy et al., 2011). 
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Currently, extensive research have been done to investigate the behaviour of 
stainless steel members at ambient temperature, but the research on stainless steel 
members under high temperature or in fire is very limited (Gardner and Baddoo, 
2006), especially for the CFSST columns. Renaud (2007) reported 7 fire tests of 
square CFSST columns. A numerical investigation was done using a model that was 
verified through the comparison with the test results, and a simplified calculation 
method was provided for the design of composite members with stainless steel in fire. 
Lee (2011) reported the post-fire results of two preloaded square CFSST columns, 
which were part of a series to investigate the bond strength between the stainless steel 
tube and concrete. More recently, Han et al. (2013) investigated the experimental 
behaviour of five full scale CFSST columns (3 square and 2 circular specimens) in 
fire. It was found that CFSST columns have much higher fire resistance compared to 
the normal concrete filled steel tubular (CFST) columns with carbon steel. 
Considering the scarce of fire tests on CFSST columns, a series of CFSST columns 
were tested in fire conditions by the authors recently. These test results are reported 
in this paper. The failure modes, temperature distribution, deformation and fire 
resistance of the test specimens were discussed.   
 
2. EXPERIMENTAL PROGRAM 
2.1 SPECIMEN PREPARATION 
 

A total of 6 CFSST columns exposed to fire with initial axial loads were 
tested. Test parameters were cross section type (four circular columns and two square 
columns), nominal load level (0.3 and 0.45), and presence of steel reinforcement 
(plain and reinforced concrete). Table 1 shows the specimens details, where CT and 
ST in the specimen labels denote circular and square columns, respectively; t is the 
tube thickness; D is the overall diameter of a circular tube or width of a square 
column; L is the length of a column with the end plates; and n is the load level. The 
load level (n) was calculated according to Eq. (1). 

 
n = P/(fyAs+fc'Ac)                                                         (1) 

 
where P is the applied load, fy is the 0.2% proof strength of stainless steel, As is the 
stainless steel tube area, fc' is the cylinder compressive strength of concrete and Ac is 
the concrete core area. 
 
Table 1 Specimens details 
Specimen 

label 
Steel 

reinforcement 
Load 

ratio n 
D (mm) t (mm) L (mm) Stainless 

steel grade 
,  

(N/mm2)
CT01 − 0.31 196.2 2.95 

1870 EN 1.4031 40.3 

CT02 4Φ12 0.28 196.9 
CT03 − 0.48 195.6 
CT04 4Φ12 0.42 195.9 
ST01 − 0.31 200.4 4.00 
ST02 − 0.46 200.9 
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Cold-formed tubes were used for circular specimens. The square tubes were 
fabricated by welding two U-shape cold formed plates. The inner radius of the square 
specimens at the corners is 7.5 mm. Top and bottom plates with a thickness of 20 mm 
were welded to the ends of a steel tube, and a 150 mm hole was drilled in the top 
plate for pouring concrete. Holes with a diameter of 2 mm were drilled into the 
surface of the tube where ceramic rods were to be attached, and these holes would act 
as references points in the later photogrammetry process for monitoring the 
deformation of the steel tube in fire.  
 
2.2 MATERIAL PROPERTIES 
 

Coupons were cut from the stainless steel tubes and tested for material 
properties at ambient temperature according to AS 1391 (2007). The average 0.2% 
proof strengths (fy) for the circular and square tubes were 292.9 and 307.9 MPa, 
respectively; and the ultimate strengths (fu) were 712.0 and 641.7 MPa, respectively. 

Normal Portland cement and lime stone coarse aggregate were used. The 
concrete mix per m3 was: Lime stone coarse aggregate 980 kg, Sand 875 kg, Cement 
311.7 kg, Fly ash 96.7 kg, Water 156.9 kg, and 122RI water reducer 667 ml. Concrete 
cylinders were tested according to AS 1012.9 (1999). The average cylinder 
compressive strength , 	at 28 days was 40.3 MPa and the measured elastic modulus 
(Ec) was 33,500 MPa.  

Four reinforcing bars with a diameter of 12 mm were provided for specimens 
CT02 and CT04. The average yield strength of the reinforcement (fs) was 586.7 MPa, 
and the modulus of elasticity (Es) was 198,200 MPa. 
 
2.3 TESTING APPARATUS AND PROCEDURE 

 
The fire tests were performed in a furnace in the Structures Lab at University 

of Western Sydney, Australia as indicated in Figure 1. The furnace chamber has a 
plan area of 640 mm in wide and 630 mm in depth, and a height of 880 mm. Since 
the column was installed passing through the furnace chamber, the height exposed to 
fire was therefore 880 mm for the column. The temperature inside the furnace is 
controlled by four burners, and the nominal maximum temperature that the furnace 
can reach is 800 °C. Five thermocouples were used to measure the temperatures 
inside the furnace.  

The capacity of the loading jack is 2000 kN. The axial deformation of the 
specimen was determined by measuring the displacement of the jack. The specimens 
were installed in the furnace by bolts, and cylindrical hinges were used to provide 
hinged end condition as indicated in Figure 1. The thermocouples and displacement 
transducer were connected to a data logging system outside the furnace. 

Prior to the fire testing, the axial load was applied onto the specimen. After 
the applied load reached the predetermined value, the load was kept constant and then 
the furnace temperature was increased gradually to a target temperature of 800 °C. 
This temperature was kept constant until the column failed. 
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              (a) Furnace and boundary conditions                 (b) Sketch of furnace  

Figure 1. General View of the testing furnace. 
 

2.4 MEASUREMENT OF INITIAL IMPERFECTIONS 
 

Photogrammetry method was used to measure the stainless steel tube initial 
imperfections for all specimens. Australis program (Australis 7.34, 2011) was used in 
the photogrammetry process.  

Using this method, the level of accuracy attained was determined within the 
program in light of an analysis of the convergence of individual retro reflective dots 
(points) in multiple images taken. The program measures the number of points that 
appear on successive photos for two or more images. Generally, the more points that 
are convergent across more images, the higher the level of accuracy attained. This is 
due to the final stages of image processing by the program that involve bundle 
triangulation. As such, the accuracy to which the location of an individual point is 
identified is related to the number of successful convergences utilised in the 
triangulation process through successive images that contain the same point. The 
levels of accuracy in each direction (X, Y, and Z) are attributable to the success of the 
triangulation associated with each direction and the overall accuracy is taken as the 
average of these three directional accuracies (Lee, 2011). 

Australis program joined the images to form a single 3D image of the retro 
reflective dots that were applied to the test specimens. The coded targets as shown in 
Figure 2 were very important in the photogrammetry process as they provided unique 
reference points to aid in the linking of the images (Gillicuddy, 2011). To map the 
imperfections of the tubes, retro-reflective dots were arranged upon the outer surface 
at a spacing of 120 mm as shown in Figure 2.  

A scaling bar (1000 mm long) was used for the calibration process of the 
camera, as the coded targets would not be sufficient to get the desired accuracy 
because of their small size (50 mm) compared to the column length (1870 mm). 
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Figure 2. A point cloud indicating the measurement arrangement. 

 
The camera was calibrated as per the guidelines set out in the User Manual for 

Australis (Australis 7.34, 2011). Camera calibration quality was achieved to a rating 
of 1.1 (good). 

Once the camera was calibrated, the calibration parameters (camera resolution, 
focal length, principal point, distortion) were applied to the photos taken of the 
specimen in generation of the tube profile. Each specimen was photographed in both 
portrait and landscape views at approximately 120 positions in 360 degree circles 
around the specimens as per the User Manual for Australis (Australis 7.34, 2011). 
Figure 3(a) shows the position of the circles around the column where the photos 
were taken, and Figure 3(b) indicates the profile of a specimen and the camera 
positions as given by Australis. 

To quantify the imperfections of a column, the centroids of measured sections 
with retro reflective dots had to be found. This was done by using Microsoft Excel 
based on the coordinates of the dots determined by Australis software. The X-axis of 
the specimen in the rotation plane was thus determined by connecting all the 
centroids, as shown in Figure 4. If a line is drawn from the centroid of the top section 
to that of the bottom section, the global imperfection along the whole column can be 
determined accordingly. In general, the maximum imperfections measured ranged 
from 0.2 to 1.3 mm. Figure 4 indicates the measured axis of a typical column. A sine 
curve with its peak equal to the maximum imperfection (0.77 mm) is shown in the 
same figure. For this specimen, a sinusoid can reasonably represent the distribution of 
initial imperfections. But for a few others, the initial imperfections distributed rather 
randomly along the length. The measured initial imperfections may be used in future 
finite element analysis. 
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(a) Paths used for capturing photos            (b) Photos network in Australis program 

Figure 3. Camera positions in the network. 
 

 
Figure 4. Distribution of initial imperfections for a typical specimen (CT01). 

 
3. TEST RESULTS AND DISCUSSION 
3.1 FAILURE MODES 
 

Figure 5 shows the typical failure modes of CFSST columns. If compare the 
failure modes of specimen CT01 with that of specimen ST01, it can be found that the 
section type has a significant effect on the failure mode. For the circular column 
CT01 as shown in Figure 5(a), the column failed due to the overall buckling, and 
local buckling only occurred near the mid-height. In general, local buckling was not 
significant for this specimen. But for the square columns ST01 and ST02 shown in 
Figure 5(b) and (c), obvious local buckling occurred on the steel tube. It can also be 
found that the presence of the steel reinforcement had no obvious influence on the 
failure mode of CFSST columns.  
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(a) Circular specimen CT01   (b) Square specimen ST01   (c) Square specimen ST02 

Figure 5. Typical failure modes of CFSST columns in fire. 
 
3.2 TEMPERATURE VERSUS TIME CURVES 
 

The temperatures of the CFSST column specimens were measured through 
three thermocouples, where two of them were attached to the stainless steel surface 
and embedded in the centre of the concrete core, respectively; and the third one 
located at 50 mm distance from the outer stainless steel surface. The positions of the 
thermocouples are indicated in Figure 6.  

Figure 6(a) shows the temperature (T) versus time (t) curves for a typical 
specimen ST01, where the furnace temperature was the average temperature 
measured by thermocouples located in the furnace. For this specimen, the 
thermocouple at Point 2 in the concrete failed after 40 min fire exposure. But it is 
clear that the concrete temperature remained nearly stable within the time period 
between 40 and 80 min after the temperature exceeded 100 °C. This is explained as a 
result of evaporation of the free water and the beginning of release of the bond water, 
which consume more heat leading to a delay in the temperature rise of the concrete 
core. This phenomenon has been well documented by many other researchers. 

A finite element (FE) model was proposed by Tao and Ghannam (2012) and 
Ghannam et al. (2012) to predict the heat transfer in CFSST columns, where shell 
elements were used for the steel tubes and solid elements were used for concrete core. 
The simulation was carried out by using ABAQUS program. This model is further 
used in this paper to predict the temperature development for current specimens in 
fire. Figure 6 shows a comparison between the test results and the predicted results. A 
good agreement between the test and predicted results was obtained. 
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Figure 6. Temperature (T) versus time (t) curves of specimen ST01.  

 
3.3 AXIAL DEFORMATION VERSUS TIME CURVES 
 

Figure 7 illustrates the relation of axial deformation (Δc) versus time (t) for the 
column CT01. As can be seen, the curve can be divided into three stages. In the first 
stage, the column began to expand as a result of the thermal expansion of stainless 
steel and concrete. Then the column began to contract gradually in the second stage 
before a sudden contraction occurred in the third stage indicating the column failure. 
It is found that columns with a lower load level had higher expansion compared with 
those with a higher load level. Meanwhile, columns with reinforcement had higher 
expansion than those of specimens without reinforcement.  

 

 
Figure 7. Axial deformation (Δc) versus time (t) relation for column CT01.  

 
3.4 FIRE RESISTANCE 
 

The fire resistance for CT01, CT02, CT03, CT04, ST01 and ST02 are 196.7, 
173.9, 122.2, 143.1, 154.3 and 155.1 min respectively. For the fire resistance of 
columns, the criteria specified in ISO-834 (1999) was adopted, which is either the 
axial shortening exceeding 0.01H mm or the deformation rate exceeding 0.003H 
mm/min, where H is the length of the specimen in mm. During the testing, generally, 
the test was terminated due to the fact that the applied column load could not be kept 
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constant induced by the rapidly increased column deformation. Clearly, a fire rating 
over 2 hours was achieved for all columns. 

Figure 8(a) and (b) shows the influence of the load level on circular columns 
filled with plain concrete and reinforced concrete, respectively. The fire resistance 
increased from 122.2 min for the column CT03 to 196.7 min for the column CT01, as 
the load level decreased from 0.48 to 0.31. The same trend is observed for the 
columns with steel reinforcement, where the fire resistance increased from 143.1 min 
for the column CT04 (n=0.42) to 173.9 min for the column CT02 (n=0.28). But for 
the two square columns ST01 (n=0.31) and ST02 (n=0.46), the fire resistance were 
154.3 min and 155.1 min, respectively, which are almost the same. This may be 
attributed to the influence of initial imperfections, which were different for the two 
specimens and the influence of furnace temperatures. Specimens ST01 and ST02 
were exposed to an average peak furnace temperatures of 860°C and 760°C 
respectively. As can be observed, the average furnace temperature of specimen ST02 
was 100°C lower than that of specimen ST01. 

 

 
 
 

Figure 8. Influence of load level on the fire resistance of circular columns. 
 

The influence of reinforcement is illustrated in Figure 9 for specimens with 
different nominal load levels. It is expected that the presence of steel reinforcement 
will increase the fire resistance of a column. This effect can be seen from the 
comparison between the fire resistance of column CT03 with plain concrete and that 
of CT04 with reinforced concrete. For CT03, the fire resistance is 122.2 min, whilst 
that for CT04 is 143.1 min with the presence of steel reinforcement. But this 
beneficial effect of steel reinforcement was not observed for the column CT02 when 
compared with the column CT01. The fire resistance for CT01 and CT02 are 196.7 
and 173.9 min, respectively. Once again, this may be due to the influence of initial 
imperfections, which outweighed the beneficial effect provided by the steel 
reinforcement. It should be pointed out that the steel reinforcement ratio for CT02 
was only 1.6%, and the strength contribution from the steel reinforcement might not 
be very significant. 
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Figure 9. Influence of reinforcement on the fire resistance of circular columns. 
 
4. CONCLUSIONS 
 

Fire test results of 6 concrete filled stainless steel tubular columns were 
reported in this paper. Prior to the fire testing, a photogrammetry method was 
employed to measure the initial imperfections of these specimens. It was found that 
the maximum imperfections measured normally ranged from 0.2 to 1.3 mm, and the 
imperfections had a significant influence on the fire resistance of CFSST specimens. 
For circular columns, the fire resistance increased with an increase in the load level; 
but this trend was not observed in the two square columns. Steel reinforcement was 
provided in two circular specimens. Compared with the reference specimens, one had 
higher fire resistance but the other had lower fire resistance. Since the steel 
reinforcement ratio for the two specimens was not very high, the beneficial effect 
might be offset by the presence of large initial imperfections. In general, good fire 
resistance was achieved for all CFSST specimens. A fire rating over 2 hours was 
achieved for all of them without any fire protection. 

The experimental work presented in this paper has provided a good basis for 
the development of finite element models. Ongoing research is being conducted by 
the authors to incorporate the measured imperfections into the finite element 
simulation. 
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Abstract 
 

In this study, static loading tests were conducted on concrete encased steel 
(CES) shear walls. One experimental variable was the construction method, using 
precast and integral construction specimens. Another variable was the shear span ratio, 
in which specimens were designed to fail either in shear or in flexure. This paper 
describes the test and investigates the failure mode, ultimate strength, and restoring 
force characteristics. Results showed that the maximum shear force resistances of 
precast walls were smaller than that of integral construction walls. Precast shear walls 
showed slip at the boundary of the wall panel and CES frame at a small level of drift 
angle, implying that the slip deformation affects shear strength resistance of precast 
shear walls. Further, it was found that the flexural strength CES shear walls can be 
evaluated using a method based on the Architectural Institute of Japan (AIJ) design 
standard for steel reinforced concrete (SRC) structures. 
 
INTRODUCTION 
 

Steel reinforced concrete (SRC) structures developed in Japan have good 
structural performance for resisting lateral forces imposed by wind and earthquakes, 
and have been adopted for medium-rise, high-rise, and super high-rise buildings. 
However, the number of SRC buildings being constructed has decreased since the 
1990s, which may be attributed to the development of new structural engineering 
systems such as high-strength concrete structures or concrete-filled steel tube (CFT) 
structures. Nevertheless, SRC structures can provide better seismic performance in 
comparison with other structural systems. Hence, our aim was to develop a structural 
system with the same level of seismic performance as SRC structures with an easy 
construction method. have conducted a continuing development study on composite 
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Table 2. Specification of section 

Specimen CWDS
CWDF

CWPS 
CWPF 

C
ol

um
n b×D 250×250 (mm) 

Steel H-170×120×6×9 
(sp=4.9%) 

B
ea

m
 b×D 200×250 (mm) 

Steel H-148×100×6×9  
(sp=5.2%) 

W
al

l 

Thickness 100 (mm) 

Longitudinal
bar D6@75 

zigzag 
(wp=0.42%)

D6@65 
zigzag 

(wp=0.42%) Transverse
bar

wp: wall reinforcing ratio 
D6 indicates deformed reinforcing bars with a 
nominal diameter of 6 mm 

 

 
Figure 2. Specimen configuration 

 

 
Table 1. Experimental variables 

 

 
 
 
 
 
 
 
 
 
 
OUTLINE OF CES SHEAR WALL TESTS 
 
Description of specimens 

 
The specimens were designed to simulate the lower two story of a multi-story 

shear wall in a medium high-rise building and scaled to one-third of the prototype walls. 
Four specimens were prepared for this test. One experimental variable was the precast 
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Specimen Type of wall Shear span 
ratio
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construction 

1.1
CWDF 1.65
CWPS 

Precast 1.1
CWPF 1.65
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and integral construction method for the shear wall specimen as shown in Table 1. 
Another variable was the shear span ratio, in which specimens were designed to fail in 
shear failure mode or in flexural failure mode. Specimens CWDS and CWDF were 
integral construction shear wall specimens, while specimens CWPS and CWPF were 
precast, dividing the FRC panel into two parts at each story. The shear span ratio was 
1.1 for specimens CWDS and CWPS and 1.65 for specimens CWDF and CWPF. 
Specimen configuration and bar arrangements are shown Figure 2 and Figure 3 
respectively, while the details of the specimen cross sections are given in Table 2. The 
column had a 250-mm square cross-section, while the beam section was 200 mm × 250 
mm. The column span length was 1,800 mm and the wall thickness was 100 mm.  

For specimen CWDS, the longitudinal and transverse wall reinforcing bars were 
not anchored to the CES frame and bent at a 180° hook in the wall panel, in order to 
simplify the anchoring method. The top and bottom of transverse wall reinforcing bars 
at a story were securely fixed to the steel web in the CES columns by welding, in order 
to fix the reinforcing bars to prevent falling of wall reinforcing bar or wall panel on 
work as shown Figure 3. For specimen CWPS, the CES frame was made first. Then, the 
precast wall panel was installed and the transverse reinforcing bars of the precast wall 
panel were welded. Non-shrink cement grout was injected into the spaces between the 
precast wall panel and the CES frame. In addition, the precast wall panel had shear 
cotters at the boundaries. 

The material properties of the concrete, grout and steel used are shown in Tables 
3, 4 and 5, respectively. Vinylon fibers with a diameter of 0.66 mm and a length of 30 
mm were used for the FRC. The water–cement ratio was 60%, while the volumetric 
ratio of the fibers was 1.0%. 

 

Figure 3. Bar arrangement 
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where Ne: axial force of east side jack 
Nw: axial force of west side jack 
Nc: constant axial force (specimens DS and PS were loaded with 1086kN, 
specimens CWDF and CWPF were loaded with 1230kN) 
Q: shear force 
l: distance between the two vertical jacks 
h: assumed height of applied shear force 
a: actual height of applied shear force. 
The loading was conducted by controlling the relative wall drift angle, R, given 

by the ratio of the horizontal deformation, δ, to the height corresponding to the 
measuring point for the horizontal displacement at the top of the specimen, h0, (2,050 
mm), i.e. R = δ / h0. The horizontal load sequence consisted of two cycles for each story 
drift angle. 

 

Measurement Method 
 
In the tests, the horizontal displacement was measured along with the 

longitudinal deformation of the column and partial deformation of the wall panel. The 
strains on the steel of the column and beam, and on selected longitudinal and horizontal 
bars of the wall, were measured using strain gages. Additionally, the widths of cracks 
were measured using a crack scale at each loading cycle. 

 
TEST RESULTS 
Failure mode 

 
Figure 5 shows the cracking patterns of each specimen at the drift angle of 

0.75×10-2rad and after the final loading cycles. In specimen CWDS, shear cracks at the 
first story wall panel and flexural cracks at the boundary column occurred in the cycle 
of 6.25×10-4rad. Then, slip was observed at the underside of beam in the cycle of 
0.5×10-2rad. Maximum shear force was reached at a drift angle of 0.75×10-2rad, in 
which shear cracks spread to the upper corner of the first-story wall and the lower 
corner of the second-story wall. After maximum shear, shear cracks spread and 
compressive failure of concrete at the upper corner of the first-story wall and the lower 
corner of the second-story wall developed with increasing loading cycle. Concrete 
damage at the boundary column increased, and the loading finished at a drift angle of 
5.0×10-2rad.  
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 In specimen CWDF, flexural cracks at the boundary column occurred in the 
cycle of 0.125×10-2rad, while shear cracks at the first-story wall panel occurred in the 
cycle of 0.25×10-2rad. Maximum shear force was reached at a drift angle of 1.5×10-2rad. 
After maximum shear force, compressive failure of concrete at the bottom of the 
column and the lower corner of the first-story wall panel developed with increasing 
loading cycle. There were significant damages at the bottom of the column and wall 
panel. 

 As for specimen CWPF, flexural cracks at the boundary column, shear cracks 
at the wall panel, and cracks at the area of the non-shrink grout occurred in the cycle of 
0.125×10-2rad. Then, slip was observed at the boundary of the beam and grout and at 
the boundary of the column and grout in the cycle of 0.25×10-2rad. Shear cracks at the 
column occurred in the cycle of 0.5×10-2rad. Maximum shear force was reached at a 
drift angle of 0.75×10-2rad. Comparing the cracking patterns of specimens CWPF and 
CWDF in this loading cycle, there were less cracks in specimen CWPF than in 
specimen CWDF. After maximum shear force, shear cracks at the column and wall 
panel developed with increasing loading cycle. Damage at the upper wall panel was 
significant, with specimen CWPF failing in shear at the wall panel after yielding. 

 
Hysteretic characteristics 

 
Figure 8 shows the shear force versus drift angle relationships. Specimen 

CWDS recorded a maximum shear force of 1,204 kN at the drift angle of 0.75×10-2rad. 
After that, shear forces decreased slowly with increasing concrete damage of the wall 
panel and column. On the other hand, specimen CWPS recorded a maximum shear 
force of 995 kN at the drift angle of 1.5×10-2rad. The maximum shear force of specimen 
CWPS was about 20 percent less than that of specimen CWDS. After reaching 
maximum, specimen CWPS maintained its shear force until it showed strength 
deterioration at the drift angle of 3.5×10-2rad when the steel at the end of the beam 
fractured. The restoring characteristics of specimen CWPS were different from that of 
specimen CWDS. 
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Specimen CWDF recorded a maximum shear force of 988 kN at the drift angle 
of 1.31×10-2rad, while specimen CWPF recorded a maximum shear force of 855 kN at 
the drift angle of 0.75×10-2rad. The maximum shear force of specimen CWPF, which 
was the precast shear wall, was about 10 percent less than that of specimen CWDF. 

 Furthermore,  deformability was different between the two specimens. 
Looking at the loading cycle when the shear force decreased to about 80 percent of 
maximum (Figure 8, solid arrows), specimen CWDF was at the cycle of 2.0×10-2rad, 
while specimen CWPF was at the cycle of 1.5×10-2rad. respectively. The restoring 
characteristics of specimen CWPF, the precast shear wall, were different from that of 
specimen CWDF, the integral construction shear wall. 

 
Slip at the boundary of wall panel and CES frame and elongation of the beam 

 
Figure 9 shows the slip displacement at the boundary of the wall panel and 

CES frame at the peak of positive loading until the drift angle of 1.5×10-2rad. Figure 10 
shows the points where the displacements were measured. 

Looking at the slip displacement at the boundary of the wall panel and beam, 
slip in specimen CWPS occurred at the drift angle of 0.25×10-2rad, while slip in 

 

 

  
Figure 8. Shear force versus drift angle relationship 
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specimen CWDS occurred at the drift angle of 0.5×10-2rad. In addition, looking at the 
slip displacement between the wall panel and boundary column, slip of specimen 
CWPS was larger than that of specimen CWDS. It was found that the slip at the 
boundary of the wall panel and CES frame was more likely to occur in the precast 
specimen than in the integral construction specimen. Specimens CWDF and CWPF 
also showed the same tendency as specimens CWDS and CWPS. Specimen CWDF, in 
particular, had very small slip displacements. 

Figure 11 shows the elongation of the beam at the peak of positive loading 
until a drift angle of 1.5×10-2rad (positive sign represents elongation). The points where 
the displacements were measured are shown in Figure 10. It can be seen that the beam 
elongation of specimens CWDS, CWPS and CWPF, in which the wall panel finally 
failed in shear, increased steeply from a drift angle of 0.75×10-2rad. Moreover, these 
elongations were larger than that of specimen CWDF, in which the bottom of the wall 
failed. 

 
Deformation Components 

 
Figure 12 shows the percentages of shear and bending deformation at the peak 

of positive loading cycle until the drift angle of 1.0×10-2rad for all specimens. The 
bending deformation was calculated using the curvature obtained from the vertical 
displacements measured at the side column (Figure 13), while the shear deformation 
was calculated by subtracting the bending deformation from the total deformation. 

For specimen CWDF, shear deformation was about 50% at the drift angle of 
0.0625×10-2rad, while the percentage of shear deformation decreased from about 40% 
to 50% in the succeeding loading cycles. As for specimen CWPF, which is a precast 
shear wall, shear deformation was also about 50% at the drift angle of 0.0625×10-2rad. 

       
Figure 9. Slip displacement at the boundary of 

the wall panel and CES frame 
Figure 10. Measured points 
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However, the shear deformation increased and bending deformation decreased with 
increasing drift angles. In the same way, the shear deformation of specimens CWDS 
and CWPS increased with increasing drift angles. 

In the precast shear wall specimens, deformation and failure occur with 
increasing drift angles as shown in Figure 14. Because of separation at the boundary of 

 

Figure11. Elongation of beam 
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the wall panel and column or spreading of shear cracks at the wall panel corner, 
significant slip occurs at the boundary of the wall panel and beam. Furthermore, the 
column on the compressive side and the column on the tensile side and wall panel of the 
CES shear wall moves separately, with each member deforming individually. 
 

STRENGTH EVALUATION 
 
The calculation results of the ultimate strengths for all specimens are listed in Table 5. 
The value in parenthesis is the ratio of test result to calculated result. Flexural strength 
was calculated using Eq. (2), which omits the term for the reinforcing bars in the 
boundary column from an equation given in the ”AIJ Standards for Structural 
Calculation of Steel Reinforced Concrete Structures” [Architectural Institute of Japan, 
2001]. 
[Flexural strength] 

h
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ANQ
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W
yW
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yssCSmu 







 ⋅+⋅+= σσ
22

 (2) 

where N: total axial force in the boundary columns (N) 

sCSA, mWA: cross section of the steel in the boundary column and the vertical 
reinforcement in the wall panel, respectively (mm2) 

sσy, Wσy: yield strengths of the steel in the boundary column and the vertical 
reinforcement in the wall panel, respectively (N/mm2) 

Wl: distance between the centers of the boundary columns of the wall (mm) 

Wh: assumed height of the applied lateral force (mm). 
[Shear strength by truss-arch equation] 
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where Wt: thickness of wall 

Wlt: equivalent wall length of truss mechanism (whole length of wall)  

Wp: wall lateral reinforcing ratio 
σwh: yield strength of the lateral reinforcing bar (N/mm2) 
φ : angle of concrete strut of truss mechanism ( 1cot =φ ) 
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θ: angle of concrete strut of arch mechanism 
ν: effective coefficient of concrete 
σB: compressive strength of concrete (N/mm2) 

Wla: equivalent wall length of arch mechanism 

csMU: ultimate flexural moment of boundary column 
D: depth of boundary column. 
Because it was observed that the steel flange of the beam yielded at the 

maximum shear force in the test, the shear strength was calculated by adding the lower 
steel flange of the beam to the transverse wall reinforcing bar of Wp•σwh. 

The ratios of measured strength to calculated flexural strength of specimens 
CWPF and CWDF are about 0.97 to 1.12 in Table 5, showing that the flexural strength 
of CES shear walls can be evaluated by Eq. (2).  

For specimen CWDS, which showed shear failure, the ratio of measured 
strength to calculated shear strength is 0.99, which demonstrates that the calculated 
strength gives good correlation with the experimental results and that the shear strength 
of the CES shear wall can be evaluated by Eq. (3). 

However, since the maximum shear forces of the precast wall specimens were 
smaller than that of integral construction shear wall specimens, and the slip 
displacement of precast wall specimens were larger that that of integral construction 
shear wall specimens, the equation for the shear strength of RC frame infilled walls was 
used to evaluate the strength [Japan Building Disaster Prevention Associate, 2001]. The 
calculation results for the precast specimen are shown in Table 6. 
[Shear strength by RC infilled shear wall] 
The shear strength is given by the smaller value of the following two equations, 

csuwsu QQQ ⋅+′= α2  (7-1) 

ccpjfsu QQQQ ⋅++= α  (7-2) 

where wQ'su: shear strength of infilled wall panel 

fQj: frictional force under the beam 

pQc: direct shear strength at the top of a column 
Qc: smaller value of the other column between the shear force at the yielding 
and shear strength 
α: reduction factor in consideration of the deflection condition to allow for 
load bearing contribution of columns (= 1.0 in case of shear failure, = 0.7 in 
case of flexural failure). Also, friction coefficient is assumed to be 0.7. 

 Equation (7-1) is expressed as the sum of the strengths of the wall panel and 
the two boundary columns, while Eq. (7-2) is expressed as the sum of the frictional 
force between beam and wall panel, the direct shear strength at the top of a column and 
the strength of the other column. However, these evaluation methods are usually used 
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for RC frame infilled walls. 
 For specimens CWPF and CWPS, which are the precast shear walls, the ratios 

of the measured to calculated strength using Eq. (7-1) are 1.26 and 1.69 respectively. 
Hence, the equation underestimates the shear strength of the precast CES shear wall. 
Using Eq. (7-2), the ratio of the measured to calculated strength for specimen CWPS is 
1.02, which shows good agreement between the calculated shear strength and 
experimental result. On the other hand, for specimen CWPF, although the maximum 
shear force did not reach the calculated strength, the calculated shear strength was 
larger than the calculated flexural strength. In this case, the strength of specimen CWPF 
is determined by the flexural strength. Therefore, Eq. (7-2) corresponds well to the 
strength of precast CES walls. 

It must be noted that the discussion in this section is based on the limited 
number of specimens in this test and may not be generally applicable. Results may vary 
with changes in the wall configuration (such as a change in the wall thickness or in the 
cross-section of the column), or in the shear span. These results will have to be verified 
for other kinds of CES walls. 
 
CONCLUSION 

 
Static loading tests were conducted on shear walls with a simplified anchoring 

method for connecting the CES frame to the FRC wall panel, and which includes 
precast shear wall specimens. The failure mode, lateral load carrying capacity, and 
deformability of the CES shear walls were examined. The following conclusions can be 
drawn. 
 

 
Table 5. Calculated strength of CES shear wall with flexural failure 
Specimen CWDS CWPS CWDF CWPF 
Maximum share in test: Qexp (kN) 1204 995 988 855 

Flexural strength: Qmu (kN) 
1161 1149 881 

(1.12) 
881 

(0.97) 

Shear strength: Qsu (kN) Eq. (3) 
1222 
(0.99) 

1202 
(0.83) 

1241 1241 

*value in parenthesis is the ratio of test result to calculated result 

 
Table 6. Calculated shear strength of precast CES shear wall 
Specimen CWPS CWPF 
Maximum share in test: Qexp (kN) 995 855 

Shear strength: Qsu (kN) 
Eq. (7-1) 587 (1.69) 679 (1.26) 
Eq. (7-2) 973 (1.02) 1173 (0.73) 

*value in parenthesis is the ratio of test result to calculated result 
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1) Specimens CWDS and CWPS showed shear failure of the wall panel. 
2) Specimen CWDF showed flexural failure, while specimen CWPF, which has a 
precast shear wall, showed shear failure after yielding. 
3) The maximum shear forces of the precast CES shear wall specimens were less than 
that of the integral construction CES shear wall specimens. 
4) The differences in the maximum shear forces and failure modes between the precast 
CES shear wall specimens and the integral construction CES shear wall specimens may 
be attributed to the large slip displacements at the boundary of the wall panel and CES 
frame and the elongation of the beam on the precast CES shear wall. 
5) The flexural strength of the CES shear wall specimens can be evaluated by using the 
equation in the AIJ design standard for SRC structures, while the shear strength of the 
integral construction CES shear wall specimen can be evaluated by the truss-arch 
equation. 
6) The shear strength of the precast CES shear wall specimens can be evaluated by 
using equations for the shear strength of RC frame infilled wall conservatively. 
However, the stress transfer mechanisms and the evaluation methods will have to be 
examined further. 
 
REFERENCES 
 
Architectural Institute of Japan, (2002), "Evaluation method and design of shear 

strength for Multi-story precast reinforced concrete structural walls" (in Japanese) 
Japan Building Disaster Prevention Associate, (2001), "Guidelines for Seismic Retrofit 

of Existing Reinforced Concrete Buildings Japanese version"  
Fauzan. Kuramoto, H. Matsui, T. and Taguchi, T. (2008). Test on 2-Bay 2-Story CES 

Frame Subjected to Lateral Load Reversals, Proceedings of Fourteenth World 
Conference on Earthquake Engineering. Paper No. 05-06-0063. 

Matsui, T. and Kuramoto, H. (2008). Stress Transferring Mechanism of Beam-Column 
Joints for Composite CES Structural System Subjected to Seismic Load. 
Proceedings of Fourteenth World Conference on Earthquake Engineering. Paper 
No. 05-06-0081. 

Fujimoto, T. Kuramoto, H. and Matsui, T. (2008). Seismic Performance of Columns 
and Beam-Column Joints in Composite CES Structural System. Proceedings of 
Fourteenth World Conference on Earthquake Engineering. Paper No. 05-06-0073 

Suzuki, S. Matsui, T. Kuramoto, H. (2012). A Fundamental Study on Structural 
Performance of CES Shear Walls with Different Anchorage Condition of Wall 
Reinforcing Bars. Proceedings of fifteenth World Conference on Earthquake 
Engineering.  

Composite Construction in Steel and Concrete VII 493

© ASCE



 
 

 
The Development of a Steel Fuse Coupling Beam for Coupled Core Wall 

Systems 

Steven J. Mitchell1; Gian A. Rassati2; and Bahram M. Shahrooz3 

 
1LJB, Inc., 2500 Newmark Dr., Miamisburg, OH 45342. E-mail: 
SMitchell@ljbinc.com 
2Dept. of Civil and Architectural Engineering and Construction Management, Univ. 
of Cincinnati, Cincinnati, OH 45221. E-mail: gian.rassati@uc.edu 
3Dept. of Civil and Architectural Engineering and Construction Management, Univ. 
of Cincinnati, Cincinnati, OH 45221. E-mail: bahram.shahrooz@uc.edu 
 
Abstract 
 

Coupled core wall systems are being used in seismically active areas 
worldwide as an effective type of structural system for resisting earthquake demands. 
At the University of Cincinnati, the design evolution of an innovative type of steel 
coupling beam was investigated that provides a significant advantage for structures 
utilizing linked concrete walls. The concept of post-event reparability can be realized 
through the use of a steel coupling beam in which a weak-link, or ‘fuse’ section is 
induced at the center of the clear span of the beam. During extreme seismic events on 
a fused coupled core wall system, all inelastic response is focused onto the weak link 
while the elastic integrity of the surrounding embedded beams and walls is ensured 
by careful detailing. A code-compliant design procedure has been established that 
preserves the intended performance. Results and conclusions from the analytical 
modeling of a 20-story structure indicate that steel fuse coupling beams perform 
favorably in a seismic event. Data from experimental tests demonstrate the adequacy 
of the design procedure and show the performance under cyclic load demands. 
 
INTRODUCTION AND PREVIOUS RESEARCH 
 

A new generation of coupling beams has been developed and investigated for 
their application to the seismic design of structures.  An innovative coupling beam 
consisting of a steel coupling beam with a replaceable mid-section has been studied 
in a past project [Fortney 2005].  This design concept is based on concentrating 
damage resulting from a seismic event in specially detailed components, which, after 
a seismic event, may be removed and replaced, returning the structure to a 
serviceable condition.  When designed and detailed appropriately, coupling beams 
have been shown to perform closely to links in eccentrically braced frames, and this 
particular objective is analogous to replaceable links in such frames [Fortney et al. 
2007]. 

By focusing damage onto the mid-sections of the coupling beams, the 
response of the overall system is such that reinforced concrete walls are prevented 
from undergoing inelastic behavior, which is desirable because damage in the walls is 
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The design shear capacity of an embedded beam, calculated in Equation 2, 
must be greater than the expected shear transfer from the fuse to preserve the SFCB 
performance. 

(2) ( ) ,0.6ne ye we we e embV F h t Vφ φ= ≥  

Maximum flexural demands on embedded beams are calculated at the face of 
the wall piers. These demands are functions of the expected fuse shear strength and 
the geometry of the coupling beams, and may be calculated using Equation 3. 

(3) ( )( ) ( )( ), 1.1 1.12wall u emb yf nf yf nf emb
eM M R V R V L= = +  

where e is the length of the fuse and Lemb is the length of an embedded beam between 
the fuse and the face of the wall. 

In order to preserve the integrity of the embedded beams with regard to 
flexure, design capacities are calculated considering the onset of yielding within any 
portion of the cross-section.  This is accomplished by using the elastic section 
modulus to calculate the yield moment.  Equation 4 must be satisfied for an adequate 
flexural design of embedded beams. 

(4) ,ye ye e u embM F S M= ≥  

Bolted connections between the fuse and the embedded beams are designed as 
slip-critical connections in order to preserve a stable hysteretic response under 
repeated load-reversals. The remaining design considerations for SFCB components 
include (a) detailing embedment length into reinforced concrete walls, (b) auxiliary 
transfer reinforcement within the walls, and (c) appropriate end- and stiffener plate 
design and detailing.  These requirements follow established procedures for 
conventional steel coupling beams. 
 
PROTOTYPE BUILDING DESIGNED WITH SFCBS 
 

The test specimens considered for large-scale experimentation as part of this 
research were selected and scaled down from a set of floors within a 20-story 
prototype structure designed with SFCBs.  Moreover, this prototype structure 
provides a platform to globally investigate the seismic performance of coupled core 
walls utilizing SFCBs. 

A single-bay, central core wall was chosen for the prototype structure, with 
two C-shaped walls linked with two SFCBs per floor.  Floor-to-floor height was 
selected as 2.743 meters (9 feet), resulting in a 54.86 meter (180 foot) structure. The 
general layout for the core wall is presented in Figure 3.  Code-approved loads were 
prescribed onto the prototype structure following the Equivalent Lateral Force 
Procedure [ASCE 7-10] and adequate SFCB designs were achieved at every level.  
The software package ETABS [CSI, 2010] was used at this stage in design, in which 
an elastic analysis was carried out on the structure. 

In order to globally assess the nonlinear response of the structure, the software 
package RUAUMOKO [Carr, 2008] was used to carry out an adaptive pushover 
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The adaptive pushover analysis was terminated at loading demands 
significantly larger than those generated using the Equivalent Lateral Force Procedure 
[ASCE 7-10].  The base shear resulting from the analysis is 20,328 kN, 
approximately 2.45 times larger than the base shear calculated using the Equivalent 
Lateral Force Procedure (8,296 kN).  Building displacement limits and coupling 
beam rotation limits were all satisfied under this magnitude of loading. 
 
STEEL FUSE COUPLING BEAM AND WALL PIER PERFORMANCE 
 

Base shear (normalized with respect to the design base shear) versus roof drift 
(normalized with respect to the total height) is presented in Figure 5. Structure 
softening becomes more apparent as the progression of fuse yielding beyond first 
yield continues. 

Strain hardening effects were incorporated into the post-elastic response of the 
fuses and embedded beams modeled in RUAUMOKO, utilizing data processed from 
the experiment discussed in this paper and reported in [Mitchell 2012] and from 
previous steel coupling beam experiments [Fortney 2005].  Fuse strengths were 
allowed to develop beyond the theoretical limit established in Equation 1. 

Embedded beam shear yielding was found to be minimal at the end of the 
loading application, with only beams located in floors 4 and 13 indicating forces 
beyond expected yield values.  In each case, the shear demand was 2% beyond yield.  
A full condition assessment for SFCB shear performance at the conclusion of loading 
is presented in Figure 6.  This graph represents the demands at the concluding time 
step of loading normalized by the expected yield capacities of the fuses and 
embedded beams in shear. 

 
Fig. 5 – Normalized base shear vs. roof drift relationship 
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Fig. 6 – Demand/capacity ratios for SFCBs in shear, per floor 

 
Fig. 7 – Demand/capacity ratios for fuses in shear and embedded beams in 

flexure 
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The fuse installed and evaluated during Test 1 was disconnected and removed 
from the test assembly and all appropriate gauges were replaced.  Once re-assembled, 
the repaired system was experimentally retested using the same testing protocol.  
Force-displacement relationships at the 2% chord rotation level in Test 2 were nearly 
identical to those of Test 1.  Displacement demand was progressively increased past 
the 2% point, terminating at a displacement demand corresponding to 14% coupling 
beam chord rotation.  At this point, the loading actuator had reached its full stroke.  
The most notable signs of damage in the SFCB components were double-curvature 
bending of the connecting end-plates and flange splice plates, shown in Figure 11. 

 

Fig. 12 – Plastic energy per cycle of loading, Test 1 and Test 2 

COMPARISON BETWEEN ORIGINAL AND REPLACED SFCB SYSTEMS 
 

The repaired system demonstrated remarkable strength and stiffness, as well 
as ductility up to the end of testing at a coupling beam chord rotation of 14%.  The 
performance of the two specimens may be compared in terms of energy dissipation.  
Areas enclosed within each of the load-deflection hysteretic loops were calculated as 
a means to quantify the amount of energy dissipated in each cycle. These values are 
plotted in Figure 12 for each test with respect to the shear angle, approximately equal 
to the chord rotation. Insofar as energy dissipation capabilities, the repaired system 
was able to dissipate 2.75% more energy than the initial system. 

The force-chord rotation response for the two tests, presented in Figure 13, 
shows how the original and the repaired system behave almost identically.  Moreover, 
the stability of the hysteresis cycles at very large chord rotations is clearly 
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demonstrated.  For the sake of clarity, the dashed box in Figure 13 includes Test 1 
cycles, which are for all intents and purposes superimposed onto the Test 2 response. 

 

Fig. 13 – SFCB Test 1 and Test 2 hysteretic response 

CONCLUSIONS 
 

Several observations and conclusions can be drawn based on the analytical 
and experimental results presented in this paper.  First, analyses of a 20-story 
analytical model indicate that SFCB systems can be designed so that fuses yield in 
shear while embedded beams remain essentially elastic in shear.  However, flexural 
demands in a number of embedded beams indicated that the flexural yield capacity 
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connection proved to be capable of providing outstanding ductility, with stable 
strength and stiffness even at large strain demands, showing a marked improvement 
with respect to previous research results [Fortney 2005]. 

Several strain gauges indicated the onset of localized yielding in the 
embedded beams at approximately first yield of the fuse.  It was concluded that this 
local strain data may not necessarily represent the overall member response, 
especially when considering the uncertainties related to beam boundary conditions at 
the interfaces with the reinforced concrete walls as well as the to the boundary 
conditions of the specimen in the experiment. 

NOTATION 
 
Fye = Specified yield strength of an embedded beam, MPa (ksi) 
Fyf = Specified yield strength of a fuse beam, MPa (ksi) 
Lemb = Length of an embedded beam, mm (in.) 
Mu,emb = Mwall = Moment in the coupling beam at the face of the wall pier, kN-m (kip-
ft) 
Mye = Elastic moment capacity of an embedded beam, kN-m (kip-ft) 
Ryf = Ratio of the expected yield stress to the specified minimum yield stress of a fuse 
beam 
Se = Elastic section modulus of an embedded beam, mm3 (in.3) 
Vnf = Nominal shear strength of a fuse beam, kN (kips) 
Vne = Nominal shear strength of an embedded beam, kN (kips) 
Vu,emb = Shear demand of an embedded beam, kN (kips) 
e = Length of the fuse, mm (in.) 
hwe = Web height of an embedded beam, mm (in.) 
hwf = Web height of a fuse beam, mm (in.) 
twe = Web thickness of an embedded beam, mm (in.) 
twf = Web thickness of the fuse, mm (in.) 
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Abstract 
 

This paper presents the results of a fire testing program of four concrete filled 
circular hollow section columns with solid steel core. The structural fire behaviour is 
analysed by means of the recorded deformation–time as well as temperature–time 
course. Thereby it is shown, that after the temperature induced failure of the tube, the 
load is redistributed to the core. Depending on the pre-loading level, these columns 
can subsequently sustain the load with a bounded rate of deflection, until runaway 
failure occurs when the temperature induced stiffness degradation of the core sets in. 
A three-dimensional FEM model is validated with one of the fire tests and the 
influence of the support conditions, the eccentricity of the load and the input data of 
the constitutive model of the steel core are studied. 
 
INTRODUCTION 
 

Concrete-filled circular hollow section (CHS) columns with solid steel core 
consist of a steel tube, within which a solid round bar is concentrically placed and the 
void in-between is filled with concrete as illustrated in Figure 1. These columns offer 
a number of structural, economical and architectural advantages. On one hand their 
high load-bearing capacity at relatively high slenderness ratios makes them 
architecturally appealing, whereas from a structural engineering standpoint their 
performance when subjected to fire is exceptional: Their high overall fire resistance 
follows mainly from the fact that the temperature rise of the steel core is lagged by 
the concrete infill. The temperature-induced loss of stiffness and strength of this type 
of composite load-carrying element is delayed. In case of fire, the steel tube is heated 
quickly and gradually looses strength and stiffness. Consequently, its load-share is 
redistributed mainly to the steel core. The steel tube also reliably inhibits the spalling 
of the concrete. 

The load-carrying behaviour in fire of concrete filled CHS columns with solid 
steel core has not been comprehensively analysed experimentally and numerically, 
neither are there simplified analytical engineering models to estimate the buckling 
strength at elevated temperatures. Most recently (Hanswille and Lippes 2008) 
performed at ambient temperature, five ultimate load tests of eccentrically loaded 
concrete-filled CHS columns with solid steel core and presented a FEM model for the 
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small stirrups welded onto the core (Figure 2, photos top left and right). All the cables 
of the thermocouples were bundled and conducted outside of the column through the 
vapour-pressure relaxation drills at the bottom end (Figure 2, photo middle right). 

In a first step of the assembly procedure the sand-blasted cores were carefully 
placed in the middle of the end-plates and fixed into position by means of a 
circumferential fillet joint. The stirrups for the thermocouples were then welded onto 
the core (Figure 2, photo top left). The second step consisted of placing the 
thermocouples and bundling their cables (Figure 2, photo top right). In the third step, 
the core now equipped with thermocouples, was inserted carefully into the tube and 
the bundled cables of the thermocouples were conducted out of the tube (Figure 2, 
photos middle left and right). In a fifth step, the top end-plate hanging on a crane was 
assembled by a bolted connection to the core (Figure 2, photo bottom left). The core 
therefore featured a concentric thread at its top face (Figure 1, photo bottom right). 
Once the bolted connection was established, the core and the end-plate could be lifted 
until the tube touched the two spacers on the end-plate, thus ensuring the concentrical 
position of the tube (Figure 2, photo bottom right, however, one of the spacers is 
more clearly visible on the top left photo). This bolted connection was only 
temporary in order to ensure the coaxial position of the core during the placing of the 
concrete and was release after the curing time. In the last step, the tube was connected 
to both end-plates by circumferential fillet joints. The concrete was poured into the 
vertically positioned columns through one of the two holes in the top end-plate while 
the second hole served as an exhaust. A curing time of 35 days ensued, before the 
first fire test was performed. 
 
Test Setup 
 

Table 2 displays the properties of the four fire tests quoting: (1) the nominal 
boundary conditions, (2) the magnitude of the applied axial load, P0, (3) the 
eccentricity of the applied axial load, e, (4) the nominal elastic buckling length, Lcr, 
corresponding to the nominal boundary conditions and (5) the slenderness ratio, λK, at 
ambient temperature calculated with experimentally established mean values of the 
Young's modulus of steel and uncracked concrete. 
 
Table 2. Properties of specimens tested. 

Specimen End Conditions P0 e Lcr λK 
 [Bottom-Top] [kN] [mm] [mm] [-] 

Sp1 Pinned-Pinned 85 10 3540 1.397 
Sp2 Pinned-Fixed 2000 10 2520 0.647 
Sp3 Pinned-Fixed 1500 10 2520 0.647 
Sp4 Pinned-Fixed 1900 10 2520 0.653 

 
Figure 3 (top right) shows a transverse section (Source: Hass, Meyer-Ottens 

and Richter 1994) through the fire test rig at the material test establishment of the 
Technical University of Brunswick in Germany. The furnace chamber exhibits a 
square ground plot of 3.6 m, variable height in between of 3.6 m to 5.5 m and is 
equipped with six oil burners to run fire tests according to the ISO Standard fire. The 
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time when the fire tests were performed. The mean value of the compression strength 
was fcm=27.1 Nmm-2 and for the Young's modulus Ecm=21'208 Nmm-2. Figure 4 
illustrates the test device used on the photo on the right as well as the stress–strain 
diagram of one of the tests (plot bottom left). 
 
Results 
 

Table 3 outlines the results of the four fire tests listing the failure time, tf, at 
the prevailing pre-load level, P0. The computed values according to EN 1994-1-1 of: 
(1) the cross-sectional capacity, Npl, (2) the slenderness ratio, λK, (3) the buckling 
strength, NK, and (4) the ratio of the pre-load to the buckling strength, μ, are given. 
These values were calculated with the experimentally established mean values of the 
steel yield strength and the concrete compression strength, as well as with 
corresponding characteristic values. 
 
Table 3 - Test results and computed buckling strength at ambient temperature. 

Test results  Calculations according to EN 1994 1-1 

  Actual mean values Characteristic values 
Specimen tf P0  Npl λK NK μ Npl λK NK μ 

 [min.] [kN]  [kN] [-] [kN] [-] [kN] [-] [kN] [-] 

Sp1 94 85  1686 1.473 545 0.16 1564 1.397 548 0.16 
Sp2 24 2000  4642 0.688 3398 0.59 4431 0.660 3319 0.60 
Sp3 169 1500  4642 0.688 3398 0.44 4431 0.660 3319 0.45 
Sp4 178 1900  6912 0.674 5120 0.37 6704 0.658 5034 0.38 

 
Figure 5 shows the temperature measurements of specimen 1 in the left 

column and of specimen 4 in the right column. In both columns each plot represents 
the data recorded at a specific cross-section along the specimen, starting at the bottom 
with CS1 up to the top till CS9, using the cross-section numbering introduced in the 
diagram of Figure 2. In every plot the recorded temperature–time curves of: (1) the 
surface of the core, θ1, (2) the measurement points within the concrete layer, θ2 to θ4, 
and (3) the outside surface of the tube, θ5. are given. 

First, the temperature–time curve of the steel core is analysed in detail, since 
the conceptual idea of this special type of composite column assumes a favourable 
influence of the concrete infill on the core's temperature–time behaviour. Therefore 
the plot in Figure 5 at the mid-span of specimen 1 (CS5) will be examined: It shows 
on one hand that steep temperature gradients are present in the concrete layer during 
the entire fire exposure, indicating that the concrete infill can reliably insulate the 
steel core. On the other hand a plateau can be observed in the core's temperature–time 
curve, extending approximately from 15 to 30 min. It reflects the energy consuming 
process of vaporisation of water in the concrete, and effectively lags the increase of 
the core's temperature. Similar observations can be made for specimen 4 in Figure 5. 

Second, the degree of uniformity of the temperature field in the axial direction 
reached within the tested specimens is examined, since it is influenced by the thermal 
boundary conditions of the test setup. The photo in Figure 1 shows, how insulating 
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Figure 5. Temperature-time-curves specimen 1 and specimen 4. 
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Figure 6. Deformation-time-curves specimen 1 to 4.  
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in Figure 6 by the abrupt decrease of, u. Additionally, local buckling was observed on 
the specimen after the test (Figure 7, photo left and top right). After the collapse of 
the tube the force closure is re-established between the end-plate and both the steel 
core and the concrete. Consequently the midspan deflection stabilises and the column 
enters a second phase, extending from 30 to 75 minutes, during which the stiffness of 
the steel core determines the load-carrying behaviour. Finally, the column fails with a 
runaway failure, when the temperature induced loss of stiffness of the core sets in. In 
the case of the stocky specimens, showing a higher pre-load ratio, μ, the stresses in 
the tube are much higher. Therefore the overstressing of the tube takes place earlier 
and the tube only slightly shifts away the end-plate as with specimen 3 or not at all as 
with specimens 2 and 4 (corresponding, u, in Figure 6). However, the loss of stiffness 
of the tube led as well in all these cases to an increase of the midspan deflection, 
followed by (except for specimen 2) a stable second phase when the core was fully 
activated and deter-mined the load-carrying behaviour until failure. In the case of 
specimen 2, which featured the highest load ratio, increased P delta effects inhibited 
attaining a stable second phase. 
 
NUMERICAL STUDY 
 

A numerical study was performed with the three-dimensional FEM model 
described in detail in [Neuenschwander, Knobloch and Fontana 2012] using 
ABAQUS Standard. In order to capture any influence due to the non-uniformity of 
the temperature field, the measured temperatures were used as input to the model. 
The following constitutive relations were implemented: (1) for the steel core the 
stress–strain relationships determined from tensile tests at temperature levels of 
400°C, 550°C, 700°C and at ambient temperature (Figure 4, upper right plot), (2) for 
the tube, with temperatures exceeding 300°C, a model based on the Ramberg–
Osgood model and, for temperatures below, the model according to EN 1993-1-2 
with modifications in order to fit with the measured stress–strain relationship at 
ambient temperature (Figure 4, lower right plot) and (3) for the concrete the model 
according to EN 1992-1-2 without modifications. 

First, the numerical study consisted of a calibration process with respect to the 
deformation–time curves of specimen 4. Therefore the influence of eventual 
deviations from the nominal boundary conditions during the test were analysed and 
subsequently, adjusted boundary conditions were developed. The results of this 
calibration process are given in Figure 8 (upper left plot) showing the model's 
responses for the four studied different boundary conditions, BC1 to BC4. BC1 
corresponds to the nominal boundary conditions except for the axial spring, which 
models the compliance of the test rig. Its stiffness was obtained by deducing from the 
measured axial displacement at the end of the pre-loading phase, the computed axial 
shortening of the column, which yielded kaxial=118.5 kN/mm. Still, the mid-span 
displacement after application of the pre-load was much smaller in the model 
compared to the test, indicating that there was some compliance in the nominally 
fixed upper end-condition. As an upper bound of this compliance, the pinned-pinned 
end-condition (BC2) was simulated. Introducing a rotational spring representing the 
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compliance of the nominally fixed upper end of the column led to BC3. The stiffness 
of the rotational spring was assessed 

 

Figure 8. Modelling test-boundary-conditions and variation of load eccentricity. 
 
by the condition that after the application of the pre-load, both the rotation in the 
hinge at the bottom and the deflection at midspan should match the test 
measurements. Following this method a rotational stiffness of krot=2.75 kNm/mrad 
was found. Additionally, the nominally pinned end at the bottom could not be kept 
up, since the rotations in the hinge of the model with BC3 did not agree well with the 
measured rotations. As a final enhancement BC4 was developed by imposing the 
measured rotation in the hinge at the bottom as a time dependent boundary condition. 
As it can be seen in Figure 8, the model's response with BC4 captured most 
accurately the test data in terms of both the deformation–time behaviour and the 
failure time and was therefore used for further numerical sensitivity studies. 
Secondly, the impact of a deviation of the nominal value of the load eccentricity was 
studied. Adjusting the rotational spring stiffness for different values of the 
eccentricity following the methodology described above, yielded reasonable values 
of: e1=7.5 mm and e2=8.75 mm besides the nominal value of e3=10.0 mm. Figure 8 
(bottom right plot) shows the results obtained with models using BC4 but varying 
load eccentricities. At first glance it is contradictory that the failure time decreases, 
the less eccentrical the load. However, this is an outcome of the way the rotational 
spring stiffness was adjusted to match the measurements before the fire starts. If the 
eccentricity is decreased, then the stiffness of the spring must be lowered in order to 
meet the measured rotation and midspan deflection after pre-loading. This in turn 
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leads to an earlier onset of the runaway failure in the last phase of the load- carrying 
behaviour. 

 
Figure 9. Constitutive models of the steel core. 

 
Thirdly, the influence of the stiffness ratio between the test specimen and the 

test rig was examined. It changes during a fire exposure since the specimen gradually 
looses stiffness, whereas the stiffness of the test rig remains constant. Therefore the 
compliance in the imperfectly fixed upper end tends to diminish with on going fire 
exposure, which was simulated with two modifications of BC4. The first 
modification, BC4 mod1, consisted of fixing the upper end arbitrarily after 
120 minutes and the second modification, BC4 mod2, simulated an extremal 
assumption of fixing the upper end just after the fire started. Figure 8 (lower left plot) 
shows the results, which follow slightly closer the test with BC4 mod1. 

Finally, the influence of different constitutive models for the steel core was 
analysed considering: (1) the Eurocode model, Model 1, taking into account only the 
measured yield strength at ambient temperature, (2) a Ramberg–Osgood based model, 
Model 2, for temperatures above 300°C in combination with the measured stress–
strain relationships at ambient temperature and (3) the measured stress–strain 
relationships, Model 3, at ambient temperature, 400°C, 550°C and 700°C. Figure 9 
illustrates in the plot on the left the influence of the three different models: Model 3 
captures best the failure time and the deformation–time behaviour, since it 
implements the actual stiffness and strength of the steel core. On the other hand, 
Model 1 underestimates strength and stiffness up to 300°C (Figure 9, plot left) 
leading to a premature onset of the runaway-failure, whereas its overestimation of the 
stiffness above 300°C leads to almost the same failure time as with Model 2. 
 
CONCLUSIONS 
 

Four ISO-Fire tests were performed with concrete-filled CHS columns with 
solid steel core. The concept of this type of composite column for their load-carrying 
behaviour in fire was affirmed: Initially, the steel tube is heated quickly and tends to 
carry the whole load due to its thermal expansion, leading to its overstressing and 
consecutive loss of stiffness. Then the load is redistributed mainly to the steel core. 
Depending on the pre-load level, a stable phase follows, during which the rate of 

400°C

550°C

700°C

20°C
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deflection is bounded and the column expands steadily. Temperature induced loss of 
stiffness of the core finally triggers runaway failure. 

The results of the numerical study illustrate the importance of a suitable 
implementation of the nominal boundary conditions of the test, as well as the 
availability of accurate input-data, both in terms of stiffness and strength, for the 
constitutive model of the steel core. 
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Abstract 

 
Hybrid precast twinwall concrete units, mainly used in basements, core and 

crosswall construction, are now being adopted in water retaining tank structures. 
Their use offers many advantages compared with conventional in-situ concrete 
alternatives. However, the design could be optimised further via a deeper 
understanding of the unique load transfer mechanisms involved. In the tank 
application, twinwall units, which consist of two precast concrete biscuits connected 
by steel lattices and an in situ concrete core, are subject to bending. Uncertainties 
about the degree of composite action between the precast biscuits and hence flexural 
performance of the units necessitated laboratory tests to investigate the interface 
shear resistance. Testing was also required to assess both the leakage performance 
and buildability of a variety of joint details. This paper describes some aspects of this 
novel approach to the design/construction of tank structures as well as selected results 
from some of the tests that were carried out. 
 
INTRODUCTION 
 

In 2009, Tamesis, a joint venture between Laing O’Rourke and Imtech, was 
awarded the contract to construct extensions to the Beckton Sewage Treatment 
Works which included a number of large rectangular water-retaining ‘aeration’ tanks, 
originally designed with in-situ reinforced concrete. 

An alternative hybrid twinwall system (Whittle and Taylor, 2009) combining 
the benefits of in-situ and precast concrete, including faster construction times, 
reduced on-site activity, robust continuous jointing, improved quality control, 
reduced waste and less mess, was developed by Laing O’Rourke (LOR), and 
proposed to the client via the ‘Expanded’ site assembly division of LOR.  The 
twinwall system, produced by the ‘Explore Manufacturing’ division of LOR in a new 
state-of-the-art facility, has been used before by LOR for water retaining applications 
but no examples of use for tank applications could be identified anywhere in the 
world, nor could use at such a large scale in a water-retaining application be found.  
The proposed use of this system raised a number of questions regarding water 
tightness and structural performance, which had to be addressed prior to construction.  
For example, at the outset it was not clear if the twinwall design would be able to 
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meet the stringent performance criteria demanded by the Civil Engineering 
Specification for the Water Industry (CESWI, 2004) which requires crack widths to 
be limited to 0.2mm and also for the rate of leakage to be less than a drop in water 
level of 10mm in a 7 day period.  Moreover, it was unclear if the maximum available 
wall thickness of units (i.e. 400mm) would be sufficient to resist the forces due to the 
retained water. 

To date, twinwall panels have been commonly used as load bearing elements 
connected to in-situ or precast lattice slabs (Explore Manufacturing, 2010).  A typical 
twinwall panel essentially consists of two precast reinforced concrete biscuits, which 
are connected by shear connectors in the form of 3-dimensional triangular steel 
lattices, partially embedded in the inner faces of the biscuits (Figure 1). The core is 
filled with concrete and splice bars on site.  

The planned use of these units to form the walls of tank structures meant that 
the units would be subject to magnitudes of flexure not normally applied.  
Uncertainties about the degree of composite action between the precast biscuits and 
hence flexural performance of the units meant that laboratory tests were necessary to 
validate the models used to check the interface shear resistance.  Before describing 
the tests that were undertaken, the following gives more design information on the 
scheme. 
 

 
Figure 1 – Components of a typical twinwall 

 
DESIGN 
 

The project requirement was for 2 banks of 3 tanks, as shown in Figure 2.  
The aeration tank process requires an approximately uniform linear velocity flow, and 
thus rectangular tanks were deemed necessary, with internal baffle walls provided to 
effectively lengthen the path of travel within each tank.  

a) Precast twinwall 
fabricated off-site 

b) Void filled with in-situ 
concrete 

c) Typical twinwall 
after core is filled 

 3-dimensional 
triangular         

steel lattice 

Biscuit 
reinforcement 

 

Precast concrete 
biscuits 

Void between precast biscuits 
filled with in-situ concrete 
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Each tank is approximately 80m long, 38m wide and 8m deep.  Each bank of 
tanks has a total width of approximately 113m. Thus the total volume of sewage to be 
contained is approximately 144,000 m3 or 144 Megalitres. 

The original in-situ reinforced concrete tank design required a 700mm thick 
wall at its base, tapering to 525mm thick at its top.  The need for such a thick wall 
was due to the applied bending moment, which for a cantilever varies according to 
the water depth cubed. 

The maximum overall thickness of twinwall unit available from Explore 
Manufacturing was 400mm.  Clearly such a thin wall would not work in cantilever 
action; hence, buttresses and tie beams were introduced into the design, not unlike the 
approach used for walls supporting the lateral thrust of arched cathedral roofs.  The 
structural behaviour was thus modified to one of a ‘propped’ cantilever, which 
resulted in more than a 50% reduction in the peak bending moment.  This approach, 
which is better suited to precast rather than in-situ construction due to the complexity 
of the formwork system that would be required due to the presence of buttresses, 
resulted in approximately 10% savings in the volume of concrete in the structure. 

 

 
Figure 2 – Digital engineering model of the aeration tanks 

 
TESTING 
 

Due to the innovative nature of the design and construction technique some 
preliminary testing was necessary.  This included building a trial tank as well as 
carrying out laboratory tests on interface shear resistance as elaborated below. 

 
Trial tank 
 

The internal volume of the trial tank was approximately 9m long by 3m wide 
by 8m high.  The panels on one long face were constructed in a vertical orientation 
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and on the other side in a horizontal orientation, as shown in Figure 3.  The tank was 
primarily used to assess leakage performance and buildability of a variety of joint 
details. 

To assess leakage, the trial tank was completely filled with water and leakage 
rates were monitored by recording water levels against a control leak-free contained 
water volume subject to the same rainfall and evaporation.  Some damp patches and 
cracks were observed, but these were within acceptable criteria.  Interestingly, 
although half the tank was provided with water bars at the base whereas the other half 
was not, there was no correlation with the extent of the damp patches i.e. the use of 
water bars did not seem to provide any noticeable benefit.  Nevertheless, they were 
used in the final design. 

With regard to the drop in water level, the loss (corrected for rainfall and 
evaporation) was less than the 10mm criteria required over a 7 day period after the 
tank had been filled for a month. 

A critical feature of the design that was identified at an early stage was the 
ability of vertical bars and horizontal splice bars to transfer their loads to 
reinforcement embedded in the precast biscuits of twinwall elements.  The magnitude 
of the bar forces is dependent on the joint location relative to the bending moment 
diagram, and thus the bar size and bar length are affected.  The ease of which splice 
bars of different sizes and orientation could be installed in the trial, as well as panel 
handling and manufacture lessons learnt were used to inform the twinwall 
elementisation in the final design implemented at Beckton. 

 

 
Figure 3 – Construction of ‘trial’ twinwall water-retaining tank at Laing 

O’Rourke’s manufacturing facility near Worksop 
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Interface shear resistance 
 
As previously noted, twinwalls have to date principally been used as wall 

elements but in water tanks the walls are subject to greater levels of flexure. The 
bending strength is a function of the degree of composite action between the two 
outer biscuits, which is in turn a function of the interface shear resistance.  Section 
6.2.5 of Eurocode 2: Part 1.1 (BSI, 2010), hereafter referred to as EC2, can be used to 
predict the interface shear capacity, vRdi, which is given by: 

vRdi = c fctd + μσn + ρ fyd(μ sin α + cos α ) ≤ 0.5 v fcd      -------------[Equation 1] 
where,  

fctd design tensile strength of concrete 
fyd design yield strength of reinforcement  
σn stress per unit area caused by an external normal force across the interface 
ρ  = As/Ai 
As area of reinforcement crossing the interface, with adequate anchorage at both 
 sides of the interface 
Ai area of the joint 
α  angle between reinforcement and slip surface, and α ≥ π/4 
c coefficient of cohesion 
µ coefficient of friction 

Note that the cos α term in equation (1) is ignored for α > π/2 according to section 
D.2 of BS EN 13747 (BSI, 2005). 
The cohesion and friction coefficients depend on the nature/roughness of the finish at 
the biscuit/in-situ concrete interface. EC2 further implies that the design tensile 
strength in equation (1) should be based on the ‘weaker concrete’.  Also, use of 
equation (1) assumes that the steel is fully anchored on both sides of the interface but 
EC2 does not directly provide any information on embedment depths and hence it 
was decided that the relationship between the shear connector embedment depth and 
interface resistance would be of interest.  It should be noted that BS EN 13747: 2005 
(BSI, 2005) requires a minimum 10mm of embedment, but it is not clear if this 
requirement guarantees full strength development. 
To investigate some of these issues research, including small scale physical interface 
shear tests, was instigated at UCL.  The key aspects investigated were: 

1) Surface roughness of the concrete at the core/biscuit interface 
2) Compressive strength of core and biscuit concrete 
3) Embedment depth of shear connectors 
4) Diameter of shear connectors. 

 
A direct way of estimating the interface shear capacity of twinwall is by carrying out 
push-out tests, which was the approach used in this work.  The following gives details 
of the experimental procedure that was followed. 
 
EXPERIMENTAL PROCEDURE 
 

Figure 4 shows details of the test specimens used in this work.  The two outer 
biscuits (1 and 2) (530 x 100 x 40 mm) were reinforced with 4mm diameter mild steel 
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bars (fyk = 250 N/mm2) placed mid-depth at 40 mm centres in the longitudinal 
direction and 75 mm and 100 mm centres in the transverse direction.  The lattice 
girder was 80 mm deep overall and the diagonals had a pitch of 39° and 141°.  These 
angles are slightly outside the recommended limits for Equation 1. 

The bottom bars were 3mm diameter and the top bar 5 mm diameter, all made 
of grade 250 steel.  The lattice was attached to the reinforcing bars in the biscuits 
using steel tie wires prior to casting.  

The casting procedure for the control specimens (Type “A”, Table 1) involved 
placing the bottom half of the reinforcement cage supported on spacers in a timber 
mould and pouring sufficient concrete to form Biscuit 1.  In the control specimens, 
the lattice was embedded 20mm into the concrete biscuit, where the embedment 
depth refers to the ‘overall’ dimension of the embedment. 

 

 
Figure 4 – Details of test specimens  
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Table 1 - Test details 

 
After curing for 24 hours the specimens were inverted and the upper half of 

the cage supported on spacers to achieve an embedment of 20 mm, and positioned in 
a second timber mould and concreted to form Biscuit 2.  

After curing the concrete in Biscuit 2 for 24 hours the two sets of moulds 
were removed and specimens rotated into the vertical position.  Shuttering was then 
attached to the outside faces and 50mm from the base of each specimen, and the core 
was cast.  The shuttering was removed after 24 hours and specimens air cured for a 
further four days. It was assumed that this method of preparation would correspond 
with the ‘smooth’ surface roughness category in EC2. 

Four cubes were also cast from each batch of concrete and cured and 
conditioned in the same way as the concrete in the test specimen.  The target 28-day 
strength of the concrete used for both biscuits and the core was 50 N/mm2.  After a 
total of seven days the specimen was painted white to help monitor crack 
development during testing. 

The other specimens (types B-H) were prepared in a similar fashion except 
that the surface roughness of the concrete on the inner face of the biscuits, 
embedment depth of the lattice in the biscuits, the strength of the concrete used for 
the biscuits and core and the diameter of the diagonal lattice bar (dowel) were varied 
as summarised in Table 1.  Five tests were conducted for each specimen type.  

In the case of the type “B” specimen, a 3mm thick neoprene sheet was 
attached to the inner face of each biscuit prior to casting the core, which was designed 
to produce a finish corresponding to the “very smooth” category in EC2.  The 
“rough” interface finish in type “C” specimens was achieved by painting the inner 
face of the biscuits with a retarder and pressure washing in order to remove cement 
particles prior to casting the core.   

Figure 5 shows the test set-up.  The push-out tests were carried out generally 
in accordance with the recommendations in Annex B of Eurocode 4:Part 1-1 (BSI, 
2009).  Load was applied to the core in 2 kN increments until failure. The deflection 
at the top and bottom of the core was measured using dial gauges.   The lateral 
displacement of specimens was also measured by means of DEMEC studs but the 

Type 
Surface 

Roughness 

Embedment 
Depth 
(mm) 

Concrete Cube 
Strength in 
Biscuits on 

Day of Testing 
(N/mm2) 

Concrete  Cube 
Strength in Core 

on Day of 
Testing  

(N/mm2) 

Dowel Bar 
Diameter 

(mm) 

A Smooth 20 35 35 3 

B 
Very 

smooth 
20 35 35 3 

C Rough  20 35 35 3 
D Smooth 20 35 10 3 
E Smooth 20 10 10 3 
F Smooth 15 35 35 3 
G Smooth 25 35 35 3 
H Smooth 20 35 35 6 
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results are not discussed in the paper. The results presented are the average of the five 
tests for each specimen type, and one standard deviation is also shown. 

 

 
Figure 5 – Test set-up in the laboratory at UCL 

 
RESULTS AND DISCUSSION 
Effect of interface surface roughness 
 

Figure 6 shows the effect of interface surface roughness on failure load.  It 
can be seen that the failure load increases with increasing surface roughness.  

The design values were determined via equation (1) assuming the c and μ 
values shown in Table 2, fctd = 1.29 N/mm2, σn = 0, Ai = 48,000 mm2 [= 480 mm 
(lever arm) x 100 (width)] and fyd = 217 N/mm2.  The area of reinforcement crossing 
the reinforcement and inclined at 39° to the slip surface, As1 = 28.3 mm2 (= 4×π32/4).  
Similarly, the area of reinforcement crossing the reinforcement and inclined at 141° 
to the slip surface, As2 = 28.3 mm2.  The design shear resistance of reinforcement 
inclined at 39° assuming the surface is ‘smooth’ is given by: 
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ρfyd (μ sin α + cos α) = (28.3/48,000) × 217 (0.6 × sin 39° + cos 39°) = 0.148 N/mm2   
and for the reinforcement inclined at 141° is given by: 
ρfyd (μ sin α + cos α) = (28.3/48,000) × 217 (0.6×sin 141° + 0) = 0.048 N/mm2 

 

 
Figure 6 – Effect of surface roughness on failure load 

 
Table 2 – c and μ values for various surface roughness categories (BSI, 2010) 

Surface Roughness c µ 
Very smooth  0.025 0.5 

Smooth 0.2 0.6 
Rough 0.4 0.7 

 
The results show that EC2 theoretical failure loads are much less than the 

experimental values for the ‘very smooth’, ‘smooth’ and ‘rough’ surfaces. The EC2 
estimate for ‘very smooth’ conditions appears to be the most conservative. 

 
Effect of concrete strength 

 
Figure 7 shows the effect of concrete strength on the experimental and EC2 

design failure loads.  It can be seen that the EC2 design failure loads are significantly 
less than the experimental values.  The experimental failure loads suggest that the 
concrete strength in the biscuits is of more importance than the core strength, which 
may be related to the lattice girder pull-out mechanism. 
 
Effect of embedment depth 

 
Figure 8 shows the effect of embedment depth on experimental and EC2 

design failure loads.  It can be seen that the EC2 design calculations are not affected 
by the embedment depth of the lattice, although BS EN 13747: 2005 (BSI, 2005) 
requires a minimum of 10mm cover to the inside face of the lattice chord.  This latter 
requirement is expressed relative to the base of the lattice triangle, and not the apex.  
However, the results indicate that the design values are significantly less than the 
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experimental failure loads for the range of embedment investigated, and thus the 
10mm cover requirement appears to be satisfactory.  This indicates that EC2 provides 
satisfactory estimates of the interface shear strength of twinwalls where the lattice 
embedment is sufficient. 

 

 
Figure 7 – Effect of concrete strength on failure load 

 

 
Figure 8 – Effect of embedment depth on failure Load 

 
Effect of dowel bar diameter 

Figure 9 shows the effect of dowel bar diameter on failure load.  It can be 
seen that the failure load increases with increasing dowel bar diameter. The EC2 
values were again determined via equation (1) assuming c = 0.20 and μ = 0.6, fctd = 
1.29 N/mm2, σn = 0, Ai = 48,000 mm2 [= 480 mm (lever arm) x 100 (width)] and fyd= 
217 N/mm2.  In the case of the specimens with 3mm dowel bars As1 (α = 39°) = As2 
(α = 141°) = 28.3 mm2 (= 4×π32/4) and for specimens with 6mm dowel bars As1 (α = 
39°) = As2 (α = 141°) = 113.1 mm2 (= 4×π62/4).  

In figure 9 it can be seen that the experimental failure loads are greater than 
the EC2 design loads. 
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Figure 9 – Effect of dowel bar diameter on failure load 

 
Limitations and further work 

One of the limitations of the push-out tests described above is that the base of 
the test specimen is restrained at the base which causes additional forces to develop 
normal to the shear interface. More work is required to investigate the effect of the 
restraints at the base, however it is not believed to be of great significance.  

Further work on a broader range of parameters would increase the 
understanding of the phenomena observed and enable detailed design guidance to be 
formulated, with the potential result of more cost-effective solutions. 

 
CONSTRUCTION 

 
The tanks at Beckton Sewage Treatment Works were successfully designed 

and constructed based on the learning of the research programme. A photo of a 
completed tank is shown in Figure 10. The tank has performed very well to date with 
conformance to the CESWI leakage criteria proven on site, and the extent of cracking 
and leakage is observed to be limited to only hairline cracks and no evidence of 
dampness has been observed. 

 
CONCLUSIONS 

 
 The trial tank built and tested by Laing O’Rourke was successful in 

demonstrating the buildability and adequacy of the twinwall system when detailed 
well with respect to the leakage criteria. Project implementation also proved 
successful.  

 The results from the push-out tests demonstrate the effects of surface roughness, 
concrete strength, embedment depth and dowel bar diameter on the interface 
shear strength in twinwalls.  
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Figure 10 – Filled twinwall water tank at Beckton Sewage Treatment Works 

 
 The push-out test results indicate that Eurocode 2 is suitable for making 

appropriate estimates of the interface shear strength in twinwall elements when 
lattice girders are embedded sufficiently. 
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Abstract 

 
Steel-concrete composite frames have been shown to be a sensible option for 

use as the primary seismic force resisting system of building structures.  However, 
there remains little data to justify the structural system performance factors (i.e., R, 
Cd, and Ωo) that characterize the overstrength and ductility of these systems, which 
are a vital component of successful design in the United States. Based on a suite of 
new finite element formulations, this work investigates the behavior of composite 
moment and braced frames under seismic loading and develops rational system 
performance factors. A set of archetype frames, selected to be representative of the 
range of frames seen in practice, were designed according to current design 
specifications. Nonlinear static pushover and transient dynamic analyses were 
performed on the frames to generate the statistical data on the seismic response from 
which the performance factors are quantified. The results from this investigation 
enable a better understanding of the variability in collapse performance of composite 
frame systems and will facilitate more effective designs of these systems. 

 
INTRODUCTION 

 
A key component of seismic design in the United States is the allowance for 

inelasticity in structural elements subjected to severe earthquake ground motions. 
However, static elastic analysis is prevalent for seismic design in current practice. 
Because of this, seismic performance factors have been developed. The factors are: 
the response modification factor, R, used in reducing seismic forces determined 
through elastic methods; the displacement amplification factor, Cd, used in 
amplifying displacements determined through elastic methods; and the system 
overstrength factor, Ωo, used to estimate the actual strength as compared the to the 
design strength. 

These three factors are tabulated for a variety of seismic force resisting 
systems in national codes (ASCE 2010), however, they have been somewhat 
arbitrarily assigned. Many R factors were based largely on judgment and qualitative 
comparisons to the relatively few seismic force resisting systems that had known 
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response capabilities (FEMA 2009). This is particularly true for composite moment 
and braced frames where the seismic performance factors were assigned based on 
comparisons to similar structural steel and reinforced concrete systems.  

A methodology has been developed to provide a rational basis for determining 
seismic performance factors which provide equivalent safety against collapse for 
buildings with different seismic force resisting systems (FEMA 2009). Equivalent 
safety is provided through an acceptably low probability of structural collapse 
common to all systems. Structural collapse in the methodology is defined in the 
context of incremental dynamic analysis, in which nonlinear time history analyses are 
performed at increasing magnitudes of seismic loading until the structure achieves its 
peak strength or predefined displacement limits. In this approach, no explicit 
modeling of collapse is included. Statistical data is generated from the analyses for a 
set of archetype models and uncertainty is approximated based on the level of 
knowledge of the particular system and accuracy of the analysis. 

This paper presents a study to investigate the behavior of composite frames 
under seismic loading and to develop rational seismic performance factors following 
the methodology given in FEMA P695 Quantification of Building Seismic 
Performance Factors (FEMA 2009). 

 
SEISMIC FORCE RESISTING SYSTEMS 

 
Two separate seismic force resisting systems are analyzed in this study: 

composite special moment frames (C-SMF) and composite special concentrically 
braced frames (C-SCBF). The current seismic performance factors for these two 
systems are given in Table 1 (ASCE 2010). 

 
Table 1. Current Seismic Performance Factors. 

System Ωo R Cd 
C-SMF 3.0 8.0 5.5 
C-SCBF 2.0 5.0 4.5 

 
The requirements for composite special moment frames are described in the 

AISC Seismic Specification (AISC 2010). C-SMFs utilize fully restrained 
connections and consist of either composite or reinforced concrete columns and either 
structural steel, concrete-encased composite, or composite beams. They are expected 
to provide significant inelastic deformation capacity through flexural yielding of the 
beams and limited yielding of the column panel zones. Columns are designed to be 
stronger than the fully yielded and strain-hardened beams, although flexural yielding 
in columns at the base is permitted. 

The requirements for composite special concentrically braced frames are 
described in the AISC Seismic Specification (AISC 2010). C-SCBFs consist of CFT 
or SRC composite columns, structural steel or composite beams, and structural steel 
or CFT braces. They are expected to provide significant inelastic deformation 
capacity primarily through brace buckling and yielding of the brace in tension. 
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ARCHETYPE FRAMES 
 
To assess the seismic performance factors within the FEMA P695 

methodology, it is necessary to have a suite of frames (termed index archetypes) for 
which the analyses can be performed. Ideally that suite of frames is representative of 
the entire range of frames seen in practice. However, it is generally recognized within 
the methodology that a practical number of frames cannot fully represent the 
permissible range, thus simplifications must be made. The selected frames are 
described below complete details including the design process are presented in 
Denavit (2012).  

The building layout is the same for each of the index archetype 
configurations: 3 bays by 5 bays with a bay width of either 6.10 or 9.14 m (20 or 30 
ft) (Figure 1). The buildings are 3 or 9 stories tall with a story height of 3.96 m (13 
ft). For the moment frames the columns were either RCFTs or SRCs. For the braced 
frames the columns were CCFTs and the braces were either rectangular HSS or wide 
flange in a two-story X configuration. A composite floor system was assumed for all 
configurations, although the beams in the seismic force resisting systems were 
designed and analyzed assuming bare steel.  

 

 
 

(a) Special Moment 
Frames 

 
 

(b) Special Concentrically  
Braced Frames 

Figure 1. Building Layout. 
 

Two levels of gravity load were selected: “high” which corresponded to 
warehouse live loading [11.97 kN/m2 (250 psf)] and the interior frame and “low” 
which corresponded to office live loading including partitions [3.11 kN/m2, (65 psf)] 
and the exterior frame. Two levels of seismic load were selected corresponding to the 
levels design earthquake associated with the maximum (Dmax) and minimum (Dmin) of 
seismic design category D (ASCE 2010). 

The methodology prescribes that Cd = R (FEMA 2009), which is contrary to 
current practice (ASCE 2010) where Cd is typically less than R (Table 1). For 
deformation-controlled structures, such as moment frames, this change results in 
larger member sizes. In this study, most frames were designed assuming Cd = R, 
however, a subset of the moment frames were duplicated and designed with the 
current value (Cd = 5.5) so as to compare to the current state of design practice.  

= Fully Restrained Connection = Location of Braced Frame
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In total, 60 frames were selected and designed for this study. The frames 
varied in building height (3 and 9 stories), column type (RCFT or SRC for the C-
SMFs and CCFT for the C-SCBFs), concrete strength [f’c = 25.6 or 82.7 MPa (4 or 12 
ksi)], level of seismic load (SDC Dmax or Dmin), level of gravity load (“high” or 
“low”), and bay width [6.10 or 9.14 m (20 or 30 ft)].  
 
Material Strengths 

 
Two sets of material strengths are used in this study. The first is the nominal 

strength which is used in the design of the archetypes. The second is the expected 
strengths which are used in the analyses of the archetypes. The nominal strengths are 
selected as typical material properties. The expected strengths for the steel materials 
are defined as described in Section A3.2 of the AISC Seismic Specification (AISC 
2010). For lack of a more appropriate definition, the expected strengths for the 
concrete materials are defined as the required average compressive strength from 
field strength tests when data are not available to establish a sample standard 
deviation as described in Section 5.3.2.2 of the ACI Code (ACI 2011). 

 
Seismic Design  

 
The equivalent lateral force method (ASCE 2010) was used for the seismic 

design. The level of seismic loading is defined in terms of the seismic design 
category. The frames in this study were designed for seismic design category D at 
either the maximum (Dmax) or minimum (Dmin).  

The seismic base shear, V, is defined as the product of the effective seismic 
weight, W, and the seismic coefficient, Cs, determined based on the fundamental 
period, T, in accordance with Section 12.8 of ASCE 7 (ASCE 2010). The effective 
seismic weight of the building is determined in accordance with Section 12.7.2 of 
ASCE 7 (ASCE 2010).  

The effective seismic weight, W, is the sum of the following: 
• 100% of the dead load 
• 25% of the warehouse floor live load (which is deemed storage) 
• 15.4% of the office floor live load [equivalent to 0.48 kN/m2 (10 psf) for 

partitions] 
 
NONLINEAR ANALYSIS MODEL 

 
The nonlinear analysis models consist of beam and zero length elements 

representing the seismic force resisting frame and nonlinear truss elements 
representing the destabilizing effect of the remainder of the building that is tributary 
to the frame. Key details of the model are presented here; full details are presented 
elsewhere (Denavit 2012). 

The beam element used in the model is a distributed plasticity formulation 
developed specifically for steel-concrete composite frames. The element uses a mixed 
basis (i.e., using both displacements and forces as primary variables) to allow for 
accurate modeling of both material and geometric nonlinearities. Fiber sections and 
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uniaxial cyclic constitutive relations are used to model cross section behavior. The 
concrete and steel material models account for the salient features of each material, as 
well as the interaction between the two, including concrete confinement and local 
buckling.  

The connection region of special moment frames is modeled as shown in 
Figure 2a. Key components are a rigid link parallelogram model with a rotational 
spring representing the nonlinear panel zone behavior and elastic beam elements 
which serve to move the beam plastic hinges to specified locations. Nonlinear beam 
elements for the columns and beams frame into this connection model. The 
connecting elements (e.g., split tees as shown in Figure 2a) are not explicitly modeled 
since they are designed to not experience significant deformations, even under large 
frame deformations. 

Connection regions in special concentrically braced frames have large gusset 
plates that serve to stiffen the connections. Hsiao et al. (2012) developed 
recommendations for modeling the connection region of steel special concentrically 
braced frames. A simplified version of the model by Hsiao et al. (2012) is used in this 
work. The beam-to-column connection region is modeled as shown in Figure 2b. 
Rigid links are used to model the region where the gusset plate stiffens the beam, 
brace, and column. The length of the rigid link along the column is equal to the 
distance from the work point to the top of the gusset plate. The length of the rigid link 
along the brace is equal to the distance from the work point to the physical brace. The 
length of the rigid link along the beam is equal to the distance from the work point to 
column face plus 75% of the distance from the column face to the edge of the gusset 
plate. The column and beam frame directly into the rigid link whereas a moment 
release is used between the rigid link and the brace. 

 

 
 

(a) Special Moment  
Frames 

 
 

(b) Special Concentrically  
Braced Frames 

 
Figure 2. Schematic of the Connection Region Model. 

 
The analyses were performed in two-dimensions. The mesh density was 

selected such that the model was refined enough to obtain accurate results, but not so 
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dense as to introduce the ill-effects of localization. The nominal length of the column 
elements was one-third of the story height. The nominal length of the girder elements 
was one-third of the bay width for the C-SMFs and one-fourth of the bay width for 
the C-SCBFs corresponding to the beam spacing (Figure 1). Three integration points 
were used for all beam elements. Nominal size of the strips in the fiber discretization 
was 1/20th of the section depth, with the number of fibers in each component defined 
based on this fixed ratio and rounded up to the nearest integer.  

The braces in the C-SCBFs are assumed to be physically oriented such that 
weak axis buckling is out-of-plane of the frame. However, in the model the brace is 
oriented such that weak axis buckling is in-plane to allow for the use of a two-
dimensional model. Correspondingly, the moment releases at the brace ends represent 
the relatively weak out-of-plane rotational strength of the gusset plate. 

As prescribed in the methodology (FEMA 2009), prior to application of the 
lateral load (either static or dynamic), gravity load equal to 105% of the dead load 
plus 25% of the live load and roof live load was applied and held constant for the 
remainder of the analysis. All gravity loads were applied as nodal loads based on 
tributary areas.  

The methodology (FEMA 2009) does not explicitly define the mass to be used 
in the analyses. Thus, mass was assigned to the structure based on the effective 
seismic weight computed for design. For nodes with gravity load, the two 
translational DOFs were assigned equal masses equivalent to the dead load plus a 
percentage of the live load. Additionally, for numerical stability, a minimum nominal 
mass was assigned to all degrees-of-freedom. Also for numerical stability, an 
additional small elastic stiffness was added to each brace section (e.g., in the event of 
significant yielding along the full length of the member). Rayleigh damping was 
used, defined as 2.5% in the 1st and 3rd modes based on recommendations from the 
methodology (FEMA 2009). 

A summary of the gravity load cases and mass used in both the design and the 
analysis of the archetype frames is presented in Table 2.  

 
Table 2. Gravity Load and Mass in Design and Analysis. 

 Design Analysis 

Gravity  
Load 

 

1.4 D 
1.2 D + 1.6 L + 0.5Lr 
1.2 D + 0.5 L + 1.6Lr 

etc., including live load reduction 
 

(Section 2.3, ASCE 2010) 
 

1.05 D + 0.25 L + 0.25 Lr 
 
 

(FEMA 2009) 
 

Mass 

 

D + 25% storage live load  
+ 0.48 kN/m2 (10 psf) for partitions 

 
(Section 12.7.2, ASCE 2010) 

 

Same as for design 
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The model accurately captures member plasticity, local buckling, global 
buckling, and panel zone behavior as demonstrated through validation studies 
presented elsewhere (Denavit 2012). However, some aspects of behavior and failure 
modes have not been modeled.  

• Fracture is not included in the model. While fracture is expected during 
structural collapse, this study is not explicitly modeling collapse. Fracture is 
not anticipated to control the behavior of well-designed C-SMF, where ductile 
yielding of the beams in flexure is expected to dominate the response, or      
C-SCBF, where ductile yielding of the braces and buckling of the braces is 
expected to dominate the response. 

• Connection regions are modeled, however, failure or degradation of the 
connecting elements is not included in these models. Experimental testing has 
shown that with proper design and detailing the connecting elements 
inelasticity can be confined to the member.   

• In the design of the frames it was assumed that the beams were provided with 
lateral bracing sufficient to ensure the full plastic moment capacity could be 
achieved. Correspondingly, lateral torsional buckling was not included in the 
model 
 

STATIC PUSHOVER ANALYSES 
 
Static pushover analyses were performed on each frame. Lateral loads were 

applied at each story in fixed ratios based on the story mass and the mode shape of 
the structure (FEMA 2009). Thus, an eigenvalue analysis was performed prior to the 
application of lateral load (but after gravity load was applied). The loading was 
conducted in displacement control until at least a 20% drop in strength after the peak 
(V80) was observed. Key results from these analyses include: 

• The fundamental period from the model, T1 
• The maximum base shear capacity, Vmax 
• The overstrength factor, Ω = Vmax/V 
• The ultimate roof displacement (i.e., at V80), δu 
• The effective yield roof drift displacement, δy,eff, [Equation 1 (FEMA 2009)] 
• The period-based ductility, μT = δu/δy,eff 

 

 ( )2

, 12
max( , )

4
max

y eff o
V gC T T
W

δ
π

 =  
 

 (1) 

 
where, 

Co = A coefficient based on the fundamental mode shape (FEMA 2009) 
 

Analysis Results 
 
An example of the results for a three-story C-SMF [RCFT columns, high 

gravity load, f′c = 27.6 MPa (4 ksi), SDC = Dmax] is shown in Figure 3. Full results 
are presented elsewhere (Denavit 2012). 
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For the C-SMFs, an initially linear response is observed followed by gradual 
stiffness reduction up to the peak lateral capacity of the frame then near linear post 
peak degradation until the analysis was stopped after at least a 20% drop in capacity 
was observed. For the 3 story frames an even distribution of deformation is seen 
among the stories with the exception of the roof story of some frames where lower 
deformations were observed at the V80 level. For the 9 story frames, the distribution 
of deformation was even among the stories at the design base shear level, however, at 
the maximum base shear and after a 20% drop in capacity, the deformation was 
concentrated in ranges of 4 to 6 stories forming a multi-story mechanism (Krishnan 
and Muto 2012). The story groups where the inelasticity was concentrated were either 
located at the top, middle, or bottom of the structure. No fundamental behavioral 
differences were observed between the frames with RCFT columns and those with 
SRC columns owing to the fact that flexural yielding of the beams controlled the 
response.  

 

 
Figure 3. Sample Results of the Static Pushover Analyses. 

 
For the C-SCBFs, the response was initially linear, however, in contrast to the 

C-SMFs, sharp changes in stiffness including drops in capacity were observed in the 
response corresponding to yielding and buckling of the individual braces. These 
jumps are exacerbated by the fact that only one bay of bracing was modeled; had 
multiple bays been included with slightly different loading or material properties, the 
response would likely have been smoother. Also in contrast to the C-SMFs, for the 3 
story frames the deformation was often concentrated into one story. The 9 story 
frames showed a similar response to the C-SMFs in that multi-story mechanisms 
were developed where the deformation was concentrated in 4 to 6 consecutive stories. 
Conclusions from the results in the context of evaluating the system overstrength 
factor are given later.  
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DYNAMIC RESPONSE HISTORY ANALYSES 
 
In the methodology, collapse is assessed in the context of incremental 

dynamic analyses (IDA) (Vamvatsikos and Cornell 2002). Dynamic response history 
analyses are performed, subjecting each frame to a suite of ground motions scaled at 
different intensities. The 44 earthquake ground motions described in the methodology 
(FEMA 2009) were used for this study.  

Explicit modeling of the collapse of structures is a challenging task and the 
subject of current research (e.g., Khandelwal et al. 2009; McAllister et al. 2012). The 
FEMA (2009) methodology has avoided the need to explicitly model collapse by 
defining collapse in the context of incremental dynamic analyses. In incremental 
dynamic analyses, a frame is analyzed under different ground motions and at 
different intensities. The resulting curve shows a response value (typically peak story 
drift) versus an intensity measure. Typical results would show an initially high slope, 
gradually transitioning to a low slope; however, in practice a wide variety of behavior 
is seen.  

Determination of “collapse” is necessary for the methodology and thus 
approximate definitions are adopted. In this work, collapse is defined when a 
prescribed maximum story drift of 10% is observed in the incremental dynamic 
analysis results. This is an approximate method since collapse is not associated with 
any particular drift limit (Krawinkler et al. 2003); however, some justification of the 
10% limit exists. Generally, little hardening response is seen incremental dynamic 
analysis results beyond 10% drift.  Also, the nonlinear models were not validated for 
deformations beyond this range and nonlinear effects that are not being modeled 
directly in this work, such as fracture, lateral torsional buckling, or connection 
degradation may occur at these higher drift levels.  

Key results from the dynamic response history analyses include: 
• The median collapse intensity, ŜCT, determined as the intensity, ST, at which 

half of the ground motions cause maximum story drifts of greater than 5% 
• The collapse margin ratio, CMR = ŜCT/SMT (where SMT is the maximum 

considered earthquake intensity).  
 

Analysis Results 
 
An example of the results for the same three-story C-SMF highlighted before 

is shown in Figure 4. Full results are presented elsewhere (Denavit 2012). 
For both the C-SMFs and C-SCBFs, the majority of incremental dynamic 

analysis curves exhibit the typical response with an initial relatively high slope 
followed by a relatively low slope at higher intensities. The initial slope of the curves 
for each frame varies, owing to inherent differences between the 44 ground motions. 
In general, at the maximum considered earthquake intensity (i.e., ST = SMT), the 
distribution of story drifts is relatively uniform along the height of the building. An 
exception is the 9 story C-SCBFs where often the top story exhibits deformations 
several times greater than that of the other stories.  
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SYSTEM OVERSTRENGTH FACTOR, ΩO 
 
According to the methodology, the system overstrength factor, (Ωo, should 

not be taken as less than the largest average value of overstrength, Ω, from any 
performance group, however, upper limits of 1.5R and 3.0 are applied (FEMA 2009).  

 

 
 

Figure 4. Sample Results of the Dynamic Response History Analyses. 
 
For the C-SMFs, the average overstrength for the performance groups ranges 

from 5.3 (for the performance group with high gravity load, SDC = Dmax, and long 
period) to 9.9 (for the performance group with high gravity load, SDC = Dmin, and 
long period). These values are quite high and reflect the displacement controlled 
design of these structures. Other studies on steel special moment frames (NIST 2010) 
have also shown high overstrength. Several factors have led to the particularly high 
overstrength values seen in this study. The use of Cd = R in the design of the frames 
reduced the allowable story drifts thus increasing member sizes. In the model, the 
plastic hinges were forced to a location 2d/3 away from the column face (where d is 
the bean section depth). This distance was the assumed length of the connection. 
Selection of this distance resulted in higher frame strengths as compared to shorter 
connections. Additionally, reduced beam section connections were not used for these 
structures; if they had been used, lower overstrength would have been observed. For 
the results shown, all of the performance groups exceed the practical upper limit of 
3.0, so it is recommended that the system overstrength factor remain unchanged from 
its current value (Ωo = 3.0).  

For the C-SCBFs, the average overstrength for the performance groups ranges 
from 1.7 (for the performance group with high gravity load, SDC = Dmin, and short 
period) to 2.8 (for the performance group with low gravity load, SDC = Dmax, and 
short period). These results are in contrast to the C-SMFs where high overstrength 
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ŜCT = 5.72g

SMT = 1.50g

SFRS: C−SMF, Frame: RCFT−3−1

Composite Construction in Steel and Concrete VII 543

© ASCE



was observed and reflect the strength controlled design of these structures. Other 
studies on steel special concentrically frames (NIST 2010) have shown similar 
overstrength results. In light of these results (some performance groups with 
overstrength greater than 2.0), an increase the system overstrength factor for C-
SCBFs could be warranted, although the current value (Ωo = 2.0) is likely sufficient.  

 
RESPONSE MODIFICATION FACTOR, R  

 
According to the methodology, the response modification factor that was used 

to design the archetype frames is acceptable if the probability of collapse for 
maximum considered earthquake ground motions is approximately 20% or less for 
each index archetype and 10% or less on average for each performance group (FEMA 
2009). To evaluate these conditions, adjusted collapse margin ratios are computed 
and compared against reference values (Equations 2 and 3). 

 
 20%iACMR ACMR≥  (2) 

 
 ( ) 10%mean iACMR ACMR≥  (3) 

 
where,  

ACMRi = adjusted collapse margin ratio for each index archetype, i 
ACMR20% = acceptable value of the adjusted collapse margin ratio for 20% 

collapse probability 
ACMR10% = acceptable value of the adjusted collapse margin ratio for 10% 

collapse probability 
 
The adjusted collapse margin ratio (Equation 4) is the product of the collapse 

margin ratio, CMR, as determined from the response history analyses and a spectral 
shape factor, SSF, given in FEMA P695 (2009). The spectral shape factor depends on 
the fundamental period, T, and period based ductility, μT, and accounts for the 
frequency content of the selected ground motion record set.  

 
 i i iACMR SSF CMR=  (4) 

 
The acceptable values of the adjusted collapse margin ratio are derived from 

the lognormal distribution and depend on the desired collapse probability (10% or 
20%) and a measure of the total system collapse uncertainty (expressed as βtotal). 
Uncertainty in the system collapse assessment comes from a number of sources. 
Uncertainty due to the variability between ground motions records is characterized by 
βRTR [Equation 5 (FEMA 2009)] 

 
 0.1 0.1 0.4RTR Tβ μ= + ≤  (5) 

 
Uncertainty in the design requirements, test data, and nonlinear modeling are 

characterized by qualitative quality ratings as will be described.  
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For both of systems, the design requirements have been well-vetted and 
provide extensive safeguards against unanticipated failure modes. The hierarchy of 
yielding and failure of components is well established. However, construction 
practices are comparatively less mature than for either structural steel or reinforced 
concrete structures. For these reasons, a quality rating of good (B) is given to the 
design requirements for both C-SMFs and C-SCBFs. 

Numerous tests on composite members, connections, and frames have been 
conducted and reported in the literature. The tests span most of the important 
parameters which affect design requirements and the behavior is generally well 
understood. For these reasons, a quality rating of good (B) is given to the test data for 
both C-SMFs and C-SCBFs. 

The nonlinear models directly simulate all predominate inelastic effects and 
have been extensively validated against experimental results. The sets of archetype 
frames provide a reasonably broad representation of the design space. However, 
fracture is not included in the modeling and the frames were assumed to be properly 
designed to preclude connection deterioration and lateral torsional buckling. For these 
reasons, a quality rating of good (B) is given to the nonlinear modeling for both C-
SMFs and C-SCBFs. 

The quality ratings are assigned lognormal standard deviation parameters 
[Table 3, (FEMA 2009)] and the total system collapse uncertainty is computed with 
Equation 6 then rounded to the nearest 0.025. The value depends on the period based 
ductility but is constant for μT ≥ 3. For both systems the value of βtotal for μT ≥ 3 is 
0.525. 

 

 2 2 2 2
total RTR DR TD MDLβ β β β β= + + +  (6) 

 
Table 3. Quality Ratings. 

System Quality of Design 
Requirements Quality of Test Data Quality of Nonlinear 

Modeling 

C-SMF 
B (Good) 
βDR = 0.2 

B (Good) 
βTD = 0.2 

B (Good) 
βMDL = 0.2 

C-SCBF 
B (Good) 
βDR = 0.2 

B (Good) 
βTD = 0.2 

B (Good) 
βMDL = 0.2 

 
For the C-SMFs, all of the evaluations pass and thus the current response 

modification factor is deemed acceptable. In fact, all frames pass by a significant 
margin. Many of the IDA curves retain a significant positive slope even at the high 
levels of earthquake ground motion used in this study (up to 5-7 times maximum 
considered earthquake intensity). This is indicative of the excellent performance of C-
SMFs subjected to earthquake ground motions. For the C-SCBFs, all of the 
evaluations pass and thus the current response modification factor is deemed 
acceptable. The margin of passing is not as great as for the C-SMFs, nonetheless, the 
C-SCBFs exhibit excellent performance. It should be noted that these results are only 
strictly applicable to well designed and detailed frames where connection 
deterioration will not occur and sufficient lateral bracing is provided. 
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DEFLECTION AMPLIFICATION FACTOR, Cd 
 
According to the methodology, for systems with typical levels of damping, 

including the systems studied here, the deflection amplification factor, Cd, is equal to 
the response modification factor (FEMA 2009). For C-SCBFs this represents a minor 
change as the current difference between R and Cd is small and there structures are 
typically not displacement controlled. For C-SMFs this represents a significant 
change. Setting Cd = R results in a 45% increase in Cd from the current value. 
Additionally, Cd plays a central role in the design of moment frames since they are 
often displacement controlled.  

In this study, four frames were designed with the current Cd value. These 
frames had smaller members than their counterparts designed with Cd = R = 8.0. 
Some differences in performance were noted. The average overstrength of the frames 
designed with the current Cd was 4.9 while it was 6.4 for their counterparts. The 
average adjusted collapse margin ratio of the frames designed with the current Cd was 
5.5 while it was 6.2 for their counterparts. These results indicate that the frames 
designed with the current Cd value have acceptable performance and that setting Cd = 
R for this system is unnecessary from a safety perspective.  

All in all, further study is needed to determine the ramifications of setting Cd 
= R and whether such a change is necessary. Further study should include the 
possibility of a corresponding increase in the deformation limits should the Cd factor 
increase, 

 
CONCLUSIONS  

 
A study was conducted following recommendations in FEMA P695 (2009) to 

determine the seismic performance factors (i.e., R, Cd, and Ωo) for composite special 
moment frames (C-SMF) and composite special concentrically braced frames (C-
SCBF). A suite of 60 archetype frames was selected and designed according to 
current design specifications. Nonlinear static pushover analyses and dynamic 
response history analyses were performed on the frames to characterize the behavior 
and generate statistical data to be used in evaluation of the seismic performance 
factors. Both systems exhibited excellent seismic behavior and current seismic 
performance factors were found to be acceptable. In particular, it was noted that 
frames designed with the current deflection amplification factor, Cd, were found to be 
acceptable and thus a potential change to set Cd = R should be studied further and 
perhaps accompanied by a corresponding change to the drift limits such that future 
seismic drift requirements are equivalent to the current seismic drift requirements. 
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Abstract 

 
Assessment of damage costs due to an earthquake is an important issue for the 

insurance industry, yet it currently lacks real damage data for realistic pricing of 
individual risks. Sophisticated numerical tools, which are widely used to assess 
structural behavior in great detail (like FEM), may be used with confidence in 
modeling damage and therefore, they may be suitable in seismic risk assessment for 
insurance purposes. To produce a virtual damage database, the “Simulated Building 
Portfolio”-Tool (SBP-Tool) was developed at the University of Kassel in cooperation 
with the Munich Re. This paper presents the first virtual portfolio for steel-concrete 
composite frame structures. The SBP-Tool uses beam elements for the composite 
columns and steel girders, and shell elements for the concrete slabs. Shear springs are 
automatically created to model the composite action between concrete slabs and steel 
beams. Rotational springs model the semi-rigid beam-column connections. 

 
INTRODUCTION 

 
The assessment of damage losses due to an earthquake is an important issue for 

the insurance and reinsurance industry, but it currently lacks the level of detail that is 
required for realistic pricing of individual risks. 

Once again, the recent earthquakes that struck Chile (Maule, Mw 8.8, February 
6, 2010), New Zealand (Darfield, Mw 7.0, September 3, 2010 and Lyttelton, Mw 6.1, 
February 21, 2011) and Japan (Honshu, Mw 9.0, March 11, 2011) in the last three 
years proved the strategic importance of this kind of industry and renewed the crucial 
question of how to develop a resilient concept for society. 

Any further advancement in that respect is strictly related to the capabilities of 
creating reliable models to predict seismic risk. This process implies a better 
understanding of the hazard, of the vulnerability and of the exposure that is involved. 

Even if important on-going projects, like the Global Earthquake Model (GEM), 
are aiming at sharing and improving our knowledge, the “state-of-the-art” of the 
empirical data-set regarding earthquake’s economic losses presents a severe non-
uniformity. The worldwide information available is extremely different from both the 
quality and the geographical points of view. 
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Since earthquakes are rare events, the situation will not likely change 
significantly in the foreseeable future. It is therefore necessary to further investigate 
the development of innovative concepts based on consolidated numerical simulation 
techniques. 

This paper presents how to simulate a first portfolio consisting of steel-concrete 
composite structures, which can be used in combination with detailed wave 
propagation models to estimate the damage and the resulting damage costs.  

[Mazzieri 2013] shows how to describe a spatial variability of strong-ground 
motions through large-scale 3D simulations of wave propagation in near-surface 
soils. He developed complex 3D FE-models for a region of 1 km x 1 km and a depth 
of 50 m. More than 1.000.000 Finite Elements are typically required to simulate the 
wave propagation in a particular soil system. 

Using these complex soil models, Mazzieri assessed the response of buildings 
due to the simulated wave propagation by modeling them as rigid bodies (Figure 1). 
This neglects the dynamic characteristics and the non-linear structural behavior of 
buildings despite being the controlling factors for the response of buildings under 
seismic actions.    

 

 
Figure.1 - Left: 3D-model of the soil and the buildings in Christchurch CBD 

Right: Snapshots of the simulated displacement of the buildings of the 
Christchurch CBD both from [Mazzieri 2013] 

 
A combination of such detailed wave propagation models with sophisticated 

structural models for the buildings in question is required, if reliable data for seismic 
risk analysis is to be provided. 

 
THE SBP-TOOL FOR GENERATING A VIRTUAL PORTFOLIO 

 
To create this kind of building models, the so-called “Simulated Building 

Portfolio-Tool” (SBP-Tool) was developed at the University of Kassel in cooperation 
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with the Munich Re, [Mühlhausen 2011, 2012]. It provides a virtual portfolio of 
realistic buildings by using a set of global building criteria provided by the user in a 
configuration file. A statistical process automatically generates each individual 
building for the portfolio using the given range for each criterion. 

 

 
Figure 2. Import new routines to generic SBP-Tool 

 
The program is written in ISO C99 and features a modular design (Figure 2). 

This allows for easy adaptation to different structures (masonry, steel frames, rc-
frames with masonry infill, etc.) and inclusion of additional building features, like 
stairs or penthouses. Currently, the SBP-Tool is used to generate 3D linear FE-
models of masonry buildings (Figure 3) and as a recent addition, steel-concrete 
composite frame structures. A detailed description of how to generate the 
sophisticated steel-concrete composite frame structures with the pre-design (static) 
module is given in the following chapter.  

 

Figure 3. A regional portfolio of 3D FE-models for masonry buildings 
simulated with the SBP-Tool. This can be combined with any seismic input, e.g. 

wave propagation models 
 
Whereas the first file (a configuration file) does not depend on any particular 

FE-software, the second one, the output, must be adapted to its specific commands. 
This allows the use of other FE-software (Ansys, Open Quake, SLang etc.) without 
interfering with the initial generation process of the buildings. 

SLang imports the ASCII files and, by executing the commands, it creates the 
mass and stiffness matrices. They are exported as two additional output files. 
Furthermore, SLang creates a file with all the information associated with each DOF. 
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Thus, a set of 4 files is created for each building generated containing all the 
necessary information to perform a dynamic analysis, and in particular a time history 
analysis. 

In general (e.g. non-linear structures) around 500 time histories are required to 
determine the standard deviation of a local variable with an accuracy of greater than 
99 % according to the central limit theorem. 

That means for a given portfolio like the one in figure 4 with 65 buildings and 
approximately 1.700.000 DOFs, 8.500.000 time histories are required. To compute 
8.500.000 time histories in a short period of time, the use of an efficient algorithm in 
combination with parallel computing is necessary. 

In the case of linear structures, the use of power spectra provides an efficient 
way to calculate the required statistical values of local variables, which can be 
obtained by multiplying the transfer function of the local variable with the power 
spectrum of the input process (ground motion). 

 
STEEL-CONCRETE COMPOSITE FRAME STRUCTURES WITHIN THE 
SBP-TOOL 

 
A composite structure combines two or more materials with each other and is a 

widely used structural system in buildings and bridges.  
Nowadays, a wide range of materials can be used in composite structures, like 

wood and concrete (especially ultra high performance concrete), but the most 
common way is combining steel and concrete for manufacturing composite columns, 
composite beams and composite slabs.  

The main purpose of combining different materials is to take advantage of the 
strengths of each material despite the different mechanical properties and their 
individual weaknesses; for example while one material can be  efficient in tension 
(e.g. steel) the other one (like concrete) would be efficient in compression. 

Further advantages of using steel-concrete composite structures are that 
concrete provides a good protection against corrosion and high temperature (fire). 
The use of steel-concrete composite structures can result in a more efficient design in 
comparison with steel or concrete structures alone. Usually, larger spans can be 
reached when a concrete-steel composite system is chosen [Bode,1998, Huber, 2000]. 
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Figure 4. A sketch of a steel-concrete composite slab, [Duowei webpage] 

 
The SBP-Tool is written in a generic way, which allows the addition of new 

attributes. In its current state, the following SBP-Input parameters are needed to 
generate similar buildings (from a statistical point of view) for a portfolio (Figure 5): 

• number of storeys, approximate building plan, 
• types of composite deck and columns, 
• year of construction and 
• geographic location 
•  

 
Figure 5. A generated portfolio of steel-concrete composite office buildings using 

the SBP-Tool 
 
With the knowledge of these SBP-Input parameters, a statistical variation is 

performed so that hundreds of buildings are generated automatically. The generated 
buildings with the SBP-Tool have the following components modeled with Finite 
Elements automatically: 

 
 
 

Concrete Slab 

Profiled steel decking  
Shear studs  

Steel girder  
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• Steel or steel-concrete composite columns as beam elements, 
• steel girders as beam elements, 
• reinforced concrete slabs as shell elements, 
• semi-rigid beam-column connections as rotational-springs and 
• composite beam-slab connections as shear-springs.   

 
A pre-design (static) module is attached to the SBP-Tool to estimate the 

composite-sections based on codes, which were relevant at the time of construction. 
For a given static system (e.g. single span or multi span beams) the maximum 

bending moment MEd will be calculated and the necessary steel girder with the 
needed resistant bending moment MRd will be chosen from a list of stored profiles 
automatically.  A scheme for the procedure to estimate the necessary steel girder is 
shown in figure 6. 

 

 
Figure 6. 3D-FE model (left) for a composite frame. Static system of red 

part is shown in the middle and an extract of the available profiles is shown on 
the right. 

 
One of the most important aspects of modeling composite structures are the 

connections between different materials (steel and concrete) and different composite 
members (beams to columns). To model the beam-slab connections between the steel 
girder and concrete slab and the semi-rigid beam-column connections, shear springs 
and rotational springs are used respectively and modeled with the Finite Element 
software SLang. In figure 7 a three and a four storey frame building is shown. 
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Figure 7. FE-models for a three and four storey steel-concrete composite frame 

building 
 

THE PORTFOLIO SIMULATION 
 
To perform the time history analysis with the required efficiency and speed, a 

parallel implementation of Dorka's substructure algorithm [Dorka 1991, 2002], 
[Bayer et al. 2005] is needed and given in Figure 8 as a flowchart. On the left is 
shown the linear control mechanism and on the right the flowchart of substructure 
algorithm. 
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chosen. This case study is conducted with a return period of 475 only, but by using 
several return periods, for example 10, 20, 50, 100, 200, 1000 and 2000 years, a loss 
curve for a single risk or portfolio can be produced. 

Loss curves are the ratio between repair costs and return period and they are an 
important tool for the insurance and reinsurance industry for calculating the local 
premium. An economic loss of a single risk is reached much earlier than the 
mechanical collapse, so it is important to notice that the focus of this study lies on 
economic aspects not safety aspects. 

The following assumptions are made to demonstrate this approach on a 3 
storey-office building located in the city centre of Potenza (Italy). To describe the 
hazard for this building, two parameters are used: the local soil and the peak ground 
acceleration (PGA). For the region of Potenza, the reference PGA has a value of 
0,275g for a return period of 475 years. For this seismic hazard, time histories in x- 
and y-direction are generated artificially and are shown in Figure 9 with a maximum 
of ca. 3 m/s².  

 

 
 Figure 9. Artificially generated time histories in x- and y-direction for the 

chosen location (Potenza, Italy) and seismic hazard level 
 
The office building was generated with the SBP-Tool based on the following 

specific criteria (compare general criteria chapter 5): 
• number of storeys: 3 storeys, storey height 4m 
• approximate building plan: 21m by 6m, 
• types of composite deck: Solid steel-concrete composite deck with steel H-

sections 
• types of columns: Steel columns  
• year of construction: 1972 (This defines the building code to be used by the 

pre-design (static) module) 
• geographic location: Potenza, Italy 

The pre-design module of the SBP-tool specifies the columns and beams. For 
this illustrative example, the profiles are HEA 500 (column) and IPE 400 (beam).  

With this information, a FE-model is automatically created with SLang. For this 
example, the model was ported to SAP2000 manually in order to use this program’s 
advanced visualization capabilities, which Slang is lacking. SAP2000 cannot be used 
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for a full risk analysis because it cannot utilize the efficient and fast substructure 
algorithm (Fig. 8), which is required for a risk simulation within a reasonable time 
frame. 

In SAP2000, a typical plastic hinge is color-coded with its elastic limit in 
purple, its elastic-plastic limit in yellow and its plastic limit in brown (Fig. 10). 
Additional colors were defined here to describe three damage levels: blue for light 
damage, light blue for moderate damage and green for total damage. These must refer 
to different levels of repair costs in order to estimate the total damage cost for the 
whole structure. In this example, they have been defined close to relevant mechanical 
states, with a certain need for repair. E.g. the beginning of global yield will require at 
least minor repairs after an earthquake whereas excessive yield will cause the 
replacement of the corner. 

 
Figure 10. Definition of a plastic hinge with elastic limit (purple), elastic-plastic 

limit (yellow), plastic limit (brown) and three damage levels (blue, light blue and 
green).        
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Figure 11. Left: Deformed shape for the sample building from the 
SAP2000 analysis with color-coded corners according to Figure. 10 showing 

many corners with moderate to severe damage: This structure is likely to be a 
total economic loss although it will not collapse. 

 
Obviously the function for the repair cost is not linear and steps are not 

uncommon. In order to describe the repair function realistically, repair processes 
must be studied in detail for the different damage levels, which was not done here. 
Therefore, the results presented in Fig. 11 are only an illustration of the process.   

It may be said that most likely this 3-storey office building is a total economic 
loss for this seismic hazard level although collapse is not to be expected: The hinges 
in the first floor are completely plasticized and many other hinges are at least 
moderately damaged. Therefore, the repair costs will most likely exceed the value of 
the structure. 

 
CONCLUSION 

 
Reliable seismic damage and loss simulation not only requires sophisticated 

seismological ground models, but foremost detailed structural models, since damage 
and repair needs depend on the dynamic characteristics and the local non-linear 
structural behavior. Virtual building portfolios consisting of thousands of FE models 
can now be generated with the SBP-Tool developed at the University of Kassel. Their 
seismic risk can be assessed within a reasonable time frame by using an efficient 
algorithm, which has been developed for hybrid simulations in combination with 
parallel computing. 

In order to validate such sophisticated FE-models, mechanically consistent 
scaling [Dorka 2013] may be used with advantage since it preserves local behavior in 
a global analysis without sacrificing computational speed. This has been shown for 
welded composite beam-column connections under static loading [Amorntipsakul 
2013] and further work is under way to extend it to cyclic loading. 
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This will also enable a realistic analysis of local repair costs as a function of 
certain local mechanical states that are reached under a certain seismic hazard. This 
may then lead to a realistic assessment of economic risk for such structures. Then, 
realistic virtual portfolios can be created for steel-concrete composite frame buildings 
in order to assess damage costs in regions where no or little event data are available.  
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Abstract 
 

This paper describes part of an on-going research project within the Centre for 
Infrastructure Engineering and Safety at UNSW on an investigation of the strength 
behaviour of SFRC composite slabs having deep steel trapezoidal decking.  It 
describes three groups of short-term load tests on single-span SFRC composite slabs, 
the test methodology being adopted from Eurocode 4 for the determination of the 
values of the parameters m and k.  The aim of the tests was to study the effect of the 
presence of steel fibres to the longitudinal shear-bond strength at the interface 
between the steel profiled sheet and the SFRC concrete slab.  The load-deflection 
responses and the end slips were closely monitored in order to gain a clear insight 
into the shear-bond behaviour of the test specimens.  The concrete properties, 
including its compressive strength, tensile strength, modulus of elasticity and fracture 
energy were measured on companion specimens for every test group.  The results 
were used to calculate the longitudinal shear bond strength by using partial 
interaction theory to provide benchmark experimental results. 
 
Keywords: Composite slabs; Steel-fibre reinforced concrete; Partial shear connection; 
Trapezoidal profiles; Shear bond. 
 
 
1. INTRODUCTION 
 

Composite steel-concrete flooring slab systems are used widely in 
contemporary building construction.  The understanding and the application of this 
structural system have been in place for many years.  Composite slabs with deep 
trapezoidal steel decks are gaining a favourable reputation as economic load carrying 
members and this system is a very efficient form of construction.  In a steel-concrete 
composite slab, the profiled steel sheet acts as the bottom, tensile reinforcement in the 
positive moment region of the slab.  The strength of the composite slab depends, 
however, on the longitudinal shear resistance at the interface between the concrete 
slab and the profiled steel sheeting (Oehlers and Bradford, 1995).  Current practice 
uses plain concrete reinforced with conventional reinforcing mesh for early-age 
shrinkage control and fire resistance purposes.  

The use of steel fibres in concrete as an alternative (or supplement) to 
conventional reinforcement is now a mature technology, after almost 40 years of 
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experience and extensive research being devoted to the technology.  The variety of 
fibres being produced and used by the construction industry is growing steadily, and 
the range of application of steel fibre reinforced concrete (SFRC) is expanding. The 
inclusion of steel fibres in concrete has been shown to improve the post-cracking 
behaviour of a reinforced concrete member, both in terms of crack control and 
ductility.  Therefore, the viability of combining composite steel-concrete slabs and 
steel fibres warrants investigation, and is addressed in the present paper. 

However, as with all composite slabs, their strength relies heavily on the 
resistance to vertical separation and to horizontal slippage between the contact 
surface of the concrete and the profiled steel sheet.  Previous research findings have 
indicated that the failure of the steel-concrete structure takes place in a horizontal 
section of the slab close to the support. At failure, the interface of these two materials 
is disjoined and displaced in relation to each other (Vainiūnas et al. 2006). Therefore, 
it is crucial that this strength aspect of a composite slab system is established prior to 
its application in practice.  An understanding of how the steel fibres affect the 
longitudinal strength of a composite slab system is much needed. 

Specifically, this paper describes three groups of short-term static load tests 
on single-span composite slabs.  The aim of the tests was to study the behaviour and 
the shear-bond strength of composite slabs with steel fibre dosages of 30 kg/m3 and 
60 kg/m3 in comparison to a control slab without steel fibres.   
 
2. BACKGROUND  
2.1. General 

 
The shear bond and the failure mechanisms related to it are quite complex and 

difficult to predict (Chen and Shi 2011; Sohel et al. 2012).  The failure mechanisms 
of composite slabs are an important aspect in determining the overall behaviour of 
composite slabs. The fundamental strength characteristic of a composite steel-
concrete structural slab is the transfer of forces (or the shear connection) between the 
two components at the surface of the concrete and the steel sheeting.  In steel-
concrete composite slabs, the shear connection is in two directions i.e. along the 
secondary steel beams where it is achieved by headed stud connectors located in the 
trough of the decking, and along the ribs in the profiled steel sheet orthogonal to the 
ribs where it is achieved through friction, adhesion and aggregate interlock.  The 
interaction between the concrete and steel generates shear bond between them that 
dictates their load-carrying capacity. 

Composite steel-concrete slabs may fail in different modes depending on the 
shear span length, the total span length and the effectiveness of the interaction at the 
interface.  For the case of a simply supported slab, the locations of the three modes of 
failure are shown in Fig. 1.   Failure type 1 (flexural) occurs when the bending 
resistance of the slab is exceeded at the point of maximum applied moment (near 
mid-span, position 1 in Fig. 1).  This is the critical mode of failure, particularly for 
slabs in excess of 4.5 m  long with high degrees of interaction between the concrete 
and profiled steel sheeting (Lopes and Simões 2008).  Failure type 2 (longitudinal 
shear) occurs when the ultimate longitudinal shear resistance at the interface is 
exceeded (position 2 in Fig. 1). This failure associated with a significant amount of 
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slip at the end of the slab.  Failure type 3 (shear) occurs near the support (position 3 
in Fig. 1) when the applied load is greater than the shear resistance of the slab. This is 
generally critical for short deep slabs. 

Generally in typical composite slab construction using normal plain concrete 
with slab spans between 2 m to 4.5 m, the failure mode is by longitudinal shear 
(Johnson 2004, Lopes and Simões 2008) and longer spans are prone to flexural 
failure.  Hitherto, research in the failure of composite slabs has focused on plain 
concrete, and little guidance is available for slabs with SFRC. 

 
 
 

 
 
 
 

Figure 1: Location of critical section for the failure mode in composite slab. 
 

Eurocode 4 (BSI 2004) prescribes the so-called m-k method and the partial 
shear connection method for determining the strength of composite slabs.  These two 
methods require full-scale laboratory testing. The m-k method is the most common 
method for determining the shear-bond strength of a newly designed profiled steel 
deck shape and section, giving the strength in terms of the shear capacity of the 
member under consideration.  The partial shear connection method translates the 
value of the longitudinal shear strength to the limit of bending capacity of the 
composite slab under consideration.  
 
2.2. Shear bond strength using the m-k method 
 
The evaluation of the longitudinal shear bond resistance by using the m-k method was 
first proposed by Porter and Ekberg (1975), who expressed the relationship between 
the vertical shear load and the shear span by the equation 
 

 ( )0.5pu
c

p s

AV s m k f
bd bL

  ′= + 
 

,            (1) 

 
where Vu is the maximum shear load (in N); s is the spacing of the shear transferring 
devices; dp is the depth of the extreme compression fibre of the slab to the centroid of 
the profiled sheet (in mm); f′c is the compressive strength of the concrete (in MPa); Ap 
is the cross-sectional area of the profiled steel sheet (in mm2) and b is the breadth of 
the composite slab (in mm). The values of m and k are empirical and are determined 
experimentally.  Because Eq. (1) produces unsatisfactory results when the variation 
of f′c is wide, it has been omitted to produce the Eurocode design strength equation 
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where the partial factor γvs is taken as 1.25.  Empirically, two different shear spans Ls 
are tested as in Fig. 2 which is taken from Eurocode 4, and linear regression of the 
lowest value in the group reduced by 10% produces the line shown in Fig. 2.  The 
longitudinal shear stress at failure is then 
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Figure 2: The m-k method as outlined by Eurocode 4. 

 
2.3. Shear bond strength using the partial shear connection method 

 
An alternative method to evaluate the longitudinal shear strength τu of a 

composite slab is the partial shear connection method, which is also in Eurocode 4.  
Based on rigid plastic analysis (Oehlers and Bradford 1995), the flexural capacity of 
the composite slab is calculated using a simple stress block for the concrete and the 
profiled steel sheeting, as shown in Fig. 3.  The flexural capacities are calculated at 
the two extremities of the interaction between the concrete slab and the profiled steel 
sheeting, and between these two extremities the beam has partial shear connection.  
As a result, the degree of the shear connection between the concrete slab and the 
profiled steel sheeting can be assessed, which governs the failure of the beam.  The 
failure load and its corresponding bending moment will determine the degree of 
interaction from the interaction diagram shown in Fig. 3.  It is assumed that before 
the maximum moment of the member is reached, there is a complete redistribution of 
longitudinal shear stress at the interface between the concrete and the steel sheeting, 
and therefore the value of τu is calculated. 
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Figure 3: Determining the degree of shear connection from Mtest as outlined in 

Eurocode 4. 
 

According to Eurocode 4, this method is only applicable to a slab specimen 
that exhibits ductile longitudinal shear behaviour, which requires the failure load to 
exceed the load causing a recorded end slip of 0⋅1 mm by more than 10%.   For any 
given type of single span composite slab system, a plot of the value of the degree of 
shear connection η versus the dimensionless bending capacity can be constructed.   
The degree of shear connection of the test specimen is obtained by interpolating the 
path of the corresponding flexural capacity obtained experimentally as shown in Fig. 
3. Therefore, the longitudinal shear strength τu can be calculated from  
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where η is the degree of shear connection, Ncf is the value of compression force in the 
concrete flange with full shear connection, Lo is the length of the overhang in the 
specimen and Ls is the shear span of the test specimen. The term 2/Pμ  is considered 
when the friction at support reaction is accounted where P is the total load and μ is 
the coefficient of friction. If the effect of friction is ignored, then this term can be 
neglected. Based on rigid plastic theory, the degree of shear connection is also 
defined by 
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where Nc is the compression force in the concrete and Ncf is the compression force in 
the concrete flange with full shear connection.  The strength of the composite slab MR 
is derived using the degree of shear connection η from 
 
     ,R c paM zN M= +              (6) 
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where z is the lever arm of stress block and Mpa is the plastic moment of resistance of 
the profiled steel sheeting alone. 
 
2.4. Force equilibrium method 

 
The interface behaviour between the sheeting and the concrete slab can also 

be represented by the shear bond-slip behaviour. The common method to investigate 
the shear bond-slip behaviour is by conducting a push-out test for the given profiled 
steel deck specimen. However, the shear bond-slip relationship can also be obtained 
from full scale testing by using the force equilibrium method. The method was used 
by An et al. (1993) to calculate the relationship of shear bond against the end slips of 
composite slabs specimen.  

Fig. 4 shows a free body diagram of the composite slab at failure and the 
corresponding strain and internal force acting across the section.  For moment 
equilibrium of this free body diagram, 
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The bending capacity of the sheeting Mr can be determined from the deformed profile 
shown in Fig. 5.  The curvature 1/R is related to the moment by 
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where the deformations δ1 and δ2 and lengths L and Ls are shown in Fig. 5. 
 

 
Figure 4: Free body diagram of the shear span, strain variation and internal 

forces. 
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Figure 5: Deflection and curvature of the composite slab test specimen. 

 
The moment lever arm z depends on the location of the neutral axis of the composite 
slab section, and it can be obtained from the experimentally measured strains.  With 
the measured strain in the steel εs and stain in the concrete εc and the slip strain εsl, the 
lever arm can be calculated from 
 
 3pz d x= − ,            (9) 

where 

 c

c s sl

x tε
ε ε ε

 
= × + + 

          (10) 

 
and dp and t are the distance from the extreme compression fibre to the centroid of the 
profiled steel sheeting and the overall slab thickness respectively.  The longitudinal 
shear bond stress is assumed to be uniformly distributed along the horizontal shear 
span contact area, and given by 
 

 
( )

s
avg

s o

T
b L L

τ =
× +

 ,          (11) 

while if the support reaction is considered for which the friction coefficient is given 
by μ, the longitudinal shear stress is given by 
 

 
( )

2
avg

s o

F P
b L L

μτ −=
× +

.          (12) 

 
3. TEST SETUP  
 

Single-span composite slabs fabricated using deep‐trapezoidal steel sheeting 
(W-deck) of yield strength fyp = 650 N/mm2, and steel fibre reinforced concrete were 
cast and loaded by static and cyclic load patterns up to failure.  Three (3) groups of 
specimens were constructed from a ready-mix concrete containing steel-fibres with 
dosages of 0 kg/m3, 30 kg/m3 and 60 kg/m3 of end hooked fibres high strength steel 
(Dramix RC80/60 BN).  In total, 17 single-span composite slab specimens were cast 
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and moist cured for a period of 28 days and then loaded to failure.  The specimens 
were divided into 3 major groups: 5 slabs in Group 1; 6 in Group 2 and 6 in Group 3, 
according to the dosage of steel fibres.  Each specimen was 3.5 m long (3.3 m 
between supports) and the average depth of all slabs was 140 mm.  The concrete 
properties, including compressive strength, tensile strength, modulus of elasticity and 
fracture energy, were measured on companion specimens for every slab tested.  An 
elevation and cross-section of a typical slab is shown in Fig. 6.  For each specimen, 
the deflection at mid-span, the crack widths near the loading points and slip between 
the decking and the concrete at both ends of the slab were recorded at each load 
increment from zero to failure of the specimen.  Also recorded continuously 
throughout the tests were the applied loads and the reactions at each support. 

 

 
Figure 6: Dimensions and section of slabs. 

 
Figure 7 shows the formwork used in the construction of the specimens.  Prior to 
casting each specimen, the inside surfaces of the timber side and end forms were 
cleaned and thinly coated with a concrete release agent to prevent adhesion of the 
concrete and to facilitate removal of the timber forms. The steel decking was 
continuously supported on the floor and remained there for 28 days. Companion 
specimens were also cast at the same time as the slab specimens. These were 150 mm 
diameter cylinders, for measuring the compressive stress-strain relationship and 
compressive strength, and 150 mm × 150 mm × 600 mm prisms for measuring 
flexural tensile strength and fracture energy. 
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Table 1: Details of test specimens. 
Slab ID t 

(mm) 
Shear span 

(mm) 
Fibre 

dosage 
(kg/m3) 

Loading fc 
(MPa) 

Group 1 – Plain concrete slab 
S1-A-0 145 825 0 static 50 
S2-A-0 142 825 0 static + cyclic 50 
S1-B-0 143 420 0 static 50 
S2-B-0 145 420 0 static + cyclic 50 
S3-B-0 143 420 0 static + cyclic 50 

Group 2 – 30 kg/m3 steel fibres 
S1-A-30 142 825 30⋅67 static 45⋅3 
S2-A-30 146 825 30⋅67 static + cyclic 45⋅3 
S3-A-30 142 825 30⋅67 static + cyclic 45⋅3 
S1-B-30 142 420 30⋅67 static 45⋅3 
S2-B-30 146 420 30⋅67 static + cyclic 45⋅3 
S2-B-30 148 420 30⋅67 static + cyclic 45⋅3 

Group 3 – 60 kg/m3 steel fibres 
S1-A-60 142 825 64⋅62 static 52⋅3 
S2-A-60 143 825 64⋅62 static + cyclic 52⋅3 
S3-A-60 145 825 64⋅62 static + cyclic 52⋅3 
S2-B-60 142 420 64⋅62 cyclic 52⋅3 
S2-B-60 144 420 64⋅62 static + cyclic 52⋅3 
S2-B-60 147 420 64⋅62 static + cyclic 52⋅3 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7: Formwork and slab immediately after casting. 
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Figure 8: Test setup and loading arrangement. 

 
Fig. 8 shows the spreader beam arrangement.  Load was applied at the third-

span points in both spans. The initial load, comprising of the self-weight of the slab, 
the weight of the spreader beams and the weight of all packing used in each test, was 
measured at the beginning of the test as the sum of the reactions measured by the load 
cells at each support.  

60 mm long hooked end steel fibres (RC80/60BN) were used in the test 
specimens.  The properties of the steel fibres are given in Table 2.  The steel fibres 
were mixed to the required dosages in the back of the concrete truck in the laboratory.  
The quantities of the measured steel fibre added to the concrete for each test 
specimen were calculated and the exact dosage was calculated after mixing using 
standard wash-out tests. 

 
Table 2: Nominal properties of steel fibres. 

Steel 
fibre  

Diameter 
(mm) 

 Length 
(mm) 

Mean tensile  
strength  
(MPa) 

Elastic  
modulus  

(GPa) 
RC80/60BN (L) 0⋅75 60 1225 200 

 
The instrumentation included: (1) laser transducers, each with an accuracy of 

0⋅01 mm, to measure the deflection of the slabs at the mid-point of each span; (2) 
load cells to measure the actuator loads (3) LVDTs to measure the slip between the 
steel deck and the concrete at each end of the slab; (4) surface mounted strain gauges 
and Demec gauges to measure concrete strain at the top surface of the slab at the 
loading points. 

The test procedure for all groups was identical.  Load was applied by a servo-
controlled Instron hydraulic actuator via longitudinal and transverse spreader beams 
based at two different positions for the shear spans. The long shear spans were at ¼ L 
and ¾ L of the span length L while the short shear spans were symmetrically at 420 
mm measured from the each support.  The applied load was measured by using a 
calibrated load cell that was placed directly under the actuator.  The loading procedure 
was in accordance with the guidelines given in Eurocode 4 with some minor 
modification of the determination of the range of cyclic loading.  One slab from each 
series of every group was tested with static load only while the other two slabs of the 
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same series were tested with 5000 cycles of loading for a duration of 3 hours, prior to 
loading to failure under increasing load.  The first slab from each series was tested with 
static load only in order to determine the level of cyclic load for the other two slabs in 
the same series. The initial test (cyclic load test) was conducted by applying the cyclic 
load with the lower and upper limit of 20% and 60% of the failure load respectively 
obtained from the first slab tested with static load only. The failure load was taken as 
the load that produced substantial slips causing  the load to drop significantly and this 
value was taken from each of the first slab from each series that was tested with only 
static load. 

 
4. TEST RESULTS  
 

For each group of test specimens, accompanying material testing was also 
conducted.  A summary of the material test results is given in Table 3.   
 
Table 3: Material test results. 

Slab ID Compressive
strength 
(MPa) 

Elastic 
modulus 
(MPa) 

Direct 
tensile 

strength 
(MPa) 

Flexural 
tensile 

strength 
(MPa) 

Fracture 
energy 
(Nm) 

Group 1  50⋅0 30,900 4⋅20 4⋅67 125 
Group 2 (30kg/m3) 45⋅3 30,100 3⋅84 6⋅20 5,300 
Group 3 60kg/m3) 52⋅3 27,500 4⋅38 7⋅57 11,800 
Group 3 ( S1-A-60) 49⋅0 24,300 4⋅28 8⋅27 19,190 
 

The results for the tests for the long shear span (series A) and short shear span 
(series B) are shown in Tables 4 and 5 respectively.   All specimens behaved in a 
similar manner.  Fig. 9 shows the load versus deflection response of the slab 
specimen in series A loaded with static load only.  The first-crack load occurred at 
relatively low load: the plain concrete slab cracked at the load of 10 kN; that with a 
fibre dosage of 60 kg/m3 cracked at slightly higher load of 14 kN.  Slab specimens 
loaded with the short shear span had higher cracking loads compared to the long span 
series, ranging from 15 kN to 25 kN as well as higher peak loads than the series A 
slabs as shown in Fig. 10.  The loading continued with a reduced stiffness up to the 
point where the slip between the deck and the concrete occurred. The load dropped as 
the first slipping occurred. 

The end slip was also recorded electronically.  Tables 7 and 8 show the key 
values of load at 0⋅1 mm slip and the recorded slip at failure for every slab specimen 
in each series respectively.  It can be seen from the tables that significant slip 
occurred at failure.  The ratios of Pu/P0.1 are all greater than 1⋅1 which classify the 
slab behavior as ductile in accordance with Eurocode 4. The end slip versus applied 
load for the slab specimens tested with static load from both series A and B are 
shown in Figs. 11 and 12 respectively.  The slab with a long shear span and with a 
dosage of 60kg/m3 was not instrumented with electronic transducers to measure the 
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end slips, but rather with mechanical gauges.  As such, the reading obtained was 
deemed considerably inaccurate and omitted from the results.  

Slip took place at both ends of the test specimen.  It was observed that the slip 
rates were different between the two ends.  As the load increased, the cracked 
constant moment region became noticeably larger and eventually the slabs failed due 
to the loss of longitudinal shear strength resulting in significant interface slip at the 
shear span region as shown in Fig. 13. 

 
Table 4: Test results for Group A (shear span = 825 mm). 

Slab ID 
Peak load 
Pu (kN) 

Cracking 
load Pcr 

(kN) 

Cracking 
moment 

Mcr (kNm)

Ultimate 
moment 

Mu (kNm)

Moment 
ratio 

Mu/Mcr 

Deflection 
at failure 

dmax (mm) 

S1-A-0 37 10 4.13 15.26 3.700 64 

S2-A-0 33 10.75 4.43 13.61 3.070 61 

S1-A-30 44.8 12 4.95 18.48 3.733 60 

S2-A-30 50 11.75 4.85 20.63 4.255 58 

S3-A-30 47 12.75 5.26 19.39 3.686 72 

S1-A-60 52.6 14 5.78 21.08 3.650 32 

S2-A-60 51 16.75 6.91 21.04 3.045 45 

S3-A-60 55.75 15 6.19 23.00 3.717 67 
 
Table 5: Test results for Group B (shear span = 420 mm). 

Slab ID 
Peak load 
Pu (kN) 

Cracking 
load Pcr 

(kN) 

Cracking 
moment 

Mcr (kNm)

Ultimate 
moment 

Mu (kNm)

Moment 
ratio 

Mu/Mcr 

Deflection 
at failure 

dmax (mm) 

S1-B-0 59 20 4.20 12.39 2.950 26 

S2-B-0 59.5 21 4.41 12.45 2.833 48 

S3-B-0 57 21.5 4.51 11.97 2.651 42 

S1-B-30 91.5 20 4.20 19.21 4.575 57 

S2-B-30 90.5 25 5.25 19.00 3.620 44.5 

S3-B-30 94 15 3.15 19.74 6.267 43 

S1-B-60 100.3 22 4.62 21.06 4.545 36 

S2-B-60 108.5 18 3.78 22.78 6.028 52 

S3-B-60 111.3 19 4.00 23.37 5.842 55 
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Figure 9: Load-deflection for Series A.    Figure 10: Load-deflection for Series B.    
 

 
Figure 11: Load-slip for Series A.                   Figure 12: Load-slip for Series B 
 
 

 
Figure 13: Typical slab failure. 
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Table 6: Slip results for Group A (shear span = 825 mm). 

Slab ID Load at 0⋅1 mm 
slip. P0.1 (kN) 

Peak load 
Pu (kN) 

Ratio Pu/P0.1 
Slip at failure 

Sf (mm) 
S1-A-0 17.5 37 2.1 7.6 
S2-A-0 21.0 33 1.6 4.7 
S1-A-30 26.2 44.8 1.7 8.1 
S2-A-30 32.7 50 1.5 8.1 
S3-A-30 17.0 47 2.7 9.8 
S1-A-60 - 51.1 - - 
S2-A-60 31.0 51 1.6 6.0 
S3-A-60 30.7 55.75 1.8 6.5 

 
 
Table 7: Slip results for Group B (shear span = 420 mm). 

Slab ID Load at 0⋅1 mm 
slip. P0.1 (kN) 

Peak load 
Pu (kN) 

Ratio Pu/P0.1 
Slip at failure 

Sf (mm) 

S1-B-0 42.5 59 1.4 5.5 

S2-B-0 40 59.5 1.5 7 

S3-B-0 40.75 57 1.4 5.8 

S1-B-30 41 91.5 2.3 8 

S2-B-30 46.5 90.5 1.9 7.5 

S3-B-30 34 94 2.8 8.5 

S1-B-60 76 100 1.3 4.5 

S2-B-60 47.5 108.5 2.3 7.2 

S3-B-60 57.7 111 1.9 6.5 
 
5. EVALUATION OF SHEAR BOND STRENGTH 
5.1. m-k Procedure 

 
As discussed in Section 2, plots of the type shown in Fig. 2 are needed to 

obtain m and k.  These are given in Figs. 14 to 16.  
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Figure 14: m-k regression for plain concrete slab. 

 

 
Figure 15: m-k regression for slab with 30 kg/m3 fibre dosage. 

 

 
Figure 16: m-k regression for slab with 60 kg/m3 fibre dosage. 
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Table 8: m-k parameters from tests. 

Slab type 
m 

(MPa) 
k 

(MPa) 
τu 

(MPa) 
Plain concrete composite slab 98 0⋅100 0⋅27 
Composite slab with 30kg/m3 steel fibres 179 0⋅046 0⋅35 
Composite slab with 60kg/m3 steel fibres 209 0⋅038 0⋅40 

 
5.2. Partial Shear Connection Procedure 
 

In order to determine the longitudinal shear strength τu in Eq. (4), a plot of the 
type shown in Fig. 3 and discussed in Section 2 is needed. To simplify the 
spreadsheet construction of the curve, values of η = 0, 0⋅2, 0⋅4, 0⋅6, 0⋅8 and 1 were 
assumed, and the graph is given in Fig. 17. 
 
 
 

 
 
 
 
 
 
 
 
 
 
 

Figure 17: Interaction diagram for Series A (shear span = 825 mm). 
 

In determining the plastic moment of resistance of the composite slab, the 
plastic moment for the profiled sheeting alone is needed, and this needs an effective 
area to be calculated to account for local buckling of the thin steel sheeting (Oehlers 
and Bradford 1995).  The effective area can be computed from the effective width 
beff, taken as 
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where fyp = 650 MPa is the yield strength of the profiled sheeting of thickness ts = 1 
mm. 

The plastic moment of resistance of the plain concrete composite slabs 
(Mpl,Rd) for full interaction is 48⋅94 kNm while the plastic moment resistance of the 
profiled sheet alone (Mpa) is 5⋅80 kNm. The degree of interaction for each group was 
determined based on the ultimate bending moment obtained from the test results. The 
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values of degree of shear connection and the longitudinal shear resistance for each 
test group, ignoring the effect of friction at the support reaction, are tabulated in 
Table 9.  
 
Table 9: Shear bond strengths. 

Test Group Slab ID Mult/ Mpl,Rd η 
 

τu 
(MPa) 

Average τu 
(MPa) 

Plain concrete 
composite slab 

S1-A-0 0⋅42 0⋅15 0⋅100 
0⋅095 

S2-A-0 0⋅38 0⋅13 0⋅089 

SFRC Composite 
slab with 30kg/m3 

steel fibres 

S1-A-30 0⋅50 0⋅20 0⋅138 

0⋅147 S2-A-30 0⋅55 0⋅23 0⋅158 

S3-A-30 0⋅52 0⋅21 0⋅145 

SFRC Composite 
slab with 60kg/m3 

steel fibres 

S1-A-60 0⋅58 0⋅24 0⋅165 

0⋅167 S2-A-60 0⋅56 0⋅23 0⋅158 

S3-A-60 0⋅61 0⋅26 0⋅179 
 
5.3. Force Equilibrium Procedure 
 

For the force equilibrium procedure, the moment lever arm is calculated based 
on strain gauge readings obtained at the top surface of the concrete, the bottom fibre 
of the profiled sheeting and from slip strains determined from the slip displacements 
at the end of the shear span.  Figs. 18 and 19 show the shear stress versus end slip at 
both ends for plain concrete and SFRC with a dosage of 30 kg/m3.  From these 
graphs, it can be seen that the slabs with SFRC have higher shear bond stress at the 
initiation of slip.  It can also be seen that the initiation of slip is different at each end 
of the specimen (this is typical behaviour) and, as a result, different values of the 
longitudinal shear strength eventuate.  The more ductile behaviour at the “high slip” 
end (Fig. 19) is associated with lower strengths than at the “low slip” end  (Fig. 18).  
Table 10 presents the pertinent values of the longitudinal shear stress, viz. at first slip 
and at peak load. 

 

 
Figure 18: Shear bond stress versus slip at “low-slip” end. 
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Figure 19: Shear bond stress versus slip at “high-slip” end. 

 
Table 10: Pertinent values of longitudinal shear stress. 

 
 
 
 

Low-slip shear span High-slip shear span 
Shear 

stress at 
first slip 

Max. 
shear 
stress 

Slip at 
peak load

Shear stress 
at first slip

Max. 
shear 
stress 

Slip at 
peak load 

Slab 
specimen 

(MPa) (MPa) (mm) (MPa) (MPa) (mm) 

S1-A-0 0⋅136 0⋅147 2⋅84 0⋅118 0⋅137 7⋅60 
S2-A-0 0⋅133 0⋅142 4⋅50 0⋅152 0⋅157 4⋅70 
S1-A-30 0⋅134 0⋅146 1⋅30 0⋅165 0⋅245 8⋅14 
S2-A-30 0⋅176 0⋅227 2⋅82 0⋅205 0⋅205 8⋅02 
S3-A-30 0⋅205 0⋅218 3⋅90 0⋅126 0⋅215 9⋅80 
 

The tensile strains in the steel sheeting were recorded electronically, and are 
given in Figs. 20 and 21, from which it can be seen that the steel strains are less than 
the yield strain of 3250 με based on fyp = 650 MPa and E = 200 GPa. 
 

 
Figure 20: Steel strains in sheeting for load point closest to “low-slip” end 
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Figure 21: Steel strains in sheeting for load point closest to “high-slip” end 

 
5.4. Discussion of Results 
 

All composite slabs tested showed significant post-cracking moment capacity 
after first slip, and showed significant ductility prior to failure by longitudinal shear 
well below their flexural capacity.  Table 11 compares the longitudinal shear strength 
between the plain concrete or SFRC slab and the steel sheeting.  The m-k method 
produces a higher value of the shear bond strength, whilst the results based on the 
partial shear connection and force equilibrium procedures are in close agreement. 
 
6. CONCLUSIONS 
 

An experimental program involving the full-scale testing of simply supported 
plain concrete and SFRC composite slabs with profiled steel sheeting were presented 
and discussed.  All slab specimens were tested under four-point bending with shear 
spans of either 820 mm or 420 mm. The shear bond strength in the test specimens 
were assessed by m-k procedure, the partial shear connection procedure and the force 
equilibrium procedure.  

All slabs failed by longitudinal shear with substantial end slip displacements 
being recorded at both ends of the specimens with the sheeting remaining in the 
elastic range of structural response. Slabs containing steel fibres had higher peak 
loading and shear bond strengths compared to their plain-concrete counterparts.  
Additionally, the shear strengths derived from the m-k procedure were higher than 
those determined from the partial shear connection and force equilibrium procedures, 
which showed closer agreement. 

 
Table 11: Comparison of longitudinal shear strengths for longer shear spans. 

Slab Specimen Average longitudinal shear bond strength (MPa) 

m-k Partial interaction Force-equilibrium 

Plain concrete 0⋅27 0⋅095 0⋅152 
SFRC with 30kg/m3 0⋅35 0⋅147 0⋅230 
SFRC with 60kg/m3 0⋅40 0⋅167 - 
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Abstract 
Over the last decades, composite structures made of steel and concrete have 

been developed in order to allow for the economic and competitive construction of 
buildings and bridges. A main challenge of such structures is the design of the 
connection between the concrete and steel sections because of high requirements for 
the load-bearing capacity and ductility. Currently, headed shear studs are the only 
shear connectors regulated in Eurocode 4 (EN 1994-1-1 2010). In addition to 
common vertical shear studs, other shear connectors have been tested over the past 
decades. Concrete dowels, which are novel and versatile shear connectors, have been 
most extensively investigated. For the application in slender concrete slabs, for 
example in sandwich constructions (Figure 1), vertical headed studs and concrete 
dowels are not suitable, as they are limited by their height. In these constructions, it is 
possible to apply horizontally positioned concrete dowels. This paper deals with the 
experimental results of horizontally positioned concrete dowels in push-out tests. 
 

           
 

Figure 1. Example of a possible application (left) and spiral reinforcement 
(right). 

 
INTRODUCTION 

Conventionally, shear studs are installed vertically in the concrete slab of a 
composite structure. However, in some constructions also lying shear studs with a 
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parallel configuration of the shear connector axis to the plane of the concrete slab are 
applied. These lying shear studs were already investigated in [Kuhlmann and 
Breuninger 1998] and [Kürschner 2003] and included in the EC4 [EN 1994-2 2006]. 
An economical alternative to shear studs are the more frequently used concrete 
dowels, also known as puzzle strips.  

 

 Figure 2. Positions of concrete dowels located close to a free surface. 
 

The interest in the use of concrete dowels in innovative composite structures 
is increasing. However, normative rules for puzzle strips are still required. Concrete 
dowels could be used in novel composite concepts in a horizontal or vertical position 
close to the edge, as shown in Figure 2. Cross-sections are economic as no additional 
welding work is required. Optimized composite constructions are very effected due to 
optimal utilization of the material properties. 

Examples of those dowel positions are VFT-WIB® beams with puzzle shaped 
openings. Such construction with rolled-steel section as an external reinforcement has 
already been realized in several projects (see examples in [Seidl and Braun 2009]). 
The previously investigated beam cross-sections with a short lateral surface distance 
to the puzzle strip have been primarily developed for the use in bridge constructions. 
For this reason, the width of the concrete web is 250 mm or more (e.g. [Seidl 2009], 
[Wagner 2010] and [Burger 2011]). In building construction, in which the composite 
strip is horizontally lying installed, a significantly lower lateral concrete cover to the 
concrete dowel may occur. 
 

Figure 3. Sandwich constructions by the company Innogration [innogration] 
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In some modern slim floor constructions and sandwich composite structures 
concrete dowel strips parallel to the concrete flange plane can be used. Such 
sandwich composite floors (see Figure 3) have been realized e.g. [Abramski et al. 
2010]. Composite cross-sections with lying shear studs as well as with standing 
concrete dowels were applied. As a next step an alternative solution to the horizontal 
headed studs, with economic advantage, puzzle shaped concrete dowels were 
integrated (see [Friedrich 2009] and [Friedrich 2011]).  

However, the current design concepts were developed for vertically embedded 
concrete dowels. Horizontally and vertically close to the edge arranged concrete 
dowels shown similar influence of the position in the concrete slab. The failure 
mechanisms of lying or standing close to the edge located concrete dowels have been 
studied only to some extend.  

The results of investigations for concrete dowels with influence will be 
discussed in this paper. Information about the load carrying behavior in a particularly 
slender construction with a low lateral concrete cover are displayed. 
 

EXPERIMENTAL INVESTIGATIONS 
As observed in the experiments with lying headed studs the specimen failed 

primarily by splitting of the concrete slab. To describe this failure, the studies on 
lying headed studs were mainly carried out with push-out tests. Because the shear 
connectors in composite constructions transmit primarily longitudinal shear, the near-
edge concrete dowels were also investigated in push-out tests. These experiments 
should provide information on the longitudinal shear strength as well as on the 
ductility. Studies based on a slim concrete slab were conducted on concrete dowels 
with puzzle and clothoid shape and different concrete strengths and reinforcement 
designs. 
 

MATERIALS AND CONSTRUCTION 
The concrete dowel strips were made of steel sheets with steel grade S235JR 

and thicknesses of four and six millimeters. For the slender, 10 cm thick concrete 
slabs one concrete mixtures for a predicted concrete strength class C25/30 were used. 
The concrete slabs were reinforced with six or eight millimeter stirrups. To compare 
the influence of the stirrup reinforcement, test specimens without stirrups, or with 
one, two or three stirrups per dowel were performed. In addition to conventional 
stirrup reinforcement, tests with spiral reinforced concrete dowels were prepared and 
carried out. The spiral reinforcement provides a local confinement of the concrete at 
the zone of highest stresses. 

Due to the confinement effect in the core of the spiral a multi-axial stress state 
is created, which leads to an increased load bearing capacity of the concrete. The 
positive effect of the spiral reinforcement has already been confirmed by [Abramski 
et al. 2010] and [Abramski et al. 2011]. The used spirals reinforcement had a 
diameter of 50 mm and were made of a five mm thick, smooth wire with a 
determined yield strength of 504-614 MPa. The pitch of the spiral was 25 mm, which 
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resulted in seven full turns of the spiral per concrete dowel. Figure 4 illustrates the 
investigated concrete dowel strips with two different cutout geometries and types of 
described reinforcement. 

Figure 4. Continuously arranged concrete dowels  
 

CONCRETE DOWELS 
The concrete dowels are created by openings in the steel section, which are 

filled with concrete. Commonly, reinforcement bars are crossing these openings. Two 
different shapes of the opening of concrete dowel were tested, on the one hand a 
puzzle strips and on the other hand a clothoid shape of the cut-outs. The cut-outs were 
created by a corresponding flame-cut of the steel sheet. The axial distance of the 
concrete dowels was 250 mm. The exact geometry is shown in Figure 5. The 
composite dowel strip with this geometry is also suitable for designs with beveled 
teeth puzzle as shown in Figure 1. The height of the steel dowels was 50 millimeters, 
which were integrated with a concrete cover of 2.5 centimeters into the concrete slab 
(see Figure 4). 

 
  

 
 

Figure 5. Concrete dowel shapes and types of reinforcement 
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PUSH-OUT TESTS 

In total 38 push-out tests were carried out in several series. Standard push-out 
tests PO and experiments with beveled dowel strips (labeled POA) were performed. 
They were designed in accordance with the rules of the Eurocode 4 Annex B [EN 
1994-1-1 2010]. For each set of parameters only one test was carried out. In addition 
to the load bearing capacity, the slip between the steel web and concrete slab in the 
direction of the applied force was measured in the experiments. The deformation of 
the concrete slabs perpendicular to the direction of the applied force, the uplift of the 
concrete slabs was measured. The measurement was made using LVDT`s at several 
points over the height of the specimen. 

In some experiments, the widening of the slab thickness was measured 
perpendicularly to the dowel axis. Information about the splitting cracks along the 
dowel axis was obtained. The resulting splitting forces in the concrete were 
transferred to transverse reinforcement. The strains in this reinforcement were 
measured with strain gauges. 

Figure 6 shows an example of the experimental setup of a carried out push-out 
tests with the measurement equipment. 
 

 

cup 

 

load cell 

uplift on the top 

upper slip on the left  

upper slip on the right 

upper thickness different on the 
left 

upper thickness different on the 
right 

uplift upper steel dowel 

uplift lower steel dowel 

lower slip on the left 

lower slip on the right 

lower thickness different on the 
right 

lower thickness different on the 
left  

down uplift  

cup at tension rod 

elastomeric bearings 

front view tension rod rear view 

 
Figure 6. Set-up of the push-out tests 
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DISCUSSION OF THE TEST RESULTS 
The four main parameters that can have influence on the bearing and 

deformation behavior of the concrete dowels are: material properties, reinforcement 
type and reinforcement configuration in the influence zone of the dowel and the 
concrete dowel topology. Therefore, the investigated parameters were primarily the 
shape of concrete dowel (puzzle and clothoid), the reinforcement type (spiral 
reinforcement WE and stirrups BÜ) and ratio, the steel web thickness (t = 6 mm and t 
= 4 mm) and the concrete strength class (C25/30, C30/37and C35/45). The thickness 
of the concrete slab varied from 10 to 15 cm and the width of the concrete slab was 
varied between 20 and 30 cm (see Figure 10). Thus, the influence of the load 
introduction on the load bearing capacity could be verified in the experiment. Some 
typical results will be discussed. 
 
INFLUENCE OF THE CONCRETE DOWEL SHAPE 

Two different shapes of concrete dowel were tested in the push-out tests. On 
the one hand, a puzzle shape was investigated. On the other hand a clothoid shape 
was tested. The investigations showed that the cut-out shape of the concrete dowels 
had no significant influence on the structural behavior of concrete dowels (see Table 
1). This could be observed in tests. The reason is that the capacity of the transverse 
reinforcement in the concrete dowel zone is decisive parameter for load capacity of 
this specimen. The stirrup reinforcement, which is located in the area of concrete 
dowel, takes the tensile forces after the formation of the first splitting cracks.  
 

Table 1. Comparison of the bearing capacity of the concrete dowel with different 
geometries 

clothoid shape puzzle shape 

speciment reinforcement series 
max. 
load 
[kN] 

speciment reinforcement series 
max. 
load 
[kN] 

ratio of max. 
load  

PO1 - 1 228,36 PO8 - 2 214,73 1,06 
PO2 spiral 1 367,57 PO9 spiral 2 351,79 1,04 
PO6 3Ø6 2 297,71 PO7 3Ø6 2 299,05 1,00 

PO17 2Ø6 4 230,08 PO15 2Ø6 4 225,29 1,02 
 

In case of the experiments without reinforcement the load capacities of the 
specimen with clothoid and puzzle shape differ by six percent. This can be explained 
by the lower tensile strength of concrete and smaller area of the concrete dowel in the 
experiments with puzzle shape. Very similar load-slip characteristics and the similar 
cracking pattern after reaching the maximum load confirms the small influence of the 
investigated concrete dowel shapes on the load bearing and deformation behavior of 
the near-edge shear connector. 
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INFLUENCE OF THE TYPE OF REINFORCEMENT 
The load transfer of near-edge concrete dowels is comparable to conventional 

standing dowel strips (see [Wurzer 1997]). After exceeding the adhesion of the 
contact interface (static friction), further load increase with rising partly distributed 
stresses on the soffit surface between steel and concrete dowel. Due to the load 
application and confined almost hydrostatic stress states, the concrete transfers a 
stress several times higher than its uniaxial compressive strength. 
 

 
Figure 7. Geometry and load-slip curves of the push-out tests PO 

 
This confinement is enhanced by the spiral reinforcement. The high stresses 

result in high loads, so that the matrix of the concrete is locally destroyed in the area 
of the contact surface. As long as the multiaxial state of compression in this area is 
maintained, a further load increase is possible. Depending on the type of 
reinforcement, the loads can be increased further through the enhanced concrete 
confinement correspondingly. The compression-struts spread out and transverse 
tensile stresses develop perpendicular to the concrete dowel axis. After the formation 
of cracks, the splitting forces are transferred by the existing transverse reinforcement. 
This plays a key role in the near-edge concrete dowel not only in terms of the 
maximum load, but also for its ductility. 

Based on the tests and its load-slip characteristics the differences between the 
types of reinforcement are clearly visible. With reference to the load-slip 
characteristics of the push-out tests (see Figure 7), it can be seen that the specimen 
PO1 with unreinforced concrete dowels failed brittle after reaching the maximum 
load of 228 kN. The stirrup reinforcement in the test PO3 contributes only slightly to 
the increase of the maximum loads. The increase of the load compared to the 
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unreinforced test PO1 is about 19% to 272 kN. As a result the ductility of the shear 
connector is significant improved. It can be seen that also the spiral reinforcement 
increases significantly the load bearing capacity of the push-out tests. Compared to 
test PO1, the load of PO2 was increased by 61% to 368 kN. The ductility was also 
improved in this case. 

The analyses of load-slip curve of PO4 shows a two-fold improvement. 
Firstly, the combined spiral and stirrup reinforcement is characterized by a high shear 
load bearing capacity. Secondly, the ductility with combined reinforcement is 
excellent. Test PO4 shows a distinctive load plateau compared to the rest of the test 
configurations. Due to the stirrup reinforcement the maximum load at a high level 
was held until this test was interrupted at a slip value of 12.3 mm. The requirements 
of Eurocode 4 [EN 1994-1-1,2011] in limiting the deformation perpendicular to the 
force direction (uplift) were meet in all the experiments. 
 

 
Figure 8. Push-out tests after cutting (first concrete dowel from top). 

 

The block effect of more than one stirrup that has already been described in 
[Seidl 2009] was also observed. As shown in Figure 8, the confined concrete areas by 
stirrups or the spiral reinforcement are intact and able to absorb the additional stress. 
Comparison of the maximum loads of test specimens with one stirrup with a rebar 
diameter of 8 mm to two stirrups with a rebar diameter of 6 mm shows only a slight 
increase in load bearing capacity but a significant improvement in ductility. At the 
high load level, the steel dowels show plastic deformation. In this way the required 
ductility of the connection is achieved.  
 
INFLUENCE OF CONCRETE STRENGTH 

To investigate the influence of the concrete strength on the bearing behavior 
and ductility of the concrete dowel, experiments with three different concrete 
compressive strengths were examined. The studies show a significant increase in the 
stiffness when using a higher concrete strength. In addition, a significant increase in 
the bearing capacity was achieved. Especially in experiments without spiral 
reinforcement, the increase of the concrete strength led to an increase of stiffness (see 
Figure 9). The positive effect observed with the higher concrete strength class, 
corresponds with the simultaneous improvement of concrete splitting tensile strength 
(from 3.2 MPa to 4.4 MPa). The experiments with spirals show a smaller influence of 
the concrete strength. The initial stiffness with a higher concrete strength class is also 
growing in this case. 
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Figure 9. Comparison of load-slip curves for determining the influences of the 
concrete class. 

 
INFLUENCE OF THE SUPPORT WIDTH 

To evaluate the influence of the concrete slab width and the support length 
which determines the inclination of the compression struts, tests were made with 
width of 200 mm and 300 mm. The experiments PO26 and PO27 were supported 
only on the outer half of the support surfaces (see Figure 10). Due to the arrangement 
of the supports in the outer regions, the concrete struts must prop in these areas so 
that more horizontal stresses occur. 
 

Figure 10. Support of the push-out tests. 
 

As the load-deformation curve in Figure 11 shows, there is no significant 
effect on the load bearing capacity and ductility. However, the forces in tension rod 
increased with the increase of the inclination strut. The crack patterns correspond 
with the inclination of the strut. With increasing load, in the tests the cracks turn in 
the direction of the strut clearly. 
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Figure 11. Comparison of Load-slip curves for determining the influences of the 
test support. 

 

INFLUENCE OF THE PLATE THICKNESS 
In further experiments, the thickness of the concrete slab was varied. The 

width of the slab was 30 cm and supported on the outer edge on a length of 15 cm. 
The thickness of the plate was chosen to ten and fifteen centimetres. As expected, the 
tests showed a significant increase of the load capacity at the high slip level (see 
Figure 12).  
 

 
 

Figure 12. Load-slip curves for determining the influences of the slab thickness. 
 

LOAD TRANSFER MECHANISM OF THE PUSH-OUT TEST 
The spread of the stresses is limited by the slab edge for horizontally lying or 

near-edge located concrete dowels. In this case the high transversal stresses in the 
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concrete slab can lead to splitting in the slab plane. In all push-out tests, a lifting of 
the concrete slab perpendicular to the steel web was observed. 

The measurement of the widening of the slab thickness at the height of the 
concrete dowels shows that already at a low load level first splitting cracks occur. 
The formation of the splitting cracks was confirmed by the results of first FE-
simulations. The transverse tensile stresses occurred concentrated at the bottom of the 
concrete dowels and initiate splitting (see Figure 13).  
 

 
 

Figure 13. Transverse tensile stresses in the concrete.  
 
SUMMARY 

Concrete dowels with influence of the free concrete edge meet the 
requirements of ductile shear connectors if there are sufficient stirrups. The splitting 
of the slab was restrained by the arrangement of transverse reinforcement. The 
required stirrup reinforcement transfers not only the splitting forces and avoids a 
splitting failure, but favours the load capacity and ductility of the shear connectors. 
Mainly the arrangement of two transverse reinforcement bars per concrete dowel has 
a positive effect on the ductility (block effect). The concrete core of the dowel is hold 
in place by spiral reinforcement. Thereby, higher loads can by transferred. The 
experiments have shown that a higher concrete strengths and increased slab thickness 
have a positive impact on both capacity and the deformability of the puzzle strips. 
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Abstract 
 

Composite dowels are known as powerful shear connectors in steel-concrete-
composite girders. More and more they are used in practice especially for 
prefabricated composite bridges. Advantages over headed studs are in particular the 
increased strength, the sufficient deformation capacity even in high strength concrete 
and the simple application in steel sections without upper flange. However, missing 
provisions in standards for composite dowels with the economic clothoid and puzzle 
shape have led to retentions of clients and delays in the approval process. Hence, the 
aim of the recently finished German research project P804 founded by FOSTA- 
Research Association for Steel Application was to solve open questions concerning 
these innovative shear connectors and to prepare a general technical approval 
available for any design office and construction company. In this paper design 
concepts for ultimate limit state and fatigue limit state, structural design principles 
and instructions for production and construction are presented and background 
information are given. 
 
INTRODUCTION 
 

Composite dowels are shear connectors for composite beams, which consist 
of openings in steel plates, which are casted with concrete. They are either made of 
steel plates welded on the upper flange of the steel beam or are fabricated directly out 
of the web of steel beams. The main advantage against headed studs are the higher 
bearing capacity and a sufficient deformation capacity even in high strength concrete 
to be classified as ductile shear connectors acc. to EN 1994-1-1. Furthermore, 
composite dowels are particularly suitable and economic for composite section made 
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of steel sections without upper flange, as steel parts next to the neutral axis are 
reduced (Figure 1 left). Another economic application area is the arrangement of 
composite dowels in concrete T-beams as external reinforcement (Figure 1 right). In 
Figure 2 headed studs and composite dowels are compared in view of longitudinal 
shear capacity as well as composite bending capacity and bending stiffness. 

 

Figure 1. Application examples for composite dowels. 
 

 
Figure 2. Comparison of longitudinal shear capacity between headed studs and 
composite dowels (left), comparison of moment capacity and stiffness between 
conventional composite section with headed studs and upper flange less steel 

section and composite dowels (right). 
 
Up to now, the lack of technical rules for composite dowels led to delays in 

the approval process and to retention of clients. However, due to economic and 
technical advantages in more and more often composite dowels are used for road and 
railway bridges in Germany with approvals in the individual case. In addition, a 
specific prefabricated composite bridge type with a composite dowel in clothoid 
shape is approved by the German railway authority (EBA) and is applied e. g. in the 
railway bridge Simmerbach, Germany (Figure 3) [Feldmann et al. 2012a]. 

An extensive description of the main steps in the development of composite 
dowels can be found in [Feldmann et al. 2012b]. The starting point can be traced back 
to research of Andrä and Leonhardt, which led to the development of the Perfobond 
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strip [Leonhardt et al. 1987], [Deutsches Institut für Bautechnik 2007]. At the same 
time Bode developed the Kombidübel [Bode et al. 1988], [Deutsches Institut für 
Bautechnik 2000]. Both design concepts are based on the mechanical model for shear 
failure of the concrete dowel. In the following years important knowledge about the 
bearing behavior of composite dowels were gained at the University of German 
Armed Forces [Mangerig et al. 2011], [Mangerig et al. 2012]. From this, mechanical 
models for the exceedance of the partial area pressure of concrete in the opening and 
concrete pry-out for composite dowels next to the concrete surface were obtained. 
The development of composite dowels with puzzle shape were pushed by research 
projects at RWTH Aachen University [Feldmann et al. 2007], [Heinemeyer et al. 
2012] and by HOCHTIEF [Gündel et al. 2009]. They led to a further development of 
the pry-out model and new models for steel failure. Seidl [Seidl 2009] developed 
design models for distance effects on concrete pry-out and vertical splitting of 
composite dowels in concrete T-beams. The beginning of the clothoid shape – an 
optimization for fatigue loading - can be found in  [Berthellemy et al. 2011a], 
[Berthellemy et al. 2011b]. This shape was finally used for the prefabricated 
composite bridge type “VFT-Rail”, which is approved by the German railway 
authority (EBA) [Eisenbahnbundesamt 2010]. 

 

Figure 3. Bridges with composite dowels: road bridge in Pöcking [Seidl 2009] 
(left) and Simmerbach [Feldmann et al. 2012a] (right). 

 

SCOPE OF THE GENERAL TECHNICAL APPROVAL 
 

The new German general technical approval Z-26.4-56 [Deutsches Institut für 
Bautechnik 2013] regulates composite dowels in clothoid (CL) and puzzle (PZ) shape 
(Figure 4). The geometry can be scaled in dependence of the distance of the openings 
ex between 150 ≤ ex ≤ 500 mm (notations see Figure 5). The lower bound ensures a 
sufficient shear area for a ductile behavior in the failure mode concrete shearing. The 
upper bound limits the maximum distance between composite dowels to prevent an 
unacceptable curtailment of the dowel capacity. The plate thickness can be between 6 
≤ tw ≤ 60 mm with a ratio of thickness to height between 0.08 ≤ tw / hD ≤ 0.5. 
However, in the design formulas only a thickness of up to 40 mm is allowed to be 
considered. The minimum perpendicular distance of two steel plates is 120 mm to 
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ensure a sufficient installation of the reinforcement in between. For composite dowels 
structural steel in grade S235, S355 and S460 acc. to EN 10025 can be applied. 

The minimum distance between concrete surface and top edge respectively 
base of the composite dowel is 20 mm (co; cu acc. to Figure 5). The distance from the 
opening to the concrete edge has to be in longitudinal direction more than 2.5 times 
the concrete pry-out cone hpo and in perpendicular direction more than 5.0 times of 
hpo. This ensures the full development of the concrete pry-out cone, if pry-out failure 
occurs. The minimum distance in perpendicular direction can be neglected, if in beam 
type sections the concrete reach to the steel flange and confinement stirrups are 
installed (see section “(iv) Additional verifications for beam-type sections”). This 
prevents pry-out at the lower concrete surface. The minimum width of beam type 
sections is 250 mm. The allowed concrete strength of the composite section is – equal 
to the range of EN 1994-1-1 – from C20/25 to C60/75. 

Composite dowels can be used under sagging and hogging moment for static 
as well as fatigue loading. However, under fatigue loading structural members with 
centric tension forces perpendicular to the composite dowel are not allowed. For this, 
unacceptable deterioration of the shear connection can occur. 

 
 
 

Figure 4. Definition of the composite dowel geometry puzzle shape (left) and 
clothoid shape (right). 

 

 
Figure 5. Notations of composite dowels (here: clothoid shape). 
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DESIGN CONCEPT 
 

The design of composite beams with composite dowels is carried out in 
accordance with EN 1992, EN 1993 and EN 1994. The German general technical 
approval regulates only parts, which are not dealt with or are different to the 
European standards. 

Besides the high bearing capacity the major innovation leap of these 
composite dowels is:  the application in upper flange less composite section with 
equally spaced and partial shear connection; the ductility criterion acc. to EN 1994 is 
met to utilize plastic redistribution (only for static loading); a complete and consistent 
design concept for static and fatigue loading is provided for practical application. 

 
LONGITUDINAL SHEAR CAPACITY (STATIC LOADING) 
 

Possible failure modes of composite dowels subjected to static loading are (i) 
concrete shearing, (ii) concrete pry-out and (iii) steel failure. The characteristic 
longitudinal shear capacity Prk is determined as the minimum capacity of the 
aforementioned failure modes. The design value is calculated with the characteristic 
bearing capacity divided by a partial safety factor of γv = 1.25. 

The design formulas for these three failure modes are derived from existing, 
modified or new developed mechanical models and a statistical evaluation of test 
results. The quality of different design concepts is compared by the ratio between 
experimental and theoretical values of a huge test data base [Feldmann 2012b]. 
Criteria are the shift of mean value and the coefficient of variation. The mechanical 
models with the highest quality are used to derive design formulas by the statistical 
evaluation procedure in EN 1990 Annex D. 

 
(i) Concrete shearing 

Particularly for small openings and large steel plate thicknesses the 
dominating failure mode is double shearing of the concrete dowel. Therefore, the 
main parameters for the bearing capacity are the shear area of the concrete dowel and 
the shear strength of the concrete. Furthermore, the bearing capacity is affected by the 
transversal reinforcement within the opening due to an additional dowel effect. In 
large openings the two shear areas merge together, which is considered by a geometry 
depended reduction factor ηD (ηD,CL= 3-ex / 180, ηD,PZ= 2-ex / 400). For sufficient 
large openings, which are guaranteed by the application range of the general technical 
approval, concrete shearing is a ductile failure mode. 

 

( )DckxDksh feP ρη +⋅⋅⋅= 12
,  in [N/dowel] 

 with 
Dcm

bs
D AE

AE
⋅
⋅

=ρ
 

  2
, 20.0 xCLD eA ⋅=  and 2

, 13.0 xPZD eA ⋅=  

All notations are shown in Figure 5. 
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(ii) Concrete pry-out 
Low distances between concrete dowel and concrete surface (top or bottom concrete 
cover) may provoke a failure mode, which is similar to the concrete pry-out of 
anchors subjected to shear forces. The hydrostatic pressure condition at the load 
introduction zone generates transversal tension forces, which lead - for insufficient 
concrete covers - to a cone-shape concrete pry-out (Figure 6). The pry-out can occur 
for top or bottom concrete cover depending on the position of the concrete dowel. 
The result is a loss of hydrostatic pressure condition in front of the dowel, which 
causes a secondary concrete pressure failure. This failure mode is ductile. 

( )iDckpokpo fhP ,
5,1

, 190 ρ+⋅⋅⋅=  in [N/dowel] 

 with ( )xuxopo ecech ⋅+⋅+= 13.0;07.0min
 

  
iDcm

sfs
iD AE

AE

,
, ⋅

⋅
=ρ  

 

Figure 6. Failure mode pry-out: test specimen (left) and schematic illustration 
(right). 

 
For composite dowels, where the distance in longitudinal direction is below 

ex < 4.5 ⋅ hpo, the bearing capacity is reduced due to an overlapping of the concrete 
cones. In this case Ppo,k has to be reduced by χx. 

1
5.4

≤
⋅

=
po

x
x h

e
χ  

The same effect happens by parallel arrangement of composite dowels with a 
distance smaller than ey < 9 ⋅ hpo. For this following reduction factor is used: 

11
92

1 ≤









+

⋅
=

po

y
y h

e
χ  

In plate type sections stirrups ø8 mm has to be used for a ductile behavior. 
The maximum spacing is 4.5 · hpo and 300 mm to ensure that at least two reinforcing 
bars are in each concrete cone (Figure 7). 

The design against concrete pry-out can be neglected, if the concrete is 
covered by steel flanges and confinement stirrups are applied (e. g. beam type 
sections with external reinforcement). 
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Furthermore, the stirrup has be reach at least Δ = 0.15 · ex below the dowel 
base. For a ductile behavior a minimum of two stirrups ø10 mm for each opening are 
required. 

Additionally, shear forces in the concrete web hast to be verified acc. to EN 
1992-1-1. In this design check, the effective depth dv starts from the half dowel 
height. 

(v) Shear connection 
The verification of the longitudinal shear connection has to be proofed in 

accordance with EN 1994-1-1. The number of required shear connectors is equal to 
the number of openings in the steel plate. The required transversal reinforcement is 
determined based on a 45° strut-and-tie model: 

sdb fPA ⋅= 5.0  
Equal spacing of shear connectors is allowed for hogging and sagging 

moment, if the minimum shear connection degree acc. to EN 1994-1-1 is met. In 
contrast to EN 1994-1-1, equal spacing is also allowed for upper flange less steel 
sections, if following requirements are met: the shear connection degree is η ≥ 0.5; 
the span is L ≤ 18 m; the plastic moment capacity of the composite section must be 
equal to or smaller than 10-times the plastic moment capacity of the steel profile; the 
curtailment of the dowel capacity must not incise the design longitudinal shear force 
more than 25 %. Equally spacing for upper flange less steel sections extend the range 
of EN 1994-1-1 and opens new interesting application fields for composite dowels. 

For fatigue loading the longitudinal shear force has to be determined by 
elastic theory and the curtailment of the dowel capacity must not incise the design 
longitudinal shear force. Reason for this is the prevention of unacceptable 
deterioration of the connection due to plastic force redistribution. 

 
FATIGUE STRENGTH 
 

The fatigue design has to be carried out for the fatigue load model of 
appropriate standards. The fatigue design concept comprises (i) steel fatigue design, 
(ii) concrete fatigue design and (iii) securing of a rigid shear joint. In this, the 
interaction between the fatigue behaviors of different components has to be 
considered (Figure 12): e. g. degradation of the concrete dowel leads to decrease of 
the shear connection. 

 

 
Figure 12. Schematic illustration of the interaction of the fatigue verifications. 

 

This affects the stress distribution over the cross section and therefore the 
steel fatigue design. 
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(i) Steel fatigue 
The steel fatigue design is based on the geometric stress approach. The stress 

amplitude at the hot spot is determined for the fatigue load model and compared with 
the material fatigue strength. The fatigue strength (resistance) is described by the 
fatigue strength curve of detail category 125 (machine gas cut edges having shallow 
and regular drag lines) or of detail category 140 (machine gas cut edges with 
subsequent dressing) in accordance with EN 1993-1-9. The geometric stress 
amplitude (action) is the sum of stresses coming from longitudinal shear forces (local 
effects) and from bending of the composite beam (global effects). Both parts are 
amplified by stress concentration factors depending on the geometry of the composite 
dowel. The nominal stresses are defined as longitudinal shear stress (local) and 
normal stress (global) at the dowel base. 
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The stress concentration factors kf,L (local) and kf,G (global) for the clothoid 
and puzzle shape are determined by finite element analysis and verified by strain 
measurements in cyclic push out and beam tests [Feldmann et al. 2012b] (Figure 13). 
The stress concentration factors are applicable for steel sections with a lower flange 
and concrete strength C20/25 and higher. To exclude low cycle fatigue the geometric 
stress amplitude is limited to 2 · fy and the upper geometric stress is limited to 1.3 · fy. 

 

 
Figure 13. Steel fatigue failure: test specimen (left), FE-analysis of stresses due to 

local and global loading (middle and right). 
 

In general tension stiffening has to be considered in the stress determination 
for parts where concrete cracking is expected. On the safe side for the determination 
of stress due to global bearing behavior the influence of tension stiffening can be 
neglected (cracked section). For stress due to longitudinal shear transfer the more 
unfavorable value from calculations with a cracked and an un-cracked section should 
be used. The design rule in EN 1994-1-1, where it is allowed to determine 
conservatively the fatigue stress in the composite joint with an un-cracked section, 
can be unsafe for composite dowels under hogging moment. 

 

Composite Construction in Steel and Concrete VII 602

© ASCE



(ii) Concrete fatigue 
Two types of concrete fatigue failure are known from tests: the loss of bearing 
capacity due to trickling of crushed concrete out of the composite joint; cyclic 
concrete pry-out of composite dowels with insufficient concrete cover subjected to 
high upper loads. The first failure mode can be prevented by a limitation of the crack 
width to 0.15 mm in parts, where the composite dowel is in the concrete tension zone. 
This has to be considered for bending action in the concrete chord in longitudinal and 
perpendicular direction. Cyclic pry-out can be prevented by limitation of the upper 
load to 70 % of characteristic static bearing capacity acc. to equ. 1 and 2. Up to this 
load level the bearing behavior is mainly elastic. 
 
(iii) Securing rigid shear connection 
The basic requirement for the determination of stresses with a composite section by 
elastic theory is the assumption of a rigid shear connection between steel and 
concrete section. However, results of cyclic beam tests show that this assumption is 
not justified a priori, which can lead to higher geometric stresses in the steel section 
(Figure 14). 
 

 
Figure 14. Deformation behavior and strain distribution of composite girder 
with intact shear connection (top) and damaged shear connection (bottom). 

 

The loss of rigid shear connection is caused by a degradation of the concrete 
dowel due to cyclic loading. The consequence is a forceless slip before the composite 
dowel is activated (Figure 14 bottom). This can be avoided by a limitation of the 
upper force. As criterion for a relevant degradation of the composite joint, the strain 
shift between steel and concrete section is used. Zero shift is equal to full shear 
connection; the maximum strain shift corresponds to a composite beam without shear 
connection. The threshold for an unacceptable degradation is assumed at 90 % shear 
connection. This criterion is applied to evaluate the condition of the composite joint 
in cyclic beam test (acceptable or not acceptable). Afterwards the condition of the 
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composite joint is correlated with the partial area pressure at the concrete dowel. For 
this, the partial area pressure ratio Ecd,3D for upper and lower load from beam tests are 
plotted into a Goodman diagram, which is often used for concrete fatigue design 
(Figure 15). Tests with a residual shear connection of more than 90 % are in the green 
field (acceptable), while tests with an unacceptable degradation are plotted outside. 
The evaluation of the tests show that the available concrete compressive strength 
under multi axial stress conditions is up to 7.5 times higher than the uniaxial 
compressive strength. Based on the assumption that at least 10 % of the total loads 
are dead loads, the upper load is limited to 55 % of the available multi axial 
compression strength. 

ckDwcyc fhtP ⋅⋅⋅= 1.3  

 
Figure 15. Fatigue strength of cyclic loaded beam tests as a function of partial 

area pressure ratio Ecd,3D for upper and lower load. 
 

FABRICATION AND CONSTRUCTION 
 

Composite dowels have to be fabricated by gas cutting or a cutting-process, 
which is similar in terms of strength and fatigue. The nominal geometrical values are 
given in Figure 4, where tolerances of +2/-4 mm are acceptable (“+” is an 
enlargement of the steel shape). The cutting quality has to be in accordance with EN 
1090-1 and EN 1090-2 and depends on the execution class. For fatigue loading the 
quality has to meet the requirements for detail category 125 respectively 140 acc. to 
EN 1993-1-9. Checking and documentation of the cutting quality is very important as 
inspection of the shear connector is not possible after casting. To prevent blowholes 
in the concrete next to the composite dowel the maximum grain size is 16 mm and the 
consistence of the fresh concrete should be soft to flowable. 

 
CONCLUSION AND OUTLOOK 
 

In this paper the design concept for composite dowels given in the German 
general technical approval is presented. Design formulas for static and fatigue 
loading, detailing as well as advices for fabrication and construction are given and 
augmented by relevant background information. 

Due to the regulation in a general technical approval uncertainties in the 
design and checking process are eliminated. This enables an economic and 
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timesaving application of these powerful shear connectors. Additional costs for 
approvals for single cases are omitted. 

The general technical approval is a consistent continuation of the development 
of standardization of composite dowels: it started with approvals for single cases and 
should become a German steel guideline (DASt) in the future. For this, the presented 
design concept is a strong basis. Furthermore, it is planned to implement composite 
dowels in Eurocode 4 as alternative shear connector besides headed studs. 
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Abstract 

 
A composite beam is an effective building technique. The shear resistance of 

such elements is realised by using mechanical components, for example shear studs, 
which are leading to high local strains in the concrete slab. These local strains can 
cause high local stress in the steel. The application of adhesive technology avoids 
these high local stress peaks and enables new designs with the use of novel materials. 
The durability of adhesive connection is of high importance under climatic and 
thermal influence. Lack of knowledge of the long-term behavior of bonded joints, 
especially on long-lasting climatic effects is responsible for the lack of applications in 
building structures. The project aims to investigate the application of adhesive 
bonding as an alternative or supplement to mechanical joints in composite structures. 
The research objective is to obtain knowledge of the structural behavior of shear 
connection between steel and concrete in dependence of the inherent stress condition 
and material behavior in the adhesive joint. First, results of small specimen are 
presented. 
 
INTRODUCTION 
 

Preliminary research on composite beams with an adhesive connection and 
push-out specimen demonstrate that unaged test specimen have adequate capacity and 
formability, but limited ductility, in comparison to conventional composite beams 
with shear studs. Figure 1 shows a typical test beam close to failure. In Figure 2 test 
results and computed load-deflexion are presented. 
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DESCRIPTION OF THE SMALL SCALE TESTS 
 

All test specimens were produced with the same concrete formulation and 
steel grade. 

This will ensure that the material properties of all specimens are similar in 
order to transfer the results from small samples to the scale of the large components.  

For all tests both surfaces of steel and the concrete are treaded by shot 
blasting. In that case the concrete surface is the decisive on the strength of the 
connection. To increase the bond stress, a concrete with a bending tensile strength of 
10 MPa and compression strength of 70 MPa was developed. 

The geometry of the small specimens was chosen according to the maximum 
grain size. 

In the specimen, steel and concrete are bonded by a 3 mm thick adhesive layer 
(see Figure 4, Figure 5). The substrates have influence on the material behavior of the 
adhesive. Especially the concrete with its high alkalinity, water content and its 
permeability has a big influence on the chemical structure of the adhesive in the 
tension zone. 

The small specimen are classified into three groups; Bulk tests to investigate 
the properties of the adhesive material, Push-Out tests to investigate the shear 
behavior and Pull-Out tests to investigate the tensile strength of the connection (see 
Figure 3, Figure 4, Figure 5). 
 
Bulk tests 

For the tests two different adhesives were chosen. Each of the adhesives has a 
specific chemical composition and material behavior. On one hand there is an epoxy 
adhesive with low deformability but with a high solidity. On the other hand there is a 
polyurethane adhesive with a relative high deformability and a distinct flow behavior, 
compared to the epoxy adhesive. But in comparison to the epoxy adhesive the 
strength of the polyurethane adhesive is significantly lower (see Figure 3). 
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Abstract 

 
The construction industry in Europe consumes over 70,000 million tonnes of a 

wide range of materials each year, and generates over 250 million tonnes of 
constructional waste. Much of the environmental impact of buildings is associated 
with consumption of resources and generation of waste, therefore reducing waste in 
construction is becoming a top priority for all the European Governments. Composite 
structures formed by connecting the concrete slabs to the supporting steel beams have 
been widely used for many years throughout the world, this cost-effective 
arrangement for floor system in multi-storey steel frame building structures is 
responsible for a considerable increase in the load-bearing capacity and stiffness of 
the steel beams, which has resulted in significant savings in steel weight and 
construction cost. However, shear connectors are welded through the steel decking 
and cast into the concrete; this made deconstruction and reuse of the steel 
components almost impossible. A demountable shear connector is developed to 
assess its potential and suitability in term of replacing the welded through headed 
shear studs. Test results shown that these shear connectors can be easily demounted 
both at working and ultimate load and have a similar capacity to the traditional 
welded shear connectors. In addition, the new demountable shear connectors process 
high ductility in comparison with the welded shear connectors and have similar 
behaviour to the traditional welded headed stud shear connectors. A fnite element is 
developed to carry out parametric study for this form of shear connector. 
 

INTRODUCTION 
 
Composite steel structures formed by connecting the concrete slabs to the 

supporting steel beams have been widely used for many years throughout the world. 
The use of composite action between steel and concrete is well established as a cost-
effective arrangement for floor systems in multi-storey steel frame building 
structures. Composite action between steel beams and concrete slabs through the use 
of shear connectors is responsible for a considerable increase in the load-bearing 
capacity and stiffness of the steel beams, which when utilized in design, can result in 
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significant savings in steel weight and construction cost. However, shear connectors 
are welded through the steel decking and cast into the concrete; this made 
deconstruction and reuse of the steel components almost impossible. Another 
disadvantage associated with welded shear connectors is that the welding very much 
relies on clean surfaces, free of mill-scale and, above all dryness of the steel surface. 
These conditions are often difficult to achieve especially when the studs are welded 
through a galvanised steel sheet; in this case, the weld current is maintained for a 
sufficient period to burn away the zinc galvanising, which would otherwise cause 
imperfect welds.  

In UK, the Government has set an ambitious and legally binding target to 
reduce national greenhouse gas emissions by at least 80% by 2050 with an 
intermediate target of a 34% reduction by 2020, therefore it is important to consider 
the whole life cycle in composite construction. A demountable shear connector is 
developed and tested to assess its potential and suitability in term of replacing the 
traditional welded through headed shear studs. Present knowledge on welded headed 
stud shear connector in solid slab is well illustrated by (Mottram and Johnson 1990) 
and (Menzies 1971). This has been the predominance type of shear connectors used 
in steel – concrete composite construction. These connectors can be classified as 
flexible connectors, because under small shear forces, there will be relative 
movement or slip between the concrete slab and the steel beam at the interface. The 
research in demountable shear connector conducted by (Lam and Saveri 2012) shown 
in Figure 1 is formed from the standard 19 mm diameter T.W. Nelson headed shear 
connector with a 16mm threaded end; and with or without a shaft collar, a M16 Gr 
8.8 nut is used to fasten the connector to the steel beam. Since the connector is 
manufactured from the standard headed stud shear connector, it has the same material 
properties of the standard welded headed shear connectors. Although researches on 
bolted connectors have been carried out previously by (Dallam 1968) and (Marshall 
et al. 1971) on bolted connectors, their main emphasis was on the pre-tension 
behaviour of the shear connectors using high friction-grip bolts. More recently, 
research by (Kwon et al. 2010) on bolted connectors was focused on the post-
installed capacity for strengthening existing structures rather than the sustainable 
issues. Research on the sustainable issue for demountable shear connectors for 
composite construction is limited, the only other published research to date is carried 
out by (Mirza et al. 2010) using blind bolts as shear connectors. Although they 
performed reasonably adequate as shear connector, some of these blind bolts have a 
relatively brittle behaviour. The objective of this research is to investigate the 
behaviour of this form of demountable shear connectors embedded in normal-weight 
concrete when subjected to a static shear force. The results are used to be compared 
with those of the welded headed stud shear connectors to help to determine the 
feasibility of using this form of connectors in composite construction. 
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Figure 1. Demountable shear connectors 

 
EXPERIMENTAL STUDY 

 
A push off test specimen shown in Figure 2 similar to the one described in 

(Eurocode 4 2004) was used. The test consisted of a short length of steel beam 
connected to two concrete slabs 300 × 300 × 150 mm in sizes. 2 pairs of shear 
connectors were used to connect the concrete slabs to the steel beam, vertical load is 
applied to the steel beam and slip between the steel beam and the slabs are measured 
against the load per connector. Both sides of the concrete slabs were cast horizontally 
using the same mix and poured at the same time. Once the slabs reached their 
required strength, the slabs were then connected to the steel beam before the test. The 
test program consisted of eight push off tests. The test parameters included the 
compressive strength of concrete and the sizes of the headed stud collar. Details of 
the test series and their results are shown in Table 1 and the load – slip curves are 
shown in Figure 3. 
 

 

 

 

 

 

 

 

 

 

Figure 2. Push test specimen 
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Table 1. Push test program and results 

Ref. 

Concrete 
Cube 

Strength, fcu  
(MPa) 

Stud Type 

Max. Load 
per stud     

(kN) 

Slip at  
Max. 
Load      
(mm) 

Mode of Failure 

PT 1 19.85 16mm 75.0 8.75 Stud fracture 
PT 2 21.45 17mm collar 93.5 7.94 Stud fracture 
PT 3 20.10 18mm collar 71.9 22.03 Concrete crushing 
PT 4 25.20 18mm collar 81.5 18.22 Concrete crushing 
PT 5 29.90 18mm collar 90.0 21.25 Concrete crushing 
PT 6 61.38 18mm collar 107.5 22.03 Stud fracture 
PT 7 20.10 19mm welded 71.6 5.20 Concrete crushing 
PT 8 29.90 19mm welded 92.7 9.00 Concrete crushing 

 
 

 
Figure 3. Load – slip curves  

 
For the demountable headed stud shear connectors, two types of failure 

mechanism were observed; fracture of the shear connectors near the threaded end or 
failure by concrete crushing and splitting. The load – slip curves of the two 
specimens representing these two types of failure are shown in Figure 4.  
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Figure 4. Stud Fracture vs. Concrete Crushing 
 

It can be seen that the load –slip curve associated with stud fracture, although 
reasonably ductile, end abruptly. Concrete crushing – splitting type of failure 
provides considerable warning as the load carrying capacity decreases slowly. The 
fracturing of the shear connectors is shown in Figure 5 while concrete crushing and 
splitting failure is illustrated in Figure 6. For the specimen failed by concrete 
crushing, the slabs are demounted from the steel beam and examined carefully, there 
was no damage occurred to the threaded portion of the shear connectors and the slabs 
were easily detached from the steel beam. 
 

 

 

 

 

 

 

 

 

 

 

Figure 5. Shear connector fracture  
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Figure 6. Concrete crushing   

 

A comparison of load – slip curves of push test with welded headed studs and 
push test with demountable connectors are shown in Figure 7, the results showed that 
with similar concrete strength and mode of failure, the demountable connector 
appears to be more ductile than the welded connector but achieving the similar 
capacity. However the welded connectors showed a much higher initial stiffness 
when compared with the demountable studs. In addition, at 6 mm slip, the shear 
capacity of the demountable connector is 16% lower than the welded connector. 
However, although these connectors have a lower shear capacity, this might not has 
significance influence to the ultimate and serviceability limited state of composite 
beams in bending. 
 

FINITE ELEMENT MODEL 
 

Finite element modelling (FEM) is often used as a complementary tool to 
provide an efficient alternative to full-scale testing. Figure 8 shows the FE model 
built for the push test specimen. Due to the symmetry of the specimens (by assuming 
a symmetry axis along the centre of the steel beam in the direction of the applied 
shear loading), only half of the push test arrangement with two headed studs was 
modelled. 
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Figure 7. Welded vs. demountable shear connector’s capacity 

 

 
 

Figure 8. Finite model of push test specimen 
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Boundaries, Contacts and Loading Condition 
 
For such complicated FE model, many contact surfaces have to be considered. 

Two types of surface-to-surface contact were created: contact surface and tightening 
as shown in Figures 9 and 10. Contact surface was implemented for these interfaces: 
slab to beam; slab to base; beam to nuts; beam to studs shank; slab to studs shanks 
and slab to studs head. Tightening interface was used to model the tightening 
behaviour between the stud and the nut.  
 

 
Figure. 9. ‘Contact’ interface 

 

 
Figure 10. ‘Tightening’ interface 
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The steel rebar inside the concrete slab was modelled using the embedded 
constraint. In this constraint, the translational DOF of the nodes on the rebar elements 
was constrained to the interpolated values of the corresponding DOF of the concrete 
elements. The slip and the debonding of the rebar were ignored as they are not of 
interest to this study. Regarding the loading conditions, this model was analysed with 
the (ABAQUS 2011) explicit method. In order to obtain a quasi-static solution from 
the dynamic procedure, it is essential to keep the inertia effects at a minimum level by 
slow load application. The analysis is similar to the displacement control method 
used in the tests. Different loading rates were tried and the optimum rate was found to 
be 0.5 mm/s. Figure 11 shows the loading condition of the push test. The slip was 
measured as the relative displacement between the nodes on the steel flange and the 
concrete slab near the shear connector. 
 

 

Figure 11. Loading condition 
 
Concrete Model 

The Concrete Damaged Plasticity Model (CDP) was used to model the 
concrete slab: this is based on two main failure mechanisms: tensile splitting and 
compressive crushing of concrete.  

 
Compressive Behaviour 

Concrete Damaged Plasticity response in compression is shown in Figure 12 
in according to the ABAQUS concrete material model. The elastic portion of the 
curve is based on the elastic modulus up to the value of the proportional limit which 
is taken as 0.4fck, where fck is the compressive cylinder strength of concrete. The 
second part of the curve is the non-linear parabolic portion which was determined 
from the relationship given by the (Eurocode 2 2004). This expression is valid for 0 < 
|εc | < |εcu1| where εcu1 is the nominal ultimate strain which is taken as 0.0035. 
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Figure 12. Uniaxial compressive curve of concrete 
 
Tensile Behaviour 

For concrete in tension, the tensile stress was assumed to increase linearly 
with respect to the strain until the concrete crack; after the concrete cracks, tensile 
stress decreases to zero. The ABAQUS manual suggests that the use of a tension 
stiffening approach for problems with no or little reinforcement in the significant 
regions: for unreinforced or lightly reinforced concrete problem as the slabs used for 
these tests, it is better to express the brittle behaviour of concrete in terms of fracture 
energy rather than specifying a stress-strain relation in tension. The most realistic 
model in defining tension softening as a function of fracture energy as experimentally 
derived by (Cornelissen et al. 1986). 
 

Steel Model 
The stress–strain behaviour of headed shear stud, steel reinforcement and the 

steel beam is similar. They behave as linear elastic material until yielding, followed 
by plastic behaviour. The performance of steel beam is of no particular interest in this 
study; therefore, it is treated as linear elastic, assuming that its modulus of elasticity is 
5 times higher than the usual modulus for structural steel. The shear stud and profiled 
sheeting were treated as elastic perfectly plastic materials. The modulus of elasticity 
for shear studs and the rebars was taken as 200 GPa. The yield stress for steel beam, 
rebars and shear stud was taken to be 350 MPa, 450 MPa and 470 MPa respectively. 
The density of all steel components was taken as 7900 kg/m3. 
 

COMPARISONS: FE MODEL VS. TEST  
 
The test results obtained from the push tests are compared against the FE 

results obtained using the ABAQUS. For the shear connector failure of specimen 
PT2, the load-slip behaviour analyses using the FE model is compared with test result 
as shown in Figure 13. As it can be seen from Figure 13, the FE model provided a 
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good prediction of the shear connector capacity, the experimental shear resistance per 
stud is around 92.5 KN whiles the maximum load per stud predicted by the finite 
element model is around 89.0 KN. Likewise, the experimental as well as FE results 
showed a similar slip at failure (8.95 mm from the experiment and 9.3 mm from the 
FE model). 
 

 
Figure 13. Load vs. slip curves of PT2 vs. FE Model 

 

The biggest difference between the experiment and the FE model is in terms 
of the initial stiffness. The low stiffness observed during the test was probably due to 
the demountable connectors are tightened manually which have some initial bolt slip. 
This phenomenon was not reproduced in the FE analysis. Figure 14 shows the stud 
failure at the end of the push test, it shows the steel studs failed while the concrete 
slab is almost undamaged. 
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Figure 14. Stud failure: experiment vs. FE model 

 
Specimen PT4 with concrete crushing failure is model using ABAQUS, the 

experiment result showed excessive concrete crushing at failure and this is observed 
by the FE model (Figure 15). The load-slip curve of the test vs. FE model is shown in 
Figure 16, good agreement between the test result and the FE analysis is observed. 
After the test, the shear connectors were removed and excessive deformation is 
observed. Once again, as shown in Figure 17, FE model were able to predict the 
excessive deformation observed in the experimental study, the typical “S shape” of 
the deformed stud were predicted by the FE model. 

 
 

 

 

 

 

 

 

 

 

 

 

Figure 15. Concrete crushing: experiment vs. FE model  
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Figure 16. Load vs. slip curves of PT4 vs. FE Model 
 

 

 

Figure 17. Deformed stud: FE Model vs. experiment 
 
CONCLUSIONS 

 
A demountable shear connector was developed in the form of headed stud 

shear connector. A series of the push off tests were carried out to assess its potential 
and suitability. Test results showed that these shear connectors can be easily 
demounted after test and have a similar capacity and behaviour to the welded headed 
studs. In addition, test results demonstrated that the new demountable shear 
connectors process high ductility in comparison with the welded shear connectors, 
but with a relatively lower initial stiffness due to bolt slip. 

A non-linear finite element model of the push test specimen is developed to 
investigate the capacity of shear connectors embedded in a solid slab. The model took 
into account the non-linear material properties of the concrete, steel beam, 
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reinforcement bars and headed stud shear connectors. Results obtained from 
modelling showed a good prediction of the connector capacity and load-slip 
behaviour. 

Finally, results so far showed that the demountable shear connectors have a 
similar performance to the welded connectors and would be a big step forward in 
developing composite beams with this form of shear connectors; which would allow 
the reuse of steel components after deconstruction. 
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Abstract 
 

This paper deals with of a new type of steel-concrete connection for 
composite beams. The connection is an alternative solution for steel-concrete 
composite bridges suitable for prefabrication and fast erection. The composite action 
of the beam is established through an innovative shear connection using adhesion, 
interlocking, and friction. The resistance of the connection to longitudinal shear is 
based on the development of shear stresses in the confined interfaces that form the 
connection. The interfaces include a steel-cement grout interface and a rough 
concrete-cement grout interface. Confinement is provided by the reinforced concrete 
slab that encloses the connection. This study applies such a connection to composite 
bridges and investigates resistance to cyclic loadings using experimental tests. The 
paper presents the analysis of the test results and a design method to predict the 
connection fatigue resistance.  
 
INTRODUCTION 
 

In steel-concrete composite bridge construction with prefabricated slab 
elements, the traditional solution to apply the composite action between the slab 
elements and the steel girders is concreting the openings (shear pockets) of the slab 
elements in which shear studs are enclosed. Studs are typically welded on the upper 
part of the flanges of the girders. However this method presents several 
disadvantages. The supplementary work in situ for concreting the pockets increases 
the overall construction time. Due to the development of shrinkage in the concrete of 
the shear pockets and due to stress concentration, cracks appear at the perimeter and 
at the corner of the shear pockets. Corrosion agents such as de-icing salt can then 
enter the cracks therein decreasing the durability of the structure and damaging the 
connection. Those disadvantages are overcomed using a new type of connection by 
adhesion, interlocking and friction [Thomann and Lebet 2007b, Papastergiou and 
Lebet 2011c] which are favorable for prefabrication and help guarantee long term 
durability. The new connection, in comparison with other new innovative solutions 
such as steel dowels created on the steel web by cutting a steel profile [Feldmann et 
al. 2008a, Rauscher and Hegger 2008b] or connections with perfobond ribs [Kim and 
Jeong 2010b], provide an advantage that allow for prefabrication without 
supplementary cast in place concrete for the deck. Figure 1 presents the new 
connection. The steel girder is provided with a pair of longitudinal embossed steel 
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plates welded together and also welded longitudinally to the upper flange of the steel 
girder. The deck consists of precast reinforced concrete segments fabricated with a 
rib at the lower part. The surface of the rib is roughened by using a retarding agent 
during casting, followed by hydro-jetting and sandblasting. The slab segments are 
positioned over the steel connector and are connected together with epoxy resin and 
longitudinal prestressing, see Figure 2. The void between the connector and the 
concrete deck is filled with a high strength cement grout by injection. Once the 
cement grout is cured the connection is activated and composite action can be 
achieved. 
 

 

Figure 1. Connection by adhesion, interlocking and friction. 
 

BEHAVIOUR AND RESISTANCE OF THE CONNECTION 
 
Resistance of the connection to longitudinal shear is based on the shear 

stresses that are developed at two types of interfaces; 1) an interface between the 
embossed steel and the cement grout, and 2) an interface between cement grout and 
the concrete deck, as illustrated in Figure 4. Due the development of the longitudinal 
shear, τ, in the connection, interfaces tend to slip (see Figure 3). Due to the roughness 
of the interface, this slip, s, is accompanied by a separation of materials, called uplift, 
u, at a direction normal to the slip. This uplift is however restrained due to the normal 
stress (confinement effect), σ, created by the surrounding concrete slab. An 
equilibrium state is developed with tension in the concrete and in the reinforcement 
of the concrete slab over the rib and normal compression stresses developed on the 
interfaces. Figure 4 illustrates the equilibrium state caused by the uplift in the 
embossed steel-cement grout interface. Equally, uplift between the roughened 
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concrete and cement grout is also developed but not presented in this Figure. The 
confinement effect provided by the slab on the interfaces of the connection becomes 
even more significant if the normal forces resulting from the transversal bending of 
the slab are considered.  

The translational stiffness of the slab is not constant during the development 
of slip and uplift. Initially the slab is not cracked, as it was observed during cyclic 
loading push-out tests, and the translational stiffness is large. Once a crack is formed 
and reinforcement is mobilized the stiffness decreases.  Because of its high 
importance on the connection behaviour and the need for generalization for 
applications, the confinement effect was studied more in detail through finite element 
analysis. A typical example of such a confinement effect is the one presented in 
Figure 5 (a). Initially, before cracking of the concrete the stiffness is high, as 
expected. Once the crack is formed, point A in Figure 5, the reinforcement steel is 
submitted to an increasing tension and the normal (confinement) stress continues to 
increase but with an inferior ratio. At the moment where the middle steel 
reinforcement yields another change occurs in the curve, point B, and the normal 
(confinement) stress exhibits a limited increase due to the hardening of the 
reinforcement and the contribution of the upper reinforcement. At about 2 mm of 
uplift, point C, the normal stress stops to increase. A model of the confinement effect 
is shown in Figure 5 (b). Equations associated with this model are given in 
[Papastergiou, 2012]. 

 

 
Figure 2. Prefabricated deck segments positioned over steel girders. 
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a) b)

 
Figure 3. a) Behavior of an interface, and b) definition of the parameters. 

 

 

 

Figure 4. Development of the confinement stresses in the interfaces. 
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(a)       (b) 
Figure 5. Confinement effect; a) typical FEM result, b) developed model.  

This model of the confinement effect is used with the failure criteria, the 
constitutive law and the kinematic law proposed for each interface behavior. The 
interaction between them are taken into account in a numerical model of the 
connection as explained in [Lebet 2008]. The numerical model was validated with 
numerous push-out tests of the connection. An example of the behavior of the 
connection (longitudinal shear – slip) resulting from the numerical model is shown in 
Figure 6.  

Point A in Figure 6 corresponds to the end of the elastic behaviour of the 
connection. Till that point the stiffness of each interface constituting the connection is 
the elastic stiffness of their constitutive laws. Point B corresponds to the point at 
which the shear stress at the embossed steel-cement grout interface reaches the 
ultimate value, for a particular level of confinement. After that point the embossed-
steel cement grout interface begins to soften, however the resistance of the 
connection continues to increase since the normal stress also increases forcing the 
softening behaviour of the embossed steel-cement grout interface to be developed at 
higher values. Point C is the first point where the resistance of the connection reaches 
the ultimate value, Vu, (failure point). For a limited slip, after that point, the different 
combinations of increasing normal stress and the developed shear stress in the 
embossed steel interface result practically to maintenance of the ultimate resistance, 
branch CD in Figure 6. The decrease of the resistance becomes more abrupt at point 
D, where practically the confinement stress stops to increase significantly.  
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Figure 6. Connection behavior according to the numerical model with 

characteristic points. 

A simplified calculation method for the ultimate resistance of the connection 
is also given in [Lebet, 2008] where it is shown that this new connection allows full 
plastic bending resistance of composite beams to be reached.  
 
BEHAVIOUR OF THE CONNECTION UNDER CYCLIC LOADING 
 

To evaluate the behaviour of the new connection under cyclic load, numerous 
tests were done: i) cyclic tests of the different interfaces, ii) cyclic tests on push-out 
specimen of the connection, iii) a beam test under cyclic loading followed with a 
loading up to the ultimate beam resistance. Cyclic loading test results can be found in 
[Papastergiou, 2012]. In the following, only push-out tests and the test on a composite 
beam are presented.  

 
Push-out test under cyclic loading 
A typical push-out specimen is shown on Figure 7. 
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Figure 7. Geometrical characteristics of push-out specimens. 

Twelve symmetrical push-out test specimens were fabricated. The blocks for 
the twelve specimens are made of reinforced concrete-concrete class C50/60 
according to [Eurocode 2 (2004)]. Granularity is of maximum diameter 16 mm. The 
surface of the concrete plates was roughened by sand-blasting. The cement grout was 
developed by the VSL Company with water to cement ratio varying from 0.29 to 
0.32, containing two admixtures (a stabiliser and a plasticizer), the grout resistance at 
28 days varies between 76 and 99 MPa. 

Cyclic tests were performed under force control with a frequency of 1.5 Hz. 
During cyclic (pulsar) loading only the shear force is recorded, in order to record the 
evolution of the force-slip relationship, with the number of cycles, the cyclic loading 
stops at certain moments, and a complete loading-unloading cycle performed at a 
loading rate 0.25 mm/min. In addition, the unloading allows registering of the 
residual slip in the connection, with the number of cycles. 

The cyclic loading values correspond to the expected values of the 
longitudinal shear for this type of connection used to form a twin-I type steel girder-
concrete deck composite bridge section, commonly used as illustrated in Figure 2. 
More precisely the minimum applied load, Vmin, equal to 260 kN corresponds to 
longitudinal shear per unit length equal to 130 kN/m. This value is a mean value of 
the longitudinal shear acting in the connection for long term loads such as dead loads 
from coating. Verification of connection with respect to the limit of fatigue according 
to fatigue load model 1 of the Eurocode 1 (2003a) implies for the region of end 
support of a composite bridge an added variation of the longitudinal shear, ΔvD, of 
400 kN/m. Consequently, this verification imposes a maximum load for the push-out 
tests, Vmax, equal to 1060 kN. For some tests, this maximum load was increased to 
1600 kN to consider ultra high traffic loading. This cyclic loading corresponds to a 
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variation of 0.41 to 0.55 of Vmax/Vu, where Vu corresponds to the ultimate load of the 
push-out test. The push-out specimens were then loaded statically up to their ultimate 
resistance. 
 

 

 
 

Figure 8. Force-slip relationship for push-out specimens PR100_2 with Vmax = 
1060 kN (top) and specimen PR100_8 with Vmax, = 1600 kN (bottom). 

These fatigue tests run up to 2 million cycles without failure, the tests were 
generally continued up to 5 million of cycles after which the specimen were loaded 
statically up to failure. For detailed results see [Papastergiou, 2012]. Figure 8 presents 
the force-slip relationship of two push-out tests for cyclic loading with two different 
amplitudes. As seen in those figures an unloading takes place in specific cycles in 
order to record the residual slip, sres, which is the expression of the damage due to 
cyclic loading. The graphs include also the final static loading which follows cyclic 
loading. 

The residual slip, sres, and the slip under maximum cyclic shear load, sVmax, are 
increasing with repeated loading, however those increases tend to stabilize. This 
stabilization is more clearly seen in Figure. 9. 
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Figure 9. Residual slip, sres, after removal of the load (top) and slip under 
maximum cyclic shear load, sVmax (bottom) as a function of the number of cycles 

N and fitting curves. 

For the specimen shown in Figure 9, the stabilization of sres and sVmax 
indicates, according to the observed behavior for cyclic loading of interfaces, that the 
shear stresses developed in the interfaces remain elastic for the corresponding normal 
stress acting on the interfaces. Consequently, the connection exhibits sufficient 
resistance to cyclic loading, respected that the maximum applied load does not 
exceed the value that defines the limit of the elastic domain (domain in which the 
shear stresses in the interfaces remain elastic). The influence of cyclic loading in this 
case is limited to the development of a residual slip in the connection which stabilizes 
with the number of cycles, practically after two million cycles. 

For the design, concerning the fatigue limit state, the experimental 
investigation has shown that the connection is resistant to repeated loading for a ratio 
of the maximum cyclic shear load versus the ultimate resistance Vmax /Vu ranging 
between 0.41 to 0.55. The numerical model provides, as presented in Figure 6, the 
point A which is the end of the elastic behavior. Up to this point the stiffness of the 
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interfaces remains constant (elastic stiffness). In other words the shear stresses in the 
interfaces remain elastic regardless of the increase of the normal stress, since it was 
found that the elastic stiffness is independent of the normal stress (Papastergiou and 
Lebet 2011c). Thus based on this experimental verification for no failure during 
cyclic loading, and based on the fact that the numerical model predicts elastic shear 
stresses in the interfaces up to point A (shear stress value at point A: vel), it can be 
assumed that the limit defined by point A, can be considered as a safe limit for cyclic 
loading of the connection. 

For repeated loading with shear stresses remaining elastic, the behaviour of 
stabilization of the residual slip is guaranteed allowing for use the following equation 
[Papastergiou, 2012] with application to specimen PR100_6 for example: 
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Where Nf is the number of cycles to failure of the connection, sVmax,1 the slip 
under maximum shear load for the first cycle, su the failure slip corresponding to Vu 
(Figure 6, point C) and the power indexes bcon whose mean statistical values from test 
fitting curves is 0.072. This number of cycle to failure is far higher than the service 
life of the bridge. 

For the verification at the fatigue limit state of the connection, the 
characteristic value of the limit of fatigue vRk,fat is defined as: 

elfatRk vv 74.0, =  

where vel is the longitudinal shear force per unit length at the end of the elastic 
behavior defined with the numerical model for the specific geometry of the 
connection; and 0.74 is a conversion factor for the connection longitudinal shear 
resistance at limit of fatigue based on the 5% fractile of the results of a parametric 
analysis. For verification, the design longitudinal shear vEd due to the design value of 
the permanent load acting on the connection and due to the fatigue model γfat∆v(Qfat) 
should verify the relation:  

vfatRkEd vv γ/,≤  

where γv is the partial factor for the connection equals to 1.25. 

Test on a composite beam 
The composite beam with the new connection, tested with a cyclic loading up 

to 5 million cycles followed by a test to failure, is shown in Figure 10 with the details 
of the instrumentation. 
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Figure 10. Composite beam geometry and instrumentation for recording. 

The steel beam is an HEA 500 of quality S355, the reinforced concrete slab is 
of class C40/50 with a width of 500 mm and a depth of 250 mm. The connector 
consists of two embossed steel plates of type BRI 8/10 welded together of quality 
S235 and with a height of 100 mm. The cement grout injected to realize the 
connection had a compression resistance measured at 75.5 MPa. For the cyclic tests, a 
vertical cyclic load with constant amplitude and at a frequency of 1 Hz is applied at 
the first third of the composite beam. The load varies from 140 to 550 kN, resulting to 
a calculated longitudinal shear per unit length which varies from 137 to 537 kN/m for 
the first 3 meters of the span, and from 68.5 to 268.5 kN/m for the remaining 6 meters 
of the span. Unloading of the beam takes place in several characteristic time intervals 
in order to record the residual slip, sres. 

Figure 11 shows the slip under maximum cyclic load sVmax along the 
composite beam. The slip under maximum load follows the sign of the longitudinal 
shear. However it is not uniform along the two parts of the span. An increase of the 
slip takes place with repeated loading but stabilizes with the number of cycles as 
shown on Figure 13. 
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Figure 11. Slip between the steel flange and the slab under maximum cyclic load, 
sVmax, along the composite beam. 

Figure 12 represents the evolution of the residual slip sres measured after 
unloading the beam. The residual slip, follows the sign of the longitudinal shear. It 
increases with repeated loading but it stabilizes within the applied number of cycles.  
 

 
Figure 12. Residual slip, sres, between steel flange and the slab, along the 

composite beam. 
The stabilization is more evident in Figure 13 which shows the residual slip 

sres and of sVmax, with the number of cycles, for two sections one at a distance 1125 
mm and the second at a distance 5100 mm from the left support of the beam. 

Composite Construction in Steel and Concrete VII 643

© ASCE



 

 

 

Figure 13. Slip under Vmax, and residual slip for two sections, as a function of the 
number of cycles. 

After 5 million cycles, there was no failure in the connection and a static test 
was done up to failure of the composite beam. For the final static test, two hydraulic 
jacks are used, placed in the middle of the span with a distance of 960 mm between 
them. The final test is performed under displacement control with a loading velocity 
equal to 0.1 mm/sec. Figure 14 presents the relationship between the reaction force at 
the support and the vertical deflection in the middle of the beam. The value of the 
reaction force due to dead load 22.4 kN is added on that of the measurement to obtain 
the total value. 

The structural performance of the composite beam is significally ductile. The 
composite beam starts to fail by plastification of the steel beam at a load of about 470 
kN, with increasing bearing capacity as more steel fibers are plastified. For a vertical 
deflection about 70 mm the first tensile cracks appear in the lower part of the 
concrete slab, in the middle of the beam, revealing the development of two neutral 
axes. This is due to the fact that slip, which is kept below 0.2 mm on the elastic 
domain, starts to increase at this point. The bearing capacity continues to increase. 
The first point where a small drop of the resistance is noted, for vertical deflection at 
about 117 mm, corresponds to the initiation of the sprawling of the concrete, outside 
of the stirrups, in the middle of the span. Plastification of concrete follows. Finally 
the beam starts to lose bearing capacity when the slip in the north part of the 
composite beam, increases more than 4 mm for a vertical deflection in the middle of 
the beam about 193 mm (Figure 15). Further loading results to increase of slip up to 
the value of 7.7 mm. At that point, with a vertical deflection of 214 mm (Figure 15), 
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the loading jacks reach their displacement capacity and it was decided to unload the 
composite beam which develops a permanent deflection of 165 mm. 

The plastic resistance of the beam calculated with the measured material 
values corresponds to 2721 KNm. The design plastic resistance of such a beam is 
1870 KNm. Therefore, even after 5 million cycles, the composite beam with the new 
connection can reach its plastic resistance.  

 

 

Figure 14. Reaction force at support versus vertical deflection in the middle of 
the beam. 
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Figure 15. Deformation capacity at the end of test before unloading and slip at 

the north edge of the beam. 
 
CONCLUSIONS 
 

Connections whose resistance is due to adhesion, interlocking and friction 
between various interfaces constitute a very promising solution for the fast erection of 
steel-concrete composite bridges with full-depth precast decks. The results presented 
in this contribution shows that the fatigue resistance of such a connection is 
guaranteed as far as the longitudinal shear acting on the connection with the fatigue 
load remain in the connection’s elastic domain. If the connection is designed under 
this condition, the composite beam can resist the cyclic loading and can reach the full 
bending plastic resistance. 
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Abstract 
 

This paper presents a novel experimental and numerical analysis of composite 
steel-concrete beams at elevated temperatures utilising carbon nanotube. Push tests 
were conducted as a part of the experimental study to determine the strength of the 
headed stud shear connectors in both normal concrete and carbon nanotube concrete. 
The specimens were tested under ambient temperature, 200˚C, 400˚C, and 600˚C, 
respectively. Results from the experimental study illustrated the reduction of ultimate 
load and stiffness as temperatures increased. The numerical analysis was in good 
agreement with the experimental study results. Even though carbon nanotube had no 
effect on the ultimate load, however, the carbon nanotube reduced concrete spalling 
and cracking when compared to normal concrete. The carbon nanotube was observed 
to take effect at temperatures greater than 400°C. As a conclusion, the carbon 
nanotube concrete material would be an effective choice for reducing concrete 
spalling and cracking when exposed to elevated temperatures.  

 
INTRODUCTION 

 
Composite steel-concrete beams consist of a concrete slab connected to a steel 

beam via headed stud shear connectors located at the interface of the components. 
Composite steel-concrete beams are considered effective due to the high concrete 
compressive strength complementing the high tensile strength of the steel component 
[Uy & Liew 2003]. The headed stud shear connectors are used to prevent the vertical 
separation of the components, and also to transfer the normal and shear loads between 
the components [Lam & El-Lobody 2005].  

The integrity of fire-exposed structures is of high importance to understand. 
When exposed to elevated temperatures, the concrete and steel mechanical properties 
decrease with increasing temperature [Mirza and Uy 2009]. Due to the fact that the 
headed stud shear connectors are indirectly exposed to the elevated temperatures, 
axial tensions are experienced from the imposed vertical uplift forces [Wang 2005]. 
Research regarding the integrity of post-fire exposed structures is limited.  

Carbon nanotubes are considered as a smart material with research suggesting 
effective properties to be gained. When added to concrete mixture, the carbon 
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temperature, 200°C, post 200°C, 400°C, post 400°C, 600°C and post 600°C. Figure 2 
shows the push test experiment details and temperature conditions. 
 
FINITE ELEMENT MODELLING 
 
Material properties 
 
Concrete at ambient temperature 
 

Plain concrete was recommended by [Carreira and Chu 1985], where the 
stress in compression is assumed to be linear up to a stress of 0.4f’c. Beyond this 
point, the stress is represented as a function of strain according to Equation 1. 

)'/(1

)'/('

cc

ccc
c

f
εεγ

εεγσ
+−
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where 

55.1
4.32

'
3

+= cfγ  and 002.0' =cε  

For concrete in tension, the tensile stress is assumed to increase linearly 
relative to strain until the concrete cracks. After the concrete cracks, the tensile 
stresses decrease linearly to zero. The value of strain at zero stress is usually taken 
to be 10 times the strain at failure, which is shown in Figure 3. 

Figure 3. Stress-strain relationship for 
concrete at ambient temperature, 
(Carreira and Chu 1985) 

Figure 4. Concrete compressive stress-
strain relationship at elevated 
temperatures, EC2 (British Standards 
Institution 2004) 

 
 
Concrete at elevated temperatures 
 

The stress-strain relationship of concrete with siliceous aggregates expressed as 
a function of the temperature according to Eurocode 2, [British Standards Institution 
2004] follows the Equations 2 to 4, and the given distributions in Figures 4 and 5 
represent the compressive and tensile stress-strain behaviour of the concrete, 
respectively.  
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where θ,cf = ultimate stress of concrete, θε ,1c = strain at ultimate stress of the 

concrete, θε ,1cu  = ultimate strain of the concrete, tσ = tensile strength of 

concrete, tck , = reduction    

            coefficient for tensile strength of concrete 
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 500/)100(0.10.1)(. −−= θθtck   for CC °≤≤° 600100 θ  

 
Figure 4 illustrates that the compressive strength of the concrete decreases 

when temperature increases but the strain of the concrete increases with 
temperature. The tensile strength of the concrete also decreases with an increase in 
temperature, as depicted in Figure 5. A tensile stress also can be achieved for 
temperatures up to 500°C. The modulus of elasticity of the concrete also decreases 
with an increment in temperature. The reduction of the modulus of elasticity is due 
to the rupture of bonds in the microstructure of the cement paste when the 
temperature increases and due to the onset of rapid short-term creep.    
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Figure 5. Concrete tensile stress-
strain relationship at elevated 
temperatures, EC2, (British 
Standards Institution 2004) 

Figure 6. Stress-strain relationship for 
structural steel at ambient 
temperature, (Loh, Uy et al. 2003) 
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Steel material at ambient temperature 
 

The stress-strain characteristics of reinforcing steel and stud shear 
connectors are essentially similar to structural steel. According to [Loh, et al. 
2003], the stress-strain relationship for structural steel is represented as a simple 
elastic-plastic relationship with strain hardening. The mechanical behaviour for 
both compression and tension is assumed to be similar. Figure 6 represents the 
stress-strain relationship for steel and Table 1 indicates the different values of 
stress-strain for each material. 

 
Table 1. Stress-strain value for 
structural steel beam, shear 
connectors, profiled steel sheeting 
and steel reinforcing 

 
Element usσ  psε  usε  

Steel beam ys. σ281  ysε10  ysε30

Steel 
Reinforcing 

ys. σ281  ysε9  ysε40

Shear 
Connectors 

- ysε25 - 

 

Figure 7. Stress-strain relationship at 
elevated temperatures for structural 
steel, EC3 (British Standards Institution 
2005) 

  
Steel Material at elevated temperatures 
 

The stress-strain relationship of structural steel as a function of temperature 
according to Eurocode 3, [British Standards Institution 2005] follows Equations 
(5) to (9) and the stress-strain relationships are illustrated in Figure 7.  
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θ,aE = slope of the linear elastic range, θε ,p = strain at the proportional limit, θε ,y = 

yield strain, θε ,t = limiting strain for yield strength. θε ,u = ultimate strain 

 
The ultimate strength of the structural steel decreases when the temperature 

increases, as illustrated in Figure 7. Furthermore, the modulus of elasticity decreases 
with an increase in temperature. 
 
Finite element type, mesh, boundary conditions and loading conditions 
 

Three-dimensional solid elements were used to model the push off test 
specimens in order to achieve an accurate result from the finite element analysis. For 
both the concrete slab and the structural steel beam, a three-dimensional eight node 
element (C3D8R) was used. A three-dimensional thirty-node quadratic brick element 
(C3D20R) for shear connectors, a four-node doubly curved thin shell element (S4R) 
for profiled steel sheeting and a two-node linear three-dimensional truss element 
(T3D2) for steel reinforcing were used. Figure 8 illustrates the finite element mesh 
used to represent half of a stud of the push test. The aim of this was to reduce the 
simulation cost. 

  

  

Figure 8. Finite element model for 
push test specimens 

Figure 9. Load versus slip 
relationships for normal concrete 
at-fire exposure 

 
In Figure 8, the nodes that lie on the other symmetrical surface (Surface 1) for 

concrete and steel reinforcing are restricted from moving in the x-direction. All the 
nodes in the middle of the structural steel beam web, headed stud shear connector, 
concrete slab and reinforcing steel, which are designated as Surface 2, are restricted 
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to move in the z-direction. All the nodes of the structural steel beam, which are 
designated Surface 3, are restricted to move in the y-direction. For the application of 
load, a static concentrated load was applied to the top of concrete slab employing the 
modified RIKS method which can be obtained through a series of iterations for each 
increment for a non-linear structure. 
 
RESULTS AND DISCUSSION 
 
Push test specimens for normal concrete at fire 
 

Generally, the specimens at ambient temperatures, 200°C and 400°C failed due 
to headed stud shear failure. The failure was signified by a large bang as the stud 
sheared off the steel flange, separating the concrete slab and steel beam components. 
For specimens at 600°C, the failure mode was caused by the combination of headed 
stud failure, concrete cracking and spalling failure. At the same time, it was also 
observed that the structural steel beam buckled due to the elevated temperatures. 

Figure 9 illustrates the comparison of push tests for the normal concrete at-fire 
exposure. Comparing the stiffness of the normal concrete at ambient temperature to 
these at 200°C, 400°C and 600°C, a reduction of 8%, 18% and 38% were observed, 
respectively. Overall, the ambient push test had the greatest stiffness. According to 
[Mirza and Uy 2009] this is to be expected, as the increase in temperature steadily 
reduces the stiffness of the steel components. This is also due to the bond failure 
between concrete and steel surface when subjected to elevated temperatures.  

The normal concrete ambient temperature push test achieved an ultimate load 
of 127kN. The 200°C, 400°C and 600°C normal concrete push tests achieved 
ultimate loads of 111kN, 78kN and 45kN, respectively.  This large reduction 
illustrates the increased danger of failure of composite steel-concrete beams when 
subjected to elevated temperatures. Overall the normal concrete ambient temperature 
specimen achieved the greatest ultimate load. This is due to the increased 
temperatures decreasing the mechanical properties of the composite steel-concrete 
specimens; specifically the compressive strength of the concrete component and the 
rigidity of the steel beam. 

The finite element model produced an ultimate shear capacities of 128kN, 
118kN, 92kN and 53kN for push test at ambient temperatures, 200°C, 400°C and 
600°C, respectively which resulted in less than 10% discrepancy. The push tests 
compared with the finite element models are shown in Figure 9. The results are in 
good agreement with the experimental investigation. 
 
Push test specimens for normal concrete at post fire 
 

Similar failure modes were observed for normal concrete at post fire. The 
specimens at ambient temperatures, post-200°C and post-400°C failed due to headed 
stud shear failure. The failure was signified by a large bang as the stud sheared off the 
steel flange, separating the concrete slab and steel beam components. For specimens 
at post-600°C, the failure mode was caused by the combination of headed stud 
failure, concrete cracking and spalling failure. However buckling of the steel beam 
did not occur for the post-600°C specimen.  
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Figure 10 demonstrates the comparison of push tests for the normal concrete at 
post fire exposure. The stiffness reduction of 11%, 39% and 45% between the normal 
concrete ambient temperature and post-200°C, post-400°C and post-600°C was 
observed. When compared to the normal concrete ambient temperature to at-fire push 
tests, similar trends of stiffness were observed. However, the normal concrete 
ambient temperature to at fire push tests achieved a greater stiffness overall when 
compared to the ambient temperature to post-fire push tests. This suggests that the 
stiffness of the specimens continues to decrease and is not regained, once exposed to 
elevated temperatures.  

An ultimate shear capacity of 117kN was achieved by the normal concrete 
ambient temperature. The post-200°C, post-400°C and post-600°C normal concrete 
achieved ultimate l shear capacities of 110kN, 99kN and 85kN, respectively. This 
demonstrates ultimate shear capacities reduction of 6%, 10% and 28% compared to 
the ambient temperature. In comparison to the normal concrete ambient temperature 
to at-fire push tests, the ambient temperature to post-fire push tests reduced in 
ultimate load at a significantly lower rate. This suggests that the ultimate shear 
capacity of the composite steel-concrete beams after exposure to elevated 
temperatures is greater than exposure during elevated temperatures. According to 
[Fike and Kodur 2011], this is to be expected as the decreasing temperatures allow 
for the ultimate strength of the concrete and steel components to be regained.  

The greatest ductility was achieved by the ambient temperature. The ductility 
reduced according to temperatures. Overall the ductility of the normal concrete post-
fire push tests is higher when compared to at fire push test. This suggests that greater 
tensile strength is regained as the specimens cool to ambient temperature. The 
increasing ductility of the specimens suggests the integrity of the structure also 
increases. This allows for longer periods of failure to occur, thus increasing safety. 

The finite element model produced ultimate loads of 124kN, 114kN, 94kN and 
91kN for push test at ambient temperatures, 200°C, 400°C and 600°C. The push tests 
compared with the finite element models are shown in Figure 10. The results are in 
good agreement with the experimental investigation. 

 

  

Figure 10. Load versus slip 
relationships for normal concrete at-
post fire exposure 

Figure 11. Load versus slip 
relationships for carbon nanotube 
concrete at-fire exposure 
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Push test specimens for carbon nanotube concrete at fire 
 
The failure modes for carbon nanotube are similar to normal concrete. This is 

due to the carbon nanotube does not have significant affect in increasing the 
compressive strength of the concrete. However, the reduction of concrete cracking 
and spalling was observed when compared to the normal concrete at elevated 
temperatures. This is due to the carbon nanotube concrete being able to prevent nano-
cracks from occurring, by requiring a greater amount of energy to form the cracks 
[Konsta et al. 2010]. 

Figure 11 demonstrates the comparison of push tests for the carbon nanotube 
concrete at fire exposure. When compared with ambient temperatures, the stiffness of 
the nanotube concrete at 200°C, 400°C and 600°C illustrated 4%, 6% and 20% 
reductions, respectively. When compared to the normal concrete, the stiffnesses are 
higher.  

The nanotube concrete ambient temperature, 200°C, 400°C and 600°C achieved 
an ultimate shear capacities of 127kN, 111kN, 89kN and 53kN, respectively. When 
compared to ambient temperature, the ultimate shear capacity reduced 11%, 31% and 
58%, respectively. In comparison to the normal concrete ambient temperature to at-
fire push tests, the nanotube ambient temperature to at-fire push tests showed a 
similar trend in ultimate load reduction. More specifically, the nanotube at-fire push 
tests achieved a slightly higher ultimate load.  

Overall the ductility of the at-fire exposure specimens decreased as the 
temperature increased. This trend in ductility is similar to the ductility trend of the 
normal concrete ambient temperature to at-fire push tests. The decreasing tensile 
strength of the headed stud shear connectors means the integrity of the specimen also 
decreases. 
 
 
Push test specimens for carbon nanotube concrete at post fire 
 

The specimens at ambient temperature, post-200°C, post-400°C and post-
600°C failed due to headed stud shear failure. But there was one improvement to 
these specimens, i.e. there was no sign of concrete cracking or spalling failure. This is 
due to the calcium-silicate hydro-crystals decomposing, allowing for the chemically 
bound water to be released and evaporated.  

Figure 12 demonstrates the comparison of push tests for the carbon nanotube 
concrete at post fire exposure. A 22%, 30% and 63% stiffness reduction was 
observed between the nanotube concrete ambient temperature and post-200°C, post-
400°C and post-600°C, respectively. The normal concrete post-fire push tests 
achieved a greater stiffness when compared to carbon nanotube concrete post-fire.  

An ultimate shear capacity of 120kN was achieved by the nanotube concrete 
ambient temperature specimens. The post-200°C, post-400°C and post-600°C 
nanotube concrete demonstrated ultimate loss of 111kN, 99kN and 92kN, 
respectively. This illustrates ultimate shear capacity reductions of 5%, 19% and 25% 
when comparing the ambient temperature push test to the post-200°C, post-400°C 
and post-600°C, respectively. Compared to the nanotube concrete ambient 
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temperature to at-fire push tests, the ambient temperature to post-fire push tests 
reduced in ultimate load at a significantly lower rate. This is similar to the ultimate 
shear capacity trend between the normal concrete at-fire and post-fire push tests. 

  

  
Figure 12. Load versus slip 
relationships for carbon nanotube 
concrete at-post fire exposure 

Figure 13. Comparison for ultimate 
load of headed stud shear connectors 
according to temperatures 

 
The ductility reduced when temperatures increased. This trend is similar to the 

carbon nanotube concrete ambient temperature to at-fire push tests, as the at-fire 
600°C push test achieved the lowest ductility.  

The finite element model produced an ultimate load of 123kN, 112kN, 102kN 
and 86kN for push tests at ambient temperature, 200°C, 400°C and 600°C. The push 
tests compared with the finite element models are shown in Figure 10. The results are 
in good agreement with the experimental investigation. 
 
Comparison of push test specimens for normal and carbon nanotube concrete at 
fire  
 

In order to measure the shear force resistance of push tests, the loads were 
measured according to the slip rate of 4mm. Figure 13 illustrates the progression of 
ultimate load of the push test specimens according to temperatures when carbon 
nanotube is incorporated. The ultimate shear capacity ratios, P(u)/P(t), related to 
different temperatures are shown in Figure 13. The figure shows that the carbon 
nanotube did not show any effect when the temperatures range from ambient to 
200°C. When the temperatures reach 400°C and 600°C, the carbon nanotube not only 
shows the decrease in concrete cracking and spalling, but also 8%  and 11% 
increments in their shear resistance loads, respectively.  Therefore, it can be assumed 
that the carbon nanotube is only useful when temperatures are greater than 200°C.  
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Comparison of push test specimens for normal and carbon nanotube concrete at 
post fire  
 

In Figure 13, the ultimate shear capacities for post fire showed similar trend to 
at fire where the carbon nanotube did not show any effect until the temperature 
reached 200°C. At temperatures above 200°C , the shear force resistance of carbon 
nanotube increased when compared to normal concrete.  Therefore, it can be assumed 
that the carbon nanotube is only useful when temperatures are greater than 200°C.  

When compared to push test specimens at fire, the post fire push tests 
illustrated that the shear resistance reduced at a lower rate. This is due to the post-fire 
specimens regain strength after the specimens cool down to ambient temperature. The 
carbon nanotube concrete demonstrates a 7% and 8% higher in shear resistance loads 
for 400°C and 600°C, respectively. 
 
CONCLUSIONS 
 

The experimental studies showed that the failure modes for push tests were 
generally headed stud shear failure. Even though adding carbon nanotube into the 
concrete did not significantly increase the compressive strength of the concrete, 
however, when the specimens were exposed to elevated temperatures, the reduction 
in concrete cracking and spalling were observed.  

When comparing the normal concrete to the carbon nanotube concrete, it was 
observed that similar ultimate capacities were achieved up to 200°C. After 200°C, the 
carbon nanotube concrete achieved higher ultimate loads. Furthermore, the carbon 
nanotube concrete showed that there was a great reduction in spalling and cracking 
when exposed to elevated temperatures.  

It can be concluded that the carbon nanotube material did not have any effect 
until temperatures reached 200°C or above. This is observed by the change in colour 
from the carbon nanotube concrete ambient temperature specimen to the 600°C 
specimen. This suggests that at greater elevated temperatures, the carbon nanotube 
concrete material would be a more effective choice, particularly with the reduced 
concrete spalling and cracking achieved. 

In comparison of the at-fire exposure results to the post-fire exposure results, it 
was observed that greater ultimate loads and ductility were achieved by the post-fire 
exposed specimens, with similar stiffness achieved. This suggests that the strength of 
the components regains during the cooling process of the post-fire testing.  

Accurate finite element models have been developed to investigate the 
behaviour of shear connection in composite steel-concrete beam at elevated 
temperatures utilising carbon nanotube. Based on the comparisons between the 
results obtained from finite element models and available experimental results, it was 
observed that they are in good correlation. All the failure modes were accurately 
predicted by finite element model. The maximum discrepancy is 10%. 
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RECOMMENDATION FOR FURTHER RESEARCH 
 

Composite steel-concrete beam with the inclusion of carbon nanotube showed 
the improvement in cracking and spalling of concrete under elevated temperatures. 
Studies considering continuous beams with the inclusion of carbon nanotube to look 
at the cracking and spalling effects under elevated temperatures will be subjected to 
future research in this project.   
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Abstract 

 
The stiffness, strength, and arrangement of the shear connection play a crucial 

role in the design of timber-concrete composite (TCC). This paper reviews the 
available analytical models for prediction of the stiffness of TCC shear connections. 
The methodology of different analytical models for stiffness of the mechanical 
fastener TCC connection is discussed and the accuracy of these models is examined 
based on push out test results for shear connectors. The simplified stiffness models 
underestimated the experimental data of normal wood screw with an error ranging 
approximately 10–40%, whereas the models based on Winkler’s theory  were 
inaccurate and calculated a much lower stiffness compared to that of experimental 
test with an error of approximately 60%. The reasons attributed to inaccuracy of the 
stiffness models are described. This paper recommends further investigation on the 
prediction of foundation moduli of timber and concrete as the main input parameters 
of the models based on the Winkler’s theory.   

 
Keywords: Timber concrete composite floor (TCC); Stiffness; Foundation modulus; 
Wood screw. 
 

INTRODUCTION 
 

Timber concrete composites (TCCs) are structural elements that comprises of 
timber and concrete elements joined together by some form of shear connector. They 
are most commonly used as floor systems. There are a number of different types of 
shear connectors that are used in TCCs with varying effectiveness, price and labour 
requirement. Fasteners include nails, screws, shear keys and proprietary devices.  

TCCs benefit from the composite action, resulting in a significant 
improvement in strength and stiffness compared to the timber and concrete acting 
independently (Clouston, Bathon, & Schreyer, 2005). The level of this benefit 
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depends on the stiffness of the connector, and can range from no connection to rigid 
connection, with the boundaries of structural efficiency determined by these 
theoretical limits.  

The degree of stiffness of the composite is dependent on the stiffness of the 
connection (Clouston et al., 2005). The connector allows for composite action – that 
is, for the timber and concrete to act together as one entity, with the timber and 
concrete  acting in tension and compression respectively and  due to bending (Branco, 
Cruz, & Piazza, 2007). This is aligned with the materials’ natural properties and 
behaviours (Moshiri, Crews, et al., 2012; Moshiri, Garven, et al., 2012). 

 
Stiffness of TCC shear connection 

 
The slip between timber and concrete in TCC shear connection and 

consequently the slip modulus of laterally loaded shear connection has a significant 
influence on the overall behaviour of composite beams including displacement, 
stiffness, load carrying capacity and distribution of internal forces. However, Santos, 
De Jesus, Morais, and Lousada (2010) and Mascia and Santana (2009) reported that 
the stresses are not so sensible to the behaviour of the shear connection for plywood 
composite beams. The non-linear load-slip response of a single connection and its 
stiffness within the linear range of response, which is so called slip modulus, 
characterises the overall behaviour of composite beams.  Furthermore, a connection 
within the non-linear range results in non-linear behaviour of the TCC system 
(Mascia & Santana, 2009). 

The design of timber composite structure is governed by displacement within 
serviceability limit state (SLS), hence, the slip at timber connection plays a crucial 
role on design of timber beams. Furthermore, the linear-elastic approach for design of 
timber composite systems proposed by Eurocode5 “Gamma method” employs 
different input parameter such as slip modulus to design the TCC beams whilst 
inaccurate slip modulus results in unreliable design for the timber composite systems 
(EN, 2004; Mascia & Santana, 2009). The Gamma method introduced an effective 
(apparent) bending stiffness of the composite cross-section using the shear bond 
coefficient, γ as shown in: 
 

2
2

2
1  a A+E Iγ+EaA+E I=EEI ttttcccceff                   (1)

 
 
where, I is moment of inertia; E is modulus of elasticity (MOE) and A is section area. 
Factor a1 represents the distance between centroids of concrete floor and effective 
TCCs whilst a2 indicates distance between the centroids of timber joist and effective 
TCCs. The effective bending stiffness is used to check the design resistance of the 
connector and the stress values in the timber and concrete. The shear bond coefficient 
is given in Eurocode 5 as: 
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where, Ec is MOE of the concrete floor, Ac is section area of the concrete floor, S 
represents spacing of the connectors, K is slip modulus of the connector and L is span 
length of the beam. Eurocode 5 considers the non-linearity of timber composite 
connection by different values of slip modulus associated to different level of loading 
including serviceability and ultimate slip moduli corresponding to 0.4Fmax and 
0.6Fmax , respectively. 

This paper reviews available stiffness models of timber to timber and TCC 
connections which include both simplified models and models based on the theory of 
beam on elastic foundation. In case of TCC, the predicted slip modulus can be used 
as input parameter for the design of composite structure. The experimental aspect of 
the research consists of push out tests of normal wood screws which is used as shear 
connection in TCC specimens and aims to examine the accuracy of the available 
stiffness models of TCC shear connection for their practical application in the design 
of TCC floor. Due to availability and lower cost, labour requirement and time for 
fabrication, normal wood screw was selected as shear connection for verification of 
the models.  

 
ANALYTICAL MODELS 
 

In this section, different available analytical models for the serviceability 
stiffness of timber composite connections are discussed. Their methodology and 
required input parameters are also analysed. Lack of appropriate verification of the 
available models seems to be a major limitation for their practical application in the 
design of TCC floor. In addition to the stiffness models, the analytical models of the 
foundation modulus of timber and concrete are presented. 

 
Stiffness model: Eurocode 5 

 
Eurocode 5 proposes an empirical equation to predict the serviceability 

stiffness, Ks of vertically inserted dowel-type fasteners e.g. dowels, bolts without 
clearance, screws and nail without pre-drilling in timber-timber connection. In case of 
TCC, a modification factor of two is taken into account to consider the presence of 
concrete slab instead of one of the timber components (Dias, 2005; EN, 2004) as: 

 

23
5.1 dK ms ρ=                              (3)  

 
where, ρm is the mass per unit volume of timber and d is the diameter of the fastener 
as defined in EN14592 (2008). The stiffness is approximated based on the diameter 
of the fastener and density of timber, and is valid for loading parallel to the grain 
whilst the effect of length of fastener is neglected (Symons. D, Persaud. R, & 
Stanislaus. H, 2010). 
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Stiffness model: Zahn (1991) 
 

Zahn (1991) proposed a similar equation to Eurocode 5 to approximate the 
serviceability stiffness of the single bolt timber-timber connection which was adopted 
by Forest and Association (1997) as shown in Equation (4). Similar to the model 
proposed by Eurocode 5, a modification factor of two is adopted by authors to use the 
model for verification of the experimental data of normal wood screw used in TCC. 

 
5.1246dK s =                              (4) 

 
Where d is diameter of fastener. 
 

Stiffness model: Turrini G. and Piazza M. (1983) and Ceccotti A. (1995) 
 

Based on the experimental works, Turrini G. and Piazza M. (1983) and 
Ceccotti A. (1995) proposed Equations (5-6) respectively to approximate the 
serviceability stiffness of timber composite shear connection as: 

 
dEK ts 08.0=                             (5) 

dEK ts 125.0=        
                     (6) 

 
where, d  and Et are diameter of fastener and MOE of timber.   
 

Stiffness model: Kuenzi (1955) 
 

Previous investigations e.g. Hetényi (1946), Kuenzi (1955), Larsen (1975), 
Patton-Mallory, Pellicane, and Smith (1997) and Gelfi, Giuriani, and Marini (2002) 
employed generic solutions of an elastic beam on an elastic foundation to 
approximate the  elastic range of overall load-slip response and stiffness of vertically 
inserted fastener for timber composite joint (Patton-Mallory et al., 1997).The beam 
on elastic foundation under the acting external loads was investigated first by Winkler 
(1867). 

The Winkler's theory of beam on elastic foundation simulates vertically 
inserted fastener by a beam with flexural deformation whilst elastic foundations of 
distributed springs model timber and/or concrete components resisting the 
deformation of fastener. The Winkler’s theory discussed that the design values of 
timber composite joint with single nail fastener depends on several parameters e.g. 
material properties of timber and fastener.  Moreover, the slip at interface of 
composite components, slip modulus, internal forces and moments and the 
deformation profile of fastener along embedded length in timber associated with each 
stage of loading are approximated. 

Kuenzi (1955) first employed the Winkler's theory to introduce a differential 
equation to approximate the load carrying capacity and the elastic deformations of a 
single and double planes timber-timber joint by modelling the nail as a linear-elastic 
beam on an elastic foundation as: 
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(7) 

 
where, k (kt for timber, kc for concrete) is the foundation modulus of material whilst E 
and I are the MOE and second moment of area for the fastener. Equation (7) results in 
general solution represented in: 
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Bi are constant coefficients based on the compatibility conditions. 
Kuenzi (1955) assumed the stiffness of attached springs to be linear elastic 

whilst later on  Foschi (1974) extended the stiffness of spring to non-linear range 
assuming an ideal elastic–plastic steel for fastener  and smooth elastic–plastic for 
nail. The reaction forces act perpendicular to fastener axis and opposing the 
deflection of the fastener. Thus, there is compression in the surrounding timber and 
concrete in front of the fastener. This compressive forces distributed along the 
fastener are proportional at every point to the deflection of the fastener at this point, 
y(x)  multiply to the foundation modulus, k as shown in Equation (11). 

 
P(x)=ky(x)                             (11) 
 

Using compatibility conditions, Kuenzi (1955) approximated the slip at 
interface of composite by: 
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where,L1, L2, J1, J2, K1 and K2 are calculated by: 
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where, the flexibility matrix, fm size (2*2) is determined from the solution of the 
beam on elastic foundation formula whilst V1 and M1 represent the internal loads 
acting on the free end of the beam as depicted in Figure 2. Moreover, the rotation and 
deformation of fastener at very end distance from interface are assumed to be zero. 
The flexibility coefficients of the flexibility matrix are determined by summation of 
the displacements and rotations of the beam embedded in elastic foundation of 
concrete, timber and interlayer as given in Equations (23-26). 
 

020 =θ                                (23) 
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Eliminating M2 in Equation (22), the stiffness of connection is obtained by:  
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Foundation modulus models 

Foundation modulus model of timber: Kuenzi (1955) 
 

Kuenzi (1955) approximates the foundation modulus of timber in parallel and 
perpendicular to the grain directions using: 
 

Z
D=Ek tt α,                             (28) 

 
where, d is the diameter of the fastener, Z is the foundation depth, and Et,α is the 
modulus of elasticity of timber in parallel and perpendicular directions whilst Z is a 
constant and assumed to be about 25mm.  
 

Foundation modulus model of concrete: Gelfi and Giuriani (1987) 
 

There are few experimental data available for foundation modulus of concrete. Gelfi 
and Giuriani (1987) estimates the foundation modulus of concrete, kc by: 
 

β
c

c
E

=k                                (29) 
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Figure 5. Loading regime in compliance with EN26891 (1991) 

 
The load-slip graphs of TCC joints obtained by push-out test are shown in Figure 6. 

 

 
Figure 6. Load-slip diagrams of normal wood screw 

 
Plotting load slip responses of the connections, the serviceability slip 

modulus, Ks,0.4  was calculated in compliance with EN26891 (1991) as given in:  
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F
K s                          (30) 

 
where, Fmax is the load carrying capacity and v01 and v04 are slip corresponding to 
0.1Fmax and 0.4Fmax. Table 1 tabulates the serviceability slip modulus of vertically 
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inserted wood screw shear connection which were calculated in compliance with 
EN26891 (1991). 
 
Table 1. Serviceability slip modulus of normal wood screw 
Specimen Ks,0.4 (kN/mm) 

NWS1 12.7 
NWS2 12 
NWS3 6.9 
NWS4 17.6 

Mean 12.3 
σ 4.4 

CoV(%) 35.7 
 
COMPARISON OFSTIFFNESS MODELS AND EXPERIMENTAL RESULTS 
 

Different available models for serviceability stiffness of timber composite 
connections using mechanical fastener are discussed in section 2. Table 2 summarises 
the connection geometry and material properties of normal wood screw connection 
used in TCC. A summary of the push-out test results and predictions of the available 
stiffness models of TCC joints using normal wood screw is shown in Table 3. 
 
Table 2. Summary of material properties of TCC joint with normal wood screw 

Material properties of TCC joint Value 

Outer diameter of screw, d (mm) 6.6 

Shank diameter of screw, d (mm) 5.2 

MOE of screw, Es   (MPa) 210000

MOE of LVL, Et  (MPa) 13400 

characteristic density of LVL, ρk (kg/m3) 600 

embedment depth in timber, t1 (mm) 65 

embedment depth in concrete, t2 (mm) 35 

Foundation modulus of LVL, kt  (MPa) 384 

Foundation modulus of concrete, kc (MPa) 7160 
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Table 3. Summary of experimental and analytical data of serviceability stiffness 
Results Kser  (kN/mm)      % Error 
Experiment 12.3 - 
Eurocode 5, EN (2004) 8.4 -31.6 
Zahn (1991) 8.3 -32.4 
Turrini G. and Piazza M. (1983) 7.1 -42.2 
Ceccotti A. (1995) 11.1 -9.7 
Kuenzi (1955) 4.5 -63.6 
Gelfi et al. (2002) 4.5 -63.6 
 

The simplified stiffness models e.g. Eurocode 5, Turrini and Piazza (1983) 
and Zahn (1991) underestimated the experimental data of normal wood screw with an 
error ranging approximately 10-40% whereas the models based on Winkler’s Theory  
e.g. Kuenzi (1955) and Gelfi et al. (2002) calculated a much lower stiffness compared 
to that of experimental test with an error of approximately 60%. 

The low foundation moduli of wood screw obtained from the experimental 
test (Table 2) is attributed to this high underestimation. However, if the foundation 
modulus value calculated by the foundation modulus model of Kuenzi (1955) 
(Equation (28)) is employed, a suitable agreement between experimental and 
analytical stiffness results will be achieved. It is noted that the models based on 
Winkler’s theory are not suitable to calculate the stiffness of TCC connections 
utilising screw with small diameter. 

The accuracy in simplified stiffness models is different where Ceccotti (1995) 
indicates appropriate agreement with the experimental data whereas other simplified 
models represent notable difference between analytical and experimental data.  

The under estimation error of simplified stiffness models is as expected and 
agreed with literature. For example Ceccotti, Fragiacomo, and Giordano (2006) 
reported a high difference of 40% for analytical and experimental serviceability 
stiffness of glued re-bar TCC connections.  

The underestimation of simplified stiffness models is due to the fact that these 
models only consider limited parameters e.g. fastener diameter and MOE of timber 
whereas, the important parameter such as foundation moduli of timber, slenderness of 
fastener, its embedding length and MOE are ignored. 

The underestimated stiffness and strength lead to the larger resistance but 
brittle failure of the composite beam whilst an accurate approximation of stiffness 
and strength by push-out test or some modifications of the predictive models are 
crucial to have a ductile design. 

 
CONCLUSION 
 

This paper reviews the available models for prediction of the serviceability 
stiffness of timber composite joint. The analytical results of the models were 
compared with the experimental results of single normal wood screw shear 
connection used in TCC specimens.  
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The simplified stiffness models such as Eurocode 5, Turrini and Piazza (1983) 
and Zahn (1991) underestimated the experimental data of normal wood screw with an 
error ranging approximately 10-40% whereas the models based on Winkler’s theory  
such as Kuenzi (1955) and Gelfi et al. (2002) were inaccurate and calculated a much 
lower stiffness compared to that of experimental test with an error of approximately 
60%. The input parameters of the simplified models are limited to diameter of 
fastener and density or MOE of timber whilst in addition to aforementioned 
parameters, the effect of the bearing behaviour of concrete and the length of fastener 
are taken into account in the models based on the Winkler’s theory. The reasons 
attributed to inaccuracy of the stiffness models were discussed. 

This paper recommends further investigation on the prediction of foundation 
moduli of timber and concrete as the main input parameters of the models based on 
the Winkler’s theory.  Additionally, further examination of the available stiffness 
models using experimental data of different types of mechanical fastener with various 
lengths and diameters is required to propose the models for the design of TCC floor. 

It is noteworthy to state that the less input parameters required for the 
simplified models may be more readily available compared to that for the models 
based on the Winkler’s theory e.g. foundation moduli of timber and concrete, which 
makes the simplified models more practical for application in design of TCC floor.  
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Abstract 
 

Recent research studies carried out on the condition of the existing 
infrastructure in Australia have revealed that the percentage of structures reaching the 
end of their useful life has increased. These structures need alternative structural 
solutions to extend their useful life to reduce the costs on 'new builds', which are 
required to replace them. Therefore, methods of strengthening of composite steel-
concrete structures have become increasingly important. The flexural behavior of 
composite steel-concrete beams using blind-bolts was tested using full-scale beam 
specimens previously. The test results revealed that the ability of these new blind 
bolts to achieve composite action in composite beams was comparable with that of 
welded stud shear connectors. In addition, the behavior of the full-scale beam 
specimen during the flexural test was simulated using three-dimensional non-linear 
finite element (FE) models developed using ABAQUS. The FE models were 
validated using the load-deflection curves obtained from the experiment. This paper 
presents the FE results of composite beam models containing different shear 
connectors. 
 
1. Introduction  
 

Headed shear studs are the most commonly used connector type in composite 
steel-concrete beams to achieve composite action. One major problem of retrofitting 
composite beams with headed stud connectors is their connection. Welded headed 
studs need to be permanently welded to the top flange of the steel beam of a 
composite beam. This process requires removing a considerable area of concrete from 
the concrete slab along the length of a composite beam to allow required space to 
carry out proper welding around the studs. Blind bolts on the other hand, are a very 
good solution for this problem as they can be fixed on to the steel beam of a 
composite steel-concrete beam, from one side, with damaging the concrete slab of the 
composite beam. Furthermore these new blind bolt types can be utilised to develop 
demountable composite steel-concrete structures. 
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It is not until recently that studies have been carried out on structural bolts to 
be utilised as mechanical connectors to provide the ability of structural rehabilitation. 
[Kwon et al, 2009] studied the feasibility of rehabilitating existing old non-composite 
steel girder bridges with concrete decks. The authors concluded that it was both 
physically and economically possible to rehabilitate existing bridges with the use of 
post installable shear connectors but no work has been conducted on utilising the 
removable bolts as shear connectors in composite steel-concrete structures. [Mirza et 
al, 2010] carried out several push test experiments to evaluate the stiffness, strength, 
and ductility of blind bolts to compare their properties with conventional welded 
studs. The experimental results proved those blind bolts are a good option with 
comparable load capacities to develop demountable shear connector systems. 
Properly validated finite element models have been used as an efficient tool to study 
the shear connection behaviour of welded headed shear connections in steel-concrete 
composite beams. [Mirza and Uy 2009] developed a three dimensional nonlinear 
finite element model to simulate push test experiments using ABAQUS to study the 
behaviour of headed shear studs in composite beams, with both solid and profiled 
sheeting slabs, at elevated temperatures. In other research, [Mirza and Uy 2010] 
developed three dimensional finite element models using symmetry to simulate push 
test experiments for welded studs placed at two levels in the specimen to evaluate the 
structural performance of shear connection in composite beams. In both research the 
authors carried out parametric studies after validating the finite element models 
against experimental results.  

The main objective of this paper is to present and discuss the results of finite 
element model simulations of full-scale beam experiments carried out to investigate 
the capacity of different shear connection systems utilising different shear connector 
types.  Four full-scale beams consist of three composite steel-concrete beams utilising 
three different connectors, conventional welded studs and innovative blind bolts, and 
one non-composite beam were tested under static loading. Three dimensional non-
linear finite element models (FEM) developed to simulate the four experimental 
specimens using ABAQUS. The validated finite element models which can 
accurately predict the load-deflection behaviour of the experimental specimens, are 
used to assess further the feasibility of using the shear connection systems of these 
new bolt types in steel-concrete composite beams by carrying out several parametric 
studies taking key parameters that are concrete strength of the slab, yield strength of 
the steel beam and the shear connection ratio of composite steel-concrete beams into 
account. The two blind bolts used in this study are illustrated in Figure 1. 
 

 

Figure 1. Blind bolt types. 
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2. Experimental investigation 
 

Four simply supported beams including three composite beams and one non-
composite beam were tested. The geometry except the shear connector type of all 
four beams was identical. The beam specimens were designed to represent an actual 
secondary beam used in a high rise office building floor in accordance with relevant 
Australian design standards. Figures 2 and 3 show the typical geometry of the test 
specimens. The test setup for the beam experiment is illustrated in Figure 5. The load 
applied on a spreader bar, by a 1000kN hydraulic testing machine, was then 
transferred on to two steel bars, A & B, placed 500mm away from the centre-line to 
both sides of the slab. The load was applied as distributed-loads at two points across 
the full width of the beams. The deflections were measured throughout the test at 
point, D, the mid span and two points, C & D, 500mm away from the centre to the 
either sides along the length of the bottom flange of the steel beam. Two linear 
variable displacement transducers (LVDTs) were used to measure the horizontal 
displacement at the bottom of the steel beam at both ends. Other values recorded 
throughout the test were the force and stroke of the hydraulic jack and strains on 
selected points of the beam via attached strain gauges. 
 

 
 

Figure 2. Plan view of the beam. 

                  
 

   Figure 3. Section view of the beam.              Figure 4. Shear connector models. 
 

 
3. Finite element modeling 
 

A three dimensional non-linear finite element model was developed to 
simulate each beam specimen. The finite element models were validated by verifying 
their load-deflection results against that of the experimental results.  
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The load-deflection results have been considered in model validation as these 
results are useful in studying the global behaviour of the beams in relation to their 
stiffness, ductility and the ultimate strength. The validated models were used in 
carrying out several parametric studies by considering the effect of some key 
parameters which are the concrete strength of the slab, yield strength of the steel 
beam and shear connection ratio of the composite beams. These models were further 
used to study the behaviour of different components of the composite beams during 
loading and also to gain further insight into the local behaviour of connectors to 
evaluate their performance in achieving and maintaining shear connection capacity 
under flexural loading. The finite element models were developed and run using 
commercially available software, ABAQUS.  

 
Figure 5. Loading setup. 

 
  3.1 Mechanical properties of materials 
 

The mechanical behaviour in relation to the stress-strain characteristics of 
materials used in finite element modeling in this study including concrete, structural 
steel, reinforcement steel and shear connectors are represented by constitutive laws 
and actual material property test data.  
 
3.1.1 Material property of concrete  
 

The concrete damage plasticity model has been utilised to describe the 
material behaviour for concrete as this model is intended primarily for the analysis of 
reinforced concrete structures and also designed for applications in which concrete is 
subjected to monotonic loading under low confining pressure. [Karlsson and 
Sorensen 2010] describe this as a continuum, plasticity-based, damage model having 
tensile cracking and compressive crushing of the material as its two main failure 
mechanisms. The evolution of the yield (or failure) surface is controlled by tensile 
and compressive equivalent plastic strains linked to failure mechanisms under tension 
and compression loading. The Concrete Damage Plasticity option must be used in 
conjunction with Concrete Tension Stiffening and Concrete Compression hardening 
options in ABAQUS. The flow potential and yield surface parameters have been 
defined using default values of ABAQUS in the concrete damage plasticity option. 
The material model introduced by [Carreira and Chu 1985] for normal concrete is 
used to define the elastic-plastic behaviour of concrete. For the compression region, 
the model is expressed by the following equations; compression is assumed to be 
linear elastic up to 0.4 f'c. Poisson's ratio of concrete was assumed to be 0.2 and a 
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normal weight concrete of density 2400 kg/m3 was assumed for all concrete grades. 
The characteristic compressive stress was taken as 34 N/mm2 

⁄⁄              (1) 

Where; = Concrete stress, = Concrete strain,  = Characteristic compressive 
strength 

. 1.55 and  0.002. 
In this study the stress-strain relationship of concrete in tension is assumed to 

be linear. The tensile stress of concrete increases linearly until concrete starts 
cracking in tension and decreases linearly to zero from that point.  The ratio of the 
uniaxial tensile stress to the uniaxial compressive stress at failure is evaluated as 0.1 
[Liang et al. 2004]. Figure 6 illustrates the stress-strain relationship of concrete 
according to the compression behaviour proposed by [Carreira and Chu 1985] and the 
uniaxial tensile stress-strain behaviour of concrete.  
 
3.1.2 Material properties of steel beam, reinforcement and connectors 
 

Steel material shows initial elastic behaviour up to the yield point and 
followed by further yielding or strain hardening before failure. Non-linear behaviour 
of steel materials in this experiment where loading is monotonic and creep effects are 
not involved is described with the classical metal plasticity model in ABAQUS. 
 

 
 
      Figure 6. Concrete properties.                         Figure 7. Steel properties. 
 

Perfect plasticity and isotropic hardening definitions are both available in the 
classical metal plasticity models. Figure 7 illustrates stress-strain relationships 
converted into piecewise linear curves and used to model the steel beam, reinforcing 
steel, welded studs, blind bolt 1 and blind bolt 2. 
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3.2 Geometry, element types and mesh 
 

A half model along the length was considered in the analysis by resulting in a 
reduction in simulation cost and computational time as specimens are symmetrical 
along its length. Concrete slabs and steel beams were modeled using eight-node 
linear hexahedral solid elements with reduced integration and hourglass control 
(C3D8R) as the main element type. Six-node triangular prism elements (C3D6) were 
adopted as secondary elements in some areas where geometric shapes are not 
compatible to be meshed with brick elements. Considering the geometric size of the 
specimens first order hexahedral solid elements were adopted in modeling long and 
wide sections of concrete slabs and steel beams. Elements with reduced-integration 
were adopted as they reduce computer running time. Hourglass control option was 
used to avoid hourglassing problems with first-order, reduced-integration elements. 
The elements are incorporated in a reasonably fine mesh in order to further improve 
the sensitivity of the analysis.  

Shear connectors were modeled using second order three-dimensional twenty-
node quadratic brick elements with reduced integration (C3D20R) to improve the 
running time and also the accuracy of the analyses. The connectors were modeled to 
represent the actual geometric sizes and shapes within the limitations of the 
application. Figure 4 shows the connector models used in the finite element models.  
The reinforcement bars were modeled with two-node linear three-dimensional truss 
elements (T3D2).  Figure 8 illustrates the finite element mesh utilised to simulate a 
half of a composite steel-concrete specimen.  

 

 
 

Figure 8. Finite element mesh. 

3.3 Contact properties, boundary condition and load application 
 

Contacts between different parts were modeled using interaction and 
constraint options to represent the actual contact behaviour in the test specimens. 
Surface to surface interaction was used to model the contact between the steel beam, 
concrete slab and connector surfaces. The value used for the friction co-efficient was 
0.4. The embedded element technique was used to model the contact between 
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reinforcement bars and concrete. In this technique a perfect bonding between 
embedded elements and host elements is developed. This bonding will constrain the 
translational degree of freedom of the embedded nodes and avoid slip between 
reinforcement bars and concrete. The nodes of the concrete slab, reinforcement bars 
and steel beam on the plane of symmetry, at the mid-span of the beam were restricted 
from moving in the z-direction. The plane of symmetry is shown in Figure 8. The 
load was applied on the model as an imposed displacement of the concrete slab.  
 
4.0 Results and discussion 

 

      Figure 9. Non composite beam.              Figure 10. Welded stud beam.
 

 
 
      Figure 11. Blind bolt 1 beam.                  Figure 12. Blind bolt 2 beam.
 
 
4.1 Non-composite beam 
 

The load versus mid-span deflection relationships of the finite element model 
are illustrated in Figure 9. The experimental results and the finite element model 
results are in good agreement in terms of stiffness, the ductility and the maximum 
load capacity. These results demonstrate that the finite element model is reasonably 
accurate and reliable and also valid to be used in further investigations. During the 
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experiment, cracks were appeared under the concrete slab of the non-composite beam 
when the loading was reached 40% of the theoretical ultimate flexural capacity of the 
beam.  Figure 13 illustrates the development of tension cracks in the concrete slab 
under and near the loading points of the non composite FEM model. 
 

 
 

Fig. 13 - Tension cracks in the concrete slab.  
 

4.2 Composite steel-concrete beam with headed stud shear connectors 
 

Figure 10 illustrates the load versus mid-span deflection relationships of the 
finite element model and the actual beam. The model curve shows good agreement 
with the experimental curve in terms of the stiffness of the beam. The nearly parallel 
lines demonstrate equal stiffness of curves until the experimental curve exhibits a 
sudden drop in load due to initial stud failures at 380 kN. Even after those drops in 
load in the experimental curve have occurred, the stiffness of both curves does not 
seem to vary significantly until they have reached 500 kN, where the experimental 
curve demonstrates yielding. The model curve starts to yield at 600 kN, still 
suggesting close agreement with the behaviour of the experimental curve. The 
experimental curve exhibits significant and sudden drops in load after it reaches a 
maximum load of 606 kN.  The difference in ultimate load capacity is quite 
significant, while the experiment showing 606 kN and the model showing 818 kN, 
even though the yielding loads of the two curves are in a better agreement. But the 
curves still demonstrate large ductile regions after reaching the maximum load 
capacity.  The difference in ultimate load capacities of the model and the actual beam 
can be attributed to the sudden failures of the studs at the welded joints in the beam 
specimen during loading. 

 
4.3 Composite steel-concrete beams with blind bolt 1 
 

Model results in relation to the load-deflection relationship demonstrated in 
Figure 11 suggests that the initial stiffness of both model and experimental curves is 
the same.  Further it can be observed that the stiffness of the model curve is fairly 
similar to that of the experimental curve up to 610 kN, though the experimental curve 
exhibits permanent deformation and a drop in the stiffness after the first load drop at 
around 400 kN. Both curves demonstrate yielding at around 610 kN and follow 
similar stiffness variations beyond that point. The experimental result and the finite 
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element model results are in good agreement in terms of the stiffness, the ductility 
and the maximum load capacity. The maximum load reached was 806 kN with a 62 
mm deflection and 806 kN with a 64 mm deflection for the experimental result and 
finite element result respectively. Both experimental and model specimens failed due 
to concrete failure. 
 
4.4 Composite steel-concrete beam with blind bolt 2 
 

Figure 12 illustrates the load versus mid-span deflection relationships of the 
finite element model and the actual beam. Both curves show identical behaviour in 
relation to the stiffness, ductility and the ultimate strength of the actual beam. The 
beam exhibits a low stiffness at the initial stage of loading and gradually increases the 
stiffness. This is due to the slight movements of bolts within the gap between the bolt 
shanks and the over-sized holes in the steel beam flange. Once the bolt shanks have 
touched the flange, the beam starts to gain its natural stiffness which is similar to the 
other composite beam specimens. It can be observed that the experimental beam 
yields at around 550 kN and the model curve shows good agreement with the 
experimental results. The experimental result and the finite element model result are 
in good agreement in terms of the stiffness, the ductility and the maximum load 
capacity. The maximum load reached was 882 kN with a 144 mm deflection and 875 
kN with a 154 mm deflection for the experimental result and finite element result 
respectively.  
 
4.5 Comparison of ultimate flexural capacity results 
 

Table 1 illustrates the comparison of the ultimate strength values obtained 
from experimental results and analysis results. The theoretical ultimate flexural 
capacity for a composite steel-concrete beam specimen was calculated using rigid 
plastic analysis (RPA) by considering its critical, mid-span, cross-section. An 
equivalent stress block was used in the compressive region of the concrete slab and 
the area of the concrete slab in tension was ignored in the calculation. The percentage 
of the difference of the ultimate flexural strength values between the experimental 
result and the theoretical result for a beam specimen is higher than 25% in all cases 
except for the welded headed stud beam which has shown the lowest percentage 
which is 1% between its experimental and theoretical ultimate capacities. The 
percentage of difference of the ultimate flexural strength values between FEM result 
and theoretical result for a beam specimen is higher than 25% in all cases. These 
values further suggest that there could be a premature failure in the welded headed 
stud beam that resulted the beam to fail well before the expected ultimate flexural 
capacity calculated by RPA.  

 
5. Conclusions 
 

Four full-scale beam specimens were tested under static loading condition to 
study the flexural behaviour of three composite steel-concrete beams utilising three 
different connector types and one non-composite steel concrete beam. Four 3-
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dimensional non-linear finite element models (FEM) were developed to simulate the 
four beam specimens. The load-deflection relationships of the experimental 
specimens and the FEM models have been analysed to study the global behaviour of 
the composite steel-concrete beams in relation to stiffness, strength and ductility. 

During the experiment all the beams reached a much higher ultimate flexural 
capacity than their theoretical flexural capacity including the non-composite beam. 
The headed stud beam showed the minimum increment over the theoretical ultimate 
load capacity and showed the minimum ultimate load capacity among composite 
beam specimens. The model results suggest this beam would have exhibited much 
higher capacity unless there was an unexpected premature failure. The welded headed 
beam demonstrated the lowest increment in the ultimate load over its theoretical 
capacity possibly due to sudden weld failures of the connectors. This result supports 
the argument of difficulty of maintaining the quality of stud welding on steel beams 
in practice. This problem seems to be easily overcome by utilising these new anchors 
as shear connectors. 

FEM results in relation to the stiffness and maximum load capacity of the 
beam models are in very good agreement with that of the experimental results. The 
models have proven to be effective in terms of predicting load-deflection 
relationships. These models will be used to investigate the effect of key parameters 
such as shear connection ratio, concrete strength and geometry of the steel beam and 
the concrete slab of composite steel-concrete beams utilizing blind bolting by 
carrying out parametric studies. 

 

Table 1. Comparison of ultimate strength results of different analysis methods.  

 

Beam 
specimen 

Ultimate flexural strength values 
obtained from different analysis 

methods (kN) 
% of Difference of strengths 

Theoretical 
result      
(Fut) Experimental 

result       
(Fue) 

FEM   
result   
(Fum) 

Fue − FutFut % Fum − FutFut %
CWS 597 606 818 1%* 37% 

CBB1 647 806 806 25% 25% 

CBB2 647 882 875 36% 35% 

NC 424 558 557 31% 31% 

CWS-Welded stud beam, CBB1- Blind bolt 1 beam, CBB2- Blind bolt 2 beam, NC-
Non-composite beam. 
 *:  CWS shows the lowest percentage of difference between experimental and 
theoretical capacity. 
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Abstract 

Prefabricated steel and concrete composite decks are an interesting option to 
improve competitiveness and sustainability of the composite structures. Longitudinal 
shear connection is usually established by grouped headed studs, but possible 
alternative solution is to use bolted shear connectors. Welded headed studs and bolts 
(grade 8.8) are experimentally examined in the push-out tests (four tests on each). 
The same arrangement and dimensions of shear connectors (16 mm diameter and 100 
mm height above flange) are considered and their resistances and behaviour are 
compared. Experimental results showed that headed studs and bolted shear 
connectors have similar shear resistance, while headed studs are more ductile. FEA is 
performed by ABAQUS/Explicit solver with damage material models to get more 
insight into behaviour of the specimens. FEA shows rather good agreement with 
experimental results. Influence of the bolt to hole clearance on the behaviour of 
specimens with bolted shear connectors is analysed and discussed. 

1. INTRODUCTION 

Steel and concrete composite beams have been developed for decades to carry 
out optimal structural system for deck structures. Prefabrication of concrete slab is a 
good solution to avoid temporary supports and formwork for concrete casting and 
therefore reduce construction time and minimize traffic disturbance. It is most 
commonly established by grouting grouped headed studs welded to steel section in 
envisaged openings (pockets) of prefabricated concrete slabs. An alternative solution 
is to use bolted shear connectors. Faster erection methods can be developed by 
casting bolts in prefabricated concrete slabs and on site assembling to predrilled 
flange of steel section part of composite member, thus eliminating time for grout 
hardening. The construction costs with use of bolted shear connectors are expected to 
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be higher when compared to traditional headed studs. Still, the faster erection and life 
cycle cost analysis may lead, for a certain applications, that the total economy of the 
precast structures becomes competitive.  

Long-term behaviour and durability issues may require replacement of 
concrete slabs or their parts during maintenance which is complicated and time 
consuming procedure in case of most commonly used welded shear connectors. With 
use of bolted shear connectors easier dismantling and replacement of concrete slabs 
can be achieved. It is also important from sustainability point of view since structure 
will have to be removed at the end of its lifetime. 

Bolt to hole clearance of bolted shear connector should be as small as possible 
to ensure composite action of a beam. Therefore, low fabrication tolerances of 
prefabricated elements need to be achieved. As an example, a very good state of the 
art is provided by [Hällmark 2013] on the requirements, achieved tolerances and 
costs for a single span L=28 m, prefabricated composite road bridge with dry joins 
between composite slabs, 

Welded headed studs, as the most widely used shear connectors, are well 
covered by design rules in many codes and continuous research on their behaviour in 
composite structures extends for decades in past. A very good state of the art on the 
existing experimental results on headed stud from the researches conducted in past 
few decades, and comparisons to design codes is given by [Pallarés and Hajjar 2010]. 
[Lam and El-Lobody 2005] conducted parametric FEA by varying headed stud height 
and concrete strength and compared results of headed studs shear resistance to 
predictions of design codes. [Gattesco and Giuriani 1996] experimentally examinated 
headed studs behaviour subje.ted to reverse and monotonic cyclic loading. Grouped 
behaviour of welded headed studs, for their application in prefabricated slabs in 
composite beams, have been recently examined by [Okada et al. 2006], [Shim et al. 
2008], [Chen et al. 2012] and [Spremić et al. 2013]. There are many other 
experimental and numerical studies considering various aspects of headed stud 
behaviour in composite structures, but very limited number of research and analyses 
of behaviour of bolted shear connectors is available. Also, design and application 
rules are still not available. 

Bolted shear connectors can be used with or without the nuts embedded in 
concrete, and with or without preloading of bolts. Friction grip bolts (concrete 
preloaded by bolts) were investigated by [Dallam 1968]. They transfer interface shear 
forces by friction and are often used in car parks construction [ArcelorMittal 2008]. 
[Hawkins 1987] conducted the research on non-preloaded anchor bolts without the 
embedded nut in shear and tension. He showed that such anchors have 80% shear 
resistance when compared to welded headed studs and only 15% of shear stiffness. 
Bolted shear connectors with and without embedded nut were partially investigated 
by [Dedic and Klaiber 1984] and [Kwon et al. 2010] for application in rehabilitation 
work of strengthening existing non composite bridges. Influence of initial slip in hole 
of bolted shear connectors on the behaviour of steel and concrete composite beam 
was partially examined by [Kwon 2008], experimentally and numerically. Conclusion 
was made that at ultimate load level (failure load), behaviour of a beam with bolted 
shear connection is similar to the one with headed studs. Some differences in beam 
behaviour can be noticed in his results at serviceability load level. Detailed analysis 
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of behaviour and failure modes of bolted shear connectors with single embedded nut, 
and comparison to headed stud behaviour have been conducted by [Pavlović et al. 
2013] using advanced FEA. None of the mentioned researches dealt in detail with 
initial slip in hole of a bolted shear connector from prefabrication and cyclic loading 
point of view. 

Aim of this paper is to improve competiveness of bolted shear connectors as 
advantageous from prefabrication and sustainability point of view by detailed 
examination of their initial slip behaviour. High strength bolts M16, grade 8.8, as 
bolted shear connectors with single embedded nut are studied and compared with 
headed studs of same dimensions. Standard push-out tests [EN1994-1-1 2004] were 
conducted for both shear connectors as part of the research carried by [Spremić 2013] 
and [Pavlović 2013]. FE models using damage material models were built and 
calibrated based on experimental data. Dynamic explicit solver was used to obtain the 
quasi-static solution. Propagation of initial slip in hole of bolted shear connector for 
monotonic cyclic loading is closely described by use of FEA results. 

2. EXPERIMENTAL WORKS 

2.1. Test set-up 
Preparation of specimens and testing procedure was done according to 

EN1994-1-1 – Annex B recommendations [EN1994-1-1 2004]. Four identical 
specimens were prepared and tested for both shear connector types in the Laboratory 
for Materials and Structures at Faculty of Civil Engineering in Belgrade. Dimensions 
are shown in Figure 1. 

 

 

Figure 1. Test specimens layout 

Concrete slabs (600x650x120 mm) were prefabricated, with standard 
reinforcement layout also shown in Figure 1, by casting in horizontal position. Cube 
compression strength of fck,cube=38 MPa was achieved after 28 days, corresponding to 
EC2 class C30/37. Openings with dimensions 240x240 mm were left in the middle 
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for later assembling. Ribbed bars ø10 mm, class R500 were used for reinforcement. 
Steel section HEB260, grade S235 had holes with diameter of 17 mm. High strength 
bolts M16; grade 8.8, with length 140 mm and headed studs d=16 mm,  h=100 mm 
were used as shear connectors, horizontally and vertically spaced at 100 mm (>5d). 
Bolted shear connectors were clamped to at the steel flange by nut on outer side of 
the flange and washer and nut on the inner side. Clamping force of 40 kN was applied 
by torque controlled wrench on inner nut. Headed studs were drawn-arch welded. For 
both shear connectors, height above steel flange hsc=105 mm, was achieved.  

Assembling of specimen was done in two phases, one side than another. Steel 
flanges were greased to avoid bond effects with slab. Openings were filled with three-
fraction concrete in horizontal position. To minimize initial shrinkage cracks, 
specimens were kept in wet condition for three days. 

During concreting of openings, concrete cubes and cylinders (minimum four 
specimens) were made out of the same concrete mixture. Characteristic compressive 
cube strength fck,cube=40 MPa, and splitting tensile strength fct,sp=3.1 MPa were 
achieved for concrete in openings. Standard tensile tests for steel section bolt and stud 
material were conducted to obtain their properties on specimens with 8mm diameters 
and gauge length of 50mm. Results of standard tensile tests are presented by 
[Pavlović et al. 2013] and [Spremić et al. 2013]. Mean engineering tensile strengths 
of 787 MPa, 530 MPa and 406 MPa were obtained by tests for bolts, headed studs 
and steel section, respectively. 

     

Figure 2. Test set-up 

Upon 28 days after specimen preparation, they were equipped with sensors 
mounts, and put into testing frame with hydraulic jack on fresh gypsum posts to 
achieve vertical alignment and even bedding. Each specimen was equipped with 8 
LVDTs (Linear Variable Displacement Transducer), as shown in Figure 2. 
Longitudinal slip was measured on both sides of steel section, on both slabs: sensors 
V1–V4. Transversal separation between steel section and both slabs was measured 
only on front side, as close as possible to shear connectors: sensors H1 and H2. 
Separation of slabs was measured on both sides of steel section: sensors S1 and S2. 
Force was measured by load cell at the top, with capacity of 1000 kN. Data 
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acquisition and recording for all transducers and load cell was done with 1 Hz 
frequency by multichannel acquisition device. 

Loading regime shown in Figure 3(a) was adopted as specified in [EN1994-1-
1 2004]. Force was first applied in 26 cycles as force controlled loading ranging from 
Fmin=40 kN to Fmax=280 kN, corresponding to 5% and 40% of expected failure load. 
After cyclic loading, failure loading was applied in one step as displacement 
controlled, such that failure does not appear in less than 15 minutes. 

 

  
 a) loading regime b) results - cyclic and slip to failure 

Figure 3. Loading regime and results decomposition 

2.2. Experimental results 
Results of push-out test for both shear connector types are shown in Table 1. 

Longitudinal slip is presented as averaged value for sensors V1-V4 divided to the 
initial accumulated slip during cyclic loading δinit and additional slip to failure δu, as 
defined in Figure 3(b). Total slip δu,tot = δinit + δu is also given. Separation of concrete 
slabs (S1 and S2 from Figure 2) and uplift of the concrete slab from the steel flange 
(H1 and H2) are given as averaged values. 
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Table 1. Experimental results for all specimens. 

Shear 
connector 
type 

Specimen 
(8 shear 
connectors) 

Total  
force  (kN) 

 Slip - average (mm)  Separation  
- average  (mm) 

ultimate  initial to failure total  between 
slabs 

steel to 
concrete Pult   δinit  δu δu,tot   

H
ea

de
d 

st
ud

s 

STa 776.8  0.08 7.53 7.61  1.79 1.04 
STb 737.0  0.08 5.79 5.87  1.77 1.15 
STc 770.8  0.07 6.59 6.66  1.91 1.41 
STd 735.6  0.07 8.30 8.37  1.72 0.78 
ST mean 755.0  0.07 7.05 7.12  1.79 1.10 

Bo
lte

d 
sh

ea
r 

co
nn

ec
to

rs
  BT1 720.4  0.34 4.65 4.99  1.78 1.19 

BT2 702.3  1.37 5.01 6.38  1.82 1.19 
BT3 703.5  0.98 4.47 5.45  1.51 1.07 
BT4 741.7  1.12 3.90 5.02  1.23 0.99 
BT mean 717.0  1.00 4.51 5.46  1.59 1.11 

 

Force-slip curves for both shear connector types are shown in Figure 4. 
Curves are separated in two characteristic parts as designated before in Figure 3(b). 
Load-slip behaviour of specimens during cyclic loading is shown in Figure 4(a). Only 
one curve for headed studs is shown to avoid overlapping. Figure 4(b) shows load-
slip curves for failure loading for all specimens, referring to additional slip to failure 
δu. Characteristic resistance for headed studs according to [EN1994-1-1 2004], 
adjusted to measured material properties, is shown as a reference. Initial part is 
shown as detailed view with curves starting at load of 40 kN since failure loading 
step starts after the cyclic loading, as shown in Figure 3(b). 
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a) cyclic loading 

 
b) failure loading 

Figure 4. Experimental force-slip curves for all specimens 

3. FE ANALYSIS 

FE models of push-out tests, for both shear connectors, were built with aim to 
closely describe their behaviour. Since high strength bolts as shear connectors are 
used in non-standard connection layout, several important details were considered 
during modelling and analysis. Bolts were modelled with threads, to account the 
influence of threads penetration to hole surface on force-slip behaviour. Preloading of 
bolts was simulated in the numerical analysis, as it was applied in push-out test. 
Besides failure loading, cyclic load was applied for bolted shear connectors, in order 
to obtain origin of accumulative initial slip, noticed in experimental test results (see 
Figure 4(a)). 
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3.1. Model geometry and boundary conditions 
Finite element models for headed studs and bolted shear connectors push-out 

tests were identical. They consisted of all connection components used in push-out 
tests.. Figure 5(a) shows complete model for headed studs, while Figure 5(b) shows 
detailed view around bolts of bolted shear connectors model. Modelling details such 
as: accurate parts geometry, reinforcement embedment, friction coefficients, etc. were 
all adopted as presented by [Pavlović et al. 2013]. Double vertical symmetry and 
fully fixed concrete slab base were used as boundary conditions. 

    
 a) headed studs b) bolted shear connectors c) different clearances 

Figure 5. FE models geometry and mesh 

Different bolt-to-hole clearances were set for upper and lower bolt in model as 
shown in Figure 5(c). Upper bolt had minimum clearance of 0.1 mm, while lower 
bolt had maximum clearance of 0.9 mm. Intention was to simulate equivalent test 
specimen conditions (random distribution of clearances for 8 bolts of one specimen) 
and its influence on accumulative initial slip. 

3.2. Loading, analysis method and mesh 
Loading was defined in three subsequent steps. They correspond to 

experimental testing: bolt preloading and cyclic loading (only for bolted shear 
connectors), and failure loading (for both shear connectors types). 

Preloading of bolts by turn-of-nut method was introduced as explained by 
[Pavlović et al. 2013]. Cyclic load was applied as surface stress at top of the steel part 
to achieve total load of 280/4=70 kN (double symmetry in model). This loading step 
is therefore force controlled. Time dependent amplitude function, with values ranging 
from 0.12 to 1.0 in 26 cycles was defined. In the last step, failure loading was applied 
as displacement controlled at top surface of the steel profile. 
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Those FE models exhibit large displacements, high material nonlinearity and 
complicated contact interactions. According to [Abaqus 2012] best solution is to use 
explicit dynamic solver (Abaqus/Explicit) to obtain quasi-static solution. Variable, 
non-uniform mass scaling was used to reduce calculation time. Appropriate 
smoothing of loading amplitude functions for all loading steps was adopted to avoid 
large inertia forces in quasi-static analysis. 

Complex geometry of model parts (bolts and nuts) required tetrahedron finite 
elements (C3D4) to be used for most parts (see Figure 5(a) and (b)). Mesh size was 
varied for different parts in terms of their size and importance. For example, thread 
area of bolts and nuts were meshed with 1.2 mm elements, while head and shank had 
a mesh size of 2.4 mm. Hexahedral continuum elements (C3D8R) were used for the 
steel section as it was possible to generate mesh automatically. High density mesh 
(0.6 mm) was used in region around bolt holes to include effects of thread-to-hole 
penetration. 

3.3. Material properties 
Five different material models have been defined for modelled parts (steel 

section, concrete, bolt, headed stud and reinforcement.). Special attention has been 
given to bolt, headed stud and concrete material models since the overall behaviour of 
shear connection FEA was highly sensitive to their properties. Just short overview of 
used material models is presented here, while complete data and procedures of 
material models parameters determination are presented in [Pavlović et al. 2013]. 

 

Figure 6. Plasticity curves and damage extraction procedure [Pavlović et al. 
2013] 

Ductile and shear damage material models were used for bolt and headed stud 
material to realistically predict their behaviour in push-out tests. Firstly, material 
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models were calibrated on tensile tests models based on standard tensile test data, as 
shown in Figure 6(a), for each material used. Later, those material models were used 
in push-out test with same element type and mesh size to correctly account for 
damage evolution. 

Concrete damaged plasticity (CDP) model in Abaqus was used to describe 
concrete behaviour. CDP model consists of compressive and tensile behaviour, 
defined separately in terms of plasticity and damage parameters. Modulus of 
elasticity Ecm=35.0 Gpa and mean compressive strength fcm=40.0 MPa, as obtained 
from standard tests results was used to define stress-strain curve shown in Figure 7. 
Mean tensile strength fct= 0.9fct,sp=2.8 MPa was used. Damage curves for 
compression and tension were also defined. 

 

Figure 7. Concrete compression stress-strain behaviour [Pavlović et al. 2013] 

3.4. Validation of numerical results 
Comparison of experimental and numerical force-slip curves for both shear 

connectors for failure loading is shown in Figure 8(a). Numerical force-slip curve for 
initial cyclic loading is compared to experimental curves for bolted shear connectors 
in Figure 8(b). Deformed shapes of bolted shear connectors, prior to failure, taken out 
from destroyed concrete slabs, are shown in Figure 9. Comparison is made to FE 
results at the stage of first (lower in both cases) shear connector failure. Von-Misses 
stresses in studs and bolts and compression damage variable in concrete are also 
shown in Figure 9.  

Numerical analysis showed good match with experimental results for both 
shear connector types, even for demanding cyclic loading analysis for bolted shear 
connectors. Therefore, results of numerical analysis can be used for further 
investigation shear connectors behaviour. 
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 a) failure loading b) cyclic loading 

Figure 8. Numerical force-slip curves 

 

 
 a) headed studs b) bolted shear connectors 

Figure 9. Deformed shear connectors prior to failure – Tests vs. FEA 
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4. DISCUSSION 

4.1. Basic shear connector properties 
Shear resistance, stiffness and ductility of headed studs and bolted shear 

connectors, are compared in details by [Pavlović et al. 2013] based on same 
experimental results presented here. Detailed analysis of failure modes and load 
transferring mechanism for both shear connectors is also made with help of similar 
FE models presented here. Bolted shear connectors have achieved 95% of headed 
studs shear resistance, but initial tangential stiffness is nearly 50% lower (see detailed 
view in Figure  4(b)). Bolted shear connectors also exhibited brittle behaviour, 
according to [EN1994-1-1 2004], with ultimate slip lower than 6.0 mm (see Table  1), 
while headed studs showed ductile behaviour.  

4.2. Initial slip during cyclic loading 
Welded headed studs showed practically no initial slip during cyclic loading 

as it can be seen in Table 1 and Figure 4(a). The reason lies in fact that they are 
welded to the steel flange. This was also concluded by [Gattesco and Giuriani 1996]. 
In case of bolted shear connectors, initial slip occur in first load cycle, right after the 
friction forces due to preloading of bolts are overcome (around 80 kN shear force in 
Figure 4(a)). Large differences in initial slip for tested specimens of bolted shear 
connectors, during first load cycle, can be noticed. Those are affected by different 
clearances between bolts and holes in the steel flange. Moreover, tested specimens 
consisted of 8 bolts, with randomly distributed clearances, form 0.0 to 1.0 mm. In FE 
analysis this phenomenon has been simulated by setting maximum and minimum 
initial clearances for lower and upper bolt, respectively. 

Results of cyclic loading FE analysis are shown in Figure 10 as deformed 
shapes, concrete compressive damage variable contour plots and curves (concrete 
crushing) and threads penetration curve through loading cycles. After the first load 
cycle, some bolts void their clearances, but others do not (see Figure 10(b)). 
Considering further cycles, those bolts transfer shear load by bearing and therefore 
are subjected to higher shear loads than Ptot/8, because other bolts are limited to the 
slipping friction resistance. Their threaded parts penetrate into the hole surface and 
crushing of concrete occurs in front of them (see Figure 10(b) and (c)). This 
difference in load transferring mechanism between upper and lower bolt can be seen 
by comparing Figure 10(a) and (b). Lower bolt have not voided its large initial 
clearance and practically no crushing of concrete occurs in front of it.  In further load 
cycles, threads of overloaded bolts penetrate deeper into holes surfaces and crushing 
of concrete propagates leaving noticeable increment of plastic deformation (slip) in 
each cycle (see Figure 4(a)). During this process, more bolts void their clearances and 
they start to transfer the shear load by bearing. This leads to the decrease of slip 
increments. It can be seen in Figure 4(d) and (e) that treads penetration and concrete 
crushing at different depth points in front of upper bolt are convergent. Also, 
observing experimental force-slip curves in Figure 4(a), accumulated initial slip 
during cyclic loading seem to be convergent with number of cycles, possibly ending 
with all bolts voiding their clearances. It can be observed in Figure 4(a) that specimen 
BT1 possibly had some bolts with no clearance, and that slip in first loading cycle 
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(0.32 mm) comes from the their threads penetration. Thread penetration in the first 
load cycle of FE results, shown in Figure 4(d) is lower (0.23 mm), but this difference 
is to be expected since in FE analysis 4 of 8 bolts are in bearing due to symmetry 
conditions. As an opposite example, specimen BT2 had largest initial accumulated 
slip, possibly having most of bolts with maximum clearance of 1 mm. 

Observing experimental results in Table 1 and Figure 4(a) and FE results in 
Figure 8(b), and considering given analysis of threads penetration, it may be 
concluded, for the case considered here, that maximum initial slip to be expected is 
50% higher than nominal bolt to hole clearance used. This increase factor is expected 
to be dependent on load range, bolt diameter and steel flange material grade. 
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 a) no load  b) first load cycle c) end of cyclic loading 

 
 d) thread penetration  e) concrete compression damage 

Figure 10. FE results for cyclic loading 

5. CONCLUSIONS 

Push-out tests using welded headed studs and bolted shear connectors with 
diameter of 16 mm and 105 mm of height above flange were conducted. Advanced 
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FE models were analysed to get more insight into specimens’ behaviour. Following 
conclusions have been drawn: 

1) Bolted shear connectors achieved 95% shear resistance when compared to 
headed studs. However, bolted shear connectors showed brittle, while headed 
studs showed ductile behaviour. 

2) Initial accumulated slip during cyclic loading in case of bolted shear 
connector is noticeable (from 0.4 mm to 1.5 mm). It is caused by existence of 
clearance between the bolt and the hole in steel flange. Welded headed studs 
practically had no initial slip since they are welded to the steel flange.  

3) Bolted shear connectors tested here (4 specimens), had quite different initial 
accumulated slips. This is addressed to random distribution of bolt-to-hole 
clearances. 

4) Initial slips for bolted shear connectors are up to 50% higher than initial 
clearances (1mm clearance in this study). The reason for this lies in 
penetration of bolt threads into the hole surface. 

5) Ultimate resistance of bolted shear connector is not influenced by initial slip 
in hole and thread penetration. 

6) Damage material models paired with dynamic explicit solver can be used to 
analyse FE models of push-out tests both for cyclic and failure loading. 

Even though the initial slip in hole of bolted shear connector does not affect 
its ultimate shear resistance, behaviour at serviceability load levels of a composite 
beam with such shear connection may be affected. It should be further investigated 
for proper application of bolted shear connectors in prefabricated steel and concrete 
composite decks for possibly required pre-camber design rules.  
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Abstract 
Current design codes on stud shear connectors have clear limitations to cover 

new details of stud shear connection. New trends of stud shear connection are large 
diameter up to 30mm, clustered studs, different material for bearing, mixed 
arrangement with lying and vertical studs and confinement details. A research 
program was started to develop a separate design code on steel-concrete composite 
structures covering building and bridge structures in Korea. In order to improve 
current design provisions of stud shear connectors, experimental data on static and 
fatigue strength were collected, especially for new details. Collected data of 
experimental results, current design codes on static and fatigue strength of stud shear 
connection were investigated to expand their application limits. Additional 
coefficients for static strength are needed to consider new details. For the application 
of high strength material, shear stress range needs to be limited by 60% of static 
strength and bearing stress of concrete also need to be limited by 3 times of 
compressive strength of concrete to use current S-N curves. Shear connectors for 
precast decks, large studs greater than 27mm and clustered connectors with narrower 
stud spacing than 5 times of the diameter showed slight decrease of fatigue strength.  
 

Introduction 

Headed stud connector is the most common application in composite 
structures to provide composite action between concrete slab and steel beam. The 
behavior of stud shear connection in composite beams depends on various factors 
such as material properties of stud and bearing material, dimensions of studs and 
reinforcement details. Push-out test is commonly used to evaluate the shear strength 
of shear connection. As commented by Pallares and Hajjar (2010), the design formula 
to compute the strength of headed stud connectors need to be reassessed for new 
design scopes.  

In addition, the current provisions (AISC 1995, Eurocode-4 1997) have 
applicable limitations: limit the strength of steel stud (fu <500MPa), limit the small 
stud diameters (13mm<ds<25mm). Moreover, the current specifications on shear 
strength do not consider comprehensively on all material properties: confinement 
effect of concrete, or reinforcement effects, slab dimensions. Current design codes on 
static strength of shear connection assume two different failure modes. The upper 
limit of the shear strength is obtained from the stud shank failure. Area of the stud 
shank and tensile strength of the stud are the main parameters to determine the 
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strength. In this term, concrete properties are not considered. Combination of damage 
of bearing concrete and stud failure is considered in the other equation.  

Recently, new and high strength materials are more commonly used. However, 
some new materials could not be applied to the design of shear connection because of 
the current provisions’ limitations. Therefore, the current provisions on shear strength 
of headed stud need to be more applicable, especially for new requirements of details 
and materials. 

Table 1 summarizes current design codes on static strength of stud shear 
connection and their range of application. These design provisions can be used for 
common practices but not for new details and materials, which are not in the range. 
Therefore, it is necessary to investigate extension of current design equations for new 
practices as listed in Table 2.  
 

Table 1. Design provisions on static strength of stud shear connection 
 EC-4 AASHTO LRFD JSCE Guidelines 

Codes 
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vuRd dfP γπ= /)4/(8.0 2
)2(  
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1.25Vγ =  

nscr QQ φ=  

uscccscn FAEfAQ ≤= '5.0

 

85.0=φsc  

b

cdssssss
stud

fdhA
V

γ
+

=
)10000')/(31(

or 

bstudssstud fAV γ= /  

3.1,0.1,3.1 =γ=γ=γ bsc  

Range of 
design 

paramete
rs 

16 25smm d mm≤ ≤
2500 /uf N mm≤  

3/1750: mkgdensityfck ≥
 

minimum yield and 
tensile strength of 345 

MPa and 

415 MPa 

3213 ≤≤ ssd  

2/550400 mmNfstud ≤≤  

2/63'14 mmNfc ≤≤  

 

 

Table 2. New details and materials for stud shear connection 
Detail  Application  References 

Large diameter (~31.8mm) High shear region 

Badie et al. 2002 

Shim et al. 2004 

Wang et al. 2011 

Group arrangement with 
narrow spacing (less than 

5ds ) 

Composite joints 

Precast decks 

Larose 1995 

Okada 2004 

Shim 2007, 2010 

Xue et al. 2011 

Xu et al. 2012a, b 
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Shear connection with 
additional confinement 

Precast decks 
Larose 1995 

Shim et al. 2007, 2013 

Mortar and bedding layer Precast decks Shim et al. 2000 2001 

High strength material HPM application 

Cederwall and An 1996 

Wang et al. 2011 

Prakash et al. 2012 

 
In this paper, the effects of the new details and materials on the static and 

fatigue performance were investigated. Based on database of static and fatigue tests 
of stud shear connectors from the literature, comparisons were made to the provisions 
in current design specifications. New equations for static and fatigue strength of stud 
shear connection to extend the range of design parameters in design codes are 
proposed.  The derived equations will be proposed for new design specification on 
steel-concrete composite structures in Korea.  
 

Static strength for new details 
In previous research works, there were many researchers considered and 

proposed many new equations of shear strength. From 1920 to 1958, Viest reviewed 
shear connectors strength. Chapman used to discuss about the behavior of composite 
sections and shear connectors (1964). Iyengar wrote a comprehensive state of the art 
up that time (1977). Johnson and Buckby (1979) reported experiments on many 
specimens in British and in the United States of America. 

According to Johnson and Anderson (1993) the constant in Eurocode-4 (1994) 
was derived from push test results to be 0.26. Because the lateral restraint was usually 
less stiff than in the concrete slab of a composite beam, it was increased to 0.369 in 
CEC (1992). The constant according to Ollgaard et al. (1971) is 0.39. Partial safety 
factor for shear connection is 1.25 without considering materials while Eurocodes use 
partial safety factors for different materials. 

In headed studs particular, Shim (2004, 2010) researched on structure 
performance of composite joints using bent studs. The interaction in the design 
provisions for joints under a combination of flexure and shear was checked. New 
equations to predict strength of stud clusters, and group arrangements of studs  were 
also considered by LaRose (1995) and  Okada (2004).  In addition, Shim (2004) did 
18 experiments to investigate the limitation of current design provisions on shear 
strength of large studs. Xue (2008) compared the current provisions on shear strength, 
include of Eurocode-4 (1994), AASHTO LRFD (2007), Chinese code. According to 
his work, Eurocode-4 is the most conservative prediction on shear strength of headed 
studs. On the other hand, Cederwall and An (1996) performed experiments on high 
strength materials and showed the significantly different (6%) in shear prediction 
between normal strength and new high strength material specimens. All their 
experimental results are collected in the database. 

For shear connection in precast deck bridges, material properties of filling 
material and bedding height must be considered for the evaluation of structural 
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performance of stud shear connection (Shim, 2000; Shim, 2001). Large studs up to 
31.8mm diameter were experimentally investigated and availability of the current 
design provisions on stud shear connectors was verified based on the test results 
(Badie et al., 2002, Shim et al., 2004). The failure modes of shear connection can be 
categorized into three modes. Mode-1 is defined as stud failure without considerable 
concrete damage. Mode-3 means the concrete failure without stud failure. When the 
connectors are failed after considerable concrete damage, it can be defined as Mode-2. 

In order to investigate a new prediction on shear strength of headed studs 
shear connection with new design aspects, 287 data (including test results for 
common studs by Ollgaard et al. 1971) were selected. As shown in Fig. 1, Eurocode-
4 gives conservative prediction while AASHTO LRFD overestimates the shear 
strength for many cases. Upper limit of the shear strength in AASHTO LRFD need to 
be changed. Even though Eurocode-4 gives conservative results due to the 0.8 
reduction factor, the design equation for Mode-1 showed large scatter for the shear 
connection with high strength material. The equation for failure Mode-2 shows better 
variation as shown in Fig.1 (d).  

Variation of the prediction mainly comes from two reasons. One is the usage 
of high strength material and the other is different failure modes in the experiments 
from the prediction. When the upper limit of the shear strength governs, high strength 
concrete cannot give better strength. High strength concrete or confinement to the 
bearing concrete needs to be provided for the prevention of premature failure of 
concrete slab when large studs or clustered studs are designed. Coefficient for 
bedding height (Shim et al. 2000), narrow stud spacing (Shim et al. 2013) and 
confinement effect can be used for better prediction of the shear connection with new 
details.  
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(a) Eurocode-4                                       (b) AASHTO LRFD 

 

(c) Failure mode-1 of Eurocode-4              (d) Failure mode-2 of Eurocode-4 

Fig. 1 Comparisons of test data with design codes 
 

Fatigue strength for new details 

Stud spacing in bridge structures is normally determined from the fatigue 
design. For the fatigue design, current S-N curves only consider shear stress range 
without consideration of maximum stress of stud and bearing concrete. In Eurocode-4, 
the maximum shear force under the fatigue loading is limited to 0.6 of the static 
resistance. Lee et al. (2010) compared fatigue design curves from Eurocode-4, BS-
5400, JSCE and AASHTO and found that the AASHTO(2007) allows significantly 
smaller shear stress ranges than the other codes, especially for a common range of 
bridge design.  

Using 160 fatigue test data including the effect of large diameter, precast 
decks, stud spacing and bearing stress of concrete, current design codes were 
compared as presented in Fig. 2. Clustered shear studs with closer spacing than 5 
times of the stud diameter showed lower fatigue strength than that of normal cases 
even though AASHTO gives conservative strength. Design of clustered shear studs in 
prefabricated slabs needs careful consideration because the safety margin of fatigue 
endurance is decreased significantly.  

The fatigue behavior is influenced by the bearing concrete around the stud. 
When the bearing stress is calculated by dividing shear force to a stud by an area of 
stud ( dd ×2 ), the influence should be considered for the case of bearing stress 
greater than 3 times of its compressive strength of concrete, as shown in Fig. 2(b). 
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Crushing of bearing concrete near the weld collar increases stud stress resulting in 
decrease of fatigue strength. This can be avoided by limiting the stress level in design 
codes.  

Large studs with diameter greater than 25mm are increasingly required for 
clustered arrangement in precast decks and composite joints. As discussed by Shim et 
al. (2004), quality control of welding of studs is an issue when the automatic welding 
gun is used. Due to probability of welding defects for large stud connectors, it is 
necessary to have careful inspection even though test data showed that Eurocode-4 
gives a few unconservative estimations, as presented in Fig. 2 (c). AASHTO 
provision can be used for large stud connectors.  

Many attempts to increase shear strength of stud connection using high 
strength material, large diameter and clustered arrangement have limitation to reduce 
the required studs in design.  
 

Table 3. Design provisions on fatigue strength of stud shear connection 
EC-4 AASHTO LRFD Peak Load by Oehlers(1992) 

12.22)log(8log =τΔ+ kN  
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(a) Effect of stud spacing and precast slab 
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(b) Effect of concrete bearing stress ratio 

 
(c) Effect of stud diameter 

Figure 2.  Fatigue strength of stud connectors 
 

CONCLUSION  

A new design codes on steel-concrete composite structures is under 
development considering new details and high performance materials. Database was 
constructed to investigate the effect of new design aspects on the shear strength and 
fatigue strength of stud shear connection. For the static strength of the stud 
connection, Eurocode-4 gives reasonable estimation for new details when appropriate 
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coefficients are adopted to reduce variation of the strength estimation. AASHTO 
provisions provide unconservative strength estimation. 

For fatigue strength of stud connectors, stud spacing and bearing stress of 
concrete by the applied shear force should be considered in the design. Even though 
AASHTO provides conservative estimation of fatigue strength for narrower stud 
spacing than 5 times of stud diameter, the effect needs to be considered when 
clustered arrangement is adopted in the design. Bearing stress of concrete should be 
limited up to 3 times of its compressive strength of concrete. Large studs did not give 
lower fatigue strength but quality control of welding is essential. 

Based on this preliminary study, design equations for static strength and 
fatigue strength will be developed. Design scope of current design codes on stud 
shear connection can be expanded to accommodate new design practices. 
 

ACKNOWLEDGMENTS 
This research was supported by a grant from the R&D Policy and 

Infrastructure Development Program (11STANDARD09-01-Development of 
Performance based design codes on steel-concrete composite structures) funded by 
the Ministry of Land, Infrastructure and Transport (MOLIT) of the Korean 
Government. 
 

REFERENCES 
American Association of State Highway and Transportation Officials (AASHTO), 

(2007). “AASHTO LRFD Bridge Design Specifications”. 
American Institute for Steel Construction (AISC) (1993). “Load and Resistance Factor 

Design Specification for Structural Steel Buildings”, American Institute for 
Steel Construction, Chicago, Illinois. 

Badie S.S, Tadros, Kakish M.K, Splittgerber H.F, Baishya D.L. (2002). “Large Shear 
Studs for Composite Action in Steel Bridge Girders”, J. of Bridge Engineering, 
7(3), 195-203. 

Chapman J.C. (1964). “Composite construction in steel and concrete- the behavior of 
composite beams”, Structural Engineer, 42(4), 115-125. 

Cederwall K. and An L. (1996). “Push-out Tests on Studs in High Strength and normal 
strength concrete”,  Journal of Constructional Steel Research, 36(1), 15-29. 

Eurocode 4, (1997). “Design of composite steel and concrete structures”, Part 2 : 
composite bridges (ENV 1994-2), CEN 

Hanswille G. (2002). “Composite Bridge Design for Small and Medium Spans”, ECSC 
Report, Univ. of Wuppertal.  

Iyengar H.S (1977). “State-of-the-art report on composite or mixed steel-concrete 
construction for buildings”, American society of civil engineers.  

Johnson R.P. (2000). “Resistance of stud shear connectors to fatigue”, Journal of 
Constructional Steel Research. 56, 101-116. 

Johnson R.P. and Anderson, D. (1993), “Designer’s handbook to Eurocode-4. Part 1.1: 
Design of composite steel and concrete structures”, Wiltshire: MHL Typesetting 
Ltd.  

 

Composite Construction in Steel and Concrete VII 710

© ASCE



Johnson R.P. & Buckby  R.J. (1979). “Composite structures of steel and concrete”, Vol. 
2: Bridges, Granada, London.  

Larose K.E., (1995). “Performance of Shear Stud Clusters for Precast Concrete Bridge 
Deck Panels”, Saskatchewan Institute of Applied Science and Technology, 
Canada.  

Lee K.C., Abbas H.H and Ramey G.E. (2010). “Review of Current AASHTO Fatigue 
Design Specifications for Stud Shear Connectors”, Structures Congress ASCE, 
310-321. 

Okada J., Yoda T., Lebet J.-P. (2004). “A study of the grouped arrangements of stud 
connections on shear strength behavior”, Journal of Structural Mechanics and 
Earthquake Engineering, Vol. 23, No. 776/I-68, 81-95. 

Ollgaard J.G., Slutter R.G., and Fisher J.W. (1971). “Shear strength of stud connectors 
in lightweight and normal-weight concrete”, AISC Engineering Journal, 8(2), 
55-64. 

Pallares L., Hajjar J.F. (2010). “Headed steel stud anchors in composite structures”, Part 
I: Shear, Journal of constructional steel research, 66, 198-212.  

Prakash A., Anandavalli N., Madheswaran C.K., Lakshmanan N. (2012). “Modified 
Push-out Tests for Determining Shear Strength and Stiffness of HSS Stud 
Connector – Experimental Study”, Int. J. of Composite Materials, 2(3), 22-31. 

Shim C.S., Kim J.H., Chung C.H. and Chang S.P. (2000). “The Behavior of Shear 
Connection in Composite Beam with Full-Depth Precast Slab”, Structures and 
Buildings, The Institution of Civil Engineers, Jan., Vol. 140, pp. 101-110. 

Shim C.S, Chang S.P., Lee P.G. (2001). “Design of shear connection in composite steel 
and concrete bridges with precast decks”, Journal of Constructional Steel 
Research, 57, pp. 203-219. 

Shim C.S., Lee P.G., Yoon T.Y. (2004). “Static behavior of large stud shear connectors,” 
Engineering Structures, 26(12), 1853-1860. 

Shim C.S., Park J.S., Jeon S.M., Kim D.W. (2007). “Experimental Study on Group 
Stud Shear Connection”, Proceeding of 5th International Conference on 
Advances in Steel Structures, 932-937.  

Shim C.S., Kim D.W. (2010). “Structural Performance of Composite Joints using Bent 
Stud”, International Journal of Steel Structures 10(1), 1-13. 

Shim C.S., Kim D.W. Nhan M.X. (2014). “Performance of stud clusters in precast 
bridge decks”, The Baltic Journal of Road and Bridge Engineering, 9(1), 43-51.  

Viest I.M. (1960). “Review of research on composite steel concrete beam”, Journal of 
the Structural Division ASCE. ST6, June, 1-21. 

Xu C., Sugiura K., Wu C., Su Q. (2012). “Parametrical static analysis on group studs 
with typical push-out tests”, Journal of constructional steel research, 72, 84-96.  

Xue D., Liu Y., Yu Z., He J. (2012). “Static behavior of multi-stud shear connectors for 
steel-concrete composite bridge”, Journal of Constructional Steel Research, 74, 
1–7. 

 

Composite Construction in Steel and Concrete VII 711

© ASCE



 
Ultimate Strength of Continuous Composite Concrete Slabs 

 
Alireza Gholamhoseini1; Ian Gilbert2; and Mark Bradford3 

 
1Dept. of Civil and Natural Resources Engineering, Univ. of Canterbury, 
Christchurch, New Zealand. E-mail: alireza.gholamhoseini@canterbury.ac.nz 
2Centre for Infrastructure Engineering and Safety, School of Civil and Environmental 
Engineering, Univ. of New South Wales, Sydney, NSW 2052, Australia. E-mail: 
i.gilbert@unsw.edu.au 
3Centre for Infrastructure Engineering and Safety, School of Civil and Environmental 
Engineering, Univ. of New South Wales, Sydney, NSW 2052, Australia. E-mail: 
m.bradford@unsw.edu.au 
 
Abstract 
 

Composite one-way concrete slabs with profiled steel sheeting as permanent 
formwork are commonly used in the building construction industry. The steel sheeting 
supports the wet concrete of a cast-in-situ reinforced or post-tensioned concrete slab 
and, after the concrete sets, acts as external reinforcement. In this type of slab, 
longitudinal shear failure between the concrete and the steel sheeting is the most 
common type of failure at the ultimate load stage. Design codes require the 
experimental evaluation of the longitudinal shear capacity of each type of steel decking 
using full scale tests in simple-span slabs. There is no procedure in current codes to 
evaluate the longitudinal strength of continuous composite slabs and this is often 
assessed by full scale tests. This paper presents the results of three full-scale tests on 
continuous composite concrete slabs cast with using trapezoidal steel decking profile 
(KF70) that is widely used in Australia. Slab specimens were tested in four-point 
bending at each span with shear spans of span/4.The longitudinal shear failure of each 
slab is evaluated and the measured mid-span deflection, the end slip and the mid-span 
steel and concrete strains are also presented and discussed. The slabs are modelled in a 
finite element (FE) software package using interface elements to model the contact 
between the steel decking and concrete slab. 
 
Keywords: Continuous composite slab; Cracking; Deflection; Longitudinal shear 
stress; Steel sheeting; Ultimate strength. 
 
1. Introduction 

Composite slabs consisting primarily of cold-formed profiled steel sheeting and 
structural concrete are increasingly used in steel framed buildings worldwide. In this 
system, the steel sheeting is normally continuous over two-spans between the 
supporting steel beams and during construction the concrete is poured to form a 
continuous one-way composite slab. 

The steel sheeting has two main roles in this type of floor system; it firstly 
serves as permanent formwork supporting the wet concrete during construction while 
secondly, it acts as external reinforcement for the slab, carrying the tension induced by 
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positive bending moment throughout the life of the structure [1,2]. If the strength 
provided by the steel sheeting is not adequate, additional reinforcement might be 
included in the concrete slab, as shown in Fig. 1. 

Slab Width, b

Slab Span, L

t

Composite Slab

Reinf orcement

Steel Decking Slab
Rib

Transverse

Longitudinal
Out-of-Plane

 
Figure 1. Elements of a composite slab and notation. 

 
The composite action between the steel sheeting and the hardened concrete is 

dependent on the transmission of horizontal shear stresses acting on the interface 
between the concrete slab and the steel sheeting. Composite action and the 
transmission of horizontal shear stresses at the concrete-steel interface are necessary 
for the steel sheeting to perform its role as the tension reinforcement for the system. 
The composite action between the concrete and the steel sheeting is achieved, not only 
by chemical bonding between the sheeting and the concrete, but also by mechanical 
interlock between the concrete and the embossments on the profiled steel sheeting. 
Further composite action can be attained by attaching shear studs or similar 
mechanical shear devices. Resistance against vertical separation is also achieved by the 
embossments and by adopting a suitable shape for the decking profile [3-5]. 

A composite slab must be designed to carry the factored design loads at the 
ultimate limit state. Fig. 2a shows an elevation and a cross-section of a typical 
composite slab specimen in a four- point bending test. There are three likely failure 
modes: failure in flexure at the peak moment region (i.e., at section b-b); longitudinal 
shear failure at section c-c; vertical shear failure at section a-a. Fig. 2b graphs the 
relationship between the nominal shear stress (Vt/bdp) and the inverted slenderness of 
the slab (Ap/bLs), where Vt is the support reaction; Ap is the cross-sectional area of the 
steel sheeting; b is the width of the slab cross-section; dp is the effective depth of the 
slab and Ls is the shear span. Each of the above failure modes occurs in different parts 
on the graph, with flexural failure controlling when Ls is large, vertical shear failure 
when Ls is small and longitudinal shear failure for intermediate values of Ls. The terms 
of (Ap/bLs) and (Vt/bdp) are also used in Eurocode 4 [6] for evaluating of longitudinal 
shear stress capacity. 

Eurocode 4 gives two methods to evaluate the longitudinal shear bond 
capacity of composite slabs known as the “m-k” and “partial shear connection” 
methods. In both methods, the longitudinal shear capacity is assessed by using full 
scale laboratory tests of simply-supported slabs to measure slab performance as 
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shown typically in Fig. 2a. Full scale slab specimens are required because the 
longitudinal shear capacity is dependent on the geometry and flexibility of the 
particular type of steel sheeting, the size, location and spacing of the embossment 
on the sheeting, as well as on the slenderness of the slab (i.e. the span-to-depth 
ratio) [7,8]. 

Current codes do not present a procedure to evaluate the longitudinal 
strength of continuous composite slabs and this is often assessed by full scale tests. 
In some research works [9,10], FE analytical models have been developed for 
continuous composite slabs based on small scale push out tests. Small scale FE 
analyses with 3D fully detailed embossments are also suggested to investigate the 
influence of embossments on longitudinal shear capacity and possibly predicting more 
accurately input parameters for full scale FE analyses. 

In this paper, the results of three full-scale tests on continuous composite 
concrete slabs cast with using profile decking (KF70) that is widely used in Australia 
are presented. The slab specimens were tested in four-point bending at each span with 
shear spans of span/4. The longitudinal shear failure of each slab is evaluated and the 
measured mid-span deflection, the end slip and the mid-span steel and concrete strains 
are also presented and discussed. In addition, the slabs are modelled with finite 
element software using an interface element to model the contact between the slab 
decking and concrete slab. 

d
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Figure 2. Setup of four-point bending test in a simple composite slab.   

 
2. Experimental Study  
2.1. Overview  

The behaviour of composite slabs cast on commonly used trapezoidal decking 
profile (KF70) manufactured by Fielders Australia Pty Ltd [11] has been studied. The 
shape and dimensions of the profile are shown in Fig.3. The thickness of the steel 
sheeting was ts = 0⋅75 mm. The section properties of the profile are provided in Table 
1. 
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Table 1. Section properties of steel profile used in the experiments. 

Deck Profile  
Sheet 

Thickness 
ts (mm) 

  Section 
Area  
Ash 

(mm2/m) 

Height to 
Centroid  
ysd (mm) 

Mass 
(kg/
m2) 

Is 
(mm4/m) 

KF70 0⋅75 1100 27⋅7 9⋅17 584,000 
 
 

KF70

112112

70

136

55

600

27.7

 
Figure 3. Dimensions (in mm) of steel decking profile. 

 
Three identical composite slabs were cast with the profiled steel sheeting as 

permanent formwork and the concrete was then cured for 7 days under wet hessian. 
The steel sheets were cleaned thoroughly before placing concrete. The steel decking 
was completely supported on the laboratory floor during casting of the concrete to 
minimize initial stress or deformation in the steel sheeting. The slump of the fresh 
concrete at the time of casting was 90 mm. Each slab was 6900 mm long, with a 
cross-section 150 mm deep and 1200 mm wide, and contained no bottom 
reinforcement (other than the external steel decking). Each specimen was continuous 
over the interior support and simply-supported on a roller at each of the two exterior 
supports. The centre-to-centre distance between the each exterior roller support and 
interior hinge support was 3350 mm. Longitudinal and transverse reinforcement was 
provided in the top of the slabs in the negative moment region over the interior 
support, as shown in Fig. 4. 

 

2.2. Test Setup and Instrumentation 
 

Each slab was tested with shear span of Ls= L′/4 (3350/4= 840 mm). Two load 
cells were placed underneath each support to measure the support reaction and its 
variation at any time. The deflection at the mid-spans and the end slip at both exterior 
supports were measured by using LVDTs. The strains in concrete and steel sheeting 
were measured at selected sections on the top and bottom surfaces of slabs using 60 
mm long strain gauges. The strain in the longitudinal reinforcement at the interior 
support was measured by using embedded strain gauges. A schematic view of the 
experimental setup and the measured parameters are shown in Fig. 4. The load was 
applied in a displacement control manner at a rate of 0⋅3 mm/min. 
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2.3. Material Properties 
 

The mean compressive strength fc and modulus of elasticity Ec of the concrete 
at the age of testing were determined from six standard 100 mm diameter cylinder tests 
and were 47⋅9 MPa and 33,050 MPa respectively. The concrete flexural tensile 
strength fct.f (modulus of rupture) was measured on 100 mm × 100 mm × 500 mm 
concrete prisms and was 4⋅68 MPa. The yield stress fyp and the elastic modulus Es of 
the steel sheeting were also measured on three coupons cut from the decking, and were 
532 MPa and 203 GPa respectively. Similarly, from three test samples of the 
reinforcing bars, the average values were fy = 495 MPa and Es = 205 GPa respectively. 
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(a) Loading arrangement and setup. 
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(b) Reinforcement details at interior support. 
Figure 4. Test setup, measured parameters and cross-section at interior support. 

 

3. Discussion of Test Results 
 

The mid-span deflection versus applied load for each slab is shown in Fig. 5. 
First slip occurred after a significant proportion of the ultimate load had been applied 
and it resulted in a sudden drop in the applied load. Eventually, all slabs failed due to a 
loss of bond at the interface of the steel sheeting and the concrete. Even in the post-
peak region after large deformations occurred, there was little vertical separation 
between the steel sheeting and concrete. At loads well below the load at which 
interface slip occurred in each slab, flexural cracks formed in the top surface at the 
interior support and between the applied loads and propagated into the cross-section. 
Cracking was associated with significant local increases in the tensile stress in the steel 
reinforcement at the interior support and tensile stress in the steel sheeting and 
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compressive stress in the concrete in the top fibres between applied loads, as well as 
significant increases in slab deflection. Abrupt increases in mid-span deflection and 
end slip were observed after the loss of composite action. 

Without exception, the widest crack occurred at the interior support and in the 
vicinity of one of the applied loads. After the peak load had been reached, wide cracks 
at the top surface of the interior support (as shown in Fig. 11) and below the applied 
line loads eventually divided the concrete. This was typically associated with excessive 
end slip as exemplified in Fig. 12. Significant post-slip strength was observed in all 
three slabs. The longitudinal shear failure mode is relevant to post-slip strength and 
behaviour of composite slabs. According to the Eurocode 4 definition of ductility, the 
longitudinal shear behaviour is considered to be ductile if the failure load exceeds the 
load causing a recorded end slip of 0⋅1 mm by more than 10% and hence, all slabs 
failed in a ductile manner. Graphs of end slip (S) versus applied load are shown in Fig. 
6.  

The measured load causing an end slip of 0⋅1 mm P (0⋅1mm), the peak load 
capacity Pmax and the applied load at the end of the test for each slab are summarised in 
Table 2. Also given in Table 2 are the deflection at peak load; the deflection at the end 
of the test; the maximum end slip (at the end of the test); the strain in steel sheeting at 
mid-span at the peak load and the strain in concrete at mid-span at the peak load. The 
mid-span deflections in the slabs at the peak load were highly variable, and ranged 
from (L’/71) for the eastern span to (L’/176) for the western span of slab S2 
respectively. Graphs of major measured parameters are shown in Figs. 5 to 10.  

The maximum value of the strain in the steel sheeting at mid-span at the peak 
load was measured at the eastern span of slab S2 and was εsm(max) = 1290 με. The steel 
yield strain is εyp= fyp/Es = 2620 με and therefore the maximum steel strains reached 
only 49% of the yield strain. Clearly, the loss of longitudinal shear stress in all slabs 
prevented the steel sheeting from yielding and the full plastic flexural capacity could 
not be reached.  

Fig.13 shows slab S1 after reaching its peak load and just before termination of 
the test, and shows the different deflections in either span. 

 
Table 2. Summary of test results. 

Slab 
P(0.1mm) 

(kN) 
Pmax 
(kN) 

Pend 
(kN) 

Δmax 

(mm) 
Δend 

(mm) 
Smax 

(mm) 
εsm(max) 

(με) 
εcm(max) 

(με) 

S1 120⋅5 199⋅8 165⋅0 
E(30⋅9) 
W(31⋅8)

E(66⋅3) 
W(36⋅9)

E(17⋅5) 
W(10⋅8)

E(478) 
W(440) 

E(197) 
W(138) 

S2 133⋅8 213⋅0 170⋅5 
E(46⋅8) 
W(19⋅0)

E(92⋅4) 
W(17⋅6)

E(25⋅0) 
W(2⋅4) 

E(1290) 
W(1240

) 

E(201) 
W(202) 

S3 123⋅1 208⋅4 176⋅6 
E(40⋅4) 
W(21⋅0)

E(69⋅4) 
W(20⋅3)

E(19⋅6) 
W(3⋅6) 

E(1041) 
W(787) 

E(218) 
W(233) 

Legend: Δmax: deflection at peak load; Δend: deflection at the end of the test; 
Smax: maximum end slip (at the end of the test); εsm(max): strain in steel at 
mid-span at peak load; εcm(max): strain in concrete at mid-span at peak load. 
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Figure 5. Mid-span deflection versus applied load. 

 

 
Figure 6. End slip versus applied load. 
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Figure 7. Mid-span strain in steel sheeting versus applied load. 

 
Figure 8. Mid-span strain in concrete versus applied load. 
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Figure 9. Strain in reinforcement at interior support versus applied load. 

 
Figure 10. Strain in steel sheeting at interior support versus applied load. 
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Figure 15. Stress-strain curve for steel sheeting. 
 

(a) Tension Before Cracking 
The behaviour of concrete in tension before cracking was assumed to be linear-

elastic, i.e. cEσ ε= , where σ  is the tensile stress in the concrete, Ec is the initial 

elastic modulus of the concrete and ε  is the strain in the concrete. 
 
(b) Tension After Cracking 

A fictitious model based on a crack-opening law and fracture energy (shown in 
Fig.16) was used in combination with the crack band theory for modelling concrete 
tension after cracking using 

 

( ) ( )
3

3
1 2 1 2

t c c c

1 exp 1 exp
w w wc c c c

f w w w
σ      = + − − + −    

     
    (1) 

 
where w is the crack opening, wc is the crack opening at the complete release of 
stress, c1 = 3, c2 = 6⋅93, wc = 5⋅14Gf/ft and Gf is the fracture energy needed to create a 
unit area of stress-free crack and was taken as 30 N/m in the numerical model. 
 

ε

f
t

ε
t

εo

f
t

Gf

wc w
 

 
Figure 16. Stress-strain curve for concrete in tension. 

 
(c) Compression Before Peak Stress 

The stress-strain curve for concrete in compression is given in Fig. 17. The 
equation recommended by the CEB-FIP Model Code 1990 [12] was adopted for the 
ascending branch of the concrete stress-strain law in compression, given as 
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2
c

c
c c1

, ,
1 ( 2)

Ekx xf x k
k x E

εσ
ε

 −= = = + − 
      (2) 

 
where σ is the concrete compressive stress; x is a normalised strain; εc is the strain at 
peak stress; Ec is the initial elastic modulus and Ec1 is the secant elastic modulus at 
the peak stress. The shape parameter k may have any positive value greater than or 
equal to 1 (e.g. k = 1 linear, k = 2 parabolic).  
 

ε
d εc

f 'c
1

cE

1

c1E

ε

 
Figure 17. Stress-strain curve for concrete in compression. 

 
(d) Compression after Peak Stress 

The softening law in compression is linearly descending. In this study, a 
fictitious compression model based on dissipated energy was used. The model is based 
on the assumption that compression failure is localised in a plane normal to the 
direction of the compressive principal stress. All post-peak compressive displacements 
and energy dissipation are localised in this plane. It is assumed that this displacement is 
independent of the size of the member. This hypothesis is supported by experiments 
conducted by van Mier [13], with the equation being 
 

d
d c

d

w
L

ε ε= +
′

          (3) 

 
where wd is the plastic displacement at the end of the softening curve taken as 0⋅5 
mm, εd is the limiting compressive strain and dL′  is the band size. 

 
4.2.4.Steel Deck-Concrete Slab Interface 

The “3D Interface” material type in ATENA 3D was used to model contact 
between the steel decking and the concrete slab. The interface material is based on the 
Mohr-Coulomb criterion with a tension cut off. The constitutive relation for a general 
two-dimensional case is given in terms of tractions on the interface planes and the 
relative sliding and opening displacements as [14] 
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         (4) 

The initial failure surface corresponds to a Mohr-Coulomb condition with an 
ellipsoid in the tension regime. After the stresses violate this condition, this surface 
collapses to a residual surface which corresponds to dry friction. The frictional 
properties of the interface material model in ATENA 3D are defined by the shear 
cohesion c and the friction coefficientϕ . The maximum shear stress is limited by the 
linear relation  = cτ ϕσ− , where σ  is the interface compressive stress. In tension, the 
failure criterion is replaced by an ellipsoid which intersects the normal stress axis at the 
value of ft with the vertical tangent and the shear axis is intersected at the value of c 
with the tangent equivalent to ϕ  as shown in Fig. 18. For this: 

 

,    0cτ ϕσ σ≤ − ≤          (5) 
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c t
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−
−

 (6) 

t0 ,   fτ σ= >           (7) 
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Figure 18. Failure surface for interface element. 

 
The coefficients Kn and Kt in Eq.4 denote the initial elastic normal and shear 

rigidities respectively. There are two additional rigidity values that need to be specified 
in the ATENA 3D input [14]. They are denoted in Fig. 19 as Kn(min) and Kt(min). These 
values are used only for numerical purposes after the failure of the element, in order to 
preserve the positive definiteness of the global system of equations. Theoretically, after 
the interface failure the interface rigidity should be zero, which would mean that the 
global rigidity would become indefinite. These minimal rigidities are recommended to 
be about 0⋅001 times of the initial rigidities. The assumed values of Kn = 1000MN/m3 
and Kt = 60 MN/m3 showed the best agreement between the finite element model and 
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the test results. Of course, these values are deemed to be a function of material 
properties and rigidities of the steel sheeting and the concrete slab. Vertical separation 
at the steel-concrete interface was assumed to be negligible, and was achieved by 
assigning a very large value for the initial elastic normal rigidity Kn in the model. The 
cohesion stress value of 0⋅1 MPa and tensile stress value of 0⋅5 MPa were selected for 
the interface element properties. A summary of the comparison between the test results 
and the numerical results obtained from the partial interaction analyses is presented in 
Fig. 20. In addition, the results of the analysis when yielding occurred in the steel 
reinforcement and the respective deflection of the slab are shown in Fig. 21. 
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Figure 19. Interface model behaviour in (a) shear and (b) tension. 
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Figure 20. Load versus mid-span deflection comparisons. 

 
Figure 21. Stress in reinforcement and respective deflection of slab when 

reinforcement is at yield. 
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5.  CONCLUSIONS 
 
The results of short-term testing to failure of three continuous composite slabs 
constructed using a profiled steel sheeting section that is widely used in construction 
industry in Australia have been presented and discussed. The slabs were tested in 
symmetric four-point bending in each span. The slabs were then modelled in a finite 
element program and the results were compared with test results. Currently, national 
design standards do not present guidance for the design of continuous composite 
slabs, and full-scale testing is needed. In lieu of the expense involved with full-scale 
testing, the good agreement between the finite element modelling and the test results 
obtained in the study suggests far less expensive numerical modelling can be used to 
verify the performance of continuous composite slabs. 

For all slabs, the maximum flexural capacity was controlled by yielding of the 
reinforcement at the interior support with significant slip at the concrete-steel 
interface in the shear span, well before the fully plastic moment of the composite 
cross-section could be reached. All slabs satisfied the ductility provisions given in 
Eurocode 4. 
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Abstract 

 
The use of composite slabs is common in the international area and is 

generally used in office and industrial buildings. Especially the advantages in weight 
support the use of the composite slab in case of refurbishment. The demand of 
sustainable solutions promotes the exploration of lightweight composite slabs by 
substitution of the normal weight concrete by concrete with a dry density between 
1,400 kg/dm3 and 1600 kg/dm3. First tests have shown an unexpected failure mode 
due to the specific properties of lightweight aggregate concrete and its combination 
with composite sheets. In bending tests of composite slabs with lightweight 
aggregate concrete (LWAC), the failure was initiated by inclined bending cracks 
with a vertical offset of the crack surfaces and local buckling of the web of the 
composite sheet in the decisive crack. The known failure mode of specimens with 
normal weight concrete (NWAC) could not be validated in these tests. By an 
examination using the European regulations for the dimensioning of shear loaded 
concrete beams, a safety deficit about 20 % could be detected. Against this 
background at the University of Kaiserslautern, a new approach was developed to 
allow a safe determination of the shear capacity. The concept is comparable to 
different types of concrete and will be shown in this paper. 
 
INTRODUCTION 

 
In addition to an expected reduction of the longitudinal shear capacity by 

Kurz and Hartmeyer (2011) and Kurz et. al. (2009) in tests of composite slabs with 
LWAC an unexpected shear failure could be observed. 

This problem is intensified by the fact that shear failure cannot be accurately 
described by the code of composite elements, DIN EN 1994-1-1 (2010). For 
verification of the shear force capacity of composite slabs, it refers to the regulations 
for concrete beams without shear reinforcements, DIN EN 1992-1-1 (2011). These 
empirical rules were not adapted to the specific bearing behaviour of composite slabs 
and may lead to a safety deficit. A discrete model for composite slabs under shear 
load is missing. 

The specified design equation from DIN EN 1992-1-1 (2011) is a semi-
empirical approach to evaluate the shear bearing capacity of slender concrete beams 
without stirrups. The approach is shown in eq. (1) for NWAC and is adapted to 
LWAC in eq. (2).  

Composite Construction in Steel and Concrete VII 731

© ASCE



(1) NWAC (2) LWAC
1/3

wsLRd,ct Rd,c ckV [C k (100 f ) ] b d= ⋅ ⋅ ⋅ρ ⋅ ⋅ ⋅ 1/3
wsL1lRd,ct lRd,c lckV [C k (100 f ) ] b d= ⋅η ⋅ ⋅ ⋅ρ ⋅ ⋅ ⋅

 
These shear equations have never been adapted to the specific behaviour of 

composite slabs. Therefore, the empirical design equations are only valid for 
elements similar to those which have been used in the database for calibration. As a 
result, there is an inaccuracy of this analytical investigation which increases with 
decreasing longitudinal reinforcement rate. 

The appearing safety deficit by comparing the test results of composite slabs 
with the expected average shear capacities calculated by the design equation (see eq. 
(1) and eq. (2)) is shown in Figure 1, left hand. The values of resistance were 
calculated with average concrete strengths and a mean calibration factor CRm,c of 0.2 
which is confirmed by Reineck (2006).  

For a better illustration of the deficit, the safety coefficient referred to the 
longitudinal reinforcement rate was plotted in the diagram in Figure 1 on the right 
side. Within the determination of the longitudinal reinforcement rate, the effective 
anchored reinforcement of the metal sheet is calculated by dividing the anchored 
tensile force by the mean yield strength of the sheet. By reaching a safety model 
value greater than 1.0 a safety deficit is given. The safety coefficient γ is equivalent 
to the division of the mean shear force resistance VRm,ct with the shear force results of 
tests Vu,Test. 

A total of 64 experiments with shear force failure were evaluated for 
illustration in Figure 1. 
 

 
Figure 1. Comparison between mean test results and mean results by design 

equation VRm,ct. 
 

Against this background a new design model for composite slabs under shear 
load was developed at the University of Kaiserslautern (TU).  
 
EXPERIMENTAL STUDIES AND RESULTS 

 
Aim of the on-going project is the specific description of the shear bearing 

behaviour to formulate a discrete model for shear loaded composite slabs made of 
normal or lightweight aggregate concrete. Therefore the results of former tests with 
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Thereby the height of the compression zone takes a minimum value and is 

calculated in the section of the maximum bending moment. Due to the investigation 
on the specific post-cracking behaviour of lightweight aggregate concrete of Faust 
(2002), it is necessary to assume a triangular stress distribution in the compression 
zone of LWAC. 

By using the derivation of Zink (2000) the shear capacity of the non-cracked 
compression zone can be calculated according to eq. (6) and eq. (7) 
 
(6) NWAC (7) LWAC

wm

0 0

bx

c,cz xz y z m w ctm
2

(z)
3

V d d x b f⋅ ⋅ = ⋅ ⋅ ⋅= τ   
wm

0 0

bx

xz y z m wlc,cz lctm
2

(z)
3

V d d x b f⋅ ⋅ = ⋅ ⋅ ⋅= τ   

 
For description of the shear force bearing capacity of the aggregate interlock 

Vc,ct as a part of the shear model an energetic approach was chosen (eq. (8) and (9)). 
This approach is based on investigations by Hillerborg, Modéer, Petersson, (1976) 
and Walraven and Reinhardt (1981) on the fracture process zone at the tip of the 
crack (see Figure 6). 
 
(8) NWAC (9) LWAC

2
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w wc,ct ctm ctmch
ctm

0.12 0.12
G E

V l b f b f
f

⋅
⋅ ⋅ ⋅ = ⋅ ⋅ ⋅=

2
cmf

w wc,ct ch lctm lctm
lctm

0.09 0.09
G E

V l b f b f
f

⋅
⋅ ⋅ ⋅ = ⋅ ⋅ ⋅=

 The size of the fracture process zone only depends to the properties of concrete. 
Due to the fact that the model is limited to the calculation of the tensile forces 
transmitted within the crack tip, there is no need to describe the crack path of the 
inclined bending crack. The capable size of the fracture process zone is well 
documented for different types of concrete in literature (see Hillerborg (1983), 
Remmel (1994) and Grimm (1997)).  
 The aggregate interlock is reduced by the low strength of the aggregates of 
lightweight concrete. The difference in the roughness of the crack surfaces to NWAC 
is illustrated in a detailed view on a separated bending shear crack in Figure 7. 
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Abstract 
Composite slabs using cold-formed profiled steel sheeting have proved 

popular in multi-storey steel-framed buildings. This paper presents a comprehensive 
test programme that considers the performance of a modern trapezoidal profiled 
sheeting using Australasian 550 N/mm² high strength steel, compared to that 
exhibited by the same profile using European 350 N/mm² steel. Although the ductility 
of the Australasian steel is low, from composite slab tests it was found that the 
longitudinal shear behaviour could be considered ductile according to the Eurocode 4 
requirements. As a consequence of this, the partial connection method was permitted. 
However, from the test results presented in this paper, it is shown that the rules given 
in Eurocode 4, Annex B.3.1 for a reduced investigation lead to unconservative results 
and should be revised. To remedy this situation, an amendment is proposed. 

INTRODUCTION 
The rules for testing composite slabs in EN 1994-1-1 (Eurocode 4) (CEN, 

2004b) are widely used internationally. Since 2007, the New Zealand steel structures 
standard NZS 3404.1(SNZ, 1997) has referred to Eurocode 4, and it is expected that 
the forthcoming joint Australian/New Zealand composite standard AS/NZS 2327 
(SA/SNZ, 201X) will implement the European provisions directly. Eurocode 4 
provides two options for evaluating the longitudinal shear resistance of composite 
slabs: a complete investigation of all the relevant variables according to Clause 
B.3.1(3) (i.e. the thickness and type of steel sheeting, the steel grade, the coating of 
the steel sheet, the density and grade of the concrete, the slab thickness and the shear 
span length Ls); or, according to Clause B.3.1(4), a reduced investigation where the 
results from a smaller test series may be extended to other cases. For a reduced 
investigation, the results may be applied to the values of the following variables: 

a) For thickness of the steel sheeting t larger than tested.  

b) For concrete with a specified characteristic compressive strength fck not less 
than 0.8 fcm, where fcm is the mean value of the concrete strength in the tests. 
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c) For steel sheeting having a yield strength fyp not less than 0.8 fypm, where fypm 
is the mean value of the yield strength in the tests. 
Owing to the fact that interlock is dependent on the local bending of 

individual plate elements in the sheeting, the limitation in (a) ensures that results are 
not applied to thinner or weaker sheets, which would be more flexible. As a 
consequence of this, the manufacturer is encouraged to test the thinnest sheet for a 
particular profile. 

The reason for the limitations given in (b) and (c) is to ensure that the 
manufacturer does not test a composite slab that has a concrete strength or yield 
strength of the steel sheeting lower than the 5% characteristic value. According to 
Eurocode 4, B.3.3(9), the mean concrete strength fcm for each group of slabs that will 
be tested within 48 hours should be evaluated from a minimum of four concrete 
cylinder or cube specimens. Whereas, for the steel sheeting, EN 1993-1-3, 3.2.1(2) 
requires that a minimum of five test coupons should be taken to determine the mean 
yield strength of the steel fypm.  

It can be deduced from EN 1990, D.8.4 by the use of additional prior 
knowledge that the limitations given in (b) and (c) imply a maximum coefficient of 
variation Vr = 12%; according to EN 1992-1-1 (CEN, 2004a), this value is equivalent 
to a strength class of C35/45 (see Eq. (6)). For the limitation given in (c), the value of 
Vr is much higher than that normally assumed for the yield strength of steel, where 
Vfy = 7% is taken for products supplied to EN 10025-1 (JCSS, 2001; CEN, 2004c).  

For a manufacturer that produces a profiled sheet in several grades of steel, 
the rule given by (c) would suggest that tests in a reduced investigation should be 
undertaken on the lowest grade of steel, which implies that the lowest longitudinal 
shear resistance in a composite slab will be achieved for this case. However, this was 
contrary to the first author’s view where, keeping other variables equal, it was 
thought that although the plastic resistance moment of the sheeting would marginally 
increase, a higher steel grade would reduce the degree of shear connection, thereby 
suggesting that the longitudinal shear resistance of the composite slab would be lower 
(see Figure 1).  

Figure 1  Determination of the degree of shear connection from Mtest according 
to Eurocode 4 
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Composite slab tests were overseen by the first author on a 60 mm deep 
trapezoidal profile using 0.75 mm thick AS 1397-G550 steel (see Table 1) (SA, 
2011). It was subsequently decided by the manufacturer to produce the same profile 
using a lower grade 0.75 mm thick EN 10134-G350GD steel (see Table 1) (CEN, 
2004d). Although an interpretation was requested from the Eurocode 4 Committee 
(CEN/TC250/SC4), the view of the UK National Mirror Committee (B/525/4) was 
that (c) requires that tests should be undertaken on the lowest grade of steel in a 
reduced investigation. Due to this outcome, the composite slab tests were repeated 
with all variables remaining identical with the exception that the yield strength of the 
steel was reduced to fyp = 350 N/mm²; this enabled the requirement given in (c) to be 
investigated directly. The remainder of this paper describes this test work and its 
implications on the design provisions given in Eurocode 4. 

Table 1 Nominal material and geometric properties for the steel used in the 
composite slab tests 

Steel grade 
designation 

Nominal 
yield 

strengtha 
fyp 

(N/mm²) 

Tensile 
strength 

fup 

(N/mm²)

Minimum 
elongation 

A80 mm
b 

(%) 

Nominal 
coated 

thickness 
tnom (mm) 

Nominal 
core 

thickness 
tcor (mm) 

Thickness 
tolerance 

for a 
specified 

width of ≤ 
1200 mmc

 

(mm) 

AS 1397-
G550+Z275 

550 550 2 - 0.70 ±0.04 

EN 10326-
S350GD+Z275 

350 420 16 0.75 -d ±0.045e 

Notes: 

a 

 

EN 10326 

AS 1397 

- 

- 

if the yield point is pronounced, the values apply to the upper yield point ReH  

if the yield point is pronounced, the values apply to the lower yield point ReL 

b EN 10326         

              

- for product thicknesses ≤ 0.70 mm (including coating) the minimum elongation values shall be 
reduced by 2 units 

 AS 1397    - minimum elongation values apply for product thicknesses ≥ 0.60 mm (bare metal thickness) 

c EN 10143         

              

- the thickness tolerances correspond to the nominal, or ‘specified’, thickness, which is the whole 
order thickness of the metallically coated product (nominal thickness includes both the substrate 
and coating). 

 AS/NZS 1365    - for coated products, thickness tolerances apply to the base metal only. 

d EN 1993-1-3 - from Clause 3.2.4(3), for Z275 zinc coating tzinc = 0.04 mm. Therefore, tcor ≈ 0.70 mm   

e EN 10143          - for Special (S) tolerances 

COMPOSITE SLAB TESTS 
The composite slab specimens conformed to the standard test requirements 

given in Eurocode 4, B.3 in that, for each test series (defined by the sheeting depth 
and the steel grade), three nominally identical tests were undertaken on long 
specimens. To classify the longitudinal shear behaviour, as well as provide data for 
the m-k method, tests on three nominally identical short specimens were also 
undertaken. The set-up for the tests is shown in Figure 2 and the corresponding 
values of the variables considered in each test series are presented in Table 2. 
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 ( )
pa

c
pppl N

Neeexhz −+−−= 5.0   (2) 

where h is the overall depth of the slab, xpl is the depth of the plastic neutral axis, ep is 
the plastic neutral axis of the profiled steel sheeting, e is the centroidal axis of the 
profiled steel sheeting, Npa is the design plastic resistance of the profiled sheeting to 
normal force, given by Npa = Ape fyp,d, Ape is the effective cross-section area of the 
profiled steel sheeting, fyp,d is the design value of the of the yield strength of the steel 
sheeting and Mpr is the reduced plastic moment resistance of the effective cross-
section of the profiled sheeting, given by:  

 pa
pa

c
papr M

N
NMM ≤










−= 125.1   (3) 

where Mpa is the design value of plastic moment resistance of the effective cross-
section of the profiled sheeting. 

Figure 4  Plastic stress distribution for sagging bending with partial shear 
connection (0 ≤ η < 1.0) 

In accordance with Eurocode 4, B.3.6(4) the characteristic longitudinal shear 
strength τu,Rk was calculated from the test values as the 5% fractile from EN 1990, 
Annex D. For the statistical analysis according to EN 1990, theoretical values are 
needed that describe the longitudinal shear strength correctly at the mean. In the 
analyses presented below, the design model grt(Xm) is given by in Eq. (1), (2) and (3) 
with the basic variables replaced by the mean measured values Xm.  

MATERIAL AND GEOMETRIC PROPERTIES 
The appropriate coefficients of variation for each basic variable are required in the 
reliability analysis. The coefficient of variation VX is calculated from the following 
equation: 
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where σX is the standard deviation and mX is the mean value 

The standard deviation for the basic variables was taken from the appropriate 
design and product Standards (based on the lower 5% fractile value, which 
corresponds to 1.64 standard deviations when an infinite range of data is considered). 
For example, the mean compressive cylinder strength is given in EN 1992-1-1 as: 
 fccmcmck fff σ64.18 −=−=   (5) 

 

Re-arranging Eq. (5) the coefficient of variation of the cylinder strength was 
taken as: 

 
cm

fc f
V

64.1

8=   (6) 

The coefficients of variation for other basic variables within the design model 
are summarised in Table 2 together with their source. 

 

Table 2  Coefficient of variation of the basic variables 

Variable AS 1397-G550 Material EN 10326-S350GD Material 
with Special Tolerances (S) 

fy 
myf ,

19= (BlueScope Steel, 2008) 7% (JCSS, 2001) 

t mcort ,12

08.0=  

(SA/SNZ, 1996) 

mcort ,12

09.0
 

(CEN, 2006b) 

fck 
cmf64.1

8=  

ht %44.4
12

20 ==
tmh

(CEN, 2009) 

b %58.1
12

8.32 ==
mb

(CEN, 2009) 

Ls %15.1
12

40 ==
smL

(CEN, 2008) 
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EVALUATION OF CHARACTERISTIC VALUE OF LONGITUDINAL 
SHEAR STRENGTH OF THE COMPOSITE SLABS 

It is assumed that the basic variables are statistically independent and have a 
log-normal distribution (which is desirable as: the resistance function falls to zero at 
the origin so there are no negative resistances; and it gives a perfect representation of 
functions that are multiples or divisions of variables). Due to the fact that many of the 
variables given in Eq. (1), (2) and (3) are correlated (i.e. t is correlated with Mpa, ep, e 
and Ape), it was considered more efficient to numerically evaluate the coefficient of 
variation of the theoretical resistance function Vrt by generating random values for the 
basic variables (i.e. a Monte Carlo simulation). Through also considering the 
coefficient of variation Vδ of the error terms δ, the characteristic value was evaluated 
from the following equation given in EN 1990, Annex D:  
 ( ) ( )25,0exp QQkQkXbgr nrtrtmrtk −−−= ∞ δδαα  (7) 

where αrt and is the weighting factor for Qrt, Qrt is a coefficient for variation of the 
variables in the resistance function, αδ is the weighting factor for Qδ, Qδ is a 
coefficient for variation of the error term δ, Q is a coefficient for variation of the 
resistance, kn is the characteristic fractile factor for a number of tests n (with a p 
fractile = 0.05) and k∞ = 1.64 (which is the value of kn

 for n = ∞). 
The results from the reliability analyses are presented in Table 3. To facilitate 

comparisons, the characteristic longitudinal shear strength is presented non-
dimensionally by the correction factor b, given by:  

 

  
Rkfypu

Rkub
,350,

,

=

=
τ

τ
 (8) 

where τu,Rk is the characteristic longitudinal shear strength and τu,fyp=350,Rk is the 
characteristic longitudinal shear strength with fyp = 350 N/mm². 

 

Table 3 Comparison of degree of shear connection with steel grade and profiled 
steel sheeting depth 

Yield strength of sheeting fyp 

(N/mm²) 
Corrected longitudinal shear strength b 

350 1.0 

550 0.79 

 

As can be seen from Table 3, for the sheet with fyp = 350 N/mm², the shear 
strength is 26% greater than that achieved with the same sheet with fyp = 550 N/mm². 
From this comparison, it is clear that the Eurocode 4 rule given by Clause B.3.1(4) 
for yield strength in a reduced investigation is incorrect. Whilst it could be argued 
that the test programme reported here is limited in its scope, the present authors are 
unaware of any other investigation undertaken on composite slabs where the yield 
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strength was the only parameter to have been varied. As a consequence of this, it is 
recommended that an amendment to Eurocode 4 is made as follows: 

 
To reduce the number of tests as required for a complete investigation, the results 
obtained from a test series may be also used for other values of variables as follows: 

a) For thickness of the steel sheeting t larger than tested.  
b) For concrete with specified characteristic compressive strength fck not less 

than 0.8 fcm, where fcm is the mean value of the concrete strength in the tests. 
c) For steel sheeting having a yield strength fyp not larger than tested. The yield 

strength fyp should not be less than 0.8 fypm, where fypm is the mean value of the 
yield strength in the tests. 

CONCLUSIONS 
This paper presents the results from a comprehensive test programme on 

composite slabs that used a typical modern trapezoidal profiled steel sheet. The tests 
were unique in that the only parameter that was varied in the test series was the yield 
strength of the sheeting. In all cases the composite slabs achieved the minimum end 
slip requirements given by Eurocode 4, which permitted the behaviour to be 
considered ductile. As a consequence of this, the partial connection method was used. 
From a structural reliability analysis of the test results according to EN 1990, Annex 
D it was found that the 5% characteristic value of the longitudinal shear strength was 
lower in the sheet that possessed the largest yield strength. From this finding an 
amendment to Eurocode 4 is proposed for composite slab tests in a reduced 
investigation. 
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Abstract 
 

An experimental study was conducted on steel fibre-reinforced concrete 
(SFRC) composite slabs to quantify crack width resulting from shrinkage and gravity 
loading. Ten full scale slab specimens were evaluated with different types of bond 
between the concrete and deck (e.g., greased, unembossed deck, regular deck) and 
different amounts of concrete reinforcement (e.g., mesh, steel fibre). Concrete 
shrinkage was measured and monitored over a period of 74 days, and then slabs were 
tested under increasing load. Each was continuous over two spans and two line loads 
were applied on each span. Relationships between crack size/distribution were obtained 
for each slab for different levels of applied load. 
 
Keywords: Continuous composite slab; Cracking; Deflection; Embossment; 
Shrinkage. 
 
1. INTRODUCTION 

 
Composite flooring systems are widely used in the construction of suspended 

floors in steel-framed multi-storey buildings around the world because of their relative 
efficiency compared to many other flooring systems. 

In practice, although the concrete is continuous (and typically the steel decks 
also) over the intermediate supporting beams, usually the slab is designed as a series of 
simply supported one way slabs [Johnson 2004]. These ‘nominally simply-supported’ 
slabs require top longitudinal reinforcement at their support, primarily to control the 
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width of cracks under serviceability actions. Therefore, Standards/Codes introduce a 
nominal amount of reinforcement in the form of percentage of the cross-section area to 
be arranged for crack control at the support. Generally, this reinforcement is in the form 
of mesh or welded wire fabric, and will often be sufficient to cause the shrinkage and 
temperature stresses to be relieved in small local cracks rather than accumulating over 
greater distances to form more widely spaced large cracks. 

Placing of the mesh reinforcement in the steel-deck composite flooring 
construction increases the cost, construction complexity, and erection speed. Therefore, 
the partial or total replacement of the conventional reinforcement (e.g. rebar, mesh) 
with other forms of crack control has economical benefits, due to eliminating or 
reducing labour time in construction. 

One solution of interest is the of steel fibre reinforced concrete (SFRC), since it 
may offer structural performance benefits which can be translated into cost savings. 
However, there are number of outstanding issues related to understanding the 
behaviour of composite slabs for design, especially considering shrinkage, the effects 
of different amounts of steel fibre reinforced concrete, the performance under severe 
inelastic loading demands of fire or earthquake. This research addresses the first two 
topics. 

Previous studies have been conducted on SFRC composite slabs are 
summarised by Khanlou et al. [2013]. These include those by Ackermann and Schnell 
[Ackermann 2008] considering different fibre dosages and different steel deck profiles. 
Abas et al [Abas et al 2013] carried out tests on continuous composite slabs reinforced 
with SFRC and mesh. Also studies have been conducted on shrinkage in composite 
slabs by Bradford [Bradford 2010] and Gilbert [Gilbert 2013]. 

This experimental based research seeks to address a number of issues by 
developing a better understanding of the behaviour of the steel fibre reinforced concrete 
composite slabs. 
 
2. EXPERIMENTAL PROGRAM AND TEST SPECIMENS  
 

Ten two span continuous composite slabs were constructed using trapezoidal 
steel sheet. The slabs were 1.2 m wide by 6.3 m long, with two spans of 3.0 m. 
Schematic diagrams of the composite slabs are shown in Figure 1. Details of the 
composite slabs are summarized in Table 1. One type of profiled steel sheeting was 
used in all the slabs, except for L1 and L2 slabs, which had no embossments and 
indentations on its surface. Figure 2shows the cross sectional dimensions of the steel 
sheet profile. The nominal thickness of the steel decking is 0.9 mm. 

L1, L2, L3, and L4 slabs were constructed to study the effect of steel deck in 
restraining the shrinkage induced stresses and deformations. Conventional plain 
concrete (without steel fibres or mesh) was used to cast these slabs. Steel deck in L1 
and L2 slabs did not have embossments to eliminate mechanical bond. Surface of the 
steel sheet for L2 and L3 were greased to eliminate the chemical bond (adhesion). In 
composite slab L4, both mechanical and chemical bond was provided. 

In order to study the effect of reinforcement amount and type, different types of 
reinforcement were used in the slabs. For L5, L6 and L7composite slabs, SFRC with 20 
kg/m3, 40 kg/m3 and 60 kg/m3 were used, respectively. One type of steel fibre, Dramix 
RC-80/60-BN, was used in the tests. The fibres were high strength, hooked-end cold 
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drawn produced by Bekaert. The dimensions and material properties of the steel fibres 
are given in Table 2. 

Mesh reinforcement was used in L8, L9, and L10 composite slabs. Brittle mesh 
with minimum proof stress of 485 MPa and uniform elongation of 1.5% was 
considered in L8 and L9 slabs. For L10 and L11 slabs, ductile mesh with minimum 
proof stress of 500 MPa and uniform elongation of 10% was used. Mesh wire diameter, 
wire spacing, and reinforcement ratio for each slab are given in Table 1. 

 

 
(a) Side view 

 

 
(b) Cross section and support details 

 
Figure 1. Two span composite slab dimensions and support configuration. 

 

  
Figure 2. Cross sectional dimensions of the steel sheet profile. 

 
All the slabs were moist cured for 14 days after casting the concrete. In order to 

measure the drying shrinkage, on the surface of the slabs, Demec points were glued 
every 500 mm along the length of the slab. Dial gauges were placed at both ends and 
mid-span of each slab. Concrete shrinkage was measured and monitored over a period 
of 74 days. 

After completion of monitoring concrete shrinkage all test specimens were 
lifted and positioned in a four point bending loading test setup. Lifting and moving the 
slabs was done with caution by means of a lifting frame which was specifically 
designed to avoid or minimize any unexpected damage and to maintain existing 
geometry and support conditions. A schematic and a photo of the test setup are shown 
in Figure 3 and Figure 4, respectively. 
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Figure 5. Average shrinkage strain profile (in με)  

through the composite slab depth. 
 

The shrinkage strains in Figure 5 are the average of the localized shrinkage 
strains measured along the length of the slab. The maximum localized shrinkage on top 
of the slab was measured at the ends of the slab, and minimum values were recorded 
over the middle support. 

Figure 6, shows load versus mid-span deflection of the test specimens. The 
lowest peak load, as expected, was for slab L2, which did not have either chemical or 
mechanical bond. Slab L4, with normal concrete and deck conditions and no 
reinforcing, was used as a reference composite slab to evaluate the effect of 
reinforcement in the other test specimens. The peak load for slab L4 was 299.5 kN. 

Composite slabs with different dosages of fibre (i.e.20, 40 and 60 kg/m3) 
performed very similarly in terms of strength and displacements. The peak load values 
for slabs L5, L6 and L7 were 318.9 kN, 319.3 kN, 323.7 kN, respectively. In the mesh 
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reinforced specimens the peak load increased as the reinforcement ratio was increased. 
The peak load values for slab L8, L9 and L10 were 290.0 kN, 332.3 kN, 314.6 kN, 
respectively. Although, slab L8 and L10 had same percentage of reinforcement there 
was 24.6 kN difference in their peak load. This could be due the cracking sequence 
during the test. 

 

 
      (a) SFRC             (b) Plain concrete 

 
       (c) Mesh reinforcement 

Figure 6. Load versus midspan deflection for composite slabs. 
 

Crack width measurements over the middle support, which were taken during 
the loading test, are shown in Figure 7. Crack width values for L4, L5 and L6, where 
almost identical for the same level of loads. In other words, no improvement was 
gained in terms of crack control by inclusion of steel fibres, compared to the plain 
concrete. On the other hand, crack width control in slab L7 with 60 kg/m3 of steel 
fibres, was significantly improved. In slabs with mesh reinforcement, crack widths 
were decreased as the steel ratio was increased. The degree of crack control in slab L7, 
with 60 kg/m3 of steel fibre, was marginally higher than the best degree of crack 
control in slabs reinforced with mesh reinforcement. In mesh reinforced composite 
slabs, slab L9 with 0.42 percentage of cross sectional area of steel had the most 
effective crack control. Slab L8 cracked at lower load level compared to slab L10 
which had the percentage of cross sectional area of steel of 0.21. The crack width 
values at higher load levels become closer in these slabs (L8 and L10). 
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(a) Plain and SFRC               (b) Mesh reinforced    
Figure 7. Crack width versus load for composite slabs. 

 
4. CONCLUSIONS 
 

This paper describes ten full-scale continuous two span steel deck composite 
slab tests. Each slab had different type and amount of reinforcement. Shrinkage 
measurements over 74 days for this series of the specimens showed: 

1- There was no significant difference in both localized and average shrinkage 
strain values on top surface, for slabs with mesh reinforcement compared to the 
specimens with steel fibre. 

2- Shrinkage strains for specimens with 20 kg/m³ and 40 kg/m³ of steel fibre 
were in the range of strains measured for conventional reinforcement, while strains for 
60 kg/m³ were 10% higher. 

3- Cracking due to the shrinkage induced strain was not observed in the mesh-
reinforced composite slabs. 

From composite slab tests under four point bending, following conclusions 
were drawn: 

1- Composite slabs with SFRC performed very similarly in terms of strength. 
2- SFRC composite slabs with dosages of 20 kg/m3 and 40 kg/m3 performed 

almost identical to the unreinforced composite slab, in terms of crack control in 
hogging moment region. 

3- Application of steel fibre for crack control became effective for slab with 
SFRC with 60 kg/m3 of fibre, which showed a very significant improvement in crack 
control. The crack control performance was better than that of the mesh-reinforced 
slabs. 
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Abstract 
 

This paper presents an experimental study and an assessment of the test 
results on composite slabs with profiled steel sheeting performed at Zurich airport in 
conjunction with the conversion of Terminal B. The structure was built in 1974 with 
composite floor slabs, a steel frame with stub-girder beams, and hot-rolled steel 
columns as supporting structure. The experimental investigation focused on the bond 
behaviour of the composite slabs and the influence of the 35 years service life. Ten 
large-scale in situ tests were carried out on simple beams with different shear span 
lengths to evaluate the longitudinal shear capacity. In addition, tests on two-span 
continuous beams and punching shear tests were performed. The data obtained by the 
tests enabled the assessment of the slabs. The assessment shows that the profiled steel 
sheeting after 35 years in use still features good longitudinal shear strength and is fit 
for reuse as slab of Terminal B of Zurich airport. 
 
 
INTRODUCTION 
 

Steel deck concrete composite slabs are widely used all over the world since 
more than 50 years. The use of profiled steel sheets in combination with a concrete 
layer leads to economic solutions for lightweight building-floors. Composite slabs are 
cost-efficient and allow fast erection because the profiled steel sheet combines 
formwork and reinforcement. 

The structural behaviour of composite slabs is governed by the longitudinal 
shear capacity. The semi-empirical m-k-method and the partial connection method 
are mainly used for the verification of composite slabs. Most of the available test data 
on the longitudinal shear behaviour used for verification was established with new 
slabs especially casted for the laboratory tests. The specimens of these laboratory 
tests are often first subject to cycles of load (prior to ultimate load testing). However, 
the test results in particular the experimentally determined longitudinal shear 
capacities do not consider effects of service life resulting from real usage. 

Existing buildings are subjected to change of use, which often requires an 
assessment of their structure. The assessment of the composite slabs, however, is in 
many cases difficult due to the lack of knowledge on an eventual loss of longitudinal 
shear capacity due to vibrations and deformations induced by the service life. In the 
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past, often profiled steel sheets were used which are often not available on the market 
any longer and with neither measures to improve the mechanical interlock between 
the steel deck and the concrete nor special end anchorages. Thus, a large uncertainty 
concerning the longitudinal shear capacity of such old composite slabs existed. 

The reconstruction of Terminal B of Zurich airport allowed to experimentally 
analysing the longitudinal shear behaviour of composite slabs with profiled steel 
sheets after 35 years in use. The test results show that the longitudinal shear strength 
is still (even after 35 years in use) in the range of the initial shear strength found in 
former laboratory tests on new unused slabs. 

 
DESIGN METHODS, RESEARCH AND DEVELOPMENT 
 

Composite floor slab systems were first developed in the late 1930s for use in 
high-rise buildings. At that time, the main advantage of this system compared to 
traditional reinforced concrete slabs was the marked dead load reduction. Composite 
slabs were soon applied to a wide range of construction projects. At the end of the 
1950s the first composite floor slabs appeared in Europe, e.g. Nestlé office building 
in Vevey, Switzerland. At that time, the composite action was usually provided by 
pure bond. Mesh wires were welded to the top of the steel sheet corrugations only in 
cases of significant high load conditions. The first dovetail profiled steel sheeting was 
used in Europe (introduced from the US) in the middle of the 1960s, e.g. UNO office 
building, Geneva and Zurich airport, Switzerland (Fig. 1). The introduction of fast-
track construction methods brought a new interest in steel design and composite 
flooring during the late 1980s. 

 

 
Fig. 1 – Zurich airport, construction site 1974 (Source: Holorib - la fameuses 

documentations Holorib bleuses de l'epoque). 
 

During construction, when the concrete is wet, the decking alone resists the 
external loading. Due to their high plate slenderness ratios, the thin component plate 
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elements which make up the decking may buckle prior to yield. The effective widths 
method is commonly used for considering the decreasing of the load-carrying 
capacity due to local buckling. 

In the final state, steel deck concrete composite slabs show three typical 
failure modes in function of the shear span lengths. For very short shear spans 
vertical shear failure may be observed while for very long shear spans bending failure 
is crucial. However, the capacity of the most end spans of composite slabs in 
buildings is governed by longitudinal shear failure typical for intermediate shear span 
lengths. Two design methods, namely the semi-empirical m-k-method [Schuster 1972, 
Porter and Ekberg 1976] and the partial connection method [Bode and Sauerborn 
1992], are mainly used for the verification of composite slabs. Both methods are 
based on former investigations, e.g. [Ekberg and Schuster 1968, Porter and Ekberg 
1972], that experimentally and numerically analyse the load-carrying behaviour of 
composite slabs, in particular the longitudinal shear bond behaviour that is often 
crucial for the capacity of the slabs. Recent studies on the behaviour of composite 
slabs are performed by e.g. [Crisinel and Marimon 2004, Chen and Shi 2011, 
Cifuentes and Medina 2013]. 
 
TEST SETUP 
Test specimens 
 

The longitudinal shear bond behaviour of the steel deck concrete composite 
slabs was experimentally analysed with destructive in situ tests at Terminal B of 
Zurich airport. Destructive tests became possible due to the demolishment of the front 
part of the terminal. The remaining part was undergoing major changes due to new 
requirements of use. 

Terminal B of Zurich airport was built in 1974 as a two-storey steel framed 
structure with composite slabs. The steel framed structure of the front part of 
Terminal B is shown in Figure 2. The steel frame consisted of wide-flange HEM 360 
columns or HEM 500 corner columns respectively, and vierendeel girders made of 
two wide-flange HEM 160 profiles as flanges and steel plate with a thickness of 
t = 20 mm as a web. Full strength end plate connections were used to connect 
secondary IPE 360 beams to the girders. 
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Fig. 2 – Overview of Zurich airport and steel frame structure of Terminal B. 
 

The secondary beams constituted the supports of the composite slab. The 
profiled steel sheeting was arranged perpendicular to the secondary beams and was 
fixed to its top flange using powder activated fasteners only. According to the 
construction plan, two fasteners were used per sheet and support. No additional end 
anchorages or shear connectors were used. The composite slab consisted of Holorib 
HR51 re-entrant steel sheeting, a layer of structural concrete with a nominal thickness 
of 120 mm and a reinforcement mesh d = 4 mm/150 mm. The steel sheeting 
possessed a nominal thickness of 0.91 mm and a height of the dovetail rib of 51 mm 
with a spacing of 150 mm. A non-structural screed with a thickness of 120 mm was 
placed at top separated from the structural concrete by a coated paper foil. The cross 
section of the composite slab is given in Figure 3. 
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Fig. 3 – Cross section of the composite slab. 
 

The non-structural screed was removed before testing. The same method and 
construction site equipment intended for the refurbishment of the part of the terminal 
designated for reuse were used for the removal. The test specimens were produced 
out of an inner part of the lower floor slab at the airside part of Terminal B. The 
specimens were diamond cut from the slab and left in situ for testing as simple or 
continuous beams supported by the secondary beams. A gap of 30 mm was cut 
around the specimens. The nominal width of the test specimens was 850 mm. 

 
Material properties 

 
The material properties of the profiled steel sheets and the structural concrete 

used for the composite slabs were determined at the laboratory of the Institute of 
Structural Engineering and Institute of Building Materials at ETH Zurich. 
Compressive and tensile strength of the concrete were experimentally investigated 
with five and four respectively small cylinders bored from the slab with a diamond 
core drill. The actual mean height of the small cylinders was h = 112 mm, the actual 
mean diameter d = 44.7 mm. The mean diameter was less than three times the 
maximum aggregate size of 16 mm. However, the results of the concrete material 
property tests did not have a large scatter [Klippel, Knobloch and Fontana 2010]. A 
universal 4 MN servo hydraulic compressive testing machine was used for the 
compressive tests. The mean value of the concrete compressive strength was 
54.5 N/mm2 (COV 0.063). A universal 10 kN testing machine was used for the 
tensile tests. The cylinders were glued between two blocks of aluminum. The mean 
value of the concrete tensile strength was 3.86 N/mm2 (COV 0.114). 

The yield strength and the ultimate tensile strength of the steel sheet were 
determined with four tensile material coupon tests according to [EN ISO 6892 2007]. 
The coupons were cut from the steel sheeting of the composite slab and had a shape 
according to [DIN 50125 2009]. A universal 100 kN testing machine was used for the 
tensile tests. The mean value of the lower yield strength was 273.9 N/mm2 (COV 
0.034) (nominal value of elastic limit 2400 kg/cm2), the mean value of the ultimate 
tensile strength was 339.1 N/mm2 (COV 0.012). Details of the material property tests 
are given in [Klippel, Knobloch and Fontana 2010]. 
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Testing device and measurement 
 
A testing frame was fixed to the secondary beams using high strength steel 

rods passing through holes with an outside diameter of 50 mm drilled adjacent to the 
beams. Figure 4 shows the testing frame. The frame mainly consisted of two U-
profiles and two wide-flange H-profiles. 

 
Fig. 4 – Testing frame (a: U-profiles, b: HEB sections, c: IPE 360 secondary 

beams with tension rods, d: load jacks). 
 

The beam test specimens were tested as four-point and three-point bending 
tests. The loads were applied by hydraulic load jacks, which could be positioned at 
different shear spans Ls. The load was applied manually using a hand pump, which 
allowed adapting the load increase in case of first slip between steel sheeting and 
concrete. The load was measured using the servo hydraulic pressure. The load was 
applied to the test specimens using HEA 140 profiles with a length of 800 mm. The 
mid-span deflection and the deflection close to the jacks were measured using 
LVDTs (Figure 5). LVDTs were also used to measure the slip at a distance of 
approximately 400 mm from the supports.  
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Fig. 5 – Longitudinal section (left) and cross section (right) of the test specimens. 
 

The punching shear capacity of the composite slabs was experimentally 
determined by two in-situ punching tests. The testing device was slightly modified to 
apply a concentrated load on an area of 100 x 100 mm2 using a massive steel plate 
(Figure 6). Four LVDTs were used for measuring the deflection of the composite slab 
close to the loading area. In addition, the load-slip behaviour towards the longitudinal 
direction of the profiled steel sheeting was measured by two LVDTs below the 
composite slab. Details of the testing device and measurement of all tests are given in 
[Klippel, Knobloch and Fontana 2010]. 
 

Fig. 6 – Test setup for punching tests including information about installed 
measurement devices. 

 
Test program 

Ten full-scale simple beam tests, labeled sb 1 to 10, (including one pre-test) 
were carried out as three-point and four-point bending tests with a span between the 
supports (IPE secondary beams) of 2583 mm. In addition, two continuous beam tests, 
labeled cb 1 and 2, two punching shear tests, labeled p 1 and 2, two tests on 
cantilevers, labeled c 1 and 2, and two tests on floor openings, labeled o 1 and 2, were 
performed. Figure 7 gives the location of the different test specimens within the area 
used for testing. Details of the continuous beam tests as well as tests on cantilevers 
and floor openings are given in [Klippel, Knobloch and Fontana 2010]. 
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The distance from the supports to the point loads of the simple beam tests was 
tantamount to the shear span length Ls of the bending tests. The nominal distance of 
the three-point bending tests was equal to the half span (L/2 = 1290 mm). The four-
point bending tests were performed with different shear span lengths. The nominal 
shear span lengths were L/3 = 860 mm, L/4 = 645 mm and L/8 = 322.5 mm. The 
shortest shear span length roughly equaled three times the depth of the composite 
slab. Details of the test specimens and program including shear span lengths are given 
in Table 1 for the simple beam tests. 

 
Test procedure 

The beam test specimens were first subjected to three to five loading cycles 
with the maximum load value equal to approximately 40 % of the estimated ultimate 
load. The punching shear test specimens were subjected to five loading cycles with a 
maximum load of 50 kN. The composite floor slab had already been loaded to many 
loading cycles during its service life. Thus, it seemed not to be necessary to perform 
more loading cycles as it is recommended for laboratory tests on composite slabs. 
After performing several loading cycles, the specimens were loaded until first slip 
between steel sheeting and concrete. Then, the specimens were loaded either until 
failure or until large deflections. 
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Fig. 7 – Location of the different test specimen within the area used for testing 
(sb: single beam, cb: continuous beam, c: cantilever, p: punching, o: opening). 

All dimensions in [m]. 
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TEST RESULTS 
Simple beam tests 
 

The failure of all beam test specimens was governed by longitudinal shear 
failure, even the test specimens with short shear spans. No shear failure was 
observed. Figure 8 exemplarily shows measured load-deflection (left) and load-slip 
(right) curves for three- and four-point simple beam bending tests with different shear 
span lengths. The deflection is given as the vertical deflection at mid-span. The 
specimens showed almost linear-elastic behaviour until the first distinct slip between 
the steel sheeting and the concrete was noticed. After the first slip occurred the load 
dropped down abruptly and increased again for most of the specimens. The behaviour 
of the specimens was classified ductile if the ratio between the remaining ultimate 
load Fu (maximum load after load drop caused by slip occurrence) and the load at 
first slip Fs exceeded 1.1. Otherwise the behaviour of the specimens was classified 
non-ductile. According to this classification five of nine test specimens showed a 
ductile behaviour. Table 2 gives the load at first distinct slip, the ultimate load, and 
the corresponding deflections. 

 
Table 1 – Details of the simple beam tests (see Figure 5 for terms). 
Test 
specimen 

Shear span Width Height No. of 
dovetails 

Distance 
dovetail-
support 

Outside Inside  Outside Middle Inside

 Ls,outside 
[mm] 

Ls,inside 
[mm] 

b 
[mm]

ho 
[mm] 

hm 
[mm] 

hi 
[mm]

n 
[-] 

c 
[mm] 

sb 2 950 920 843 115 120 107 5 100 
sb 3 610 600 847 121 117 105 5 95 

sb 4 950 920 845 110 118 105 5.5 70 

sb 5 590 600 847 121 128 107 6 30 
sb 6 340 365 840 110 116 107 6 150 

sb 7 1300 1230 845 121 124 107 5.5 135 

sb 8 350 365 844 110 117 107 5.5 100 
sb 9 570 595 850 122 130 118 5 100 

sb 10 1300 1235 840 133 126 118 5.25 80 
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Table 2 – Simple beam test results. 
Ls L/8 L/4 L/3 L/2 

Test 
specimen 

sb 6 sb 8 sb 3 sb 5 sb 9 sb 2 sb 4 sb 7 sb 10 

Slip load 
Fs [kN]* 

35.3 42.2 39.4 41.3i 41.4 26.5 22.0 21.9 39.9 

Ultimate 
load  
Fu [kN] 

49.8 52.2 48.4 44.9i 44.1 31.8 25.0 22.2 31.9ii 

Deflection 
wu [mm] 

11.1 14.6 21.9 9.2 16.0 42.0 26.2 13.9 35.9 

Ratio 
Fu/Fs 

1.41 1.24 1.23 - 1.07 1.20 1.14 1.01 - 

Behaviour ductile ductile ductile brittle brittle ductile ductile brittle brittle
* Load at an end slip of 0.1 mm or at first slip respectively 
i Ultimate load reached before end slip of 0.1 mm 
ii Residual strength 
 

The load-deflection behaviour was similar for test specimens with equal 
nominal shear span lengths. However, the ultimate load of the two three-point 
bending test specimens (sb 7 and sb 10) is highly different. The residual strength of 
sb 10 is 44% higher than the load of sb 7. For most test specimens powder activated 
fasteners were only found at the inner support. However, test specimen sb 10 
possessed fasteners on both supports which might be the reason for the higher 
resistance. Details of the test results on simple beams are given in [Klippel, Knobloch 
and Fontana, 2010]. 
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Fig. 8 – Load-deflection (left) and load-slip behaviour (right) of the simple beam 
tests for different shear span lengths Ls (applied load F is given per jack). 

 
Punching shear tests 
 

Figure 9 shows the load-mean deflection (left) and the load-slip response of the two 
punching shear test specimens. No visible cracks were observed before failure. After 
reaching the ultimate loads of 287 kN (p 1) and 268 kN (p 2) both test specimens 
failed brittle. The difference between the ultimate loads of both tests was small. The 
ultimate loads were markedly higher than the punching shear resistance according to 
simplified model given in [EN 1994-1-1, 2004]. The ratio between the punching 
shear resistance according to the simplified model and the mean value of the ultimate 
test load was Vp / Fu = 0.63. 
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Fig. 9 – Load-deflection behaviour (left) and load-slip response (right) for the 
performed punching shear tests (slip measurement devices sm 1 and sm 2 placed 

according to Fig. 6) 
 
ASSESSMENT OF THE TEST RESULTS 
 

The longitudinal shear capacity of composite decks is usually assessed on the 
basis of simple analytical models, namely the semi-empiral m-k and the partial shear 
connection method. Both models were used for assessing the test results. 

 
m-k-method 

The semi-empirical m-k-method is based on a test program on four-point 
bending tests with at least six test specimens with two or more different shear span 
lengths. By means of a linear regression analysis the coefficients m and k are 
determined considering all tests with longitudinal shear failure and the longitudinal 
shear resistance is assessed according to Eq. (1). 

p
l ,Rd

VS s

m Ab dV k
b L

⋅ ⋅= ⋅ + γ ⋅ 
 (1) 

Figure 10 (left) shows the vertical shear capacity of the simple beam tests Vl,Rd 
(divided by the width b and depth dp of the slab) as a function of the reciprocal value 
of the shear span lengths Ls (multiplied by the width b of the slab and divided by the 
cross section area of the sheeting Ap) considering actual geometrical and material 
properties. For the assessment of the characteristic values m and k of the method the 
vertical shear capacity of all test specimens classified as non-ductile were first 
reduced by 20%. Secondly, the minimum capacity of each group of shear span 
lengths was reduced by 10% for simplicity [EN 1994-1-1, 2004], and thirdly, a linear 
regression analysis was performed. 

Based on the m-k-method a design value of the longitudinal shear resistance 
of Vl,Rd = 25.6 kN was calculated for the composite slab from the results of the  
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simple beam in situ tests sb 2 to 10 – the results of the pre-test sb 1 was neglected for 
the assessment. 
 

Fig. 10 – Evaluation of the test results with m-k-method (left) and partial shear 
connection method (right). 

 
Partial shear connection method 

As an alternative to the semi-empirical m-k-method the test results were 
assessed on the basis of the partial shear connection method which is based on the 
same generic mechanical model as for partial shear connection of composite beams. 
For no shear connection (η = 0) the bending resistance corresponds to the pure 
bending resistance of the steel sheet. The full plastic resistance of the composite slab 
is reached for full shear connection (η = 1). 

For determining the characteristic value of the bond strength τu of the 
composite floor slab all ultimate loads of tests classified as non-ductile were first 
reduced by 20%. Then, the minimum value of the tests (considering specimens 
classified as both ductile and non-ductile) was again reduced by 10% for 
simplification instead of a rigorous evaluation of the 5% fractile of the test results. 
The design shear strength τu,Rd is calculated by dividing the characteristic value by 
the partial safety coefficient. The design shear strength τu,Rd was 0.164 N/mm2. 
Details are given in [Klippel, Knobloch and Fontana, 2010]. 

Figure 10 (right) shows the experimentally determined ultimate bending 
moments (dots) as well as the design bending resistance MRd calculated with the 
partial shear connection method (continuous line) as a function of the normalized 
shear span length Lsx/Lsf given as the ratio of the actual shear span lengths and the 
lengths required to reach full plastic bending moment resistance. The bending 
resistance is based on the design shear strength as well as on the actual material and 
geometry data considering partial safety factors according to [EN 1994-1-1, 2004]. 

For the design of the slab with partial shear connection it has to be shown that 
the design bending moment MEd does not exceed the design resistance MRd. Figure 11 
(right) shows the bending moment MEd for a uniformly distributed load (dotted line). 
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The bending moment for a uniformly distributed load MEd equals the bending 
resistance MRd for a shear resistance Vl,Rd = 27.0 kN according to the partial shear 
connection method. 

 
Comparison of the methods and assessment of the composite slab 

Table 3 summarizes the results of the assessment of the composite slab with 
the semi-empirical m-k-method and partial connection method. In addition to the 
design value of the shear resistance Vl,Rd Table 5 gives the design value of the 
maximum floor load. The shear resistance assessed by the partial shear connection 
theory was slightly higher compared to the value obtained by the m-k-method. This is 
in accordance with [Sauerborn, 1995]. 
 
Table 3 – Design resistance according to the m-k-method and partial shear 
connection method. 
 Vl,Rd 

[kN] 
qRd 

[kN/m2] 

m-k-method 25.6 23.3 

Partial shear connection 
method 

27.0 24.6 

 
The assessment of the in situ tests show that the longitudinal shear strength of 

the profiled steel sheeting is even after 35 years in use still in the range of the initial 
strength found in former laboratory tests on novel unused slabs Thus, the composite 
slab is fit for reuse as slab of new Terminal B of Zurich airport. 

 
CONCLUSION 
 

The behaviour of a steel deck concrete composite slab with profiled steel 
sheeting after 35 years in service has been experimentally investigated by large scale 
in situ tests. Simple beam and punching shear tests have been performed. In all beam 
tests, the slabs have shown longitudinal bond shear failure between profiled steel 
sheeting and concrete. No vertical shear failure has been noticed even for the tests 
with short shear span length of approximately three times the height of the slab. The 
actual punching shear capacity was markedly higher than the resistance according to 
European design rules. 

The simple beam tests have been assessed by the semi-empirical m-k- and the 
partial shear connection method for composite slabs. It was found that the shear 
resistance obtained by the partial shear connection theory was slightly higher 
compared to the value obtained by the m-k-method. The results show that the profiled 
steel sheeting after 35 years in use still features good longitudinal shear strength and 
is fit for reuse as slab of Terminal B of Zurich airport. 
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Abstract 
 

Post-tensioned composite steel-concrete slabs represent an innovative form of 
building floor application, which combine the structural advantages of the two most 
popular flooring systems, comprising post-tensioned slabs in the case of concrete 
structures and profiled composite slabs in the case of steel structures. The complex 
interaction between the profiled steel sheets and concrete is usually determined 
through a push test. A significant step toward understanding the bond behaviour is to 
generate a local bond stress-slip relationship. In this context, this paper presents 
results from a preliminary push test study using profiled steel sheets to determine the 
possible influence of prestress on the bond between the profiled steel sheets and 
concrete. The variables investigated in the study were (1) level of prestress and (2) 
height of push specimen. The results of this study indicate that prestress has a 
negative effect on the bond between the profiled steel sheets and concrete in post-
tensioned composite slabs. This is an important finding, which needs to be considered 
in the ultimate strength of post-tensioned profiled composite slabs. 
 
1. INTRODUCTION 
 

A post-tensioned composite (PTC) slab comprised of concrete, profiled steel 
sheeting, post-tensioning strands and non-prestressed reinforcement is a very popular 
form of building floor system at present due to economic and technical advantages of 
using profiled steel sheets as a substitute for conventional formwork systems and 
reinforcement in post-tensioned concrete structures. In this system, profiled steel 
sheets act as permanent formwork during construction and external reinforcement 
during service. Both post-tensioning and interaction between the profiled steel sheets 
and concrete enhance the flexural strength and stiffness of PTC slabs compared with 
post-tensioned concrete slabs and conventional composite slabs. Very limited 
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research studies into the investigation of the behaviour of PTC slabs have been 
published to date in the literature. This research has mainly focused  on  the potential 
advantages in post-tensioned composite slabs in terms of strength and costs 
[Schravendeel et al. 1990], the effects of a deep steel sheet on post-tensioned 
composite slabs [Koukkari 1999], the influence of location of post-tensioning anchors 
on the transfer length and concrete failure mode [TEKES 2001], development of a 
long span composite floor through prestressing applied to steel deck [Bailey et al. 
2006], influence of various parameters on flexural performance of prestressed 
composite slabs [Liu et al. 2009], ultimate behaviour and development of design 
capacity tables for post-tensioned composite slabs [Patrick and Lloyde 2008], 
ultimate and time dependent behaviour of post-tensioned composite slabs and 
development of analytical models [Ranzi et al. 2012].  

One of the fundamental aspects on which the strength, stiffness and ductility 
of composite profiled slabs depends to a large extent is the longitudinal shear transfer 
between the profiled steel sheet and the concrete slab [Oehlers and Bradford 1995]. 
Evaluation of shear bond in composite slabs has been focussed extensively in 
research. But no previous studies focussed on the evaluation of bond-slip behaviour 
of post-tensioned composite slabs. For accurate numerical simulation of post-
tensioned composite slabs, a bond stress-slip model that accounts for the effects of 
prestress is required. Moreover, knowledge of the effects of various levels of 
prestress on bond-slip behaviour is important to optimise the design of post-tensioned 
composite slabs.  

It is well known that the longitudinal shear is transferred initially by chemical 
adhesion which is lost as soon as slip occurs. Then the longitudinal shear is 
transferred by mechanical interlocking and also by frictional forces [Oehlers and 
Bradford 1995]. It has been recognized that the mechanism of longitudinal shear 
transfer between the profiled steel sheets and concrete in composite slabs are complex 
and difficult to model mathematically. Therefore the shear interaction property is 
usually determined using a push test. 

In this context, a series of push tests was conducted to gain an insight into 
bond-slip behaviour of PTC slabs and to determine possible influences of prestress on 
this behaviour. This paper uses an exploratory approach to find out an appropriate 
push test setup from the existing push test studies in composite slabs [Schuster 1970; 
Stark 1978; Jolly and Zubair 1987; Daniels 1988; Patrick and Poh 1990; An and 
Cederwall 1992; Veljković 1995; Burnet 1998; Tremblay et al. 2002; Abdullah 
2004]. Finally, a similar push test setup as Stark (1978) and Burnet (1998) was 
adopted with appropriate modification to optimize the ease of testing and accuracy of 
results although the challenge of handling delamination problem and local buckling at 
the base of the profiled steel sheets exists. Despite the similarity in the push test setup 
in [Stark 1978; Burnet 1998] and the one presented in this paper, the objective for this 
research is quite different.  
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Table 1 Details of push specimens 
Specimen 

ID 
L 

(mm) 
W 

(mm) 
H 

(mm) 
Effective 
prestress 
(kN) 

Cross-  
sectional

 area 
(mm2) 

Concrete stress 
due to prestress 

(MPa) 

PT-500-0 300 180 500 0 54000 0.00 
PT-1000-0 300 180 1000 0 54000 0.00 
PT-2000-0 300 180 2000 0 54000 0.00 
PT-500-3 300 180 500 162 54000 3.00 
PT-1000-3 300 180 1000 162 54000 3.00 
PT-2000-3 300 180 2000 162 54000 3.00 
 

The length L has been chosen to allow at least one complete width of the 
sheeting to be tested. Since the width of the Condeck profile is 300 mm, the length of 
the push specimen has been specified as 300mm to simulate the overall performance. 
No lateral restraint was required to limit the sheeting distortion. The width W was 
chosen to be 180 mm to avoid premature splitting of concrete between opposite ribs 
and to provide enough clearance between the sheets to apply the load uniformly to the 
concrete block. 
 

 
Figure 3. Geometry of the push specimen  

 
The profiled steel sheets overhang the concrete block by 40 mm at the top and 

bottom of the push-specimens to accommodate a slip of 10 mm for the concrete 
block. The base on which the specimen was placed incorporated steel plates of 20 
mm in height and one base is placed on a roller so that the profiled steel sheets are 
free to deform away from the concrete. 
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2.2 Material Properties 
 

All push specimens were cast on the same day. The details of the constituents 
of the concrete mix used in the experiments are reported in Table 2.  
 
Table 2 Details of concrete mix 
Material Quantity( per m3) 
Coarse Sand 510 kg 
Fine sand 350 kg 
10 mm aggregate 343 kg 
20 mm aggregate 600 kg 
Cement 300 kg 
Fly ash 86 kg 
Water 105 L 
Water reducer 900 ml 
 
 

The material properties of the concrete were determined from standard 
cylinder tests as reported in Table 3. The concrete compressive strength at 7, 14, 21, 
28 and 34 days was determined as 22.6 MPa, 32.5 MPa, 36.8 MPa, 40.8 MPa and 
41.7 MPa respectively. The nominal tensile strength, nominal breaking load and 
nominal yield load of the prestressing bar, as provided by the supplier, was 1030 
MPa, 728 kN and 590 kN respectively. The properties of the profiled steel sheets and 
prestressing bar were obtained from Standard tensile tests and are presented in Table 
3. 

 
 

2.3 Specimen preparation and post-tensioning 
 
The first step was to cut the profiled steel sheeting to a length of 580 mm, 

1080mm, 1580 mm and 2080 mm to allow 40 mm overhang at the top and bottom of 
the specimen. The sheeting was as received from the manufacturer and no measures 
were taken to treat the inner surface condition. The formwork ready for pouring is 
shown in Figure 4. 

The formwork was assembled with appropriate dimensions and post-
tensioning cable and PVC duct was placed with zero eccentricity. A lifting lug was 
placed on the sides of the specimen. The specimen was poured along with test 
cylinders and kept moist for two days. After this period they were left to cure in the 
air until testing.  

The three specimens were post-tensioned at day 10 after casting with a 
concrete strength measured at day 7 of 23.0 MPa.  Post-tensioning was carried out by 
elongating the 29 mm threaded bar from the live anchor through tightening by a 
wrench and a load cell was used to measure the applied load to the bars during the 
post-tensioning while three strain gauges fixed on the bar were used to record the 
strains within the bar.  Push-specimens were clamped well in a strong floor during 
post-tensioning to minimise any uplift or external disturbance. A single load cell was 
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used to perform the post-tensioning by calibrating each bar for corresponding strains 
in that bar.  The applied load versus strain recorded by the gauges fixed on the bar for 
PT-500-3 is illustrated in Figure 5. It was found that the strains recorded by the three 
gauges are different. The centre strain gauge reading was used for calibration. The 
full applied design prestressing force was 162 kN and is equal to about 22 % of the 
nominal breaking load.  
 
Table 3 Material properties of concrete, profiled steel sheets and prestressing 
bar 
Material  Property   Value (MPa) 

Concrete  Compressive strength, f’c   40.8 

  Tensile strength, fct   5.1 

  Young’s modulus, Ec   35,000 

Profiled 
Steel Sheets 

 Yield stress, fy   670 

  Ultimate strength, fu   680 
  Young’s modulus, Es   217,000 
Prestressing 
Bar 

 Yield stress, fy   1050 

  Ultimate strength, fu   1120 
  Young’s modulus, Es   201,000 
 
2.4 Instrumentation 
 

Two linear potentiometers were attached to the sheeting to measure the slip at 
the interface directly. Three strain gauges (FLA-5-11-3LT) were placed on each outer 
surface of profiled steel sheeting to observe the strains developed during the 
debonding process. Three concrete strain gauges (PML-60-3LT) were placed near the 
centre of the specimen to observe the concrete strains. Concrete strain readings were 
also taken using DEMEC strain gauges. A data acquisition system was used to record 
the readings of the load cell, linear potentiometer and strain gauges.  
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to properly validate the adequacy of the proposed research and to propose a general 
local bond stress-slip law for accurate numerical modelling of post-tensioned 
composite slabs. However, the results of this series will be useful for further study on 
finite element modelling of shear bond for the full scale slabs. This is expected to be 
carried out by the authors in near future. 
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