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I PREFACE

This book is the indirect outcome of 23 vears of research on tall building structures
by the two authors. It began with their ligison in the mid-1960s at the University
of Southampron, England, and has since continued in their respective Universitics,
of Surrey, McGill, Sirathclyde, and Glasgow.

At the commencement of the period, the evolution of radically new structural
forms gave great stimulus to devising appropriate methods of analysis. In the suc-
ceeding quarnter-century there have been great advances in the design and construc-
tion of tall buildings throughout the world, and in the associated development of
analytical technigues.

In the early days, approximate techniques were being devised for specific,
largely two-dimensional, structural forms, and the analysis of complex three-di-
mensional systems represented a formidable challenge. Since then, there have been
significant advances in both computer hardware and sofiware: the power of com-
puters has increased dramatically, and a large number of comprehensive general
purpose analysis programs have been developed, based on the stiffness method of
analysis. In principle at least, it is now theoretically possible to analyze accurately
virnually any complex elastic structure, the only constraints being the capacity of
the available computer, time, and cost.

However, the great power of this analytical facility has 1o be handled judi-
ciously. Real building structures are so complex that even an elaborate computa-
tional model will be a considerable simplification. and the resuits from an analysis
will always be approximate, being at best only as good as the quality of the chosen
mode! and method of analysis. It is thus imperative to be able to devise an ana-
Ivtical model of the real structure that will represent and predict with appropriate
accuracy, and as efficiently and economically as possible, the response of the
building 1o the anticipated forces. Models required for the early stages of design
will ofien be of a different, lower level of sophistication than those for checking
the final design.

The task of structural modeling is arguably the most difficult one facing the
structural analyst, requinng critical judgment and a sound knowledge of the struc-
tural behavior of tall building componenis and assemblies. Also, the resulting data
from the analysis must be interpreted and appraised with discemnment for use with
the real structure, in order to serve as a reasonable basis for making design deci-
s10Ms,

The rapid advances in the past quaner-century have slowed up, and the era is
now one of consolidation and wtilization of research findings. However, the ma-
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will PREFACE

Jority of the research findings still exist only in the form of papers in research
Jourmals, which are not generally available or familiar 10 the design enginesr. There
is a need to digest and to bring together in a unified and coherent form the main
corpus of knowledge that has been accumulated and 1o disseminate it to the stnuc-
tural engineering profession. This task forms the main objective of this volume.

Itis not possible to deal in a comprehensive manner in a single volume with all
aspects of tall building design and construction. and attention has been focused on
the building structure, Such imponant related topics as foundation design, con-
struction methods, fire resistance. planning, and economics have had to be omit-
ted. The intention has been to concentrate on the structural aspects that are partic-
ularly affected by the quality of tallness: topics that are of equal relevance to low-
nse buildings have generally not been considered in any depth,

The major part of the book thus concentrates on the fundamental approaches to
the analysis of the behavior of different forms of tall building structures, including
frame, shear wall, tubular, core, and outrigger-braced systems. Both accurate com-
puter-based and approximate methods of analyses are included. The lauer, al-
hough being of value in their own right for the analysis of simplified regular
tructures, serve also to highlight the most important actions and modes of behay-
or of components and assemblies. and thus offer guidance to the engineer in de-
/ising appropriate models for analytical purposes.

Introductory chapters discuss the forces o which the structure is subjected, the
lesign criteria that are of the greatest relevance and importance to tall buildings,
nd the various structural forms that have developed over the vears since the early
kyscrapers were first introduced at the tumn of the century. A major chapter is
evoted to the modeling of real structures for both preliminary and final analyses.
“onsiderable attention is devoted 1o the assessment of the stability of the structure,
nd the significance of creep and shrinkage in tall concrete buildings is discussed.
inally, a chapter is devoted to the dynamic response of structures subjected 10
ind and earthquake forces, including a discussion of the human response (o tall
uilding motions,

In addition to the set of references appropriate to each chapier, a short bibli-
graphy has also been presented. This has been designed to serve several purposes:
» note historically important papers, to recommend major works that themselves
ontain large numbers of bibliographic references, and to refer to papers that offer
aterial or information additional to that contained in the different chapters. Space
as prevented the production of a comprehensive bibliography, since the literature
W the subject is now vast. Apologies are therefore due to the many authors whose
ork has been omitted due to either the demand for brevity or the oversight of the

riters,

In view of the wide variations in practice in different countries, it was decided
'L 10 concentrate on a single set of units in the numerical examples presented to
ustrate the theory. Thus both SI and US units will be found.

The book is aimed at two different groups. First, as a result of the continuing
tivity in the design and construction of tall buildings throughout the world, it
ill be of value to practicing structural engineers. Second, by treating the material
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in a logical, coherent, and unified form. it is hoped that it can form the basis of
an independent academic discipline, serving as a useful text for graduate student
courses. and as an introduction to the subject for senior undergraduates,

In writing the book, the authors are conscious of a debt to many sources, 1o
friends, colleagues. and co-workers in the field, and to the stimulating work of
those associated with the Council un Tall Buildings and Urban Habitat, the suc-
cessor to the Intemational Commitiee for the Planning and Design of Tall Build-
ings, with whom they have been associated since its inception. A special privilege
of working in a university is the Opportunity to interact with fresh young minds.
Consequently, above all, they acknowledge their indebtedness 1o the many re-
search students with whom they have worked over the years. who have done so
much to assist them in their progress. Many of their names figure in the References
and Bibliography, and many are now recognized authorities in this fizld. The au-
thors owe them much,

Although the subject material has altered considerably over the long period of
writing, the authors also wish to acknowledge the helpful discussions with Pro-
fessor Joseph Schwaighofer of the University of Toronto in the early stages of
planning this work.

Finally, the authors wish 1o ex press their gratitude to Ann Bless, Regina Gaiotti
and Marie José Nollet of McGill University, Andrea Green of Queens University,
and June Lawn and Tessa Bryden of Glasgow University. who have contributed
greatly to the production of this volume.

B. STAFFORD SMITH
. Co
Montreal, Quebec A ULL

Glasgow, Scorland
Janwary [99]
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MEEEN CHAPTER 1

Tall Buildings

This book is concerned with tall building structures. Tallness, however, is a rel-
ative matter, and tall buildings cannot be defined in specific terms related just to
height or to the number of Roors. The tallness of a building 15 & matter of a person's
or community's circumstance and their consequent perception: therefore, a mea-
surable definition of a tall building cannot be universally applied. From the struc-
tural engineer’s point of view, however, a tall building may be defined as one that,
because of its height, is affected by lateral forces due to wind or eanthquake actions
1o an extent that they play an important role in the structural design. The influence
of these actions must therefore be considered from the very beginning of the design
process.

1.1 WHY TALL BUILDINGS?

Tall towers and buildings have fascinated mankind from the beginning of civili-
zation, their construction being initially for defense and subsequently for ecclesi-
astical purposes. The growth in modemn tall building construction, however, which
began in the 1880s, has been largely for commercial and residential purposes,

Tall commercial buildings are primarily a response to the demand by business
activities to be as close to each other, and to the city center, as possible, therehy
putting intense pressure on the available land space. Also, because they form dis-
tinctive landmarks, tall commercial buildings are frequently developed in city cen-
ters as prestige symbols for corporate organizations. Further, the business and
tourist community, with its increasing mobility, has fuelled a need for more, fre-
guently high-rise, city center hotel accommodations.

The rapid growth of the urban population and the consequent pressure on lim-
ited space have considerably influenced city residential development. The high
cost of land, the desire to avoid a continuous urban sprawl, and the need to pre-
serve important agricultural production have all contributed to drive residential
buildings upward. In some cities. for example, Hong Kong and Rio de Janeiro,
local topographical restrictions make tall buildings the only feasible solution for
housing needs.



1.2 FACTORS AFFECTING GROWTH, HEIGHT, AND
STRUCTURAL FORM

The feasibility and desirability of high-rise structures have always depended on
the available materials, the level of construction technology, and the state of de-
velopment of the services necessary for the use of the building. As a result, sig-
nificant advances have occurred from time to time with the advent of a new ma-
terial, construction facility, or form of service.

Multistory buildings were a feature of ancient Rome: four-story wooden tene-
ment buildings, of post and lintel construction, were common. Those built afier
the great fire of Nero, however, used the new brick and concrete materials in the
form of arch and barrel vault structures. Through the following centuries, the two
basic construction materials were timber and masonry. The former lacked strength
for buildings of more than about five stories, and always presented a fire hazard.
The latier had high compressive strength and fire resistance, but its weight tended
to overload the lower suppons. With the rapidly increasing number of masonry
high-rise buildings in North America toward the end of the nineteenth century, the
limits of this form of construction became apparent in 1891 in the 16-story Mon-
adnock Building in Chicago. With the space in its lower floors largely occupied
by walls of over 2 m thick, it was the last tall building in the city for which massive
load-bearing masonry walls were employed.

The socioeconomic problems that followed industrialization in the nineleenth
century, coupled with an increasing demand for space in the growing U.S. cities,
created a strong impetus to tall building construction. Yet the ensuing growth could
not have been sustained without two major technical innovations that occurred in
the middle of that century: the development of higher strength and structurally
more efficient materials, wrought iron and subsequently steel, and the introduction
of the elevator (cf. Fig. 1.1). Although the elevator had been developed some 20
years earlier, its potential in high-rise buildings was apparently not realized until
its incorporation in the Equitable Life Insurance Building in New York in 1870.
For the first time, this made the upper stories as attractive to rent as the lower
ones, and, consequently, made the taller building financially viable.

The new materials allowed the development of lightweight skeletal structures.
permitting buildings of greater height and with larger interior open spaces and
windows, although the early wrought-iron frame structures still employed load-
bearing masonry facade walls. The first high-rise building totally supporied by a
metal frame was the 11-story Home Insurance Building in Chicago in 1883. fol-
lowed in 1889 by the first all-steel frame in the 9-story Rand-McNally Building.
Two years later, in the same city, diagonal bracings were introduced in the facade
frames of the 20-story Masenic Temple to form vertical trusses, the forerunner of
modern shear wall and braced frame construction. It was by then appreciated that
at that height wind forces were an imporant design consideration. Improved de-
sign methods and construction techniques allowed the maximum height of steel-
frame structures 1o increase steadily, reaching a height of 60 stories with the con-
struction of the Woolworth Building in New York in 1913. This golden age of
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Fig. 1.1 Growth in height of the first great era of Amernican skyscrapers.

American skyscraper construction culminated i 1931 in its crowning glory, the
Empire State Building, whose 102-story braced steel frame reached a height of
1250 ft (381 m).

Although reinforced concrete construction began around the tum of the century,
it does not appear to have been used for multistory buildings until after the end of
World War [. The inherent advantages of the composite material, which could be
readily formed to simultaneously satisfy both aesthetic and load-carrying require-
ments, were not then fully appreciated. and the early systems were purely imita-
tions of their steel counterparts. Progress in reinforced concrete was slow and
intermittent, and, at the time the steel-framed Empire State Building was com-
pleted, the tallest concrete building, the Exchange Building in Seattle, had attained
a height of only 23 stories.

The economic depression of the 1930s put an end to the great skyscraper era,
and it was not until some years after the end of World War 1l that the construction
of high-rise buildings recommenced, with radically new structural and architec-
tural solutions. Rather than bringing significant increases in height, however, these
modemn developments comprised new structural systems, improved material qual-
ities and services, and better design and construction techniques. It was not until
1973 that the Empire State Building was eclipsed in height by the twin towers of
the 110-story, 1350 ft (412 m) high World Trade Center in New York, using
framed-tube construction, which was followed in 1974 by the 1450 ft (442 m)
high bundled-tube Sears Tower in Chicago.

Different structural sysiems have gradually evolved for residential and office
buildings, reflecting their differing functional requirements. In modem office
buildings, the need to satisfy the differing requirements of individual clients for
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floor space arrangements led to the provision of large column-free open areas 1o
allow flexibility in planning. Improved levels of services have frequently neces-
sitated the devotion of entire floors to mechanical plant, but the spaces lost can
often be utilized also to accommodate deep girders or trusses connecting the ex-
terior and interior structural systems. The earlier heavy internal partitions and ma-
sonry cladding, with their contributions to the reserve of stiffness and strength,
have largely given way to light demountable partitions and glass curtain walls,
forcing the basic structure alone o provide the required strength and stiffness
against both vertical and lateral loads.

Other architectural features of commercial buildings that have influenced struc-
tural form are the large entrances and open lobby areas at ground level, the mul-
tistory atriums, and the high-level restaurants and viewing galleries that may re-
quire more extensive elevator systems and associated sky lobbies.

A residential building’s basic functional requirement is the provision of self-
contained individual dwelling units. separated by substantial panitions that provide
adequate fire and acoustic insulation. Because the partitions are repeated from story
to story, modem designs have utilized them in a structural capacity. leading to the
shear wall, cross wall, or infilled-frame forms of construction.

The trends 1o exposed structure and architectural cutouts, and the provision of
setbacks at the upper levels to meet daylight requirements, have also been features
of modem architecture. The requirement to provide adequately stiff and strong
structures, while accommodating these various features, led to radical develop-
ments in structural framing. and inspired the new generation of braced frames.
framed-tube and hull-core structures, wall-frame systems. and outrigger-braced
structures described in Chapter 4. The latest generation of **postmodem’” build-
ings, with their even more varied and iregular external architectural treatment,
has led to hybrid double and sometimes triple combinations of the structural
monaforms used for modern buildings.

Speed of erection is a vital factor in obtaining a retumn on the investment in-
volved in such large-scale projects. Most tall buildings are constructed in con-
gested city sites, with difficult access; therefore careful planning and organization
of the construction sequence become essential. The story-to-story uniformity of
most multistory buildings encourages construction through repetitive operations
and prefabrication techniques. Progress in the ability to build tall has gone hand
in hand with the development of more efficient equipment and improved methods
of construction, such as slip- and flying-formwork. concrete pumping. and the use
of tower, climbing, and large mobile cranes,

1.3 THE TALL BUILDING STRUCTURE

Ideally, in the early stapes of planning a building, the entire design team, including
the architect, structural engineer, and services engineer, should collaborate 10 agree
on & form of structure to satisfy their respective requirements of function, safety
and serviceability, and servicing. A compromise between conflicting demands will
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be almost inevitable. In all but the very tallest structures, however. the structural
arrangement will be subservient to the architectural requirements of spice armnge-
ment and aesthetics. Often. this will lead 1o a less-than-ideal struetural solution
that will tax the ingenuity. and probably the patience. of the structural engineer,

The two primary types of vertical load-resisting elements of tall buildings are
volumns and walls, the latter acting either independently as shear walls or in as-
semblies as shear wall cores. The building function will lead naturally to the pro-
vision of walls 1o divide and enclose space. and of cores to contain and convey
services such as elevators. Columns will be provided. in otherwise unsupported
fEgIons, to transmit gravity loads and. in some types of structure, horizontal loads
also. Columns may also serve architecturally as, for example. facade mullions,

The inevitable primary function of the structural elements is to resist the gravity
loading from the weight of the building and its contents. Since the loading on
different floors tends to be similar, the weight of the floor system per unit Aoor
area is approximately constant, regardless of the building height. Because the grav-
ity load on the columns increases down the height of a building, the weight of
eolumns per unit area increases approximately linearly with the building height.

The highly probable second function of the verical structural elements is to
resist also the parasitic load caused by wind and possibly earthquakes, whose mag-
fitudes will be obtained from National Building Codes or wind tunnel studies, The
bending moments on the building caused by these lateral forces increase with at
least the square of the height, and their effects will become progressively more
Important as the building height increases. On the basis of the factors above, the
relative quantities of material required in the floors. columns, and wind bracing of
# traditional steel frame and the penalty on these due to increasing height are ap:
proximately as illustrated in Fig. 4.1,

Because the worst possible effects of lateral forces occur rarely, if ever, in the
life of the building, it is imperative 1o minimize the penalty for height to achieve
an optimum design. The constant search for more efficient solutions led to the
innovative designs and new structural forms of recent years (cf. Chapter 4). In
developing & suitable system for resisting lateral forces, the engincer seeks to de-
vise stiff horizontal interconnections between the various venical components fo
form composite assemblies such as coupled walls and rigid frames, which, as dem-
onstrated in later chapters, create a total structural assembly having a lateral stiff-
ness many times greater than the sum of the lateral stiffnesses of the individual
venical components.

1.3.1. The Design Process

Once the functional layout of the structure has been decided, the design process
generally follows a well-defined iterative procedure. Preliminary calculations for
member sizes are usually based on gravity loading augmented by an arbitrary in-
erement to account for wind forces. The cross-sectional areas of the vertical mem-
bers will be based on the accumulated loadings from their associated tributary
areas, with reductions to account for the probability that not all floors will be
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subjected simultaneously to their maximum live loading. The initial sizes of beams
and slabs are normally based on moments and shears obtained from some simple
method of gravity load analysis. such as two-cycle moment distibution, or from
codified mid- and end-span values.

A check is then made on the maximum horizontal deflection. and the forces in
the major structural members, using some rapid approximate analysis technique.
If the deflection is excessive, or some of the members are inadequate, adjustments
are made to the member sizes or the structural arrangement. If certain members
altract excessive loads. the engineer may reduce their stiffness to redistribute the
load to less heavily stressed components. The procedure of preliminary analysis,
checking. and adjustment is repeated until a satisfactory solution is obtained.

Invariably. alterations to the initial layout of the building will be required as
the client’s and architect’s ideas of the building evolve. This will call for structural
modifications, or perhaps a radical rearrangement, which necessitates a complete
review of the structural design. The various preliminary stages may therefore have
to be repeated 2 number of times before a final solution is reached.

A nigorous final analysis. using a more refined analytical model. will then be
made to provide a final check on defiections and member strengths. This will usu-
ally include the second-order effects of gravity loads on the lateral deflections and
member forces (P-Deita effects). A dynzmic analysis may also be required if, as
a result of wind loading, there is any likelihood of excessive deflections due to
oscillations or of comfort critenia being exceeded, or if earthquake loading has to
be considered. At some stage in the procedure the deleterious effects of differential
movements due to creep. shrinkage, or temperature differentials will also be
checked.

In the design process, a thorough knowledge of high-rise structural components
and their modes of behavior is a prerequisite to devising an appropriate load-re-
sisting system. Such a system must be efficient, economic, and should minimize
the structural penalty for height while maximizing the satisfaction of the basic
serviceability requirements. With the increasing availability of general-purpose
structural analysis programs. the formation of a concise and properly representa-
tive model has become an imponant part of tall building analysis: this also requires
a fundamental knowledge of structural behavior. Modeling for analysis is dis-
cussed in Chapter 5.

1.4 PHILOSOPHY, SCOPE, AND CONTENT

The iterative design process described above involves different levels of structural
analysis, ranging from relatively crude and approximate tech niques for the prelim-
inary stages to sophisticated and accurate methods for the final check. The major
part of this book is devoted therefore to a discussion and comparison of the dif-
ferent practical methods of analysis developed for the range of structural forms
encountered in tall buildings. The emphasis throughout is on methods particular
to tall building structures, with less importance placed on methods for general
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structural analysis. which are treated comprehensively in other texts. It is thus
assumed that the reader is already familiar with the fundamentals of the suffness
matnx method and the finite element method of analysis,

The methods of analysis presented are, almost without exception, static, and
assume linear elastic behavior of the structure. Although wind and earthquake
forces are transient in nature, it is reasonable and practical to represent them in the
majority of design situations by equivalent static force distributions, as described
in Chapter 3. Although recognizing that concrete and masonry behave in a nonlin-
car manner, a linear elastic analysis is still the most imponant wol for deciding a
tall building's structural design. Techniques do exist for the prediction of inelastic
behavior, but they are not yet sufficiently well developed 1o be appropriate for
Undertaking a detailed analysis of a highly indeterminate tall building structure.

The main emphasis of static linear analysis is applied to both components and
assemblies found in tall buildings, ranging from the primary rigid frames, braced
and infilled frames. and shear walls. to the more efficient composite systems that
include coupled shear walls, wall-frame and framed-tube structures. shear wall
wores, and outrigger-braced structures.

Methods suitable for both preliminary and final analyses are described and,
Where appropriate. detailed worked examples are given 1o illustrate the steps in-
volved. Although computer-based matrix techniques form the most versatile and
accurate methods for practical structural analysis, attention is also devoted to the
more limited and approximate continuum techniques. These serve well to provide
an understanding of structural behavior and their generalized solutions indicate
more clearly and rapidly the influence of changes in structural parameters. Such
an understanding can be valuable in selecting a suitable model for computer anal-
ysis. The book concludes with a series of Appendices that include useful design
formulas and chans, and a selective Bibliography of significant references to the
subject matter of the various chapters.

It is impracticable to deal comprehensively in a single volume with all aspects
of tall building structures. Important associated topics, therefore, including foun-
dation systems, the detailed treatment of wind and earthquake forces and the as-
sociated dynamic structural analysis, and construction procedures, which form ma-
Jor subjects in their own right, have had to be omitted. For a general discussion
on all aspects of tall buildings, architectural, social, and technical, the reader is
referred 1o the Reports and Proceedings of the Council on Tall Buildings and Urban
Habitat. particularly the five-volume series of definitive Monographs [1.1].

1.5 RAISONS D'ETRE

The authors believe that a book devoted to the analysis and design of tall building
structures is merited on a number of counts. During the last few decades a large
body of knowledge on the subject has accrued from an intensive worldwide re-
search effort. The pace of this research has now abated. but the results are widely
dispersed and still generally available only in research journals. Many of the anal-



ysis techniques that have been developed are virtually unique to tall buildings, and
they form the foundations of an academic discipline that has required the research
results to be digested, consolidated. and recorded in a coherent and unified form.
Meanwhile high-rise construction continues apace, and there is a continuous de-
mand for information from engineers involved in high-rise design, while structural
engineenng graduate students are enrolled in courses and conducting further re-
search on tall building structures. This text is aimed 1o be of value 1o both the
design office and those in the classroom or laboratory.

The object of the book is therefore to offer a coherent and unified treatment of
the subject analysis and design of high-rise building structures, for practicing struc-
tural engineers concemed with the design of tall buildings, and for senior under-
graduate and posigraduate structural engineering students.

REFERENCE

1.1 Merograph on Planning and Design of Tall Buildings, Vols. CB, CL, PC, SB. and
SC. ASCE. 1980.
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N CHAPTER 2

Design Criteria

Tall buildings are designed primarily to serve the needs of an intended occupancy.
whether residential, commercial, or, in some cases, a combination of the two. The
dominant design requirement is therefore the provision of an appropriate internil
layout for the building. At the same time, it is essential for the architect (o satisfy
the client’s expectations conceming the aesthetic qualities of the building's exte-
flor. The main design criteria are, therefore, architectural, and it is within these
that the engineer is usually constrained 1o fit his structure. Only in exceptionally
tall buildings will structural requirements become a predominant consideration,

The basic layout will be contained within a structural mesh that must be mini-
mully obtrusive to the functional requirements of the building. Simultaneously,
there must be an integration of the building siructure with the various service sys-
tems—heating, ventilating, air-conditioning, water supply and waste disposal,
electrical supply, and vertical transportation—which are extensive and complex,
and constitute a major part of the cost of a tall building.

Once the functional layout has been established. the engineer must develop
structural system that will satisfy established design criteria as efficiently and eco-
nomically as possible, while fitting into the architectural layout. The vital struc-
tural criteria are an adequate reserve of strength against failure, adequate lateral
stiffness, and an efficient performance during the service life of the building.

This chapter provides a brief description of the imponant crileria that must be
considered in the structural design of a tall building. Most of the principles of
structural design apply equally to low-rise as to high-rise buildings, and therefore,
for brevity, special anention is devoted to only those aspects that have particular
consequences for the designers of high-rise buildings.

2.1 DESIGN PHILOSOPHY

Chapter 1 described how radical changes in the structural form of tall buildings
occurred in the construction period that followed World War 1. Over the same
period, a major shift occurred in design philosophy, and the Code formats have
progressed from the earlier working stress or ultimate strength deterministic bases
to modern more generally accepted probability-based approaches. The probabilis-
tic approach for both structural properties and loading conditions has led 1o the
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limit states design philosophy . which is now almost universally accepted. The aim
of this approach is 1o ensure that all structures and their constituent components
are designed to resist with reasonable safery the worst loads and deformations that
are liable to occur during construction and service, and to have adequate durability
during their lifetime.

The entire structure, or any part of it, is considered as having “*failed™" when
it reaches any one of various **limit states,”* when it no longer meets the prescribed
limiting design conditions. Two fundamental types of limit state must be consid-
ered: (1) the ultimate limit states corresponding to the loads to cause failure. in-
cluding instability: since events associated with collapse would be catastruqhic.
endangering lives and causing serious financial losses, the probability of f“"“.’“
must be very low: and (2) the serviceability limit states, which involve the criteria
governing the service life of the building. and which. because the consequences
of their failure would not be catastrophic. are permitied a much higher probability
of occurrence. These are concemed with the fitness of the building for normal use
rather than safety, and are of less critical impontance.

A particular limit state may be reached as a resull of an adverse combination of
random effects. Panial safety factors are employed for different conditions that
reflect the probability of certain occurrences or circumstances of the structure and
loading existing. The implicit objective of the design calculations is then to ensure
that the probability of any particular limit state being reached is maintained below
an acceptable value for the type of structure concerned. :

The following sections consider the criteria that apply in particular to the design
of tall buildings.

2.2 LOADING

The structure must be designed to resist the gravitational and lateral forces, both
permanent and transient, that it will be called on 10 sustain during its construction
and subsequent service life. These forces will depend on the size and shape of the
building, as well as on its geographic location, and maximum probable values must
be established before the design can proceed. i

The probable accuracy of estimating the dead and live loads, and the probability
of the simultaneous occurrence of different combinations of gravity loading. both
dead and live, with either wind or earthquake forces, is included in limit states
design through the use of prescribed factors.

The load systems that must be considered are described in Chapter 3.

2.2.1 Sequential Loading

For loads that are applied afier completion of the building. such as live. wind, or
seismic loading, the analysis is independent of the construction sequence. For dead
loads, however, which are applied to the building frame as construction procecds,
the effects of sequential loading should be considered to assess the worst conditions
to which any component may be subjected, and also to determine the true behavior
of the frame.
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In multistory reinforced concrete construction, the usual pructice is 1o shore the
freshly placed floor on several previously cast floors. The construction loads in the
supporting floors due 1o the weight of the wet concrete and formwork may appre-
clably exceed the loads under service conditions. Such loads depend on the se-
fuence and mte of erection.

If column axial deformations are calculated as thou gh the dead loads are applied
1o the completed structure. bending moments in the horizontal companents will
tesult from any differential column shortening that is shown to result. Because of
the cumulative effects over the height of the building. the effects are greater in the
highest levels of the building. However, the effects of such differential movements
would be greatly overestimated because in reality, during the construction se-
quence. a particular horizontal member is constructed on columns in which the
initial axial deformations due to the dead weight of the structure up to that partic-
ular level have already taken place. The deformations of that particular fioor will
then be caused by the loads that are applied subsequent 10 its construction. Such
sequential effects must be considered if an accurate assessment of the structural
actions due to dead loads is to be achieved.,

2.3 STRENGTH AND STABILITY

For the ultimate limit state, the prime design requirement is that the building struc-
ture should have adequate strength to resist, and 1o remain stable under, the worst
probable load actions that may occur during the lifetime of the building, including
the period of construction.

This requires an analysis of the forces and stresses that will occur in the mem-
bers as a result of the most critical possible load combinations, including the aug-
mented moments that may arise from second-order additional deflections {P-Delta
effects) {cf. Chapter 16). An adequate reserve of strength, using prescribed load
factors, must be present. Particular atiention must be paid to critical members,
whose failure could prove catastrophic in initiating a progressive collapse of pan
of or the entire building. Any additional stresses caused by restrained differential
movements due to creep, shrinkage, or temperature must be included (cf. Chapter
18).

In addition, a check must be made on the most fundamental condition of equi-
librAum, to establish that the applied lateral forces will not cause the entire building
1o topple as a rigid body about one edge of the base. Taking moments about that
edge. the resisting moment of the dead weight of the building must be greater than
the overtuming moment for stability by an acceptable factor of safety.

2.4 STIFFNESS AND DRIFT LIMITATIONS

The provision of adequate stiffness, particularly lateral stiffness, is a major con-
sideration in the design of a tall building for several imporant reasons. As far as
the ultimate limit state is concerned, lateral defiections must be limited o prevent
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second-order P-Delta effects due 1o pravity loading being of such a magnitude as
10 precipitate collapse. In terms of the serviceability limit stutes, deflections must
first be maintained at u sufficiently low level w allow the proper functioning of
nonstructural components such as elevators and doors; second. 1o avoid distress in
the structure. to prevent excessive cracking and consequent loss of stiffness. and
to avoid any redistribution of load to non-load-bearing partitions, infills, cladding,
or glazing: and third, the structure must be sufficiently stiff to prevent dynamic
motions becoming large enough to cause discomfort to occupants, prevent delicate
work being undenaken. or affect sensitive equipment. In fact, it is in the particular
need for concern for the provision of lateral stiffness that the design of a high-rise
building largely depans from that of a low-rise building.

Une simple parameter that affords an estimate of the lateral stiffness of a build-
ing is the drift index, defined as the ratio of the maximum deflection at the top of
the building to the total height. In addition, the corresponding value for a single
story height, the interstory drift index, gives a measure of possible localized ex-
cessive deformation. The control of lateral deflections is of paniicular importance
for modern buildings in which the traditional reserves of stiffness due to heavy
intemnal pantitions and outer cladding have largely disappeared. It must be stressed,
however, that even if the drift index is kept within traditionally accepied limits,
such as g, it does not necessarily follow that the dynamic comfort criteria will
also be satisfactory, Problems may anse, for example, if there is coupling between
bending and torsional oscillations that leads 1o unacceptable complex motions or
accelerations. In addition to static deflection calculations, the question of the dy-
namic response, involving the lateral acceleration, amplitude, and period of oscil-
lation, may also have 1o be considered.

The establishment of a drift index limit is a major design deci-ion, but, unfor-
tunately, there are no unambiguous or widely accepled values, or even, in some
of the National Codes concerned, any firm guidance. The designer is then faced
with having to decide on an appropriate value. The figure adopted will reflect the
building usage, the type of design criterion employed (for example, working or
ultimate load conditions), the form of construction, the materials employed, in-
cluding any substantial infills or claddings, the wind loads considered, and, in
particular, past experience of similar buildings that have performed satisfactorily.

Design drift index limits that have been used in different countries range from
0.001 to 0.005. To put this in perspective, a maximum horizontal top deflection
of between 0.1 and 0.5 m (6 to 20 in.) would be allowed in a 33-story, 100-m
{330-fi. ) high building, or, altematively, a relative deflection of 3 1o 15 mm (0.12
to 0.6 in. ) over a story height of 3 m (10 fi). Generally, lower values should be
used for hotels or apantment buildings than for office buildings, since noise and
movement tend to be more disturbing in the former. Consideration may be given
to whether the stiffening effects of any intemal pantitions, infills, or claddings are
included in the deflection calculations.

The consideration of this limit state requires an accurate estimate of the lateral
defiections that occur, and involves an assessment of the stiffness of cracked mem-
bers. the effects of shrinkage and creep and any redistribution of forces that may
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fesult, and of any rotational foundation movement. In the design process, the stfl-
fess of joints, particularly in precast or prefabricated structures, must be given
special attention to develop adequate lateral stiffness of the structure and to prevent
any possible progressive failure. The possibility of torsional deformations must
nol be overlooked.

In practice, non-load-beaning infills, partitions. external wall panels, and win-
dow glazing should be designed with sufficient clearance or with flexible supports
o sccommodate the calculated movements,

Sound engineering judgment is required when deciding on the drift index limit
to be imposed. However, for conventional structures, the preferred acceptable range
15 0.0015 to 0.003 (that is. approximately g to t&; ), and sufficient stiffness must
be provided to ensure that the top deflection does not exceed this value under
extreme load conditions. As the height of the building increases, drift index coef-
ficients should be decreased to the lower end of the range 1o keep the top story
deflection to a suitably low level. Succeeding chapiers describe how deflections
may be computed.

The drift eriteria apply essentially to quasistatic conditons. When extreme force
conditions are possible. or where problems involving vortex shedding or other
unusual phenomena may occur, a more sophisticated approach involving a dy-
namic analysis may be required.

If excessive, the drift of a structure can be reduced by changing the geometric
configuration to alter the mode of lateral load resistance. increasing the bending
stiffness of the horizontal members, adding additional stiffness by the inclusion of
stiffer wall or core members, achieving stiffer connections, and even by sloping
the exterior columns. In extreme circumstances, it may be necessary to add dam-
pers, which may be of the passive or active type.

2.5 HUMAN COMFORT CRITERIA

If a 1all flexible structure is subjected 1o lateral or torsional deflections under the
action of fluctuating wind loads. the resulting oscillatory movements can induce &
wide range of responses in the building’s occupants, ranging from mild discomfor
10 acute nausea. Motions that have psychological or physiological effects on the
occupants may thus result in an otherwise acceptable structure becoming an un-
desirable or even unrentable building.

There are as yet no universally accepted international standards for comfort
criteria, although they are under consideration, and engineers must base their de-
sign criteria on an assessment of published data. It is generally agreed that accel-
eration is the predominant parameter in determining human response to vibration,
but other factors such as period, amplitude, body orientation, visual and acoustic
cues, and even past experience can be influential. Threshold curves are available
that give various limits for human behavior, ranging from motion perceplion
through work difficulty to ambulatory limits, in terms of acceleration and period.



A dynamic analysis is then required 1o allow the predicted response of the building
1o be compared with the threshold limits.

The questions of human response to motion, comfort eriteria, and their influ-
ence on structural design are considered in Chapter 17.

2.6 CREEP, SHRINKAGE, AND TEMPERATURE EFFECTS

In very tall concrete buildings. the cumulative vertical movements due 1o creep
and shrinkage may be sufficiently large to cause distress in nonstructural elements,
and to induce significant structural actions in the horizontal elements. especially
in the upper regions of the building. In assessing these long-term deformations,
the influence of a number of significant factors must be considered. particularly
the concrete properties, the loading history and age ol the concrete ar load appli-
cation. and the volume-surface ratio and amount of reinforcement in the members
concemed. The structural actions in the horizontal elements caused by the resulting
relative vertical deflections of their supports can then be estimated. The differential
movements due to creep and shrinkage must be considered structurally and accom-
modated as far as possible in the architectural details at the design stage. However,
by attempting to achieve a uniformity of stress in the verical components, it is
possible 1o reduce as far as possible any relative vertical movement due to creep.

In the construction phase. in addition to creep and shrinkage. elastic shonening
will occur in the vertical elements of the lower levels due to the additional loads
imposed by the upper stories as they are completed. Any cumulative differential
mavements will affect the stresses in the subsequent structure., especially in build-
ings that include both in situ and precast COMPpOonents.

In buildings with partially or fully exposed exterior columns. significant 1em-
perature differences may occur between exterior and interior columns, and any
restraint to their relative deformations will induce siresses in the members con-
cemed. The analysis of such actions requires a knowledge of the differential tem-
peratures that are likely to occur between the building and its exterior and the
lemperature gradient through the members. This will allow an evaluation of the
free thermal length changes that would occur if no restraint existed, and, hence,
using a standard elastic analysis, the resulting thermal stresses and deformations
may be determined.

Practical methods for analyzing the effects of creep, shrinkage, and temperature
are discussed in Chapter 18.

2.7 FIRE

The design considerations for fire prevention and protection. smoke control, fire-
fighting, and escape are beyond the scope of a book on building structures. How-
ever. since fire appears 1o be by far the most common extreme situation that will
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cause damage in structures, it must be a primary consideration in the design pro-
cess,

The charactenistic feature of o fire, such as the temperature and duration, can
be estimated from a knowledge of the imponant parameters involved., particularly
the quantity and nature of combustible material present. the possibility and extent
ol ventilation, and the geometric and thermal properties of the fire companment
involved. Once the temperatures at the various surfaces have been determined,
from the gas temperature curve. it is possible to estimate the heat flow through the
insulation and structural members. A knowledge of the temperature grudient across
the member, and the degree of restraint afforded by the supports and surrounding
structure. enables the stresses in the member to be evaluated. The mechanical
properties of the structural materials. particularly the elastic modulus or stiffness
and strength. may deteriorate rapidly as the lemperature rises. and the resistance
1o loads is greatly reduced. For example the yield stress of mild steel ar a lemper-
ature of 700°C is only some 10-20% of its value at room temperature. Over the
same lemperature range, the elastic modulus drops by around 40-50% . The eritical
temperature at which large deflections or collapse occurs will thus depend on the
materials used, the nature of the structure. and the loading conditions.

The parameters that govern the approach are stochastic in nature, and the resulls
of any calculation can be given only in probabilistic terms. The aim should be to
achieve a homogeneous design in which the risks due to the different extreme
situations are comparable.

Designing against fire is, however, a specialist discipline, and the interested
reader is referred to the Monograph on Tall Buildings (Vol. CL) [2.1].

2.8 FOUNDATION SETTLEMENT AND SOIL-STRUCTURE
INTERACTION '

The gravity and lateral forces on the building will be transmitted to the earth through
the foundation system, and, as the principles of foundation design are not affected
by the quality of tallness of the superstructure, conventional approaches will suf-
fice. The concern of the structural designer is then with the influence of any foun-
dation deformation on the building’s structural behavior and on the soil-structure
interactive forces.

Because of its height, the loads transmitted by the columns in a tall building
can be very heavy. Where the underlying soil is rock or other strong stable
subgrade, foundations may be carried down 1o the stiff load-bearing layvers by use
of piles. caissons, or deep basements. Problems are not generally encountered with
such conditions since large variations in column loadings and spacings can be
accommodated with negligible differential settlement. In areas in which soil con-
ditions are poor. loadings on foundation elements must be limited 1o prevent shear-
ing failures or excessive differential settlements. Relief may be obtained by ex-
cavating a weight of soil equal to a significant portion of the gross building weight,
Because of the high shon-term transient moments and shears that arise from wind
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loads, particular atention musi be given to the design of the foundation system for
resisting moments and shears. especially if the precompression due o the dead
weight of the building is not sufficient to overcome the highest tensile stresses
caused by wind momenis, leading 1o uplift on the foundation.

The major influences of foundation deformations are twofold. First, if the bases
of vertical elements yield, a stress redistribution will occur, and the extra loads
imposed on other elements may then further increase the deformation there. The
influence of the relative displacements on the forces in the horizontal elements
must then be assessed. Second, if an overall rotational settlement # of the entire
foundation occurs, the ensuing lateral defiections will be magnified by the height
H 10 give a top deflection of HB. As well as increasing the maximum drift. the
movement will have a destabilising effect on the structure as a whole, by increasing
any P-Delta effects that occur (cf. Chapter 16).

Soil-structure ineraction involves both static and dynamic behavior. The for-
mer is generally treated by simplified models of subgrade behavior, and finite ele-
ment methods of analysis are usual. When considering dynamic effects. both in-
teractions between soil and structure. and any amplification caused by a coincidence
of the natural frequencies of building and foundation, must be included. Severe
permanent structural damage may be caused by eanthquakes when large deforma-
tions occur due to the soil being compacted by the ground vibration, which under
certain conditions may result in the development of excess hydrostatic pressures
sufficient to produce liquefaction of the soil. These types of soil instability may be
prevented or reduced in intensity by appropriate soil investigation and foundation
design. On the other hand, the dynamic response of buildings to ground vibrations,
which is also affected by soil conditions, cannot be avoided and must be considered
in design.

A general discussion of all aspects of the design of foundations for tall buildings
is given in Reference 2.2.

SUMMARY

Probability-based limit states concepts form the basis of modem structural design
codes. This chapter summarizes the most important limit states involved in the
design of tall building structures. Ultimate limit states are concemned with the max-
imum load and carrying capacity of the structure, where the probability of failure
must be very low, whereas serviceability limit states are concemned with actions
that occur during the service life of the structure, and are permitted 1o have a much
higher probability of occurrence.

The most imporiant ultimate limit state requirement is that the structure should
have adequate strength and remain stable under all probable load combinations
that may occur during the construction and subsequent life of the building. When
assessing stability, any second-order P-Delta effects in heavily loaded slender
members must be considered. Any stresses induced by relative movements caused
by creep, shrinkage, and temperature differentials must be included.

LIl

One major serviceability limit state eriterion lies in the provision of adequate
stiffness. particularly lateral stiffness. to avoid excessive cracking in concrete and
10 uvoid any load transfer to non-load-bearing components. 10 avoid excessive
secondary P-Delta moments caused by lateral deflections, and to prevent any dy-
namic motions that would affect the comfort of the occupants. One measure of the
stiffness is the drift of the structure and this should be limited to the range of
(.0015 1w 0.003 of the total height. Similar limits should be imposed on the ac-
ceptable interstory drift index.

The stresses and loss of stiffness that might result from a building fire must be
n major consideration, as this is not a remote possibility. However, designing
against fire is a specialist discipline that cannot be covered in any detail here,

Although the principles of foundation design are not affected by the height of a
building, the situation for tall buildings is different as a result of the high shon-
ferm transient moments and shears that arise from wind loads. The high dead load
caused by the height of the building produces large compressive stresses on the
foundation, and excessive differential settlements must be avoided. Any lateral
deflections caused by rotational settlement will be magnified by the height of the
building, and the soil-structure interaction must be considered. particularly under
seismic actions.
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BN CHAPTER 3

Loading

Loading on tall buildings differs from loading on low-risc buildings in its accu-
mulation into much larger structural forces. in the increased significance of wind
loading. and in the greater impontance of dynamic effects. The collection of gravity
loading over a large number of stories in a tall building can produce calumn loads
of an order higher than those in low-rise buildings. Wind loading on a tall building
acts not only over a very large building surface. but also with greater intensity at
the greater heights and with a larger moment arm about the base than on a low-
rise building. Although wind loading on a low-rise building usually has an insig-
nificant influence on the design of the structure, wind on a high-rise building can
have & dominant influence on its structural arrangement and design. In an extreme
case of a very slender or flexible structure, the motion of the building in the wind
may have to be considered in assessing the loading applicd by the wind.

In earthquake regions, any inertial loads from the shaking of the ground may
well exceed the loading due to wind and, therefore, be dominant in influencing
the building's structural form, design. and cost. As an inertial problem, the build-
ing’s dynamic response plays a large part in influencing, and in estimating. the
effective loading on the structure.

With the exception of dead loading, the loads on a building cannot be assessed
accurately. While maximum gravity live loads can be anticipated approximately
from previous field observations, wind and earthquake loadings are random in
nature. more difficult to measure from past events, and even more difficult to pre-
dict with confidence. The application of probabilistic theory has helped to ration-
alize, if not in every case to simplify, the approaches to estimating wind and earth-
quake loading.

It is difficult 1o discuss approaches to the estimation of loading entirely in gen-
eralities because the variety of methods in the different Codes of Practice. although
rationally based, tend 1o be empirical in their presentation. Therefore, in some
parts of this chapter. methods from reasonably representative modem Codes are
given in detail to illustrate current philosophies and trends.

3.1 GRAVITY LOADING

Although the tributary areas, and therefore the gravity loading, supponed by the
beams and slabs in a 1all building do not differ from those in a low-rise building.
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he accumulation in the former of many stones of loading by the columns and
‘Walls can be very much greater.

A% in a low-rise building. dead loading is calculated from the designed member

- wlzes and estimated material densities. This is prone o minor inaccuracies such as

lilfferences between the real and the designed sizes. and between the actual and
the assumed densities.

Live loading is specified as the intensity of a uniformly distributed floor load,
uccording 1o the occupancy or use of the space. In cenain situations such as in
parking areas. offices, and plant rooms. the floors should be considered for the
altermative worst possibility of specified concentrated loads.

The magnitudes of live loading specified in the Codes are estimates based on i
combination of experience and the results of typical field surveys. The differences
between the live load magnitudes in the Codes of different countries (some ex-
amples of which are shown in Table 3.1 [3.1]) indicate a lack of unanimity and
consistency sufficient 1o raise questions about their accuracy. Load capacily ex-
periments have shown that even the Code values, which are usually accepted as
LOnservalive. may in some circumsiances underestimate the maximum possible
values.

Pattern distribution of gravity live loading over adjacent and altemate Spans
should be considered in estimating the local maxima for member forces, while live
load reductions may be allowed to account for the improbability of total loading
being applied simultaneously over larger areas.

3.1.1 Methods of Live Load Reduction

The philosophy of live load reduction is that although, at some time in the life of
A structure, it is probable that a small area may be subjected to the full intensity

TABLE 3.1 Live Load Magnitudes

United Great U.5.5.R.
States Britain Japan (5N and
({ANSI (CP3-CH.V (All PI-ALL -
ASBE. 1-1972) PT.1:1967) Standard) 62)
kPa psi kPa psl kPa psf kPa sl
Office buildings
Offices 2.4 50 2.5 52 29 61 2.0 41
Corridors 18 80 2.5 52 29 6l
Lobbies 4.8 1040 2.5 52 2.9 Bl 2.9 6l
Residential
Apanments 1.9 40 1.5 k1] 1.8 7 115 L]
Hotel 1.9 40 2.0 42 1.8 ar 2.0 4l
Corridors 38 &0 f 1.8 37 2.9 |
Public rooms 4.8 100 2.0 42 35 74 2.0 41
From Ref. {3.1).

"Same valves wy for occupancy



of live load. 1t is improbable that the whole of large area or a collection of areas.
and the members supporting them, will be subjected simultaneously to the full live
load, Consequently, it is reasonable to design the girders and columns supporting
a large tributary area for significantly less than the full live loading. The different
methods of live load reduction generally allow for the girders, columns. and walls
to be designed for a reduced proportion of the full live load with an increased
amount of supponted area. An upper limit is usually placed on the reduction in
order to retain an adequate margin of safety.

The following three examples of methods of live load reduction serve to illus-
trate how the general philosaphy may be applied [3.1].

l. Simple percentages may be specified for the reductions and for the limiting
amount. For example. the supporting members may be designed for 100%
of the live load on the roof, 85% of that on the top floor, and further reduc-
tions of 5% for each successive floor down 1o a minimum of 50% of the
live load.

2. A tributary area formula may be given, allowing a more refined definition
of the reduction, with the limit built into the formula, For example, the
supporting members may be designed for a live load equal to the basic live
load multiplied by a factor 0.3 + 10/+A4, where A is the accumulated area
in square feet.

3. An even more sophisticated formula-type method may define the maximum
reduction in terms of the dead-to-live load ratio. For example, it may be
specified that the maximum percentage reduction shall not exceed [ 100 x
(D + L)]/4. 33L, in which D and L are the intensities of dead and live
loading, respectively. This paricular limit is iniended to ensure thart if the
full live load should oceur over the full tributary area. the element would
not be stressed to the yield point.

3.1.2 Impact Gravity Loading

Impact loading oceurs as a gravity live load in the case of an elevator being ac-
celerated upward or brought to a rest on its way down. An increase of 100% of
the static elevator load has usually been used to give a satisfactory performance of
the supporting structure [3. 1].

3.1.3 Construction Loads

Construction loads are often claimed to be the most severe loads that 2 building
has to withstand. Centainly, many more failures occur in buildings under construc-
tion than in those that are complete, but it is rare for special provision to be made
for construction loads in tall building design. If, however. in a building with an
unusual structure, a lack of consideration for construction loading could increase
the total cost of the project, an early liaison between the designer and contractor
on making some provision would obviously be desirable.
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Typically. the construction load that has 10 be supported is the weight of the
floor forms and a newly placed slab, which, in total, may equal twice the floor
dead load, This load is suppored by props that transfer it 1o the three or four
previously constructed floors below. Now, with the possibility of as littie as 3-day
cyele, or even 2-day eycle, story construction, and especially with concrete pump-
ing, which requires a more liquid mix, the problem is more severe: this is because
the newly released slab, rather than contributing 10 supporting the construction
loads. is still in need of support itself.

The climbing crane is another common construction load. This is usually sup-
ported by connecting it 10 a number of floors below with. possibly, additional
shoring in stories further below,

3.2 WIND LOADING

The lateral loading due 10 wind or eanthquake is the major factor that causes the
design of high-rise buildings to differ from those of low- to medium-rise buildings,
For buildings of up to about 10 stories and of typical propontions, the design is
rarely affected by wind loads. Above this height, however, the increase in size of
the structural members, and the possible rearrangement of the structure to account
for wind loading, incurs a cost premium that increases progressively with height.
With innovations in architectural treatment, increases in the strengths of materials,
and advances in methods of analysis, tall building structures have become more
efficient and lighter and, consequently, more prone to deflect and even to sway
under wind loading. This served as a spur to research, which has produced signif-
icant advances in understanding the nature of wind loading and in developing
methods for its estimation. These developments have been mainly in experimental
and theoretical techniques for determining the increase in wind loading due to
gusting and the dynamic interaction of structures with gust forces.

The following review of some representative Code methods, which includes
ones that are relatively advanced in their consideration of gust loading, summarizes
the state of the art. The first method described is a static approach, in that it as-
sumes the building to be a fixed rigid body in the wind. Static methods are appro-
priate for tall buildings of unexceptional height, slendemess, or susceptibility to
vibration in the wind. The subsequently described dynamic methods are for ex-
ceptionally tall, slender, or vibration-prone buildings. These may be defined, for
example, as in the Uniform Building Code [3.2], as those of height greater than
400 ft (123 m), or of a height greater than five times their width, or those with
structures that are sensitive to wind-excited oscillations. Alternatively. such ex-
ceptional buildings may be defined in a more rigorous way according 1o the natural
frequency and damping of the structure, as well as to its proportions and height
[3.3]).

The methods are now explained with a level of detail intended to convey for
cach its philosophy of approach. For more detailed information, sufficient to allow
the use of the methods, the reader is referred to the particular Codes of Practice.



3.2.1 Simple Static Approach

Uniform Building Code (1988) Method [3.2]. The method is representative

of modem static methods of estimating wind loading in that it accounts for the

effects of gusting and for local extreme pressures over the faces of the building. It

also accounts for local differences in exposure between the open countryside and

a city center, as well as allowing for vital facilities such as hospitals. and fire and

police stations, whose safety must be ensured for use afier an extreme windstorm.
The design wind pressure is obtained from the formula

p=CCal (3.1)

in which C, is a coefficient to account for the combined effects of height. exposure,
and gusting. as defined in Table 3.2.

€, is a coefficient that allows for locally higher pressures for wall and roof
elements as compared with average overall pressures used in the design of the
primary structure. For example. C, has a value of 1.4 when using the projected
area method of calculating wind loading for structures over 40 fit in height. whereas
it has a local value of 2.0 at wall comners,

The pressure g, is a wind stagnation pressure for a minimum basic 50-year wind
speed at a height of 30 ft above ground, as given for different regions of the United
States in a wind speed contour map. Where local records indicate a greater than
basic value of the wind speed, this value should be used instead in determining q..

The importance factor / is taken as 1.15 for postdisaster buildings and 1.00 for
all other buildings.

TABLE 3.2 Combined Height, Exposure, and Gust Factor
Coefficient (C,)

Height above Average
Level of Adjoining

Ground (ft) Exposure T Exposure B
0-20 J2 0.7
20-40 1.3 0.8
40-60 1.5 1.0
&0=100 1.6 1.1
100-150 1.8 1.3
150-200 1.9 I.4
200-300 2.1 1.6
300-400 2.2 1.8

Reproduced from the 1988 edition of the Uniform Building Cade, copyvright © 198K,
with the permission of the publishers, the Intemational Conference of Building 1
ficials.
"Expmsure C represents the miost severe cxposure with a Fut and open ternzin, Ex-
persure B hus tormin with buildings. forest, or serfsee imegulseitied 20 6t or mane in
heighi
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3.2.2 Dynamic Methods

I the building is exceptionally slender or tall, or if it is located in extremely severe
exposure conditions, the effective wind loading on the building may be increased
by dynamic interaction between the motion of the building and the gusting of the
wind. If it is possible to allow for it in the budget of the building, the best method
ol assessing such dynamic effects is by wind tunnel tests in which the relevant
properties of the building and the surrounding countryside are modeled. For build-
ings that are not so extreme as to demand a wind tunnel test, but for which the
simple design procedure is inadequate. altemnative dynamic methods of estimating
the wind loading by calculation have been developed. The wind tunnel experi-
mental method and one of the dynamic calculation methods will be reviewed
briefiy, '

Wind Tunnel Experimental Method. Wind wnnel tests 1o determine loading
may be quasisteady for determining the static pressure distribution or force on a
building. The pressure or force coefficients so developed are then used in calcu-
lating the full-scale loading through one of the described simple methods. This
approach is satisfactory for buildings whose motion is negligible and therefore has
little effect on the wind loading.

If the building slendemess or flexibility is such that its response to excitation
by the energy of the gusts may significantly influence the effective wind loading,
the wind tunnel test should be a fully dynamic one. In this case. the elastic struc-
tural properties and the mass distribution of the building as well as the relevant
characteristics of the wind should be modeled.

Building models for wind tunnel tests are constructed to scales which vary from
fiki 10 T, depending on the size of the building and the size of the wind tunnel,
with a scale of gy being common. Tall buildings typically exhibit a combination
of shear and bending behavior that has a fundamental sway mode comprising a
flexurally shaped lower region and a relatively linear upper region. This can be
represented approximately in wind tunnel tests by a rigid model with a flexurally
sprung base. It is not necessary in such a model to represent the distribution of
mass in the building. but only its mament of inertia about the base.

More complex models are used when additional modes of oscillatipn are ex-
pecied including, possibly, torsion. These models consist of lumped masses.
springs, and flexible rods, designed to simulate the stiffnesses and mass properiies
of the prototype. Wind pressure measurements are made by flush surface pressure
taps on the faces of the models, and pressure transducers are used to obtain the
mean. root mean square (RMS), and peak pressures,

The wind characteristics that have to be generated in the wind tunnel are the
vertical profile of the horizontal velocity, the turbulence intensity, and the power
spectral density of the longiudinal component, Special “boundary layer’” wind
tunnels have been designed 1o generate these characteristics. Some use leng work-
ing sections in which the boundary layer develops narally over a rough floor:
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other shorter ones include grids. fences. or spires at the test section entrance fo-
gether with & rough floor, while some activate the boundary layer by jets or driven
flaps. The working sections of the tunnel are up 1o & maximum of about 6 ft' and
they operate at atmospheric pressure [3.4].

Detailed Analytical Method. Wind tunnel testing is a highly specialized.
complex, and expensive procedure, and can be justified only for verv high cost
projecis. To bridge the gap between those buildings that require only a simple
approach to wind loading and those that clearly demand a wind wnnel dynamic
test, more detailed analytical methods have been developed that allow the dynamic
wind leading to be calculated [3.5, 3.6]. The method described here is based on
the pioneering work of Davenport and is now included in the National Building
Code of Canada, WBCC [3.7. 3.8].

The external pressure or suction p on the surface of the building is obtained

using the basic equation

p = gC.C,C, (3.2)
in which the exposure factor C, is based on a mean wind speed vertical profile,
which vares according to the roughness of the surrounding termin. Three types
of exposure are considered: generally open terrain with minimal obstruction; semi-
obstructed terrrain such as suburban, urban, and wooded areas. and heavily
obstructed areas with heavy concentrations of tall buildings and at least 50%
of all the buildings exceeding four stories. A formula expressing the value of
C. as a power of the height is given in the Code for each of the three exposure
conditions.

The gust effect factor C, is the ratio of the expected peak loading effect to the
mean loading effect. It allows for the variable effectiveness of different sizes of
gusts and for the load magnification effect caused by gusts in resonance with the
vibrating structure. C, is given in the Code by a series of formulas and graphs
that, although not difficult to use, are too complex to describe here. They can be
summarized briefly, however, as expressing the loading effect in terms of the in-
teraction between the wind speed spectrum and the fundamental mode dynamic
response of the structure, which involves the natural frequency and damping of
the structure, using a transfer or admittance function.

Coefficient C;, is the extemnal pressure coefficient averaged over the area of the
surface considered. Its value is influenced by the shape of the building. the wind
direction, and the profile of the wind velocity, and is usually determined from the
wind tunnel experiments on small-scale models.

Details of the method are given in the Narional Building Code of Canada and
in its Supplement [3.7, 3.8]. A similar method by Simiu [3.6] is claimed to give
conservative wind loads, but of a significantly lower magnitude than those from
the NBCC method. Obviously scope exists for further verification and, possibly,
simplification of the dynamic load calculation methods.
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3.3 EARTHQUAKE LOADING

Eanthquake loading consists of the inertial forces of the building mass that result
from the shaking of its foundation by a seismic disturbance. Eanhquake resistant
design concentrates panicularly on the translational inertia forces. whose effects
on a building are more significant than the venical or rotational shaking compo-
nents,

Other severe earthquake forces may exist, such as those due 1o landsliding,
subsidence, active faulting below the foundation, or liquefaction of the local
subgrade as a result of vibration. These disturbances, however, which are local
effects, can be so massive as to defy any economic earthquake-resistant design,
and their possibility may suggest instead the selection of an altemative site.

Where carthquakes occur, their intensity is related inversely to their frequency
of occurrence: severe earthquakes are rare, moderate ones occur more often, and
minor ones are relatively frequent. Although it might be possible to design a build-
ing to resist the most severe carthquake without significant damage. the unlikely
need for such strength in the lifetime of the building would not justify the high
additional cost. Consequently, the general philosophy of earthquake-resistant de-
sign for buildings is based on the principles that they should

1. resist minor earthquakes without damage:

2. resist moderate carthquakes without structural damage but accepting the
probability of nonstructural damage:

3. resist average carthquakes with the probability of structural as well as non-
structural damage. bur without collapse.

Some adjustments are made to the above principles to recognize that certain
buildings with a vital function to perform in the event of an eanthquake should be
stronger.

The magnimde of earthquake loading is a result of the dynamic response of the
building to the shaking of the ground. To estimate the seismic loading two general
approaches are used, which take into account the properties of the structure and
the past record of eanthquakes in the region.

The first approach, termed the equivalent lateral force procedure, uses a simple
estimate of the structure’s fundamental period and the anticipated maximum ground
acceleration, or velocity, together with other relevant factors, to determine a max-
imum base shear. Horizontal loading equivalent to this shear is then distributed in
some prescribed manner throughout the height of the building to allow a static
analysis of the structure. The design forces used in this equivalent static analysis
are less than the actual forces imposed on the building by the corresponding earth-
quake. The justification for using lower design forces includes the potential for
greater strength of the structure provided by the working stress levels, the damping
provided by the building components, and the reduction in force due to the effec-
tive ductility of the structure as members vield bevond their elastic limits. The



method is simple and rapid and is recommended for unexceptionally high buildings
with uncxceptional structural arrangements. 1t is also useful for the preliminary
design of higher buildings and for those of & more unusual structural arrangement,
which may subsequently be analyzed for seismic loading by a more appropriate
method.

The second, more refined. procedure is a modal analysis in which the modal
frequencies of the structure are analyzed and then used in conjunction with earth-
quake design spectra to estimate the maximum modal responses, These are then
combined to find the maximum values of the responses. The procedure is more
complex and longer than the equivalent lateral force procedure, but it is more
accurate as well as being able 1o account approximately for the nonlinear behavior
of the structure.

The two procedures are now discussed in more detail.

3.3.1 Equivalent Lateral Force Procedure

In the United States there are various code methods with similarities in some re-
spects but having fundamental philosophical differences in the ways they express
the seismicity of a region and the effect of the type of structural system: for ex-
ample, the BOCA Basic Building Code [3.9]. the National Building Code [3.10),
the Srandard Building Code [3.11], and the Uniform Building Code [3.2]. The
equivalent lateral force method in the Uniform Building Code (UBC). which is
used in the western United States and in many other locations will be discussed
here. It is based on the 1988 eanthquake code of the Structural Engineers Associ-
ation of California [3.12].

Determination of the Minimum Base Shear Force. The UBC states that
the structure shall be designed to resist a minimum total lateral seismic load V.
which shall be assumed to act nonconcurrently in orthogonal directions parallel to
the main axes of the structure, where V is calculated from the formula

Zic
V—R—ww (3.3)
in which
o
C= # (3.4)
T.-J

The design base shear equation (3.3) provides the level of the seismic design
loading for a given structural system, assuming that the structure will undergo
inglastic deformation during a major earthquake. The coefficients in Eq. (3.2) take
into account the effects of the seismicity of the area, the dead load. the structural
type and its ability to dissipate energy without collapse. the response of the struc-
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ture, the interaction of the structure with the ground, and the imponance of the
structure,

The zone coefficient Z corresponds numerically to the effective peak ground
acceleration (EPA) of a region, and is defined for the United States by a map that
ts divided into regions representing five levels of ground motion [3.2]. As an EPA
vilue, it is used to scale the spectral shape given by the coeflicient €, Eq. (3.4),
s0 that the product of the coefficients Z and C represents an acceleration response
spectrum envelope having a 10% probability of being exceeded in 50 years.

The imponance factor / is concerned with the numbers of people in the building
whose safety is directly at risk, and whether the building has an immediate posi-
carthquake role in the safety and recovery of the community.

The coefficient C represents the response of the particular structure to the earth-
quake acceleration spectrum. The curve given by Eq. (3.4) is a simplified multi-
mode acceleration respanse spectrum normalized 1o an effective peak ground ac-
celeration of | basis. It is a function of the fundamental period of the structure T,
and a site coefficient S, which is included 10 adjust the shape of the appropriate
frequency response content of the site soil conditions. The UBC has categorized
the broad range of soil characteristics into four types, and a site coefficient has
been assigned 1o each of these depending on the soil type and depth. A maximum
limit on C = 2.73 for any structure and soil site condition is given to provide a
simple seismic load evaluation for design projects where it is not practical to eval-
uate the site soil conditions and the structure period, In addition. to assure that &
minimum base shear of 3% of the building weight is used in Seismic Zone 4, with
proportional values in the lower zones, a lower limit of C/Ry = 0.075 is pre-
scribed.

The structural system factor Ry, is a measure of the ability of the structural
system to sustain cyclic inelastic deformations without collapse. It is in the de-
nominator of the design base shear equation (3.3) so that design loads decrease for
systems with large inelastic deformation capabilities. The magnitude of R, de-
pends on the ductility of the type and material of the structure, the possibility af
failure of the vertical load system, the degree of redundancy of the system that
would allow some localized failures without overzil failure, and the ability of the
secondary system, in the case of dual systems, to stabilize the building when the
primary system suffers significant damage.

The factor W is normally the total dead load of the building.

The value of V from Eq. (3.3) gives the magnitude of the total base shear that
must be distributed over the height of the structure for the equivalent static anal-
¥5is.

Distribution of Total Base Shear. Having determined a value for the total
base shear it is necessary, in order to proceed with the analysis, o allocate the
base shear as effective horizontal loads at the various floor levels. In deciding on
an appropriate distribution for the horizontal load the following factors are consid-
ered.:
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I. The effective load at a floor level is equal to the product of the mass assigned
to that floor and the horizontal acceleration at that level,

2. The maximum acceleration at any level of the structure in the fundamental
mode is proportional to its honzontal displacement in that mode.

3. The fundamental mode for a regular structere, consisting of shear walls and
frames, is approximately linear from the base.

A reasonable distribution of the total base shear V throughout the height would
be in accordance with a linear acceleration distribution, as given by

W,

F.=V =5 (3.5)
b wi

where w; and w, are those portions of W assigned to levels i and x, respectively:
that is, the weight at or adjacent to levels i and x, and assigned to those levels for
the purpose of the analysis,

For structures whose weight is distributed uniformly over their height, the hor-
izontal load distribution resulting from Eq. (3.5) forms a triangle. with a maximum
value at the top. Such a distribution has been found to be appropriate for buildings
of relatively stocky propertions where only the fundamental mode is significant.
In more slender, longer period buildings. however, higher modes become signif-
icant, causing a greater proportion of the total horizontal inertia forces to act near
the top: the intensity of this effect is related 1o the period of the building. Conse-
quently, this is reflected in the UBC [3.2], and in other Codes, by applying a pan
of the total loading as a concentrated horizontal force F, at the top of the building.
The remainder of the total base shear is then distributed over the height of the
building as an inverted triangle.

Torsion in any story of the building is prescribed in the UBC [3.2], to be aken
as the product of the story shear and an cccentricity resulting from the addition of
a calculated eccentricity of the mass above, from the center of rigidity of the story,
and an accidental eccentricity of 3% of the plan dimension of the building perpen-
dicular 1o the direction of the force being considered. If torsional irregulanties
exist, the accidental eccentricity is to be increased by an amplification factor re-
lating the maximum story drift at one end of the structure to the average of the
story drifts of the two ends of the structure.

Explanatory material and related technical information useful to the designer in
the application of the design procedure for this equivalent static approach is pro-
vided in the tentative commentary of the 1988 earthquake code of the Structural
Engineers Association of California [3.12].

The Applied Technology Council (ATC) produced a report in 1978 with a sec-
ond printing in 1984, Tentative Provisions for the Development of Seismic Regu-
lations for Buildings, ATC 3-06 Amended |3.13]. for the consideration of building
authorities across the United States. Its recommendations indicate the likely de-

(RN T TR T AT

velopments in the equivalent lateral force procedures of the major Codes. Details
in the approach of the ATC 3-06 have been reviewed by Berg [3.14]. Many of the
ATC’s provisions have been used by SEAGC, and consequently the International
Conference of Building Officials, as well as the National Research Council of
Canada. as key resource documents to develop their new code editions. Recom-
mended Lateral Force Reguirements and Tentative Commentary [3.12], Uniform
Building Code [3.2], and Narional Building Code of Canada [3.7. 3.8]. respec-
tively,

3.3.2 Modal Analysis Procedure

The equivalent static load type of analysis 15 suitable for the majority of high-rise
structures. If, however, either the lateral load resisting elements or the vertical
distribution of mass are significantly irregular over the height of the building. as
in buildings with large floor-to-floor variations of internal configuration. or with
setbacks, an analysis that takes greater consideration of the dynamic characteristics
of the building must be made. Usually. in such cases. a modal analysis would be
appropriate.

A detailed explanation of the theory and procedure of modal analysis is given
in Chapter |7 and in other texts [3.15, 3.16]. Reviewing the method briefly. how-
ever, in a modal analysis a lumped mass model of the building with horizontal
degrees of freedom at each floor is analyzed to determine the modal shapes and
modal frequencies of vibration. The results are then used in conjunction with an
earthquake design response spectrum, and estimates of the modal damping. 1o
determine the probable maximum response of the structure from the combined
effect of its various modes of oscillation.

Buildings in which the mass at the floor levels is highly eccentric from the
corresponding centers of resistance will be subjected to torgue, causing the pos-
sibility of significant torsional vibrations and of coupling between the lateral and
torsional mode. The modal method can also be applied to the analysis of such a
building, by adding to the structural model a third, rotational, degree of freedom
at each floor level.

The modal method is applicable, in the strictest sense, only to linear elastic
systems. Consequently, the results for a building structure’s response are, at best,
only an approximale estimate, because of its typically being designed 1o suffer
significant inclastic deformations in only moderate earthquakes. More accurate
values of response may be obtained for some buildings by the modal analysis
method, using modified design response spectra for inelastic systems [3.16].

3.4 COMBINATIONS OF LOADING

Methods of accounting for load combinations and their effects on the design of
members vary according to the Code used and to the design philosophy. The com-
bination of dead and live loading with reductions in the live loading to allow for



the improbability of fully loaded tributary arcas, and considering patterned live
loading for the worst effects. have already been discussed.

The approaches 1o combinations of loading by two north American Codes. the
Uniform Building Code [3.2] and the National Building Code of Canada [3.7].
will be referred to as representative of many of the major building Codes.

3.4.1 Working Stress Design

The UBC and NBCC both assume that wind and earthquake loading need not be
taken to act simultaneously. The UBC considers the improbability of extreme grav-
ity and wind, or earthquake. loadings acting simultaneously by allowing for the
combination 2 one-third increase in the permissible working stresses. which is
equivalent 10 a 25% reduction in the sum of the gravity and wind. or earthquake.
loading.

The NBCC approach to allowing for the improbability of the loads acting simul-
taneously is to apply a reduction factor to the combined loads rather than to allow
an increase in the permissible stresses, with greater reductions for the greater num-
ber of load types combined.

3.4.2 Limit States Design

In limit states design, the adequacy of the building and its members is checked
against factored loads in order to satisfy the various safety and serviceability limit
states.

The UBC requires that the strength must be able to resist the actions resulting
from the combination of the individually factored dead and live loads, where the
load factors take into account the variability of the load and load patterns.

If & wind load or earthquake load is to be included, a reduction factor is applied
to the combination of the individually factored loads to allow for the improbability
of the maximum values of the wind or earthquake, and other live loads occurring
simultaneously,

In the NBCC, three factors are required to account for combinations of loading
in limit states design: a load factor, which accounts for the variability of the loads
as before: a load combination factor, which is applied 10 loads other than dead
loads and accounts for the improbability of their extreme values acting simulta-
neously: and an imponance factor, which allows a reduction where collapse is not
likely 1o have serious consequences.

In both the UBC and the NBCC the strength requirement is satisfied by ensuring
that the factored resistance of the members is not less than the corresponding ac-
tions caused by the factored loads.

3.4.3 Plastic Design

In buildings in which plastic design is used for parts or the whole of the steel
framed structure, available methods of analysis are based on proportional systems

of loading., that is load combinations in which increasing loads maintain their rel-
ative magnitudes. Consequently, all the loads within a combination are given the
same load factor.

SUMMARY

Loading on high-rise buildings differs from loading on low-rise buildings mainly
in its accumulation over the height to cause very large gravity and lateral load
lorees within the structure. In buildings that are exceptionally slender or flexible,
the building dynamics can also become important in influencing the effective load-
ing.

Gravity loading consists of dead loading. which can be predicted reasonably
accurately. and live loading, whose magnitudes are estimates based on experience
and field surveys. and which are predictable with much less accuracy, The prob-
ability of not all parts of a floor supported by a beam, and of not all floors sup-
ported by a column. being subjected to the full live loading simultaneously, is
provided for by reductions in the beam loading and in the column loading, re-
spectively. in accordance with various formulas. It is sometimes necessary 1o con-
sider also the effects of construction loads.

Wind loading becomes significant for buildings over about 10 stories high. and
progressively more so with increasing height. For buildings that are not very tall
or slender, the wind loading may be estimated by a static method. Modem static
methods of determining a design wind loading account for the region of the country
where the building is 1o be located, the exposure of the particular location, the
effects of gusting, and the imponance of the building in a postwindstorm situation.

For exceptionally tall. slender, or flexible buildings, it is recommended that a
wind tunne! test on a model is made to estimate the wind loading. Boundary layer
wind tunnels, which simulate the variation of wind speed with height, and the
gusting are used for this purpose.

For buildings that do not quite fall into the category that demands a wind tunnel
test. or for those that are in that category but whose budget does not allow such
test, dynamic methods of calculating the wind load have been developed.

Earthquake loading is a result of the dynamic response of the building to the
shaking of the ground. Estimates of the loading account for the properties of the
structure and the record of earthquakes in the region. For unexceptionally high
buildings with unexceptional structural arrangements an equivalent lateral force
method is recommended. In this, the loading is estimated on the basis of a simple
approximation for the structure’s fundamental period. its dead load, the anticipated
ground acceleration or velecity, and other factors relating 1o the soil site condi-
tions. structure type and the importance of its use. The method gives the value of
the maximum horizontal base shear, which is then distributed as an equivalent
lateral load over the height of the building so that a static analysis can be per-
formed.



IF the building is exceptionally 1all, or irregular in its structure or its mass dis-
tribution. a modal analysis procedure is recommended for estimating the earth-
quake loading. The modal shapes and frequencies of vibration are analyzed: these
are used in conjunction with an earthquake design response spectrum and estimates
of the modal damping to determine the probable maximum responses. The modal
method can also allow for the simultaneous torsional oscillation of the building.

Methods of combining types of loading vary acconding to the design method
and the Code of Practice concemed. Although dead load is considered o act in
full all the time. live loads do not necessarily do so. The probability of the full
gravity live loading acting with either the full wind, carthquake, or temperature
loading is low. and of all of them acting together is even lower. This is reflected
in the Codes by applying a greater reduction factor to those combinations incor-
porating more different types of loading, Wind and earthquakes are assumed never
to act simultaneously,

REFERENCES

3.1 Tall Building Criteria and Loading, Monograph on Planning and Design of Tail
Buildings, Vol. CL, ASCE, New York. 1080,

3.2 Uniform Building Code, 1988, Intemational Conference of Building Officials, Whit-
tier, Califomnia,

3.3 Cook, N. J. The Designer's Guide 10 Wind Loading of Building Strucrures, Part |,
Building Research Establishment Repon. Butterworths, London. 1985,

3.4 Simiu, E. and Scanlan, R H. Wind Effects on Structures, 2nd ed,, Wiley Intersci-
ence, New York, 1986,

3.5 Davenpon, A. G. “Gust loading factors,” J. Struct, Div., Proc. A.5.C.E. 93, June
1967, 12-34.

3.6 Simiu, E. “Equivalent static wind loads for 1all building design,"" J. Srruct. Div.,
Froc. A.5.C.E. 102, April 1976, 719-737.

3.7 Narional Building Code of Canada, 1990, National Research Council of Canada.
Ottawa, Canada.

3.8 Supplement to the National Building Code of Canada, 1990. National Research
Council of Canada. Ottawa. Canada,

3.9 The BOCA Basic Building Code— 1990, Building Officials and Code Administrators
International. Homewood, Illinois.

3.10 The National Building Code— 1976, American Insurance Association, New York,

311 Swandard Building Code, 1988 Edition, Southemn Building Code Congress Interma-
tional, Birmingham. Alabama.

312 Recommended Lareral Force Requirements and Commeniary, Seismology Commit-
tee. Structural Engineers Association of California, 1988.

313 Tenvative Pravisions for the Development of Seismic Regulations for Buildings, ATC
3-06 Amended. Applied Technology Council. National Bureaw of Standards. Wash-
ington, D.C,, 1984,

04 Berg. G. V. Seismic Design Codes and Procedures, Eanhguake Engineering Re-
search Instnute, Berkeley. California, 1982,

315 Clough, B. W and Penzien, J. Dymamics of Steuetures, MeGraw-Hill, New York,
1975,

J16 Newmark, N. M. and Hall. W. 1. Earthguake Spectra and Design, Eanthquake En-
gineenng Research Institute. Berkeley. California, 1982,



EN CHAPTER 4

Structural Form

From the structural engineer’s point of view. the determination of the structural
form of a high-rise building would ideally involve only the selection and arrange-
ment of the major structural elements 1o resist most efficiently the various com-
binations of gravity and horizomtal loading. In reality, however, the choice of
structural form is usually strongly influenced by other than structural considera-
tions. The range of factors that has to be taken into account in deciding the struc-
tural form includes the internal planning. the material and method of canstruction.
the external architectural treatment. the planned location and routing of the service
systems. the nature and magnitude of the horizomal loading, and the height and
proponions of the building. The taller and more slender a building, the more im-
poriant the structural factors become. and the more necessary it is to choose an
approprate structural form.

In high-rise buildings designed for a similar purpose and of the same material
and height, the efficiency of the structures can be compared roughly by their weight
per unit floor area. In these terms, the weight of the floor framing is influenced
mainly by the floor span and is virtually independent of the building height, while
the weight of the columns. considering gravity load only, is approximately pro-
portional to the height (Fig. 4.1). Buildings of up to 10 stories designed for gravity
loading can usually accommodate wind loading without any increase in member
sizes, because of the typically allowed increase in permissible stresses in Design
Codes for the combined loading. For buildings of more than 10 stories, however,
the additional material required for wind resistance increases nonlinearly with
height so that for buildings of 50 stories and more the selection of an appropriate
structural form may be critical for the economy, and indeed the viability, of the
building.

A major consideration affecting the structural form is the function of the build-
ing. Modem office buildings call for large open floor spaces that can be subdivided
with lightweight partitioning to suit the individual tenant’s needs. Consequently,
the structure’s main vertical components are generally arranged, as far as possible,
around the perimeter of the plan and, internally, in groups around the elevator,
stair, and service shafis (Fig. 4.2). The floors span the areas between the exterior
and interior components, leaving large column-free areas available for office plan-
ning. The services are distributed horizontally in each story above the pantitioning
and are usually concealed in a ceiling space. The extra depth required by this space
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causes the typical story height in an office building 10 be 11 fi-6 in. (3.5 m) or
more.

In a residential building or hotel. accommodation is subdivided permanently
and usvally repetitively from floor 1o floor. Therefore. continuously venical col-
umns and walls can be distributed over the plan to form, or fit within, the pamni-
tioning {Fig. 4.3). The services can then be run vertically. adjacent to the walls
and columns or in separate shafis, to emerge in each story either very close 1o
where required, or to be distributed horizontally from there to where required.
along the commidor ceiling spaces. With the exception of the comidors, therefore, a
ceiling space is not required, and the soffit of the slab can serve as the ceiling.
This allows the story heights in a typical residential building or hotel 10 be kepl
down to approximately 8 fi-B in. (2.7 m). A 40-story residential building is, there-
fore, generally of significantly less height than a 40-story office building.

In addition to satisfying the previously mentioned nonstructural requirements,
the principal objectives in choosing a building’s structural form are to armange 1o
support the gravity, dead and live. loading, and o resist at all levels the external
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IS CHAPTER 4

Structural Form

From the structural engineer’s point of view. the determination of the structural
form of a high-rise building would ideally involve only the selection and arrange-
ment of the major structural elements o resist most efficiently the various com-
binations of gravity and horizontal loading. In reality. however, the choice of
structural form is usually strongly influenced by other than structural considera-
tions. The range of factors that has to be taken into account in deciding the struc-
tural form includes the internal planning. the material and method of construction.
the external architectural treatment, the planned location and routing of the service
systems, the nature and magnitude of the honzontal loading. and the height and
proportions of the building. The taller and more slender a building, the more im-
portant the structural factors become, and the more necessary it is to choose an
appropriate structural form.

In high-rise buildings designed for a similar purpose and of the same material
and height, the efficiency of the structures can be compared roughly by their weight
per unit Aoor area. In these terms, the weight of the Apor framing is influenced
mainly by the floor span and is virtually independent of the building height, while
the weight of the columns, considering gravity load only. is approximately pro-
portional to the height (Fig. 4.1). Buildings of up to 10 stories designed for gravity
loading can usually accommodate wind loading without any increase in member
sizes, because of the typically allowed increase in permissible siresses in Design
Codes for the combined loading. For buildings of more than 10 stories, however,
the additional material required for wind resistance increases nonlinearly with
height so that for buildings of 50 stories and more the selection of an appropriate
structural form may be critical for the economy, and indeed the viability, of the
building.

A major consideration affecting the structural form is the function of the build-
ing. Modem office buildings call for large open Aoor spaces that can be subdivided
with lightweight pamitioning to suit the individual tenant’s needs. Consequently,
the structure's main verical components are generally arranged, as far as possible,
around the perimeter of the plan and, internally, in groups around the clevator,
stair, and service shafts (Fig. 4.2). The floors span the areas between the exterior
and inerior components, leaving large column-free areas available for office plan-
ning. The services are distributed horizontally in each story above the panitioning
and are usually concealed in a ceiling space. The extra depth required by this space
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causes the typical story height in an office building to be 11 f1-6 in. (3.5 m) or
more.

In a residential building or hotel, accommodation is subdivided permanently
and usually repetitively from floor to floor. Therefore, continuously vertical col-
umns and walls can be distributed over the plan 1o form, or fit within. the parti-
tioning (Fig. 4.3). The services can then be run vertically, adjacent to the walls
and columns or in separate shafts, 1o emerge in each story either very close 1o
where required. or to be distributed horizontally from there to where required.
along the corridor ceiling spaces. With the exception of the corridors. therefore, &
ceiling space is not required, and the soffit of the slab can serve as the ceiling.
This allows the story heights in a typical residential building or hotel to be kept
down to approximately 8 fi-8 in. (2.7 m). A 40-story residential building is. there-
fore, generally of significantly less height than a 40-story office building.

In addition to satisfying the previously mentioned nonstructural requirements,
the principal objectives in choosing a building’s structural form are to amange 1o
support the gravity, dead and live, loading, and to resist at all levels the external
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Fig. 4.3 Plan of residential block.

horizontal load shear. moment. and torque with adequate strength and stiffness.
These requirements should be achieved, of course, as economically as possible.

With regard 10 horizontal loading. a high-rise building is essentially a vertical
cantilever. This may comprise one or more individually acting vertical cantilevers,
such as shear walls or cores, each bending about its own axis and acting in unison
only through the horizontal in-plane rigidity of the floor slabs. Alternatively, the
cantilever may comprise a number of columns or walls that are mobilized to act
compositely, to some degree, as the chords of a single massive cantilever, by
vertically shear-resistant connections such as bracing or beams. The lateral stiff-
ness and strength of both of these basic cantilever systems may be further enhanced
if the major vertical elements have different free deflection characteristics, in which
case they will imeract honzontally through the connecting slabs and beams.

Within the constraints of the selected structural form. advantage may be taken
of locating the main vertical members on plan so that the dead load compressive
stresses suppress the lateral load tensile stresses, thereby avoiding the possibility
of net tension occurring in the vertical members and uplift on the foundations.
Particular emphasis is placed in some types of structural form on routing the grav-
ity load to the outer vertical members to achieve this purpose.

Steel framing has played a pioneering role in the history of tall buildings. It is
appropriate for all heights of structure and, because of its high sirength-to-weight
ratio, it has always been the material of construction for the tallest buildings. It
allows the possibility of longer floor spans, and of partial prefabrication, leading
to reduced site work and more rapid erection. [ts disadvantages, however. include
needing fire and rust protection, being expensive to clad, and requiring costly di-
agonal bracing or rigid-frame connections.

After the earlier use of steel through the first half of the century, in the form of
braced construction, it has evolved in its structural forms somewhat in parallel
with reinforced concrete to include rigid-frame, shear wall, wall-frame, tbe and
braced-tube, and outrigger types of amangements, as well as in forms more par-
ticular 1o steel such as the suspended structure and the highly efficient massive
space frame,

S 4.1 STRUCTURAL FoRWm 3T

Reinforced concrete tall buildings were introduced approximately two decades
after the first steel tll buildings. Understandably, the earlier concrete building
structures were influenced in form by the skeletal, column and girder drrangements
ol their steel counterpants, but they differed in depending on the inherent rigid-
frame action of concrete construction 1o resist horizontal loading. Subsequently,
the flat plate and fat slab forms were introduced and these, with the moment-
resistant frame. continued as the main repertoire of reinforced concrete high-rise
structural form uniil the late 1940s.

A major step forward in reinforced concrete high-rise structural form came with
the introduction of shear walls for resisting horizontal loading. This was the first
in a series of significant developments in the structural forms of concrete high-rise
buildings. freeing them from the previous 20- to 25-story height limitations of the
ngid-frame and flat plate systems. The innovation and refinement of these new
forms. together with the development of higher strength concretes. has allowed
the height of concrete buildings 1o reach within striking distance of 100 stories.

Of the following structural forms, some are more appropriate to steel and others
to reinforced concrete; many are suitable for cither material, while a few allow or
demand a combination of materials in the same structure. They are described in a
moughly historical sequence.

The structural form of tall buildings, as discussed so far, has concemed mainly
the arrangement of the primary vertical components and their interconnections.
This 1opic would not be complete, however, without including consideration of
fioor systems, because some of them play an integral part with the verical com-
ponents in resisting the lateral, as well as the gravity, loading. The last pant of the
chapter is devoted, therefore, to a brief review of the floor systems used in tall
buildings. Many of these are commonly used also in low-rise buildings but are
included here for completeness.

4.1 STRUCTURAL FORM

4.1.1 Braced-Frame Structures

In braced frames the lateral resistance of the structure is provided by diagonal
members that. together with the girders, form the ““web'" of the vertical truss,
with the columns acting as the ‘‘chords’” (Fig. 4.4). Because the horizontal shear
on the building is resisted by the horizontal components of the axial tensile or
compressive actions in the web members, bracing systems are highly efficient in
resisting lateral loads.

Bracing is generally regarded as an exclusively steel system because the diag-
onals are inevitably subjected to tension for one or the other directions of laterl
loading. Concrete bracing of the double diagonal form is sometimes used, how-
ever, with each diagonal designed as a compression member to carry the full ex-
termal shear.

The efficiency of bracing, in being able to produce a laterally very stiff structure
for & minimum of additional material, makes it an economical structural form for
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any height of building, up 1o the very tallest. An additional advantage of fully
tnangulated bracing is that the girders usually participate only minimally in the
lateral bracing action: consequently, the floor framing design is independent of its
level in the structure and, therefore, can be repetitive up the hei ght of the building
with obvious economy in design and fabrication. A major disadva ntage of diagonal
bracing is that it obstructs the intemal planning and the location of windows and
doors. For this reason, braced bents are usually incorporated internally along wall
and partition lines. and especially around elevator, stair, and service shafts. An-
other drawback is that the diagonal connections are expensive to fabricate and
erect,

The traditional use of bracing has been in story-height. bay-width modules (Fi 2.
4.4) that are fully concealed in the finished building. More recently, however,
external larger scale bracing, extending over many stories and bays (Fig. 4.5). has
been used to produce not only highly efficient structures, but aesthetically attrac-
tive buildings.

Bracing and its modes of behavior are described in more detail in Chapter 6.

4.1.2 Rigid-Frame Structures

Rigid-frame structures consist of columns and girders joined by moment-resistant
connections. The lateral stiffness of a rigid-frame bent depends on the bending
stifiness of the columns, girders. and connections in the plane of the bent ( Fig.
4.6}. The rigid frame’s principal advantage is its open rectangular arrangement,
which allows freedom of planning and easy fitting of doors and windows. If used
as the only source of lateral resistance in a building. in its tvpical 20 fi (6 m)-30
ft {9 m} bay size, nigid framing is economic only for buildings up 10 abow 25
stories, Above 25 stones the relatively high lateral flexibility of the frame calls for
uneconomically large members in order to control the drifi.
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Rigid-frame construction is ideally suited for reinforced concrete buildings be-
cause of the inherent rigidity of reinforced concrete joints. The rigid-frame form
is also used for steel frame buildings, but moment-resistant connections in steel
tend to be costly. The sizes of the columns and girders at any level of a rigid frame
are directly influenced by the magnitude of the external shear at that level, and
they therefore increase toward the base. Consequently, the design of the floor
framing cannot be repetitive as it is in some braced frames. A further result is that
sometimes it is not possible in the lowest stories 10 accommodate the required
depth of girder within the normal ceiling space.
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Fig. 4.6 Rigid frame.



Gravity loading also is resisted by the rigid-frame action, Negative momenis
are induced in the girders adjacent to the columns causing the mid-span positive
maments to be significantly less than in a simply supporied span. In structures in
which gravity loads dictate the design, economies in member sizes that anise from
this effect tend to be offset by the higher cost of the rigid joints.

While nigid frames of a typical scale that serve alone 1o resist lateral loading
have an economic height limit of about 25 stories, smaller scale rigid frames in
the form of a perimeter tube, or typically scaled rigid frames in combination with
shear walls or braced bents, can be economic up to much greater heights. These
structural forms are described later in this chapter. The detailed behavior of rigid
frames is discussed in Chapter 7.

4.1.3 Infilled-Frame Structures

In many countries infilled frames are the most usual form of construction for
tall buildings of up to 30 stories in height. Column and girder framing of reinforced
concrete, or sometimes steel, is infilled by panels of brickwork, bleckwork. or
casl-in-place concrete.

When an infilled frame is subjected to lateral loading. the infill behaves effec-
tively as a strut along its compression diagonal to brace the frame (Fig. 4.7).
Because the infills serve also as external walls or internal partitions, the system is
an economical way of stiffening and strengthening the structure.

The complex interactive behavior of the infill in the frame, and the rather ran-
dom quality of masonry, has made it difficult to predict with accuracy the stiffness
and strength of an infilled frame. Indeed, at the time of writing, no method of
analyzing infilled frames for their design has gained general acceptance. For these
reasons, and because of the fear of the unwitting removal of bracing infills at some
time in the life of the building, the use of the infills for bracing tall buildings has
mainly been supplementary to the rigid-frame action of concrete frames. An out-
line of a method for designing infilled frames is given in Chapter 8.

Diagonal strut
action of mfi]

Fig. 4.7 Infilled frame.

4.1.4 Flal-Plate and Flat-Slab Struciures

The flat-plate structure is the simplest and most logical of all structural forms in
that it consists of uniform slabs, of 5-8 in. (12-20 ¢m) thickness, connected rig-
idly to supporting columns (Fig. 4.27). The system, which is essentially of rein-
forced concrete, is very economical in having a flat soffit requiring the most un-
complicated formwork and, because the soffit can be used as the ceiling, in creating
a minimum possible floor depth.

Under lateral loading the behavior of a flat-plate structure is similar to that of
i rigid frame, that is. its lateral resistance depends on the fiexural stiffness of the
components and their connections, with the slabs corresponding to the girders of
the rigid frame. It is particularly appropriate for apartment and hotel construction
where ceiling spaces are not required and where the slab may serve directly as the
ceiling. The flat-plate structure is economical for spans of up to about 25 fi (8 m),
above which drop panels can be added to create a fat-slab structure (Fig, 4.28)
for spans of up to 38 fi (12 m).

Buildings that depend entirely for their lateral resistance on flat-plate or flat-
slab action are economical up to about 25 stories. Previously. however, when Code
requirements for wind design were less stringent, many flat-plate buildings were
constructed in excess of 40 stones, and are still performing satisfactorily.

4.1.5 Shear Wall Structures

Concrete or masonry continuous vertical walls may serve both architecturally as
partitions and structurally to carry gravity and lateral loading. Their very high in-
plane stffness and strength makes them ideally suited for bracing tall buildings.
In a shear wall structure, such walls are entirely responsible for the lateral load
resistance of the building. They act as vertical cantilevers in the form of separate
planar walls, and as nonplanar assemblies of connected walls around elevator,
stair, and service shafis (Fig. 4.8). Because they are much stiffer horizontally than
nigid frames, shear wall structures can be economical up 1o about 35 stories,

In contrast to rigid frames, the shear walls’ solid form tends to restrict planning
where open intemnal spaces are required. They are well suited, however, to hotels
and residential buildings where the floor-by-floor repetitive planning allows the
walls to be vertically continuous and where they serve simultaneously as excellent
acoustic and fire insulators between rooms and apariments.

If, in low- to medium-rise buildings, shear walls are combined with frames, it
is reasonable to assume that the shear walls attract all the lateral loading so that
the frame may be designed for only gravity loading. It is especially imponant in
shear wall structures to try to plan the wall layout so that the lateral load tensile
stresses are suppressed by the gravity load stresses. This allows them to be de-
signed to have only the minimum reinforcement. Shear wall structures have been
shown lo perform well in eanthquakes, for which case ductility becomes an im-
portant consideration in their design. The behavior and methods of analysis of
shear wall structures are discussed in detail in Chapter 9.
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Fig. 4.8 Shear wall structure.

Coupled Wall Structures. A coupled wall structure is a particular, but very
common, form of shear wall structure with its own special problems of analysis
and design. It consists of two or more shear walls in the same plane, or almost the
same plane, connected at the floor levels by beams or stiff slabs (Fig. 4.9). The
effect of the shear-resistani connecting members is to cause the set of walls o
behave in their plane partly as a composite cantilever, bending about the common
centroidal axis of the walls. This results in a horizontal stiffness very much greatar
than if the walls acted as a set of separate uncoupled cantilevers.

Coupled wails occur often in residential construction where lateral-load resist-
ant cross walls, which separate the apaniments, consist of in-plane coupled pairs,
or trios, of shear walls between which there are corridor or window openings.
Coupled shear walls are considered in detail in Chapter 10.

Although shear walls are obviously more appropriate for concrete construction,
they have occasionally been constructed of heavy sieel plate, in the style of mas-
sive vertical plate or box girders, as parts of steel frame structures. These have
been designed for locations of extremely heavy shear, such as at the base of ele-
vator shafts.

4.1.6 Wall-Frame Structures

When shear walls are combined with rigid frames (Fig. 4.10) the walls. which
tend to deflect in a Aexural configuration, and the frames, which tend to deflect in
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Fig. 4.9 Coupled shear wall structure,

Shear walls
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Fig. 4.10 Wall-frame structure.



a shear mode, are constrained to adopt a common deflected shape by the horizontal
nigidity of the girders and slabs. As a consequence. the walls and frames interact
horizomally, especially at the op, to produce a stiffer and stronger structure, The
interacting wall-frame combination is appropriate for buildings in the 40- 10
60-story range, well beyond that of rigid frames or shear walls alone.

An additional, less well known feature of the wall-frame structure is that, in a
carcfully ““tuned™ structure, the shear in the frame can be made approximately
uniform over the height. allowing the floor framing 1o be repetitive,

Although the wall-frame structure is usually perceived as a concrete structural
form. with shear walls and concrete frames, a steel counterpan using braced frames
and steel rigid frames offers similar benefits of horizomal interaction. The braced
frames behave with an overall flexural tendency to interact with the shear mode of
the rigid frames.

Detailed descriptions of the behavior and methods of analysis for wall-frame
structures are given in Chapier 11,

4.1.7 Framed-Tube Structures

The lateral resistance of framed-tube structures is provided by very stiff moment-
resisting frames that form a *‘tube’” around the perimeter of the building. The
frames consist of closely spaced columns, 6-12 ft (2-4 m ) between centers, joined
by deep spandrel girders (Fig. 4.11). Although the tube carries all the lateral load-
ing. the gravity loading is shared between the tube and interior columns or walls.
When lateral loading acts, the perimeter frames aligned in the direction of loading
act as the “'webs"" of the massive tbe cantilever, and those normal to the direction
of the loading act as the **flanges.”

The close spacing of the columns throughout the height of the structure is usu-
ally unacceptable at the entrance level. The columns are therefore merged, or ter-
minated on a transfer beam, a few stories above the base so that only a few, larger,
more widely spaced columns continue to the base. The tube form was developed
originally for buildings of rectangular plan, and probably its most efficient use is
in that shape. It is appropriate, however, for other plan shapes, and has occasion-
ally been used in circular and triangular configurations.

The twbe is suitable for both steel and reinforced concrete construction and has
been used for buildings ranging from 40 to more than 100 stories. The highly
repetitive pattern of the frames lends itself to prefabrication in steel, and 1o the use
of rapidly movable gang forms in concrete, which make for rapid construction,

The framed tube has been one of the most significant modern developments in
high-rise structural form. It offers a relatively efficient, easily constructed struc-
ture. appropriate for use up to the greatest of heights. Aesthetically, the wbe's
extemally evident form is regarded with mixed enthusiasm; some praise the logic
of the clearly expressed structure while others criticize the grid-like facade as small-
windowed and uninterestingly repetitious.

The tube structure’s structural efficiency, although high, still leaves scope for
improvement because the “*flange™” frames tend to suffer from *“shear lag™"; this
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Fig. 4.11 Framed-tube.

results in the mid-face “*flange’” columns being less stressed than the comer col-
umns and, therefore, not contributing as fully as they could to the flange action.

Tube-in-Tube or Hull-Core Structures. This variation of the framed tube
consists of an outer framed tube, the **hull,”” together with an internal elevator
and service core (Fig. 4.12). The hull and core act jointly in resisting both gravity
and lateral loading. In a steel structure the core may consist of braced frames,
whereas in a concrete structure it would consist of an assembly of shear walls,

To some extent, the outer framed tube and the inner core interact horizontally
as the shear and flexural components of a wall-frame structure, with the benefit of
increased lateral stiffness. However, the structural tube usually adopts a highly
dominant role because of its much greater structural depth.

Bundled-Tube Structures. This structural form is notable in its having been
used for the Sears Tower in Chicago—the world’s tallest building. The Sears Tower
consists of four parallel rigid steel frames in each orthogonal direction, intercon-
nected to form nine *‘bundled™” wbes (Fig. 4.13a). As in the single-tube structure,
the frames in the direction of laleral loading serve as “*webs’™ of the vertical can-
tilever, with the normal frames acting as “*flanges.”’
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Fig. 4.12 Tube-in-iube.

The introduction of the internal webs greatly reduces the shear lag in the flanges;
consequently their columns are more evenly stressed than in the single-tube struc-
ture. and their contribution to the lateral stiffness is greater. This allows columns
of the frames to be spaced further apart and 1o be less obtrusive. In the Sears
Tower, advantage was taken of the bundled form to discontinue some of the tubes,

and so reduce the plan of the building at stages up the height (Fig. 4.13b. ¢, and
d).

Braced-Tube Structures. Another way of improving the efficiency of the
framed tube, thereby increasing its potential for use 1o even greater heights as well
as allowing greater spacing between the columns, is to add diagonal bracing to the
faces of the tube. This arrangement was first used in a steel structure in 1969, in
Chicago’s John Hancock Building (Fig. 4.14), and in a reinforced concrete struc-
ture in 1985, in New York's 780 Third Avenue Building (Fig. 4.15). In the steel
tube the bracing traverses the faces of the rigid frames, whereas in the concrete
structure the bracing is formed by a diagonal pattem of concrete window-size
panels, poured integrally with the frame.

Because the diagonals of a braced tube are connected to the columns at each
intersection, they virtually eliminate the effects of shear lag in both the flange and

Stories
51-66
Staries 91=110

o~ Twn tubes omitted

(b}

{d)

o

r .

=T

Three additional
tubes omitted

Fig. 4.13 ja-d) Bundled-ube.

r &

(e}

|

{a)

+
+
4
|

R ——— -

tubes omibted T\

Two additional
Stories B7-90




7k

N

FEIEN NN EN

s
Fig. 4.14 Steel-braced tube.

/

A
%
25

1%5&;} ! t}t%fﬂﬁﬁ}!ﬁ%g%g?fﬁ i
R Y

%
5 b,
i

] wr, ﬂ‘g
o 0BS5S,

4

ST R TN

*
(=}
k=)

[

F— Window openings

omitted ko create
diagonal bracing
system

Fig. 4.15 Concrete-braced tube,

41 STAUCTURAL FORM 49

web frames. As a result, the structure behaves under lateral loading more like a
braced frame. with greatly diminished bending in the members of the frames, Con-
sequently, the spacing of the columns can be larger and the depth of the spandrels
less. thereby allowing larger size windows than in the conventional tube structure.

In the braced-tube structure the bracing contributes also to the improved per-
formance of the tube in carrving gravity loading: differences between gravity load
stresses in the columns are evened out by the braces transferring axial loading from
the more highly to the less highly stressed columns.

4.1.8 Outrigger-Braced Structures

This efficient structural form consists of a central core, comprising either braced
frames or shear walls, with horizontal cantilever “‘outrigger’” trusses or girders
connecting the core to the outer columns (Fig. 4.16a). When the structure is loaded
horizontally, vertical plane rotations of the core are restrained by the outriggers
through tension in the windward columns and compression in the leeward columns
(Fig. 4.16b). The effective structural depth of the building 15 greatly increased,
thus augmenting the lateral stiffness of the building and reducing the lateral de-
fAections and moments in the core. In effect, the outriggers join the columns to the
core 1o make the structure behave as a partly composite cantilever.

Perimeter columns, other than those connected directly to the ends of the outs
riggers. can also be made to participate in the outrigger action by joining all the
perimeter columns with a horizontal truss or girder around the face of the building
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Fig. 4.16 {a) Ourigger-braced structure; (b) outrigger-braced structure under load.
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al the outrigger level. The large. often two-story, depths of the outrigger and pe-
rimeter trusses make it desirable to locate them within the plant levels in the build-
ing.

The degree to which the perimeter columns of an outrigger structure behave
compositely with the core depends on the number of levels of outriggers and their
stiffnesses. Multilevel outrigger structures show a considerable increase in their
effective moment of resistance over single outrigger structures. This increase di-
minishes, however, with each additional level of outriggers. so that four or five
levels appears to be the economic limit. Outrigger-braced structures have been
used for buildings from 40 to 70 stories high. but the system should be effective
and efficient for much greater heights.

4.1.8 Suspended Structures

The suspended structure consists of a central core. or cores. with horzontal can-
tilevers at roof level. to which vertical hangers of steel cable. rod. or plate are
attached. The floor slabs are suspended from the hangers (Fig. 4.17a).

The advantages of this structural form are primarily architectural in that, except
for the presence of the central core, the ground story can be entirely free of major
vertical members, thereby allowing an open concourse: also, the hangers, because
they are in tension and consequently can be of high strength steel, have a minimum
sized section and are therefore less obtrusive. The potential of this latter benefit
tends to be offset, however, by the need to proof the hangers against fire and rust,
thereby significantly increasing their bulk. The suspended structure has some con-
struction advantages in allowing the core, cantilevers, and hangers to be con-
structed while the slabs are being poured on top of each other at ground level: the
slabs are then lified in sets and fixed in position (Fig, 4.17h).

The structural disadvantages of the suspended structure are that it is inefficient
in first transmitting the gravity loads upward to the roof-leve! cantilevers before
retumning them through the core to the ground, and that the structural width of the
building at the base is limited 10 the relatively nammow depth of the core, which
restricts the system to buildings of lesser height. A funther problem is caused by
the vertical extension of the slender hangers that, over the range from zero to full
live loading, can result in significant changes in the levels of the edges of the slabs.
This effect increases at each level down the length of the hanger and. consequently,
is worst at the lowest hung floor. The problem can be limited by restricting the
maximum number of floors supported by a single length of hanger to about 10,
and by having multilevel cantilever systems (Fig. 4.18). Similarly to outrigger
structures, and for the same reasons, the cantilevers are normally incorporated
within the plant levels.

Variations from the single-core hanging structure include two- and four-core
structures, in which vertical hangers are suspended from massive girders that span
between the cores, or in which hangers are draped, catenary fashion, between the
cores. The benefits of such multicore hanging structures include large open floor
spaces at all levels, and the possiblity of a column-free ground story.
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al the outrigger level. The large. often two-story, depths of the outrigger and pe-
rimeter trusses make it desirable to locate them within the plant levels in the build-
ing.

The degree to which the perimeter columns of an outrigger structure behave
compositely with the core depends on the number of levels of outriggers and their
stifinesses. Multilevel outrigger structures show a considerable increase in their
effective moment of resistance over single outrigger structures. This increase di-
minishes, however, with each additional level of outriggers. so that four or five
levels appears to be the economic limit. Qutrigger-braced structures have been
used for buildings from 40 to 70 stories high. but the system should be effective
and efficient for much greater heighis.

4.1.9 Suspended Structures

The suspended structure consists of a central core, or cares, with horizontal can-
tilevers at roof level, to which vertical hangers of steel cable. rod. or plate are
attached. The floor slabs are suspended from the hangers (Fig. 4.17a). '

The advantages of this structural form are primarily architectural in that. except
for the presence of the central core, the ground story can be entirely free of major.
vertical members. thereby allowing an open concourse: also. the hangers. because
they are in tension and consequently can be of high strength steel. have a mimmum
sized section and are therefore less obtrusive. The potential of this latter benefit
tends to be offser, however, by the need to proof the hangers against fire and rust,
thereby significantly increasing their bulk. The suspended structure has some con-
struction advantages in allowing the core, cantilevers, and hangers to be con-
structed while the slabs are being poured on top of each other at ground level; the
slabs are then lifted in sets and fixed in position (Fig. 4.17b).

The structural disadvantages of the suspended structure are that it is inefficient
in first transmitting the gravity loads upward to the roof-level cantilevers before
returning them through the core 1o the ground, and that the structural width of the
building at the base is limited 1o the relatively narrow depth of the core, which
restricts the system to buildings of lesser height. A further problem is caused by
the vertical extension of the slender hangers that, over the range from zero to full
live loading, can result in significant changes in the levels of the edges of the slabs.
This effect increases at each level down the length of the hanger and. consequently,
is worst at the lowest hung floor. The problem can be limited by restricting the
maximum number of floors supported by a single length of hanger 1o about 10.
and by having mulilevel cantilever systems (Fig. 4.18). Similarly to outrigger
structures, and for the same reasons, the cantilevers are normally incorporated
within the plant levels.

Variations from the single-core hanging structure include two- and four-core
structures, in which ventical hangers are suspended from massive girders that span
between the cores, or in which hangers are draped, catenary fashion, between the
cores. The benefits of such multicore hanging structures include large open floor
spaces at all levels, and the possiblity of a column-free ground story.
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4.1.10 Core Structures

In li!we structures 4 single core serves 1o carry the entire gravity and horizontal
loading (Fig. 4.19). In some. the slabs are supported at each level by cantilevers
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from the core. In others, the slabs are supported between the core and perimeter
columns, which terminate either on major cantilevers at imtervals down the height,
or on a single massive cantilever a few stones above the ground.

Similarly to the suspended building, the merits of the system are mainly archi-
tectural, in providing a column-free perimeter at the ground level and at other
levels just below the cantilevers. The structural penalties are considerable, how-
ever, in having only the small effective structural depth of the core and, therefore,
being inefficient in resisting latera! loading. as well as in supporting the floor load-
ing by cantilevers—a highly inefficient structural companent,

4.1.11 Space Structures

The primary load-resisting sysiem of a space structure consisis essentiglly of o
three-dimensional triangulated frame—as distinct from an assembly of planar
bents—whose members serve dually in resisting both gravity and hornzontal load-
ing. The result is a highly efficient, relatively lightweight structure with a potential
for achieving the greatest heights. The 76-story Hong Kong Bank of China Build-
ing (Fig. 4.20) is a classic example of this structural form.

M~

Fig. 4.20 Space structure.
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Although simple in their overall concept, space structures are usually geomel-
rically complex, which calls for considerable structural ingenuity in transferring
both the gravity loading and the lateral loading from the floors 1o the main struc-
ture. One solution is to have an inner braced core. which serves to collect the
lateral loading, and the inner region gravity loading. from the slabs over a number
of multistory regions. At the bottom of each region. the lateral and gravity loads
are transferred out to the main joints of the space frame (Fig. 4.21).

Although the multidirectional inclined members of the space frame are struc-
turally awkward and costly to connect, as well as making the fenestration difficult,
the structural form is visually interesting and aesthetically very pleasing in its ap-
parent simplicity,

4.1.12 Hybrid Structures

Many of the previously described structural arrangements are particularly suitable
for prismatically shaped, tower or block, so-called **modem™ buildings, which
can be completely structured by a single identifiable system, for example, a wbe
or a wall-frame.

Partly as a reaction 10 an increasingly monotonous urban environment consist-
ing of regularly shaped and repetitive **modem* buildings. and partly because the
analysis and design of much more complex structures have become feasible, ar-
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chitects have responded with a new generation of **postmodem’” buildings that
are emphatically nonregular in shape, with large-scale cut-outs. flutings. facets,
and crowns that defy classification in their intricacy and variety.

Buildings of a nonprismatic shape are less amenable to a single form of structure
and, therefore, the engineer has to improvise in developing a satisfactory structural
solution. In such situations combinations of two or even more of the basic struc-
tural forms have often been used in the same building, either by direct combination
as, for example, in a superimposed tube and outnigger system (Fig. 4.22), orby
adopting different forms in different pants of the structure as. for example. in &
tube system on three faces of the building and a space frame on a faceted fournth
face (Fig. 4.23).

During the earlier period of the rapid development of structural form, that is
from the 1950s until the mid-1970s, the single form high-rise structure had the
advantage that it was usually possible to make an approximate but acceptable struc-
tural analysis either by hand or by the use of a small computer. Now. with the
ready availability of powerful computers and highly efficient structural analysis
programs. an engineer possessing a sound knowledge of structural form and be-
havior should be able to devise and analyze a structure to suit a building of almost
any conceivable irregulanity.

Core and outrigger
system

Framed-tube

Fig. 4.22 Hybrid struciure,
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Although simple in their overall concept, space structures are usually geomet-
rically complex, which calls for considerable structural ingenuity in transferring

both the gravity loading and the lateral loading from the floors to the main struc-

ture. One solution is to have an inner braced core, which serves to collect the
lateral loading, and the inner region gravity loading, from the slabs over a number
of multistory regions. Al the bottom of each region. the lateral and gravity loads
are transferred out to the main joints of the space frame (Fig. 4.21).

Although the multidirectional inclined members of the space frame are struc-
turally awkward and costly 1o connect, as well as making the fenestration difficult,
the structural form is visually interesting and aesthetically very pleasing in its ap-
parent simplicity.

4.1.12 Hybrid Structures

Many of the previously described structural arrangements are particularly suitable
for prismatically shaped, tower or block, so-called **modermn™ buildings. which
can be completely structured by a single identifiable system. for example. a whe
or a wall-frame.

Panly as a reaction to an increasingly monotonous urban environment consist-
ing of regularly shaped and repetitive **modem"* buildings. and partly because the
analysis and design of much more complex structures have become feasible. ar-
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chitects have responded with & new generation of **pestmodern’ buildings that
are emphatically nonregular in shape, with large-scale cut-owts, flutings. lacets.
and crowns that defy classification in their intricacy and variety.

Buildings of a nonprismatic shape are less amenable to a single form of structure
and, therefore, the engineer has to improvise in developing a satisfactory structural
solution. In such situations combinations of two or even more of the basic struc-
tural forms have often been used in the same building. either by direct combination
as, for example, in a superimposed tube and outrigger system (Fig. 4.22), or by
adopting different forms in different pans of the structure as. for example. in a
tube system on three faces of the building and a space frame on a faceted fourth
face (Fig. 4.23).

During the earlier peried of the rapid development of structural form, that is
from the 19505 untl the mid-1970s, the single form high-rise structure had the
advantage that it was usually possible to make an approximate but acceptable struc-
tural analysis either by hand or by the use of a small computer, Now, with the
ready availability of powerful computers and highly efficiemt structural analysis
programs, an engineer possessing a sound knowledge of structural form and be-
havior should be able to devise and analyze & structure to suit a building of almost
any conceivable irmegulanty.
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4.2 FLOOR SYSTEMS—REINFORCED CONCRETE

An appropriate floor system is an important factor in the overall economy of
the building. Some of the factors that influence the choice of floor system are
architectural. For example. in residential buildings. where smaller permanent di-
Tisims of the floor space are required. shorter fioor spans are possible: whercas.
in modern office buildings. that require more open. temporarily subdivisible fioer
spaces, longer span systems are necessary. Other factors affecting the choice of
floor system are related to its intended structural performance, such as whether it
is to participate in the lateral load-resisting system. and to its construction. for
example, whether there is urgency in the speed of erection.

Reinforced concrete floor systems are grouped into two categories: one-way. in
which the slab spans in one direction between supporting beams or walls, and two-
way. in which the slab spans in orthogonal directions. In both systems. advaniage
is taken of continuity over interior supports by providing negative moment rein-
forcement in the slab,
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Fig. 4.24 One-way slab,

4.2.1 One-Way Slabs on Beams or Walls

A solid slab of up to 8 in. (0.2 m} thick. spanning continuously over walls or
beams up to 24 ft (7.4 m) apant (Fig. 4.24), provides a floor system requiring
simple formwork. possibly Aving formwork, with simple reinforcement, The sys-
tem is heavy and inefficient in its use of both concrete and reinforcement. It is
appropriate for use in cross-wall and cross-frame residential high-rise construction
and. when constructed in a number of uninterrupted continuous spans. lends fself
10 préstressing.

4.2.2 One-Way Pan Joists and Beams

A thin, mesh-reinforced slab sits on closely spaced cast-in-place joists spanning
between major beams which transfer the load to the columns (Fig. 4.25). The slab
may be as thin as 2.5 in. (6 cm) while the joists are from 6 in. ( 15 cm) o 20 in.
{51 cm) in depth and spaced from 20 1o 30 in. (76 cm) centers. The compositely
acting slab and joists form in effect a set of closely spaced T-beams, capable of
large, up to 40 ft (12.3 m). spans. The joists are formed between reusable pans
that are positioned to set the regular width of the joist. as well as any special
widths,

4.2.3 One-Way Slab on Beams and Girders

A one-way slab spans between beams at a relatively close spacing while the beams
are supported by girders that transfer the load to the columns (Fig. 4.26). The

Fig. 4.25 One-way pan joists.



Fig. 4.26 One-way slab on beams and ginders.

shont spanning slab may be thin. from 3 10 6 in. (7.6-15 cm) thick. while the
system is capable of providing long spans of up to 46 ft (14 m). The principal
merits of the system are its long span capability and its compatibility with a two-
way lateral load resisting ngid-frame structure,

4.2.4 Two-Way Flat Plate

A uniformly thick. two-way reinforced slab is supported directly by columns or
individual short walls (Fig. 4.27). It can span up 10 26 ft (8 m) in the ordinary
reinforced form and up 1o 36 fi (11 m) when posttensioned. Because of its sim-
plicity, it is the most economical floor system in terms of formwork and reinforce-
ment. Its uniform thickness allows considerable freedom in the location of the
supporting columns and walls and, with the possibility of using the clear soffit as
a ceiling. it results in minimum story height.

4.2.5 Two-Way Flat Slab

The flat slab differs from the flat plate in having capitals and/or drop panels at the
tops of the columns (Fig. 4.28). The capitals increase the shear capacity, while
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Fig. 4.27 Two-way flal plate.
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Fig. 4.28 Two-way flat slab.

the drop panels increase both the shear and negative moment capacities at the
suppons. where the maximum values occur. The flat slab is therefore more appro-
priate than the fAat plate for heavier loading and longer spans and, in similar situ-
ations, would require less concrete and reinforcement. It is most suitably used in
square. or near-lo-square, arrangements.

4.2.6 Waffle Flal Slabs

A slab is supponed by a square grid of closely spaced joists with filler panels over
the columns (Fig. 4.29). The slab and joists are poured integrally over square,
domed forms that are omitted around the columns to create the filler panels. The
forms. which are of sizes up 10 30 in. (76 m) square and up o 20 in, (50 cm)
deep. provide a geometrically interesting soffit. which is ofien left without further
finish as the ceiling.

4.2.7 Two-Way Slab and Beam

The slab spans two ways between orthogonal sets of beams that transfer the load
to the columns or walls (Fig. 4.30). The two-way system allows a thinner slab and
is economical in concrete and reinforcement. It is also compatible with a lateral
load-resisting rigid-frame structure. The maximum length-to-width ratio for a slab
to be effective in two directions is approximately 2.
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Fig- 4.29 Waffle flat slab,
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Fig. 4.30 Two-way slab and beam.

4.3 FLOOR SYSTEMS—STEEL FRAMING

The steel-framed floor system is characterized by a reinforced concrete slab sup-
ported on a steel framework consisting variously of joists, beams. and girders that
transfer the gravity loading to the columns. The slab companent is usually one-
way with either a cast-in-place solid reinforced concrete slab from 4 in. (10 cm)
to 7 in. (18 cm) thick, or a concrete on metal deck slab with & variety of possible
section shapes and a minimum slab thickness from 2.5 in. (6 cm) (Fig. 4.31). or
a slab of precast units laid on steel beams and covered by a thin conerete topping
(Fig. 4.32).

A major consideration in the weight and cost of a steel frame building is the
weight of the slab. A floor arrangement with shorter spanning. thinner slabs is
desirable. Longer span, closer spaced beams supporting a short-spanning slab is a
typical arrangement meeting these requirements. The following types of steel floor
framing are categorized according to the spanning arrangement of the supporting
steel framework.

4.3.1 One-Way Beam System

A rectangular grid of columns supponts sets of parallel longer span beams at a
relatively close spacing, with the slab spanning the shorier spans transversely 1o
the beams (Figs. 4.33). In cross-frame structures, the beams at partition lines may
be deepened 10 participate in lateral load resisting rigid frames or braced bents.

Fip. 4.31 Concrete on metal deck.
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Fig. 4.33 One-way beam system in steel,

4.3.2 Two-Way Beam System

In buildings in which columns are required to be farther apart in both directions,
a iwo-way frame system of girders and beams is often used. with the slab spanning
between the beams (Fig. 4.34). To minimize the total structural depth of the floor
frame, the heavily loaded girders are aligned with the shorer span and the rela-
tively lightly loaded secondary beams with the longer span.

Fig. 4.34 Two-way beam system in steel,



Fig. 4.35 Three-way beam system in steel,

4.3.3 Three-Way Beam System

In buildings in which the columns have to be very widely spaced to allow large
internal column-free areas, a three-way beam system may be necessary (Fig. 4.35).
A deep lattice girder may form the primary component with beams or open web
joists forming the secondary and tertiary systems. In each case the system is ar-
ranged to provide relatively shont spans for the supponed concrete slab.

4.3.4 Composite Steel-Concrete Floor Systems

The use of steel members 1o suppont a concrete floor slab offers the possibility of
compaosite construction in which the steel members are joined to the slab by shear
connectors so that the slab serves as a compression flange.

In one simple and constructionally convenient slab system. steel decking, which
is often used to act merely as rapidly erected permanent formwork for a bar-rein-
forced slab, serves also as the reinforcement for the concrete slab in a composite
role, using thicker wall sections with indentations or protrusions for shear connec-
tors (Fig. 4.36).

Fig. 4.36 Sieel decking composite slab,

Fig. 4.37 Composite frame sysicm.

Fig. 438 Composite frame and steel decking,

Slabs may also be designed to act compositely with the supporting beams by
the more usual forms of stud. angle, or channel shear connectors, so that the slab
alone spans the shont distance between the beams while the compositely acting
slab and beam provide the supponting system (Fig. 4.37). The further combination
of a concrete slab on metal decking with shear connectors welded through to the
supporting beam or truss is an efficient floor system (Fig. 4.38).

SUMMARY

The structural form of a high-rise building is influenced strongly by its function.
while having to satisfy the requirements of strength and serviceability under all
probable conditions of gravity and lateral loading. Other influential factors include
the building’s material of construction, its accommodation of services and. of
course, its overall economy. The taller a building., the more imporant it is eco-
nomically 1o select an appropriate structural form.

The basic structural forms of the first hall of the twentieth century were the
braced frame, which is unrestricted in height but limited o steel structures, and
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the ngid frame or the flat plate, which are economical to only about 25 stories in
height and appropriate particularly to concrete structures. These forms have now
been augmented by a variety of other forms that allow structures of greater effi-
ciency and height to be achieved in both steel and concrete. Advances have oc-
curred mainly in the use of shear walls, framed tubes, large-scale braced systems,

and space frames. and in better recognizing and accounting for the various types

of vertical and horizontal interaction between the major verical COMPOnNenIE,

The single structural forms used in the vertically prismatic “*modem’" high-rise
buildings of the 1950s. 1960s. and early 1970s have given way 1o some extent (o
hybrid. or mixed. forms in the less regularly shaped *postmodemn™ buildings of
the later 1970s and 1980s. In these mixed forms. combinations of two or more of
the single forms are used to fit the **postmodern’” buildings” irregular shapes or
cut-ouls.

Floors slabs are invariably of reinforced concrete. The most appropriate type
of floor framing system may depend on the material of construction of the building.
whether the building is for office use—requiring larger spans. or residential use—
allowing shoner spans. and whether the floor system is expected to panicipate in
the lateral load resistance of the building.

Reinforced concrete systems include one- or two-way spanning slabs on & sys-
tem of beams or beams and girders. Altematively, two-way spanning slabs or
waffle slabs with or without drop panels, and supported directly by columns. allow
the possibility of lesser floor depths and a nonuniform column grid,

Steel-framed floor systems consist of a slab, which may be of solid one-way
reinforced concrete, or of concrete on metal decking, or of precast concrete units.
supported by a one-, two- or three-way steel beam system.

Composite steel-concrete floor systems consist of a steel frame supporting either
a solid reinforced-concrete slab joined to the frame by shear connectors. or a con-
crete on steel decking slab with or without shear connectors joining it to the frame.

M CHAPTER 5

Modeling for Analysis

A building’s response to loading is governed by the components thal are stressed
as the building deflects. Ideally. for ease and accuracy of the structural analysis,
the panicipating components would include only the main structural elements: the
slabs, beams, girders, columns, walls, and cores. In reality, however, other, non-
structural, elements are stressed and contribute to the building’s behavior; these
include, for example, the staircases, pantitions, and cladding. To simplify the prob-
lem it is usual, in modeling & building for analysis, 10 include only the main struc-
tural members and to assume that the effects of the nonstructural components are
small and conservative.

To identify the main structural elements, it is necessary 1o recognize the dom-
inant modes of action of the proposed building structure and 1o assess the extent
of the various members’ contribution to them. Then, by neglecting consideration
of the nonstructural components, and the less essential structural components, the
problem of analyzing a tall building structure can be reduced 1o a more viable size,

For extremely large or complex building structures, it may be essential 10 re-
duce even funther the size of the analysis problem by representing some of the
structure’s assemblies by simpler analogous components. This chapter reviews the
more usual approaches to analysis, the most commonly made assumptions, and
the principles and techniques employed in forming a model for structural analysis.

5.1 APPROACHES TO ANALYSIS

The modeling of a tall building structure for analysis is dependent to some extent
on the approach to analysis, which is in turn related to the type and size of structure
and the stage of design for which the analysis is made. The usual approach is to
conduct approximate rapid analyses in the preliminary stages of design, and more
detailed and accurate analyses for the final design stages. A hybrid approach is
also possible in which a simplified model of the total structure is analyzed first.
after which the results are used to allow part by pan detailed analyses of the strue-
ture.

5.1.1 Preliminary Analyses

The purpose of preliminary analyses, that is analyses for the early stages of design,
may be to compare the performance of altemative proposals for the structure, or
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to determine the deflections and major member forces in o chosen structure so as
to allow it 10 be properly proportioned. The formation of the model and the pro-

cedure for a preliminary analysis should be rapid and should produce resulis that

are dependable approximations. The model and its analysis should therefore rep-
resent fairly well, if not absolutely accurately. the principal modes of action and
interaction of the major structural elements.

The simplifications adopted in making a preliminary analysis are often in the
formation of the structural model. Sometimes the approximation is large. as, for

example, when numerous hinges are inserted at assumed points of contraflexure
in the beams and columns of a rigid frame to convert it from a highly statically

indeterminate into a statically determinate system, thus allowing a simple solution

using the equilibrium equations. Or the approximation may be to assume a simple
cantilever to represent a complex bent. or that a bent is uniform throughout its.

height and that its beams are **smeared’” 1o allow a continuum solution. These are

just a few of the gross approximations that may be made in a structural model to

allow a relatively simple preliminary analysis to be achieved.

Alternative and sometimes additional simplifications adopted for the prelimi-
nary analysis concemn the loading. For example, it is common to make an as-
sumption for the distribution. between the individual bents, of the total external
loading on the building. and then 1o analyze each bent in tum for its assumed
loading. In structures with different types of bents, this is a highly uncertain ap-
proach. Or, if a continuum analysis is to be made, it will be assumed that the load
15 applied in some continuous distribution over the height of the structure rather
than as it really occurs, at discrete cladding connection levels.

Even with the gross approximations made in simplifying the structure and the
loading, it is generally expected that a preliminary analysis should give results for
deflections and main member forces that are dependably within about 15% of the
values from an accurate analysis,

5.1.2 Intermediate and Final Analysis

The requirement of intermediate and final analyses is that they should give, as
accurately as possible, results for deflections and member forces. The model
should, therefore, be as detailed as the analysis program and computer capacity
will allow for its analysis. All the major modes of action and interaction, and as
many as possible of the lesser modes, should be incorporated. Except where a
structure is symmetrical in plan and loading, the effects of the structure’s twisting
should be included.

The most complete approach to satisfying the above requirements would be a
three-dimensional stiffness matrix analysis of a fully detailed finite element model
of the structure. The columns, beams, and bracing members would be represented
by beam elements, while shear wall and core components would be represented
by assemblics of membrane elements.

Cerain reductions in the size or complexity of the model might be acceptable
while allowing it to still qualify in accuracy as a final analysis; for example, if the
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structure and loading are symmetrical, o three-dimensional analysis of a halfstrue-
wre model, or even a two-dimensional analysis of a fully interactive two-dimen-
sional model. would be acceptable. Or, if repetitive regions up the height of a
structure can be simplified by a lumping technique. this also would be acceptable.

In contrast to the reductions above, however, cenain final analyses may require
separate. more detailed analyses of particular parts, using the forces or applied
displacements from the main analysis, for example, in deep beams at transition
levels of the structure, or around irregularitics or holes in shear walls.

5.1.3 Hybrid Approach to Preliminary and Final Analyses

IT the three-dimensional analysis of a fully dewailed model of a structure presents
o0 formidable a task of bookkeeping or computation, an altemative might be 1o
use a hybnd, two-stage approach that would serve dually for the preliminary and
linal analyses.

When a structure consists of bents that are representable by simple equivalent
cantilevers, a three-dimensional model of the structure can be formed by an as-
sembly of the cantilevers that can be analyzed to find the approximate deflections
and bent loadings. Detailed, two-dimensional models of the individual bents sub-
jected to the determined loadings are then analyzed individually to find the member
forces and to allow the member sizes to be adjusted. This first cycle of the overall
three-dimensional and individual two-dimensional analyses would be considered
preliminary.

In the second cycle, the three-dimensional model, with the cantilevers modified
lo represent the adjusted bents, would then be analvzed to obiain the corrected
bent loadings. These bent loadings would then be used to reanalyze the two-di-
mensional bents to obtain the final member forces and structure deflections.

Using this two-stage procedure, a single large three-dimensional analysis of a
detailed model can be avoided, and replaced by a number of simpler analyses.

All approaches 1o analysis call for a sound understanding of high-rise structural
behavior and a knowledge of modeling techniques. The hybrid approach in partic-
ular requires special care in forming the three-dimensional cantilever model to
obtain reliable results. An understanding of high-rise behavior and modeling is
valuable not only for analysis, but also for deciding on and developing the struc-
tural forms of proposed tall buildings.

5.2 ASSUMPTIONS

An attempt 1o analyze a high-rise building and account accurately for all aspects
of behavior of all the components and matenials, even if their sizes and properties
were known, would be virtually impossible. Simplifying assumptions are neces-
sary to reduce the problem to a viable size,

Although a wide variety of assumptions is available. some more valid than
others, the ones adopted in forming a particular model will depend on the arrange-



ment of the structure. its anticipated mode of behavior, and the type of analysis,
The most common assumptions are as follows.

5.2.1 Materials

The material of the structure and the structural components are linearly elastic.
This assumption allows the superposition of actions and deflections and, hence,
the use of linear methods of analysis. The development of linear methods and their
solution by computer have made it possible to analyze large complex statically
indeterminate structures,

Although nonlinear methods of analysis have been and are siill being devel-
oped, their use at present for high-rise buildings is more for research than for the
design office.

5.2.2 Participating Components

Only the primary structural components participate in the overall behavior. The
effects of secondary structural components and nonstructural COMPONENTs are as-
sumed to be negligible and conservative. Although this assumption is generally
valid, exceptions occur, For example. the effects of heavy cladding may be not
negligible and may significantly stiffen a structure: similarly, masonry infills may
significantly change the behavior and increase the forces unconservatively in a
surrounding frame,

5.2.3 Floor Siabs

Floor slabs are assumed to be rigid in plane. This assumption causes the hori-
zontal plane displacements of all vertical elements at a fioor level to be definable
in terms of the horizontal plane rigid-body rotation and translations of the floor
slab. Thus the number of unknown displacements to be determined in the analysis
is greatly reduced.

Although valid for practical purpeses in most building structures, this assump-
tion may not be applicable in certain cases in which the slab plan is very long and
narrow, or it has a necked region, or it consists of precast units without a lopping.

5.2.4 Negligible Stiffnesses

Component stiffnesses of relatively small magnitude are assumed negligible.
These often include, for example, the transverse bending stiffness of slabs. the
minor-axis stiffness of shear walls, and the torsional stiffness of columns, beams,
and walls. The use of this assumption should be dependent on the role of the
component in the structure’s behavior. For example, the contribution of a slab’s
bending resistance to the lateral load resistance of a column-and-beam rigid-frame
structure is negligible, whereas its contribution to the lateral resistance of g flat
plate structure is vital and must not be neglected.
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5.2.5 Negligible Deformations

Deformations that are relatively small, and of linle influence, are ne-
glected. These include the shear and axial deformations of beams, the previously
discussed in-plane bending and shear deformations of floor slabs, and. in low- o
medium-rise structures, the axial deformations of columns.

5.2.6 Cracking

The effects of cracking in reinforced concrete members due to fMexural rensile
sfresses are assumed representable by a reduced moment of inertia. The Lross
inertias of beams are usually reduced to 50% of their uncracked values, while the
gross inertias of columns are reduced 1o 80% .

5.3 HIGH-RISE BEHAVIOR

A reasonably accurate assessment of a propased high-rise structure’s behavior is
necessary 1o form a properly representative model for analysis. A high-rise struc-
ture is essentially a vertical cantilever that is subjected 1o axial loading by gravity
and to transverse loading by wind or earthquake.

Gravity live loading acts on the slabs, which transfer it honizontally to the ver-
tical walls and columns through which it passes to the foundation. The magnitude
of axial loading in the vertical components is estimated from the slab tributary
areas, and its caleulation is not usually considered to be a difficult problem. Hor-
1zontal loading exerts at each level of a building a shear, a moment. and some-
times, a torque, which have maximum values at the base of the structure that
increase rapidly with the building's height. The response of a structure to horizon-
tal loading, in having to carry the external shear, moment. and wrque, is mone
complex than its first-order response to gravity loading. The recognition of the
structure’s behavior under horizontal loading and the formation of the cormespond-
ing model are usually the dominant problems of analysis. The principal criterion
of a satisfactory model is that under horizontal loading it should deflect similarly
io the prototype structure.

The resistance of the structure to the external moment is provided by flexure of
the vertical components, and by their axial action acting as the chords of a vertical
truss. The allocation of the external moment between the flexural and axial actions
of the vertical components depends on the vertical shearing stiffness of the **web'*
system connecting the ventical components, that is, the girders, slabs, vertical dia-
phragms, and bracing. The stiffer the shear connection. the larger the proportion
of the external moment that is earried by axial forces in the vertical members, and
the stiffer and more efficiently the structure behaves,

The described flexural and axial actions of the vertical components and the shear
action of the connecting members are interrelated , and their relative contributions
define the fundamental characteristics of the structure. It is necessary in forming
a model 1o assess the nature and degree of the venical shear stiffness berween the
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vertical components so that the resulting flexural and axially generated resisting
moments will be apportioned propery.

The horizontal shear at any level in a high-rise structure is resisted by shear in
the vertical members and by the horizontal component of the axial force in any
diagonal bracing at that level. If the model has been properly formed with respect
to its moment resistance, the external shear will automatically be properly appor-
tioned between the components.

Torsion on a building is resisted mainly by shear in the ventical components,
by the horizonial components of axial force in any diagonal bracing members. and
by the shear and warping torque resistance of elevator, stair. and service shafts. If
the individual bents, and venical components with assigned torque constants, are
correctly simulated and located in the model, and their horizontal shear connec-
tians are correctly modeled. their contribution 1o the torsional resistance of the
structure will be correctly represented also.

A structure’s resistance (o bending and torsion can be significantly influenced
also by the vertical shearing action between connected orthogonal bents or walls,
Itis imponant therefore that this is properly included in the model by ensuring the
vertical connections between onhogonal components.

The preceding discussion of a high-rise structure's behavior has emphasized the
importance of the role of the venical shear interaction between the main venical
components in developing the structure’s lateral load resistance. An additional
mode of interaction between the veniical components, a horizontal force inlerac-
tion. can also play a significant role in stiffening the structure, and this also should
be recognized when forming the model. Horizontal force interaction occurs when
a horizontally deflected system of venical components with dissimilar lateral de-
flection characteristics, for example, a wall and a frame, is connected horizontally.
In constraining the different vertical components 1o deflect similarly, the connect-
ing links or slabs are subjected to horizontal interactive forces that redistribute the
horizontal loading between the vertical components. For this reason. in a tall wall-
frame structure the wall tends (o restrain the frame near the base while the frame
restrains the wall near the top. Similarly, horizontal force interaction occurs when
a structure consisting of dissimilar ventical components twists. In constraining the
different venical components 1o displace about a center of rotation and to twist
identically at each level, the connecting slabs are subjected to horizontal forces
that redistribute the torque between the vertical components and increase the torgque
resistance of the structure,

Having assessed a proposed structure's dominant modes of behavior, the for-
mation of an appropriate model requires next a knowledge of the available mod-
eling elements and their methods of connection,

5.4 MODELING FOR APPROXIMATE ANALYSES

Approximate analyses are often made at the preliminary design stage 10 estimate
quickly a proposed structure s stiffness and hence its feasibility. They are also used
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1o estimate the allocation of external londing between the bents to allow for more
detailed individual bent analyses.

The requirements of simplicity and rapidity for a preliminary analysis usually
call for large approximations in forming the model, An approximate analysis may
be & numerical analysis of a very simplified, discrete member model or, for certain
types of structure, the analysis may consist of a closed solution to the characteristic
differential equation of an equivalent continuum structure. Some approximations
used in these two types of model are now described. The accuracy of an approx-
imate solution depends on how closely the approximations made in forming the
model represent the real structure.

5.4.1 Approximate Representation of Bents

Bents consisting of shear walls or of moment-resisting frames can be modeled
approximately provided that the flexural and shear characteristics of the original
assembly are reproduced in the model.

An axially concentric tall shear wall (Fig. 5.1a), consisting of relatively uni-
form regions, can be modeled by a column located on the centroidal axis of the
wall (Fig. 5.1b). The column segments are assigned to have the inenias and sheur
areas of the comesponding regions of the wall. If the centroidal axis of the wall is
not concentric, as in Fig. 5.2a, the analogous eolumns on the respective wall axes
should be connected by horizontal rigid arms (Fig. 5.2b). When using a column
to model a wall. the wall stresses are evaluated by applying the resulting column
moment and shear to the appropriate sectional properties of the wall. _

A multibay rigid frame (Fig. 5.3a) can be modeled very closely with regard o
its lateral behavior by a single-bay rigid frame (Fig. 5.3b). The criteria for equiv-
alence are that the racking shear rigidity { GA ) as defined by the column and beam
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Fig. 5.2 ia) Axiallv eccentric shear wall: (b) equivalent column.

flexural inemias. the sum of the column inerias. {, and the overall Aexural inentia,
l,, as defined by the column sectional areas, are at each level the same in the
equivalent single-bay frame as they are in the multibay frame. Thesc properties
and their equivalence are discussed in Chapter 7. Rigid-frame and braced-frame
bents (Figs. 5.3a and 5.4a) whether single or multibay, can be represented in a
very approximate way by single-column models (Fig. 5.4b). In these, the shear
area of the analogous column is assigned to provide the same shear rigidity GA as
the racking shear rigidity ( GA} of the bent. Formulas for evaluating the racking
shear rigidities ( GA ) for braced frames are given in Chapter 6. The flexural inertia
of the equivalent column is assigned to have the same value as the inertia of the
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Fig. 5.3 {a) Multibay rigid frame; (b) equivalent single-bay frame.
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Fig. 5.4 (a) Multibay braced frame: (b) equivalent column,

column areas about their common centroid in the braced or the rigid frame. In this
approximation, the single curvature flexure of the columns in the braced and rigid
frames, which usually has only a minor influence on the frames’” overall behavior,
is neglected in the column model,

If a shear wall has beams connecting to it in-plane. causing it to interact verti-
cally. as well as horizontally, with another shear wall or with other parts of the
structure (Fig. 5.5a) the wall can be represented by an analogous **wide column,**
This is a column placed at the wall's centroidal axis and assigned to have the wall's
inertia and axial area, and having rigid arms that join the column to the connecting
beams at each framing level (Fig. 5.5b). In this way the rotations and vertical
displacements at the edges of the wall are iransferred to the connecting beams,

E-rl'-r!41r|'| u]L'I Shear wall 2 Rigid frame Column Calumn Rigid frame
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Fig. 5.5 (a) Shear walls and frame joined by beams; (b} equivalent wide-column model,
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Nonplanar assemblies of shear walls that form elevator cores (Fig. 5.6u and b)
in structures that translate but do not twist under lateral loading., can be simulated
by a single column located at the shear center of the section and assigned 1o have
the principal second moments of arca of the core section (Fig. 5.7a). If the struc-
ture twists as well as translates. and the core has an effectively closed. box-like
section. as in Fig. 5.6b. the single column should be sdditionally assigned the
torsion constant J of the core (Fig. 5.7b).

If the structure twists and translates, and the core walls form an 1. U, as in Fig.
5.6a, or more complex open-section shape. warping torsional effects may be im-
portant, in which case it is possible 1o use a two-column model (Fig. 5.7¢) to give
an approximate representation of all the bending and torsional properties. Details
of such a model are given in Chapter 13,

5.4.2 Approximate Modeling of Slabs

In-Plane Effects. In structures that do not depend on the transverse bending
resistance of slabs as pan of their lateral load resisting system, the slabs are taken
to serve only as rigid diaphragms that distribute the horizontal loading 10 the vertical
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Fig. 5.6 (a) Open section nonplanar shear wall assembly: (b) closed section shear wall
assembly.

B MUODELING FOR APPROXIMATE ANALYBES I3

§ Shmar center

/n-u
e iy
<
= ey
-—-%“1“'.,“
wily
et <
by <0
B -

(a)

Fig. 5.7 (a) Equivalent fexural column; (b) cquivalent flexural-torsional column; (c)
equivalent two-column flexural-torsional-warping model.

elements and that hold the building plan in shape as the structure translates and
twists. The slab then serves to constrain the horizontal displacements of the vertical
components at each floor to be related 1o the horizontal two displacements and
rotation of the slab. In a three-dimensional analysis of a structure (Fig. 5.8a) the
in-plane rigidity of the slab can be represented at each floor by a horizontal frame
of rigid beams joining the vertical elements (Fig. 5.8b) or., if the cOmputer program
includes a **rigid-floor™” option for simulating a rigid in-plane slab, its use is simpler
and more accurate,

Transverse Bending Effects. Flat plate structures. and structures with shear
walls coupled by slabs, employ the transverse bending stiffness of slabs as part of
the lateral load-resisting system, similar to the girders of a rigid frame, as well as
using the in-plane rigidity of the slabs to hold the plan shape of the building. In
modeling the structure, the bending action of a slab between in-line columns or
walls can be represented by a connecting beam of equivalent flexural stiffness ( Fig.
5.9). This model will result in the correct horizontal deflections, and forces in the
vertical members, but it gives only the concentrated moments and shears applied
to the slabs. The inertia of equivalent connecting beams to represent the slab bend-
ing action is discussed in Chapter 7 and Appendix 1.
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5.4.3 Modeling for Continuum Analyses

50 far, all the considered approximations have been for discrete member models,
that is incorporating individual vertical and horizontal members. for solution by a
stiffness matrix analysis. For cenain structures with relatively uniform properties
over the height, alternative continuum analogy models may be formed that can be
analyzed by a closed solution of the characterstic differential equation. In a con-
tinuum model. the horizontal slabs and beams connecting the vertical elements are
assumed to be smeared as a continuous connecting medium—a continuum=—having
equivalent distributed stiffness properties. Although continuum methods are lim-
ited in their facility to represent variations of a structure over its height. they can
give very rapid approximate solutions and are valuable in providing a general un-
derstanding of a structure’s behavior. Two examples of the types of structure that
can be solved using continuum techniques are a coupled wall and a wall-frame
structure (Figs. 5.10a and 5.11a}. In the coupled wall, the connecting beams are
represented by a continuum with equivalent bending and shear properties (Fig.
3.10b). In a wall-frame structure, the connecting links between the wall and the
frame are represented by a horizontally incompressible medium, while the beams
in the frame are smeared into the general shear property of the equivalent shear
column (Fig. 5.11h).
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Fig. 5.10 (a) Coupled shear walls: (b} eguivalent continuum model.



v b T e mea R TR T e

Shgar wall Connect ing Rigid Equivatent Equivalent
1inks Irffr“ flesural shisar
l i co lumn column
Contindus
- Tinking
TS media
— i — = 4
o L A A rr T rerrr L g s F
{al (bl

Fig. 5.11 (a) Wall-frame structure; (b) equivalent continuum model.

5.5 MODELING FOR ACCURATE ANALYSIS

Itis necessary for the intermediate and final stages of design to obtain reasonably
accurate estimate of the structure deflections and member forces. With the wide
availability of structural analysis programs and powerful computers it is now pos-
sible to solve very large and complex structural models. Some of the more 2ross
approximations used for a preliminary analysis. such as representing braced frames
and rigid frames by single columns, are too approximate for a detailed analysis,
and they do not yield the detailed forces necessary for sizing and reinforcing the
individual members. The structural model for an accurate analysis should represent
in a more detailed way all the major active components of the prototype structure.
The principal ones are the columns, walls. and cores. and their connecting slabs
and beams.,

The major structural analysis programs typically offer a variety of finite ele-
ments for structural modeling. As an absolute minimum for accurately representing
high-rise structures, a three-dimensional program with beam elements and quad-
rilateral membrane elements (Fig. 5.12a and b) will suffice. Beam elements are
used to represent beams and columns and, by making their inertias negligibly small
or by releasing their end rotations, they can also be used to represent [russ mems-
bers. Membrane elements, which are used for shear walls and wall assemblies,
should preferably include an incompatible mode option to better allow for the char-
acteristic in-plane bending of shear walls.

If truss elements (Fig. 5.12¢), quadrilateral plate elements, (Fig. 5.12d), and
combined membrane-plate elements are also available, they can be used to advan-
tage in representing, respectively, truss members. slabs in bending, and shear walls
subjected to out of plane bending.

Some typical high-rise structural components and assemblies. and their repre-
sentation by finite elements, will now be discussed.
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Fig. 5.12 (a) Beam element; ib) quadrilateral membrane element: () truss element: (d)
guadrilateral plate bending element.

5.5.1 Plane Frames

A plane rigid frame. which is probably the simplest assembly to be modeled. has
both its column and beam members represented by beam elements (Fig. 5.13).
Shear deformations of the members are normally neglected except for beams with
a span-to-depth ratio of less than about 5. The results of the analysis include the
vertical and horizontal displacements, and the vertical plane rotations of the nodes,

Bean
i/ elements
o |

Fig. 5.13 Rigid frame using beam elements,
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Fig. 5.14 Braced frame using truss and beam elements.

together with the members” axial force, shear force, and bending moments. In a
braced frame (Fig. 5.14) the braces are represented by truss elements or small-
inertia beam elements, the columns by beam elements, and the beams by beam
elements with their end rotations released. The results for the truss elements give
axial forces only,

5.5.2 Plane Shear Walls

Similar to the modeling of walls for an approximate analysis. a tall slender shear
wall that is not connected by beams to other pans of the structure (Figs. 5.1a and
5.2a) can be modeled for an accurate analysis by a stack of beam elements (Figs.
5.1b and 5.2b) located on the centroidal axis of the wall, and assigned to have the
principal inertia and corresponding shear areas of the wall. Shear walls connected
by beams to other parts of the structure (Fig. 5.5a) can be similarly represented
by vertical stacks of beam elements located on the centroidal axes of the walls with
rigid horizontal beam elements attached at the framing levels to represent the effect
of the walls’ width (Fig. 5.5b). In the case of a beam-connected wall, axial forces
will be induced in the wall. so it is necessary to assign to the analogous column
an axial area as well as an inertia and a shear area.

Walls that are not slender, or that have openings. cannot be well represented
by simple equivalent columns and are better represented by an assembly of plane-
stress membrane elements (Fig. 5.15a). Because the segments of a shear wall and
the membrane elements that are used to model it are subjected to in-plane bending.
incompatible mode elements that are formed to include this deformation invariably
give more accurate results, as well as allowing the use of rectangular elements of
much greater height-to-width proportions with acceptably accurate results. The
resulls for a planc-stress element typically include the horizontal and venical dis-
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Fig. 5.15 (2) Shear wall: membrane element model; (b) shear wall: analogous frame model,

placements of the nodes, and the vertical and horizontal direct stresses and shear
stresses at either the comers or the mid-sides of the element.

If the available structural analysis computer program does not include plane-
stress elements, a shear wall can be modeled alternatively using an analogous
frame, such as in Fig. 5.15b, which can be assembled entirely from beam ele-
ments. The stresses resulting from such a model are usually within 1 or 2% ol
those from a membrane element model analysis. Details of an analogous frame are
given in Chapter 9.

Nonrectangular walls can be modeled using quadrilateral elements, and. if more
detailed stresses are required in a particular region of the wall, a finer mesh can
be used in that area, with quadrilateral elements being used 1o make the transition
(Fig. 5.16). For greater accuracy, quadrilateral elements should be proportioned
to be as close as possible to equal-sided parallelograms.

When modeled by membrane elements, shear walls with in-plane connecting
beams require special consideration. Membrane elements do not have a degree of
freedom to represent an in-plane rotation of their comers; therefore, a beam ele-
ment connected (o a node of a membrane element is effectively connected only by
a hinge. A remedy for this deficiency is to add a fictitious, flexurally ngid, aux-
iliary beam to the edge wall element, in one of the ways shown in Fig. 5.17. The
adjacent ends of the auxiliary beam and the external beam are both constrained to
rotate with the wall-edge node. Consequently, the rotation of the wall, as defined
by the relative transverse displacements of the ends of the auxiliary beam, and a
moment, are transferred to the external beam.
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5.5.3 Three-Dimensional Frame and Wall Structures

The high-rise rigid frame structure has moment-resisting joints, and its columns
and beams are modeled by three-dimensional beam elements (Fig. 5.18). These
elements deform axially. in shear and bending in two transverse directions, and in
twist, Generally. therefore, they have to be assigned an axial area. two shear arcas,
two flexural inemias. and @ torsion constant. Often. however. shear deformations
of the columns and beams. and axial deformations of the beams. are assumed

- BB MOBELING FOR ACCURATE ANALYSIS

Three dimensional
bear elements

Fig. 5.18 Three-dimensional rigid-frame model using beam elements,

negligible. These are usually allowed for by omitting the assignment of a shear
area and by assigning either a fictitiously large axial area. or constraints between
the axial displacements of the member ends, In addition. the torsional stiffness of
practically proportioned beams and columns is usually negligible. which is allowed
for by omitting the assignment of a torsion constant. The usuzl results of signifi-
cance are, therefore, the translations and rotations of the nodes. the shear forces,
bending moments and axial force in the columns. and the shear forces and mo-
ments in the beams.

Three-dimensional shear wall assemblies often form the most important major
lateral load-resisting components in @ high-rise building. They occur variously in
multibranch open sectional shapes (Fig. 5.19a). in effectively closed sections (Fig.
3.19b), and in beam-connected sections (Fig. 5.19¢). Whether of closed or open-
section form, the principal actions of the individual walls in an assembly are in-
plane shear and flexure, and the principal interaction between the walls of an as-
sembly is vertical shear along the joints. Consequently, plane stress membrane
clements are highly suitable for modeling three-dimensional shear wall COMmpR-
nents (Fig. 5.20a and b). Story-height wall-width elements give an acceptably
accurate representation for most purposes.

Plane stress elements alone are not adequate for modeling three-dimensional
wall systems because they lack the transverse stiffness necessary at orthogonal wall
connections 1o allow a stiffness matrix analysis of the problem. Nor, when used
alone, can plane stress membrane elements provide the out-of-plane rigidity re-
quired to maintain the sectional shape of the core. as it is held in reality by the in-
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plane rigidity of the Moor slabs. The remedy for these deficiencies is 1o add at each Actua Axially rigee Actual Reially rigid

nodal level a horizontal frame of fictitious. rigid auxiliary beams (Fig. 5.20a). If “:;’;:‘r'“ linky sinigtiry links

any of the walls are connected in-plane 1o each other. or to other pans of the — ik

structure. by beams. the auxiliary beams adjacent to the wall edges can be made ' "

verticallv rigid also. to cause the transfer of moment (Fig. 5.20b) as described in : “E=g

Section 5.5.2. b e Megative, WD ager s
Another action, which would automatically be accounted for if shell elements / ] i Lﬂ:{::

were used for the model, but not in the case of plane stress elements, is the tor- T =+a

sional stiffness comesponding to twisting of the walls. Although this is usually - d

relatively insignificant, in open-section wall assemblies it can be important and - g g

should be incorporated. It is introduced by adding to the model a fictitious column L {-—g®m

located on any one of the vertical sets of nodes (Fig. 5.20a) and assigning it a = :

torsion constant with a value equal to the sum of the individual walls® torsion -'C; r—-—-ﬁ

constants. as discussed in Chapter 13, The axial arca and inertia of the column are T T L T 1T 8 A LT A S o

assigned to be zemo. [a} ()

An alternative way of representing beams connecting shear walls in the same
plane is 1o represent them by story-height membrane elements with a vertical
shearing stiffness equal to the vertical-displacement stiffness of the represented
beam, as shown in Fig. 5.21. In such & model, auxiliary beams are still required
to form a horizontally rigid frame around each level of the wall assembly. but the
beams adjacent to the openings do not have to be ventically rigid.

Mambrane elemants
represeniing conngciing
beans

z"l_[f"”t

Mgabrane elemants
representing =alls

"

-

Fig. 5.21 Beam-connected wall assemblies: membrane elements representing beams.

5.5.4 P-Deilta Effects

Second order P-Delta effects of gravity loading can be included in a single first-
order computer analysis of the structure by adding 1o the first-order model a ficti-
tious column with a negative stiffness.

The translational P-Delta effects in a nontwisting structure can be incorporated
in the two-dimensional model by adding a shear column, connected 10 the model
by rigid links at the framing levels (Fig. 5.22a). The column is assigned a negative

Fig. 522 (a) P-Delta negative shear column model: (b) P-Delta negative inemia column
model

shear area 1o simulate the lateral softening of the structure due to gravity loading,
The column is assigned 1o be rigid in flexure. Alternatively, the same result can
be achieved by using a flexural column with its rotation restrained at the framing
levels (Fig. 5.22b) and its inertia assigned a negative value. The column is spec-
ified to be rigid in shear. The resulting defiections and member forces in the mode!
then include the P-Delta effects of gravity loading. Details of the technique are
given Chapier 16.

When making a full three-dimensional analysis of an asymmetric structure, the
P-Delta effects of twisting, as well as of translating parallel to the building's major
axes, can also be represented in the model by a fictitious negative stiffness column,
The column is located in each story at the centroid of the resultant gravity loading
acting through the story, and is assigned to have either negative shear areas, or
negative inertias, as described before, corresponding to the directions of the build-
ing’s two major axes. The column is additionally assigned a negative torsion con-
stant to allow for the twisting P-Delta effects. This technique also is discussed in
detail in Chapter 16,

5.5.5 The Assembled Model

By combining the previously described techniques, a complete three-dimensional
model can be formed for any high-rise structure consisting of a combination of
frames, walls, and cores with beam and slab connections.

If the bending resistance of the slabs contributes to the lateral load resistance
of the structure, it is usual to model the slabs by beams of equivalent flexural
stiffness connecting the vertical components. Although an even more accurate
model could be formed by representing each slab as an assembly of plale elements,
such a detailed representation would vastly increase the size of the problem.
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In the complete detailed model, therefore. beam elements are used to represent
beams and columns, and story-height plane-stress membrane elements are used 1o
represent shear walls and cores. At all floor levels an auxiliary beam is added to
the top of each membrane element. The auxiliary beams, and the real beams, are
assigned extremely high axial areas and horizontal bending inertias in order 10
simulate the rigid diaphragm effect of the slab. Auxiliary beams are also used at
each Aoor level to interconnect frames. walls and cores, as well as any isolated
columns. Where a real beam connects in plane with a wall. the auxiliary beam on
the connected wall element is assigned to be rigid in the verical. as well as the
horizontal, plane so as to transfer moment between the wall and the external beam,
For each open section shear wall assembly, a vertical column assigned to have the
walls” torsion constant is added 1o the assembly.

The requirement for providing auxiliary beams, joining the columns, walls, and
cores to form a rigid horizontal diaphragm at each floor, and to connect shear walls
to beams in their planes, has been avoided in at least one tall building structure

analysis program [3.1].

5.6 REDUCTION TECHNIQUES

When the detailed model of a high-rise structure is so large and complex that its
analysis presents a formidable task of bookkeeping and computation, it may be
preferable to try to simplify the model. provided the accuracy of the results is not
seriously compromised, The following techniques are among those used 1o sim-
plify the model. Some of the techniques do not diminish at all the accuracy of the
analysis, while others, although losing a little in accuracy, are still good enough
for a final design analysis. The reductions are therefore applicable to both detailed
and 1o simplified models for anlaysis.

5.6.1 Symmetry and Antisymmetry

A structure that is symmetric in plan about the axis of horizontal loading (Fig.
5.23a) can be analyzed as a half-structure, to one side of the line of symmetry.
subjected to half the loads (Fig. 5.23b). The ends of the members cut by the line
of symmetry must be constrained 1o represent the omitted half of the structure,
That is. they must be constrained apainst rotation and horizontal displacement in
the plane perpendicular to the direction of loading, and against rotation about a
vertical axis, while simultaneously being free to displace vertically and to translate
in the direction of the loading. The results for the deflections and forces for the
analyzed half-structure will apply symmetrically to the corresponding nodes and
members in the omitted half-structure.

A structure that is symmetric in plan about a horizontal axis perpendicular to
the axis of horizontal loading (Fig. 5.24a) behaves antisymmetrically about the
axis of symmetry. In this case only half of the structure. 1o one side of the uxis of
symmetry. and subjected to loads of hall value, needs 1o be analyzed (Fig. 5.24b),
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Fig. 5.23 (a) Plan symmeiric siructure with symmetric loading; (b) half-struciure model.
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5.6 AEDUCTION TECHNIDUES ;m

The ends of the cut members are constrained on the line of symmetry 1o represent
their connection to the omitted antisymmetrically behaving other half of the struc-
ture, That is, they are constrained against verical displacement. but are free 1o
motate in the vertical plane parallel 1o the direction of loading. The values of the
results for the analyzed half-structure apply antisvmmetrically to the omitted half-
structure.,

Thus, if a structure is doubly symmetric on plan and subjected to honzontal
loading along one of its axes of symmetry. it can be analyzed by considering just
one-quarter of the structure, with appropriate constraints applied to the ends of
members cut on the lines of symmetry, to represent the symmetrical and antisym-
metrical aspects of behavior,

5.6.2 Two-Dimensional Models of Nontwisting Structures

The assumption that the fioor slabs are rigid in plane. which permits the horizontal
displacements of all venical elements at a floor level 1o be defined in terms of the
slab’s horizontal translation and rotation. allows the possibility of representing a
three-dimensional structure by a two-dimensional model. An explanation of this
can be developed by first considering techniques for the planar representation of
nontwisting structures, and then extending them to twisting structures,

Symmetrical Structure Consisting of Parallel Bents. A struclure that is
symmetric on plan and symmetrically loaded does not twist, Adding 1o this the
assumption of the slab’s in-plane rigidity means that the horizontal displacements
of all the vertical components at a fioor level are identical. Now considering the
symmetncal structure in Fig. 5.25a, and allowing for symmetry by analyzing only
one-half of the structure. the identity of displacements at the floor levels can be
established in a planar model by assembling the bents in the same plane. in any
order and at an arbitrary spacing. as in Fig. 5.25b, and providing a horizontal
constraint between the bents at each level. The constraint can be formed in two
aliernative ways. If the analysis program has a dependent node option. sets of
nodes. one in each bent. at the same level, can be assigned v have the same
horizontal displacements. If a dependent node option is not available, pairs of
nodes at the same level in adjacent bents may be joined by axially rigid pin-ended
links, as in Fig. 5.25b. The haif-structure model is then subjected at the floor levels
1o loads of half the value of the total load per level,

As far as the validity of the assumptions allow. the resulting moments. shears,
and vertical axial forces in the model will correctly represent those in the structure.
The shear in the slabs between bents must be found by considering the differences
between the shears in successive stories of each bent, and the relative plan location
of the bents. The axial forces in the beams and links of the model are not mean-
ingful because both the application of the loading and the horizonial connections
in the planar model do not properly represent their on-plan locations in the real
structure,
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Symmetrical Structure with Connected Orthogonal Bents. Siructures
that consist of an orthogonal system of connected bents, which are symmetrically \
located about the axis of horizontal loading, as in Fig. 5.26a, can be modeled for B .
analysis by an extension of the planar modeling technigue described above. el -:J
Considening half the structure, and assuming that, perpendicular to their planes, = Ei =
the bents have negligible stiffness. the structure’s shear resistance in the direction
of loading is provided by bents AB and CD. as they displace horizontally in their  EEERNR 4 * 4

planes parallel to the direction of loading (Fig. 5.26a). Bents AE and BF, perpen-
dicular 1o the loading, do not displace horizomally in their planes, but interact
vertically with bents AB and CD along their vertical lines of connection A, B, C,
and D. This ventical interaction causes the perpendicular bents to act as **flanges'
to the parallel bent “'webs,"" as pant of the structure’s overall flexural action.

In the equivalent half-structure planar model, half the parallel bents and the
perpendicular half-bents are assembled in plane, with the parallel bents in one
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group and the perpendicular half-bents in another (Fig. 5.26b). A column at the
intersection of orthogonal bents appears twice in the planar model, once in a par-
allel bent and once in a perpendicular bent. In each bent the column is assigned
an inertia appropriate 1o its bending in the plane of that bent. So that the axial area
of an intersection line column is not represented twice, it is arbitrarily assigned
entirely 10 the column in the parallel bent with a zero area assigned to that in the
perpendicular frame. The nodes in the model are numbered so that those on the
vertical lines of intersection, which are represented twice. are assigned two differ-
ent numbers, as in Fig. 5.26b.

The identical horizontal displacements of the parallel bents are established in
the model as before. either by using the dependent node facility or by including
fictitious axially rigid links, as between B and C in Fig. 5.26b.

The compatibility of vertical displacements between the parallel and perpendic-
ular bents may also be achieved in alternative ways. If a dependent node option is
available, vertical compatibility can be established by constraining the connection
nodes that are duplicated in the parallel and horizontal bents to have the same
vertical displacements. The zero horizontal in-plane displacement of the perpen-
dicular bents is arranged by constraining honzontally at least one vertical line of
nodes in each of those bents,

If a dependent node option is not available, there are two alternative ways of
using fictitious members to establish the connection in the planar model. The first
is to dimension the model horizontally so that the vertical intersection lines onl
each perpendicular frame. as for example lines A and lines C in Fig. 5.26b. are.
located immediately adjacent, say as close as 1/200 of the adjacent span, to the
duplicate intersection lines of the connected *‘parallel’” frames. Each pair of du-
plicated connection nodes is then joined by a very stiff honzontal beam with a.
horizontal and rotational release at one end, as, for example. nodes 32 and 38 in
Fig. 5.26b. The altemnative is to dimension the model horizontally so that the
vertical connection lines on the perpendicular frames are, in effect. coincident with
those on the parallel frames, as, for example, lines B and lines D in Fig. 5.26b,
and to dimension them vertically so that the connection nodes on the perpendicular
frame are displaced upward slightly, say 1/100 story height. from the correspond-
ing nodes on the parallel frame. Each pair of duplicated connection nodes, as, for
example, nodes 46 and 55 in Fig. 5.26b, is then joined by a vertical axially rigid
link. In either of these ways, the fictitious links establish vertical compatibility,
while avoiding horizontal interaction and vertical plane rotational interaction be-
tween the orthogonal bents.

The technigue can be used for structures whose bents consist of walls, or frames,
or combinations of both.

5.6.3 Two-Dimensional Models of Structures That Translate and
Twist

The common assumption for analysis, that the floor slabs are rigid in their planes,
implies that for an arbitrary origin and a pair of axes parallel to the onthogonally
oriented bents of a laterally loaded structure (Fig, 5.27) the resulting displaced

&6 AEDUCTION TECHNIOUES a5
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Fig. 5.27 Displacements of bending and twisting structure.

location of any floor slab can be defined in terms of the rotation of the slab about
the orgin, and two displacements parallel 1o the axes. Furher, for the honizontal
equilibrnum of any slab, the external X- and Y-direction forces on the slab and their
combined moment about the vertical axis through the origin must be in equilibrium
with, respectively, the X- and ¥-direction resultants of the reactions from the bents
and their resultant moment about the origin.

Assuming that the structure consists of a plan-asymmetric system of orthogonal
bents that are stiff in their planes but have zero transverse and torsional stiffnesses
(Fig. 5.28a). a two-dimensional model can be formed to satisfy the above condi-
tions of displacement and equilibrium, as follows,

First, select an arbitrary origin 0 (Fig. 5.28a) that is located 1o the left of and
below the lower lefi-hand comer of the structural plan, Bents AB and CD are
parallel to, and at distances x,; and x, from the ¥ axis. while the orthogonal bents
AC and BD are parallel to, and at v, and v, from the X axis.

Next, form the two-dimensional model by assembling all the bents in the same
plane with the X-direction bents in one group and the Y-direction bents in the other,

{8}

Fig. 5.28 (a) Plan of nonsymmetric structune
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as shown in Fig. 5.28b. To make the viewed faces of the bents consistent with the
location of the origin as specified above, the bents are displayed in the model (Fig.
5.28b) as viewed in Fig. 5.28a looking negatively along the X and Y axes. re-
spectively {i.e.. A to the left of B in bent AB. and C 1o the left of A in bent CA).
This 15 to ensure that a horizontal plane rigid body rotation of a slab about the
origin 0, in Fig. 5.28a, corresponds to all the bents moving in the same direction
in the planar model (Fig. 5.28b). For example, a counterclockwise rotation of the
slab about 0 in Fig. 5.28a corresponds 1o a rightward displacement of the bents in
the model of Fig. 5.28b.

Because the bents are shown separately from each other, the columns on lines
of intersection of orthogonal bents will appear twice in the model. as. for example,
column A appearing in each of benis AB and CA. The flexural inenias and axial
areas of the duplicated columns are assigned in the way described previously for
inlersecting bent structures.

Establish on the model. for the lefi-hand edge of each bent and on the same
vertical line as the edge, a set of *‘governing’’ nodes, one node for each foor
level. Each governing node is located above its associated floor level by a height
equal to the distance on-plan of the bent from the X or ¥ axis to which it is parallel.
i For example, goveming node 141, for the top fioor of bent AB, is on the vertical
line A at a height x, above the top floor, while governing node 101, for the third-
to-top floor of bent DB, is on line D at a height v, above the third-to-top floor
(Fig. 5.28b).

In Fig. 5.28b, the governing nodes are shown, for clarity. offset to the left from
the left-hand edges of their associated bents, but they are assigned horizontal co-
ordinates to locate them in the model on the same vertical line.

Now connect each governing node to its corresponding floor-level node by an
effectively rigid vertical arm, with a rotational release at the floor-level node. All
. the nodes of the structure are then numbered in sequence, starting from left to nght

across the base of the model. and then level by level upward, including the gov-
erning nodes, as shown in Fig. 5.28b.
Consider now, for example, the top levels of bents AB and CD in the model.

o
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By constraining governing nodes 141 and 145 1o displace honzontally together,
using the dependent node option. a horizontal translation without rotation of gov-
eming node 141, and hence of 145, will cause through their connecting arms a
translation n the ¥ direction of the whole wp fioor. Similariy, in bents CA and
DB, constraining governing nodes 150 and 155 to translate identically means that
a horizontal translation without rotation of govemning node 150, and hence of 155,
will cause a translation in the X direction of the top floor. Further, by constraining
nodes 141, 145, 150, and 155 10 rotate together means that a rotation without
translation of node 141, and hence of 145, 150, and 155, will cause, through their
connecting arms, the top floors of the bents in the planar model to translate with
the same relative displacements as they would in rotating i plan as a rigid body
about the origin 0 in Fig. 5.27. Specifying similar translational and rotational con-
straints between the governing nodes for each of the other floor levels will cause
the honzontal displacements of the planar model w properly represent in-plane
displacements of each level of each bent, due to the translations and rotations of
the structure.

Considering again the top levels of bents AB and CD in the planar model. their
horizontal reactions will be transmitted to governing nodes 141 and 145 as hori-
zontal forces and vertical plane moments, having the same magnitudes, respec-
tively, as the Y-direction reactions, and the horizontal plane moments of those
reactions about the origin, of the top levels of bents AB and CD in the plan view
(Fig. 5.28a). Similarly, the horizontal reactions of bents CA and DB in the planar
model will be transmitted to nodes 150 and 155 as honizontal forces and vertical
plane moments having the same magnitudes as the X-direction reactions, and the
horizontal plane moments of those reactions about the origin. as the top levels of
bents CA and DB in the plan view (Fig. 5.28a).

Because nodes 141 and 145 are constrained to displace identically in the ¥
direction, the sum of the ¥-direction reactions P,, can be assumed to act at node
L41. Similarly, the sum of the X-direction reactions P,, can be assumed 1o act at
node 150. Since nodes 141, 145, 150, and 155 are constrained to rotate together,
the sum of the moments from all the X- and Y-direction bents can be assumed to
occur at node 141. By this reasoning, the resulting horizontal reactions at govermn-
ing nodes [41 and 150, and the resulting verical plane moment of the reactions
at node 141, are the same as the resultant Y- and X-direction reactions, and their
resultant hornizontal plane moment about the origin, in Fig. 5.28a.

When orthogonal bents in a structure intersect, as they do in Fig. 5.28a, the
vertical interaction along their vertical lines of intersection is an impornant factor
in the structure’s behavior and must be represented in the model. For this, addi-
tional constraints have to be applied in the planar model to establish vertical com-
patibility between the orthogonal bents. In the model (Fig. 5.28b) these constraints
are on the vertical lines of intersection A, B, C, and D. The constraints are applied
using the dependent node option by assigning each pair of duplicated connection
nodes, for example, 16 and 28 at A, 18 and 32 st B, 20 and 25 a1 C, and 23 and
30 at D, to have the same vertical displacements.

Having formed the planar model, it remains only to transform the loading on
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the structure into equivalent loads for application w the model. Referring o Fig.
5.28a. the load in the Y direction at level i P, acts at a distance x,, from the
origin 0. This may be transformed imo a force £, acting at the arigin and a torgue
P, x, (Fig. 5.28¢). Similarly. the load P, in the X direction. at a distance y,, from
the origin. can be transformed into a force P, at the origin and a wrgue =F; v,
These equivalent actions may be applied 1o the model (Fig. 5.28b) as £, 0 one
of the governing nodes for level § of the Y-direction bents. £, to onc of the gov-
emning nodes for level @ of the X-direction bents. and a torque P, x, — Py, 1o
one of the govemning nodes for level i of all the bents. For example. at the top.
nth level. P, is applied to node 141, P, is applied to node 150, and a counter-
clockwise torque M, equal 1o P, x,, — P, v, is applied to node 141. A similar
transformation of the loads at each other level 10 equivalent loads and a torque
about the origin, and their application 1o the comesponding govemning nodes in the
planar model. will make the model ready for analysis. Note that loads that act in
the A-ro-B and A-to-C dircctions of the bents on the plan of the structure are
applied in the A-to-B and A-t0-C directions 1o the governing nodes of the planar
model. A horizontal plane counterclockwise torque on the plan of the structure is
applied as a vertical plane counterclockwise torque on the planar model.

A two-dimensional stiffness method analysis of the planar model subjecied 1o
the transformed loads will yield results for deflections and member forces identical
io those from a full three-dimensional analysis of the structure, provided that in
the latter analysis the assumptions of the slabs’ in-plane rigidity and the bents’
zero transverse and torsional stiffness are also adopted, If a structure includes a
core consisting of an assembly of shear walls, this can also be included in the
planar model by treating each individual wall of the core as a bent, representing it
by a stack of plane-stress finite clements. and assigning to it a set of governing
nodes, rigid arms, and constraints, as though it were just another bent.

A final necessary comment concerns the flexural stiffnesses 10 be assigned to
the connecting arms 10 cause them to behave as ngid. [t is recommended that each
should be assigned an inenia such that, if the arm were considered as a vertical
cantilever fixed at its governing node, its lateral stiffness at the lower end would
be of an order 1000 times greater than the estimated lateral stiffness of the bent at
the Jevel where the arm connects. If the arm stiffnesses were assigned to be not
stiff enough. they would bend and not enforce proper translations on the bent.
whereas, if they were excessively stiff they could cause numerical instability in
the analysis.

An explanation of this modeling technique is given in Ref. [5.2).

5.6.4 Lumping

**Lumping”* means the combination of several of & structure’s similar. and simi-
larly behaving, componenis or assemblies of components into an equivalent single
component or assembly in order to reduce the size of the model for analysis. The
resulting forces in the equivalent component or assembly are subsequently distrib-
uted to give the forces in the onginal units,
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Fig. 5.29 (a) Symmetnic structure with repetitive bents: (b) equivalent lumped model.

Lateral Lumping. Consider as an example the symmetrical and symmetrically
loaded (and therefore nontwisting) structure in Fig. 5.29a, which consists of two
identical shear walls and three identical rigid frames. The walls can be lumped
laterally into a single wall, with twice the inenia of an individual wall, and the
frames lumped into a single frame with member properties three times those of an
individual frame. The lumped wall and frame can then be assembled as a planar
model (Fig. 5.29b) and analyzed relatively simply. The resulting forces in the wall
and frame of the lumped structure are divided by two and three, respectively, to
give the forces in the individual walls and frames. This simple lateral lumping
technigue may be applied only to structures that do not twist, because the forces
in the bents of a nontwisting structure are independent of their lateral location.

Vertical Lumping. More usual examples of lumping occur in tall multistory
coupled-wall or rigid-frame structures in which the story heights and beam sizes
are repetitive, as in Figs. 5.30a and 5.31a. The detailed models can be simplified
by vertically combining groups of three or five beams into single beams, at the
middle beam location, and assigning to them the lumped properties of inertia and

-
Ll
5e
-
|.r|
= e
o = [
©5 g4
EE (-
=
— s
W =f
= &
S g ;F
=
. L1
L
£E \ X
& N
- L
=
J:I"'-_____ 3
b
\‘ -
by
[
o
"y
1‘1 {
=& = e Z
=
¥
= E
£3
a2 b
_JL\“- J
3
= o o o i |
™ i~ ™~ = K
L
o i -
= Jr,,r"'_
-t I~
& 3
SEE ¢ :
s
[l
asi;.; - = -
tee = 5
P
i = |
=
-—*—ﬁ-——ﬂ-—..,,_n._‘
b
ol
&
nnla =| = k.
-
3
i3
5
L
e
b,

SRR RN

Load:

H per

foor

(e}

(b}

fa}

Fig. 5.30 (a) Coupled walls with repetitive
alent membrane element reduced model.

beams; (b) equivalent lumped beam model: fc) cquiv-

101



102 MODELING FOR ANALYSIS

- —
—
- —_
-
-
~ } B
——
—a
- } -
—
- ——
T e
{a) (b}

Fig. 5.31 (a) Rigid frame with repetitive beams. (b) eguivalent lumped beam model.

shear area (Figs. 5.30b and 5.31b). It is advisable 10 leave the bottom one or two
beams, and the top one or two beams, of the structure in their onginal locations
to better represent the localized effects at the base and the top.

In the case of lumping beams that connect shear walls, as in Fig. 5.30a, the

sectional properties of the membrane elements, or the analogous wide columns,
representing the walls would be the same in the lumped model (Fig. 5.30b) as in
the nonlumped model, because of the predominanily single-curvature behavior of
the walls. In a rigid frame, however (Fig. 5.31a). the predominantly storv-height

double-curvature bending of the columns would require their inertias 10 be in-
creased in the lumped model with its increased story heights, to make the lateral
racking stiffnesses of the two models identical. The axial areas of the columns in
the two models would, however, be the same. The lateral loads are also lumped
and applied at the lumped beam levels. Details of this technique are given in Chap-
ter 7.

When coupled walls are being represented by membrane finite elements., a var-

ation of the lumping technique is 1o represent sets of # successive connecting
beams, as well as the shear walls by n-story-height membrane elements (Fig.
5.30¢). The wall elements are assigned the same sectional dimensions as the walls,

while the elements representing the beams are assigned a thickness to represent

the distributed vertical flexural and shear stiffnesses of the connecting beams. De-
tails of this technique are also given in Chapter 7.

The results for the member forces of a lumped model analysis must be inter-
preted to obtain the forces in the members of the onginal structure. The resulting
moment and shear in the original middle beam of a lumped set of n beams are one-

nth of the resulting values for the lumped beam. The forces in the other beams of

the original structure must be estimated by interpolation between the values ob-
tained for the middle beams above and below. The distribution of horizontal shear
between the vertical members at any level in the original structure will be in the
same ratio as between the corresponding members in the lumped model structure,
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while the sum of shears will be equal 1o the external shear at that level, The mo-
ment at any level in a shear wall of the original structure will be given by the
moment at that level of the wall in the lumped structure, while moments in the
columns of a rigid frame will be given approximately by the product of the column
shear. determined as above, and the original half-story height.

5.6.5 Wide-Column Deep-Beam Analogies

It has been explained earlier how horizontally loaded shear walls connected by
beams. as in Fig. 5.32a, can be modeled by equivalent wide columns that consist
of a column on the centroidal axis of the wall. with rigid arms at the beam levels
to represent the effects of the walls™ width (Fig. 5.32b). Some frame analysis pro-
grams include a rigid-end member option that includes the wide-column effects
and therefore allows the beam 10 be considered as a single member between the
column axes. If the available program does not have such an option, the rigid-end
beam may be simplified in the model 1o a full-span uniform beam with an increased
inertia to allow for the wide-column effects (Fig. 5.32¢). An expression for the
increase in effective inertia, which is given in Chapter 10, is dependent on the
assumption of the wall cross sections rotating in-plane identically at the same level.
This is generally valid for coupled shear walls and for rigid frames with a pattem
of regularly spaced equally sized columns such as occur in framed-tube structures.

In rigid-frame systems with deep beams (Fig. 5.33a), the stiffening effect of the
beam depth on the columns can be represented by rigid vertical arms (Fig. 5.33b).
This also can be accommodated in an analysis by a rigid-end member option.

If the analysis program does not have a rigid-end member facility, however,
the rigid-end column can be replaced in the model by a uniform full-height column
between the beam axes (Fig. 5.33¢) with modified stiffness properties to allow for
the deep beam effect. The inentia of the full-height column will be increased 1o
allow for the rigid-end effect by a factor that depends on whether the verical

Rigid arms Equivalent uniform beams

A

(a} (b) ()

Fig. 5.32 (a) Coupled shear walls; (b) equivalent wide-column model: (¢) eguivalent uni-
lorm beam model,
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equivalent uniform member model.

members are deflecting primarily in single curvature, as would shear walls, or in
stary-height double curvature, as would slender columns. 1

A frame combining wide columns and deep beams, such as a reinforced con=
crete frame tube (Fig. 5.34a), can be represented either by an anatugcus_ wide-
column deep-beam frame (Fig. 5.34b) or more simply by a frame of _nquwaient_
full length beams and columns with appropriately increased stiffnesses (Fig. 5.34¢).

SUMMARY
In modeling a structure for analysis it is usual to represent only the main structural

members and to assume that the effects of nonstructural members are small u_nd
conservative, Additional assumptions are made with regard to the linear behavior

REFERENCES 105
of the material, the in-plane rigidity of the floor slabs, and the neglect of certain
member stiffnesses and deformations. in order to further simplify the model for
analysis.

The extent 1o which a model will be simplified is related to the stage of analysis:
a simple model will be used for an approximate preliminary analysis, and a rela-
tively detailed one for a more accurate final analysis. In approximate modeling,
whole bents. which may be rigid frames, braced frames, shear walls, or cores,
may be reduced to equivalent single-column members, for a computer stiffness
matrix analysis. Or sets of connecting beams or links between major vertical com.-
ponents may be represented by an equivalent continuous medium to ailow a clased
solution of the governing differential equation.

In more accurate modeling. the columns and beams of frames will be repre-
sented individually by beam finite elements, while shear walls and cores will be
represenied by assemblies of membrane finite elements. In cases where the trans-
verse bending of slabs is important. they will be represented by equivalent beams.
For an accurate solution, a computer analysis using a general structural analysis
program is usually accepted as the best method.

Cerain reductions of a detailed model are possible while still producing an
acceptably accurate solution. These reductions include halving the model 1o allow
for symmetrical or antisymmetrical behavior, or representing the structures by a
planar model and conducting a two-dimensional analysis, or lumping similar frames
together in a nomwisting structure, or lumping vertically adjacent beams in a frame
or connected wall structure.

The ability to model high-rise structures successfully for analysis requires an
understanding of their behavior under load. while a good grasp of the techniques
of modeling serves in return s an aid in generally assessing a tall building's be-
havior, as well as assisting in the selection and development of structural forms
for 1all buildings.
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I CHAPTER 6

Braced Frames

Bracing is a highly efficient and economical method of resisting horizontal forces
in a frame structure. A braced bent consists of the usual columns and girders,
whaose primary purpose is 1o support the gravity loading. and diagonal bracing
members that are connected so that the total set of members forms a vertical can-
tilever truss 1o resist the horizontal loading. The braces and girders act as the web
members of the truss, while the columns act as the chords. Bracing is efficient
because the diagonals work in axial stress and therefore call for minimum me mber
sizes in providing stifiness and strength against honizontal shear.

Historically, bracing has been used to stabilize laterally the majonty of the
world's tallest building structures, from the earliest examples at the end of the
nineteenth century to the present time. The Statue of Liberty. constructed in MNew
York in 1883. was one of the first major braced structures. In the following three
decades large numbers of braced steel-frame tall buildings were erected in Chicago
and New York. The 57-story, 792-fi-high, braced steel Woolworth Tower, com=
pleted in 1913, established a height record, which it held until the 77-story. 1046~
fi-high Chrysler Building and the 102-story, 1250-ft-high Empire State Building
(Fig. 6.1) were completed in 1930 and 1931, respectively. _

One- or two-story-height bracing, as used generally in the earlier high-rise steel
structures, is an effective and still widely used arrangement. Recently, however,
a much larger scale form of bracing, traversing many stories and bays, has al !
been used to considerable structural and architectural advantage in medium- and
high-rise buildings. thereby extending significantly the repertoire of bracing con=
cepls.

6.1 TYPES OF BRACING

Diagonal bracing is inherently obstructive to the architectural plan and can pose
problems in the organization of internal space and traffic as well as in locating
window and door openings. For this reason it is usually concentrated in vertical
panels or bents that are located 1o cause a minimum of obstruction while satisfying
the structural requirements of resisting the shear and torque on the building. In
many locations the type of bracing has to be selected primarily on the basis af
allowing the necessary openings through the bay. often at the expense of efficiency
in resisting the lateral forces.
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Fig. 6.1

In low- or moderate-rise buildings that are not particularly slender, it is usually
possible for the engineer to arrange the bracing in the structure without the archi-
tect having to consider it in planning the building. In a slender, moderate-rise
huilding_ur a truly high-rise building. the location of the lateral load-resisting bents
I8 more important and, indeed. might be all imponant to the viability of the struc-
ture. In such cases the architect and the structural engineer should liaise in the
carly stages of design.

The most efficient, but also the most obstructive, types of bracing are those that
form a fully triangulated vertical truss. These include the single-diagonal, double-
diagonal, and K-braced types (Fig. 6.2a-¢). The full-diagonal types of braced bent
e usually located where passage is not reguired, such as beside and between
clevator, service, and stair shafis, which are unlikely to be relocated in the lifetime
ol the building.

Cther types of braced bent that allow window and door openings. but whose
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armangements cause bending in the girder, are shown in Fig. 6.21-1. Some other
types, which introduce bending in both the columns and the girders, are shown in
Fig. 6.2m. n. and p. Generally. the types of braced bent that respond to lateral
loading by bending of the girders, or of the girders and columns, are laterally less

stiff and. therefore. less efficient, weight for weight. than the fully trangulated
trusses, which respond with axial member forces only.

NZEAN

{e)
{4
(p}

6.2 BEHAVIOR OF BRACING

Because lateral loading on a building is reversible, braces will be subjected in wm
to both tension and compression: consequently, they are usually designed for the
more stringent case of compression. For this reason, bracing systems with shorter

braces, for example the K-types. may be preferred to the full-diagonal types. As
an exception to designing braces for compression. the braces in the double-diag-
onal system are sometimes assumed to buckle in compression. and each diagonal
is designed to carry in tension the full shear in the panel.

A significant advantage of the fully triangulated bracing types (Fig. 6.2a-¢) is

(1}
[n}
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that the girder moments and shears are independent of the lateral loading on the
structure. Consequently, the Roor framing. which. in this case. is designed for
gravity loading only, can be repetitive throughout the height of the structure with

obvious economy in the design and construction.

In bracing systems in which the diagonals connect to the girder at a significant
distance from the girder ends. for example, those in Fig. 6.2¢. d, e. and h. the
girder can be designed more economically as continuous over the connection, thus
helping to offset the cost of the bracing. A further advantage of this type of bracing

[ K

{c}
{h)
R

system is that the braces, in having one or bath ends connected to the beam, which
1 relatively fexible vertically, do not attract a significant load as the columns
shoren under gravity loading.

Eccentric bracing systems (i.e.. systems in which the braces are not concentric
with the main joints) may be used to design a ductile structure for an earthquake-
resistant steel-framed building. The bracing acts in its usual elastic manner when
controlling drift against wind or minor earthquakes. In the event of an overload
during a major eanthquake, the short link in the beam between the brace connection
and the column in Fig. 6.2f, g, k, and 1, and the link in the beam between brace
connections in Fig. 6.2h, serves as a “'fuse’” by deforming plastically in shear to
give a ductile response of the structure. Such braced systems combine high elastic

{m]
Fig. 6.2 Types of bracing,

(b}
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stiffness and a large inelastic energy dissipation capacity that can be sustained over
many cycles.

The roles of the **web’” members in resisting shear on a bent can be understood
by following the path of the horizontal shear down the bent from story to story.
Referring to Fig. 6.3 and considering four typical types of bracing subjected 1o

{a}
————
(k)

s s e
(f

| S—

the total external shear, that is, neglecting the lesser effects of the horizontal forces
applied locally at the floor levels, the vertical trunsmission of horizontal shear can
be traced. In Fig. 6.3a the diagonal in each story is in compression, causing the
beams to be in axial tension: therefore. the shortening of the disgonals and exten-
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Fig. 6.3 Path of horizental shear through web members. (a) Single-diagonal bracing: (b)
double-diagonal bracing: (¢) K-bracing: (d) story-height knee bracing.

sion of the beams give rise to the shear deformation of the bent. In Fig. 6.3b. the
forces in the braces connecting 1o each beam end are in equilibrium horizontally,
with the beam carrying an insignificant axial load. In Fig. 6.3c half of each beam
is in compression and the other half in tension, whereas in Fig. 6.3d the end parts
of the beam are in compression and tension with the whole beam subjected 100
double curvature bending. With a reverse in the direction of the horizontal load on’
the structure the actions and deformations in each member of the bracing will also
be reversed.,

The roles, if any. of the web members in picking up compressive force as the
structure shorens vertically under gravity loading can be traced similarly. As the
columns in Fig. 6.4a and b shorten, the diagonals are subjected to compression,
which can be developed because of the tying action of the beams. In Fig. 6.4¢ the
ends of the beams where diagonals are not connected are not stiffly restrained by
the columns® bending rigidity: therefore the beams cannot provide the horizontal
restraint that the diagonals need to develop a force. Consequently. the diagonals
will not attract significant gravity load forces. Similarly, in Fig. 6.4d the vertical
restraint from the Aexural stiffness of the beam is not large; therefore, as in the
previous case, the diagonals experience only negligible gravity load forces. If the
type of bracing system allows the diagonals to attract compressive loading due to
gravity loading on the structure, the diagonals should be either designed to carry
the compressive forces or, to avoid backlash in the lateral load behavior of the
structure due to the braces having buckled, they must be detailed shorn and pre-
stressed in lension during erection.
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6.3 BEHAVIOR OF BRACED BENTS

A braced bent behaves under horizontal loading as a vertical cantilever truss. The
columne act as the chords in carrying the extemal load moment. with tension in
the windward column and compression in the leeward column, The diagonals and
girders serve as the web members in carrying the horizontal shear. with the diag-
onals in axial tension or compression depending on their direction of inclination.
The girders act axially and. in some cases, in bending also.

The effect of the chords® axial deformations on the lateral defiection of the frame
is to tend to cause a “*flexural’” configuration of the structure. that is, with con-
cavity downwind and a maximum slope at the top (Fig. 6.5a). The effect of the
web member deformations, however, is to tend to cause a **shear’” configuration
of the structure {i.e., with concavity upwind, a maximum slope at the base, and a
zero slope at the top: Fig. 6.5b). The resulting defiected shape (Fig. 6.5¢) is a
combination of the effects of the fiexural and shear curves with a resultant config-
uration depending on their relative magnitudes, as determined mainly by the type
of bracing.

In bents that are braced in a single bay, horizontal loading causes a maximum
jension at the base of the windward column of the braced bay. The more slender
the bay, the larger the tensile force. Depending on the tributary area of slab sup-
ported by the column, the tension will be partly or wholly suppressed by the dead
load of the structure. For height-to-width ratios of braced bays greater than about
10, however, the probability arises of uplift forces that are 100 large to handle. In
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multibay bents this problem can be avoided by placing successive story bracing in
different bays of the bent, as in Fig. 6.6. In this arrangement the column axial
forces caused by honzontal loading will be significantly smaller.

In providing for architectural requirements it is sometime necessary to use dil-
ferent types of bracing in different bays of the same bent. or in bays of different
parallel bents. This does not present a particular problem, except that care should
be taken to ensure that the lateral stiffnesses of the individual braced bays are
comparable. Combinations of full-diagonal or K-type braced panels, both of which
are usually very stiff in shear, with knuckle-type braced panels, which are usually
much less stiff, may prove unsatisfactory, because the stiff panels will attract an
unacceptably large proportion of the lateral load. In determining the individual
panel stiffness, the total height behavior of the braced panel should be considered.
This means that the lateral flexural Aexibility due to axial deformations of the
columns, as well as the lateral shear flexibility due to deformations of the braces
and girders, should be taken into accounl,

In some situations, because of setbacks or transition levels, it is not possible to
locate the braces in a single vertical plane throughout the entire height of the struc-
ture. In these cases the shear can be transferred from the braced bents above the
sethack or transition to those below by the horizontal-plane rigidity of the floor
slab or by horizontal bracing in the plane of the floor.

6.4 METHODS OF ANALYSIS

6.4.1 Member Force Analysis

In the majority of modemn design offices all but the simplest of braced high-rise
structures are now analyzed by computer using a frame analysis program. To re-
mind the reader of other possibilities, however, simple hand methods of analysis
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that may be used for statically determinate, or certain low-redundancy. braced
structures will be reviewed.

An analysis of the forces in a statically determinate triangulated braced bent
can be made using the method of sections. For example, in the single-diagonal
braced panel of Fig. 6.7, subjected 1o an extemnal shear Q, in story i and external
moments M, and M,_; at floor levels i and i — 1, respectively. and assuming the
frame to be pin-jointed so that the members carry only axial forces. the force in
the brace can be found by considening the horizontal equilibrium of the free body
above section XX, thus,

Fae cos = @, (6.1)
hence,
_ @
Fac = == (6.2)

The force Fyp in the column BD is found by considering moment equilibrium
of the upper free body about C. thus

Fapl = M, {5-3}
hence
=] Ml’—l
Fap = = (6.4)

while the force F, in column AC is obtained similarly from the moment equilib-
rium of the upper free body about B, 1o give

H1
Floor level i

!/,—\ i

g,
—— i
H{'l -1 Stary 1

L
roe e sy Floor Tevel {i-1)

Fig. 6.7 Single divgonnl braced panel,
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Floor level 1

Story 1

Floor tevel {1=1)

Fpe =7 (6.5)

This procedure can be repeated for the members in each story of the bent.

The member forces in more complex types of braced bents can also be obtained
by taking horizomal sections. For example, in the story-height knee-braced bent
of Fig. 6.8, it could be assumed that the shear in story i is shared equally between
the braces. Then, from honzontal equilibrium of the upper free body,

Q
P = 6,
B 2cos 8 6.8)
and, from moment equilibrium of the upper free body about D,
{Fi.l:' + Feesin )L = M, (6.7)
from which
F_M': - M_E! - -FEE' sin # {ﬁﬂ}

As the frame responds 1o horizontal shear. the girder in this type of bracing
system 15 subjected to bending throughout its length and to axial forces @,/2in
the lengths AE and FB. The bending is caused by the vertical components of the
forces in the braces, while the axial forces are caused by the horizontal compo-
nents.

6.4.2 Drift Analysis

In considering the deflected shape of a braced frame it is imporant to appreciate
the relative influence of the fAlexural and shear mode contributions, due o the col-
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umn axial deformations and to the diagonal and girder deformations. respectively,
In typically proportioned low-rise braced structures, the shear mode displacements
are the most significant and, incidentally, will largely determine the lateral stiffness
of the structure. In medium- to high-rise structures, however. the higher axial
forces and deformations in the columns. and the accumulation of their effects over.
a greater height, cause the flexural component of displacement 10 become domi-
nant. In a panel with single diagonal bracing and a height-to-width ratio of 8. the.
total drift may be typically 60-70% attributable 10 the fexural component, with
the remainder due 1o the shear component. Tn knee-braced bents. in which lateral
loading subjects the girders—and in some arrangements the girders and columns—
to bending, as well as the braces 1o axial deformation. the proportion of the total
drift attributable to the shear component would be significantly greater.

The story drift, that is. the increment of lateral deflection in a story height,
which is often the limiting drift criterion and which in a braced bent is a maximum
at or close 1o the top of the structure. is more strongly influenced by the fexural
component of deflection. This is because the inclination of the structure caused by
the flexural component accumulates up the structure. while the story shear com-
ponent diminishes toward the top. Consequently. ina single-diagonal braced frame,
such as the one previously cited. the flexural component may contribute as much
as 95% of the top-story drift.

One virtue of a hand analysis for drift is that it easily allows the drift contr
butions of the individual frame members to be seen. thereby providing guidance
as 1o which members should be increased in size to most cffectively reduce an
excessive total drift or story drift,

Virtual Work Drift Analysis. In this method a force analysis of the structure
subjected to the design horizontal loading is first made in order 1o determine the
axial force P, in each member j, as well as the bending moment M, at sections
along those members subjected to bending (Fig. 6.9a). A second force analysis is
then made with the structure subjected to only a unit imaginary or “‘dummy"
horizontal load at the level N whose drift is required (Fig. 6.9b) to give the axial
force py. and moment M, al section X in the bending members. The resulting
horizontal deflection at N is then given by

- {rL i = M,
4, = .\"_npm-(a) + 2 L m,‘,.._-(-é}) dx
! F]

in which L;. A, and /, are the length, sectional area, and moment of inertia for
cach member j, and £ is the elastic modulus. The first summation in {6.9) refers
1o all members subjected to axial loading. while the second refers to only those
members subjected 1o bending.

If the drift is required at another level, n, of the structure., another dummy uni
load analysis will have to be made, but with the unit load applied only at level n,
The resulting values j,, and m, ., will be substituted in Eq. (6.9} 1o give the drift,

(6.9)
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Fig. 6.9 (a} Member forces due o design horizontal loading; (b) member forces due 1o
it dummy loading.

The virtual work method is exact and can easily be systematized by tabulation.
An adequate assessment of the deflected configuration, the total drift, and the story
drifts can be obtained by plotting the deflection diagram from the deflections at
Just three or four equally spaced points up the height of the structure, requiring
one design load force analysis plus three or four **dummy"" unit load analyses.

Combined Moment-Area and Shear Formula Approximate Drift Analysis.
An approximate calculation of the drift can be made by using the moment-area
method to obtain the fiexural component (i.e., the component resulting from col-
umn axial deformations) and by applying a shear deflection formula to calculate
the shear component. The method is appropriate for braced bents in which the
flexural mode stiffness is entirely attributable to the axial areas of the columns;
these include the majority of bracing types. It has the advantage that a detailed
member force analysis of the frame 15 not necessary: only the external moment
and the total shear force at cach level are required.

Flexural Component. The procedure for obtaining the Aexural companent of
dnft is to first calculate for the structure (Fig. 6.10a) the external moment diagram
(Fig. 6.10b). Then, 10 compute for the different ventical regions of the bent, the
second moments of area [ of the column sectional areas aboul their common cen-
troid. For example, the value for the lower region of the braced bent in Fig. 6. 10a
is



118

E E
] i
L e
= =
a -
- b
- -
- L
= IE
-
= -
=
(] | =
= =
I ) &
[ =
- =
=
g

N
C
By

Level N

- - L = =
= =X
-:! e & s E
= - 5 3 w B 3w
= i =3
o & 2o oy
ok U & U e
= = = = = E

s AE SR LR R RS

{ch

{b)

{a) Bruced frame: approximate deflection analysis; (b) external load moment diagram:

ingram.

(2}

Fig. 6.10

() M/ENLd

4 METHODS OF ANALYSIE 119

d P 3
I .2,4.(%> - A (6.10)

-

The moment diagram and the values of [ are used to construct an M /Ef diagram.
as i Fig. 6.10¢.

The story drift in story £. &, due to the flexure of the structure, is then obtained
Trom

ﬁrl’ = haﬂal Iﬁ.lt}

in which f, is the height of story i. and @, is the inclination of story i, which is
equal 1o the area under the M/ ET curve between the base of the structure and the
mid-height of story /.

The total drift at floor n. due o Aexure. is then given by the sum of the story
dnfis from the first o the mth stores.

Ay = ?.5,, (6.12)

Shear Component. The shear component of the story drift in story i, . is
function of the external shear and the propenties of the braces and girder in that
story. The shear component of the total drift at floor level i, A, is equal to the
sum of the story shear components of drifi from the first to the nth stories, that is

A= by, (6.13)

Formulas for the shear component of the story drift, 5., are given for various types
of braced bent in Table 6.1.

Having obtained the flexural and shear components of drift, the total drift at
level n is given by

A, =84+ A, (6.14)

6.4.3 Worked Example for Calculating Drift by Approximate
Methods

A 13-story single-diagonally braced frame (Fig. 6.11) consists of three 5-story
regions. It is required to determine the drift at floors 5, 10, and 15 (i.e.. where
Hoor i is at the 10p of story ) for 2 uniform wind load of 10 kips per story. Assume
the elastic modulus £ = 4.2 x 10° kip/fi.

The flexural and shear components of drift will be determined separately, as
Tollows.
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TABLE 6.1 Braced Bents: Shear Deflection per Story

T
YPE OF SHEAR DEFLECTION
BRACING DIMENSIONS PER STOEY
SINGLE §%=0f 4t 4}
DIAGOKAL Il;_’.ﬁ.d p_q.

N

‘ K=BRACE

L
DOUBLE
] DI AGONAL 65-._0_[_1:;_|
| ZEVLA,
F o

Cetagfadt L
f - -J__..._
| f ElL .ﬂc u.gl
N y |
STORY HEGH s, 1 ¥y e
KNEE-BRACE | 3 i (el
\ 2 ﬁd ZA 121 L
1 = 9 g

OFFSET m m %0 gt {L=2m}  him? |
DIAGONAL %l" EliC-2m8, " n. t3iL)
= d g g

0 15 the story shear
Ay 15 the sectional ares of a diagorel

b

ﬁg and | are, respectively, the sectional area and nertia of the upper gyrder
E 13 the elastic modulus

Flexural Component. Using Table 6.2 to record the steps of the computation;

I. Compute the moment of inertia of the column sectional areas about their

common centroid for each of the three height regions and record the values in
column 3.

In the frame under consideration the column areas are equal, therefore their
common centroid is mid-way between the columns

L 3 AL
f=2x A‘(E) = 5

As an example, for the lowest region, stories 1-5, where A, = 35in"

AL 35 x 20°

= = mxn

= 48.6 fi*
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5 kips
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Fig. 6.11 Example frame.

2. Compute the value of the external moment M at each mid-story level and
enter the values in column 4. For example. in story 12

M= 10{5+ 15+ 25)+ 5 x 35 = 625 kip fi
3. Determine for each story the value of hM /El. retaining E as a symbol, and
enter the result in column 5. These are the changes in inclination in each story
due to flexure, 56,
For example. in story §,
hM [El = 80s, = 10 % 5525 /48 6F = 1136.8/E
4. Determine for cach story i the accumulation of 8fi,. from story | up to and

including story . #, and record it in column 6.
For example, the accumulation of 48, up 1o story § is

l;:h g = (2165.6 + 1877.6 + 1610.1 + 1363.2 + 1136.8)/F = 8153.3/E

Such accumulated values give the inclination of each sory f due o lexure, 0,
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TABLE 6.2 Evaluation of Flexural Components of Drifl

Story  Frame External Story Story

Height  Inemia  Moment Inclination  Drifi OiiR

h, ; M, 58, 8, b T, Ay
Story ifi) if'y  (k-f) (rads/E) {rads/E) (fi/E) (R/EY (R
15 10 13.9 25 18.0 149428 149428 159735 0380
14 10 13.9 125 §9.9 149248 149248
13 10 139 325 2338 148349 148349
12 10 13.9 625 4496 146011 146011
F 10 13.9 1025 7344 141515 14155
0 10 278 1525 S48.6 134141 134141 62791  0.205
9 0 278 2125 7644 128655 128655
g 0 278 2825 10160 121000 120011
7 0 278 3625 1304.0 110855 110855
& 10 278 4525 16277 97810 97810
5 10 486 5525 11368 BIS33 81533 270319 0.064
4 10 486 6625  1363.2 0165 70165
3 10 486 7825 16101 56533  $6533

Fed

10 48.6 9125 1877.6 40432 40432
1] 48.6 10335 2165.6 21656 21656

3. Record the product of h, and B in column 7. K8, is the drift in story i, by,

due to flexure.
For example. the drift in story 5 due 1o flexure is

Bsr = 10 x BI53.3/E = 81533 /E fi

6. At each level where the value of the lateral drift is required, evaluate the
accumulation of the story drifis, &,, from story 1 up to the considered mth floor,
to give the drift A, due to flexure. Enter these in column 8.

For example, at floor 5:

Ag = (21656 + 40432 + 56533 + 70165 + BI533)/E = 270319/4.2
= 10" = 0.064 £

Shear Components. Using Table 6.3 to record the steps of the computation:

I. Compute the value of the external shear ), acting in each story 7 and enter
in column 2.

2. Compute for each story i the story drift due 1o shear, §,,, by substituting the
value of the story shear and member properties into the appropriate formula from
Table 6.1. Record the resulting values of &, in column 3.
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TABLE 6.3 Evaluation of Shear Components of Drifi

Shear Stary Drift Drrify
¢ &, A,
Stary (kips ) (ft) (i)
I5 5 0.0011 0.126
14 15 0.0032
13 25 0.0054
12 35 0.0075
N 45 0.0097
10 a3 0.0065 0.099
9 65 0.0077
E 75 0.0085
7 83 0.0101
[} 95 0.0113
5 105 0.0091 0.054
4 115 0.0000
3 125 0.0109
z 135 0.0117
1 145 0.0125

For example. the shear deflection formula for the single-diagonally braced ex-
ample frame is

3
o= 2| £]
E L4, a|

and using this 1o compute the drift in story 8 due to shear

S T\ 2w 10 30
= (,0089 f

75 (21,36-" X 144 20 x |44)

3. Sum the story drifis due to shear up to and including stories 5. 10, and 15
to obtain the total shear drift at floor levels 5. 10, and 15, and record the values
in column 4.

For example. the drift due to shear at floor 5

Ag, = 0.0125 + 00117 + 0.0109 + 0.0100 + 0.009] = 0.054 fi
Total Drift. The total drift at any Aoor level is the sum of the flexural and shear

drifts at that level; for example, the total drift at the top of the 15-story frame in
fquestion is
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.ﬁ” - ﬂ-“r += ﬂ”., = 0,380 + 0.126 = u.m M

A computer stiffness matrix analysis of the same structure gave the result A s
= 0,477 i, hence. in this case the approximate hand method was +6.1 % in error,
This error was probably due 1o the assumption implicit in the method of calculating
the flexural component of drift, that the axial forces in the two columns of any
particular story of a single-bay frame are equal in value. In the single-diagonally
braced frame considered, the column axial forces in each story do not have exactly
the same value. One is always smaller than assumed in the calculation, because of
the veriical component of the force in the bracing member; hence the deflection
calculated by the approximate method is larger.

Figure 6.12a shows the relative contributions of the columns’, diagonals’, and
girders" deformations to the drift of the example structure. It is evident that al-
though the diagonals have the largest influence on the drift in the lowest region,
the column axial deformations tend to dominate the drift further up the structure,
thus causing an overall Aexural mode of behavior of the structure.

Figure 6.12b shows the relative contributions of the columns, diagonals, and
girders to the story drfts. In the upper part of the structure, the axial deformations:
of the columns dominate the story drifis even more than they do the total dnift.

6.5 USE OF LARGE-SCALE BRACING

Traditionally, and indeed currently. the typical arrangement of bracing in tall
building structures is in story-height. bay-width modules. In this form it is vsually
possible to conceal the bracing within the walls or facade of a building 10 leave
little evidence of its being a braced structure,

Over the last two decades the high efficiency of bracing in resisting lateral load-
ing has been further exploited by using it on a larger modular scale, both within
the building and extemnally across the faces. In the laner form the massive diago-
nals have sometimes been emphasized as an architectural feature of the facade.

A simple and elegant example of the use of massive K-braced trusses in resist-
ing wind loading is in the 35-story Mercantile Tower in St. Louis, Missouri (Fig,
6.13). Four verical trusses, each consisting of three-story height K-braced panels,
are aligned diagonally in plan across the cut-off comers of the building. Each pair
of vertical trusses at the ends of the building is joined by a rigid frame. The trusses
are also connected to a single-bay rigid frame on each of the wide faces to form a
stiff venical U-section assembly at each end of the building. These provide resis-
tance to wind i both the transverse and longitudinal directions of the building.

The 27-story Alcan Building in San Francisco (Fig. 6.14) uses six-story height
panels of double-diagonal bracing between the main full-height columns on each
of the building’s four faces. At each mid-panel crossover point the braces connect
to intermediate columns that rise from the first floor, transition girder level. In this
armangement the braces serve several roles:
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I. to carry the lateral shear on the building:
- 1o mobilize the intermediate columns axially so that they participate with
the main columns in resisting the lateral load moment:
3. 1o shift gravity loading from the intermediate columns 1o the main columns
and thus reduce the load on the transfer girder.

| B¥ )

The 100-story John Hancock Building in Chicago is a braced tube (Fig. 4.14),
In this hybrid form of structure the four rigid frame faces of the building are stiff-
encd by overall diagonal bracing. The rigid frames form a vertical tube-type can-
tilever in which the frames parallel to the wind act as the webs of the cantilever.
while the frames normal to the wind act as the flanges. The role of the bracing is
again multi-purpose in;

f / 1 |. resisting the horizontal shear:

i |! 2. reducing the shear lag in the flange column axial forces and hence making
Fig. 6.13 Mercamile Tower, St. Louis, Missoun. the whole cross-section of the building structure stiffer against horizontal
load bending;

- helping to equalize the gravity load stresses in the columns,

rg
1
tad

N An important consequence of the reduced shear lag in the flange frames of the
l\ braced-tube structure is that the demand on the rigid-frame action is reduced so
much that the columns can be spaced further apart, and the spandrel beams can be
:}* shallower than in unbraced tube structures, thereby allowing larger window open-
ings.
\ The 914-fi-tall Citicorp Building in New York City has a frame structure (Fig.
6.15), which, although completely concealed by cladding, depends heavily on di-
/ agonal members. The square plan tower is supporned by a full-height central core
and four nine-story braced legs that are located under the middle of the tower faces.
\ Each braced leg supports a two-story transfer truss from the top of which a **ma-
jor'" mast column extends in line with the leg to the top of the tower. **Minor'*
/ columns are located at the comers and quarter points of the tower faces. The col-
umn system is K-braced by eight-story-high major diagonals that form chevron-
like eighi-story tiers supported by the mast columns. Gravity loads are shared be-
\ tween the core and the outer frames. In the frames the load is transferred from the
/ minor columns to the mast column by the diagonals at eight-story intervals. Wind
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shear is collected by the core over eight-story-height regions and transferred 1o the
braced outer frames at the base of each tier. At the base of the tower the entire
shear is transferred back 1o the core and hence to the ground. Wind moment is
carried mainly by the mast columns and legs in the faces normal to the wind, and
partly by the core. The unique structure of the Citicorp Buildin g was developed to
satisfy a requirement for the building to overhang an existing church on the site.
Since the diagonals carry a significant pant of the gravity loading, the structure
Fig. 6.14  Alcan Building, San Francisco, may be classified as either a space truss or a braced frame.
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Fig. 6.15 Citicorp Building. New York City.

SUMMARY

A braced frame is an efficient structural form for resisting horizontal loading. It
acts as a vertical truss, with the columns as chords and the braces and girders as
web members. The most efficient type of bracing, using full diagonals, is also the
most obstructive to door and window openings. Other arrangements are available
that are more amenable to allowing openings but that, weight for weight, are less
stiff horizontally. The bracing arrangement is usually dictated by the requirements
for openings.

An advantage of some types of braced framing is that horizontal loading does
not contribute significantly to the girder forces: eonsequently, the girders can be
uniform over the height of the structure with econamy in design and construction,

REFERENCES 129

Some forms. in which the bruces connect pant way along the girder. sllow the
girder 1o be designed for gravity loading as continuous over the brace connections,
again with resulting economy.

Braced bents deflect with a combination of flexural and shear components: the
flexural component results from the column axial deformations, and the shear com-
ponent from the brace and girder deformations. Low-nse structures deflect in a
predominantly shear mode while high-rise braced bents deflect in a predominantly
flexural mode.

Braced-frame member forces may usuvally be analyzed by the method of joints
or by the method of sections. To allow a statically determinate analysis. it is usu-
ally assumed either that the shear is shared equally between the tension and
compression braces, or that the compression brace has buckled and the tension
brace carries all the shear.

Deflections may be analyzed by hand, either exactly. using the virtual work
method, or approximately. using a combination of the moment area method and »
shear deflection formula. An advantage of the virtual work method is that it indi-
cates which members contribute most significantly to the deflection, therefore pro-
viding guidance as to which members should be adjusted to control the deflection.

Although bracing has been used typically in story-height bay-width modules, a
recent development for very tall buildings has been to incorporate it in larger scale,
multistory multibay arrangements. The effect of these has been to cause a more
integral behavior of the column-girder system in resisting both gravity and hori-
zontal loading, creating highly efficient structural forms for very tall buildings. In
some notable examples, the large scale bracing has been exposed on the buildings’
faces 1o give a characteristic architectural effect.
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Rigid-Frame Structures

A ngid-frame high-nise structure typically comprises parallel or onthogonally ar-
ranged bents consisting of columns and girders with moment resistant joints. Re-
sistance to honzontal loading is provided by the bending resistance of the columns,
girders, and joints. The continuity of the frame also contributes 1o resisting gravity
loading. by reducing the moments in the girders.

The advantages of a rigid frame are the simplicity and convenience of its rect-
angular form. Its unobstructed arrangement, clear of bracing members and struc-
tural walls. allows freedom intemally for the layout and extemnally for the fenes-
tration. Rigid frames are considered economical for buildings of up to about 25

stones, above which their drift resistance is costly to control. If, however, a ngid
frame is combined with shear walls or cores, the resulting structure is very much

stiffer so that its height potential may extend up to 50 stories or more, A fRat plate

structure is very similar to a rigid frame, but with slabs replacing the girders. As

with a rigid frame. horizontal and vertical loadings are resisted in a flat plate struc-
ture by the flexural continuity between the vertical and horizontal Components,

As highly redundant structures, rigid frames are designed initially on the basis
of approximate analyses. after which more rigorous analyses and checks can be
made. The procedure may typically include the following stages:

| Estimation of gravity load forces in girders and columns by approximate
method.

2. Preliminary estimate of member sizes based on gravity load forces with ar-
bitrary increase in sizes 1o allow for horizontal loading.

3. Approximate allocation of horizontal loading to bents and preliminary anal-
ysis of member forces in bents.

4. Check on drift and adjustment of member sizes if necessary.

3. Check on strength of members for worst combination of gravity and hori-
zontal loading. and adjustment of member sizes if necessary.

6. Computer analysis of total structure for more accurate check on member
strengths and drift, with funther adjustment of sizes where required. This
slage may include the second-order P-Delw effects of gravily loading on the
member forces and drift,

7. Detailed design of members and connections.
130
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This chapter considers methods of analysis for the deflections and forces for
both gravity and horizontal loading, The methods are included in roughly the order
of the design procedure. with approximate methods initially and computer tech-
niques later. Stability analyses of rigid frames are discussed in Chapter 16,

7.1 RIGID FRAME BEHAVIOR

The horizontal stiffness of a rigid frame is govermned mainly by the bending resis-
lance of the girders, the columns, and their connections. and. in a tall frame. by
the axial rigidity of the columns. The sccumulated horizontal shear above any story
of a rigid frame is resisted by shear in the columns of that story (Fig. 7.1). The
shear causes the story-height columns to bend in double curvature with points of
contraflexure at approximately mid-story-height levels, The moments applied to a
joint from the columns above and below are resisted by the attached girders, which
also bend in double curvature, with points of contraflexure at approximately mid-
span. These deformations of the columns and girders allow racking of the frame
and horizontal deflection in each story. The overall deflected shape of a rigid frame
structure due to racking has a shear configuration with concavity upwind. a max-
imum inclination near the base. and a minimum inclination at the top. as shown
in Fig. 7.1.

The vverall moment of the extemnal horizontal load is resisted in each story level
by the couple resulting from the axial tensile and compressive forces in the col-
umns on opposite sides of the structure (Fig. 7.2). The extension and shortening
of the columns cause overall bending and associated horizontal displacements of
the structure. Because of the cumulative rotation up the height, the story drift due
to overall bending increases with height, while that due to racking tends 1o de-
crease. Consequently the contribution to story drift from overall bending may, in.
the uppermost stories, exceed that from racking. The contribution of overall bend-
ing to the total drift, however, will usually not exceed 10% of that of racking,

—- Points of
contraflesure
T 2 [— Shear in columns
-l - -
S ¥ Typrcal column
y S moment d1agram
-
- Typical beam
momant diagram
==

Fig. 7.1 Forces and deformations caused by external shear.
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Fig. 7.2 Forces and deformations caused by external moment.

excepl in very tall, slender, ngid frames. Therefore the overall defiected shape of
a high-nise rigid frame usually has a shear configuration.

The response of a rigid frame 1o gravity loading differs from & simply connected

frame in the continuous behavior of the girders. Negative moments are induced

adjacent to the columns, and positive moments of usually lesser magnitude occur
in the mid-span regions. The continuity also causes the maximum girder moments

1o be sensitive 1o the pattemn of live loading. This must be considered whcr! esti-
mating the worst moment conditions. For example. the grgvily load maximum
hogging moment adjacent to an edge column occurs whql:n live load acts r.m_ly on
the edge span and alternate other spans, as for A in Fig. 7.3a. The maximum
hogging moments adjacent 1o an interior column are caused, hqwcvlcr. when live
load acts only on the spans adjacent to the column, as for B in Fig. 7.3b. The
maximum mid-span sagging moment occurs when live load acts on the span under
consideration, and alternate other spans, as for spans AB and CD in Fig. 7.3a.
The dependence of a rigid frame on the moment ::apacit}'.uf the columns for
resisting horizontal loading usually causes the columns of a rigid frame to be larger
than those of the corresponding fully braced simply connected frame. On the other
hand, while girders in braced frames are designed for their mid-span sagging mo-

A B c ] £
La)

4 B C o E

BTyl | i

| | | | Y
{b)

Fig. 7.3 (a) Live load pattern for maximum positive moment in AB and CD, and maxi-
mum negative moment at A: (b) live load pattern for maxsmum negative moment at B.
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ment. girders in rigid frames are designed for the end-of-span resultant hogging
moments. which may be of lesser value. Consequently, girders in a rigid frame
may be smaller than in the corresponding braced frame. Such reductions in size
allow economy through the lower cost of the girders and possible reductions in
story heights. These benefits may be offsel. however. by the higher cost of the
more complex rigid connections.

7.2 APPROXIMATE DETERMINATION OF MEMBER FORCES
CAUSED BY GRAVITY LOADING

A rigid frame is a highly redundant structure: consequently. an accurate analysis
can be made only after the member sizes are assigned. Initially, therefore, member
sizes are decided on the basis of approximate forces estimated either by conserv-
ative formulas or by simplified methods of analysis that are independent of member
properties. Two approaches for estimating girder forces due 1o gravity loading are
given here.

7.2.1 Girder Forces—Code Recommended Values

In rigid frames with two or more spans in which the longer of any two adjacent
spans does not exceed the shorter by more than 20%, and where the uniformly
distributed design live load does not exceed three times the dead Ioad, the girder
moment and shears may be estimated from Table 7.1. This summarizes the rec-
ommendations given in the Uniform Building Code [7.1 ]. In other cases a conven-
tional moment distribution or two-cycle moment distribution analysis should be
made for a line of girders at a floor level,

7.2.2 Two-Cycle Moment Distribution [7.2]

This is a concise form of moment distribution for estimating girder moments in a
continuous multibay span. It is more accurate than the formulas in Table 7.1,
especially for cases of unequal spans and unequal loading in different spans.

The following is assumed for the analysis:

l. A counterclockwise restraining moment on the end of a girder is positive
and a clockwise moment is negative.
- The ends of the columns at the floors above and below the considered girder
are fixed.
3. In the absence of known member sizes, distribution factors at cach joint are
taken equal to 1 /n, where 1 is the number of members framing into the joint
in the plane of the frame.

LE*]

Two-Cycle Moment Distribution—Worked Example. The method is dem-
onstrated by a worked example. In Fig. 7.4, a four-span girder AE from a rigid-
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TABLE 7.1 Gravity Load Forces in Girders

Location on Girder

Walue of Moment®

Sagging End spans: discontinuous end wi®
FEHTIE unrescrined 11
End spans: discontinuous end integral wil®
with suppon [4
Interior spans wi”
16
Hogging At extenior face of first interior suppon: wil?
oMl for two spans G
At exterior face of first interior suppon: wi?
for more than two spans 10
At other faces of intenor suppons wl®
I
At face of all suppors where, at each end wil
of each span E column stifinesses/ 12
beam stiffness > §
At interior face of exterior suppon for wl”
member built imegrally with spandrel 24
beam or girder
Al mienior face of extenor suppon for wi”
member built integrally with column 16
Shear In end members at face of first interor 1S wi
suppon T2
Al face of all other supports wik
2

“wis load per unit length of distributed load. L is the clear span for sagging moment of shear, and the:

average of sdjpcent clear spans for hogeing moment

————
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Fig. 7.5 Formulas for fixed-cnd moments,

frame bent is shown with its loading. The fixed-end moments in each span ane
calculated for dead loading and total loading using the formulas given in Fig. 7.5.
The moments are summarized in Table 7.2.

The purpose of the moment distribution is to estimate for each suppor the max-
imum girder moments that can occur as a result of dead loading and partemn live
loading. A different load combination must be considered for the maximum mo-
ment at each suppon, and a distribution made for each combination.

The five distributions are presented separately in Table 7.3. and in a com.
bined form in Table 7.4. Distributions @ in Table 7.3 are for the extenior sup-
ports A and E. For the maximum hogging moment at A. total loading is ap-
plied 1o span AB with dead loading only on BC. The fixed-end moments are
written in rows 1 and 2. In this distribution only the resulting moment at A is
of interest. For the first cycle. joint B is balanced with a correcting moment of
~(—867 + 315)/4 = —U /4 assigned to My, where U is the unbalanced mo-

TABLE 7.2 Fixed-End Moments for Two-Cycle Moment Distribution Worked
Example

Live Tosd 400 25, 200 200 25~ J400KN 0 kN
Doad load 20 200 204 V1150 1150 20 00 kN 20 kN/
i
al 4.0m alz.azfz.33] ol a0 0 £
.l B.0m | 7.0 7.8 | 5.7

Fig. 7.4 Gravity loading on girders of rigid frame,

Dead Logd Dead + Live Load

Span Loading Momient (kNm ) Moment (kNm)
AB Concentrated 200 K}
Uniform distribution 107 267
Tatal o7 B&T
BC Concentrated 233 544
Uniform distribution 82 |84
Total 35 728
CD Concentrated |95 585
Uniform diseribution [[1]] 228
Tonal 204 B3
DE Concentrated 0 ]
Uniform distribution 75 187
Total 75 187
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TABLE 7.3 Two-Cyele Moment Distribution

a, Mavisem Mosents ar A and £
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ABLE 7.3 (Comineed)

o, Metvomisein Mowens e D

A B D C D
[hsinbution H,.,g Mﬂg -I'du.{_' MJ'I' III"’I'IIIF p'“fihuliﬂn M{'u M,c'". Mt;q:- HIFF HH‘.
Factors 1/3 1/4  1/4 174 1/4 Factor 174 1/4 ifa 174 1/3
'. b.L. FEM' 315 - 296 L. FEM -315
3, T.L. EEM" 867 — 867 187 1L FEM 813 -813 187 ~ 187
3. Camvover 69 Carryover e S
4. Addition 936 Adddition -875 218
5. Distibution —312 Distribution 164 164
6. Maximum 624 Maximum =711 382
MM S mimenls
L dead boading: TL . wisl loading: FEM. fixed-end moments.
b Meaximum Momenr ar B
2 B (o (row 5). implicitly adding the same moment to the two column ends at A. This
., completes the second cycle of the distribution. The resulting maximum moment
i M : £ il
Pisibudion: M Man M Mce  Meo At A is then given by the addition of rows 4 and 5, 936 — 312 = 624. The distri-
Faciors 1/3 /4 1/4 i/4 174 . ; S
bution for the maximum moment al £ follows a similar procedure,
|. D.L. FEM 206 Distribution & in Table 7.3 is for the maximum moment at B. The most severe
2. T.L.FEM 867 —Sﬁ; 72: s loading pattern for this is with total loading on spans AB and BC and dead load
3. Ca.rr.g.wer =14 only on CD. The operations are similar to those in Distribution a. except that the
4. Addition =01z 732 first cycle involves balancing the two adjacent joints A and C while recording only
5. Distribution 58 58 their carryover moments to B. In the second cycle. B is balanced by adding
6. Maximum -054 840 =(=1012 + T82)/4 = 58 1o each side of B. The addition of rows 4 and 5 then
MOMmEnts gives the maximum hogging moements at B. Distributions c and d. for the moments
it joints C and D, follow patterns similar to Distribution b.
¢ Maximum Moment at C The complete set of operations can be combined as in Table 7.4 by initially
B c D fecording at each joint the fixed-end moments for both dead and total loading.
_— Then the joint, or joints, adjacent to the one under consideration are balanced for
Distribution My Mye Mew  Mep Mpe My
Fact /4 1/4 L4 /4 1/4 1/4
i LE 7.4 Combined Two-Cycle Moment Distribution
. D.L. FEM =307 ]
2. T.L. FEM 728 -728 813 __-813 A B C D
3. Cﬂrr'_«'ﬂ'l"tl‘ —353 92 HﬂB Mﬁ-ﬁ MBL‘ M['a Mg_—n Mn,t MDE HI.D
4. Addition ~781 905 1/3 /4 1/4 /4 14 1/4 174 1/3
St T S
% Diglbu 2 DL FEM*, 307 307,315 -3155.296 296,75
6. Maximum =Rl2 874 T.L. FEM" 867 —-R67 728 =728 813 =BI13 187 -
moments Camyover O 145 5% 53 o= g 3 T

ment. This is not recorded, but half of it, (—U/4)/2, is camied over to My
This is recorded in row 3 and then added to the fixed-end moment and the re

recorded in row 4.,

The second cycle involves the release and balance of joint A, The unbala
moment of 936 is balanced by adding ~U/3 = -936/3 = -312 10 M,

- Adddinion 4936

Muximum 624
T TTES

=1012 782 =TEI 9085 —B75 218 =173
 Disinibution =312 58 58 =3, =3| 164 164

~954  B40 =812 BN =TIl 382 =115

abilsrevintions, see the fooinote 1o Table 7-1
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the appropriate combination of loading, and carryover moments assigned 1o the

= e v
considered joint and recorded. The joint is then balanced to complete the distri- P - $ L :l': sz |
bution for that suppon. 3 et ' l
Maximum Mid-Span Moments. The most severe loading condition for a max- ' 3~ -
imum mid-span sagging moment is when the considered span and alternate other E
spans carry total loading. A concise method of obtaining these values may be T ||
included in the combined two-cycle distribution. as shown in Table 7.5. Adopting el I 2 1
the convention that sagging moments at mid-span are positive. a mid-span total | = - T pprss
loading moment is calculated for the fixed-end condition of each span and entered a2 | LA L
in the mid-span column of row 2. These mid-span moments must now be corrected | ST|A=xT e 2 o
to allow for rotation of the joints. This is achieved by multiplying the carryover gk LA | '
moment. row 3, at the lefi-hand end of the span by (1 + 0.5 D.F.} /2. and the |
carryover moment at the right-hand end by —(1 + 0.5 D.F.)/2. where D.F. is 2 i =
the appropriate distribution factor. and recording the results in the middle column. | ey ~
For example, the carryover to the mid-span of AB from A = [(1 + 0.5/3)/2] T '

% 69 =40and from B = —[(1 + 0.5/4)/2] % { —145) = 82. These correction cw gz ala=|a
moments are then added (o the fixed-end mid-span moment to give the maximum. SSIAZTET| R
mid-span sagging moment. that is. 733 + 40 + 82 = 855, =y
S == | ZEGZA) D
I I 2 Rl
7.2.3 Column Forces =
The gravity load axial force in a column is estimated from the accumulated tribs E._-. i o
utary dead and live floor loading above that level, with reductions in live loading 4 g5 R o
as permitted by the local Code of Practice. The gravity load maximum column =
moment is estimated by taking the maximum difference of the end moments in the El v vz aloe|e
connected girders and allocating it equally between the column ends just above E so|mRVESFE
and below the joint. To this should be added any unbalanced moment due 1o ec= E
centricity of the girder connections from the centroid of the column. also allocated < £ cq|S2E=8l2
equally between the column ends above and below the joint, ] m | T ? T
=
=]
7.3 APPROXIMATE ANALYSIS OF MEMBER FORGES CAUSED = sog o |2
BY HORIZONTAL LOADING ] o T 2
- =
7.3.1 Allocation of Loading between Bents S =552z |$
_ ; : - . . : KA RG] bl o<t RN
A first step in the approximate analysis of a rigid frame is to estimate the allocation = ' £
of the external horizontal force to each bent. For this it is usual to assume that the i '
floor slabs are rigid in plane and, therefore, constrain the horizontal displacements ) 5 =
of all the vertical bents at a floor level to be related by the horizontal translations ? = ;
and rotation of the floor slab. = ol S S g
2 E|EEZgE B2
Symmetric Plan Structures Subjected to Symmetric Loading. A sym- @ 2l s rpaE : E i
metrc structure subjected to symmetric loading (Fig. 7.6a) translates but does not = Slord § E §
twist. From the assumption of slab rigidity, the bents translate identically, The = Y i I-E

139
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Fig. 7.6 (1) Symmetric-plan rigid frame: (b) asymmetric-plan rigid frame.

lotal external shear at a level will be distributed between the bents in proportion
to their shear rigidities (GA) at that level. An explanation of the shear rigidity
parameter (GA) is given in a later section but, for now. it may be obtained for
level i in a bent simply by using

(7.1)

in which h, is the height of siory i, G = E(/,/L) for all the girders of span L

across floor i of the bent, and € = £(/,/k;) for all the columns in story i of the

bent. £ is the modulus of elasticity, and /, and /, are the moments of inertia of the
columns and girders, respectively.
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Asymmetric Plan Structures. The effect of lateral loading on a structure hay-
Ing an asymmetric plan is 1o cause a horizontal plane torgue in addition to trans-
verse shear. Therefore, the structure will twist as well as translaie,

Referring to the asymmetric structure in Fig. 7.6b. and defining the location of
the center of shear rigidity of the set of parallel bents in story ¢, relative 1o an
arbitrary origin 0, as given by

L(GA)s, ‘
X = | = 1.3
K 7T j
An cstimate of the shear 0, carried by bent j at level f is given by
EH:GA ],I Q.IEJ{GA }l:"] !
; : (7.3)

0 = 3(Ga), ” Z[(Ga)]

in which for level i, @, is the wotal shear. ( GA ), 1% the shear ngidity of bent fin
story i, e is the eccentricity of @, from the center of shear rgidity in story i, ¢, is
the distance of bent j from the center of shear rigidity. and the two summations
refer to the full set of bents parallel to the direction of loading. The signs of ¢ and
¢ are the same when they are on the same side of the center of ngidity.

7.3.2 Member Force Analysis by Portal Method

The portal method [7.3] allows an approximate hand analysis for rigid frames
without having to specify member sizes and, therefore. it is very useful for a pre-
liminary analysis. The method is most appropriate to rigid frames that deflect pre-
dominantly by racking. It is suitable. therefore, for structures of moderte slen-
demess and height, and is commonly recommended as useful for structures of up
1025 stories in height with a height-to-width ratio not greater than 4: 1 [7.4]. lis
name is derived from the analogy between a set of single-bay poral frames and a
single story of a multibay ngid frame (Fig, 7.7a and b). When each of the Separaie
portals carries a share of the horizontal shear. tension occurs in the windward
columns and compression in the leeward columns. If these are superposed to sim-
ulate the multibay frame, the axial forces of the interior columns are eliminated.,
leaving axial forces only in the extreme windward and leeward columns.

The reduction of the highly redundant multistory frame to allow a simple anal-
ysis is achieved by making the following assumptions:

I. Horizantal loading on the frame causes double curvature bending of all the
columns and girders, with points of contraflexure at the mid-height ol col-
umns and mid-span of girders (Fig, 7.1).

2. The horizontal shear at mid-story levels is shared between the columns in
propartion to the width of aisle each column supports,
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Fig. 7.7 (a) Separate ponals analogy for poral method: (b) separate porals superposed,

The method may be used to anaiyze the whole frame. or just a portion of the
frame at a sclected level. The analysis of the whole frame considers in tumn the
cquilibrium of separate frame modules, each module consisting of a joint with its
column and beam segments extending to the nearest points of contraflexure. The
sequence of analyzing the modules is from lefi to right, starting at the top and
working down to the base.

The procedure for a whole frame analysis is as follows:

I. Draw a line diagram of the frame and indicate on it the horizontal shear at
each mid-story level (Fig. 7.8).

- In each story allocate the shear to the columns in proportion to the aisle

widths they support. indicating the values on the diagram.

3. Starting with the top-left module (Fig. 7.9a), compute the maximum mo-
ment just below the joint from the product of the column shear and the half-
story height,

4. Find the girder-end moment just 1o the right of the joint from the equilibrivm
of the column and girder moments at the joint. The moment at the other end
of the girder is of the same magnitude but corresponds to the opposite cur-
vature.

5. Evaluate the girder shear by dividing the girder end-moment by half the
Span.

6. Consider next the equilibrium of the second joint (Fig. 7.9b). repeating steps
310 5 to find the maximum moment in the second column, and the moment
and shear in the second girder from the lefi.

Fd

This is repeated for each successive module working across to the right, and is
then continued in the level below, starting again from the lefi, The values of shear
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Fig. 7.8 Example: Ponal method of analysis.

and moment are recorded and a bending moment diagram drawn on the diagram
of the structure as the analysis progresses (Fig. 7.8). The bending moments are
recorded on the girders above the lefi-hand end and below the right-hand end. and
similarly on the columns as viewed from the right. The shears are written perpen-
dicular to the columns and beams at the mid-heights and mid-spans, respectively,
The bending moment diagram is drawn here on the tension side of the member.

If member forces are required only at a particular level in the structure, the
honzontal row of modules at that level, consisting of the girders and half-columns
above and below, can be analyzed separately by the above procedure without hay-
ing 10 start the analysis at the top (Fig. 7.9¢ and d).

The consideration of vertical equilibrium of a joint module should give the
increment of axial load picked up by a column at that level. However, the assumed



144 RIGIDFAAME STRUCTURES

-
®
P
rr
A i B
T
Girder e
frnn-ent af _r Floor
o = Toval
-5.23 J ) &
» - = 20
a4 =
. \Im'

A
o

o

€

3
1.75m

Cal.shear
29

{a} {b)

1.75m

i
e
7.3

1.75m
g
77.3

Fig. 7.9 Equilibrium of modules: ponal methad.

distribution of shear between the columns results in a zero increment for all except
the two exterior columns. The axial force in the exterior columns in any story is

equal, therefore, to the moment of the external loading about the mid-height level
of that story, divided by the distance between the columns. The portal method

tends to overestimate the axial force in the exterior columns and is incorrect in
estimating zero axial force for the interior columns. However, when these forces
are added to the gravity load axial forces, the effect of the discrepancies on the
resultant axial force is generally negligible.

The simplicity of the portal method and the advantage that it allows a direct

analysis of member forces at intermediate levels make it the most vseful of the
approximate methods for rigid-frame analysis. If, however, the frame is taller and
more slender, so that overall bending of the structure by axial deformations of the
columns becomes significant, it may be more appropriate to analyze it by the can-
tilever method.

Porial Method—Worked Example. [t is required to determine the member
forces in the 20-story frame of Fig. 7.8, The story height is typically 3.5 m, to
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g'::-'c a total height of 70 m. The bents are spaced at 7.0 m. The intensity of the
wind loading is 1.5 kN /m” throughout the heigh.

36.8 kN
18.4 kN
Shear in the top story = 18.4 kN

Wind load per floor: At typical levels 1.5 x 7.0 x 3.5
Al the roof level 1.5 % 7.0 x .75

Distributing this shear between the top-story columns in proportion to the widths
of aisle supparted:

For column A: 184 x 3.25/20 = 2.99 kN
For column B: 18.4(3.25 + 3.75)/20 = 6.44 kN

T:ht!_ shear in columns C and D and in the columns of the stories below are allocated
similarly. The values are recorded on Fig. 7.8.

Starting with the top-left module A20 (Fig. 7.9a) and considering its free-body
equilibrium:

Moment at top of column = column shear % half-story height

299 x 175 = 5.23 kNm

From moment equilibrium of the joint, the moment at left end of the first girder

= =5.23 kNm
Shear in girder = girder-end moment/half girder length
= 5.23/3.25 = 1.61 kN.

Because of the mid-length point of contraflexure, the moment at the right end
of the girder has the same value as at the left end. Similarl ¥. the column moments
at the top and bottom of a story are equal. The sign convention for numerical
values of the bending moment is that an anticlockwise moment applied by a joint
to the end of a member is taken as positive.

IThe values of the moments and shears are recorded on Fig. 7.8. Continuing
with the next module 1o the right. B20, in Fig. 7.0b:

Moment at 1op of column = column shear x half-story height

=644 % 1.75 = 11.27 kNm

From moment equilibrium of joint, moment at end of secand girder

= =(11.27 - 5.23) = -6.04 kNm
Then shear in second girder = girder moment/hall-girder length

= 6.4 /3.75 = 1.6]1 kN



146 RIGID-FRAME STRUCTURES

The above procedure is repeated for successive modules to the right, and then
continued on the floor below, starting again from left,
For the direct analysis of forces at an intermediate level. consider floor level 8

(Fig. 7.8).
Staniing with the left module A8 (Fig. 7.9c):

120.4 kNm

120.9 kNm

6E.8 = 1.75
T4.8 = 1.75

i

Moment in column above joint

f
]

Moment in column below joint

From moment equilibrium of joint. moment at end of first girder

]

~(120.4 + 130.9) = —251.3 kNm
251.3,-"3.15 = T7.3 kN

Then shear in first girder
Continuing with the next-right module B8 (Fig. 7.9d):

1481 » 1.75 = 259.2 kNm
161.0 = 1.75 = 281.8 kNm

Moment in column above joint

Il

Moment in column below joint

From moment equilibrium of the joint, the moment at the end of the seco
airder

~289.7 kNm
289.7/3.75 = 77.3 kN

= —(259.2 + 281.8 — 251.3)
Then the shear in the second girder

The above procedure is repeated for successive modules 1o the right. as in Fig,
T.8.

7.3.3 Approximate Analysis by Cantilever Method [7.5]

The cantilever method is based on the concept that a tall rigid frame subjected
honzontal loading deflects as a flexural cantilever (Fig. 7.2). The validity of this
concept increases for taller, more slender frames, and for frames with higher girde
stifiness. The method is recommended [7.4] as suitable for the analysis of struc.
tures of up to 35 stories high with height-to-width ratios of up 10 5: 1.

It is similar to the portal method in considering the equilibrium of joint modules
in sequence. It differs. however, in starting by assuming values for the axial forces,

rather than the shears. in the columns. It is less versatile than the portal method in

not allowing a direct analysis of intermediate stories,
The assumptions for the cantilever method are as follows;

1. Horizontal loading on the frame causes double curvature bending of all the

columns and girders with points of contraflexure at the mid-heights of cols
umns and mid-spans of girders.
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2. The axial stress in a column is proportional 1o its distance from the centroid
of the column areas.

The procedure for the analysis is as follows:

I. Draw a line diggram of the frame and record on it the external moment M
at each mid-story level (Fig. 7.10).
2. Find the centroid of the column arcas and compute the second moment of
the column aress about the centroid using
=2 ac (7.4)

where ¢, is the distance of column j from the centroid. In a case where the
column areas A, are not known, they are 1o be taken as unity. Calculate the
column axial forces F, in each story using

F=—=4, (7.5)

Record these on the diagram of the structure,

Hind Resulzing

lpad matarmal i E 4 )
kb momens i = =
8.4 kN-m —
. e 20
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iy
35.8
—— E" 19
L]
-
36,8 -
. {8 ]
m &
418.6 13. =
= 118.58 6.66 -7.10 ~18. 118

L - 7.5= f.0m
]
10.13m 987 -
cantraid of
£0.0m ealumn areas

Antal force wn column Indicaled 1A adjacent bés:
Othereite member Fforces indicated as for Portal Method

Fig. 7.10 Example: cantilever method of analysis
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Fig. 7.11 Eqguilibrium of modules: cantilever method.

3. Stanting with the top-left module (Fig. 7.11a) find the vertical shear in the
girder from the vertical equilibrium of the module.

4. Compute the girder-end moments from the product of the girder shear and
its half-span.

3. Compute the moment in the column just below the Joint from the equilibrium
of the girder and column moments at the joint.

6. Evaluate the column shear by dividing the column-top moment by half the
story height,

7. Considering the next-right module (Fig. 7.11b) find the shear and moment
in the second girder and column by repeating steps 3 1o 6.

This is repeated for each module in wm. moving te the right across the top
level, and then continuing from left 1o right in the level below, The values of shear
and moment are recorded on the diagram of the structure (Fig. 7.10).

The convention for indicating forces in the members is the same as in Fig. 7.8,
with the column axial forces written in boxes.

Cantilever Method—Worked Example. Analysis of the same 20-story,
70-m-high frame considered in the poral analysis. Referring 1o Fig. 710, external
moments due to wind are

At mid-height of story 20 = 18.4 x 1.75 = 32.2 kNm

At mid-height of story 19 = 18.4 x 5.25 + 36.8 x 1.75
161.0 kNm

Continue to calculate the extemal moment for each story down 1o the base and
record the values on Fig. 7.10.

Assuming a unit sectional area for each column:
Location of centroid of areas = | x (6.5 + 14.0 + 200 /4 = 10.12 m from lefl
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The second moment of area

I x (10.13% + 363 + 3.87° + 9.87%)

]

282 m*

Column axial forces:

McA/l = 32.2 % 10.13 % 1/228.2

1]

Top story first column
1.43 kN 1ension

second column = McA/f = 32.2 = 3,63 =% 1/2282

= (0,51 kN tension

Continue 1o find the axial forces in all the columns down to the base. The values
are recorded (in boxes) on Fig. 7.10.

Starting with the top-left module. A20 (Fig. 7.11a):
From ventical equilibrium of module. shear in first girder

1.43 kN
shear % half length of girder
={1.43 x 3.25) = —4.65 kNm

It

Moment at left end of girder

From moment equilibrium of joint. moment at top of column

= 4,65 kNm

Shear in column = moment at top/half story height

= 4.65/1.75 = 2.66 kN

The moments at opposite ends of the girders and columns are of the same value,
The moments and shears and a bending moment sketch are recorded, as for the

portal method.
Considering the next-right module. B20, Fig. 7.11b.
From vertical equilibrium of module, shear in second girder

1.43 + 0.5] = 1.54 kN

shear ® half length of ginder
=[(1.94 x 3.75) = ~T7.28 kNm

Moment in left end of second girder

From moment equilibrium of joint, moment at top of column
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= —(—4.65 — 7.28) = 11.93 kNm
Shear in column = moment at column top/half story height

11.93/1.75 = 6.82 kN

This procedure is repeated for successive modules to the right, then on the level
below, working again from left to right.

7.3.4 Approximate Analysis of Rigid Frames with Setbacks

A ngid frame bent with setbacks. as shown in Fig. 7.12a, can be analyzed ap-
proximately by applying the cantilever method to the upper and lower parts as
though they were two separate frames (Fig. 7.12b).

An analysis is made first of the upper pant down 1o and including those pans of
the setback girder that form the upper frame. A moment distribution is then carried
out for the setback girder supponed on the lower columns and subjected to the
calculated verical forces from the columns of the upper structure. Because the
setback girder 15 50 much stiffer in bending than the columns. it may be assumed
for this pan of the analysis that the girder rests on simple suppons. The moment
distribution vields the girder moments and shears and. hence, the vertical forces
that the girder applies to the supponting columns: these forces are assumed 10 carry
all the way to the foundation.

The lower structure. including the setback girder. may then be analvzed by the
cantilever method applying. in addition to its story increments of wind load. &
concentraled horizontal load at the setback level equal to the total horizontal force
above that level. The column axial forces calculated from the moment of the ex-
temal horizontal loading are added to those determined from the setback beam
distribution to siart the cantilever analysis for the lower part.

The total moments and shears in the setback girder due 1o wind forces are the
superposed results of the three analyses: the cantilever analysis of the upper pan,
the cantilever analysis of the lower part, and the moment distribution of the girder,

If the complete setback structure has a low height-to-width ratio. it would be
more appropriate to use the poral method of analysis. As described above. the
two parts of the structure would be analyzed separately with the total shear from
the upper structure applied as a concentrated load at the setback level for the anal-
ysis of the lower structure. The forces in the setback girder would be obtained by
superposing the girder results from the two portal analyses. and the results of &
moment distribution using vertical forces from the upper columns as for the can-
tilever method.

7.4 APPROXIMATE ANALYSIS FOR DRIFT

When the initial sizes of the frame members have been selected, an approximale
check on the horizontal drift of the structure can be made. The drift in a nonslender
rigid frame is mainly caused by racking (Fig. 7.1}, The racking may be considered
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Fig. 7.12 (a) Rigid frame with setback; (b) setback struciure scparated for analysis.

as comprising two components: the first is due 1o rotation of the joints, as allowed
by the double bending of the girders (Fig. 7.13a and b), while the second is caused
by double bending of the columns (Fig. 7.13¢). If a rigid frame is slender, a

contribution 1o drift caused by the overall bending of the frame, resulting from
axial deformations of the columns, may be significant (Fig. 7.2). 1f the frame has
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story drift due to column flexure,

a height:width ratio less than 4: 1, the contribution of overall bending to the ol
drift at the top of the structure is usually less than 10% of that due to racking.

The following method of calculation for drift allows the separate determination
of the components attributable to beam bending, column bending, and overall can-
tilever action.

7.4.1 Components of Drift |7.6]

It is assumed for the drift analysis that points of contraflexure occur in the frame
at the mid-story level of the columns and at the mid-span of the girders. This is a
reasonable assumption for high-rise rigid frames for all stories except near the top
and bottom,

Story Drift due to Girder Flexure. Consider a story-height segment of a frame
at floor level i consisting of a line of girders and half-story-height columns above
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and below each joint (Fig. 7.13a). To isolate the effect of girder bending. assume
the columns are fexurally rigid.

The average rotation of the joints can be expressed approximarely as

total moment carried by the joints

0 == ?I
* total rotational stiffness of the joints (7:6)
The total moment = % + 0., '&“_:' {7.7)
and the wial rotational stiffness
L (i ft_,) (.*..3 r“,) 1,
= fF | = . 4 = R e
‘L}+(L, o L Dl S R |
5 |:EE(5) (7.8)
T :
From Egs. (7.6) 10 (7.8)
I Y,
E.,.. = Q.l i + Qr fl'ﬁ- I {?Ig}
24E 2 (f)

A similar expression may be obtained for the average joint rotation in the floor (i
= 1) below. but with subscripts (# + 1) replaced by i, and 7 by (i = 1),
Referring o Fig. 7.13b, the drift in story ¢ due 1o the joint rotations is

h
al! s Er{ﬂr—l + &J} {Tlul

that is

B il_.- Ql—lhr-l + thn + QJ!- + QJ - |h| -
(13 2 ;H ) E !x
UE (I)f - 24F (E)r

Assuming that the girders in floors i — 1 and @ are the same. the story heights are
the same, and the average of @, , and @, _, is equal 1o 0,

(7.11)

on’

& (7.12)
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Story Drift due to Column Flexure. Referring 10 Fig. 7.13c. in which the
dnft due to bending of the columns is isolated by assuming the girders are rigid,
the drifi of the structure in story 7 is

_ Wy

REXNL, (7.158

from which

QN
!
REX ([
4 (h)

Story Drift due to Overall Bending. Although the component of total drift
due to overall bending may be small relative to that caused by racking. the bending
inclination increases cumulatively throughout the height. Consequenily. in the up-
per stories, where the story shear drift tends to be Jess than in the lower region,
the bending drift may become a significani part of the story drift. An estimate of
the bending drift can be made by assuming the structure behaves as a Aexural
cantilever with a moment of inenia equal to the second moment of the column
areas about their common centroid. that is /, = £ (A¢®), (Fig. 7.14a and b). If the.
moment diagram (Fig. 7.14c) is used to construct an M/ EJ diagram [in which I
= L (Ac®}] (Fig. 7.14d), the area of the diagram A between the base and the
mid-height of siory | gives the average slope of story i due 1o bending action, that
is

B = (7.14)

0, = A (7.15)

Then the bending component of drift in story i is given by

by = hb, = h A (7.16)

Story Drift and Total Drift. The resulting drift in a single story i is the sum of
the components,

b =&, + 8, + 8, (7.17)

or

ki

Ofi ;
" RES (17, T M

'"TREX (1L,

(7.18)

Denoting £ (7, /L), by G, and & (1. /h), by C,. this may be rewritten

[
S L LT ! 7
5, o (G + C), + I Ay (7.19)
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The assumption of a mid-story-height point of contraftexure is not valid for the
first story of a rigid frame because of the fully fixed or hinged conditions at the
base of the columns. Therefore. special expressions should be used for the first
story drift attributable to column and girder bending [7.7). If the columns have
ngid base connections, the first story drift may be estimated by

(i .
= Dl'iri 36| C.)

e {7.20
Brie 12E ( C,) )
-4 =
6G,
If the columns have pinned base connections
Qi ( ¥ .4 )
= P S T.21
Bre s 12E \2G, C, (721
The total drifi at the nth floor of a building may then be found from
A, =28, (7,22

A check on the story drift should be made for the top story and for intermediate

stories where member size reductions oceur. If. on the basis of the initially sized
frame. the calculated drifts are well within the allowable values, these spot checks
will probably be adequate.

7.4.2 Correction of Excessive Drift

The typical proportioning of member sizes in tall rigid frames is such that girder
flexure is the major cause of drift, with column flexure a close second. Therefore,

increasing the girder stiffness is usually the most effective and economical way of

correcting excessive drift. If the girder in any single bay is substantially smaller
than the others at that level, it should be increased first.

An estimate of the modified girder sizes required at level i to correct the drift
in that story can be obtained by neglecting the contribution due to overall bending
and rewriting Eq. (7.18) in the form

Qih
() wfim]
h, 12E 2. (1, /h)

Z(r/L) = (7.23)

in which §, is assigned the value of the allowable story drift. If the frame is un-
usually proportioned so that column flexure contributes a major part of the drift,
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Eq. (7.23) may be rewritten 1o allow an estimate of the required column sizes by
interchanging £ (1, /L), and E (1 /h),.

A relatively simple check on whether girders or columns should be adjusted
first has been proposed as follows [7.8], Compute for each joint across the floor
levels above and below the story whose drift is eritical, the value of a parameter
¥ where

1 i 3
V= E/Ef (7.24)

in which £7_/L refers to the girders connecting into the joint.
If a scan of the resulting values of ¢ indicates that

I. ¢ >> 0.5, adjust the girder sizes:
2. ¢ =< 0.5, adjust the column sizes:
3. ¢ = 0.5. adjust both column and girder sizes.

This test should preferably be accompanied by an inspection of the drift com-
ponents of Eq. (7.18) 1o ascertain whether the allowable story drift is exceeded by
any one component alone, as might occur in a grossly undersized initial design. If
it is exceeded by any one component. whether as a result of undersized columns
or of undersized beams, that component must be remedied first,

7.4.3 EHective Shear Rigidity (GA)

This parameter expresses the racking stiffness of a frame on a story-height average
basis. [t is a useful parameter when considering the allocation of loading between
ngid frame bents. and the honizontal interaction of frames with walls. The com-
posite symbol {GA) is used because it corresponds with the shear rigidity of an
analogous shear cantilever of sectional area A and modulus of rigidity G. A slory-
height segment of such a cantilever may be compared (Fig. 7.15a) with a corre-
sponding portion of a rigid frame (Fig. 7.15b).

L
——
h.I / I|_I'
r Bk |
-...1_

Fig. 7.15 (1) Story-height segment of snalogous shear wall, () single story of rigid frame.
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When the cantilever segment is subjected to a shear @, us deflection is given
by

&= o (7.25)

GA
from which the shear rigidity is given by

Qh

(Ga) = = = (7.26)

1w

where ¢ is the angle of inclination. That is. (GA) is the shear force necessary 10

cause unit inclination of the shear structure.

For the corresponding portion of frame. using Eq. {7.19) and neglecting drift

caused by overall bending

e Oh }
(GA) = = T i (7.27)
12E (E T c)
then
12E
(GA) = T (7.28)
(&+2)

If the value of (GA), at level § of a frame is known, the horizontal displacement
in story { is given by

- (L
5w (GA),- (7.29)

7.5 FLAT PLATE STRUCTURE—ANALOGOUS RIGID FRAME

Flat plate structures, in which the columns are cast integrally with the floor slabs,
behave under horizontal loading similarly to rigid frames. The lateral deflections
of the structure are a result of simple double curvature bending of the columns,
and a more complex three-dimensional form of double bending in the slab. If the
columns are on 4 regular onthogonal erid (Fig. 7.16). the response of the structure
can be studied by considering each bay-width replaced by an equivalent rigid frame
bent. The slab is replaced for the analysis by an equivalent beam with the same
double bending stiffness. The hand methods of estimating drift. outlined in Sec-
tions 7.4.1 10 7.4.3. or a computer analysis, can then be applied.

The flexural stifiness of the equivalent beam depends mainly on the width-to-
length spacing of the columns and on the dimension of the column in the direction
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Fig. 7.16  Flar plate structure.

of drift. In Fig. 7.17. these parameters are used to present the effective widih of
the equivalent beam [7.9). that is. the width of the uniform-section beam having
the same double curvature flexural stiffness as the slab. with the same depth. span,
and modulus of elasticity as the slab. This equivalent beam may be used only in
the lateral loading analysis of flat plate structures. It is not appropriate for gravity
or combined loading analyses.

Figure 7.17 shows the equivalent beam stiffness 1o be very sensitive to the widih
of the column in the direction of drift. This is because of the “wide-column’ effect
that is demonstrated even more markedly by coupled shear walls (cf. Chapter 10),
When the slab width-to-span ratio b /a exceeds 1.5, the effective width becomes
virtually constant because the slab boundary regions parallel to the direction of
drift deform negligibly and therefore contribute little 1o the stiffness. The apparent
reduction in effective width shown by Fig. 7.17 as b/a increases is caused by
plotting the effective width as a fraction of the transverse span. The curves in Fig.
T.17 were oblained for square section columns: however, they are equally appli-
cable to rectangular section columns since additional analyses [7.9] have shown
thal variations in the column transverse dimension from one-half 1o two times the
longitudinal dimension cause less than a 2% change in effective width.

7.5.1 Worked Example

A fat plate multistory structure consists of a regular rectangular grid of columns
spaced at 8.0 m by 6.0 m ctns. The columns are 0.6 m square and the slab is
0.2 m thick. For horizontal loading acting parallel to the 8 m dimension. determine
the moment of inenia of an equivalent beam 1o replace the slab,

Referring to Fig. 7.17

a = 80m, b =60m, u = 6m
u 06 b 60

- == 0075 Saa='mig
ey 075 a'ﬂ.ﬂ 0,75
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Referring to the graph, the above values give

— = 0.61
5 0

Effective stab width b = 0.61 x 6.0 = 3.66 m. Therefore. moment of inertia of

equivalent beam

_ 3.66 x 0.2

= [}_ 4‘
2 0.0024 m

!

This value would normally be reduced in the analysis by 50% to allow for the
reduction in stiffiness due to cracking as the slab bends,
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7.6 COMPUTER ANALYSIS OF RIGID FRAMES

Although the previously described hand methods of determining deflections and
torces in rigid frames have served engineers well for the design of rigid frames,
and are sull useful for preliminary analysis and checking. they have now been
superseded for most practical purposes by computer analysis. A computer analysis
1s more accurate. and better able to analyze complex structures. A wide variety of
commercial structural analysis programs, invariably based on the stiffness matrix
method, are available.

Forming the model of the rigid frame for com puter analysis has been described
in Chapter 5. Briefly, it consists of an assembly of beam-type elements 1o represent
both the beams and columns of the frame. The columns are assigned their principal
mertias and sectional arcas. The beams are assigned their horizontal axis ineria
while their sectional areas are assigned to be effectively rigid. Torsional stiffncsses
of the columns and beams are usually small and, therefore, neglected. Shear de-
tormations of columns and beams are also usually neglected unless the member
has a length-to-depth ratio of less than about 5. in which case a shear area is
assigned.

If the frame is of reinforced concrete., reduced inertias are assigned to the mem-
bers 1o allow for cracking: 50% of their gross inertia to the beams and 80% of
their gross inertia to the columns.

Some analysis programs include the option of considering the slabs to be rigid
in-plane., and some the option of including P-Delta effects. If a rigid slab option
is not available, the effect can be simulated by interconnecting all vertical elements
by a horizontal frame at each floor, adding fictitious beams where necessary. and
assigning the beams 1o be effectively rigid axially and in fiexure in the horizontal
plane. Slabs are usually assumed to have a negligible transverse rigidity unless a
flat plate or flat slab action is intended, in which case the slab is represented as a
connecting grid of equivalent stiffness beams.

7.7 REDUCTION OF RIGID FRAMES FOR ANALYSIS

The reduction of a rigid frame 10 a simpler equivalent frame is a useful way of
simplifying its analysis when it is not essential 1o obtain the exact member forces.
The two techniques described below can be used separately, or in combination, 1o
give large-scale reductions in the size of the computational problem.

7.7.1 Lumped Girder Frame

A repetitive floor system offers scope for the lumping of girders in successive floors
to form a model with fewer stories. The lumped girder frame allows an accurate
estimate of the drift and a good estimate of the member forces. The girders are
usually lumped in threes or. if the frame is very tall, in fives, In the example of
Fig. 7.18, three sets of three girders are lumped into single girders thar converts
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Fig. 7.18 (a) Prowotype rigad frame: (b) equivalent lumped girder frame.

the 13-story frame into a 7-story equivalent frame. The first floor and roof girders
must not be included in the lumping because the frame behavior near the top and
the base differ significantly from that in midde regions. In Fig. 7.18b the second
floor and next-to-roof girders are also left as in the original to give an even closer
representation of the boundary conditions.

The requirement of a substitute frame is that, for horizontal loading, joint trans-
lations should be the same as those of the original structure. For translations caused
by girder flexure, Eq. (7.12) shows this requirement to be satisfied by assigning
the inertia of each equivalent girder 10 be equal 1o the sum of the lumped n-girder
inertias in the original frame. that is,

b, =21 (7.30)

To determine the properties of the columns in a lumped girder equivalent frame,
reference is made to Eq. (7, 14). Equating the component of drift caused by double
curvature column bending in a story of height nh in the equivalemt frame to the
corresponding drift over n stories in the orginal frame

O(nh)’ o & 1

12E 27 /ah Ezm (7.31)

from which the equivalent column inertias ane
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For example, in the structure shown in Fig. 7.184. the vertical stack of three
cqual-height columns / 4. /. and /. would be replaced in the equivalent lumped
girder model (Fig. 7.18b) by a three-story-height equivalent column having an

(7.32)

inertia
3
A : | : (7.33)
— + — + e
I|X "‘:‘.I fa'“l

If within each region to be lumped the inertia of a column in successive single
stories is constant, the inertia of the equivalent column of height 34 would be nine
times that of the original single-story-height columns. while the inertia of the
equivalent column in an intermediate region (Fig. 7.18b). whose length is 2k,
would be four times that of the original single-story-height columns.

The columns” sectional areas, which control the cantilever component of de-
fiection. must have the same second moment about their common centrond in the
lumped and original structures. Consequently, the areas of the equivalent columns
remain the same as those in the original frame. The horizontal loading on the
cquivalent frame is applied as equivalent concentrated loads at the lumped girder
levels. taking the half new-story-height regions above and below the lumped gir-
ders as tributary areas.

When the lumped girder frame has been analyzed. the results must be trians-
formed back 1o the original frame. The moments in the oniginal girders at the
lumped girder levels should be taken as | /n of the resulting moment in the cor-
responding lumped girders. The moments in the original girders between the
lumped girder levels should then be estimated by vertical interpolation. Girder
shears are estimated by dividing the end moments by the half-span lengths.

For original column shears in a panticular story, the actual external shear at the
mid-height of the story should be distributed between the columns in the same
ratio as that berween the resulting shears at that level in the equivalent frame. The
moments at the top and bottom of a column should be taken as the product of the
column shear and the original half-story height.

7.7.2 Single-Bay Substitute Frame [7.10]

The reduction of a multibay rigid frame 1o a single-bay equivulent frame provides
a model that closely simulates the response of the structure to horizontal loading.
It is useful, therefore, in estimating deflections for stability analyses and for dy-
namic analyses of frames whose member forces are not required. It can also be
used in a two-stage member force analysis of a large multibent, multibay frame,
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for which a first-stage overall analysis is made of the structure represented by an
assembly of equivalent single-bay bents. The resulting shears in the bents are used
to obtain the individual bent loadings, which are then used in second-stage anal-
yses of the individual multibay bents to obtain their member forces (cf. Chapter
5, Section 5.1},

Figure 7.19z and b shows a multibay rigid frame and its single-bay analogy.
Member sizes are assigned to the single-bay frame 1o cause it to deflect horizon-
tally in the same manner as the prototype. First assume an arbitrary width /. for
the single-bay frame. Then. equating the component of drifi in story ¢ of the pro-
totype, caused by double bending of the girders. to that in the single-bay frame
structure. and using Eq. (7.12)

o o
=t - (7.34
126 2 (1,/L), ~ 12E(1,/T) )

Therefore, the girder in floor i of the single-bay frame is assigned an inertia
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Fig. 7.19  (a) Multibay rigid frame: (k) cquivalent single-bay frame.

SUMMARY 185
(F), = 12 (1, /1), (7.35)

Considering similarly the component of drift due 1o double bending of the col-
umns. and applying Eq. (7.14)

Q.h; Q.1
e el = 7-3
12E 2(4,/h), ~ 12E(21,/h) L)
therefore. the moment of inertia of the equivalent single-bay column is
|
(L), =3 2 (1), (7.37)

Finally. equating the components of drift resulting from cantilever action in the
prototype and the single-bay frames. and using Eqg. (7.16)

A () =4 e ()|
A —_— =n|A —_— 7.3
' | i E LA, LAl A 7 l i EA,J“;’E i ( E]
then
A A 5
(TJ =T (4, (7.29)
therefore, the equivalent columns must be assigned sectional areas
2 a
(4,.), = = o (A (7.40)

Although the single-bay frame results for horizontal deflections will be fairly
Accurale, the resulting member forces for the single-bay frame are not transform.
ible back to the multibay frame,

The lumped girder and single-bay frame technigues can also be used in com-
bination to reduce an extremely large frame structure to one that is much more
amenable 1o a first-stage, displacement and bent shear. analysis.

SUMMARY

The flexural continuity between the members of 4 rigid frame enables the structure
1o resist horizongal loading as well as to assist in carmying gravity loading. The
probable worst combined effects of gravity and honizontal loading have 1o be es-
timated for the design of the frame.

Gravity loading causes regions of sagging moment near the mid-span of the
girders and of hogging moment beside the columns, Pattem live loading must be
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used 1o estimate the worst effects of gravity loading. The girder maximum mo-
ments may be evaluated approximately from formulas or more accurately from
conventional or shortened forms of moment distribution.

Horizontal loading causes racking of the frame due to double bending of the
columns and girders, resulting in an overall shear mode of deformation of the.
structure. The pontal and cantilever methods of analysis provide an estimate of the
horizontal loading member forces that, when combined with the gravity loading
member forces, allow a preliminary design of the frame members. The portal and
cantilever methods may be used also for the analysis of rigid frames with setbacks,

The lateral displacement of rigid frames subjected 10 horizontal loading is due
to three modes of member deformation: girder flexure, column fexure. and axial
deformation of the columns, The horizontal displacements in each story attribut-
able to these three components can be calculated separately and summed to giv
the total story drift. The sum of the story drifts from the base upward gives (
honzontal displacement at any level. If the total drift. or the drift within any slory,
exceeds the allowable values, an inspection of the componems of drift will indi
which members should be increased in size to most effectively control the drift,

A Rat-plate structure responds to loading in a manner similar 10 a rigid frame
but with the transversely varying venical flexure of the floor slab replacing the
single-plane ventical flexure of the rigid frame girder. A horizontal deflection anal-
ysis of a regular flai-plate structure can be made by considering the slabs replaced
by equivalent girders, and treating it as a rigid frame.

When a rigid frame includes many repetitive stories it may be reduced for
horizonial loading analysis by lumping the girders in three, or five, successive
fioors to give an equivalent simpler structure. The properties of the girders and
columns must be transformed initially in formulating the equivalent structure, and
the resulting forces subsequently transformed back to give the forces in the mems=
bers of the original structure. A multibay rigid frame may be reduced to an equiv-
alent single-bay frame for a horizontal loading analysis. This model is useful for
representing the horizontal response of the bent and for determining its hori s
deflections. The two reduction methods may be used. either separately or in
bination, to simplify extremely large rigid frame structures for analysis,
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IR CHAPTER 8

Infilled-Frame Structures

The infilled frame comsists of a steel or reinforced concrete column-and-girder
frame with infills of brickwork or concrete blockwork (Fig. 8.1). In addition to
functioning as partitions, exterior walls, and walls around stair. elevator, and ser-
vice shafts, the infills may also serve siructurally 10 brace the frame against hori-
zontal loading. In nonearthquake regions where the wind forces are not severe, the
masonry infilled concrete frame is one of the most common structural forms for
high-rise construction. The frame is designed for gravity loading only and, in the
absence of an accepted design method. the infills are presumed to contribute suf-
ficiently to the lateral strength of the structure for it to withstand the horizontal
loading. The simplicity of construction. and the highly developed expertise in
building that type of structure have made the infilled frame one of the most rapid.
and economical struciural forms for tall buildings.

In countries with stringently applied Codes of Practice the absence of a well-
recognized method of design for infilled frames has severely restricted their use
for bracing. It has been more usual in such countries, when designing an infilled-
frame structure, to arrange for the frame to carry the total vertical and horizontal
loading and to include the infills on the assumption that, with precautions taken 10
avoid load being transferred to them, the infills do not panicipate as part of the
primary structure. It is evident from the frequently observed diagonal cracking of
such infill walls that the approach is not always valid. The walls do sometimes
attract significant bracing loads and. in so doing. modify the structure’s mode of
behavior and the forces in the frame. In such cases it would have been better to
design the walls for the lateral loads. and the frame to allow for its modified mode
af behavior.

In this chapter a design method is presented 1o allow the use of infilled frames.
as bracing. It is based on theoretical and experimental studies of interactive wall=
frame behavior. Rather than being a method for the direct design of the frame
members and the wall, it is intended for use more as a method of checking and
adjusting an infilled frame that has already been designed 1o satisfy other criteria.
The frame is sized initially to be adequate for gravity loading, while the thickness.
of the infill wall is probably decided on the basis of the acoustic, fire. and climatic
requirements.

To brace a structure, the arrangement of infill walls within the three-dimen-
sional frame must satisfy the same requirements as for the layout of bracing in &
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Fig. 8.1 Structurad frame infilled with masonry.

steel structure. Within any story the infills must be statically capable of resisting
horizontal shear in two orthogonal directions, as well as resisting a horizontal
torque, To achieve this there must be ai least three infills that may not be all
parallel or all concurrent. They must. of course. also be able to satisfy the strength
and stiffness requirements.

Cenain reservations arise in the use of infilled frames for bracing a structure,
For example, it is possible that as part of a renovation project. partition walls are
removed with the result that the structure becomes inadequately braced. Precau-
tions against this, either by including a generously excessive number of bracing
walls, or by somehow permanently identifying the vital bracing walls, should be
considered as part of the design. A reservation against their use where eanhqguake
resistance is a factor is that the walls might be shaken out of their frames trans-
versely and. consequently. be of little use as bracing in their own planes. On the
basis of substantial field evidence this fear is well justified. Their use in earthquake
regions, therefore, should be with the additional provision that the walls are rein-
forced and anchored into the surrounding frame with sufficient strength 1o with-
stand their own transverse inertial forces.

8.1 BEHAVIOR OF INFILLED FRAMES

The use of a masonry infill to brace a frame combines some of the desirable struc-
tural characteristics of each, while overcoming some of their deficiencies. The high
in-plane rigidity of the masonry wall significantly stiffens the otherwise relatively
flexible frame, while the ductile frame contains the britile masonry, after cracking,
up to loads and displacements much larger than it could achieve without the frame.
The result is, therefore, a relatively stiff and tough bracing system.

The wall braces the frame panly by its in-plane shear resistance and partly by
its behavior as a diagonal bracing strut in the frame, Figure 8.2a illustrates these
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modes of behavior. When the frame is subjected to horizontal loading, it deforms
with double-curvature bending of the columns and girders. The translation of the
lipper part of the column in each story and the shortening of the leading diagonal
0l the frame cause the column to Jean against the wall as well as to compress the
wall along its diagonal. It is roughly analogous to a diagonally braced frame ( Fig.
8.2b),

Three potential modes of failure of the wall arise 45 a result of its interaction
With the frame, and these are illustrated in Fig. 8.3a. The first is a shear failure
stepping down through the joints of the masonry. and precipitated by the horizontal
shear stresses in the bed joints. The second is a diagonal cracking of the wall
through the masonry along a line. or lines. parallel 10 the leading diagonal, and
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Fig. 8.3 (a) Modes of infill fuily res (B) modes ol frame (ulure.
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caused by tensile stresses perpendicular to the leading dingonal. The **perpendic-
ular” tensile stresses are caused by the divergence of the compressive stress ri-
jectories on opposite sides of the leading diagonal as they approach the middle
region of the infill. The diagonal cracking is initiated at and spreads from the |
middle of the infill, where the tensile stresses are a maximum. tending 1o stop near
the compression comers, where the tension is suppressed. [n the third mode of
failure, a corner of the infill at one of the ends of the diagonal strut may be crushed
against the frame due to the high compressive stresses in the comer.

The nature of the forces in the frame can be understood by refermng o the
analogous braced frame (Fig. 8.2b). The windward column is in tension and the
leeward column is in compression. Since the infill bears on the frame not as a
concentrated force exactly at the comers, but over shon lengths of the beam and
column adjacent to each compression comer. the frame members are subjecied
also to transverse shear and a small amount of bending. Consequently. the fra
members or their connections are liable to fail by axial force or shear. and espes
cially by tension ar the base of the windward column (Fig. B.3b).

8.2 FORCES IN THE INFILL AND FRAME

A concept of the behavior of infilled frames has been developed from a cnmbi.
nation of results of tests [8.1-8.8], very approximate analyses [8.9], and more
sophisticated finite clement analyses [8.10]. An understanding of infilled-frame
behavior is far from complete and further research needs 10 be done, especially
with full-scale tests. Consequently, opinions about the approach to the design of
infilled frames differ, especially as to whether it should be elastically or plastically
based. The method presented here draws from a combination of test observations
and the results of analyses. 1t may be classified as an elastic approach except for
the criterion used to predict the infill crushing, for which a plastic type of failure
of the masonry infill is assumed.

B8.2.1 Stresses in the Infill

Relating to Shear Failure. Shear failure of the infill is related to the
combination of shear and normal stresses induced at points in the infill when t ¢
frame bears on it as the structure is subjected to the external lateral shear, AN
extensive series of plane-stress membrane finite-element analyses [8.11] has shown
that the critical values of this combination of stresses occur at the center of the
infill and that they can be expressed empirically by
Shear stress T = —

(8.1

_ (0.8h/L - 0.2)Q
- Li

(8.2)

Venical compressive siress a,

where ¢ is the horizontal shear load applied by the frame 1o the infill of length Lo
height h, and thickness f.
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Relating to Diagonal Tensile Failure. Similarly, diagonal cracking of the
infill is related to the maximum value of diagonal tensile stress in the infill, This
also oceurs al the center of the infill and. based on the results of the analyses, may
be expressed empirically as

0.580
Li

Diagonal tensile stress (8.3)

oy =

These stresses are govemned mainly by the proportions of the infill. They are
little influenced by the stiffness properties of the frame because they occur at the
center of the infill. away from the region of contact with the frame.

Relating to Compressive Failure of the Corners. Tests on model infilled
frames have shown that the length of bearing of each story-height column against
its adjacent infill is governed by the Aexural stiffness of the column relative to the
inplane bearing stiffness of the infill. The stiffer the column. the longer the length
of bearing and the lower the compressive stresses at the interface. Tests to failure
have bome out the deduction that the stiffer the column, the higher the strength of
the infill against compressive failure. They have also shown that crushing failune
of the infill occurs aver a length approximately equal 1o the length of bearing of
the column against the infill (Fig. 8.3a).

As a crude approximation, an analogy may be drawn with the theory for o beam
on an elasuc foundation [8.12], from which it has been proposed that [B.9] the
length of column bearing & may be estimated by

T

R (8.4)
where
| Ent
— A4EM (8.5)

in which E,, is the elastic modulus of the masonry and £/ the flexural ngidity of
the column.

The parameter h expresses the bearing stiffness of the infill relative to the flex-
ural rigidity of the column: the suffer the column. the smaller the value of h and
the longer the length of bearing.

If it is assumed that when the comer of the infill crushes, the masonry bearing
against the column within the length « is at the masonry ultimate compressive

stress . then the comesponding ultimate honizontal shear @7 on the infill is given
by

Q. = flLat (8.6)

ar
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Considering now the allowable honizontal shear Q. on the infill, and assuming
a value for £/E, of 30 in the case of a steel frame and 3 in the case of a reinforced
concrete frame, the allowable horizontal shear on a steel framed infill correspond-
ing to a compressive failure is given by

0, = 5.2f, VIhr (8.8)
and for a reinforced concrete framed infill

0. = 2.9f, Vi (8.9)

in which £ 1s the masonry allowable compressive stress.

These semiempirical formulas indicate the significant parameters that influence
the horzontal shear strength of an infill when it is govemned by a compressive
failure of one of its comers. The masonry compressive strength and the wall thick-
ness have the most direct influence on the infill strength, while the column inertia
and infill height exert control in proportion to their fourth roots. The infill strengths
indicated by Eqn. (8.8) and (8.9) are very approximate. Experimental evidence
has shown them to overestimate the real values: therefore, they will be modified
before being used in the design procedure,

8.2.2 Forces in the Frame

Experiments on honizontally loaded model infilled frames. and finite-clement stress
analyses. have shown that the axial forces in the beams and columns of an infilled
frame can be estimated reasonably well by a simple analysis of the analogous
braced frame (Fig. 8.2b). assuming hinges at all joints. A conservative estimate
of the shear in the columns is given by the honzontal component of the force in
the diagonal strut and. similarly, an estimate of the shear in the beams is given by
the vertical component of that force. The analyses have indicated that the bending
moments in the columns and beams caused by the perpendicular thrust from the
infill are small relative to the moments that would occur in a similarly loaded rigid
frame without infills. A conservative nominal moment of Q - /20 is suggested
as a maximum valuc.

8.3 DEVELOPMENT OF THE DESIGN PROCEDURE
The main factors 1 be provided for in the design method are as follows:
1. In the weakest of its three modes of failure (i.e., shear, diagonal tensile,

and compressive) the infill must be capable of withstanding the stresses in-
duced by the frame bearing on it under the action of the external shear.
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2. The frame must be able 1o transmit to the infill the external shear imposed

on it. as well as be strong enough to withstand the reactions it receives from
the infill.

The following discussion concems the development of a design procedure that
attempts to satisfy the above criteria. It is assumed, conservatively, on the basis
that the lateral stiffness of the infill is much greater than that of the frame. that the
infill carries the total applied shear,

8.3.1 Design of the Infill

Shear Failure. Shear failure, which occurs along the masonry bed joints, is
assumed to be initiated at the point in the infill where the ratio of horizontal shear
stress to available shear strength is a maximum. As noted before. theoretical
analyses have indicated, and tests have verified. that this occurs at the center of
the infill,

The shear strength of masonry has commonly been represented in Codes of
Practice [8.13, 8,14, 8.15] by a static friction type of equation

Lo = fu + pa, (8.10)

together with a limiting maximum value.

The bond shear strength 7, is similar in action to an adhesive shear strength
while uo, is a frictional component of resistance, in which  is a coefficient of
intemnal friction and g, is the vertical compressive stress across the horizontal Joint,
The allowable value of f, depends on factored values of fi.. and . 1o allow for the
type of masonry and a factor of safety.

Equating the shear stress at the wall center [Eq. (8.1)] 1o the allowable masonry
shear stress [Eq. (8.10)], and substituting Eqn. (8.2) for the vertical stress a,, gives

s W ({Ef - n.:)

= S -5 7 (B.11)

Then, at any level of the structure, the allowable horizontal shear force based on
the shear failure criterion is

Q = st (8.12)

143 — p (l]_f_h - 'D.E)

Considering also the maximum allowable masonry shear stress

1.43 Q,
5 Flea (8.13)

from which
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Q. # 070 s (8.14)

in which £, is the specified maximum allowable shear stress.

Diagonal Tensile Failure. The diagonal tensile strength of masonry is some-
what uncertain in value. Tests [8.11] have shown, however, that it can be esti-
mated conservatively as approximately equal 1o one-tenth of the mortar compres-
sive strength. Codes of Practice give an allowable flexural tensile stress in masonry
equal to approximately onc-fortieth of the compressive strength of the wca!u:fl
allowable monar. Assuming a typical factor of safety of 4 for brickwork. it I8
reasonable to take the allowable diagonal tensile stress in masonry as equal to its
aliowable flexural tensile stress, that is

=4 (8.15)
Then, equating the maximum diagonal tensile siress |Eq. (8.3)] 1o the permissible:
diagonal tensile stress [Eq. (8.15)]

(8.16)

from which the allowable horizontal shear (.. based on the diagonal tensile failure
criterion. is given by
0, = 1.7L1f, (8.17)

Comparing the allowable horizontal shear based on the maximum allowable
shear stress criterion [Eq. (8.14)] with that based on diagonal tensile failure [Eq.
(8.17)] by substituting values for unreinforced brick masonry from the Uniform
Building Code [8.13]. the latter always results in a higher allowable horizontal
shear and, therefore, is less critical. Consequently. Eq. (8.17) may be dropped as
a design consideration,

Comparing also the allowable horizontal force based on the friction-formula
allowable shear stress [Eq. (8.12)]. with that based on the maximum allowable
shear stress [Eq. (8.14)], and substituting in the equations values of fi.. u. and
foran, implicit in the Uniform Building Code. the friction-formula expression als
ways gives lower values of allowable horizontal force for practically proportioned
frames and is therefore the more critical condition. Consequently, the maximum
allowable shear stress condition [Eq. (8.14)] can also be dropped. Therefore Eq.
(8.12) for the shear failure remains as one of the design criteria for a satisfactory
infill.

Compressive Failure. Equation (8.7) demonstrates how the relative stiffness
of the column and infill influence the magnitude of the shear load required to cause
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compressive failure of the infill, This influence occurs because of the effect that
the column stiffness has on its length of bearing against the infill,

Tests to failure of model masonry infilled frames [8.16] have shown that com-
pressive failure shear loads may be represented more accurately by

Q' = L12(M) "f e cos® B (8.18)
in which @ is the angle of the infill diagonal to the horizontal (Fig. 8.2b).
Substituting for A from Eqg. (8.5) vields
Q'—ll“’l:ilf'; )” ‘f'h.*coszﬂ (8.19)
' = b .Emfh:l ar *

Then, assuming for E£/E,, a value of 30 in the case of a steel frame, and 3 for a
reinforced concrete frame, and using the allowable compressive stress [, Eq,

(B.19) gives the allowable shear on a masonry infilled steel frame approximately
s

0. = 3.2f, cos’ 8 Ve (8.20)
and that on a reinforced concrete infilled frame approximately as
0, = 1.9, cos* § VIhr (8.21)

Equations (8.20) and (8.21), which are more conservative than the theoretically
deduced Eqs. (8.8) and (8.9). will be used in the design procedure.

B8.3.2 Design of the Frame

Because an infilled frame behaves under horizontal loading in approximately the
same way as the analogous diagonally braced truss, the members can be designed
directly on the basis of the dead, live, and wind loading.

Columns. The design axial forces in the columns will be the worst combinations
of the forces from gravity and wind loading acting on the analogous braced frame.
In addition. on the basis of the results of the stress analyses, columns should be
assigned to have a bending moment with a conservative value of Q + h/20. The
shear force in the ends of a column should be assumed equal to the horizontsl
component of the infill force at that level, that is Q.

Beams. The axial force in a beam may also be obtained from the analysis of the
analogous frame. Theoretically, this will be & tensile or compressive force equal
i the external shear at that level: however, this will be & conservative value be-
cause in reality the force will be shared with the floor slub.

If & beam has an infill above and below, it will be restrained against bending in
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the ventical plane. If. however, a beam does not have an infill above, or it does
not have one below. the vertical thrust from the infill will cause a bending moment
in the beam. As for the columns, this bending moment may be taken conservatively
to be equal to @ - k20,

The shear force in the ends of u beam may be taken 1o be equal to the verical
component of the infill diagonal force. that is 0 - h/L.

In designing for beam moments and shears caused by an infill above. when
there is no infill below, these moments and shears must be added to those from
aravity loading on the beam.

Connections. These should be designed to carry the axial and shear forces in
the connected members. Since moment resistance of the joints has been found 1o
make only a small difference in the overall behavior of the structure, it is not
necessary for the beam-to-column connections to be designed for moment.

B8.3.3 Horizontal Deflection

In contrast to the shear configuration of a laterally loaded rigid frame without
infills. an infilled frame deflects in a flexural shape. This difference in deflected

shape occurs because the infill greatly reduces the shear mode deformations. At-

tempts have been made to estimate the diagonal stiffness of the infill for the pur-
pose of including it in a deflection analysis of the analogous truss. It has been
proposed by some to take a stiffness based on an equivalent width of strut 2qual

1o a fraction of the diagonal length of the infill, while others have modified this

concepl to assess the equivalent width as a function of the column stiffness. Un-
fortunately, the correlation between predicted and observed experimental deflec-

tions has been poor, probably because of unpredictable factors such as differences”

in the tightness of fit of the infill in the frame. or the possible adherence of the
infill to the frame at low load levels.

In braced and infilied bents, the more slender the structure, the relatively greater

the influence of the column axial stiffness on the horizontal 1op deflection com=
pared with that of the diagonal bracing stiffness. In view of this, together with the
uncertainties about the diagonal stiffness of the infill, it is proposed here that the
deflection should be calculated as for the analogous diagonally braced frame, tak=-
ing the area of the equivalent diagonal struts as the product of one-tenth of the
infills” diagonal length and their thickness. Assuming an elastic modulus of 7 X
10° N/mm’, (1 x 10° 1b/in.%) for the equivalent diagonal strut. an analysis of
the analogous braced frame will vield a conservative, that is excessive, estimale
of the deflection.

8.4 SUMMARY OF THE DESIGN METHOD

On the basis of the previous discussion, procedures for checking the strengths of
the frame and infills of an infill-braced structure, as well as the drift, can be for-
mulated,
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In the case of a tall infill-braced building structure, the initial design of the
frame would probably be on the basis of the gravity loading, and the design of the
infills on the basis of their acoustic and fire requirements. The number and direc-
tion of infills in each story must be arranged so they at least equal, and preferably
exceed significantly. the minimum requirements for static stability of the structure,
The loads carmed by the individual bents should then be assessed so that the maost
heavily loaded bents can be checked for the strength of their infills and frames,

The recommended design procedure for an individual bent would be as follows.

8.4.1 Provisions

. The axis of the frame member sections should lie within the middle third of
the thickness of the infill 1o ensure the effective interaction of the frame and

infill,

2. The height-to-length ratio of the wall should be within the range of 0.3 10
i

3. Care should be taken during construction o ensure a tight fit of the infill in
the frame.

4. The slenderness ratio of the wall should conform with the relevant Masonry
Code, assuming an effective height equal 1o the height of the infill.

5. Openings should not be allowed in the infill except at the edges, within the
middle third of the length of the sides. The maximum dimension of such

openings must not exceed one-tenth of the height or length of the infill,
whichever is the lesser value,

B.4.2 Design of the Infill

Two modes of infill failure may cause collapse of the structure. The first is u shear
failure. stepping down diagonally through the bed joints of the musonry. and the
second is by spalling and crushing of the masonry in the comers of the infill. The
lesser of the two strengths should be taken as the eritical value,

Shear Failure. The shear strength of the structure based on the shear lailure ol
the infill should be estimated from:

fuds

== 4
1.43 — F{D_E“”"LJ = ,u._z] (8.12)

Q,

in which f, and g are the allowable values of the bond shear stress and the coef-
ficient of intemal friction, respectively, as given in the relevant Code formula for
the allowable shear stress in masonry [see Eq. (8.10))].

Compressive Failure. If the infill is bounded by u steel frame, the shear
strength of the structure relating to a compressive fallure of the infill should be
estimated from
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Q, = 3, cos* 6 Vi (8.22)

and. if it is bounded by a reinforced concrete frame. from

@, = 2f, cos* 6 Vinr (8.23)

8.4.3 Design of the Frame

Axial Forces. The gravity load forces in the columns should be caleulated from
the tributary areas. applying reduction factors to the live load forces as appropriate,
Axial forces in the columns and beams resulting from the horizontal loading should
be estimated by a simple static analysis of the analogous braced frame, considering
each infill as a diagonal strut.

Bending Moments and Shear Forces

Columns. In addition to the axial forces determined as above. columns should
be able 10 withstand a design bending moment of @ - /1 /20 and a shear of 0.

Beams. The beams and their connections should be designed 1o carry an upwand
shear force of @ + ki /L, less the shear force due to dead load. and a downward
shear force of Q - h/L. plus the shear force due to dead and live load. )

Where an upper beam of an infilled panel is not restrained by an infill above,
it should be designed to carry a negative (i.e.. “"hogging™") moment of O + h /20,
less the moment due to dead load. Where a lower beam of an infilled panel is nol
restrained by an infill below, it should be designed to carry a mid-span positive

moment of Q + /i /20, in addition to the moment caused by vertical dead and live
load. '

8.4.4 Deflections

A conservative estimate of the horizontal deflection of an infilled frame would be
given by the calculated deflection of the equivalent pin-jointed braced frame, as-
suming each infill to be replaced by a diagonal strut with a cross-sectional 5
equal to the product of one-tenth of its diagonal length and its thickness, and taking
an elastic modulus equal 10 7 % 10° N/mm® (1 % 10° Ib/in.%). Methods for
calculating the lateral deflection of a braced frame are given in Section 6.4.2.

8.5 WORKED EXAMPLE—INFILLED FRAME

A reinforced concrete, rigid-frame structure consists of a system of parallel three-
bay bents. as shown in Fig. 8.4, at 20 ft centers. The outer bays of each bent are
infilled by 8-in.-thick walls of 10,000 Ib/in.* clay brickwork.

It is required 1o assess the adequacy of the walls' strength 10 serve as bracing
for a horizontal wind pressure of 30 Ib/fi’,
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Froperties of the Frame

_ 1B x 18*

Inenia of columns  / in.* = 8748 in.*

12
Reduced by 20% for cracking  / = 6998 in.*
For slope # of infill diagonal  cos # = 0.906

Properties of Masonry Infill. Taking. for example, values of 10,000 Ib/in.}
clay masonry properties given implicitly in the UBC [8.13]

Allowable compressive stress £, = 3300 Ib/in.’

Allowable coefficient of friction x = 0.2

Allowable bond shear strength £, = 0.3(f%)'"°
= 0.3(10,000)"""
= 30 Ib/in.?

Wind Shear at Base of Structure

() =20 x 12 x 11.33 X 30 = 81576 Ib
= B1.6 kip
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Structure Shear Strength—Infill Shear Fallure. Using Eqn. (8.12): strength
for two infills

- 2 %30 x 240 % 8
T 1.43 — 0.2]0.8 x (112/240) — 0.2]

@

= §2.561 Ib = 82.6 kip

Structure Shear Strength—Infill Compressive Failure. Using Egn. (8.23):
strength for two infills

0 =2 %2 x 3300 % 0906 x V6998 x 112 x 8

1.533.542 = 1533.5 kip

Conclusion. The infill is just adequate 1o carry the external shear on the basis
of the shear failure criterion (strength = 82.6 kip compared with load of 81.6),
and more than adequate on the basis of the compressive failure criterion (strength
= 1533.5 kip). In addition to these calculations for the strength of the infill, the
members of the frame should be checked 1o see that they are adequate o carry the
forces described in Section 8.4.3. This is not included here. however, because the
procedure would be the same as for the members of a low-rise structure, as well
as being particular to the local Code-recommended method.

SUMMARY

An infilled frame consists of a steel or reinforced concrete frame of columns and
beams containing panels of brickwork or concrete blockwork. When an infilled
frame is subjected to horizontal foading. the infills behave as diagonal struts
brace the structure and restrain its lateral defiection. 3

A method of design is developed that considers three possible modes of failure
of the infill: shear along the bedding planes of the masonry, diagonal cracki
through the masonry, and crushing of a corner of the infill against a column, Th
estimated strengths of the three modes are based on a combination of experiments
evidence and the results of theoretical stress analyses.

The forces in the frame are estimated by a simple static analysis of the analo-
gous braced frame. considering the infills to be diagonal bracing struts. Failure n-f
the columns at the base of the structure. by tension on the windward side and by
shear on the leeward side, are of particular concern, _

It is proposed that a conservative estimate of the lateral deflection of an infilled
frame would be made by calculating the deflection of the analogous braced frame,
assuming the equivalent diagonal strut to have an effective width equal to one
tenth of the diagonal length of the infill,
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I CHAPTER 9

Shear Wall Structures

A shear wall structure is considered to be one whose resistance to horizontal load-
ing 15 provided entirely by shear walls. The walls may be pan of a service core or
a stairwell, or they may serve as partitions between accommodations (Fig. 9. 1)
They are usvally continuous down 1o the base to which they are ngidly attached
to form vertical cantilevers. Their high inplane stiffness and strength makes them
well suited for bracing buildings of up to about 35 stories, while simultancously
carrying gravity loading. It is usual o locate the walls on plan so that they attract
an amount of gravity dead loading suthiciem w suppress the maximum ensile
bending stresses in the wall caused by lateral loading. In this sitwation, only min=
imum wall reinforcement 15 required. The term *“shear wall™ 15 in some ways &
misnomer because the walls deform predominantly in flexure. Shear walls may be
planar, but are ofien of L-, T-. I-. or U-shaped section to better suit the planning.
and 1o increase their Alexural stiffness.

This chapter is concerned with the behavior of single walls and “linked-wall®*
systems. that is. walls that are connected by floor slabs or beams with negligible
bending resistance. so that only horizontal interactive forces are transmitted, Walls
connected by bending members, termed “‘coupled walls,”” are considered sepa-
rately in Chapter 10,

9.1 BEHAVIOR OF SHEAR WALL STRUCTURES

A tall shear wall building typically comprises an assembly of shear walls whose
lengths and thicknesses may change. or which may be discontinued. at stages up
the height. The effects of such variations can be a complex redistribution of the
moments and shears between the walls, with associated honzontal interactive forces
in the connecting girders and slabs. As an aid to understanding the behavior of
shear wall structures, it is useful to categorize them as proportionate or nonpro-
portionate systems.

A proportionate sysiem is one in which the ratios of the flexural rigidities of
the walls remain constant throughout their height, as in Fig. 9.2a. For example, a
set of walls whose lengths do not change throughout their height, but whose chang-
ing wall thicknesses are the same at any level, is propontionate. Proportionate
systems of walls do not incur any redistribution of shears or moments at the change
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levels. The statical determinacy of propontionate systems allows their analysis 1o
be made by considerations of equilibrium, with the external moment and shear on
nontwisting structures distributed between the walls simply in proportion 1o their
Hexural rigidities.

A nonproportionate system is one in which the ratios of the walls® flexural
ngiditics are not constant up the height (Fig. 9.2b). At levels where the rigidities
change. redistributions of the wall shears and moments occur, with corresponding
horizontal interactions in the connecting members and the possibility of very high
local shears in the walls. Nonproponionate structures are statically indeterminate
and therefore much more difficult to visualize in behavior. and to analyze.

[o this chapter. hand methods of analysis are described for proportionate non-

twasting and twisting structures. A hand method of analysis is presented for non-
proportionate, nontwisting structures also. However, it is generally more expedient

for nonproportionate, nontwisting structures. and essential for nonproporionate
Iwisting structures. to be analyzed by compurter.

9.2 ANALYSIS OF PROPORTIONATE WALL SYSTEMS

The problem of analyzing a proportionate wall system is relatively uncomplicated
because of its statical determinacy. It will be considered in two subcategories of
structure—those that do not twist and those that twist.

9.2.1 Proportionate Nontwisting Structures

A structure that 15 symmetrical on plan about the axis of loading. as in Fig. 9.3,
will not twist. At any level i. the total external shear Q.. and the rotal extemnal
moment M, will be distribuled between the walls in the ratio of their fexural
rigidities. The resulting shear and moment in a wall f at a level i can be expressed
s

(ED),
Ej; = {9-1]

"2 (&N,

Lil 1

Fig. 9.3 Symmeiric shear wall struciure. T
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and

(ET),
M, = M,
r "2 (ED),

(9.2)

where (E7), 1s the fAexural rigidity of wall j at level ¢ and Z(ET ), represems the
summation of the Alexural rigidities of all the walls at level i,

In such a proponionate nontwisting structure, there is no redistnbution of shear
or moment at the change levels. and no redistributive interactive forces between
the walls,

9.2.2 Proportionate Twisting Structures

A structure that is not symmetric on plan about the axis of loading will generally
twist as well as ranslate. In a proportionate shear wall structure that twists under
the action of horizontal leading (Fig. 9.4) the resulting honzontal displacement ol
any floor 15 a combination of a translation and a rotation of the floor about a cenler
of twist, which, in a proporionate structure, is located at the “‘centroid'” of the
flexural rigidities of the walls, Referring to the asymmetric cross-wall structurne in
Fig. 9.5. and assuming that the stiffness of a planar wall transverse to its plane is
negligible. the X-location of the center of twist from an arbitrary origin is

_ Z(Ek), 0
I'—Z:E-']J (9.3)

in which (El), and ( Efx); are, respectively, the sum of the flexural rigidities and
the sum of the first momenits of the flexural rigidities about the origin, for all the
walls parallel to the ¥ axis at level /.

—— Structure twisting about €

Rotati t:l:_-_?_-_--!

e i i i

Translation r d— Cantroid of
] |] e wall rigidities

Fig. 9.4 Displacements of asymmetrc structune
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Fig. 9.5 Asymmelnc structure with walls parallel 1o loading.

In & proportionate structure, the center of twist and the shear center axis of the
structure coincide. Consequently. the effect of horizontal loading on the structure
is to produce at level / & resultant shear Q. and a resultant horizontal torque, whicl
15 equal to the product of the resultant shear @, and its cccentricity ¢ from the shear
center. that is (e, The resultant shear in any wall § at level 7 is @ combination of
its share of the external shear and the shear due to resisting its share of the external
torgue at that level. which may be expressed as

(&1), (Ele),
&= T, o Tae,

in which ¢;; is the distance of wall j from the shear center.

Moting that the moment in a wall can be obtained by integrating the shear (
= [¥ Qdz), integrating Eq. 9.4 leads o an expression for the moment in wall j ot
level i,

(ED),

(Elc),
2 (El) e

M, = .'-'f'J . Ty omn T
; 2 (Elc?),

(9.5)

The first terms on the righi-hand sides of Eqgs. 9.4 and 9.5 are the shear and’
moment. respectively, associated with bending translation of the structure, while
the second terms are associated with bending of the walls as the structure twists,

In Eqs. 9.4 and 9.5, ¢, is taken as positive when on the same side of the center
of twist as the cc-.cmnuly ¢. Consequently. walls on the sume side of the t'f-'lﬂl!l"
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of twist as the resultant loading will have their shears and moments increased by
the twisting behavior. while those on the opposite side will have their shears and
moments reduced.

If a proportionate structure also includes walls perpendicular 1o the direction of
external loading, that is. aligned in the X direction, as in Fig. 9.6, the ¥ location
of the center of twist can be defined by

2 Ely),

= TE“I (9.6)

in which the flexural rigidities refer to only the **perpendicular™ walls.

As the structure twists under the action of horizontal loading. the 1otal set of
arthogonally oriented walls will rotate about the axis of twist.

The effect of the “perpendicular’ walls will be to stiffen the structure in tor-
sion, 1o reduce the twist, and, in doing so. to influence the contributions o the
“parallel™ walls® shears and moments that result from the structure’s twisting.
The denominator of the second terms in Eqgs. (9.4) and (9.5), for the shears and
moments in the **parallel” walls, musi then be modified to E(Elc’) + S(EM ),
in which El¢® is the second moment of the * ‘parallel” walls' flexural ﬂgidhiu
about the center of twist while Eld” refers correspondingly to the **perpendicular’*

alls.

Shears and moments will result in the **perpendicular’ walls only from twisting

of the structure. The shear at level § in a “*perpendicular’” wall r will be
. (Eld) spes
L 97
IL{E& ) + 2 (&),
and the moment will be
L
P‘prp'ndn:ulpr walls
/fCentur of twist
é: 'Parallel’ walls
;f‘
II \ / oy oo
1R
— b

Fig. 9.6 Asymmetric structure including *'perpendicular’” walls,
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(Efd)
[Z (&) + T (B,

M, = Mg (9.8)

Shear walls that are not aligned with the structure axes can be incorporated nto
such an analysis by resolving their rigidities into components along the axes at the.
shear centers of the walls, and treating the components of rigidity as those of walls
aligned parallel or perpendicular to the direction of loading.

9.3 NONPROPORTIONATE STRUCTURES

Nonproportionate structures consist of walls whose flexural rigidity ratios are not.
constant throughout the height, and that consequently have different load-deflec-
tion characteristics. When the system of walls is subjected to horizontal loading,
so that the structure deflects and possibly twists. the rigidity of the floor slabs
constrains the dissimilar walls 1o deflect with similar configurations thereby in-
ducing honizontal interactive forces between them. The horizontal interactions play
a significant role in redistributing the horizontal shears and moments between the
walls.

9.3.1 Nonproportionate Nontwisting Structures |

A nonproportionate. plan symmetric. nontwisting structure. such as shown in Fig.
9.7a, could be analyzed using a plane frame analysis program by assembling half
of the walls in a single plane, representing them by column elements. and cons
necting them at floor levels by axially rigid links (Fig, 9.7b) and then subjecting
them to half of the loading.

A hand method exists. however, that is accurate and can also be easily pro-
grammed for a small computer [9.1]. It is an iterative relaxation method,
what similar in its derivation to the well-known moment distribution method, -
tierations are reduced, however, by a series expression to make it a relatively
cancise two-step operation. Rather than presenting the derivation. which is lengthy,
the principles of the method are explained, and the resulting procedure illuslraldd_
with a worked example.

Referring again to Fig. 9.7a. in which a plan symmerric set of sheur walls
changes flexural rigidity ratios at levels A and B. the external moment at each floor
level is allocated initially between the individual walls in propartion to their flexs
ural rigidities. At each of the change levels A and B two allocations are made. ong.
above the change and one below. Considering any single wall. because of the
nonproportional system the moments that have been allocated just above and below.
level A are out of balance. Equilibrium of the wall is then restored ut A by applying
a correcting moment that is shared above and below A in proportion to the respecs
tive wall nigidities. This is repeated at cach chunge level in each wall,
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Fig. 9.7 (a) Nonproponionate, plan-symmetric structure: (b) half-struciure model for
compuier analysis,

Now retuming 1o level A. the correcting moments applied 1o the set of walls
Just above A will not sum to zero. This means that at that level the wall moments
are not in equilibrium with the total external moment, The same situation exisis
just below A with a residual moment of the same amount. A correcting moment is
then applied to the set of walls just above A, and similarly just below A, and
distributed between the walls in propontion to their rigidities. In any one wall at
level A, because of nonproportionality, the distributed moments Jjust above and
below A are again out of balance, and so the cycle of balancing begins over.

The final moment in a wall just above level A consists of the sum of the initially
allocated “*primary "’ moment, and a secondary moment that comprises all the al-
locations of correcting moments from the vertical and horizontal distributions. The
iteration converges 1o a solution in which the moments in each wall just above and
below each change level balance, while the sum of moments in the walls at each
change level balance with the external moment, Fortunately, the steps of the it-
eration can be written as a mathematical series that can be represented by a simple
expression,

In each wall the momenis at levels other than the change points receive car-
rvover moments from the change level comrection moments: however, these di-
minish so rapidly with each story further from a change level that it is necessary
1o calculate them only for two stories above and Iwo below each change level,
This reveals the interesting information that, in nonproportionate structures at lev-
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els more than two stories away from change levels, the external moment is shared [ABLE 9.1 Wall Dimensions und Inertias
between the walls almost exactly in proportion 10 their flexural rigidities, as in wall | Wall 2 Wall 3
proporiionate structures. e
A procedure with a worked example for illustration is now presented. The pro- e 703 I':I:ui I:*:L
= = . 5 " | : t I 3 5
cedure as given provides for the dE!Fl‘!'I!mﬂlmn of wall moments at all levels of [h.e Dinsitiacs I T i e X A 1/
structure: such a complete analysis. however, would be lengthy and tedious. fml o) an e % Pl
Therefore. a shortened form of the analysis. which would be adequate for most - = .
design purposes, is used in the accompanying worked example. In this. the mo- “F:“!ﬂmﬂ- Bx0.2 B.533 5x0.2 2083 Outside 20,046 13,023
ments are found in the walls at the change levels. at one story above and one below 45.5-70 m ; X ﬁ‘u:“:.h
5 -2 m thic
the change levels. and at the base. Middic region. & x 0.3 12800 -8 %03 R o 26048 131008
21-45.5 m B = 6, walls
Procedure and Worked Example. Consider the structure shown in Fig. 9. 8a 2 m thick
and b. which consists of 20 3.5-m stones with a total height of 70 m. The five Hoom region. 8 x 0,45 19200 T x 05  14.202 Ouiside 47.070 23.538

: i : )3
shear walls include two symmetrical pairs (Types | and 2) and a central core 0-21 m

B % b owills
0.4 m thick

f:li(? @ (?) C? ®

]

|

(Type 3). Two chunge levels. 4 and B. divide the structure into three regions. The
wall dimensions and inertias are given in Table 9. ). Making use of plan symmetry,
one-half of the structure, comprising one Type | wall. one Type 2 wall, and a hall
of the core. will be analyzed. Euch stage of the worked example consists of a
procedural step in algebraic terms. together with a corresponding numerical sep
for the example structure.

Procedure. For a nontwisting system of nonproportionate shear walls numbered

- 1.2, 3, ... .. ....n and with change levels 4. B, . . . , x.
| 40m
L . e I. Determine for each wall j at each change level x, the parameters
(a)
a. I I
ky=—— and k=" (9.9)
T I ="
= j=1 Y o
linyf wind = — e i
nr.;::r:r?..’}hﬂ."m* : Change Tevel ,ﬂf where I, and I are. respectively, the inertias of wall j just above and
=30kh/m heicht _ABASSm it just below change point x. For example, for wall 1 at change level A
(half structure) __ -
- - - 8.533
i [ kL= - = 0.361
= R 5 “' 7 B533 + 2.083 + 13.023
£82.0m 3+ 5
i - - and
e R (Sl 5 | &
e — g 800
E . : = 0.442
- o 12.800 + 3,125 + 13.023

Fig. 9.8 (a) Example structure-plan; (b) example structure-end view.

(b}

The other values, for change level B and for other walls. are obtained
sirmilarly.
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2. Determine also for each change level

For example, considering change level A, and us;ing values from Table 9.2,

TABLE 9.2 Parameters for Analysis

SHEAR WALL STRUCTURES

Ak, = kY = &Y (9.10)
For example, for wall | al change level A

Ak, = 0442 — 0.361 = 0.081

The other values, for change level B and for other walls, are obiained
similarly. '
-1

.
B+ Iy

"
o+

and p!, =

s (e 11

For example. for wall | at change level A

=8.533
fm e— . = = () W)
Pul = 3533 + 12.800

12 800
h e S —
Pui = 3533 + 12.800 ~ -6%0

The other values for change level B and for other walls are obtai
similarly. It should be noted that as a check, at a change level, E&), =
LY = 1 for the set of walls, and | o}, | + 1},| = 1 for each wall,

The values of k. Ak, and p, obtained from sieps la. Ib, and Ic are
entered in Table 9.2,

a, = 2 pl Ak, (9.12)
J=1

Change
Level Wall &% k' Ak, P o B8
A 1 0360 0.442 0.081 -0400 0600 -0.036
Z 0088 0.108 0.020 —0.400 0600 = (1.0
3 0551 0450 -0.101 -0.500 0500  0.045
e, = (L1
B | 0442 0336 -0.106 -0400 0.600  0.030
z2 0108 0.251 0.143 =0.179  0.821 =0.030
3 0450 0413  -0037 -0,356 0.644 0
ay, = 0.0206
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a, = (=0.400)(0.081) + { =0.400)(0.020) + { —0.500)( —0.101 )
= (.010]

The other value for change level 8 15 obtained and entered in Table 9.2,

- Using the parameters evaluated in Steps | and 2, determine for each wall j

at change level x:

ﬁil,- [Pl:,}ﬁ‘-u L ﬂlk:j}

1 — o

and

By = T (oyak, = ak}) (9.13)

For example. for wall | at change level A, and using the values from Table
0.2

|
Bii= " ooio; (~0-400 x 0.081 — 0.0101 x 0.361) = ~0.036
1
= ———— ity 2) =
Bl BT (0.600 = 0.081 — 0.0101 % 0.442) = 0.045

The ather values, for change level B and for other walls, are obtained sim-
tlarly and the results entered in Table 9.2,

. Calculate the total external moment M, on the structure at each level i, des-

ignating as M, M,. . .
.5 Xy
For example, at levels 4 + |, A, and 4 — |

. M. the external moments at change levels, A, 8,

M,., = 30(70 - 49)°/2 = 6615 kNm
M, = 30(70 — 45.5)° /2 = 9004 kNm
M,_, = 30{70 - 42)° /2 = 11760 kNm

=l
The other values. for change level B, plus and minus one story, and for
the base, are obtained similarly. The results for this step and for all subse-
quent steps are entered in Table 9.3,

. Determine the primary moments in each wall f

a. just above and below each change level X, using respectively

My, =k,M, and M), = k'M, (9.14)
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TABLE 9.3 Bending Moments in Shear Walls (in kNm)

Halt Wl 3

Wall 2

Wall 1

Second

Fimul

Mlovmpent

Primiary

Secoml
Moot

Prinuiry

Moment

Finul

Maoment

Second
Moment

Final

Momem

Primary

Extermual

% TR

Moment Muosment

Moment

Floor

Level

rEN|

My,

M,
3754
4556

Mr'h'

M [

My

M.

(i

— 45

3od 5
4901
4052

582
92
a72
1270

230

-§7
+314
—405

+ 109

2388

G615

£73
73
2u7

+31

3574
3575

3250
3980

5198

4556
5157

S0
=135

D04
I 1760

o |

5202

+27

5307

A-1

13974
16207

| 3974
16207

3065

4970
4970

=289
+ HIED
=4070

4 104

Y354
ARG
Q040
10377

14015

+ 289
o 1111
+2737

13726
15919

12101

31054
36015

36015

B+1

i
4+ 1333

14839

16207

4874

14838
13158

B

I6TIR

-357

7075

I 1468

-3

13892

41344

0 24696 18449 0 1B449 0356 0 RIERTH

24696

73500

Base
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For example, at change level A in wall 1

:-nr = {),36] = 9L = 3250 kNm
M::JI

0.442 x 9004 = 3980 kNm

The other values. for change level B and for other walls. are oblained
similarly.
b. at all ether floor levels i using

'Fd;ur — ki_er {91|5}
For example, in wall 1 atlevelsa + 1 and g — |

M,, . =036 x 6615 = 2388 kNm
MJP_:I i - G-M: x ]I?m = 5!?3 kH'“

The other values. for levels just above and below floor levels B, for the
base and for other walls, are obtained similarly.

6. Determine the secondary moments in cach wall j at the following levels:
4. Just above and below each change level X using. respectively.

My =-8,M, and M), =—g/M, (9.16)

For example, in wall 1 at change level A

Ll

win = = —=0.036} x 9004 = 324 kNm

Ml = —(0.045) x 9004 = —405 kNm

I

The other values, above and below change level B and for other walls,
are abtained similarly.

b. At twa levels above and two levels below change levels using

M, .., = —0268 M

Ll
) = i 1 . !

M, w2y = (-0.268) M, (9.17)

M. —-0.268 M!,

M, 2, =(—0.268) M,

[

If further refinement in results is sought for stories beyond these. the
progressions in Eq. (9. 17) should be extended.

In the example, at one level above and one level below change level A
in wall |
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M. .= —=0268 x 324 = —87 kNm

M, ., = —0.268 % (—405) = 109 kNm
7. The final moments are then obtained from the sum of the primary moment

and the corresponding secondary moment, thus
a. at change level x in wall j using

Mr.n s M;nr + IMlllu.- {g]B}'
which. as a check on the result, should equal
th = M:':lu + Mh Eglg

an

For example. at change level A in wall 1

= 3250 + 324 = 3574 kNm
and. as a check
o= 3980 — 405 = 3575 kNm
b. at intermediate floors ¢ in wall j using
My = M,; + M, (9.20

As an example, at level @ + 1 in wall 1, and using Eq. (9.17) the fi
moment

M,, ., = 2388 + (—0.268)324 = 2301 kNm

All other primary moments and their corresponding secondary moments

are summed 1o obtain the final moments. .

8. The shear within a story-height region of a wall is then given by the differ

ence in moments in the wall at the top and bottom of the story. divided

the story height. For example. the shear in wall | in story 14. that is betw
levels 4 and A4 + | is given by

Qﬂl-lI:_'—hu—_

3574 — 2301
3.5

(9.21)
= 364 kN

These values have not been included in Table 9.3.
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9.3.2 Nonproportionate Twisting Structures

Structures that are asymmetric in plan, as in Fig. 9.9a, generally twist when sub-
jected to horizomal loading. The complication of £ axis rotation, as an additional
variable, makes the problem even less tractable. and a computer analysis is the
only practical method.

A convenient model for the computer analysis of a shear wall siructure uses
column elements along the centroidal axes of the walls to represent the shear walls
(Fig. 9.9b), with cither the assignment of a “*rigid-floor’” option or with constrain-
ing members in the horizontal plane 1o represent the inplane rigidity of the floor
slabs, The columns are assigned the flexural and shear rigidities of the correspond-
ing walls. For walls that change only in thickness. or symmetrically in width, so
that their axes are vertically continuous, the column elements are stacked in a
vertical line. For a wall that changes width asymmetrically, the column element
above the change should be connected to the offset column element below by a
horizonal rigid beam (Fig. 5.2b).

If the available structural analysis program does not have a “*rigid-floor™ op:
tion. the constraint exerted by the inplane dgidity of the slabs on the relutive hor-
izontal displacements of the walls can be represented by incorporating at each floor
level @ honzontal ngid frame interconnecting the centroidal axes of the walls. The
beams are assigned 1o be axially rigid and fexurally rigid in the horizontal plane,
but to have negligible stiffness against vertical plane bending. If the line of the
resultant load does not coincide with one of the columns it may be applied at each
floor as a statically equivalent pair of forces to two of the columns,

An altermative 1o the three-dimensional model described above would be an
equivalent planar model, as explained in Chapter 5. Such a model would allow a
much reduced. two-dimensional analysis, which would be more amenable to anal-
vsis by a microcomputer.

9.4 BEHAVIOR OF NONPROPORTIONATE STRUCTURES

Considering the case of a nonproportionate shear wall structure that does not twist,
us represented by the equivalent planar structure in Fig. 9.10a, the links constrain
the walls to have the same curvature in the uniform regions away from the change
levels. Consequently, in those regions. the external moment is distributed between
the walls in the same ratio as their flexural rigidities, as would be the case il the
structure were proportionate. In the transition from above to below a change level,
u redistribution of the wall moments must take place to satisfy the change in the
ratio of the wall ngidities. Because the only mechanism allowing a force transfer
between the walls is by horizontal forces in the connecting links. the moment
redistribution must oceur by couples consisting of horizontal forces and reverse
forces in the links at successive levels around the exchange level, as in Fig. 9.10b,
The size of the moments transferred is usually large enough 1o cause the interactive
forces at the change level to be very large, with the result that, locally, the shear
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in a wall and the reverse shear in another wall may easily exceed the total external
shear at that level. The severe local effects on the walls™ loading close to the change
level due 10 the moment transfer give rise to carryover effects above and below,
which diminish within one or two stories before becoming negligible. The shear
force diagrams of the walls are. therefore. significantly disturbed by the change
levels, The wall moment diagrams in changing to a different distribution across 4
change level are, however. much less disturbed. These effects are exemplified by
the shear and moment diagrams in Fig. 9.11a and 9.11b. respectively. which are
plotted from the results of a full computer analysis of the structure in the worked
example of Section 9.3 (Fig. 9.8).

Nonproportionate shear wall structures that twist and translate under hori-
zontzl loading also behave similarly to proportionate structures in regions away.
from the change levels, with the walls” resulting moments being a4 combination o
the moments from their fexural and Aexural torsion rigidity effects. as expressed.
by Eq. (9.5). At the change levels, transfers of moment occur with severe distu -
bances in the walls’ interactions and shears. Because of the twist. the transfers of
moment at the change levels have 1o accommaodate the effects of bath the walls®
flexural resistance to twisting of the structure. which involves the plan locations:
of the walls, as well as the walls® resistance to the structure’s bending.

9.5 EFFECTS OF DISCONTINUITIES AT THE BASE

In medium high-rise apartment blocks that depend for their horizontal resista
on cross walls, it is not uncommon for some of the walls to be partially discontins
ued at the base to provide for lobby space. To discuss the different types of fo
interactions that may occur, two extreme cases of discontinuity will be considereds
Case | is illustrated by Fig. 9.12a and Case 2 by Fig. 9.13a.

In Case | the inner pair of walls have openings in the ground story. which leave
each wall standing. in effect, on a pair of edge columns. In Case 2. the inner walls
are cut hack in the ground story to leave each wall supporied on a much shorner
central wall. |

Consider for Case 1 the equivalent half-structure planar model. as shown in
Fig. 9.12b, When the structure is subjected to horizontal loading. the flexibility
of the columns supporting the right-hand wall causes the ground story of that w i
to be very much less transversely stiff than that of the left-hand wall. The flexural
stiffness of the right-hand wall. however. has been reduced by a proportionately,
much lesser amount because of the edge location of the columns.

The resulting effect in Case 1, therefore, is a heavy transfer of shear from the
discontinuous wall 1o the continuous wall, with a relatively smaller transfer
moment. As an approximate illusiration, the resulting forces on the walls ane
shown in Fig. 9.12c. _

Referring to Fig. 9.13b. which is the equivalent planar model for Case 2, the
flexural rigidity of the cul-back wall is very much reduced in the ground swory,
whereas its transverse rigidity has suffered by a proportionately lesser amouni.

20
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Consequently. there is a very large transfer of moment from the cut-back wall 1o
the continuous wall in the levels just above the ground story. with correspondingly
large horizontal interactions between the walls, and high forward and reverse
shears,

As an approximate illustration, the forces on the walls are as in Fig. 9.13c. It
is quite possible. in Case 2-type structures with severe reductions in length of
certain walls, for the remaining walls to be subjected to a shear of twice. or more
than twice, the otal external shear on the structure [9.2].

This discussion of the effects of discontinuities 15 intended mainly to explain
the modes of the resulting actions, and to serve notice about their potential signif-
icance. The desirability of a detailed analysis in such a case, rather than an ap-
proximate intuitive estimate of the forces, is evident.

9.6 STRESS ANALYSIS OF SHEAR WALLS

When the loads acting on an individual shear wall have been determined, the next
stage of the design process is to use the loads to determine the wall stresses. IT the
wall is rectangular in elevation and has a heighi-to-width ratio greater than 3, a
close estimate of the axial stresses is given by simple bending theory. If. however,

the aspect ratio is less than 5: 1. or if il is imegular with changes in width or

openings, or if beams or other walls connect to it, a more detailed analysis is
necessary. For this, the finite element technique is convenient, versatile. and ac-
curate.

The major structural analysis programs usually include a selection of elements
suitable for problems of walls bending in their planes. If only a frame analysis
program is available a shear wall can be analyzed alternatively by an analogous

frame consisting of beam members. Although not able 1o compete with finite ele-
ments in representing nonrectangular shapes, the analogous frame has some virtue
in its simpler mathematical concept and in its amenability to solution by an ordi-

nary frame analysis program.
In this section, a discussion of the use of finite elements for shear wall analysis

is followed by a description of an analogous frame particularly appropnate to shear

wall analysis.

9.6.1 Membrane Finite Element Analysis

The predominantly inplane action of shear walls allows them 1o be satisfactorily

mepresented in most cases by plane siress membrane elements. The simplest types
of rectangular and quadrilateral elements are usually adequate. In some wall anals
yses, greater accuracy could be achieved by using a smaller number of complex
elements. Typically, however, shear wall analysis, with its need for a refined stress

descnption only in local regions, is better satisfied by a larger number of simpler
elemenis.
A detailed discussion of modeling technigues for the computer analysis of shear
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walls is given in Chapter 5. If a refined analysis is needed in cenain regions of a
shear wall, either because the wall has irregularities such as openings, or because
of anticipated high stress gradients in centain regions, such as close to the base. a
refined mesh should be used in these regions. The refined mesh may be included
as pan of the primary model, with a transition mesh connecting between the coarse
and fine mesh regions, as described in Chapter 5, If, however, the required stress
detail calls for the mesh in a region to be very much finer than elsewhere it may
be inadvisable to analyze the complete model simultaneously, even if the computer
capacity allows it. Large differences in element size can lead to computational
errors. Such cases may be better treated by a preliminary analysis with the region
in question represented relatively coarsely. A separate more detailed analysis of
the region can then be made using a very refined mesh with imposed boundary
lvads or point displacements taken from the first analysis. Caution should be ap-
plied in accepting detailed stress results immediately adjacent to sharp internal
comers where, theoretically, the stresses are infinite. The more refined the mesh
used in such regions, the larger and more alarming the stress results become,

9.6.2 Analogous Frame Analysis

When only a frame analysis program is available, and the shape of the shear wall
can be divided into a mesh of rectangular segments, an analogous frame may be
used for analysis. Earlier analogous frames [9.2] were developed for plate stretch-
ing and compression, without particular reference to inplane bending, Only if used
in a refined mesh across the wall will these satisfactorily represent bending. More
recently. analogous frames have been developed for shear wall analysis that ac-
commodate inplane bending.

One of these which has proved to be superior in efficiency is termed the braced-
frame analogy [9.3]. Its concept, derivation and application are considered next.

Braced-Frame Analogy. The analogy was conceived originally with a sym-
metric module (Fig. 9.14a). It consisted of two columns joined by rigid beams at
the top and bottom, and diagonal braces. This was satisfactory as a full-width unit
for plane walls and for orthogonal shear wall assemblies with not more than two
walls joining at any comer. In general cases of shear walls with fractional-width
meshes, or assemblies with more than two walls at a corner, the symmetric module
Is inadequate because the adjacent columns of intersecting modules cannot easily
be arranged to bend independently, as they must. Consequently, the module was
modified to be asymmetric (Fig. 9.14b), with a column on the left-hand side con-
necting to the rigid beams. a hinged-end link on the right-hand side. and diagonal
braces. The lefi-hand ends of the beams and the ends of the column rotate with
the nodes, while the right-hand ends of the beams and the link are rotationally
released from the nodes. Although physically asymmetric about its vertical center
line, the module behaves in the same way as the symmetric module.

The requirement of the frame module is that it should simulate the bending,
shear. and vertical axial stiffnesses of the corresponding wall segment, The prop-
erties of the module members are derived as follows,
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Rigid beam I~‘F!'lqnj beam
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17
(a) (b}

Fig. 9.14 (a) Analogous frame: original symmetric module: (b) snalogous frame: im-
proved module.

Bending Stiffness. The bending stiffness of the wall segmemt (Fig. 9.15a) must
be matched by the bending stiffness of the module (Fig. 9. 15b). The latter is given
by the sum of the flexural stiffness of the column, and the bending resistance o
the column and link sectional areas acting about the center line of the module,
Assuming the wall and module 1o have the same elastic modulus. E, '

A .
El + 2EA, (2) = E = (9.22)

Shear Stiffness. The shear stiffnesses of the wall segment (Fig. 9. 16a) and the
frame module (Fig. 9.16b) should be equal. This is provided in the module by t
sum of the transverse stiffness of the column in double curvature bending and
horizontal components of the axial stiffness of the diagonals.

12E1, | 2EA, cos’§ _Gbt _ Ebi
i / T oh X1+ uk

in which G is the shear modulus, u is Poisson's ratio. and G = E/2(1 + u).

Y Y

{9.23)

\_A \_A
(&) {b)
Fig. 9.15  (a) Wall segment; fexure; (h) analogous (rame; flexure,
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— pE——
—_—— _—
ia) (b}
Fig. 9.16 {a) Wall segment; shear: (b} analogous frame: shear

Axial Stiffness. The axial stiffnesses of the wall segment (Fig. 9.17a) and the
frame module (Fig. 9.17b) should be the same. The axial stiffness of the module
comprises the sum of the axial stiffnesses of the column and link, and the verical
compaonents of the axial stifiness of the diagonais,

2EA, | 2EA,sin’f _ Ebr
h ! et (9:24)

Solving Eqs. (9.22) to (9.24) simultaneously gives the properties of the frame
members:

COLUMN:
Moment of inenia [ = E: {68 — 0.5) (9.25)
12
Sectional area A, = 5(0.25 - B) (9.26)
LINK:
Sectional area A, = 16{0.25 - B) (9.27)

}

[a) 1y
Fig. 9.17  (a) Wall segment: axial deformation; (b) analogous Trame: axial deformation.
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DIAGONAL BRACES:
Sectional arca A= W (9.28)
in which
B = h— (9.29)
16~ (1 + u)

The other properties of the braced frame mcmbenf are assigned to be rur_:u:li;
Equation (9.25) can be used to show that [, is negative for segment hmght-;c‘m-wldl_ .
ratios less than 2[(1 + u)/3]"". and Eqg. (9.26) can be |:u:d 10 show that A', |5.:
negative for height-ro-width ratios greater than 2{1 + mye A!Thﬂugrt_:uneg.uni:e.
property members are a Actitious concept, frame_ anai;.-:;lm p@gmms wi um;ﬂ :-:
accept and process them provided the resulting direct stifiness coetficienis of the

structure are all positive.

Application of the Analogous Frame. An approximate analysis of a shear wu“f
structure can be made by dividing cach wall into a coarse mesh of wu.I]-wudth story,
height modules (Fig. 9.18). For a more detailed and accurate solution. a refined
mesh of fractional wall-width and story-height modules can be Iused. _Thr_ com-
ponenis of each module are assigned properties according to the dlm_e nsions :_JI' nlm’
corresponding wall segment. The two rigid bcajm:i berween each pair uf.r:mcai hi
adjacent modules are replaced by a single n'_gld h;am. Beams cnnn.r.cnng m'tld
wall from other pants of the building are joined rigidly 1o the ends of the nig
beams. The resulting analogous frame may be analyzed by any standard frame

analysis program.

Fig. 9.18 Analogous frame maodel for
elevator core,
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Conversion of Analogous Frame Forces to Wail Stresses. The stresses
i a wall segment are obtained by applying the resultant moment, axial force, and
shear in the corresponding frame module as evaluated from the results of the anal-
¥sis. 1o the horizontal section of the segment.

The resultant bending moment in & module is obtained by summing algebra-
ically the average of the moments at the top and bottom of the column and the
couples given by multiplying the axial forces in the column and link by the half
width of the module. The resultant axial force is the algebraic sum of the axial
force in the column and link, and the vertical components of the axial forces in
the diagonals. The resultant shear force is the algebraic sum of the shear in the
column and the horizontal components of the axial forces in the diagonals. The
resulting moment and axial foree is applied to the segment section to oblain the
will axial siresses. and the resulting shear is applied to obtain the wall shear
stresses,

The wall stresses are referred to the mid-height of the segment. The vertical
stresses vary linearly over the width of the segment and are constant over its height,
The shear stress is uniform over the whole segment. Horizontal direct stresses are
not evaluated because the axial rigidity of the arms causes the values of the re-
sulting internal harizontal forces 1o be meaningless.

The stresses from shear wall analyses using this analogous frame have shown
1o compare closely. that is within | %, with results from finite element anulyses
having a similar sized mesh.

SUMMARY

The chapter is concemed with tall building structures that consist of assemblies of
shear walls. connected only by members of low fAexural resistance such as thin
slabs. The walls interact, therefore, primarily through horizontal forces, The chap-
ter is also concerned with the analysis of individual shear walls.

Assemblies of shear walls may be categorized as proportionate. when the ratios
of the walls” flexural stiffnesses are constant throughout the height, or nonpropar-
tionate. Each category may be divided further for consideration into nontwisting
Or twisting structures.

The allocation of extemal shear and extemal moment between the walls of o
proportionate system can be made on the basis of each wall's proportionate con-
ribution to the overall exural stiffness. and the overall fexural-torsional stiffness
of the structure,

The allocation of shear and moment between the walls of a nonproponionate
system is more complex because of the horizontal interaction between the walls,
For a nontwisting system. a hand method based on a type of moment distribution
pives an accurate solution. The method is amenable 10 programming for use on a
very small microcomputer,

For a twisting, nonproportionate system, it Is recommended that u stiffness ma-

tnx computer analysis is carried out with the walls represented by column ele-
ments.
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The stress analysis of rectangubar walls with a height-to-length ratio greater than
five can be made with acceptable accuracy by simple bending theory. Shorer walls.
irregular walls, and walls with openings should be analyzed by using either mem-
brane finite element or analogous frame models. Plane stress membrane elements
of rectangular or quadrilateral shape are recommended, with refinements of the
mesh in regions of special interest.

If only a frame analysis computer program is available, and if the wall can be
divided into & rectangular mesh. an equivalent frame may be used o obtain a
reasonably accurate solution.
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EEN CHAPTER 10
Coupled Shear Wall Structures

The previous chapter considered shear wall structures in which lateral loads on the
building are resisted by the independent actions of the individual walls, In many
practical situations. however. walls are connected by moment-resisting members.
For example. walls in residential buildings will be perforated by vertical rows of
openings thar are required for windows on external gable walls or for doorways or
cormdors in intemal walls. In the design of slab residential blocks consisting of
walls and floor slabs only. sell-contained apaniment units are generally arranged
on opposite sides of a central corridor along the length of the building. This ar-
rangement naturally results in parallel assemblies of division walls running per-
pendicular to the face of the building, with intersecting longitudinal walls along
the corridor and facade enclosing the living spaces (Fig. 10.1). In addition to
serving the functional requirements of dividing and enclosing space. and providing
fire and acoustic insulation between dwellings, the cross walls are employed as
load bearing walls. since their disposition favors an efficient distribution of both
gravity and lateral loads to the structural elements. If the floor slabs are rigidly
connected 1o the walls. they serve in effect as connecting beams 1o produce a shear
interaction between the two inplane crass walls. Such structures. which consist of
walls that are connected by bending-resistant elements, are termed “coupled shear
walls.” in which the presence of the moment-resisting connections greatly in-
creases the stiffness and efficiency of the wall system.

10.1 BEHAVIOR OF COUPLED SHEAR WALL STRUCTURES

If & pair of inplane shear walls is connecled by pin-ended links that transmit only
axial forces between them. any applied moment will be resisted by individual mo-
menis in the two walls, the magnitudes of which will be proportional to the walls®
flexural rigidities. The bending stresses are then distributed linearly across each
wall, with maximum tensile and COmpressive stresses on opposite edges ( Fig.
10.10d). If. on the other hand, the walls are connected by rigid beams to form a
dowelled vertical cantilever, the applied moment will be resisted by the two walls
acting as a single composite unit. bending about the centroidal axis of the two
walls. The bending stresses will then be distributed linearly across the composite
unit, with maximum tensile and Compressive stesses occurring at the opposite
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The stress analysis of rectangular walls with a height-to-length ratio greater than
five can be made with acceptable accuracy by simple bending lhl.'ur;._'. Shtlinrl:cr walls,
irregular walls, and walls with openings should be analyzed by using either mnm-.
brane finite element or analogous frame models. Plane stress mcﬂ:lhl'i.'ll'lE elements
of rectangular or guadrilateral shape are recommended. with refinements of the

sh in regions of special interest.
mE”_ only ﬁ frame ar:;;sis computer program is available, and if the wall can be
divided into a rectangular mesh. an equivalent frame may be used 1o obtain a
reasonably accurate solution.
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M CHAPTER 10

Coupled Shear Wall Structures

The previous chapter considered shear wall structures in which lateral loads on the
building are resisted by the independent actions of the individual walls. In many
practical situations. however, walls are connected by moment-resisting members,
For example. walls in residential buildings will be perforated by venical rows of
openings that are required for windows on external gable walls or for doorways or
comdors in internal walls. In the design of slab residential blocks consisting of
walls and floor slabs only. self-contained apanment units are generally armanged
on opposite sides of a central cormidor along the length of the building. This ar-
rangement naturally results in parallel assemblies of division walls nnning pers
pendicular to the face of the building. with intersecting longitudinal walls ulong
the corridor and facade enclosing the living spaces (Fiz. 10.1). In addition to
serving the functional requirements of dividing and enclosing space. and providing
fire and acoustic insulation between dwellings, the cross walls are employed s
load bearing walls. since their disposition favors an efficient distribution of both
gravity and lateral loads to the structural elements. If the floor slabs are rigidly
connected to the walls. they serve in effect as connecting beams to produce a shear
interaction between the two inplane cross walls, Such structures, which consist of
walls that are connected by bending-resistant elements, are termed **coupled shear
walls,”” in which the presence of the moment-resisting connections greatly in-
creases the stiffness and efficiency of the wall system.

10.1 BEHAVIOR OF COUPLED SHEAR WALL STRUCTURES

If a pair of inplane shear walls is connected by pin-ended links that transmit only
axial forces between them, any applied moment will be resisted by individual mo-
ments in the two walls, the magnitudes of which will be proporional to the walls'
flexural rigidities. The bending stresses are then distributed linearly across each
wall. with maximum tensile and compressive stresses on opposite edges (Fig,
10.10d). If. on the other hand, the walls are connected by rigid beams o form a
dowelled vertical cantilever. the applied moment will be resisted by the two walls
acting as a single composite unit. bending about the centroidal axis of the two
walls. The bending stresses will then be distributed linearly across the composite
unit. with maximum tensile and compressive stresses occurring at the opposite

213



214 COUPLED SHEAR WALL STAUCTURE

I0.4m {100 ft} |

T

18, 0m (59 ft)

|
- - g |

Fig. 10.1 Planform of vpical cross-wall residential block.

extreme edges (Fig. 10.10c). The practical situation of a pair of walls connected
by flexible beams will lie between these two extreme cases, which may be regarded
a5 bounds on the structural behavior of a coupled wall system. The stiffer the

connecting beams, the closer the structural behavior will approach that of a fully
composite cantilever. The efficiency of the system may be assessed by the degree
to which it approaches the optimum behavior of a composite cantilever.

When the walls deflect under the action of the lateral loads. the connecting beam
ends are forced to rotate and displace venically. so that the beams bend in double

curvature and thus resist the free bending of the walls (Fig. 10.2). The bending

action induces shears in the connecting beams. which exern bending moments. of

opposite sense to the applied external moments. on each wall. The shears also |

induce axial forces in the two walls, tensile in the windward wall and compressive
in the leeward wall. The wind moment M at any level 15 then resisted by the sum
of the bending momenis M, and M, in the two walls at that level. and the moment
of the axial forces VI, where N is the axial force in each wall ar that level and /[ is

the distance between their centrondal axes.

Besm actions

LEd L]

Fig. 10.2 Behavior of laterally loaded coupled shear walls.
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M=M + M + M (10 1)

The last term N represents the reverse moment caused by the bending of the
connecting beams which opposes the free bending of the individual walls, This
term is zero in the case of linked walls. and reaches a maximum when the con-
necting beams are infinitely rigid.

The action of the connecting beams is then to reduce the magnitudes of the
moments in the two walls by causing a proportion of the applied moment 1o be
carried by axial forces. Because of the relatively large lever amm / involved, a
relatively small axial stress can give rise to a disproportionally larger moment of
resistance. The maximum tensile siress in the concrete may then be greatly re-
duced. This makes it casier 1o suppress the wind load tensile stresses by aravity
load compressive stresses, ]

10.2 METHODS OF ANALYSIS

As with other structural forms considered. it is possible to analyze coupled shear
wall structures by either approximate or more exact techniques. The former are
simpler and more amenable to hand calculation. but tend to be restricted to regular
or quasiregular structures and load systems. The latter can deal with irregular strue-
tures and complex loadings. but require the services of a digital computer, The
method to be employed will generally depend on the structural layout and on the
degree of accuracy required.

The most imponant approximate method is termed the continuous medium tech-
nigue, (In the literature it has also been variously termed the **continuous connec-
tion method. ' the “‘continuum method."" or the **shear connection method. ") As
the name suggests. the structure is simplified by making the assumption that all
horizontal connecting elements are effectively smeared over the height of the build-
ing to produce an equivalent continuous connecting medium between the ventical
elements. This can be achieved with reasonable accuracy only for a uniform Y5
tem of connecting beams or floor slabs. The two-dimensional plane structure is
thereby transformed into an essentially one-dimensional one. in which all major
actions depend on the height coordinate. This enables the behavior of the structure
1o be expressed in the form of an ordinary linear differential equation, allowing
closed form solutions to be obtained.

In many practical situations. the building layout will involve walls that are not
uniform over their height, but have changes in width or thickness. or in the dis-
position of the openings. In addition, the base suppon conditions may be complex
due 10 either a discontinuation of the walls at the first story level. or the form of
substructure employed. Such discontinuities do not lend themselves 1o a uniform
smeared representation. and the continuous medium approach cannot be used with
any confidence. Such irregular systems are most conveniently and accurately ana-
Iyzed by using an equivalent frame approach, in conjunction with standard frame
analysis programs based on the stiffness matrix method of analysis. The anulvst
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must use his skill and experience to replace the coupled wall structure by an equiv-
alent plane framework of beams and columns. As discussed in Chapter 5. rela-
tively wide walls may be modeled by a line column situated at the centroidal axis,
with rigid horizontal elements connecting the centroidal axis to the outer fibers at
cach floor level, to transmit the rotational and ventical displacement effects at the
edge of the wall to the connecting beams. As a consequence. the method is fre-
quently referred to as the “‘wide-column frame method.”" Practical shear wall
structures are generally analyzed by this method,

If the wall contains irregular openings or has a complex support system. it may.
prove difficull to represent the structure by a plane frame model with any degree
of confidence. In that case, it is better to use a finite element model with an as-
sembly of plane stress elements (cf. Chapter 5, Section 5.5).

Previously, it was considered uneconomical 1o use the finite element technique
for the complete analysis of such structures. However. with the availability of
general purpose computer programs that include a wide variety of line and surface.
clements. a complete analysis s now a more reasonable proposition.

This chapter considers in detail the continuous medium and the analogous frame
methods of analysis of coupled walls, Since the analysis of plane structures by the
finite element method is well documented elsewhere in the literature, only a brief
discussion of the method is given with panicular reference to its use in the analysis
of coupled walls.

10.3 THE CONTINUOUS MEDIUM METHOD

This approximate method allows a broad look at the behavior of coupled wall
structures and. simultaneously, gives a good qualitative and quantitative under-
standing of the relative influences of the walls and the connecting beams or slabs
in resisting lateral forces.

10.3.1 Derivation of the Governing Differential Equations

Consider the plane coupled-wall structure shown in Fig. 10.3a subjected 1o diss
tributed lateral loading of intensity w per unit height. A general form of loading
is used o illustrate the derivation of the governing differemtial equation. before
solutions are derived for common standard design load cases.

The basic assumptions made in the analysis are as follows:

1. The properties of the walls and connecting beams do not change over the
height. and the story heights are constant.

2. Plane sections before bending remain plane afier bending for all structural
members.

3, The discrete set of connecting beams. each of flexural rigidity EF,. may be
replaced by an equivalent cominuous connecting medium of flexural rigidity
El,/h per unit height, where h is the story height (Fig. 10.3b). Sinctly
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Fig. 10.3 Representation of coupled shear walls by continuum model.
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speaking. for this analogy to be correct. the inentia of the top beam should
be half of the other beams.

4. The walls deflect equally horizontally. as a result of the high inplane rigidity
of the surrounding floor slabs and the axial stiffiness of the connecting beams,
It follows that the slopes of the walls are everywhere equal along the height,
alm:l lh!.l:i. using a straightforward application of the slope-defiection equi-
tions, it may be shown that the connecting beams, and hence the equivalent
connecting medium, deform with a point of contrafiexure at mid-span, It
also follows from this assumption that the curvatures of the walls are equal
throughout the height. and so the bending moment in each wall will be pro-
portional to its flexural rigidity.

3. The d.i.*a_:rclc set of axial forces. shear forces. and bending moments in the
connecting beams may then be replaced by equivalent continuous distribu-
tions of intensity n. g. and m. respectively. per unit height.

In particular. if the connecting medium is assumed cut along the vernical line
of _mntmﬂcxure. the only forces acting there are 2 shear flow of intensity g(z) per
unit hcjght and an axial force of intensity n(z) per unit height. as in Fig. 10.4.
The axial force N in cach wall at any level z will then be equal to the integral of
the shear flow in the connecting medium above that level, that is.

£
o E S (10.2)

or, on differentiating

(10.3)
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Fig. 10.4 Intemnal forces in coupled shear walls.

Consider now the condition of vertical compatibility along the cut line of con-
traflexure of Fig. 10.4. Relative verical displacements will occur at the cut ends
of the cantilevered laminas due to the following four basic actions. [In the deri-
vation, positive relative displacements are taken to mean that the end of the lefi-
hand lamina { 1) moves downward relative to the end of the right-hand lamina (2).]

I. Rotanons of the wall cross sechions due to bending (Fig. 10.5a). Under the
action of a bending moment. the wall will deflect. and cross sections will rotate
as shown in Fig. 10.5a. Twao forms of bending action occur: first, the free bending
of the walls due to the applied extemal moments. and second, the reverse bending
caused by the shear forces and axial forces in the connecting beams.

The relative venical displacement &, is given by (Fig. 10.54)

b b d'lr.l.- E ﬁ— ﬂ
n,=(z+d.)d: (z-i-d:) :-fu,: (10.4)

where dv /dz is the slope of the centroidal axes of the walls at level = due to the
combined bending actions.

2. Bending and sheanng deformations of the connecting beams under the action
of the shear flow (Fig. 10.5b). Consider a small element of the connecting medium
of depth dz, which may be assumed cantilevered from the inner edge of the wall.
The fexural rigidity of this small lamina is { £f, /b ) dz. and the cantilever is sub-
jected 1o a tip shear force of g dz.

Due 1o bending only, the relative displacement &+ is given by

=_1_a.dc_(e)"=_f”'_‘f' (10.5)
= TAEL Ry dz 2 12EL, !

{=1]
-

where b is the clear span of the beams,
The effects of shearing deformations in the connecting beams may readily be
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Fig. 10.5 Relative displacements ot line of contraflexure.

included by replacing the true flexural rigidity £f,, by an equivalent flexural rigidity
EF 1101}, where

[, = —— (10.6)

and
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in which GA s the shearing rigidity and A 15 the ¢ross-scctional shape factor for
shear, equal to 1.2 in the case of rectangular sections. The cormection is necessany
only in the case of connecting beams with a span-to-depth ratio less than about 5.

The evaluation of 8, has assumed that the connecting beam is rigidly connected
to the wall. and thus ignores the effects of local elastic deformations at the beam-
wall junction that will increase the flexibility of the lamina. Both elasticity and
finite element studies have shown that the additional Rexibility that arises may be
included by the simple expedient of extending the beam length by a further quarner-
beam depth into the wall at each end. The length & in Eq. (10.5) should thus be
taken as the true length b + § beam depth.

Equations (10.3) and (10.6) enable Eq. (10.5) 10 be expressed in terms of the
axial forces N, as

b'h N
.Eh = +
N 12EL. dz

(10.7)

3. Axial deformations of the walls under the actions of the axial forces N (Fig.

10.5¢c). The action of the shear forces in the connecting beams will be 1o induce

tensile forces in the windward wall | and compressive forces in the leeward wall

2. Consequently. the relative displacement. &; at level = will be

a\:-l(' +i) X-Nd: (10.8)7

ENA; A,

]

where A, and A, are the cross-sectional arcas of walls | and 2. respectively.

4. Any vertical or rotational relative displacements at the base (Fig. 10.5d).
Werical or rotational deformations of the base may occur as a resull of displace-
ments of the foundations (proportional to the modulus of subgrade reaction. for
example) or as a result of the flexibility of the supporting substructure. Such foun-
dation displacements will induce rigid body movements of the superstructure above,

and will give rise to displacements that are constant over the height as shown in

Figs. 10.5d.

Assuming relative displacements (8, ) and rotations (&) occur in the same
senses as the imemal axial forces and moments. the relative vertical displacement

6_.. 15,

64 = _15‘1 + Fﬁu = 151... iﬂ.}' ‘!u1g]

In the onginal deflected strucwure {Fig. 10.2) there can be no relative ventical
displacement on the line of contraflexure of the connecting beams. Consequently,
the condition of vertical compatibility at this position is

5.+ﬁ:+6_1+ﬁ_|=ﬂ
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or, using the appropriate exprossions lor sl

v h"h_ o I { | |

-:.‘-.: + .I.E.‘:'.f.,- e ‘|_| 1 ?) _\“."'-'u": + &, = {) (10.10)

The last term will be zeny in the common case of @ rigid base.

On considering both the free bending due 1o the externally applied moment M
and the reverse bending due to the shears and axial forces in the connecting me-
dium (Fig. 10.4), the moment-curvature relationships for the two walls are, at any
level.

I

d*v b
E-"1:E'~3-=M,=M—(E+d.)j;qd:—M,, (10.11)
d*v b P
E.-If: "—_‘-; = |‘P'f:| = —(; + ff:) “_ qﬂ‘: * 4”,, t“].l:]

where M, is the moment caused by the axial forces in the connecting beams.
The addition of Eqs. (10.11) and (10.12) vields the overall momen-curvature
retationship for the coupled walls,

f"' w i
E{I,+I:jr;}=M—fj gdz=M—IN (10.13)

Differentiating Eq. (10.10) with respect to =. and combining with Eq. (10.13)
10 eliminate the curvature d”v/d=" gives
d°N 3 a
7~ (k) N = =T M (10,14)

This is the governing equation for coupled walls expressed in terms of the axial
force AV,
The parameters in the equation are defined as

L 124.4°
b'hi
= Af
=14 -
A.Azq’_
and
ll'=f|1'f:. A"‘.‘ﬂi‘d:
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As usual, the lefi-hand side of Eq. (10.14} describes the inherent physical prop-
erties of the structure, and the right-hand side involves the form of applied loading.
Alternatively. eliminating the axial force ¥ from Eqgs. (10,100 and (10.13) gives

div vd'y 1 fd*M sk =1 .
“o _ (ka) —= == — - (ka) —— | 15
dzt (kar} ez E.f(d;' (ka) k- “) (10.15)

The is the governing equation for coupled walls expressed in terms of the lateral
deflection v.

10.3.2 General Solutions of Governing Equations
The general solution of Eg. (10.14) will always be of the form

¥ ol IE o' . "tt:Hi

N =, cosh ke + Cs sinh ko — +| Lisk——x% <+
[ Ree) { Ker ) {Kev )

(10.16)

in which [ is the operator & /dfz and C, and C, are integration constants that must
be determined from the appropriate boundary conditions at the top and botrom
expressed in terms of the vanable N.

The general solution of Eq. (10.15) is, similarly

[ |
v=C + Cyz + Cscosh ke 4 C, sinh ke = — = | =5+
El{ka)y | OF
2 . "'k: o |
I«+ D_,,-l- D‘h+---Hdr:f—{ku]' - M‘
(k) (ka) (ko) dz k-
{10.17)

where Oy to C, are constants 1o be determined from the boundary conditions ex-
pressed in terms of the vanable v.

Boundary Conditions. By considering conditions of compatibility and equi-
librium at the top and bottom of the structure. appropriate boundary conditions
may be derived for a range of base conditions.

For example. for a structure that is free at the top and rigidly built in at the
base. the two boundary conditions for Eq. (10.16) will be

Atz=H. N=10 (10.18)

Al the base, the first term in Eq. (10.10) is the base slope, dv/dz, which i
zero. The third term also is zero, and hence the boundary condition becomes
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IN
Atz =0, LT-’“ (10.19)

In Eq. (1017}, the four boundary conditions will be

Alz =0, v=0 (1020
ﬂ
¥

Il

0 (10.21)

_Atthe top, the axial force and moment are zero. and. hence. from Eqg. (10.13).
dv/d” = 0.

The second boundary condition at the top may readily be derived by substituting
for N and its first derivative dN /dz from Eq. (10.13) into the compatibility Eq.
1i:ﬂ-m‘.l- and making use of Eq. (10.21). The required boundary conditions are
then

Ja-.
Atz =H, d_—; =0 (10.22)
d'y v 1 fdM S ‘rl
— i: —— T — ol [ G -
e’ S =g (G e - | ma) (102

Corresponding conditions may be derived for other practical cases such as walls
supporied on elastic foundations and walls supported on different types of portal
frames. In the laner case, it may prove necessary to make further simplifying
assumptions regarding the mode of behavior of the suppon structure in order 1o
derive the appropriate number of conditions in terms of the variable used. This
usually involves a reduction in the degree of statical indeterminancy of the suppon
frame by the insertion of hinges at assumed points of contraflexure, or at the junc-
tions of relatively slender columns with relatively stiff beams. These situations are
discussed further in Section 10.3.7.

10.3.3 Solution for Standard Load Cases

A complete solution is now obtained for a uniformly distributed lateral load that
18 often used 1o simulate wind loading. Solutions are also given in Appendix | for
two other standard load cases. a triangularly distributed load and & point load at
the top. which, as discussed in Chapter 3, are used to simulate earthguake loading.

Uniformly Distributed Lateral Loading. Consider the case of a pair of cou-

plcdl shear walls on a rigid base, subjected 10 a uniformly distributed load of in-
lensity w per unit height. The external moment is

M= w(H—z) /2 (10.24)
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Axial Forces in Walls. The panicular integral pan of the solution may be de-

termined from Eq. (10.16) and, on evalvating the integration constants C, and C;
from Eqgs. (10.18) and (10,19}, the complete solution becomes
J

[10.25)

B wH” 1( __:.): l !1 _ cosh kaz + kol sinh ka(H - )
TR (2 H (keH ) | cosh keeH

Equation (10.25) shows that the distribution of the axial force throughout the
height depends on two nondimensional variables only. the relative height = /H and

the stiffness parameter kaH. since baz = kol - 2/ H.
Equation (10.25) may be expressed as
o
N=w-—= 5 F,f [H. keeH) (10.26)

where F, is the expression in the braces in Eq. (10.25). The variation of the axial
force factor F; with the two parameters 2,/ H and kaH is shown in Fig. 10.6, The
curves demonstrate how the axial forces increase with an increase in kaH.
Shear in Connecting Members. The shear flow in the connecting medium
then follows from Eq. (10.3) as
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s R LR | sinhka:uk-:rH:ushknl‘H—-:!‘ 1
LA E(‘ H) ¥ kel cosh kaHl (1077
which may be expressed in a form similar 1o (10,26} as
H
g = 75 Fa(2/H, kaH) (10.28)

The vanatien of the shear flow factor F5 with the two parameters = /H and kol
is shown in Fig, 10.7.

The maximum value F5(max ) of the factor F, may be obtained by differentia-
tion of Eq. (10.27). and the resulting curve of F-( max ) 1s indicated by the broken
line on Fig. 10.7. The maximum intensity of the shear flow in the connecting

medium is then given by

wi
s = 75 F-{max ) (10.29)

Figure 10.7 shows that as the parameter ke increases. corresponding mainly
o an increase of stifiness of the connecting members. the position of maximum
shear flow in the connecting medium. and. hence. the position of the most heavily
stressed connecting beam. moves progressively down the height of the structure,
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Fig. 10.7  Variation of shear Dow factor F
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Wall Moments. Since the moments are proportional to the flexural Agidities,
the bending moment at any level in wall | will be

—

M, = wH*(1 = z/H) - .w1 (10.30)

Bl |

il
i
where N is given by Eq. (10.26). It follows that the moment may also be expressed

in terms of the function F, as

(10.31)

(10.32)

The terms in the brackets indicate the proportion of the wind moment that
resisted by bending actions in the walls, The greater the value of N and Fi, 1
smaller will be the proponion resisted by wall bending.

Deflections. The lateral deflection v may be obtained from Egs. (10.17)
110.24) with the aid of Eqgs. (10.20) 1o (10.23) as

A5 i) ) -

L]
I '( :) z ‘ !
—={l1=-=] +4=-1|-
24 | H H (kaH) cosh kaH
+[1 + kaH sinh kaH — cosh kaz — kol sinh ka(H — :1]” (10.33]

The expression (10.33) consists of two terms in braces, the first representi
the pure cantilever action that would occur if the walls were connected by pin:
ended axially ngid links. and the second representing the modification to the §
dependent cantilever action that occurs because of the reverse bending of the wall
induced by the coupling beams. The deflection is now dependent on three i
pendent parameters. the height = /H and the two structural parameters £ and n'H'.
It is therefore not possible 1o produce single generalized curves. such as those 1
N and g. which show the variation of the deflection profile with the different pas
rameters involved. One particular guantity. however. which is of fundamental sigs
nificance in design. is the maximum lateral deflection vy, at the op of the structune
since. as discussed in Chapter 2. the designer will wish to contain the ratio vy, /M
within a partiicular value such ax g

103 THE CONTINUOUS MEDILIM METHOD 227

At the tap. at =/ H = 1. the maximum deflection is

wi?
Y = SEl Fulk. aff)
where
1 4 8
Fa=1- ] 1 - 5 + Kl {I +
k™| (keeHY  (keeH) cosh kaH

keeH sinh kol — cosh kaff) (10.34)

The variation of the deflection factor Fy may be expressed most conveniently
in terms of the parameters & and kol as shown in Fig. 10.8. The curves show
that the maximum lateral deflection is reduced by more than 60% for values of
kool greater than 4,

Forces in the Discrete Structure. The results that have been obtained relute
10 the cquivalent continuous system. and it is necessary to transform them to the
real coupled wall structure,

The shear force @ in any particular connecting beam [ at level 2, may be ob-
tained from the difference in values of axial force N at levels i /2 above and below
the level concemed. that is.

Q =Nz —h/2) = Nlz+h/2) (10.35)
1.0 | | . T
|
0.8 - '
£ |
T 0.6 i . |
5 ’ !
- I_nt =
."E‘,' ) k=],20
(s 1.15
& F 1.10
0.2 T \’\-\:.__ 1 TS
i ] i
v} i 4 B H 10 12 14 16

i

Fig. 10.8  Variation of wop deflection lctor £,
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Alternatively. @, may be obtained by integrating the shear low ¢ over the height
concemed

by 2

' P

which becomes. an substituting for g from Eq. (10.27).

-3+

— kaM cosh kel H = 2 l}

2H sinh kel /2]
(kaH) cosh kaH |

sinh ko,

(10.36)

If the shear flow curve (Fig. 10.7) has already been plotted. @, may be obtained.
by evaluating the arca under the curve over the story height concerned. or by
multiplving the estimated average value of g by the story height. The shear in the
top beam will be derived from the shear flow over half a story height at the op.

The maximum moment in any connecling beam may be obtained from the shear
flow curve F, where an inspection will indicate the position of the most heavily
loaded beams. The value of @, max ) may be evaluated quickly by considering the
two beam positions on either side of the maximum value F, (max ).

The maximum value will be given approximately by

0 (max) = w % F{ max b | Iﬂ'.?-ﬂ:_

The maximum bending moment in any connecting beam i, at the junction with
the wall. is equal 1o @b /2.

Equations (10.31) and (10.32) will give the continuous distribution of bending
moments in the two walls. In the real discrete structure. the distribution is discons
tinuous as a component @k /2 is fed into the wall at each beam position. If desired,
the discrete distribution may then be obtained from the known values of shear force
in the beams. It may be noted that although there is no bending moment or axial
force at the top of each wall in the continuous system, discrete values, obtained
by integrating the continuous forces over half a story height at the top of the build:
ing. exist in the real system. Although the distributions of bending moments and
axial forces in the real structure may apparently be determined more sccurately by
adding up the effects of individual beam forces. it is very doubtful if the additional
laborious work would be warranted. The continuous distributions may be regarded
as sufficiently accurate for the practical purposes of determining the wall stresses,
unless one wall is very much smaller than the other,

In the above context. it is worth bearing in mind that the bending stresses wnd
shear stresses at the ends of the connecting beams must be diffused into the edges
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of the walls over the depth of the beam. In most cases. the semiwidth of the wall
is much greater than the depth of the beam, and diffusion of stresses into the
mierior of the wall takes place over some distance from the junction. Such dis-
cunlilnu'ltic:i in the wall’s bending moment and axial force. u[lh:nugh statically cor-
rect in relation to the centroidal axes of the members, may have in reality little
meaning for relatively wide walls when using simple bending and axial load the-
ories to determine the wall stresses. Consequently. the continuous bending mo-
ment distributions in the walls may well be as accurate as the discontinuous dis-
tributions in many practical situations.

Wall Shears. By considering the equilibrium conditions for a small element of
wall and the associated connecting medium in the continuous structure. (Fig. 10.9)
it may be shown that the shear forces 5, and S, in the two walls are given by

L h dN I dM
S.-(?f—i—d,)d—;-—'}iz (10.38)
e Mg AN 1 dM
5:—(}!' :—dj)d:-F‘? {10.39)
in which M is the total external moment.
Hence. on using Eqs. (10.3) and (10.24). the shears in the walls are
{ S ! h
-51=11.'HF(J —E)"(TIF—E-{J,):; (10400
I+ - I+ h
5‘ — -H — | — - - ——
2= (i H) (FI = d:)c_t {10.41)

in which the function g is given by Eq. (10.27) and represented graphically in Fig.
10.7. The first term in each gives the shear that would exist if the walls were pin-
connected. It may be noted that since ¢ = 0 a1 a fixed base. the base shears will
always be given by the first terms in the equations.

N4 &N

e
5245

— i
. = — = = | ==

— —] " —— = iz
-_..5 q - —

¥ o

Fig. 10,9 Forces on small element of wall-continuum model .
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In the case of two equal walls, Eqgs. (10,40) and (10.41) reduce, a5 required by
SYMMmELry.

| : -
5=58-= ‘21-1.'H(| = H) (1042}
Since
I h b i
7 i - E — ity = E +d, = =1

it follows that the second terms in Eqs. i10.40) and (10.4 1) are equal in magnitude
but of opposite sign, This 15 essential for horizontal equilibrium since the sum of
the two shears must equal the applied shear wHil = 2 /H).

It follows that, o the top of the structure, when M oz = 0.

L b
5MH) = =5.(H) = _(T === d,)qu}

This situation will be true for any distributed loading for which the static shear
force is zero at the top. It must therefore be deduced that, in order 1o produce i
shear force in each wall at the top of the continuous structure. there must exist at
the top of the connecting medium a concentrated horizontal interactive force @
between the walls. of magnitude

j b
‘(T’ -5 = d Jath)

Q= (10.43)

The force @ will be tensile or compressive according to whether the top s
force §,( H} is positive or negative. but will vanish in the case of two equal walls,
The magnitude of the top inteructive force depends on the structural parameters
involved, and is an indication of the heavy interactions that can occur at the tops
of such structures.

Axial Forces in Beams. Consideration of the horizontal equilibrium of thu
small wall clement of Fig. 109 gives the distribution of axial forces # in the
connecting medium as

[ & L, b :
Y (-f e d.)ﬂ] (10.44)

! 2
in which the function F, is

- x e " I-' k - -
Fys o kqum\h keez + kel sinh kee(H — 2)] = |
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The formulas that have been derived enable the distributions of axial forces,
bending moments and shear forces in the walls, the shear forces und bending mo-
ments in the connecting beams. and the lateral deflections to be caleuluted directly,

10.3.4 Graphic Design Method

In the detailed derivation of the solution for a uniformly distributed load. it was
shown that the forces in the structure are dependent on two nondimensional i
rameters, the relative height = /H and the stifiness parameter ke, This allowed o
senes of curves to be derived showing the forms of distributions of axial force N,
bending moment M, or My, and shear force intensity g. with height = /H. for u
range of values of kaH. The lateral deflection is dependent on three variables, but
a similar generalized curve was obtained for the panticular case of the maximum
top deflection. These curves may be used directly as design aids to give the internal
forces at any required level,

A simple altemative technique has been devised [10.2] 1o give directly the
stresses in the walls, It has the added advantage that it is devised in such a way
that the influence of the different parameters on the structural behavior is readily
seen, and the designer can check the efficiency of the wall with flexible connecting
beams relative to the optimum case of a dowelled system.

The technique is described in detail here for the case of a pair of coupled shear
walls on a rigid base subjected to a uniformly distributed load. Design curves ure
also presented in Appendix | for the other standard load cases of a triangularly
distributed lateral load and a peint load at the top,

Consider the pair of coupled shear walls shown in plan in Fig. 10.10a. The

WALL 1 WALL 2

i c.g. of composite sectian

|
€.l €9 o
(a) 5= -
I B C I
& ol C 1 ' 0
! !
| ! !
(b} _l I actual stress
: -I__- distribution

=

I !

composite

cantilever
stresses

L

-

| ‘-.______‘ql'

| ;

i !
(d) s it independent

h\ﬁ M cant 1 lever
Llresses

Fig, 10.10  Superposition of stress distributions due o compasiie and (ndividusl cantilever
BCtions 0 Eive true sieess distribution in wills.
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stress distribution at any section, under the action of the bending moments M, and
M. and the axial force N, will be as shown in Fig. 10.10b. Tuking tensile stresses
as positive. the maximum extreme fiber stresses in wall 1 will be given by

M, N
oy =— + —
/ A,
| 2 ll'J N
=‘__—.LL'1H—:I - NI T-]‘A_. (10.45)
Mﬂ': .I"ll'I
o e T jrteeny
I| !’1:
11 E: 2| G N
== Eu'{H—:} -.'H:T+A—I

Similar expressions hold for the stresses in wall 2,

The complete stress distribution. which consists in reality of a superposition of
uniform axial stresses on linear bending stress distributions in each wall. may be
considered derived from an altemative superposition of two hypothetical pure’
bending stress distributions, namely (11 a bending stress distribution based on th
assumption that the wall system acts as a single composite cantilever. the neutral
axis being sitwated at the centroid of the two wall elements. as shown in Figo
10.10c, and (2) two linear stress distributions obtained on the assumption that the
walls act as completely independent cantilevers, with the neutral axis at the cen-
troid of each wall. as shown in Fig. 10.10d. The real stress distribution of Fig
10.10b is then obtained by superposition of appropriately sized hypothetical dis-
tributions of Fig. 10.10c and d. By this procedure. the solution of the complex
coupled structure is reduced 1o the combination of solutions for two separale i
ple cantilever problems.

Suppose that K, is the percentage of the total wind momeni that is resisied by
independent cantilever action, and that K, is the percentage resisted by composite
cantilever action, and consider the two component stress distributions.

|. Composite cantilever action (cf. Fig. 10.10c). The total bending moment af
any section which is carried by composite action is

M = —K-:‘-lufH —-‘.J':

o (10.47)

By taking moments about one edge. it is found that the centroid of the pair af
walls is located at a distance of {A://A) + ¢ from the edge A. ¢, being
distance from A to the centroid of wall 1 (cf. Fig. 10.10a). The second moment
of area /, of the two walls about their centroidal axis becomes

Ay,

Y I T L 0.48)
L= (10.48)
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_Iw'ii‘;::scquumlg. the extreme fiber stresses in wall 1 of the composite cantilever
wi
_w(H =) (A ¥
= 21, 7 + t‘.) ﬁ ([ 10n4g)
and
Cw(H =) fad K.
uﬂ.-""—r _.-; -—c‘:)iﬁ' (10.50)

Similar expressions again hold for the stresses in wall 2.

2. Individual cantilever action (cf. Fig. 10.10d). Since both walls are assumed
3] dtﬁccl equally. the individual moments carried by the walls will be proportional
1o their second moments of area. The total moment carried by individual cantilever
acLion s

! 1 K
Eu'{H - z) ﬁ

and the bending moments in walls | and 2 will then be

M, =5[1L-{H—:f"—f'% (10.51)
and
M:=éwm—;f$f—' (10,52)
The extreme fiber stresses in wall | are given by
¥ =£‘:‘3 %th-— :;‘?I% (10.53)
a,,=—"'f—"f3=—11ww—:f%’-]£t (10.54)

Similar expressions again hold for the stresses in wall 2.

The_ individual and composite cantilever factors &, and K5 must vary throughout
the height in such a way that when the linear stress distributions defined by Eqgs,
[ 1[!_.49! and (10.50) and (10.53) and (10.54) are superimposed. they give a distri-
hulmr.! defined by Egs. (10.45) and (10.46), The accordance may be defined by
equating the corresponding stresses at the four extreme wall fiber positions,

Hence, on substituting in these equations for the axial foree N from Eq. (10.25),
and equating stresses, the composite cantilever factor A, may be shown 1o be
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200

sinh kaM — kol
Kﬂ = ] ¥ I +
© (keHY 1 = (2/H)]

cosh kol

— cosh ke (H — =) + %{kuh‘}: (!I - —;}) ‘

sinh ka(H — )
(10.55)

and, by definition.

K, = 100 — K, (10.56)

The proponions of composite and individual cantilever action required to pro-
duce the true stress distribution at any position are thus functions only of the struc-
tural parameter kaH and the height ratio z/H. The form of functions K, and Ky
are shown in Fig, 10.11 for a range of values of the parameter kaH, covering th
range of all practical situations. _

The curves for Fy and F; in Figs. 10.7 and 10.8 may be used direcily as cor=
responding design curves for the shear flow g and the top deflection vy in con
junction with Egs. (10.28) and (10.34),

Significance of Parameter kaH. It has been shown that at any height /4
the distributions of the axial forces, and thus bending moments. in the walls,
the shear Aow in the connecting medium, depend on the relative stiffness parameter
kaH, which. using expressions for k and e as defined for Eq. (10.14), is given by

402

|11.f,." Al ) 3
kaH = l "g;}- (I + ;;;;;EE H
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Fig. 10.11
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For a given set of walls, with fixed dimensions. the value of kel will be a

measure of the stiffness of the connecting beams. and it will increase if either 1
15 increased or the clear span b is decreased.

If the connecting beams have negligible stifiness (kaH = 0) then the applied
moment M will be resisted entirely by bending moments in the walls, and the axisl
torces N will be negligible. That is. the struciure behaves as a pair of linked walls,

If the connecting beams are rigid (ke = oo ). the structure will behuve as 4
single composite dowelled beam. with a linear bending stress distribution across
the entire section. and zero stress at the neutral axis. which is situgted at the cen-
troid of the two wall elemenis.

The stress distributions for these two limiting cases are shown in Fig. 10, 10d
and ¢. and comrespond 1o the cases of K, = 100% and K, = 100%. respectively,

For practical situations involving beams of finite stiffness the stress distribution
will lie between these two extremes (Fig. 10.10b). As the beams increase in stiff
ness the induced axial forces in the walls increase, increasing the component of
unform tensile or compressive stresses in the walls. and reducing the wall bending
moments. and hence the component of bending stress in each wall.

The value of kaH will thus define the degree of composite action and will
indicate the mode of resistance to applied moments. If ke H is small. say less than
about 1. the beams may be regarded as flexible and the walls wend to act as inde-
pendent linked cantilevers. If ke # is large. say greater than about 8. the beams
are classed as suff and the structure tends to act like a composite cantilever. In
between these values, the mode of action will vary with the level concemned. as
indicated in Fig. 10.11. Panmicular attention must be given to the most heavily
loaded section at the base.

It is shown in Chaprer 15 that corresponding general relative stiffness parames
ters may also be used to describe the lateral load behavior of rigid-frames, braced-
frames, and wall-frame structures. Further consideration is given 10 the signifi-
cance of the general governing pareameters & and « /. and their relationship to the
shearing and bending stiffnesses of a bent.

10.3.5 Coupled Shear Walls with Two Symmetrical Bands of .
Openings

Shear walls with two symmetrical bands of openings are frequently encoumtered
n specific situations. such as on the flank walls of residential buildings. They may
ilse be conveniently analyzed by the procedures developed for a single row of
apenings.

Consider the structure shown in Fig. 10.12a. Because of symmetry, there will
be no axial force in the central wall, the moments in the outer walls and the shear
flows in the two sets of connecting laminas will be equal, while the axial forces
Ny in the outer walls will be equal and opposite. The wind moment will then be
fesisted by the wall moments and axial forces N, In the outer walls, s,



236 COUPLED SHEAR WALL STRUCTURE

...._-__
—_— | —— e
i
e |

._.
=
= 1

;

Qoo

¥
i

000
1000

FEFTTFITF LTI TS F LA ELLLE LTS

(a) {b)

Fig. 10.12 Representation of coupled shear walls with two symmetric mws of openings
by equivalent single bay structure: A

M=2ML + M! +EN|!

in which M, and M, are the moments in the outer and central walls. respectively

The simplest way of treating the structure is to consider a half-structure. cof
sisting of a wall type | and a half-thickness wall type 2. joined by connecting
beams. and subjected to half the applied loading. Since there is no axial force jf
the real wall 2. it will not undergo any axial deformation. and this may be achieved
by assigning to it a very large area A, Similarly, the second moment of area of
wall 2 should be taken as { [y (Fig. 10.12b). The formulas established previously
for a pair of dissimilar walls may then be used directly. '

b

10.3.6 Worked Example of Coupled Shear Wall Structure

The theory and design curves in the preceding sections provide a practical methiod
for the rapid analysis of coupled shear walls of any cross-sectional shape. Although
they are accurate only for structures with uniform properties over the height, they
can. by the judicial use of average propenics. serve as a useful guide 1o the foroes
in nonuniform structures. The analysis allows an asseysment of how much of the
applied moment is resisted by bending moments in the walls. and how much by
axial forces,

To illustrate the practical use of the design curves, the typical system of pli
coupled shear walls shown in Fig. 10,13 is considered. It is sassumed that the
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T

16.5 ki /m
(1.73 kip/fr)

i b 56m {183.7 fr)
{20 stories)

d\%

—

% O.4m

(T.3ft)
5 8l Jc D
T A A A A O S S S

A g ¢ L

LA A, P T

0.3m (1 Ft)

s A

(23ft)

Se gn.
{16.4 L)~ (6.6 L)

—

Fig. 10.13 Example strmciure.

system forms one of a series spaced at 6.1 m (20 ft) centers in a 20-story building,

and 15 subjected to a uniformly distributed wind loading of intensity 16.5 kN/m

(113 Kip /ft) height.

It is required to determine the stresses in the walls at base level, the maximum
shear, and hence the maximum moment. in any connecting beam. and the maxi-
mum lateral deflection at the top.

In addition. the distributions of axial forces and bending moments in the walls
are evaluated to illustrate the general forms of distribution of such forces,

The required procedures are first described. and then illustrated numerically for
the considered structure.

Siep I. Determine the areas and second moments of area of the walls, and the
second moment of area of the connecting beams. Depending on the design code
used, the latter may be taken as gross values, caleulated from the beam section's
full dimensions. or reduced values to take account of cracking in the concrete.

Wall propenties:
I =4 x5 %03 =3125m'(362.1 ft')
L=L %7 %x03=855m (915"

d (]

=0+ s = 11.700 m* (1355.6 1)
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A =5%03=15m (1615 f°)
Ay =7 x 0.3 =21 m (22.60 i)
A=A + 4 =36m (3875 ")
l=8mi(26.25 1)

For the connecting beams. assuming that the entire cross section s effective
fo= 4 x 04" % 0.3 = 1.6 x 107 m* (0,185 /%)

The second moment of area 15 reduced o include sheanng deformations. As-
suming a Poisson™s ratio v of 0,15 for concrete, the shear modulus G s

=l =l
T2+ wY 23
From Eg. (10.6)

2% Ex i6x 10" x1.2
= =0.1104
S T 04 x03x £/2.3

1.6 x 107"
11004

1441 * 107 m® (0.167 /*)

.. Effective second moment of area [,

Taking account of the wall-beam flexibility. effective length = rue length + 3
beam depth = 2.2 m (7.22 fu).

Step 2. Determine the structural parameters . . and ko from Eq. (10, [4).

Bk

Al | 36 x 1.7

= +,4__'.,4:F = A T 1.2089
* k= 1,0095
2P 12 % 1440 % 107" » 8
S e = 3,1725 % 10~*
=T 32 % 2.8 % 11.7
a=0.05633m ' (0.017217")
S kel = 1.0995 x 005633 x 56 = 3 468

This value indicates that the beams are of intermediate relative stiffness.

Srep 3. For the panicular level = considered, caleulate the wind moment [ wiH
— 2)°]. Generally, this will be initially a1 the base where the applied moment
is greutest,
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Determine from Fig. 10011 the percentage of the moment al this level carmed
by individual cantilever action (K| ) and the percentage carried by compasite can-
tilever getion (K. ). The individual moment acting on each wall will be propor:
tional 1o its second moment of area.

From Fig. 10.11. the values of K, and K. at base level (z/H = 0)are

K, =42% K, = 58%
Total base moment = { x 16.5 x 56
= 25.872 kNm (19.083 kipft)

Portion of base moment due effectively w individual cantilever action is
0.42 = 25872 = [0.866 kNm (8015 kipfi )

3.12
Moment on wall 1. M, = TIJT'I.'S] ® 10866 = 2902 kNm (2141 kipft)
8.575 ¥
Moment on wall 2. M, = ET x 10.866 = 7964 kNm (5874 kipft)

Portion of base moment due effectively to composite cantilever action is 0,58
# 25 872 = 15,006 kNm ( 11.068 kipft)

Step 4. Caleulate the second moment of area [, of the composite cross section.
Hence caleulate the stresses at the extreme fibers of the walls, using ordinary
beam theory, due 1o the individual and composite moments. and add these to
obtain the true stresses at these positions. The bending stress distribution is linear
aeross cach wall.

From Eq. (10.48), effective composiie second moment of arca of cross section
Is

I.= 13125 + 8575 + % ® & = 67.70 m* (7843 fi')

The position of the center of gravity (c.g.) of the cross section and the distances
from it 1o the extreme wall fibers are shown in Fig. 10.14.

Using ordinary beam theory. the stresses at the sallent points A. B. C. and D
are, on adding the stresses due to individual and composite cantilever stresses
taking tensile stresses as positive,

c.g. of composite section
A B u 1]

| L

D.‘ETMT 5,833

2.167m

Pt
fpto167m

Fig. 1014  Cross section of walls
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W 2002 % 2.5 i 15.006 = 7.167 = +3910 k}-;l,.’m:{+5{1?-1bfin.:]
A 3.125 67.70

e L. 25 , 15006 X 2167 _ _ \g41 kN/m* (~267 Ib/in.?)
™ 3.135 67.70

To64 x 3.5 4 15.006 = 0.167
8.575 67.70

7964 = 1.5 3 15,006 = H.83 =
T 8575 67.70

= +3288 kN/m’ (+477 Ib/in.7)

O

—4765 kN /m* (=691 1b/in.7)

ap =

It is of interest to note that if the walls were uncoupled and behaved as inde-
pendent cantilevers, the coresponding base stresses would be as follows:

g, = —og = 5528 kN /m’ (802 Ib/in.?)

—op, = TT39 kN/m* (1122 Ib/in.?)

¢

illustrating the considerable reduction in stresses that results from the coupling
action.

Step 5. From Fig. 10.7, determine the maximum shear force factor F.{max) and
hence the shear flow g,.,, at the most heavily loaded beam [Eq. (10.29)]. The
maximum possible shear in any beam is equal 10 g, /1. and the maximum pos-
sible beam moment is g, h - 6/2.

This procedure will overestimate the beam shears and moments. by an amount

which depends on the story height. If a more accurate estimate is required, the

actual beam locations may be superimposed on Fig. 10.7 to indicate the Fusitioq
of the most heavily loaded one. The maximum shear may .lhc'n be obtained by
finding the area under the shear flow curve over the story height concemned.

From Fig. 10.7. the value of the maximum shear force factor for ka H = 3.468,

F.{max) = 0.38] at a level z/H = 0.39.
The maximum shear flow g,,., becomes. from Eqg. (10.29).

Foan = 16.5 % E ® 0.381 = 36.39 kN,.'"m {2.49 kip{ﬁ.]

1
8 1209
Thus. the maximum possible shear in any connecting beam s
Oris = Guant = 36.39 % 2.8 = 101.9 kN (22.9] kip)

and the maximum possible moment in any connecting beam 15

M. = (g h)b/2 = 101.9 % | = 101.9 kNm (75.16 kipft)
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Altematively. if the positions of the 20 connecting beams are superimpased on
the shear flow diagram of Fig. 10.7. the most heavily loaded beam is that at the
cighth floor level. where an average value over the story height of the sheur force
lunction F is 0.380. The maximum shear is then

Qi = 36.30 x 2.8 = 101.6 kN (22.84 kip)
and the maximum beam moment is
M. = 10016 x 1 = 101.6 kNm (74.93 kipft )

In this case. the position of the maximum value of F. coincides almost exactly
with a beamn position. and there is insignificant difference betwesn the two values
0f (.., Provided the number of beams exceeds 10, the percentage error oblained
i using £ ( max ) rather than the true average beam value should not exceed more
than a few percent since the shear flow curve is fairly flar near the most heavily
loaded region.

Step 6, Determine the deflection factor F; from Fig. 10.8. The maximum lateral
deflection at the top of the structure is then obtained from Eq. (10.34).

From Fig. 10.8, forkaH = 3.468 and k = 1.0995, the value of the maximum
defiection factor £, is 0.333. That is, since F, is equal to unity if no coupling
beams are present. the effect of the coupling is to increase the stiffness by 300% .

Assuming that the dynamic modulus of elasticity of the concrete employed is
estimated to be 36 kKN /mm* (5.22 x 10" Ib/in.?). the maximum top deflection
becomes. from Eq, (10.34),

16.5 = 56"
36 x 10° % 11.7

= 0.016 mor 16 mm (0.052 ft or 0.63 in.)

[
Va = 2 % ® 0.333

B
With no coupling beams. the maximum top deflection would have been

Vi = 0.048 m (0,157 fi)

Step 7. If desired, the variation of axial force N in each wall throughout the height
may be determined from Eq. (10.26) and Fig. 10.6 from which the value of F,
may be determined directly at any level.

The bending moment in each wall then follows from Eq. (10.31) and (10.32).
For completeness, in order to demonstrate the influence of the axial forces in

reducing the wind moments in the walls, these huve been evaluated and are shown
n Fig. 10.15a and b, The curves illustrate the considerable degree of negative
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Fig. 10.15 Distributions of {a) axial forces and (b} bending moments in walls.

bending that takes place in the walls in the upper levels. due 1o the resisting
ment induced by the connecting beams. In the lower levels. the amount of defors
mation of the connecting beams is reduced. and the relative influence of the res
sulting axial forces is diminished. The proportion of the wind moment that is
resisted by axial forces diminishes toward the base. but it still accounts for 48%
of the total moment al the base, A redistribution of forces takes place continuously
throughout the height, and the behavior is much more complex than that of ond .
nary cantilevered walls. The beneficial effects that arise from the coupling action
are clear. but these, of course. must be balanced against the cost of providing
moment connections between the beams and walls. '

Srep 8. 1f required, the shear forces in the walls may be calculated from Eqs:
(10.40) and (10.41). At the most heavily loaded section, at the base. the 10
shear force is shared between the walls in proportion 1o their flexural rigidit

Al the base. the wall shears become

3125 1

S =165 % 56 x T 246.8 kN (55.5 kip)
57 :

§; = 16,5 % 56 % %‘; = 677.2 kN (152.2 kip)
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10.3.7 Coupled Shear Walls with Different Support Conditions

The previous sections have considered the analysis of laterally loaded walls sup-
ported on rigid foundations. However, architectural requirements may dictate that
shear walls are discontinued in the first story 1o provide large open areas for en-
trance foyers. The coupled walls may then be supported at first floor level on a set
of columns or on g portal frame allowing relative deformations to occur at the base
of the walls. Similarly. if the coupled walls are supponed on individual footings
or other foundation systems that interact directly with the underlying soil. relative
vertical or rotational deformations may occur at the base. These cffects are fre-
quently modeled by linear or rotational springs. whose stiffness is proportional to
the modulus of subgrade reaction,

The soverning equations and the general form of solution are not affected by
the boundary conditions. Only the constants of integration Cy to C, in Egs. (10,16}
and (10,171 will be affected. The boundary conditions for different base suppon
svslems are most conveniently derived in terms of the fundamental condition of
compatibility (Eq. 10.10}). Provided that the relative base displacement &, in Eg.
{10.10} can be expressed in terms of the variable in the governing equation. suf-
ficient boundary conditions may be derived at the base to allow a solution 1o be
obtained,

Two particular cases are considered 1o illustrate the method of dealing with
different forms of base conditions: walls supported on elastic foundations and walls
supponed on a portal frame.

Walls Supported on Separate Elastic Foundations. In this case, the walls
are supported on individual foundations (Fig. 10.16) that deflect elastically, bath
vertically and rotationally, under the actions of the imposed axial forces and mo-
ments at the bases. Since both walls are assumed to deflect horizontally equally al
all levels. it follows that the slopes and curvatures of the walls at the base are also
equal.

The relative vertical and rotational displacements will then be

1 | ;
sl iy ool W f
5. (L +A-ﬁz) " (10372
and
" My + My,
8y = __ka e [10.58)

in which N,. M,,. and M., are the axial forces and wall moments at the base. and
k., and k,, are the venical stiffnesses and Ky, and &, are the rotational stiffnesses
of the elastic foundations under walls 1 and 2. The wall base moments are equal
o M, — Nyl where M, is the applied moment at that position,

If the walls are fixed to foolings on an elustic Toundation with modulus of
subgrade reaction A, the stiffnesses are given by
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Fig. 10.16 Coupled shear walls on individual elastic foundations.

k. = AAy, Koz = Ad;
Ky = Ay ki = My»

where A, and A, are the cross-sectional areas. and I, and /,, are the second
moments of area of the footings.

Consequently. if Eqgs. (10.57) and (10.58) are substituted into Eq. (10.9) 1o
give &, the compatibility condition |Eq. (10.10}) at the base may be expressed in
terms of the axial force Nj,. and the required boundary condition obtained. A cor-
responding condition in terms of the deflection ¥y may be achieved by the use of
the moment-curvature relationships [10.3).

Walls Supported on Columns or Portal Frames. For supports of this na-
ture, it is convenient to assume that the base (= = 0) of the svstem of coupled
shear walls is situated at the axis of the portal beam or at the top of the columns,
at a height h, above the rigid foundations. The total height of the building is then
H + hy. The governing differential equation holds over the normal range of the
height variable z from 0 to H, and the lower boundary condition must then be
expressed at the level z = 0.

It will again be possible to obtain general closed form solutions for any suppon
system provided that the lower boundary condition can be expressed explicitly in
terms of the axial force ¥ (or the shear Aow ¢ ). or the laeral deflection v. wt the
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level concemed. depending on the particular form of govemning differential equs-
tion emploved. To do %o, it is frequently necessary o make certain simplifying
assumptions regarding the behavior of the support system in order to obtain the
appropriate load deformation characteristics at level z = 0.

To illustrate the procedure involved, consider the general case of a supporn
system that consists of a trapezoidal poral frame with pinned column bases, as
shown in Fig. 10.17. The forces transmitted from the walls o the frame are shown
in Fig. 10.18. In view of the continuity within the beam system, i1 must be s
sumed that the ponal beam also deflects with 4 point of contraflexune a1 the mid-
span position. Figure 1018 shows the portal frame with a hypothetical cut ut the
point of contraflexure at which only venical shear forces @, and axial forces H,,
aceur.

Since the structure 1s statically determinate. it is possible 1o caleulae the relative
displacement between points B and C on the two walls in terms of the base [orces
M, and N,,. The appropriate boundary condition then follows again from the com-
patibility condition at the base.

Provided that the supporting structure can be rendered statically determinate by
the insertion of pins or moment releases al appropriate positions, such as those
indicated ~"X"" in Fig. A1.9. it will generally be possible to carry out an indepen-
dent analysis of the substructure 1o allow the relative base displacement to be eval-
uated. A wide range of suppon structures may be considered by this technique
[10.3].

The solutions for a pair of coupled shear walls, supported either on elastic foun-
dations or on different forms of portal frame. are tabulated in Appendix 1. Results
are given for the three standard load cases of a uniformly distributed load. a tri-
angularly distributed load. and a point load at the top.
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10.4 COMPUTER ANALYSIS BY FRAME ANALOGY

The approximate method of analysis described in Section 10.3 is mosl appropriate
for uniform or quasiuniform structures. For other than simple regular systems. it
is necessary 1o use a more sophisticated medel 1o obtain an accurate analysis. The
most convenient method is by the use of a frame analogy, which is a very versatile
and economic approach and may be used for the majority of practical siuations.

The analysis requires the medeling of the interaction between the vertical shear
walls and the horizontal connecting beams, Over the height of a single sory. &
wall panel may appear to be very broad. but when viewed in the context of the
entire height it will appear as a slender cantilever beam. When subjected 1o lateral
forces, the wall will be dominated by its flexural behavior. and shearing cfiects
will generally be insignificant.

In the simplest analogous frame model. the wall can then be represented by an
equivalent column located at the centroidal axis. to which is assigned the axial
rigidity £4 and flexural rigidity £/ of the wall. The condition that plane sections
remain plane may be incorporated by means of stiff arms located at the connecting
beam levels. spanning between the effective column and the external fibers as
shown in Fig. 10.19. The rigid arms ensure that the correct rotations and vertical
displacements are produced at the edges of the walls. The connecting beams may
be represented as line elements in the conventional manner, and assigned the cor-
rect axial. flexural. and if necessary. shearing ngidities. Generally. shearing de-
formations should be included if the beam length/depth ratio is less than about 5.

The coupled shear wall structure of Fig. 10.19a may then be represented by the

analogous wide-column plane frame of Fig. 10.19b.
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Fig. 10.19 Representation of coupled shear walls by equivalent wide-column frame.

10.4.1 Analysis of Analogous Frame

The analogous frame may be analyzed most conveniently by the conventional stiff-
ness method. which has been extensively developed over the years, and is now
well documented in the literature [e.g.. 10.4. 10.5]. There is no need to treat the
subject in detail. and only its specific use in the analysis of coupled wall structures
15 considered.

General purpose frame analysis programs are now widely available to cary oul
the matrix operations required on both micro- and main frame computers. These
require no more of the engineer than a specification of the geometric and structural
data. and the applied loading.

Different approaches are possible for modeling the rigid-ended connecting beams
in the analytical model. depending on the facilities and options available in the
program used. The most imporant techniques are as follows.

Direct Solution of the Analytical Model (Fig. 10. 19b). A direct application
uf_ the stiffness method will require a series of nodes at the junctions between the
stiff arms and the connecting beams in the wide-column model. as well 4s at the
-;nl]imp story levels. The rigidity of the wide-column arms can be simulated by
assigning very high numerical values of axial areas and flexural rigidities to the
rlnrmb:ni concerned. [n practice. a value of 10" 10 times the corresponding values
for the flexible connecting beams has been found 1o provide results of sulficient
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accuracy without causing numerical problems in the solution. This procedure would
effectively double the number of nodes and thus the number of degrees of freedom.
or unknowns in the analysis. and would unnecessanly increase the amount of coms
putation mnvolved.

When forming the wide-column model. an extended length may again be used
for the connecting beam to allow for the effect of the flexibility of the wall-beam
junction,

It is frequently assumed that the axial deformations of the horizontal beams are
considered negligible in comparison with the bending deformations. particularly
as a result of the high inplane stiffness of the associated floor slabs. In that case,
the horizontal displacements of all nodes will be the same at each floor level.
Consequently. at three of the four nodes at each floor level. only two degrees of
freedom (vertical and rotational displacerment) will be required. while the remain-
ing datum node will have the standard three degrees of freedom (vertical. horis
zontal, and rotational displacements). If the facility exists in the program used. the
internodal constraint or the rigid floor option may be emploved to ensure that all
joint horizontal deflections are equal at each floor level.

Use of Stiffness Matrix for Rigid-Ended Beam Element. Because of the
rigid connecting segments. simple relationships exist between the actions at col-
umn node and those at the adjacent wall-beam junction node. and it is possible 10
derive a composite stiffness matrix for the complete beam scgment between cals
umn nodes that incorporates the influence of the stiff end segments.

The required stifiness matrix for the line element with rigid arms shown in Fig,
10.20 may be derived either by transforming the effects at the wall-beam juncuion;
i and j 10 the nodes at the wall centroidal axes | and 2 by a transformation matrix,
or by calculating the stiffness coefficients directly from first principles. In the latte
case. unit vertical or rotational displacements may be imposed at nodes | or 2 and
the resulting resisting moments and shears established from ordinary beam theory,
giving directly the required unit force-displacement relationships.

Explicit forms of the resulting stiffness matrix for the wide column beam ele:
ment have been published in the literature [e.g.. 10.6].

If the analysis program includes a wide-column beam stiffness matrix. this
be used directly to represent the connecting beams in the analogous plane b
model of Fig. 10.19b. .

1 i J i
E. A, I
3 VETITITINY
d b d
i 1 { 1. 2 ]
I T 2 '
ki & -4
b= L]

Fig. 10.20 Linc element with rgid end arms.
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It must be noted that the composite matrix analysis yields the beam moments
al the w_ull centroidal nodes A and B on the rigid segment. In the real structure.
the maximum moments in the connecting beams occur at their junctions with the
walls. at poinis C and D (Fig. 10.21), In the absence of any lateral loads on the
h-_:um.s.. the bending moment distribution varies linearly between nodes A und B
If the caleulated beam moments at A and B are M, and My. respectively. the Irur.:
end moments on the beams will then be given by (Fig, 10.21)

d

Me =M, — -i,—'{r-f.‘ — My) (10.59)
d1

My =My + T' (M, — My) [ 10.60])

.-!.E{cm_a_mely. if a point of contrafiexure is again assumed 10 occur t the mid-
span position,

.'Iri‘r = MU = Q ‘ Iu-ﬁl}

==

where (2 is the beam shear,

In some cases the connecting beams may be relatively deep. and this will in-
erease considerably the stiffness of the wall-beam joint. The effect may readily be
modeled in the equivalent frame by incorporating stiff vertical arms in the column
tlement over the finite depth of the connecting beam. as shown in Fig, 10.22. The
mﬁm_:s,r. matrix for the resulting column element will then be of the sarmr fl.'ll:l'l'l iy
that for @ rigid-ended beam. However. the analogy is less exact than that for the

c-;u‘JpImg beam. and care must be exercised when adding such stiff segments and
in interpreting the ensuing results.

(=]
m
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) Fig: 10.21  Bending momen diagram for
1 connecting beam
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Fig. 10.22 Representation of coupled shear walls with decp connecting beams by equivs
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Use of Haunched Member Facility. 1f a wide-column beam option is not
available in the program. but a haunched member option is. the laier may
adopted to represent the rigid arms if specific large stffness values arc given 18
the cross-sectional area and Rexural rigidity of the haunched ends. These values
must be sufficiently large for the resulting deformations 10 be n_cgligiblc. hu} ol
sufficiently large 1o cause computational problems from ill-conditioned equations.
The stiffness of the end segments depends on the length as well as the cross

sectional properties, and the choice of the ngidities £4 and £/ for the .-stilhegmn? 5
must reflect the effect of the ratio of the length of the arm 1o the span of the Acxibles
connecting beam. End values of the order of |0* times the connecting beam values
will generally be found acceptable.

Use of Equivalent Uniform Connecting Beams. Ina symmetrical coupled:
wall structure, in which axial deformations of the connecting beams are assumec
negligible, the rotations of the walls at any level will be _E:q.ual. Tt1n: rotations of
the stiff-ended beams are also equal. and. consequently, it 15 possible o replace
the stiff-ended beam by an equivalent uniform beam with an effective ﬁccnm:l_
ment of area /. thereby treating the wide-column frame s a normal plane {
of beams and columns. - :
Since the walls do not undergo relative horizontal deflections or rotations. Oniy
the ventical translational stiffness has to be reproduced correctly in the equivalent
model. )
The required second moment of area /, of the equivalent beam may bcl related
1o the value f,, of the real flexible beam by equating the relative vertical displaces
memts & of the real and equivalent beams subjected 1o the same vertical shear P,
as shown in Fig. 10.23.
Then,

L=l B - |
[
e 2
T
o
=
-

104 COMPUTER ANALYSIS BY FRAME ANALDOY 251

P1 Iy o
R g
!..L.I P
e
Fig. 10.23 Replacemem of ngid-ended connecting beam by equivalent unifomm beam,

ar
§

| '
hy = (;) I, = pl, [10.63)

where o 15 the stiffness amplification factor. equal 1o the cube of the rmtio of the
length between the wall centroidal nodes to the true flexible length of the con-
necting beam.

The coupled shear wall structure may then be represented by a frame having
uniform beams of length [ and flexural rigidity EJ..

The required amplification factor p depends on the term (//5)". In practice, the
widths of the walls are generally much greater than the span of the connecting
beams: a value of [ /& is typically of the order of 3 to 5. resulting in corresponding
values of p of 27 1o 125, These figures illustrate clearly the large increase in efs
lective stiffness of the connecting beams which can result from the wide-column
elfect of the walls.

If the connecting beams are relatively deep, so that the effects of shearing de-
formations may not be insignificant, the effective second moment of areu 1o be

assigned may be further modified o include this effect. The value of £, must then
be replaced by /.. where

LSl wwm S moiip
Ry e ) +r(_b) b (40.64)

where. again. r = (12E/,) /{GAb" ) A '

Alternatively. in an analysis program that requires a shear arca to be specified.
n shear area A = (//b)AN should be used for the equivalent beam. if A is the
true cross-sectional area.

The wall actions. the shears in the connecting beams and the horizontal deflec-
tions are all given directly by the results from the analysis. However, the actual
beams are again shorter than the equivalent beam. and the calculated beam end
moments at A and B must be reduced by the factor b/1 to give the muximum
moments at the ends C and D of the real beams (Fig, 10.21),

Eqns. (10.63) and (10.64) do not strictly apply if the structure is not symmet-
ricul. However, the walls in an unsymmetrical coupled shear wall structure of
normal proporions rotate virually identically st each Noor level, and the con-
necting beams may safely be replaced by equivalent beams of elfective second
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moment of arca £, or [2 given by Egs. (10.63) and (10.64). This allows a L‘nn:»'n_lﬁ
erable simplification of the analysis. and yields results which are generally sufhi-
ciently accurate for practical purposes. \

It is only if one wall is of much higher stifiness than the other, for example, if
a wall is connected 10 & column. that the results should be used with caution. In
that case. the more accurate analysis is recommended.

10.5 COMPUTER AMALYSIS USING MEMBRANE FINITE
ELEMENTS

For most practical coupled shear wall structures. the equivalent frame technique
will be the most versatile and accurate analytical method. In cenain cases. how-
ever. natably with very irregular openings. such as those shown in Fig. 10.24. or
with complex support conditions. it may prove difficult to model the structure with
any degree of confidence using a frame of beams and columns. In that case. the
use of membrane finite elements is the only feasible alternative.

In this technique. the surface concemed is divided into a series of cl:erlrmnts.
generally rectangular. triangular. or quadrilateral in shape. connected at a discm
set of nodes on their boundaries. Explicit or implicit forms of the corresponding
stiffness matrices for different element shapes are presented in the literature. en-
abling the structure stiffness matrix to be set up and solved to give all nodal dis-
placements and associated forces. The technigue has the nduunmlge that a refined
mesh may be employed in regions of high stress gradient or particularly complex

geomelry, and a much coarser mesh in regions of low or uniform stress. It s also

possible 10 model a structure by a combination of membrane finite elements in a

complex region and an equivalent frame in the remaining more uniform region.
provided that care is taken to establish the required conditions ai the interface. As

discussed in Chapter 5. transitions may be achieved by either ll‘iangulal.' or quad-
rilateral elements: the latter approach. being more gradual. tends to yield more

accurate results. Generally. when constructing the mesh for a finite element anal-

ysis, rectangular elements should be as square as possible. trigngular elements

7

Fig. 10.24 Shear wall with imegular openings. l '
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should be equilateral. and quadrilateral elements should be parallelogrims with
equal sides. to achieve most accurate results.

The method is now well established and documented [e.g.. 10.7. 10.8], and
may be used for practical structural analysis through generl purpose programs
that are widely available.

Particular difficulties arise when using the technigue for structures such as cou-
pled walls where relatively slender components such as coupling beams are con-
nected to relatvely massive companents such as shear walls. Although it is per-
fectly acceptable to model the walls by rectangular membrane finite elements with
twor degrees of freedom al each node, i is inappropriate to use such elements for
the connecting beams. The latter would require the use of high aspect rtio
(length :depth ) elements. which might lead 1o computational errors: in addition,
a minimum of three elements would be required to model the double curvature
form of bending in the connecting beams. which would increase considerably the
size of the structure stifiness matrix and cost of solution. It is sufficiently accurate,
and much more convenient, to model a beam by a standard line element. but in
that case the node at the wall-beam junction would have to have three degrees of
freedom associated with it (two translations and one rotation), It would not then
be possible 10 ensure compatibility with the adjoining node of a plane stress ele-
ment with only two degrees of freedom (1wo translations). Some other device is
then required to achieve proper compatibility between beams and walls. and this
may be achieved in different ways,

For example. it is possible to use special elements with an additional rotational
degree of freedom at each node. Such special elements are still rarely available in
general purpose programs. and they increase the number of degrees of freedom by
50%. although they avoid the necessity of horizontally long thin wall elements.

A simpler alternative is 1o add a fictitious. flexurally rigid, auxilisry beam o
the edge wall element al the beam-wall junction. The fictitious beam must be
connected to two adjacent wall nodes. either in the direction of. or normal to, the
beam. as shown in Fig. 5.17. This allows the rotation of the wall, as defined by
the relative transverse displacements of the ends of the auxiliary beam, and the
moment. o be transferred to the beam. A similar device may be used 1o connecl
a column o a wall if the structure is modeled by a combination of a frame und
plane stress finite clements.

If a large number of membrane elements are used 10 specify both beams and
walls, as in the irregular structure of Fig. 10.24. the openings may always be
modeled with reasonable accuracy by specifying very low values of the thickness
of the elements in the openings to give stiffnesses that are negligible compared
with those of the adjoining solid wall elements.

SUMMARY

The vertical interaction caused by the presence of connecting beams induces uxial
forces into a pair of coupled shear walls, The applied moments due 1o lateral Torces
are then resisted by a combination of moments in the walls and the couple ansing
from the uxial forces in the walls, The greater the stiffness of the connecting beams.
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the greater is the proportion of the applied moments resisted by axial forees in the
walls. The behavior of the structure then lies between that of two linked walls and
a pair of dowelled walls acting as a monolithic composite cantilever. The presence
of the moment-resisting connecting beams causes an increased lateral stiffness and
a reduction in the maxmum wall stresses.

An approximate theory is presented for uniform structures on the basis of a
simplified medel of the structure. in which the discrete set of connecting beams is
replaced by an equivalent continuous connecting medium. A characteristic differ-
ential equation for either the wall axial force or the lateral deflection is derived.
and general solutions obtained for a uniformly distributed lateral loading. A sim-
plified design method is suggested, in which the wall stresses are obtained as a
superposition of two simpler stress systems based on individual and fully compos-
ite cantilever actions of the structure. This technigue is most suitable for uniform
or quasiuniform structures under standard load systems.

For other than uniform wall systems. the most pracuical and versatile method
involves a matrix stiffness analysis of an equivalent wide-column frame model.
The coupled walls are represented by a plane frame of line columns along the
centroidal axes of the walls and coupling beams. the finite width of the walls being
represented by stiff amms connecting the wall axes to the ends of the beams. The
analysis may be carmied out by a general purpose plane-frame computer program
using either special rigid-ended beam elements. haunched beam elements. or
equivalent uniform elements for the connecting beams.

In particular cases of very complex geometries that are difficult to model by a
grid of beams and columns. the alternative is to use a finite element analysis with
the use of appropriate line or membrane elements for the structure considered.
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BN CHAPTER 11

Wall-Frame Structures

A structure whose resistance 1o horizontal loading is provided by a comhination
of shear walls and rigid frames or. in the case of a steel structure. by braced bems
and rigid t'{ames, may be categorized as a wall-frame. The shear walls or braced
!.'bclltﬁ are otien parts of the elevator and service cores while the frames are arranged
in Pl.m' in conunction with the walls, 10 suppon the floor system (Fig. 11.1).

When a wall-frame structure is loaded late rally, the different free deflected forms
of the walls and the frames cause them to interact horizontally through the floor
slabs; consequently. the individual distributions of lateral loading on the wall and
the If'mme may be very different from the distribution of the external loading. The
horizontal interaction can be effective in contnbuting to lateral stiffness to the ex-
tent that wall-frames of up to 50 stories or more are economical.

_This chapter is concerned panticularly with wall-frame structures that do not
twist and, therefore. that can be analyzed as equivalent planar models. These are
mainly plan-symmetric structures subjected to symmetric loading, Structures that
are asymlmclric about the axis of loading inevitably twist. Although the benefits
from horizontal interaction between the walls and frames apply also to twisting
structures, their consideration in a general way is extremely complex because the
amount of interaction is highly dependent on the relative plan location of the bents.

Twao examples of symmetric wall-frame arrangements are shown in plan in Fig.
[1.2a a_nd b. and an asymmelric structure is shown in Fig. 11.2¢c. In Fig. 11.2a
the hanzon_ml resistance is provided by walls and frames in parallel bents, which
are constrained o deflect identically by the inplane rigidity of the floor slabs and,
therefore, interact horizontally through shearing actions in the slabs, In Fig. 11.2b
each of the parallel bents consists of a wall and a frame in the same plane. In thi;
case, the wall and frame in a planar bent interact horizontally through axial forces
in the connecting beams or slabs.

'_I‘he pmv_en:ial advantages of a wall-frame structure depend on the amount of
horizontal interaction, which is governed by the relative stiffnesses of the walls
and frarlncau and the height of the structure. The 1aller the building and. in typically
proportioned structures, the stiffer the frames. the greater the interaction. It used
to be common practice in the design of high-rise structures to assume that the shear
wall:s or cores resisted all the lateral loading, and 10 design the frames for gravity
loading only. Although this assumption would have incurred little error for build-
ings of less than 20 stories with flexible frames, it is possible that in many cases
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where the frames were stiff and the buildings taller, opportunites were missed (o
design more rational and economical structures.

The principal advantages of accounting for the horizontal interaction in design-
ing a wall-frame structure are as follows:

I. The estimated drift may be significantly less than if the walls alone were
considered to resist the horizontal loading.
- The estimated bending moments in the walls or cores will be less than if
they were considered to act alone.
3. The columns of the frames may be designed as fully braced.
4. The estimated shear in the frames, in many cases. may be approximately
uniform through the height: consequently. the floor framing may be de-
signed and constructed on a repetitive basis. with obvious CConomy,

L)

11.1 BEHAVIOR OF SYMMETRIC WALL-FRAMES

Considering the separate horizontal stiffnesses ar the tops of a typical 10-story
elevator core and a typical rigid frame of the same height, the core might be 10 or
more times as stiff as the frame. If the same core and frame were extended to i
height of 20 stories, the core would then be only approximately three times as still
as the frame. At 50 stories the core would have reduced to being only half as stiff
as the frame. This change in the relative top stiffness with the total height oecurs
because the top flexibility of the core. which behaves as a flexural cantilever, is
proportional to the cube of the height, whereas the flexibility of the frame, which
behaves as a shear cantilever, is directly proportional to its height. Consequently,
height is a major factor in determining the influence of the frame on the lateral
stiffness of the wall-frame.

A further understanding of the interaction between the wall and the frame in a
wall-frame structure is given by the deflected shapes of a shear wall and a rigid
frame subjected separately to horizontal loading, as shown in Fig. 11.3a and b,
The wall deflects in a flexural mode with concavity downwind and 3 maximum
slope at the top, while the frame deflects in a shear mode with concavity upwind
and a maximum slope at the base. When the wall and frame are connected together
by pin-ended links and subjected to horizontal loading. the deflected shape of the
composite structure has a flexural profile in the lower part and a shear profile in
the upper part (Fig. 11.3¢). Axial forces in the connecting links cause the wall to
restrain the frame near the base and the frames to restrain the wall at the top.
Hlustrations of the effects of wall-frame interaction are given by the curves for
deflection, moments, and shears for a typical wall-frame structure. as shown in
Fig. 11.4a, b, and c. The deflection curve (Fig. 11.4a) and the wall moment curve
(Fig. 11.4b) indicate the reversal in curvature with a point of inflexion, above
which the wall moment is opposite in sense 1o that in a free cantilever. Figure
I1.4c shows the shear as approximately uniform over the height of the Frame,
except near the base where it reduces to a negligible amount. At the twp. whene
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260 WALL-FRAME STAUCTURES

the external shear is zero, the frame is subjected to a significant positive shear.
which is balanced by an equal negative shear at the top of the wall. with a corre-
sponding concentrated interaction force acting between the frame and the wall,
Special consideration may have to be given in the design 1o transferring this inter-
action force through the 1op connecting slab or beam.

11.2 APPROXIMATE THEORY FOR WALL-FRAMES

Early analytical studies of wall-frame structures [11.1. 11.2] indicated the mode
of interaction between the wall and frame and its potential for stiffening the struc-

ture.
The analytical treatment of nontwisting wall-frames. given here. allows a broad

overview of their behavior and, simultaneously, gives a good gualitative and quans -
titative understanding of the relative influence of the wall and the frame. It alsol
provides a rapid approximate hand method of analysis that is useful in the prelims
inary design of wall-frames [11.3. 11.4].

11.2.1 Derivation of the Governing Differential Equation

The planar wall-frame in Fig. 11.5a may be taken to represent either a structure
with walls and frames interacting in the same plane, or one with walls and fra
in paralle! planes. Since. in a nontwisting structure. parallel walls and frames
translate identically, they may be simulated by a planar linked model.

The analytical solution requires the structure to be represented by a unifo
continuous model (Fig. 11.5b). with all componenis deflecting identically.
following assumptions are adopled to achieve this:

1. The properties of the wall and the frame members do not change over the

height.
2. The wall may be represenied by a flexural cantilever, that is. one which
deforms in bending only.
3. The frame may be represented by a continuous shear cantilever. which des
forms in shear only. This implies that the frame deflects only by reve
bending of the columns and girders, and that the columns are axially rigid.
4. The connecting members may be represented by a horizontally rigid cor
necting medium that transmits honzontal forces only and that causes t 1
flexural and shear cantilevers to deflect identically.

Considering the wall and frame separately, as in Fig. 11.5¢c, w and g are, res
spectively, the distributed external loading and the distributed intermnal interactive
force, whose intensities vary with height. @y is a honzontal concentrated force
that, as will be demonstrated later, acts between the top of the wall and the frame.

The differential equation for shear in the flexural member is
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. i
-E % % S [wiz) = qlz)]dz = Qu (1144

and. for shear in the shear cantilever 1s

!

Fom—y

o -
(Ga) =

in which the parameter { GA ) represents the story-height nw:lmgm]i shear rig ,;d::d E_'-
i ber with an effective shear area :
frame. as though it were a shear mem _
::‘;n:ﬂmodulus (. Note that G is not the shear modulus of the frame materal
is A the area of its members. .
Differentiating and summing Eqs. (11.1) and (11.2) gives

dy diw "o (11.3
a2 - (o) %3 = w2
or
dly L dv _wiz) (11.4
i
in which
. (GA) (11,
i

Equation (11.4) is the charactenstic differential equation for the deflection of
wall-frame,

11.2.2 Solution for Uniformly Distributed Loading

The solution of Eq. (11.4) for uniformly distributed external loading w can
written as

3
Wio

. o T 11
ylz) = €, + Gz + Cyeosh az + Cosivh az — 7= (1

The boundary conditions for the solution of constants C) to C, are

I. fixity at the base

y(0) = 2 (0) = 0 (18

‘q{::d:+ﬁu (11.2)
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"

zero moment at the top of the Rexural cantilever

d-.".
M.(H) = E.-‘E% =0

(11.8)
and
3. zero resultant shear at the top of the structure
d'v dv
EI TS (H) = (GA) 52 (H) = 0 (11.9)

Equations (11.7), (11.8). and (11.9) are used o determine C,

o C, 10 give the
deflection equation:

T‘_'}=WH"{ | | {aH sinh ol + 1)
B El {_tn-HjJ[ cosh o H

._anjnhu!;+{uH}:l§—%(§;)-‘“-’] (11.10)

In Eq. (11.10), the expression within the
flection curve while the term wi*
The deflected shape is a function o

(cosh ez — 1)

braces controls the shape of the de-
/ El before the braces govemns its magnitude.
I'the dimensionless parameter o 4,

which rep-
resents the structural properties of the wall-frame where
(GA)
H=H [—*
o H = (11.11)

aH characterizes the behavior of wall-frames so that. for similar distributions of
applied loading, wall-frame structures with the same value of aH have similar
deflection profiles and similar distributions of internal forces,

The first derivative of Eq. (11.10) is

ngfﬂ{ I '{aninhr:rH-F-l]{__ Y

) Al El {uH}l cosh o i sinh )
— aH cosh :+HI—£)H 12
oM cosh o a ( i (11.12)

Because the slope of a structure varies gradually with height, dv /dz: may be taken
1o represent the story drift index, that is the story drift divided by th

e story heighi,
The second and third derivatives of Eq. (11.10) are
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d*y urH:[ 1 (ceH sinh ol + 1) (cosh aez) — acH sinh @z — I ‘1
F{"}_ El {c:H‘,IJ cosh aH

(11.13)
and
By, wH{ | |[(aHsmhaH+1) o0 oo o }
&= F (@ | cohal

(11.14)

These will be used in determining the bending moment and shear dlhiﬂblf:::;llil:
; h:*:-c“ Equations (11.12), (11.13), and (11.14) are similar to I;Iq. { -d' .
l: tt a‘:’: l:;}m:rises an expression in terms of aH and :".IH' cunt;nl]mg the distn
th||.:‘.iszif:n of the function, preceded by a term that govems 115 magnitude.

11.2.3 Forces in the Wall and Frame

Wall and Erame Moments. The wall behaves as a flexural cantilever; therefore,
its bending moment is given by

d’y (11.15)
dz* (2)

My(z) = E

where suffix b refers to the wall. Substituting I'_n:nm Eq. (11.13) for the case
uniformly distributed loading, the wall moment 15

I l{'uH sinha + 1)

cosh @z}
[uH}: cosh o H E

My(z) = wH’ [

— aH sinh oz — 'lu (1.1

i moment

The moment carried by the frame at any level is equal to the ?:‘tln:;n::hc -
minus the wall moment at that level: therefore, the moment carm rame
is given by

wiH -z

Ml(z) = ——2— - My(z) '[H.l‘ﬂ:

where the suffix s refers to the frame and M, (2} is obtained from Eq. (11.16).
Wall and Frame Shears. The shear force in the wall is given by

dy 118
0.(z) = nEIE':‘r_'[..} (1 !
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I

{11.19)

Substituting from Eq. (11.14) gives

| | {aHsinhal + 1)
'[ﬁH]I cosh a M

Ou(z2) = —n-h'[ (sinh @z) — oM cosh oz

The shear carried by the frame at any level is equal to the external shear minus
the wall shear at that level: therefore. the shear in the frame is given by

g.(z) = w(H - z) - 0.(2) (11.20)
where Q,(2) is obtained from Eq. (11.19).

Concentrated Interaction Force Qy at the Top. The horizontal concen-
trated interaction force @y that acts between the wall and the frame at the 10p of
the structure can be explained from the fact that the slope dy /dz(H ) at the top of
the structure must have an associated shear at the top of the frame with a value

E.{H'J={GAJ£(HJ (11.21)

But. because the total external shear at the top is zero, the shear in the frame
can be equilibrated only by a reverse shear in the wall equal to

2iH) = —EIfT-__‘-}-['HII (11.22)

This horizontal interaction between the top of the frame and the wall causing their
respective shear forces is the force .

Equations (11.10) through (11.22) allow the derivation of the displacements,
moments, and shears in the wall and frame of a uniform wall-frame structure
subjected to uniformly distributed loading. The wall forces are adequate for the
wall’s design, whereas the frame forces, which are extemal 1o the frame, should
be used in a separate analysis to determine the forces in the members of the frame.
The frame member forces could be analyzed approximately by using the derived
frame shears and the ponal method or, for taller frames, by wsing the frame mo-
ments and the cantilever method (cf. Chapter 7},

The continuum representation of a multistory structure is acceptably accurate
lor structures of 10 stories or more. If, however, the frames are very tall and
slender, axial deformations of the columns become significant and the method
tends to underestimate the deflections.

Shear in the First Story of the Frame. The assumption in the analysis of
zero inclination at the base of the structure. that i dy fdlz = 0, implies that, at the
hase. the wall resists all the shear while the frame carries none. In an sctugl strue-
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ture this is not realistic because the first floor 1s displaced. therefore the first story
columns must be subjected 1o shear. Although the frame base shear is usually not
large. it is useful to be able (o estimate 1L magnitude. This can be determined from
the first floor displacement v( 1), as obtained from Eq. (11.10) substituted into a
rearrangement of the formulas relating the first story shear and displacement of a
ngid frame, given in Chapter 7 |Egs. (7.20) and (7.21)].

If the base connections are rigid. the shear in the first story of the ngid frame
may be estimated by

or, if the base connections are hinged

Q‘{I}=—(——{—:~'U} (11.24)

8 {mp )
YNE T 26,

in which €, = £(1./h,) for the columns in the first story and G, = L(J,/L) for

the girder spans in the first fioor. /, and [, arc the inertias of the columns and

girders. respectively, /r; is the first story height. and L is the girder span.

11.2.4 Solutions for Alternative Loadings

The above solutions relate to wall-frames subjected to uniformly distributed loads
ing. Solutions for other types of loading distributions follow a similar procedure,
The displacement equation and its derivatives for a top concentrated load and &
triangularly distributed loading are summarized with those for the uniformly diss
wributed loading in Appendix 2. These additional loading cases. and their combis
nation with uniformly distributed loading, are useful for representing grad
wind loading and equivalent static earthguake loading.

11.2.5 Determination of Shear Rigidity (GA)

In the parameter o H, as defined by Eq. (11.11). the term { GA) represents the
shear or racking rigidity of a rigid frame averaged over a story height. This I8
defined as the shear force 10 cause unit horizontal displacement per unit height.
Referring to Fig. 11.6

[GAJ:%
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Fig, 11.6  Tvpical story of rigid frame subjected to shear.

which has been shown in Section 7.4.3 1o be given fi :
e orat -
frame by given for a typical story of a rigid

12E

1 1
Jil S5
’(c .:)

\.'r'hllﬂ: G = LI, /L for the girders across one floor level of a bent, and € = £/, fh
for the columns in one story of the bent. ‘

(GA) = (11.26)

l_ﬂl-'g{d Frame and Wall Connected by Beams. i is common in reinforced
!..ﬁ)m'.rt:lc structures (o connect a rigid frame in plane with a wall or a core by beams,
m- shown in Fig. 11.7a, The wide column effect of the wall may interact severely
“hﬂut: the frame to cause a significant increase in the racking shear rigidity of the
nt.
Th‘;rt:e s1hl:atr rigidity of the composite bent can be estimated approximately by
considering it in two pans, as in Fig. 11.7h, i ir rigiditi
ey i ig b. and summing their rigidities. (GA),
{ GA )y can be taken as half the value of (GA) for a mulplcd wall structure con-

sisting of two similar walls. with centroidal
that is, idal sxes spaced at 2(a e ly)(MSH

12E1,(2a + 2al,)

1
(GA) = -
b= oL, ]Jh (11.27)
in which e is given for the majonity of practical structures by
form = | o = 0.566 + 0.024 In(y) + 0.04243
and, form > | a = 0.55In(8) + 0.635 (11.28)

where n=afl, and A = El/El
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Fig. 11.7 (a) Story of planar wall-frame structure with connecting beams: (b) equivalent

substructures of beam-connecled wall-frame structure.

(GA)y is given for the frame by Eq. (11.26), where the term G includes a term 16

account for the mth girder of length (1 — e} L.

11.3 ANALYSIS BY THE USE OF GRAPHS

Equations (11.10) for deflection, (11,12) for story drift index, (11.16) for '

moment, and {11.19) for wall shear must be evaluated _f-nr use 'u‘t :ll.nslg:;.m
consists of a distribution expression that depends on the dimensionless parame

o H and z/H, and a magnitude term that accounts for the loading, the height and

the flexural rigidity of the particular structure.
Equation (11.10) for defiection can be rewritten as

wH"[ 8 \uHsinhaH-i—l

iz} = (cosh @z — 1)
W= REr ((qH) | coshaH

: 1fzV A%
—r:n:.‘:"sirl.'ln:::-t-{n:n":'}2 (Tfni(ﬁ))l] (11.2

ar

yz) = % KilaH z/H)
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where K, which represents the distribution expression in the braces. is a function
of only a i and z/H. noting that ez is the produet of the twa,

As befote. the expression within the braces controls the distribution of dellec:
tion for different values of the parameter o i of the wall-frame, while the term in
front of the braces governs the magnitude of the distribution. Now, however, the
term wi* /BE[ represents the top deflection as though the wall alone resisted the
loading. that i$ for the case of (GA) (and hence o H ) equal to zero, The vanation
of Ky over the height for aH = 0, therefore, describes the deflection of & purely
flexural cantilever, and has & maximum value at the top equal to unity. The dil-
ference in deflections between the curve for a i = 0. and one for & wall-frame
structure of a certain value of @ H. represents the stiflening effect contributed by
the frame and its interaction with the wall. The stiffer the frame, the greater the
interaction and the greater the reduction in deflection.

The curves of K, for o = 2.0 and ol = 0 are shown in Fig. 11.8a, The
former represents the deflected shape for a well- proportioned, uniform wall-frume
structure with an approximately uniform slope. and an approximately uniform shear
in the frame. over most of the height. Similar normalized expressions [or story
dnft index. wall moment. and wall shear can be developed by rewriting Eqs.
(11.12). (11.16). and (11.19) and assigning coefficients K>, K. and K, respec-
tively. 1o represent the distribution expressions, thus

dv

Story drift index ;

H.'H?
{z) = EK:{::H.JH} (11.31)

Wall bending moment M, (z) = E-?—_ KiloH, z/H) (11.32)

Wall shear Oulz) = wHK,(aH. 2/H) (11.33)

In each of Egs. (11.31), (11.32), and (11.33). as in Eq. (11.30), the parameter
K describes the distribution of the corresponding action over the height of the
structure, as a function of e« H, while the preceding term represents the maximum
vitlue of the action in the wall as if it were considered to act alone in carrying the
lvading. Consequently, the maximum values of K 10 K, are gll, as for K|, unity,
Representative curves of K. K. and K, for wall-frames with ool = 2.0 and e i
= 0 are given in Fig. 11.8a and b. The K, diagram (Fig. 11.8b) for the wall
moment in a structure with o = 2 indicates the point of contraflexure with a
feverse moment in the upper region of the wall, The moment carried by the frame
at a panticular level may also be obtained from the graph of K. by subtracting X,
for the considered structure from K for aH = 0. which represents the total ex-
ternal moment at the same level, and using the resulting difference of K, in Eg.
(11.32). Similarly. the frame shear at a particulur level muy be obtained from Fig,
11.8b by subtracting K, for the considered structure from K, for o = 0, which
fepresents the total external shear at that level, and using the resulting difference
of K, in Eq. (11.33).
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11.4 WORKED EXAMPLE TO ILLUSTRATE APPROXIMATE
ANALYSIS

The theory and graphs developed in the preceding sections provide a practical
method for the preliminary analysis of wall-frames. They should be used only for
structures that do not twist and they are accurate only for structures with uniform
properties over the height: however, they may serve additionally as a useful guide
to the forces in nonuniform structures. The following outline procedure for an
approximate analysis is illustrated by referring to an example of a nontwisting
structure consisting of a cemiral core and frames.

The plan of the structure in Fig. 11.9 is of a 35-story, 122.5 m-high, wall-
frame structure. The horizontal resistance to wind acting on its long side is pro-
vided by six rigid frame bents and a central core.

Itis required to determine deflections. maximum story drifi, and forces in the
core and frames for a wind loading of 1.5 kN /m°. given the structural data in the
figure,

The required procedures are first described and then illustrated numerically for
the considered structure.

Axis of Sym

Axty of ankisym,

27.5m
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Fig. 11.8 (a) Representative curves for coefficients &, and Ks: (b) representative curves

Values of l!3 ard Kd for aH=2.0 and 0.0

(B3

for coefficients K and K.

Complete sets of curves for K to K., and their formulas, are given for uni-
formly distributed, triangularly distributed, and concentrated top loading in Ap-
pendix 2.

These curves may also be used for the analysis of cores subjected to torsion. as
explained in Chapter 13.

587, 5n=60.0m
Intecior Exteriar 1
Column Colunn Cirdar
I I I
3 | 1% E3
Frase type | 0.0B3m' | D.050 e 0.011 n*
Frame type Z 0,050 ot 0.03% 2 0.00% a*
1

Core Inercia 313 o*

Elastie modulus E

Vind pressure

2.0 x 10" W/n?
1.5 Mi/n?

Fig. 119 Plan of 35-story wall-frame cxample structure,
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Srep 1. Determine Parameter e H
a. Add the flexural rgidities Ef of all walls and cores to give the toml ( £7),.
In this case there is only a core.

For the core [ = 313 m*
Therefore (E1), = 2.0 x 107 % 313 = 626 x 10" kNt

b. Evaluate the shear rigidities ( GA) of the rigid frame bents and any wall-
frame bents. using Egs. (11.26). (11.27), and (11.28). and sum them to give
the total (GA),. In this case there are only the fonmer.

The shear rigidities ( GA) of the two types of frame in Fig. 11.9 are oblained
by using the expression

(GA) = T IN {11.26)
II(E - E)
For frame Type 1:
12 % 2.0 x 107
(GA) = 2
(3 x Dﬂll} [2(0.083 + 0.050)]
] [0 00
3.5
= 2.85 x 10" kN
For frame Type 2:
12 % 2.0 x 10
T [2(0.050 ﬂn_u;]l
(3 = 0.005) / : + 0.
]jll 7.5 i 35 |

= 1.32 % 10" kN
Total (GA), = E(GA) = (4 x 2.85 + 2 x 1.32) x 10f

Therefore (GA), = 14.04 = 10° kN

¢. Use the values obtained in ltems a and b to evaluate o H, using

'EGA) !
oH = H &) (1111}

For the given structure

14.04 x 10*
att = 123 [T
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Therefore
all = 1,83
An analysis for uniformly distributed loading is then made as follows:
Step 2. Determine Horizontal Displacements

The displacement at height = from the base is obtained by substituting o # and
o/Hin Eq. (11.10) or, alternatively. by taking the value of K, comresponding to
the obtained values of o ff and :/H from Fig. A2l and substituting it in the
expression

hH
viz) = E{EI} KilaH. z/H) (11.30)

For the given structure. the wind lpading per unit height
= 1.5 X 60 = 90 kN /m
Al the top
H=10 and K, =044
then. substituting these values in Eq. (11.30). the top displacement is obtained us

00 x 122.5% = 0.44
8 x 6.26 x 10"

=0.178m

viH) =

Displacement at other levels have been found similarly and are plotted in Fig,
I1.10a,

Srep 3. Determine Maximum Story Drift Index

The maximum story drift index is obtained by referring to Fig. A2.2. and scan-
ning the appropriate oM curve to find the maximum value of K., which is then
substituted in

:.‘1.' W,
fmule = ——— K mux ) (11.31)

For the given structure, Ky (max) = 0.41 at an approximate height =/H = 0,55,
Therefore, the maximum story drill index is obtained oy
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ay e SOX 12251 X 0.41
g M e 626 % 107

= (.{0018 or | /555
Srep 4. Determine Bending Momemis in the Wall and Frame

a. The total moment carried by the walls is obtained either by substituting o H

and 2/ H in Eq, (11.16), or by 1aking the appropriate value of K, from Fig.
A2.3 and substituling in

N
wihH-

M.'.{C:'ZTKH[D’H-:.-"H} (11.32)

For example. at the mid-ninth story level (2 = 2975 m, o/H = (.243) of
the structure considered, K; = 0.25. Therefore. the moment in the core s
ohtained as

90 x 122.5° x 0.25

ti

(]

= .60 % 10 kNm

For a structure consisting of multiple walls, the moment in any individual
wall is then obtained by distributing the total wall moment between the walls
in proportion to their Aexural rgiditics.

b. The total moment in the set of frames at a level = from the base, as expressed
in Eq. (11.17). is equal 1o the difference between the total external moment
and the total moment in the walls at that level,

wiH -2y

= M(z) (1117}

At the same mid-ninth stery level of the given structure. as in liem 4a, the
moment carried by the frames is obtained as

49 & _ 9 :
M = o0t ""52 Lo 1.69 % 10° KNm

2.18 x 10° kNm

The moment in the individual frames is obtained by distributing the total
frame moment between the frames in propontion (o their shearing rigidities,
Therefore, the moment in frame Type |
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2.85 = 1o
L AR R
14,04 % 10
= 4,43 » 10° kNm

and, the moment in frame Type 2

5 L1
= M ¥ 2,18 % 10° kNm
14.04 x 10°

=205 = 10° kNm

The bending moments at other levels of the struciure have been found sim-
ilarly and are plotted in Fig. 11.10b.

Siep 5. Determine Shear Forces in Wall and Frame
a. The total shear in the walls at a level z from the base may be obtained by

substituting o and z/H in Eq. (11.19) or by taking the value of &, from
Fig. AZ.4 and substituting in Eg. (11.33).

Qulz) = wHK (aH. z/H) (11.33)
For example. at the mid-eighteenth story level (z = 61.25 m, z/H = 0.5)
of the structure considered. K, = 0.27. Therefore, the shear in the core is

obtained as

0, = 90 x 122.5 x 0.27
2.98 x 107 kN

For a structure consisting of multiple walls, the shear force in the individual
walls is then obtained by distributing the total shear betwesn the walls in
proportion to their flexural rigidities.
b. The 1otal shear in the frames at a height 2 is the difference between the
external shear and the total wall shear at that level, as determined above:

Q. {z) = wiH — 2} — Q,(2) (11.20)

At the same mid-cighteenth story level of the given structure. as in ltem Sa,
the shear carried by the frames is obtained as

0, = 90(122.5 - 61.25) — 2.98 x 10'
= 2,53 x 10" kN
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The shear in the individual frames is given by distributing the total frame
shear between the frames in proportion 1o their shearing rigidities. Therefore,
the shear in frame Type |

2.85 x 1o
T 14.04 x 10°

514 kN

®% 2.53 » 107 kNm

and. the shear in frame Type 2

32 x 10°
= I—;m—’;% x 2.53 % 10 kN

238 kN

The values of shear at other levels of the structure have been found similarly
and are ploted.in Fig. 11.10¢.

11.5 COMPUTER ANALYSIS

The approximate method of analysis is valuabie in providing an understanding of
4 wall-frame’s behavior and in allowing the initial sizing of members as pan of
the preliminary design process. It does not allow, however. for changes of prop-
erties within the height of the structure or for the effects of axial deformations of
the columns that in a tall slender frame could be significant. Therefore, a computer
analysis. using one of the widely available structural analysis programs, should be
used for the final design,

Modeling the wall-frame structure for a computer analysis will follow the prin-
ciples outlined in Chapter 5. If the structure is symmetric on plan and subjected
10 symmetric loading, so that it does not twist. a planar model of only one-half of
the structure subjected to one-half of the loading need be considered. Shear walls
and shear-wall cores are represented by simple column cantilevers with corre-
sponding moments of ineria, while the frames are represented by equivalent as-
semblies of beam elements. In the planar model the cantilever columns and frames
are constrained at each foor level by the analysis program’s nodal constraint op-
tion, if available. or connected by axially rigid links. to cause equal horizontal
displacements of the bents. as imposed on the structure by the inplane ngidity of
the floor slabs. The horizontal loads may be gpplied 1o the nodes of any convenient
valumn ar frame.

The wall-frame structure analyzed approximately in Section 11.4. and shown
in plan in Fig. 11.9, can be modeled for a two-dimensional compuler analysis as
in Fig. 11,11a. One-half of the structure is used for the model and, because the
Type | frames are identical, they are lumped into o single frame with members of
twice the sectional propenties. The double-symmetry of the structures plan. about
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Fig. 11.11 (a)} Half-structure planar model for computer analysis: (hh gueaner-structure
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axes perpendicular to and along the axis of loading, allow it to be analyzed as a
quarter-plan structure. Constraints have to be applied to the cut El‘lld,‘i u:f beams 10
represent the conditions on the axis of antisymmetrical behavior. as in Fig. | 1 Al

The results for the deflections. moments, and shears from the computer stiffness
miatrix analysis are compared with the results of the approximate analysis i_n Fig.
11.10a, b, and c. The discrepancy between the two methods for the deflections in
the upper regions (Fig. 11.10a) is attributable to axial deformations in the columns
of the frame, which are not considered in the approximate solution. The clmfu
comparison of the results of the shears and moments from these two methods is
typical for uniform structures. A comparison of results from the two methods for
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a nonuniform structure. however, would probably show significant errors in those
from the approximate method. especially in the forces around the change levels,
where severe local interactions occur.

11.6 COMMENTS ON THE DESIGN OF WALL-FRAME
STRUCTURES

A wall-frame high-rise structure typically consists of the walls and frames that
evolve from the architectural plan of the building. The initial member sizes are
usually determined from the gravity loading with some arbitrary increase 1o allow
for the effects of horizontal loading. The benefit of accounting for the wall-frame
nieraction in the lateral load analysis, as opposed 1o assuming that the walls carry
all the lateral loading, is that it recognizes the increased lateral stifiness due to the
interaction. and allows the wall and frame members to be designed more correctly
and economically.

11.6.1 Optimum Structure

Occasions may arise in very tall wall-frame structures when it is desirable w pro-
portion the wall and frame components so as to optimize the desirable effect of the
wall-frame interaction. Such an optimization would aim not only to achieve sig-
nificant reductions in the deflections and the wall moments. but also to cause an
approximately uniform distribution of shear over the height of the frame. This
would then permit the repetitive design and construction of the floor framing.

To achieve such a well-proportioned uniform wall-frame structure, the com-
bination of walls and cores should be sized in the preliminary stage of design so
that when carrying their attributable gravity loading, 1ogether with two-thirds of
the total horizontal loading. the tensile stresses in the walls and cores due to hor-
izontal loading are suppressed.

The system of walls and cores should then be checked for drift. If. when sub-
jected to the total horizontal loading. the maximum 1o1al drift or story drift of the
walls and cores exceeds twice the allowable value. they should be stiffened to
reduce the drift to that value. Adjustments of size in the lower region of the walls
and cores are the most effective.

The resulting walls and cores should then be combined with the “*gravity load
designed™ framing 1o assess the drift. and the wall and frame forces. of the whole
structure subjected to the total horizontal loading. Any reguired additional stiff-
ening should again be made by increasing the wall and core sizes in the lower
region. A uniform wall-frame structure in which the set of walls and cores acting
on its own deflects approximately twice as much as the combined wall-frame
should carry an approximately uniform shear in the frame.

11.6.2 Curtalled or Interrupted Shear Walls

It s common in the design of practical wall-frame structures to reduce the size,
or omit completely, the shear walls and cores in the upper parts of the building,
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axes perpendicular to and along the axis of loading. allow it to be analyzed as a
quarter-plan structure. Constraints have to be applied to lhe_cm :n_ds nlf beams 1o
represent the conditions on the axis of antisymmetrical behavior. as in Fig. | _I.t Ih.

The results for the deflections, moments, and shears from the computer stiffness
matrix analysis are compared with the results of the approximate analysis in Fig.
11.10a, b, and c. The discrepancy between the two methods I‘c.rr the deflections in
the upper regions (Fig. 11.10a) is auributable to axial dtfnrmatmnslm the columns
of the frame, which are not considered in the approximate solution. The close
comparison of the results of the shears and moments from these two methods is
typical for uniform structures, A comparison of results from the two methods for
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a nonuniform structure, however, would probably show significant ermors in those
from the approximate method., especially in the forces around the change levels,
where severe local interactions occur.

11.6 COMMENTS ON THE DESIGN OF WALL-FRAME
STRUCTURES

A wall-frame high-rise structure typically consists of the walls and frames that
evolve from the architectural plan of the building. The initial member sizes are
usually determined from the gravity loading with some arbitrary increase to allow
for the effects of horizontal loading. The benefit of accounting for the wall-frume
interaction in the lateral load analysis. as opposed to assuming that the walls canry
all the lateral loading, is that it recognizes the increased laterul stiffness due to the
interaction. and allows the wall and frame members 1o be designed more correctly
and economically.

11.6.1 Optimum Structure

Occasions may arise in very tall wall-frame structures when it is desirable to pro-
portion the wall and frame components so as 1o optimize the desirable effect of the
wall-frame interaction. Such an optimization would aim not only to achieve sige
nificant reductions in the deflections and the wall moments, but also to cause an
approximately uniform distribution of shear over the height of the frame. This
would then permit the repetitive design and construction of the floor f; rmming,

To achieve such a well-proportioned uniform wall-frame structure, the com-
bination of walls and cores should be sized in the preliminary stage of design so
that when carrying their attributable gravity loading, together with two-thirds of
the total horizontal loading. the tensile stresses in the walls and cores due to hor-
1zontal loading are suppressed.

The system of walls and cores should then be checked for drift, If. when sub-
jected to the total horizontal loading, the maximum total drift or story drift of the
walls and cores exceeds twice the allowable value, they should be stiffened 1o
reduce the drifi to that value. Adjustments of size in the lower region of the walls
and cores are the most effective,

The resulting walls and cores should then be combined with the “gravity load
designed™ framing to assess the drift, and the wall and frame forces, of the whole
structure subjected to the total horizontal loading, Any required additional stiff-
ening should again be made by increasing the wall and core sizes in the lower
region. A uniform wall-frame structure in which the set of walls and cores acting
on its own deflects approximately twice as much as the combined wall-frame
should carry an approximately uniform shear in the frame.

11.6.2 Curtalled or Interrupted Shear Walls

It is common in the design of practical wall-frame structures to reduce the size,
or omit completely, the shear walls and cores in the upper purts of the building.
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where fewer elevator shafts are required. The question of how this cunailment will
affiect the stiffness of the building can be answered by considering the behavior of
the wall-frame structure with full-height shear walls or cores,

An analysis of the “*full-height”” wall-frame structure shows that in the lower
region of the structure the wall and frame both contribute to resisting the external
moement and shear. In the upper region above the point of inflexion, where oy /dz*
= 0. however. the moment in the wall is reversed 1o be of the same sense as the
cxternal moment: consequently. the moment in the frame exceeds the external
moment. Further. in the uppermost region above the level where d'v/d=" = 0,
the shear in the wall is also reversed, and so the shear in the frame exceeds the
external shear. Consequently. if the wall is reduced or eliminated above the point
of contraflexure, the moment on the upper pan of the frame is reduced. and if the
wall is reduced or eliminated above the level where d'v/dz* = 0. both the moment
and the shear in the frame are reduced. In both cases the reduction or curtailment
has little effect on the top deflection. and it may even lead o a slight reduction in
deflection.

A practical approach to a cunailed-wall design. therefore. would be 1o first
analyze the structure with the walls and cores that are to be reduced or cunailed
included 1o the full height. without the proposed reduction or curtailment. and use
the results to plot the deflection diagram and estimate the location of the point of
inflexion. It would then be allowable to reduce or curtail the walls and cores at
any level above the point of inflexion without causing a reduction in the lateral
stifiness of the struciure.

If it is imended to omit the walls or cores within one or more stories at an
intermediate level. to provide for a “'sky-lobby™" or transition in the building. it
may be deduced from the above explanation that this is permissible without any
reduction in lateral stifiness. providing the omission occurs at a level above where
the point of inflexion would be in the fully continuous structure. An analysis and
design procedure similar to that suggested for the cunailed wall-frame structure
would therefore be appropriate.

11.6.3 Increased Concentrated Interaction

A study of the wall-frame interaction, and especially of the concentrated interac-

tion force @ at the top. leads 1o the noton that further stiffening of the structure

could be achieved by increasing the magnitude of the top interaction force.
Referring 1o Eqg. (11.217 gives the value of the force as

QHIEGA}EIH} (r2ry

that is, a function of the racking rigidity ( GA} of the frame and the slope of the
structure. The interaction force could be increased simply by increasing the racking
rigidity of the story of the frame adjacent 1o the 1op of the wall, whether in **full-
height™ or “‘cunailed-wall"" wall-frame structures, The increase in racking ri-
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gidity could be achieved in practice by increasing the inertias of the beams and
columns in the story of the frame adjacent to the 1p of the wall, or by introducing
a concrete diaphragm into the frame in that story 1o give @ very large increase in
the racking rigidity. Studies have shown that in wall-frame structures that are
predominantly shear walls, reductions in the 1op deflections of up to 30% can be
achieved. In such cases. particular attention must be given to designing the frames,
and the members connecting the walls to the frames. for the locally high forces
associated with the interaction.

SUMMARY

The horizontal interaction between the walls and frames in a wall-frame structure
causes an increased lateral stiffness of the structure. reduced moments in the walls,
and. in a uniform structure, an approximately uniform shear in the frame. The
benefits of interaction increase with height so that wall-frames are economical for
buildings of up to 50 stories or more,

The wall-frame horizontal interaction occurs because the different free-de-
flected shapes of the wall and the frame are made 10 conform to the same config-
uration by the axially stiff connecting girders and slabs.

An approximate theory is presented for nontwisting uniform wall-frames on the
basis of a continuum model of the structure, with a flexural cantilever representing
the walls. a shear cantilever representing the frames, and a horizontally stff con-
tinuous linking medium representing the slabs and girders. A characteristic differ-
ential equation for deflection is written in terms of the two structural parameters
of the wall-frame. This has been solved for three typical types of loading 1o obtain
general formulas for the deflections, the story-drift, the shears. and moments on
the walls and frames. Design curves are also developed that allow rapid estimates
of the deflections and forces. The solutions by both formulas and graphs give close
estimates of the deflections and forces in nontwisting uniform wall-frames of 10
stories or more, and approximate estimates of the forces in nontwisting, nonuni-
form wall-frames, which may be used as guidelines for their preliminary design,
An accurate estimate of the deflections and forces in nonuniform or in Twisting
wall-frame structures requires a computer analysis.

The extent of the benefit that can be obtained from wall-frame interaction de-
pends on the relative stiffnesses of the walls and frames and the height of the
structure. In a very tall structure with a repetitive fioor plan arrangement, an op-
timum proportioning of the wall and frame would be one that results in a practi-
cally uniform shear within each height region of the frame,

If the shear walls in a wall-frame structure are reduced or eliminated above a
certain level, or the shear walls are omitted for one or two stories at an intermediate
level, the lateral stiffness of the structure will be effectively not less than that of
the corresponding fully continuous full-height structure, provided the changes are
located above the point of inflection of the *'fully continuous'® structure.
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BN CHAPTER 12

Tubular Structures

Chapier 4 discussed in broad terms the development of wbular structures for very
tall buildings. involving a range of related structural forms: framed-tube. wbe-in-
tube. bundled-tube. braced-tube, and composite-tube systems. All have evolved
from the traditional ngidly joined structural frame. The basic design philosophy
in all of these forms has been 1o place as much as possible of the load-carrying
matenal around the external periphery of the building to maximize the flexural
rigidity of the cross section,

The original development was the framed wbe, which. under the action of wind
loading. could suffer a considerable degree of shear lag in the normal-to-wind
panels. The later more efficient bundied-tube and braced-tube systems were de-
signed to produce a more uniform axial stress distribution in the columns of the
“normal’” panels. Some recent irregular **postmodern’” buildings have involved
a hybrid form of structure, in which only part of the periphery is of framed-tube
copstruction while the remainder consists of a space-frame system.

This chapter is devoted to a discussion of the basic structural behavior of tubular
structures, and to a description of the techniques used in the analysis of such strue-
tures under the action of lateral forces. The general analysis of three-dimensional
tubular structures is considered bricfly initially. and then the techmiques that have
been developed to reduce the amount of computation for symmetrical sysiems are
described.

12.1 STRUCTURAL BEHAVIOR OF TUBULAR STRUCTURES

This section considers the structural behavior of the basic rectangular framed-tube
structure when subjected to lateral forces, and the improvements that have been
made in the subseguent bundled-tube and braced-be developmems. Some of the
more important assumptions made in the modeling of these systems are discussed.

12.1.1 Framed-Tube Structures

The most basic framed-tube structure consists essentially of four onhogonal Agidly
jointed frame panels forming a tube in plun, us shown in Fig. 12.1a. The frume
panels are formed by closely spaced perimeter columns thut are connecied by deep
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Fig. 12.1 Framed-wbe structure. (3) Elevation: (b) structural plan: (¢) wransfer girder at
base: (d) colemn collection at base.

spandre] beams at each floor level. In such structures. the “:Ietmng'.‘ hcr;{hng d}-
rection of the columns is aligned along the face of the I:M..litd1.ng (Fig. 12.1b). in
contrast to the typical rigid frame bent structure where it is aligned perpcndlcu_iur
1o the face. The basic requirement has been to place a.\'lrnu::h l::rf ll'h:‘ Inu_d-f:unjrlmg
material at the extreme edges of the building 1o maximize Ih-.j ineriu of the bu1!d—
ing's cross section. Consequently, in many structures of this form. the exierior
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tube is designed to resist the entine wind foaling. The Traimes paraliel w the wind
act as the “webs™ of the perforated tube camilever, while the Trames norml 1o
the wind act as the **flanges. " Ventical gravitational forces are resisted purtly by
the exterior frames and panly by some inner structure such us interior columns or
an interior core, using the floor system that spans between the different verticul
elements. Although tubular structures are most commaonly of square or rectungular
planform. they have also been emploved in circular, trigngular. and trapezoidal-
shaped cross seetions.

The essential uniformity of the system enables industrialized technigues 1o be
used in the construction sequence. For steel structures. large elements of the facade
frame may be prefabricated in a factory and transported to the site where they ure
hoisted into place and fixed. For concrete structures, the use of zang forms raised
story by story enables very speedy construction rates to be achieved,

The closely spaced column configuration makes access difficult 1o the public
lobby area at the base. In many buildings. larger openings at ground floor level
have been achieved by using a large transfer girder to collect the verical loads
from the closely spaced columns and distribute them 1o a smaller number of lurger
more widely spaced columns at the base (Fig. 12.1¢) Alternatively, several col-
umns may be merged through an inclined column arrangement 10 allow fewer
larger columns in the lowest stories. as shown in Fig. 12.1d.

In resisting the entire wind load by the peripheral frame. the tubular structure
has the architectural advantage of allowing freedom in planning the interior. For
example. a central core with long-span floors from the tube to the core provides
the open spaces desired for office buildings, while distributed interior columns and
walls, with shallow short-span floors. is very well suited for residential buildings.

Mode of Behavior. Although the structure has & tube-like form. its behavior
is much more complex than that of a plain unperforated tube. and the stiffness may
be considerably less, When subjected to bendin g under the action of lateral forces,
the primary mode of action is that of a conventional vertical cantilevered tube. in
which the columns on opposite sides of the neutral axis Aare subjected 1o lensile
and compressive forces. as indicated by the broken lines in Fig. 12.2. In addition,
the frames parallel to the direction of the lateral load (AD and BC of Fig. 12.2)
are subjected to the usual inplane bending. and the shearing or racking action
associated with an independent rigid frame. This primary action is complicated by
the fact that the flexibility of the spandrel beams produces a shear lag that increases
the stresses in the comer columns and reduces those in the inner columns ol both
the fange panels (AB and DC), and the web panels (AD and BC). us shown by
the solid lines in Fig, 12.2.

This behavior may readily be appreciated by considering the busic mode of
action involved in resisting latersl forces. The primary resistance comes from the
side web panels, which deform so that the columns A and B are in tension und D
and C are in compression (Fig. 12.2¢). The principal interaction between the web
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Fig. 12,2 Axial stress distribution in columns of laerally loaded framed tube.

and fiange frames occurs through the vertical displacements of the comer columns,
These displacements correspond to vertical shear in the girders of the flange frames.
which mobilizes the axial forces in the flange columns, When column C. for exs
ample, suffers a compressive deformation, it will tend 10 compress the adjacent
column C1 (Fig. 12.3) since the two are connected by the spandrel beams. The
compressive deformations will not be identical since the flexible connecting span=
drel beam will bend. and the axial deformation of the adjacent column will be less.
by an amount depending on the stifiness of the connecting beam. (Purc tubular
behavior would theoretically require connecting beams of infinite stiffness.) The
deformation of column C1 will in tum induce compressive deformations of the
next inner column C2. but the deformation will again be less. Thus each successive
interior column will suffer a smaller deformation and hence a lower stress than the
outer ones. Since the external applicd moment must be resisted by the internal
couple produced by the compressive and tensile forces on opposite sides of the
neutral axis of the building. it follows that the stresses in the comer columns will
be greater than those from pure tubular action. and those in the inner columns will
be less.

The differences between the pure tubular stress distribution, as predicied by
ordinary engineer's beam theory and the true situation is illustrated in Fig. 12,2,
Because the column stresses are distributed less effectively than in a proper be,
the moment of resistance and the flexural rigidity are reduced. Thus. although an
unbraced framed tube is a highly effective form of il building construction. it
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Fig. 12.3  Deformation of flange frame causing shear
lag.

does not fully exploit the potennial stiffness and strength of the structure becalise
of the efiects of shear lag in the perimeter frames.

The shear lag effect will produce bending of the floor slabs, since plune cross
sections no longer remain plane: consequently. deformations of interior partitions
and secondary structural components occur, which increase cumulatively through-
out the height of the building. It is therefore of considerable importance to predict
accurately the structural behavior of the system in order 1o produce an efficient and
acceptable design.

Structural Analysis. For analytical purposes. it is usually assumed that the
inplane stiffness of the floor system is so great that the floor slabs act as rigid
diaphragms. Consequenily, the cross-sectional shape is maintained at each story
level. and cross sections at these positions undergo only rigid body movements in
plan. All horizontal displacements may then be expressed in terms of two onhog-
onal translations and a rotation.

In addition. it is usually assumed that the out-of-plane stiffness of the floor slabs
i5 50 low that they do not resist bending or twisting. [Altemnatively. their effective
stiffness can be assessed as for flate plate or shear wall structures. (¢f Chapters 7
and 10) and combined with that of the spandrel beams in assessing the stiffnesses
of the frame panels.| The floor system is assumed unable to provide any coupling
action between opposite normal-to-wind frames that act as flanges to the side
frames. Both the side and nommal frames are therefore subjected largely to inplane
actions, and out-of-plane actions are generally negligible. When the building is
subjected to lateral forces. the action of the floor system is then mainly to transmit
the horizontal forces to the different vertical structural elements. Because the floor
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system does not participate otherwise in the lateral load resistance of the structure,
then. provided the floor loadings are essentially constant throughout the height. a
repetitive floor structure can be used with economy in the design and construction.

If. as is often the case. the framed-tube building is doubly symmetric in plan
about both the major axes. any applied lateral load may be resolved into two or-
thogonal force components along the axes and a twisting moment about the vertical
central axis. The structural behavior may then be obtained by a superposition of
separate bending actions about axes XX and YV (Fig. 12.2) and a pure torsional
action. The analysis of each individual action may then be considerably simplified
by wtilizing the double symmetry to allow the analysis of only one-half- or one-
guaner-plan of the structure.

12.1.2 Bundied-Tube Structures

For very tall buildings. the shear lag experienced by conventional framed tu
may be greatly reduced by the addition of interior framed “web™ panels across
the entire width of the building 10 form a modular- or bundled-tube structure. (
Fig. 4.13). When the building is subjected to bending under the action of laieral
forces. the high-in-plane rigidity of the floor slabs constrains the interior web frames.
to deflect equally with the external web frames. and the shears carried by cach wil
be propomtional to their lateral stifinesses. Since the end columns of the interior
webs will be mobilized directly by the webs. they will be more highly stressed
than in the single tube where they are mobilized indirectly by the exterior web.
through the flange frame spandrels. Consequently. the presence of the interior
webs reduces substantially the nonuniformity of column forces caused by shear
lag. as shown in Fig. 12.4. The vertical stresses in the normal panels are more
nearly uniform. and the structural behavior is much closer to that of a proper tube
than the framed tube. Any interior transverse frame panels will act as flanges in &
similar manner 1o the external normal frames.

The structure may be regarded as a set of modular tubes that are interconnected
with common interior panels to form a perforated multicell tube. in which the
frames in the wind direction resist the wind shears, while the flange frames carry
most of the wind moments. The system is such that modules can be curtailed al
different heights to reduce the cross section while structural integrity can still be
maintained (Fig. 4.13). Any torsion resulting from the consequent unsymmetry s
readily resisted by the closed-section form of the modules. The greater spacing of
the columns. and shallower spandrels. permitied by the more efficient bundleds
tube structure. provides the considerable advaniage of larger window openings
than are allowed in the single-tube structure.

Another possibility, which yields the same general form of structural behavior,
is 1o use coupled shear walls to form the interior web of the framed tube. and thus
create an aliemative form of multicellular construction. The stress distribution in
the flange frames will then be governed by the relative lateral stiffnesses of the
frames and walls in the wind direction.
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Fig. 12.4 Shear lag in bundlcd-rube stucture.

12.1.3 Braced-Tube Structures

ﬁ;llhquh the framed tube is an efficient structure for resisting lateral forces, the
potential stiffness of the tubular form is reduced by the web frames, rackin ld
to the bending of the columns and beams. and by the shear lag in the ;hm - I'Iim::
rhnl_ redtus:cs their contribution to the overall moment of h:sisTam:-: bnthgcllbcln i:
conjuction adding considerably 10 the lateral deflection, :

A slm::_um[ system that would simulate very closely the desired pure cantj
tube hEII'liwmr could be achieved by eliminating all exterior columns and replacin
them with diagonals in both dircctions (Fig. 12.5). spaced sufficiently closely “.i,‘;

lever

Fig. 12.5  Diagonal truss tube system.
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represent bearing walls. By joining the diagonals where they cross. and at the four
comers of the building. the structure will act effectively as a rigid tube in resisting
horizontal forces. However. in addition 1o the large number of joints involved,
and the awkward fenestration, structural disadvanages occur in the primary grav-

il
ity loading response. because the ventical loads produce increased resolved forces E ‘! g
in the inclined directions of the diagonal members, thus requiring a greater member g2 8¢
cross-sectional area in comparison with a vertical column system. ot &8 g
Consequently, a more practical solution to increasing the efficiency of the iz z£°%%
framed-tube structure has been to add substantial diagonal bracing to the faces of &7 =™
the tube. The exterior columns may then be more widely spaced and the diagonals, == =&
generally inclined ar about 45° to the vertical. serve to tie together the exterior £ ;'

columns and spandrel beams 1o form braced facade frames (Fig. 4.14). The brac-

ing ensures that the exterior columns act together in resisting both gravity and
horizontal wind forces. Consequently. a very rigid cantilever tube is produced,
whose behavior under lateral load is very close to that of a pure rigid tube,

The exterior faces are generally provided with symmerically disposed double
diagonal bracing. although. if the strucwure 1s rectangular in plan. the narrow IHM:;
may then have single diagonal bracing arranged in a zig-zag manner to allow the
two sets of orthogonal diagonals 10 meet at the comers (Fig. 4.15).

The mode of behavior of a braced-tube structure subjected to cither gravity oF

Gravity loading

in spandrels
(b}

Equilibrating
compression

ERERERE

wind forces may readily be envisaged by considering the superposition of the ef-
fects of diagonal bracing on the behavior of the structure with vertical r:olunm_ﬁ_
only.

Behavior under Gravity Loading. If the columns in a tube structure were of
equal sectional area. the loading from their tributary floor areas would lead to th
comner columns being less heavily stressed. and therefore shortening less. than the

Diagonals
pulling up on_
intermediate

columns

pper half
of diamond

|

imtermediate columns.

The mechanism by which the bracing contributes to the redistribution of
column loads can be envisaged readily by considering first ‘the behavior of the
structural components if the bracing members are not connected to the vertical

L

¥
%>

—— Mgmbers 10 compression

=== Mpshars in tension

columns, and then considering the interactive forces that would be mobilized
the two were subsequenily connected together.

-

o oy [ o

(a)

Gravity loading

EERERER

«

—_—

-l e — e o

Consider initially a representative region of the facade frame (Fig. 12.6a). i‘ll
which the diagonals are disconnected from the intermediate columns. Under the
action of gravity loading. the connection points on the intermediate columns will
displace downward by more than the corresponding points on the diagonals, whose
displacements are now controlled by the vertical displacements of the less highly
stressed corner columns. At this stage. the diagonal members must be in compress
sion while the spandrel beams are in tension.

Now consider the forces that must be mobilized to provide vertical compatibility !
al the intersections when the intermediate columns and diagonals are connected
together. Vertical forces must be provided that pull up on the columns and dowm
on the diagonals, as shown in Fig. 12.6b. The initial compressive force in each
intermediate column is now partially relieved by the upward force required at each

Cornar
columnsg

Intarmediate
calumns

Fig. 12.6 Development of forces in braced tube due to gravity loading. () Diagonals discon-
neeted from intermediate columns: (h) forces required o restore compatibility.
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Fig. 12.6 (Comrinted ) () Resulting forces in members.

i forces on each
of its intersections with a diagonal. The corresponding downward i?;if;,-zl}am
diagonal are carried at its ends by the comer columns, whose LtDmp .1 e,
are increased at each intersection with a diagonal. The net mault. tends
equalization of the stresses in the inlcrmedial? and comer +:J._':-Iurm:1.-.. .

The increments of force picked up by the diagonal result in a large Ems s‘m,-,.
i ini ts 10 a much lower com|

at its lower end. which reduces in increments 10 0 lawees .
Erm;:lc: at its upper end. At each intermediate intersection point in a d_mg?.nul_;’::: :

thimnta! thrust component must be balanced by an axial rr.;:a::ln:nhmc:n: }-d'.a
i hi 4] 5 in the upper halfl of each bra “dia-

ng spandrel. which will act as a strut in Iirares
:;:d‘g: al:::d as a tie in the lower half. Consequently. lheu_: acl.uf::'rh mdu;:e l‘r:uu:I ::1;:!
tension in the spandrels in the upper halves of the hlra-:mg dml:rmn h.d"[ |
crease the tension in the lower halves. The I'nrm:lﬂ in hn@h IhF intermed :: cD“r
comer columns will change significantly at each diagonal mu_:]:m:u:: ::’:;y E}' o
i intersecti ints, changes will occ

rtical lengths between iniersection poin Aiipeon y byiEh

Hi:::mi;r:]r'.: of grga\riw load added ar each floor level. The resulting force action in
is § ' alitatively in Fig. 12.6¢.
facade panel is summarized qualitative : e :
thﬂl:;arruP: face. single zig-zag diagonally braced rra:::m :hc ::“:.]:f., .:l-::;.
i [ ive i izi ity load stresses in the columns s
tively ineffective in equalizing gravity loa i 0 e
i [ significant cross-tying Or cross-s

nals are not provided with the very signi it e
zcgf;un of the spandrels which occurs in double-bruced frames. As u conscquence
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the diagonals cannot provide the uplitt required to transfer load from the inter-
mediate to the comer columns [12.1].

Behavior under Lateral Loading. A similar procedure 1o that used for gravity
loading may be used to determine the action of the braced tube in resisting wind
loading,

Under the action of wind loading. the side frames act as the webs and the normal
frames as the flanges. Consider for example the structural actions in the frame that
acts as the tension flange. If the dizgonals are initially disconnected from the in-
termediate columns. the columns and diagonals of the face will be in tension while
the spandrels are in compression ( Fig. 12.72). Because of the shear lug effect, the
intermediate columns will now be less highly stressed than the comer columns.
and the connection points on the diagonals will be displaced upward by more than
the corresponding points on the unconnected intermediate columns,

IT the diagonals and intermediate columns are connected 1ogether, interactive
vertical forces will be mobilized, which will pull up on the intermediate columns
and down on the diagonals in order 10 establish compatibility at the connections
(Fig. 12.7b). These upward forces cause an increase in tension in the intermediate
columns. while the downward increments acting on the diagonals are transferred
at their ends to the comer columns. thereby reducing the higher tensile forces that
initially existed, In this way. the stresses in the corner and intermediate columns
again tend to be equalized.

When superimposed on the original large tensile force in the diagonal, the in-
crements of axial force acting down the diagonal produce a gradually reducing
tension along the member. leading 1o a small ner compression in the lowest one
OF two panels. As in the case of gravity loading, at each intersection point the
thrust from the diagonal must be balanced by a horizontal reactive force in the
spandrel. Spandrels in the upper halves of the bracing diamonds will now act as
struts, while those in the lower halves act as ties.

A qualitative representation of the net forces in the windward face due 1o wind
action is shown in Fig. 12.7c. The tensile forces in the intermediate columns in-
crease down the structure by the increments applied at each intersection with a
diagonal.

The forces in the columns, diagonals. and spandrels on the leeward face due o
the lateral loading will be opposite in sense 1o those on the windward face,

The narrow-face web frames are subjected to bending and shearing actions as
4 result of wind loading. The typical distribution of axial forces in the web-frame
columns of an unbraced framed tube is shown in Fig. 12.2c. Because of shear lag,
the axial forces in the columns nearest 1o the comers have values that are higher
than they would be in pure tubular action. An extension of the argument used
carlier for the flange panels reveals that the action of the diagonals in a braced
framed tube is again to reduce the high axial forces near the comers and bring
them down to values closer to the pure linear ubular stress distribution,

As described in Chapter 6 for braced frames. the diagonals and spandrels of o
diagonally braced frumed tube serve as the web members in carrying the horizontal
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shear, with the diagonals in either axial tension or compression. depending on their
direction of inclination. Consequently. the shears. and hence the bending mo-
ments. which are carried by the ventical columns. are much reduced [12.1].

Combination of Gravity and Wind Loading. On superimposing the distri-
butions of force in the flange frame panels due to gravity and wind loads, it is seen
that all diagonals will tend to be in compression on the leeward face of the build-
ing. thus ensuring the availability of the full sectional areas of the vertical members
in developing the tube’s gross moment of inertia for resisting wind forces. The
spandrels, however, develop net tension, an unavoidable penalty that must be paid
in taking advantage of the braced-tube system.

On the windward side, the resulting forces will depend on the relative magni-
tudes of the compressive effects due to gravity loading and the tensile effects due
1o wind loading.

The members on the side faces will carry forees thut are u combination of the



298 TUBULAR STAUCTURES

compressive effects due 1o gravity loading and the compressive-tensile (leeward-
windward) effects of the wind loading.

Differences in Structural Form between Traditional Framed Tubes and

Diagonally Braced Framed Tubes. In iraditional framed-tube structurcs. the

columns are aligned so that their major stiffnesses lie in the plane of the perimeter

frame. and the girder spans are kept short 1o produce stiff frames for the web panels
and a low degree of shear lag in the flange panels. On the other hand. in a diag-

onally braced framed tube. the bracing effectively eliminates shear lag: the col-

umns can therefore be twmed with their narrow-face minor stiffness in the plane

of the frame. the girder spans can be longer. the columns fewer, and. bcrutllﬁt the
girder stiffnesses are no longer as important since they act mainly as horizontal
ties. the spandrel girders can be shallower. This allows the windows 1o be both'
deeper and wider, a fact that finds approval with both the client and architect,

12.2 GENERAL THREE-DIMENSIONAL STRUCTURAL ANALYSIS

A tubular structure forms a highly indeterminate three-dimensional system con-
sisting of a series of rigidly jointed frameworks connected together at the comers
of the building. and to any interior web frames or interior core structure. The
analysis of such a structure under any applied load system may be carried out
conveniently by the stiffness method, using a general purpose frame analysis pro=
gram. Appropriate modeling techniques have been described in Chapter 3.

A typical framed-tube structure will contain a large number of elements. and
the number of degrees of freedom may run into thousands. Consequently. an a nal=
ysis of the total structure will be costly and time consuming. although theoretically
straightforward. The effective size of the structure stiffness matrix. and hence the
amount of computation necessary. may be approximately halved or quarnered if
the structure is symmetric in plan about one or two central axes. respectively. The
applied loads may be treated as combinations of symmetric or skew-symmetnig
systems, acting on either a half or a quarier of the structure. Appropriale boundary
conditions are used at the lines of symmetry or skew symmetry. as described ears
lier in Chapter 5. However, if the structure is irregular in form. & complete three-
dimensional analysis. or a full-structure two-dimensional analysis. as described in
Section 5.6.3, will be necessary. o

In the building, the high inplane stiffness of the floor slabs will have a consids
erable influence on the structural behavior, by ensuring that out-of-plane defors
mations of the frame panels will be effectively restrained at each floor level. The
main actions will then be in the planes of the frame panels. As a further result of
the inplane slab rigidity. it may be assumed that cross sections of the b-uildill'lg will
undergo only rigid body displacements, translation and rotation. in the hunz_nntnl
plane at each floor level. To obtain an accurale estimate of structural behavior, it
is essential 1o include this constraining action in the analysis of the three-dimens
sional framework.

The constraining action may be achieved in a number of different ways in i
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general frame program. If the available program has a dependent node. or mister-
slave. option. sets of nodes at the same level can be assigned a8 constrained 1o
have related displacements. The option is useful in representing the inplane rigidity
of the floor slabs by assigning one node at cach floor level to be the muster or
datum one, and the remaining nodes as the slaves. so that their horizontal displace-
ments and rotations are constrained to conform. This is possible since the hori-
zontal displacements at all nodes in a horizontal plane may be expressed in lerms
of the two orthogonal translations and a rotation about a datum axis. The muster-
slave option produces a reduction of three degrees of freedom for each slave node
at each floor level: consequently, the number of equations in the total stiffness
matrix can be almost halved. for a relatively small penalty of an increase in the
bandwidth of the stiffness matrix.

If the master-slave option is not available. the inplane rigidity of the slab can
!::ne represented at each floor by a peripheral frame of beams. assigned to be rigid
in the horizontal plane. connecting the ventical elements.

Another less-satisfactory technique that has been used is 1o include fictitious
axially rigid pin-ended horizomal diagonal bracing members connecting nodes on
opposite comers at each floor level. The restrained comers then remain fixed rel-
ative 1o each other during any translation or rotation under applied loads. In ad-
dition. the axial stiffness of the beams at each story level can be assigned 10 be so
large that any inplane axial deformations. or relative displacements between nodes,
are negligible. The introduction of such diagonal bracing members has the disad-
vantage that it increases the bandwidth of the stiffness matrix and increases the
solution time.

If the size of the problem is too large for the facilities available, further reduc-
tions in the amount of computation may be achieved by making use of the lumping

techniques described in Chapter 5 to effectively reduce the number of siories of
the structure that have to be treated.

12.3 SIMPLIFIED ANALYTICAL MODELS FOR SYMMETRICAL
TUBULAR STRUCTURES

This section considers how. by recognizing the dominant siructural actions in-
volved. and neglecting the unimportant actions, it js possible to treat symmetrical
three-dimensional tubular structures as simpler equivalent two-dimensional Sys-
tems. The basic approach is initially considered in detail for the framed-tube AT

tem, _nnd then the corresponding treatment of bundled tubes and braced tubes is
deseribed briefly.

12.3.1 Reduction of Three-Dimensional Framed Tube to an
Equivalent Plane Frame

In lhi:&l section is presented a simplified yet accurate approximate method for the
analysis of symmetrical framed-tube structures subjecied to bending produced by
lateral forces. The method s intuitively appealing to the engineer since, by recog-



298 TUBULAR STRUCTURES

nizing the dominant mode of behavior of the structure. it is possible to reduce _lhc
analysis to that of an equivalent plane frame, with a mnscqtlmnlly turgg reduu_:tmn
in the amount of computation required for a conventional full three-dimensional
analysis. . _

Consider initially the framed twbe of Fig. 12.2 sub;c:_lcd 0 hending i?y Ialu_ml
forces in the X direction, The lateral load is resisted primarily by the following
actions.

|. The shearing actions in the web panels AD and BC parallel 1o the direction
of the applied load. .

2. The axial deformations of the normal frame panels AB and DC acting effec-
tively as flanges to the web panels.

Due to the symmetry of the structure about the XX axis. and the very higi}
inplane stiffness of the Aoor slabs. it may be a-.asumm:! that out-of-plane actions of
the web frames are negligible, and the frames are 5ub_1_ecled only o p!a_nar actions.
It is also assumed that the torsional rigidities of the girders are negligible. _

The axial displacements of the comer columns in the web frames are I'EHtl'a,lr_lEd
by the vertical rigidity of the two normal frames. Eonmqqcnti?'. the interaction
between the flange and web panels consists mainly of vertical interactive f_umﬂ’--
through the common comer columns, A, B. C. am{n D, As a n‘:sylt ol lht_:sf.: inter-
active forces, the flange panels AB and DC are subjected primarily 1o M.’Hl defor-
mations, the uniformity of which across the panel will d::pr:md on the stiffnesses,
that is. on the spans and fiexural rigidities. of the connecting spandrel beams al
each Aoor level. i -

Under the applied lateral loading, the shear t'nrcgs will Ih.m" be resisted mmnl}r.
by the web frames. while the bending moments will be resisted _by the moments
and axial forces in the columns of the web frames and the axial ﬂ_:n:es in mc.
columns of the flange frames. By virtue of the large lever arm tha_t exists between
these Aange panels, the wind moments will be resisied most effectively if the max-
imum amount of axial force can be induced in the columns of frames AB and CD.

All other torsional and out-of-plane actions may be considered to be secondary,
apart from the out-of-plane bending of the columns in the flange l‘mmc‘a.. wh.-._me
horizontal deflections will be the same as those of the xyeh framt:'.-i. This action
may be of significance in the lower levels of the building since bending then occurs
about the weaker axis of the columns. sardh

In analyzing the primary mode of behavior, the fundamental compatibility con-
dition that must be established is that of equal vertical displacements at Lt_l: comers:
where the orthogonal panels meet. In the analytical mc_:del. a mechanism is Tesl
quired that will allow vertical shear forces, but not horizontal forces or bending
moments, o be transmitted from the web panels to the flange panels through the.
corner columns. :

In addition, for the web frames. the joints must be free 10 rotate in tlhr: plane of
the frame, to displace vertically, and to displace horizontally in unison in the plune
of the frame at each floor level, due 1o the inplane rigidity of the floor slabs, For
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the flange frames, the joints must be free to rotate in the plane of the frame. and
to displace ventically. But Range joinis on the line of symmetry must. and prefer-
ably all lange joints should. be construined against horizontal displacement in the
plane of the frame. as a result of the slab inplane rigidity,

For example. consider the simple framed tube shown in plan in Fig. 12.8a.
Since the structure is symmetrical about both center lines XX and ¥Y. only one-
quaner. for example, EBH. need be considered in the analysis, The required
boundary conditions at the lines of symmetry and skew symmetry are then intros
duced as described in Section 5.6.1. Because of symmetry about the XX axis. the
shear force in the beams, and the slope in the ¥ direction. of panel AB must be
zero at the line of symmetry (E). Conditions of skew symmetry about the ¥ axis
require that the vertical deflection at the line of skew symmetry (H) must be zero.
If. on the other hand. the web frame BC contains an even number of columns, 5o
that no column is situated on the center line YY, the bending moment at the line
of skew symmetry in the beam cut by the line of skew symmetry must also be zem
fel. Section 5.6.1). Appropriate support systems to simulate the required boundary
conditions for the quadrant EBH of the structure of Fig. 12.8a are shown in Fig.
12.8h.

The equivalent planar system is obiained by “rotating™* the normal half-panel
EB through 90° into the plane of the web-half-panel BH. The inplane stiffness of
the floor slabs constrains all members of the two web bents to have the same
horizontal deflection in the X direction: therefore it can be assumed that one-quaner
of the total lateral forces acting on the faces of the flange frames of the building
can be applied in the plane of the half-web frame. as indicated in Fig. 12.8b. Since
the beams are assumed axially rigid. the forces may be applied at any convenient
nodes, 1

The desired vertical interaction between the web and flange panels may be
achieved in various ways.

Most comprehensive modem general purpose structural analysis programs in-
clude an intemodal constraint option. This allows the displacement relating to
specified degrees of freedom at two or more nodes in a structure to be constrained
to be identical. The appropriate nodes at the intersections of the web and Mange
frames may then be specified directly in the analysis to'have equal vertical dis-
placements. For conciseness. the technigue is described briefly in Section 12.3.2
with reference to the more complex bundled-tube structure.

If this option is not available, some other device must be used to achieve the
required vertical compatibility at the junctions.

One simple technique is to displace horizontall ¥ the intersection column of each
flange frame by a small distance of, say. one-hundredth of the span of the adjacent
beams. so that each common intersection joint is represented twice. once on each
of the web and flange joints (B and B’ in Fig. 12.8b). In numbering the nodes. the
Iwo nodes representing each intersection joint are numbered separately, The du-
plicate nodes are then joined by a fictitious stiff beam with a flexural rigidity of
say 10,000 times that of the larger adjacent girder, and with one end assigned to
be released for moment and axial force (Fig. 12.8¢) [12.2]. By this device. venical
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compatibility is established and the required vertical shear transmitted between the.
web and flange frames, while decoupling the rotation and horizontal Utsglunmum. ..
However, it has been found that the results may be sensitive to the stiffness as-

sumed for the fictitious beams. . . :
An altermative technique has been devised to improve the disconnection of the
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rotations and lateral displacements between the frame panels, and 10 reduce the
sensitivity of the results (o the stiffness of the connecting fictitious members 112231
The technigue again involves the rotation of the flange frames into the plane of the
web. The intersection line column of cach frame is shown superimposed on the
comesponding one of the web frame. but displaced ventically upward by a small
distance. say less than one hundredth of the story height. as shown in Fi g. 12.8d,
Thus each intersection joint is duplicated. once on the web column, and, Imme-
diately above. on the flange column. These common nodes should again be num-
bered separately. Each pair of intersection joint nodes is then connected by a fic-
ttious stiff ventical link with 2 large sectional area of, say. 10,000 times that of
the intersection line column. The stiffl links ensure vertical com patibility and trans-
fer vertical shear between the web and flange frames while disconnectin g rotations
and vemical displacements.

In cach model. the comer column is assigned its true inertias in the correspond-
ing planes of the web and flange frames. bur its area should be assigned wholly o
the column B® in the web frame with a zero area assigned to the column B in the
flange frame. Horizontal and rotational constraints are applied 1o the Range frame
nodes on the vertical line of symmetry and preferably. as a means of reducing the
total number of degrees of freedom. horizontal constraints are also applicd to all
other flange frame nodes,

If the structure has additional flange frames that connect part way along the
web. as shown in Fig, 12.9a, they can be modeled simply in one of the previous
ways described, with the frames overlaying but remaining separate from the web
frame. as shown in Fig. 12.9b. In the graphic description of the model, it is usually
clearer to show the web and flange frames separately, but to dimension them hor-
izontally as though they were in the overlaid arrangements. as shown in Fig. 12.9¢,

The resulting planar model may then be analyzed to give results similar 1o those
from a full three-dimensional analysis.

The basic model does not include the out-of-plane bending of the columns in
the normal frames. which may be of significance in the lower levels, These cal-
umns suffer the same horizontal deflections about their weaker axis as the columns
in the side frames do about their stronger axis. The effect of the out-of-plane bend-
ing may be included in the basic model by adding an equivalent column (RR in
Fig. 12.8b), whose flexural rigidity is equal to the sum of the out-of-plane flexural
rigidities of one-guarter of the flange columns. The additional column is connected
by pin-ended axially stiff links 1o the cxisting basic plane frame system, The links
constrain the column to have the same horizontal deflection as the side panel mem-
bers. and allow it to carry its share of the lateral forces. Once the 1otal force and
consequent moment has been determined for the effective column, it may be dis-
tributed to the individual columns in proportion to their Alexural rigidities.

Hull-Core Structures. 11 the framed wbe contains an inner core. it will bend
with the same horizontal deflections as the outer tube, awing to the high inplanc
stiffness of the floor slub, and will carry a proportionate share of the lateral load.
The core is frequently symmetric also, and so may conveniently be included by
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Fig. 12.9 Framed wbe with additional imerior flange frame. (2) Structural plan: (b, €}
equivalent planar model.

adding one-quarter of it in the same planar model. connected by pin-ended axially
rigid links to the web-frame system. ;

If the core acts as a simple cantilever. it may be modelled as a single equivalent
column, as shown in Fig. 12.8b. If it is perforated. it may be treated as a wall
with openings. as described in Chapter 10. Provided that the intemal core can be
modeled by an equivalent plane structure. it may always be linked to the outer
framed-tube model to obtain the distribution of laterl forces on each component.

If the core cannot be treated as a plane element. or if the outer framed tube is
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not symmetnc, o three-dimensional analysis must again be performed. The nodes
of the interior core must either be constrained by a “*rigid floor” option 10 deflect
horizontally with the nodes of the extenior frame. or be connected 1o them by a
fictitious horizontal frame of axially stiff links. Either of these techniques will
simulate the rigid-plane actions of the floor slabs. which span between the two
components, in constraining the frame and core to translate and rotate in the hor-
izontal plane as a single unit at each foor level. Since the inner core and outer
frame will probably deform individually in predominantly different modes under
the action of horizontal loads. a redistribution of horizontal shears will take place
throughout the height of the building because they are constrained to deform in
unison.

Torsion of Framed-Tube Structures. Plane frames are stiff in their own plane
and relatively flexible out of plane and in torsion, Consequently. when a framed
tube is subjected to wwisting due to asymmetric lateral forces. the torsional mo-
ments are resisted primarily by couples resulting from horizontal shears in the
planes of the peripheral frame panels. As for the web frames in the case of bend-
ing. the dominant action is planar shearing behavior, but in this case all the frame
panels are subjected to similar shearing actions.

Under torsional loading. the actions of the two orthogonal frames will be cou-
pled through the ventical displacements of the common comer columns. A direct
plane-frame solution is not then feasible. However, by using the more saphisti-
cated modeling technique described in Section 5.6.3. it is possible o derive un
equivalent two-dimensional structure that can simulate directly the torsional be-
havior of a framed-tube structure.

12.3.2 Bundled-Tube Structures

In order to demonstrate the technique of reducing a non-twisting bundled-tube
structure o an equivalent plane frame, consider the bundled twbe of Fig. 12, 10¢a).
which includes nine modular tubes. Since the structure is symmetrical about the
YY axis, only one half, subjected to half the applied wind load. need be consid-
ered.

The two web frames ADGK and BEHL are first assembled in a single plune,
in any order, with arbitrary spaces between them, as shown in Fig. 12.10b. The
half-fange frames MLK. JHG, FED. and CBA are assembled in the same plane.
also in any order, and arbitrarily spaced. and with the intersection line columns
shown in both the web and flange frames. as in the framed-tube representation
(Section 12.3.1). The planar system is dimensioned horizontally from the extreme
left edge of the model to include the arbitrary spaces. and the nodes are numbered
separately, as before.

Using the intemodal constraint option. the nodes at each level of the set of web
frames are specified as constrained to displace horizontally identical 1o, say. the
extreme left web (datum) node at the level, This procedure simulates the horizontal
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constraint of the inplane rigid floor slabs. The vertical plane rotations and vertical
displacements of the web nodes are then left free to behave independently.

The constriint option is then used to specify vertical constrmint between the
common nodes representing joints at the intersections of the web and Range frames,
This procedure ensures that the required vertical compatibility between the web
and flange frames is achieved.

All the flange nodes are left free to rotate. while those on the line of symmetry
at M. J. F. and C (Fig. 12.10a). and preferably all other flange nodes also. are
constrained against horizontal displacement to represemt the effect of the high in-
plane nigidity of the floor slabs.

The horizontal loading may be applied 1o any vertical line of joints in one of
the web frames (Fig. 12.10b). The equivalent two-dimensional model may then
be analyzed by a plane frame program.

In addition to allowing the planar analysis of much more complex structures,
the nodal constraint approach is to be preferred in all cases to the fictitious member
technique because it achieves exact compatibility between the constrained nodes.
It reduces the number of degrees of freedom and therefore the size of the compu-
tational problem. and it also avoids the possibility of numerical instability in the
computation. which may arise from the very large differences in stiffness between
the fictitious stiff members and the adjacent real ones in the equivalent structural
model.

The two-dimensional analysis of the planar model gives results that match ex-
actly those of a full three-dimensional analysis of the structure if the same as-
sumptions are made in each case.

12.3.3 Diagonally Braced Framed-Tube Structures

In a nontwisting diagonally braced framed-tube structure., all four faces contribute
significantly to the lateral resistance of the building. In resisting lateral forces. the
side frames act as the webs and the normal frames act as the flanges of the wbe.
The main interactions between the web and flange frames again consist of vertical
shears transmitted through the comer columns. Any symmetry of the structural
plan about the line of the lateral load resultant again allows the analysis 1o be based
on one-half of the structure. or one-quaner if the structure is doubly symmetrical,

The three-dimensional frame may thus be again replaced by a equivalent planar
model using the same techniques described earlier for framed-tube structures. The
required interactions and the venical compatibility between web and Aange frames
at their intersections may again be achieved by an internodal constraint facility in
the program. or, if this is not available. by introducing a set of fictitious auxiliary
connecting members between web and flange nodes. as described in Section 12.3.1,
If conditions of symmetry or skew symmetry are employed to reduce the size of
the model, appropriate constaints must be included at the cut members on the lines
of symmetry and skew symmetry. as discussed earlier in Chapter 5 (Section 5.6.1).

In devising the analytical model to be employed, the difference in construction
between steel and conerele structures should be considered. Steel diagonal bracing
will consist of additional inclined steel members attached 10 the columns and span-
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Fig. 12.11 Element of dizgonally braced wbe. {a) Infill panel: (b} equivalent douhle-
diagonal bracing: () equivalent single-diagonal bracing.

drel girders. However, with conerete tubes. the diagonal bracing will generally be
formed by infilling the window openings betwen the columns and spandrel girders
along a diagonal line in the building perimeter frame. It then becomes imponant
to model correctly the actions of the solid window panels in the analysis.

Under gravily loading. the loads in the columns will tend 10 compress the con-
crete bracing panels (Fig, 12.11a) and thus tend 10 suppress tensile stresses in the
diagonal. when they arise, so that the panels can act as tension braces. In the
analytical model, the bracing panels should be represented either by membrane
finite elements (Fig. 12.11a), or as double-diagonal braced units in the frame (Fig.
12.11b). These are required to allow the model 1o be able 1o pick up the precom-
pressive effects of gravity loads. which would not be possible if a single diagonal
bracing member wene used to model the infill panel (Fig. 12.11c). The suffnesses
of the double-diagonal bracing members can be estimated from a preliminary sep-
arale membrane finite element analysis of a typical individual panel subjected toa
set of diagonal forces equivalent to resultant diagonal compressive loads. This will
allow the effective area of the equivalent uniform strut to be determined.

When a framed-tube structure has deep spandrel girders with short spans. which
makes the joint width and depth relatively large. it is advisable to include the wide-
column deep-beam effect by the modeling techniques described in Section 5.6.5.

Because bending actions are less significant in braced-wbe than in framed-tube
structures, the member stiffnesses will not be reduced 1o the same extent in braced
tubes by concrete cracking caused by tensile stresses,

SUMMARY

The basic philosophy in the design of tubular systems for very tall structures is 1o
place as much as possible of the lateral load-resisting material at the exterior of
the building in order 1o maximize the flexural rigidity of the system. The most
efficient structure can only be obtained by tying together peripheral columns in
such a way that they act as a rigid “*box™ or “'tube™ cantilevering out of the
ground,
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The original framed-tube structure consisted of closely spaced exterior columny
connected at each floor level by deep spandrel girders to form a perforated tube.
Although an effective system. the potential stiffness of the wbular form is reduced
by the side web frames racking due to the bending of the columns and beams, and
by shear lag in the normal flange frames, which reduces the moment of resistance
of the structure’s cross section. The deformations associated with shear lag can
also cause distress to sccondary non-load-bearing components in the building.

One innovation that reduces the degree of shear lag wses interior additional
frames across the full width of the framed tube. in one or both directions, to pro-
duce a modular- or bundled-tube sysiem. The additional web frames contribule not
only their own shear and bending resistance to the building's stiffness. but also.
in mobilizing directly more of the flange face columns, they reduce the shear lag
n the flange frames. thereby increasing these frames® contribution to the struc-
ture’s stiffness,

An even more efficient system has beew developed by adding substantial widely
spaced diagonal bracing members to the exterior faces 1o form a very rigid braced-
tube or column-diagonal truss tube system. Under lateral loading. the structure
behaves more like a braced frame with greatly reduced bending in the columns
and glirdcrs of the frame. and a stress distribution that is very similar 1o that of a
true rigid tubular structure. The bracing may be of double- or single-diagonal form,
and may be provided over pant of the periphery only to form a partial-tube system,
More recent postmodem buildings have used whular frameworks over i purt of
the perimeter only. and a space frame over the remainder.

The only suitable technique for the generalized analysis of such large complex
!’ram:d structures is a full three-dimensional analysis. However. it is essential o
include in the model the constraining effects of the high inplane stifiness of the
Aoor slnh!s. It may be necessary to resont to lumping technigues o reduce the

computation 1o a manageable size.

: ;f the structure is symmetrical and no twisting occurs. it is possible. by recog-
mzing the dominant modes of behavior of the structural components. to reduce the
analysis to that of an equivalent plane frame. with a consequent large reduction in
the amount of computation required for a full three-dimensional analysis. and with
litle or no loss of accuracy in the resulis, ;
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BN CHAPTER 13

Core Structures

Elevator cores are primary components for resisting both horizontal and gravity
loading in tall building structures. Reinforced concrete cores usually comprise an
assembly of connected shear walls forming a box section with openings that may
be partially closed by beams or floor slabs (Fig. 13.1a. b, and c). The momeni§
of inertia of a reinforced concrete core are invariably large. so that it is ofien
adequate in itself to carry the whole of the lateral loading. The horizontal load
bending deflections and stresses of a core with a fully connected section are cal-
culated conventionally. as for a ventical cantilever, on the basis of the core’s mo-
ments of inenia about its principal axes.

If a building is also subjected o twist. as many are. the torsional stiffness of
the core can be a significant pant of the total torsional resistance of the huilding,
The torsional behavior of the core and its analysis is a topic that is relatively
unfamiliar Lo many engineers. The proportions of the height. length. and thickness
of the walls of a typical building core elassify it, in terms of ils torsional behavior,
a5 a thin-walled beam. Consequently. when the core twists. originally plane secs
tions of the core warp (Fig. 13.2). Because the base section is prevented from
warping by the foundation. the twisting induces vertical warping strains and stresses
throughout the height of the core walls. In structures that are heavily dependent
for their torsional resistance on the torsional stiffness of a core. the vertical warping
stresses at the base of the core may be of the same order of magnitude as the
bending stresses. In such cases warping stresses should not be neglected.

Partial closure of the core by beams or slabs across the openings restrains the
core section from warping and thereby increases the core's torsional stiffmess. while
reducing its rotation and warping stresses. In providing the restraint, however. the
connecling beams or slabs are subjected 1o shear and bending that may be of &
sufficient magnitude to require consideration in their design.

The warping 1orsion action of the structural components of buildings has. in the
past. been given relatively little attention: consequently. designers are generally
not at ease with the concepis of warping behavior, nor with its methods of analysis,
In the design of buildings that are structurally dependent on an elevator case. the
designer should be able 10 appreciate whether a core is liable 10 twist and warp s0
that this may be taken into account in its analysis and design,

The aims of this chapter are first, to provide a simple introduction 1o the concept
of restrained warping by explaining it from the principles of fexure: second. to
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present a classical method of analysis for uniform cores that. through solutions
obtained by the use of design curves. offers an understanding of the influence of
certain structural parameters on warping: finally. 1o explain some methods of anal-
yeis that are more practical. in allowing the consideration of cores whose properties
change throughout their height. and cores that imeract with other structural assem-
blies. As a necessary adjunct to warping analysis. a section on the determination
of the sectional and sectorial properties is also included.

13.1 CONCEPT OF WARPING BEHAVIOR

A simple example of restrained warping of a thin-walled core is an [ section can-
tilever. fixed at its base. and subjected 1o torgque at the top (Fig. 13.3a). The flanges
in this case are unequal in size so that the section 15 singly-symmetric about its X
axis. The web is assumed to be so slender as 10 contribuie negligibly to the sec-
tional properties.

Two points on the section (Fig. 13.3b) are particularly significant. The first I8
the center of area C. which is important in relation to vertical axial forces. If an
axial force is applied through the center of area. only axial deformations and
stresses will occur. If. however. an axial force is applied to the section through &
point other than C. bending about the transverse axes. and possibly warping. can
also occur. Neglecting the web. the position of the center of area is given by

A" A
f=———L and F=—"—1L
A + A, Ay + A

(13.1)

The second significant point on the section is the shear center D. which s 1im=
portant in relation to transverse forces on the core. If a transverse force acts through
D. the member will only bend. If. however. a transverse force acts on the member
elsewhere than through D. the member will twist and warp as well as bend. The
shear center in this case is located along the X axis by '

I 1,
= L E £ =
A and ¥

Iy =

An inspection of Egs. (13.1) and (13.2) indicates that the center of arca and the
shear center generally will not coincide unless the section is doubly symmetric, iI'L
which case both points lie at the center of symmetry.

When a torque 7 about the Z axis is applied to the top of the member in Fig,
13.3a, it twists about the shear center axis with the flanges bending in their planes,
about the X axis. and twisting about their vertical axes (Fig. 13.3c and d). The
effect of the flanges bending is to cause the flange sections to rotate in opposite
directions about their X axes so that initially plane sections through the member
become nonplanar, or warped. Diagonally opposite comers b and e. in Fig. 13.3¢,
displace downward while a and f displace upward. At any level z up the height of
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the core. the torque T'| = T(z)] is resisted internally by a couple T_[:‘: resulting
from the shears in the flanges and associated with their inplane hcnl.jhng. and &
couple T, (z) resulting from shear stresses circulating within the section and as-
sociated with the twisting of the flanges. Then

T.(z) + T.(z) = T{z) (13.3)

The horizontal plane rotation of the member about ils shear center axis al a
height = from the base is #(2). hence the horizontal displacement of flange #1 at

that level is

v(z) = x,8(z) (13.4)
and its derivatives are
%‘{:} =.:.:,—if::l (13.5)
%I_;} =x,£—?l':} (13.6)
| %{:] =.t.{§{:l (13.7)

Similar expressions hold for flange #2. _
The shear associated with the bending in flanges #1 and #2 can be expressed

by

d*y 4
0,(z) = —E.r.d—:-_}{:] = —Ehx 55 (2) (13.8)
and
d™ d'e
e, O e M, SORRY - 3ty 13.9
QJ{-'-] = E-IFJ I'J‘:.I‘*] EJ_T_ d:_'l.{ " { ]

Therefore, the torgue contributed by these shear forces is

T.(z) = O + Qaxs = —(Elai + Er:xilj—'ﬁ (z)  (13.10)

ar

T.(z) = dE-*_,‘S{:] (13.11)
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where
L, = [ixi + b3 (13.12)

Incidentally. it may be deduced from horizontal equilibrium that 0, = Q..

I, is a geometric property of the section and is called the warping moment of
inertia or warping constant. It expresses the capacity of the section 1o resist wurp-
ing torsion. The torque resisted by the twisting of the flanges is

i
T.I':]=GJ,;}'_'I[:] {13.13)

where J, is the 1orsion constant of the scction given by

4’1‘|f'|l frat

.f|l=—"{"'-1"-'-' (13.14)

[FEe

in which & and b, are the widths. and 1, and 1, are the thicknesses, of flanges #1
and #2. respectively.

Summing the two internal torques. (13.11) and (13.13). and equating them 1o
the external torque as in Eq. {13.3).

d'e i
—Ef_,F{:j+GJ,E[:j= T [13.15]

- -

Equation (13.15) is the fundamental equation for restrained warping torsion, It
will be used and extended in the more direct presemtation of warping theory, given
later.

Considering the stresses in the walls due to bending, the compressive stress in
flange #1 al ¢, from the X axis and z from the base is

MI(:]{'

afc, 2) = et (13.16)
1
The tensile stress in flange #2 at ¢, from the X axis is
Mz
ﬂ:{ 1. :} P } :I a {13'- 17}

Multiplying the right-hand side of Eq. (13.16) by the expression

Y S
(x; +.x3) 4
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which is equal to unity. and noting that since 0, = (. and the flange moments
M, = M= M, gives

oy 2) = H (13.18)
and since. from Eq. 13.2
lixda = L3 {13.19)
Substituting Eq. (13.19) in (13.18)
aler. 2) = % (13.20)
or
alep. z) = M (13.21)

in which Biz)|= Miz) L] isanacuon termed a Simomenr, and wicg b (= x, ¢ ),
15 a coordinate termed the sectorial area. or principal secrorial conrdinare. for that

point on the section. In its simplest form, as considered here, a bimoment consists

of a pair of equal and opposite couples acting in parallel planes (Fiz. 13.3¢). Its
magnitude is the product of the couple and the perpendicular distance between the
planes.

The denvative of Eq. (13.15) is closely analogous to the Eq. (11.3) representing
wall-frame behavior in Chapter 11,

El = ~ (GA) 5= = wi(2) (11.3)

in which v is the deflection of the structure, Ef the flexural rigidity of the wall,
{GA) the effective shear rigidity of the frame. and w(z) the intensity of loading
al level z.

Similarly Eq. (13.21) is analogous 1o the expression for stress in the wall of a
wall-frame.

Miz)e
!

gle. z) =

in which a{¢, z) is the vertical stress in the wall at a distance ¢ from the neutral
axis.

These analogies indicate that the restrained torsion of a thin-wulled member is
the rotational counterpant of the horizontally loaded wall-frame. By reference 1o
these analogies, a familiarity with the simpler wall-frame theory is useful in de-
veloping an understanding of warping theory.
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The above elementary consideration of a twisting [ section ex plains the concept
of warping-behavior and how the equations and parameters of restrained warping
are related to the inplane flexure of the wall elements.

13.2 SECTORIAL PROPERTIES OF THIN-WALLED CORES
SUBJECTED TO TORSION

The torsional resistance of an elevator core is provided by horizontal shear in the
walls. Pan of this. the warping shear. discussed in the previous section. is asso-
ciated with the inplane bending of the walls. Additional torsion-resisting shear
results from the plate twisting action. which causes shear stresses to circulate within
the wall thickness (Fig. 13.4a) and. in a closed- or panly closed-section core, from
further additional shear swresses that cireulate unidirectionally around the core pri-
file (Fig. 13.4b) [13.1].

In being the rotational counterpan of planar wall-frame behavior, restrained
warping behavior involves a set of so-called sectorial parameters, each of which
has a direct sectional counterpart in wall-frame theory. Since the sectoriil param-
cters are gencrally unfamiliar to practicing engineers. their determination will be
reviewed here. A worked example is given al the end of the section to illustrate
the calculation of the parameters.

13.2.1 Sectorial Coordinate '

The sectorial coordinate at a point on the profile of a warping core is the paramerer
that expresses the axial response (i.e.. displacement, strain, and stress) ut that
point. relative 1o the response at other points around the section. It is necessary in
defining «’ to establish a system of axes for the core, and a sign convention. A
night-handed axis system will be adopted with its origin at the base of the core und
its £ axis vertically upward. as in Fig. 13.3a. In this system a positive rotation
about the Z axis is clockwise when looking up the core from the base. or anticlock-
wise when looking down the core from the top. Because a building plan i invari-
ably viewed from above. an anticlockwise rotation will be taken as positive.

A sectorial coordinate w’ is defined in relation to two points: u pole 0’ at an
arbitrary position in the plane of the section, and an origin £, at an arbitrury los
cation on the profile of the section (Fig. 13.3a). The value of the sectorial coor-
dinate at any point P on the profile is then given by

wis) = Lr‘rd.s {13.22)

where & is the perpendicular distance from the pole 0' to the tangent to the profile
at Pand 5 is the distance of P along the profile from P,
In effect, the sectorial coordinate «' is equal 1o twice the ares swept out by the
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Fig. 13.5 (a) Profile of section; (h) sectorial coordis
nate w' diagram.

radius vector 0'P in moving from P, to P. w' increases positively for a radius
vector sweeping anticlockwise and negatively for it sweeping clockwise. The sec-
torial coordinate diagram (Fig. 13.5b) indicates the values of w’ around the profile.

When the sectorial coordinates are related to the shear center as a pole. and 10
an ongin of known zero warping displacement, Eq. (13.22) gives the principal
sectorial coordinate values, w. and their plot is the principal sectorial coordinate
diagram. The principal seclorial coordinate of a section in warping theory is anal-
ogous to the distance ¢ of a point from the neutral axis of a section in bending.
The parameters w and ¢ are used in developing the corresponding warping and
bending stiffness properties of the sections, and in determining the axial displace-
ments and siresses.

13.2.2 Shear Center

The shear center of & core is a point in the plane of its section through which u
load transverse to the core must pass to avoid causing torque and twist. It is also
the point to which warping properties of a section are related, in the way thal
bending properties of a section are related 1o the neutrl axis,
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Tall building cores are often singly or doubly symmetric in plan. which sim-
plifies the location of the shear center. In doubly symmetric sections. the shear
center lies at the center of symmetry while, in singly symmetric sections, il lies
somewhere on the axis of symmetry. The location of the shear center along the
axis of singly symmetric sections is considered here. For nonsymmetric sections
the determination 15 more complex and the reader is referred for this to a more
comprehensive text on the torsion of thin-walled members [13.1].

Considering the singly symmetric section in Fig. 13.6a. the location of the shear
center may be determined as follows:

|. Construct the «' diagram (Fig. 13.6b) by taking an arbitrary pole 0 on the
line of symmetry. an origin D where the line of symmetry intersects the
section. and by sweeping the ray 0'D around the profile.

2. Using the «' and the v diagrams for the section. Figs. 13.6b and 13.6c.
respectively, calculate the product of inertia of the «’ diagram about the X
axis f_. using

L= E w'y A {13.23})

wh

in which dd4 = r efs. the area of a segment of the profile of thickness ¢ and
length ds. The imegral in Eq. (13.23) may be evaluated simply for a straight-
sided section by using the product integral table. Table 13.1. as shown for
the worked example in Section 13.2.6.

3, Calculate /,,. the second moment of area of the section aboul the axis of
symmetry.

4. Finally. calculate the distance «, of the shear center 0 from (', along the
axis of symmetry, using

|

{13.24)

_:-'

13.2.3 Principal Sectorial Coordinate () Diagram

The w diagram is related to the shear center 0 as its pole and a point of zero warping
deflection as an ongin. In a symmetrical section the intersection of the axis of
symmetry with the profile at D defines a point of antisymmetrical behavior, and
hence of zero warping deflection; therefore it may be used as the origin.

Values of w can be found either from first principles. by sweeping the ray OD
around the profile and 1aking twice the values of the swepl areas. or by trans-
forming the previously obtained values of w'. thus

W= — oy (13.25)

For the section of Fig. 13.6a, this gives the principal sectorial coordinute diagram
in Fig. 13.6d.
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TABLE 13.1 Product Integrals

L
PRODUCT INTEGRAL TABLE ] F.I{J.]Fz{uj-:r:
1)

i"zl:a'! h I//"lh bl\\ bl'/‘-lh
Folal 1 Fy

1 i L L L

abl Tabl labl gk (by +by)
) H] 8

Lifa b, ¢a.b
B 171 172

L=

%hﬂ-.:) L{a1+2a2] tg_LiZ‘n“nE'.'

&

- u-L.'.'l1 +?lab2

b
iabl Tabl Tabl lal{b, +2b,)
L

abl labl lalib, #b,)
% T T

Lt

parabaltc

tangent Yabl Tabl 1 ahl Lib, +3b,)
5 i iH i A

i

tangent
Lu rabaly

Zabl 5 abl labl alidh, + ﬁbz}
3 iH 7 i}

A

Litevddya) %Wu_ﬂ Lbte+24) E|h1{t+2d}l
[ [

L)
o)

hhﬂ?d*u]l]

13.2.4 Sectorial Moment of Inertia I,

This geometric parameter expresses the warping torsional resistance of the core’s
sectional shape. It is analogous 10 the moment of inenia in bending.

The sectorial moment of inertia is derived from the principal sectorial coordi-
nate distribution using

A
I = 5 w® dA (13.26)

As the warping of a section is associated with axial strains and, therefore, with
the elastic modulus E, the parameter Ef, is the warping rigidity of the core,

13.2 SECTORIAL PHOPERTIES OF THIN-WALLED COPES SUBJECTED TO TORSION an

A worked example illustrating the caleulation of /. and using the « diagram of
Fig. 13.64d. is given in Section 13.2.6,

13.2.5 Shear Torsion Constant J

When an open-section core is subjected Lo torque (Fig. 13 4a) each wall twists and
shear stresses circulate within the thickness of the wall. The siresses are distributed
linearly across the thickness of the wall. acting in opposite directions on opposite
sides of the wall’s middle line. As the effective lever amm of these stresses is equal
e only two-thirds of the wall thickness. the torsional resistance of these siresses
i low, The torsion constant for this plate twisting action is

b= 2ot (13.27)

in which & is the width and r the thickness of a wall. The summation includes the
m walls that comprise the section. The plate twisting rigidity of an open section
core 1s given by GJ,.

When a closed section core is subjected o worgue (Fig. 13.4b). a torque resis-
tance, additional to the walls’™ twisting resistance, is given by shear stresses that
circulate around the profile and that are uniform across the walls' thickness. Be-
cause the lever arm of these siresses is approximately the breadth of the core pro-
file. the torque resistance of the uniform circulating stresses is very much larger
than that of the plate twisting stresses. The torsion constant for the uniform stress
action 15

ﬂ":
<5= ds /1
n which £ is twice the area enclosed by the profile of the section. The integral §
15 taken completely around the profile.

The total shear torsion constant for the combined plate twisting and uniform
circulating shears 15, therefore

Jy o= (13.28)

J=J|+J1=_Ef?‘f‘+ = [lllij

and the corresponding shear torsional rigidity is GJ.

13.2.6 Calculation of Sectorial Properties: Worked Example

Determine, for the open-section shown in Fig. 13.6a,

I. the location af the shear center,
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2. the principal sectorial coordinate diagrum,
3. the sectorial moment of inertia. /. and
4. the 5. Venant torsion constant J,

I. Location of Shear Center. Fnllnwmg the steps outlined in Section 13.2.2.
the w dmgrum 15 constructed as in Fig. 13.6b, Then. using Eq. (13.23) together
with the w" and v diagrams (Fig. 13.6b and 13.6¢)

= Y fa' v el
For DC 'i.] "'""T‘:j Ax9%x3I%025/1= 6750m
s 1 3018 +9) % 3 X 0.25/2 = 30.375 m*
BA Tﬁ'" 'rh—_.,,__lr 18(2 + 3) % | X 0.25/2 = |1.250 m’
1

For half af section = 48375 m'

For whole secrion £, = 2 » 48.375 = 96.750 m®

The moment of inertia of the section about the X axis
I, =(3.25 x 6.25" = 2.75 x 575" - 0.25 x 4.0°) = 21.2 m*

From Eq. (13.24} the distance of shear center from the pole 0" is

__h_'?ﬁ.?ﬁm’_dsﬁm
B T T T

2. Prncipal Sectonial Coordinate Diagram. This may now be constructed by
using the shear center 0 as a pole and sweeping the ray 0D around the profile, or
by calculating the ordinates using Eq. (13.25).

w=w - ay {13.25)
AtA =18-4356x2=888m’
AtB =18-45x3=432m
AtC =9-456 X3 = -4.68m’
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From antisymmetry the respective values at G, F. and E have the same mag-
nitudes but are of opposite signs. The resulting principal sectonal coordinate di-
gram is given in Fig. 13.6d.

3. Sectorial Moment of Inertia /. From Eq. (13.26)
a A M

il \ ol =! s (13.26)

[

Using the w diagram (Fig. 13.6d) and the product integral table (Table 13.1):

Vanunon of w fwr * el
For
e el e (468K x 025 = S548m"
i X 2(4.68) + (—4.68)(4.32) + (4.32)°] X 0.25 = S.09m"
PR ‘ p X 2[CB.BBY + (4.32)(8.B8) & (4320 ¥ 0,25 = 1].32 m"
I3

i For the half section £ § o uls = 2| 89 m"

*. L, for the whole section = 2 % 21,80 = 438 m"

4. Torsion Constant J. For the open section core. using Eq. (13.27)

=1, =Yn +3+6+3+1)%025 =007 m

13.3 THEORY FOR RESTRAINED WARPING OF UNIFORM CORES
SUBJECTED TO TORSION

The theory for the warping torsion of thin-walled meémbers is relutively recent
compared with the theories for other modes of action [13.2, 13.3], One of the
most significant contributions was made by Viasov [13.4], who is credited with
the sectorial coordinate and bimoment concepts. The close analogy between warp-
ing forsion theory in the twisting mode and the wall-frame theorv in a planar mode
has emerged from more recent research on tall building structures [13.5. 13.6).

13.3.1 Governing Differential Equation

Consider the core in Fig. 13.7. fixed at the base, free at the top. and subjected to
a distributed torgue of intensity m(z) at a height = from the base. It is assumed for
the analysis that the core has an undeformable cross section with uniform dimen-
sions and properties throughout the height,
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Fig. 13.7 Core subjected 1o distributed torgue.

As described in Section 13.1. the external torque T(z2) at = is carmed pa.l'ﬂj." !:.y
a torque T, (z) associated with in-plane flexure of the core wa_li.v._ 1h.al s :'A-"I'Eh
warping. and partly by a torque T,(2) corresponding to shears circulating within
the walls and around the profile.

T.lz) + T.(z) = Tiz) (13.3)

The torque associated with warping was shown in Eq. (13.11) to be

4%

" (13.11)
LSy ()

T.(z) = —&l
while that associated with the circulating shears is
T.Az) = i.’.?.l'ﬁ (=) {13.30)
dz
Substituting Eqs. (13.11) and (13.30} in Eq. (13.3) gives the fundamental differ-

ential equation

d'd

1]
df S

- s - [ — -T:’ = mﬂ;,‘ lll}.?!l}
Ef_dz,,h! +GJ;.*:': ) () :
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Differentiating Eq. (13.31) and dividing by E1_. and noting that T /dz = —m (=),

gives
d*e Ld 8 miz)
il Bl e S R El (13.32)
in which
v g B
& = (13.33)

Equation (13.32) is the charactenistic differential equation representing the warping
torsion of a core,

13.3.2 Solution for Uniformly Distributed Torque

Following Eq. {11.6) in the analogous wall-frame theory. the solution for the
rotation of a core subjected 1o a uniformly distributed torque m is

ms

#(z) = C, + Gz + Cicosh oz + C, sinh gz = ———t
2El &*

(13.34)

The boundary conditions for the determination of constants €, to €, ire

|. fixity at the base

8(0) = %"_’:m -0 (13.35)

Z. zero rate of change of 1wist at the top

g-;g{.‘f]=ﬂ (13.36)

3. zero resultant torque at the top

LY

L

FE’H}+GJ§[H]=D (13.37)

Equations (13.35). (13.36). and (13.37) lead to the solution of C, 10 C,. which
on substitution in Eq. (13.34) give

mH* |
E{-J' = 'E"u IfﬂH]‘J

(e H sinh ol + 1)
cosh aH

@) o

(coshaz = 1)

= gl sinh ez + [aH}!
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Equation (13.38) for the core rotation has two distinct pants. The expression
within the braces defines the distribution of rotation over the height. 1t is a function
of the dimensionless structural parameters aff and z/H. noting that az =
aH(z/H) where

|
Gl
g ol it 3.39
a H\(H“ (13.39)

The preceding term mH*/ El.. which includes the loading. height. and magni-
tude of the core structural propertics, defines the magnitude of the rotational dis-
tribution.

The structural parameter aH characterizes the behavior of the core: conse:
guently, cores having the same value of & will have similar distnibutions of
rotations and actions under similar distributions of loading.

The expression for the rotation of a core [Eq. (13.38)] 15 similar to that for the
lateral deflection of a wall-frame [Eq. (11.10)]. Consequently, a core and a wall-
frame with the same values of e H. and subjected. respectively. to similar distr-
butions of 1orque and horizontal loading. will have correspondingly similar distri-
butions of rotation and deflection.

A typical distribution of rotation for a core subjected to a uniformly distributed
torque is shown in Fig. 13.8a. The derivatives of Eq. (13.38) are

db (2) = mH* |
dy '

(aH sinhaH + 1)

{sinh @z) — ol cosh oz

El, {ﬂH]" cosh afl
+ EH(, = i{) 1 (13.40)
' mH* (1 [ (aHsinhaH + 1) o '
a2 (z) = EL LHH}z l ~ceh <l {cosh az) — aH sinh az — I.u
(13.41)
a6, mA{ 1 |{aHsinhaH +1) .. o
&) = & {{rxh‘]t b ol oahioz) =lalfomh o

(13.42)

13.3.3 Warping Stresses

The warping effects that are of concem to a designer include the vertical stresses
in the core walls and. in cases where an open-section core is partially closed by
beams. the shear and moment in the beams,
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The principal warping action is the bimoment. The magnitude of the bimament

at a particular height in the core governs the magnitude of |
tribution at that level. The bimoment is given byg itude of the vertical stress dis-

dn
B(z) = —EI, e (2) {(13.43)
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Substituting from Eq. (13.41) for a core subjected to a uniformly distributed torque,
the bimoment is given by

| {“Hﬂinhuﬂ'hH[mgha;i—nﬁsinhn’:—||}
;aHf cosh oM

B(z) = -mﬂ{
(13.44)

Equations (13.43) and (13.44) are analogous o Egs. (11.15) and (11.16) for the

wall moment in a wall-frame structure. _ o
The vertical displacement » at a point P. distance 5 from the origin on the

section at height =, is given by

wis z) = —w(s) frf (z) (13.45)
Differentiating 1o obtain the vertical strain
(s, I =%h.:] = —w{-i}g[:i (13.46)
from which the vertical stress at (5. 2) is
als.z) = Eels. 2) = —Euwls) g [z) (13.47)
Substituting for d°f /dz” from Eq. (13.43) gives
ofs; 2) = 22Lutls) (13.21);

'}

-l

which is the same as the expression derived for the [ section in Section 13.1
is nding theory. :

lthhqaj;:i::t;TllL? 5hﬂwr: that. for a particular core. the magnitude of mc-ﬂmx.
distribution at a height : is governed by the bimoment at that I_ex-;l, while " N
distribution of axial stress over the section is defined by the principal sectonal

[ diagram. .
cmFr::n:t:a{;gutargfum of applied torque. Ihu.f dlistrihutiun of bimoment over t::-
height of the core is governed by the characieristic parameter o H For a core v-;lh i
a typical value of af = 2.0, subjected 10 a umfnm_ﬂ}r d!erEhuliI:d tll;qun. the
bimoment distribution is as shown in Fig. 13.8b. A typical distribution o war[:_‘llng..
stress over a simple core section is given in Fig. 13.8c. The bimoment curve { I!i;-
13.8b) shows that the warping stress distribution in me_ upper pan nf the cone
opposite in sense to that in the lower parnt. while there is a level of contrawarp:
ing"", that is with a zero bimoment and zero warping stresses, at the transition.
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13.3.4 Elevator Cores with a Partially Closed Section

Open-section elevator cores are ofien partially closed by beams or slabs ut euch
floor level. as in Fig. 13.1b and ¢. When the core twists, the walls” edges on
opposite sides of an opening undergo venical displacements in opposite directions
and vertical plane rotations in the same direction. These two types of relative
displacement combine in subjecting the connecting beams or slabs to shear and
bending. The vertical shear at the ends of the beams induces in the core walls
complementary horizontal shears that circulate around the core. These circulatory
shear stresses are similar to those that circulate in a closed section and resull in o
large increase in the effective J of the core. which causes a reduction in the core
miations and in the warping deformations and venical siresses, The open-section
theory for cores. as developed in the preceding sections, may be used 10 make an
approximate analysis of cores with slender beams or slabs across the openings,

Assuming that in a partially closed core (Fig. 13.1b) the effect of the connecting
beams on the circulating shear may be represented by an equivalent continuous
shear diaphragm (Fig. 13.9a), the equivalent core would be 3 closed section con-
sisting of the original walls, which behave in shear and flexure. and & digphragm
that behaves in shear anly.

Accounting only for flexure of the beams, because they are assumed 1o be slen-

der, the thickness of the equivalent shear diaphragm is shown later. in Section
13.6.1, 10 be

12E1,
S Wiy, Ty i
' = Gk (13.48)
in which /, is the inertia of a connecting beam (or slab equivalent) about its hon-

contal axis, L is its length. and & is the verical spacing of the beams or slubs,
The equivalent shear torsion constant of the section may now be obtained using

o

@dsf:

in which the first term includes only the real walls of the core. while the second
term includes the whole profile of the equivalent closed section. For practical-sized
connecting beams or slabs, the thickness 1, of the equivalent diaphragm is very
small relative to the wall thickness of the core, Consequently the very large con-
tribution of the diaphragm to the denominator of the second term in Eq. (13.29)
means that the contribution of the real walls may be neglected. then

1=%2m-‘ + (13.29)

| v 08
F A R
33’_“':: +L..|"n (13.49)
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and. substituting for 1, from Eq. (13.48)

bgwooy . 12ELG?

= 2t + Y (13.50)

The resulting value of J for the panially closed section is substituted in Eq.
(13.39) to determine the effective o H for the core. The rotation. bimoments, and
warping stresses in the core are then determined as described previously for un
open-section core,

IT the opening in a core is connected across at each floor level by a far slub
(Fig. 13, 1c} the slabs should be transformed into equivalent beams that may then
be treated as above. Provided there is no slab within the profile of the core, the

size of an equivalent beam may be taken as given in Appendix | for slabs con-
necting shear walls,

13.3.5 Forces in Connecting Beams

The shears and moments in the connecting beams. caused by wirping of the core,
depend on the resulting relative displacements of the beam ends where they con-

nect 1o the core. The venical displacement at a point on the section of & core il
height 2 is given by Eq. (13.45)

wis.z) = -wl'.t,ig'%fcl (13.45)

in which dfl /dz may be obtained from Eq. (13.40),
If the equivalent diaphragm-connected core ( Fig. 13.%a) is cut venically down
the middle of the shear diaphragm AF, as in Fig. 13.9b, the sectorial coordinates

w; and w~ of points 1 and 2 at the edges of the cut can be evaluated for the resulting

open-section core. The relative vertical displacement of | and 2. caused by the
warping df /dz, is then

db
wy = Wy = (wy - w:}ﬂ: (13.51)

The shear force per unit height required 1o restore compatibility of the two halves,
Al and 2F, at the cur is then

- Grylws = wy)

q = =g I (13.52)

and substituting for 1, from Eq. (13.48) and for Wy = w, from Eq. (13.51)

12ER (wy = wi) o
i = =gy = ___L‘L———LL}I' = (13.53)
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Summing the distributed shear over a story height /i 1o obtain the beam shear gives
approximatel

12E1(w, = ws) db
e e 13.54
" 'Ly iz { )
Since w, — ws = twice the enclosed area of the section = ©. Eq. (13.54) becomes:

R2Eh db
E d=

{13.55)

Substituting for df /d= from Eq. (13.40). the shear in a beam at height 2 inacone
subjected to a uniformly distributed torque ar is

1240 mH (| (M sinhaHd + 1), .
- = ————— 5 h :
Onfz) L, {[qu cosh aH {sinh oxz)

|
)

The maximum bending moment in the connecting beam is then

— wff cosh oz + n:H(l - !—f)

M,(z) = Qﬂ[:}g (13.57)

A typical distribution of shear in the connecting beams over the height of

uniform core is shown in Fig. 13.8d. The above method of analysis for partially

closed cores is valid for beams across any opening in the planar wall of a core,

whether symmetrically or asymmeirically located. provided the walls to which t

beams connect are in the plane of the beam and that the inplane bending stiffne
of the connected walls are significantly greater than those of the beams.,

13.3.6 Solutions for Alternative Loadings

Although the above solutions refer 1o a uniformly distributed torque. solutions
other torque distributions follow similar procedures. The cases of a triangularly
distributed torque and a concentrated torque at the top, and their superpositions
with a uniformly distributed torque. are useful in representing graduated wind
loading and static equivalent earthquake loading. Solutions for these additional two

cases are given in Appendix 2.

13.4 ANALYSIS BY THE USE OF DESIGN CURVES

Similarly 1o the solutions for displacements and actions in wall-frame unalysis,
the solutions for the rotations and actions in 4 core can be expressed in the formy
of design curves. This provides a rapid method of hand analysis. while the curves
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give a useful guide 1o variations s | : '
i s in & core’s behavior for changes in the structural

For example. Ey. (13.38). ex i
: » B, U13.38), expressing the rotation of a core subjec .
formly distributed torque. may be written in the form Wi

8(z _mHJ‘
I) = E."': KilaH, z/H) (13.58)
in which
B (e H sinh e + 1)
K = — :
[-:rH}*I ook ol {cosh az — |
~ aH sinh az Ji__l.:'.!]
sinhaz + (al) ||H E(H) ]j (13.59)

K. which defines the distribution of 6 over the height. is a function of o M and
z/H. Th_c term m H* /8E1, defines the magnitude of the rotation distribution, Th
fa:lpr 8 is introduced into the two terms so that when o = 0 that is, wh : h:
lomsion coefficient J is zero and the core resists torsion only by r;:stminc-n;l wnfjr:il
K H) > II.EI, and mH* /8 EI, defines the rotation at the op. Curves of & s
plotted in Fig. A2.1. which allows a rapid hand solution for th;ra core mlntim':ci.m

The connecting beam shear and the bimoment. as represented by Eq. (13 ﬁﬁ
and (13.44), respectively, can also be written concisely as I

e 2mH 10
O,(z) = 7 -I“:J—.ﬂrzfaH. :/H) (13.60)
and
Ty mH?
B(z) = =5 KilaH, - /H} (13.61)

- ;:e and K, Ialrelulslfu functions of cfH and z/H. They represent the distributions
o rr..fpecme actions over the height of the core. while the functions preceding
_em govem the magnitudes of the distributions. Curves of K» and Ky are given in
Figs. A2.2 aru:_l A2.3 for rapid hand solutions, '
4 Th::r ua;ec of u ma_ng.uiarly d?atrihutcd torque. and a concentrated torque at the
i pT:l.::m s{:ivcd 5|l::tlarl:-' using the additional design curves given in Appendix
2. iults may be superposed with those for uni ¢ distri [
et s o r uniformly distributed loading

13.5 WORKED EXAMPLE TO ANALY
ZE A CO
FORMULAS AND DESIGN CURVES B s

I’Ih:t t!ns.ud :.aululiun for the core. as described above, may be used 1o determine
b :;:ulmnuna und stregses in Iuml‘urm structures whose torque resistance depends
¥ on the core. These include cores combined with unbriced frames. uru-l
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cores with hanging or cantilevered floors. Although the method is accurate only
for cores with a uniform section throughout the height. it may be used to obtain
an approximate estimate of the actions in nonuniform cores for the purpose of 4
preliminary design.

To demonstrate the analysis of a core structure. & 70-m-high building. consist-
ing of 20 3.5-m-high stories, with the plan arrangement shown in Fig. 13,10, is
considered. The resistance to forces in the ¥ direction and to torgue 15 provided
by a core whose dimensions and properties arc shown in Fig. 13.6a. The building
is subjected 1o a uniformly distributed wind pressure of 0.3 kN /m".

It is required to determine the maximum deflection at the top of the structure
and the vertical direct stresses at the base due to bending and twisting, for two
cases. In the first case the core has an open section and, in the second, the core
opening is partially closed by 0.25-m-wide by 0.6-m-deep beams at 3.5 m centers
up the height of the structure. For the second casc determine also the maximum
value of the shear and the bending moment in the connecting beams.

An elastic modulus £ = 2.0 x 107 kN /m® and the shear modulus G = 0.9 X
107 kN /m’ are assumed for the concrete properties. The procedures of the analysis
are first described and then illustrated numerically for the considered structure.

Step 1. Determine the Seciorial Properties. As explained in Section 13,2 for open-
section cores. and in Sec. 13.3.4 for cores partially closed by beams, the sec-
torial properties can be obtained. For the given structure, the location of the
shear center. the principal sectorial coordinate (w) diagram, the moment of in-
ertia ,,. and the values of /_ and J, are obtained from the results of the worked
example in Section 13.2.6.

The distance of the shear center is 4.56 m from the pole 0' (Fig. 13.6a) and
the parameters of the core are /,, = 21.22m", [, = 43.8 m®. and J = 0.073 m’.

[T L u 4
B.5m
-25m all
argund s, R o
Shear
b center =
o O
Wingd
resultant
10m
; 20m
Fig. 13.10  Example core stucure, = '
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EW{J 2, Df-nl;wm'm- the Line of Action of the Harizontal Loading Resulvant and Ity
Eccentricity ¢ from the Shear Center. The resultant wind force per unit height
uf_the building is equal 10 20 % 0.5 = 10 kN /m and it acts 3.06 m o the righl
u? the shear center. that is. the eccentricity. ¢. from the shear center is 3 ﬂﬁ?n
Since the external torque is the product of the horizontal loading and .ih Iam:n:
tricity. the torque due to the wind is 30.6 kN m /m height. anlicl-::rckw:;sc

F'o determine the maximum deflection at the top of the structure and the stresses

at the base. a bendin Iysis has :
bendi g analysis has 1o be performed. Deflection at the top due 10

v (H) = wi? _ 10 = 70t
~ 8El, 8x20x10 x 2123  007im
Bending moment at the base
_wH* 10 x 70°
My(0) = == = S = 24,500 kNm

Bending stress at €. at the base of the core {Fig. 13.10). is given by

Mo 24500 » 3.125

o 2122 = 3608 kN /m’

Stresses at other points are obtained similarly : ol (o
in Fig. 13.11a. y. The bending stress diagram is given

T

E
=3508 T F -3I608 -216% *_?t,;?' _r':"-{:.: z'uuz
|' n g \
| L1 -2308 A
| i |\ g
f i . 4118
o i
|
K !
fi 58]
! A 2109 't L]
,. i I SRl
| r []
e
3 B -2002

= 8915|5tresses in open sectionm
TTTTR169 Stresies in section with beams

{a) (b

Fig. 13.11 (a) Bending stresses ar base of [
base of example core stnicture, e
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The following procedures. from Step 3 onward. refer to the torsional analysis,
Step 3. Determine the parameter aH using Eq. (13.39)

—
=g |G
i H'\IEF.

a. For the case of the open-section:

9 % 107 = 0.073
uH=7ﬂJn9 =h2

2.0 x 107 x 43.8

b. For the case of the pantially closed section: Consider the core with its
opening partially closed by beams at 3.5 m centers. The beams are 0.25 m
wide by 0.6 m deep. The moment of inertia of a beam is

I, = 025 x 0.6'/12 = 0.0045 m*
The modified torsion constant J is given by Eq. (13.50)

I ., 12E4Q°
J = jzbf + Gth

in which € is twice the area enclosed by the profile. h is the swory height.
and L is the span of the beam

12 % 2.0 x 107 x 0.0045 x 36
09 x 107 x 3.5 x 4

J=0073 + = 0.767 m"

Therefore.

(61 0.9 x 107 x 0.767
aH:H,\[EGi=?ﬂ =62

1 2.0 % 107 = 43.8

Step 4. Determine Rotaiions and Total Deflections. The rotation at any level of
the core for a uniformly distributed torque m may be obtained either from Eq.
(13.38) or by taking the appropriate value of K, from Fig. A2.1 and using Eq.
{13.58).

a. For the case of the open-section: The rotation is given by Eq. (13.38)

mH? I (M sinmhaH + 1)
- = osh oz = 1)
e, L’aﬁf e
inh oz i 5~1(5—):m 13.38
—uHﬂmhm-ir[uH}lH s\m (13.38)
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Atthetop. 2 = H =T70m, and ez = aM = 1.9, and = /H = 1.0

(1.9 sinh 1.9 + 1) (cosh 1.9 —~ |}
cosh 1.9

f{H) =

30.6 x 70¢ |
2.0 x 10" % 43.8 { (1,0}

= 1.9 sinh 1.9 + {1.9}! (1 -05) H

Thus, 8(H ) = 0,0448 rads anticlockwise.

Therefore, the additional deflection of the right-hand side of the building
due 1w twist

Y H) = #(H) x distance of right-hand side from shear center

= 0.0448 = [3.06 = 0.585 m

Note that the displacement due to torsion is much larger than that due 1o
bending.

The total deflection at the top floor right-hand side due 1o bending and
twist

wlH) + 3(H) =007 + 0.585 = 0.656 m

This deflection represents i of the total building height. an unacceptably
large value.

b. For the case of the panially closed section: The rotation at the top is given
by

30.6 x 70* 1 2 si
6(H) = [ | (6.2 sinh 6.2 + ”I'l:mhﬁ.z <3

2.0 x 10" x 43.8 ((6.2)" | cosh 6.2
— 6.25inh 6.2 + (6.2) (1 — 0.5) H

Thus 6(H | = 0,0079 rads anticlockwise.

Then the total defiection at the top floor right-hand side due to bending
and twist is

¥ =0.071 + 0.00796 x 13.06 = 0.175 m
This deflection is 5i of the height and is therefore generally acceptable.

Itiulc the stiffening effect of the beams in reducing the displacement due 10
torsion,

Step 5. Determine Bimoments and Warping Stresses. The warping stresses al i
height 2 are determined from the bimoment & at that level, The bimoment s
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obtained for a uniformly distributed loading either from Eq. (13.44) or by taking
K+ from Fig, A2.3 and using Eq. (13.61).

Then, at a point on the section where the principal sectorial coordinste s
wi{ %), the vertical warping stress is obtained from Eq. (13.21).

The resulting warping stresses must be combined with the bending stresses
obtained by considering the core as a flexural cantilever about its major axes. 1o
give the total axial stresses due wo horizontal loading.

a. For the case of the open-section: The verical stresses al the base due to
warping are determined from the bimoment at the basc: this is given by Eq.

(13.44).
B :{ 1 !{::Hﬁinhn'ff+l} e
B(z) = —mH tl:uH]lzl R (cosh @z)
— wH sinh ez — | “ (13.44)
Atthebasez = 0and ez = 0
. 1 '{1.9sinh 1.9+ 1) :
B(0) = —-30.6 x ?ﬂ*[“_qf! s {cosh 0)
- 1.9 sinh 0 — |P
3
Thus B(0) = —4.6 x 10° kNm®
The warping stress
ols ) = M%“’“—} (13.21)

Values at w for points on the section are given in Fig. 13.6d. Then the
vertical warping stress at G. for example, is

—4.6 % 10* x (—8.88)

ey = 8326 kN,/m". tension

a,(G) =

Warping stresses al other points are obtained similarly. The distributi
of warping stress over the section is given in Fig. 13.11b. In this case.
maximum warping stresses ( +9326 kN /m”) are significantly larger than
maximum bending stresses ( + 3608 kN /m”).

b. For the case of the partially closed section: To determine the warping stresses

al the base duc to torsion. the bimoment at = = ( is given by
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I |(6.25inh6.2 + 1)
B(D) = -30.6 x 7 .
3 0) x nJII-h.I}' cosh 6.2 {cosh 0)
- 6.2 sinh 0 - !H
Thus. B{0) = =2.03 x 107 kNm" from which the vertical warping stress
at 7 s :
: -2.03 % 10F % (—8.88 .
0,(G) = s i 4116 kN /m* tension

43.8

This is less than half the value of the warping stress in the core without
beams. The distribution of warping stresses around the base of the core is
compared with that of the open section in Fig. 13.11b.

Step 6. Determine Shear and Moment in the Connecting Beams, This step is only
for the case of the partially closed section with connecting beams. The sheir @,
may be obtained either from Eq. (13.56). or by taking K, from Fig. A2.2 and
using Eq. {13.60).

The maximum value of the beam shear may be obtained by scanning the ap:
propriaie curve of K 1o find the maximum value and using it in Eq. (13.60) for
shear,

To determine the shear force and bending moment in the connecting beams. the
shear in a beam at height = from the base is given by Eg. (13.56).

v 12,0 mH? I {aHsinchaH + 1) |
2u(z) DL [fah‘]ql it {sinh @z)
-chmha:+::H(l—§)H : {13.56)

For the shear in the beam at four stores above the base.

Q.

_ 12 % 0.0045 x 36 x 30.6 x 70° 1 (6.2 sinh 6.2 + 1)
4' % 43.8 (6.2)" cosh 6.2

)
)

'I;Ihcmfor:. @, = 96.88 kN. The maximum moment. at the ends of the beam. is
then

* (sinh 1.24) - 6.2 cosh 1.24 + 6.2(1 — 0.2)
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L
Mr.'::] Q..{:}E

M, = 96.88 x 2 = 193.76 kNm (13.57)

'. 0l o) - 1 's
This example illustrates that when an open or _pam.ﬂiy L-I“M:d| 5._:.':111:'1;1*:;;: tlﬂ
the primary torque-resisting component of a building. .'h“ ?L!‘H‘:-ﬂ sLresses s
p‘n may be very significant. Also. beams connecting across the “Rc-m“gd I
:;r:p Lagn significantly stiffien it against torsion, thereby reducing the twist an
aFping SITesscs. . -
Wd?hchahtwc resulis were caleulated from I‘nnnul.:?. They Lﬂl.l‘t
wained more rapidly by design curve solutions. This procedure
i Sis of the core with beams.
ating the analysis of the core wit r )
Ir‘r:p“::l'hu E’rmliun at the top is obtained by using Eqg. (13.58)

J have been ob-
is illustrated by

A
é(z) = g K (aH. z/H) {13.58)

=" SET,

where K, for o = 6.2 and /H = 1.0 is read from Fig. AZ.1 as 0.077 then
I

0.6 % T70° = 0.077
g x2x 107 %438

a(H)

0.00807 rads anticlockwise

The bimoment at the basc is obtained by using Eq. (13.61).
B(z) = —m%ﬁ,iaH.:fH} {13.61)

where K. for H = 6.2 and z/H = 0 is read from Fig. A2.3 a5 0.27; then

—30.6 x 'm’_ ¥ 0.27
B0} &' ———==

i

—2.02 % 10° kNm®

The shear in the beams is obtained by using Eq (13,60,

Ly ".JuH"{,E H. = /H)
Qh{:}"'lr_ E ,{ﬂ' L2f

where K. is obtained for aff = :
A2.2. The level of the beam carrying 1 s
the curve corresponding to afl = 6.2 and finding the ma

(13.60)

6.2 and the appropriate value of = /H from F}g.
he maximum shear is identified by scanning.
simum value of Ks
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K tmax) for af = 6.2 is read ax 0,083 at =/ H = 0.3, Then

2 306 x 70" = 0.0045 x 36 = 0.083

Ohimay) = o

100.7 kN

Although not as exact as the results from the detailed formulas, the results Trom
the design curves are accurate enough for practical purposes,

13.6 COMPUTER ANALYSES OF CORE STRUCTURES

The classical theory for cores, described in the previous sections. is useful for the
analysis of single core structures with uniform properues. It is wseful also for
obtaining an understanding of warping behavior and the response of a core o
variations in the structural parameters. In the majority of building structures. how-
EVEr. cores act in combination with other types of assembly. such as rigid frames
and shear walls, and their propenties vary with height. The classical theory cunnot
be used to analyze such complex assemblies and it is necessary to revert fo a
stiffness matrix computer analysis, which can consider the total structure including
the core and its discrete variations.

Three categories of computer model are considered: the first ineludes the finite
element and equivalent frame models. the second is a two-column model, and the
third 15 a single-column model, Although they are referred 1o in order of increas-
ingly concise representation and. hence. increasing efficiency in use of computer
time. they are unfortunately in the reverse order in the simplicity of their appli-
cation and in the ease of interpreting their results. Each, however. has virtues
sufficient to ment its consideration here.

13.6.1 Membrane Finite Element Model Analysis

A significant advantage of a membrane element model analysis of a core is that it
does not require any knowledge of warping theory. nor does it require the calcu-
lation of the warping sectorial properties.

Assuming the cross section of a building core to be fixed in shape due to the
horizontal rigidity of the floor slabs, the principal interaction between the walls is
vertical shear along their connecting edges. Consequently. an elevator core can be
modeled for analysis by plane stress rectangular or quadrilateral membrane ele-
ments, in conjunction with auxiliary beams as described in Chapter 5. The auxil-
iary beams are added around the profile at each mesh level (Fig. 13.12) and are
assigned to be flexurally rigid in the horizontal plane and to be ngidly connected
al the comers, The auxiliary beams serve to maintain the cross-sectional shape of
the core when it is subjected to loading and, by stiflening the auxiliary beams at
the wall-edge element against vertical bending. they allow beams 10 connect across
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Fig. 13,12 Membrine finite element maodel.

openings in the core, or heams (o connect 1o the core from other parts of the toial
structure. The behavior of an open-section core acting alone can be sensitive to is
‘orsion constant J,. where J, = Tibr'. As this property cannot be represented by
a plane stress membrane element model. an auxiliary column should be added
down one of the wall edges with the value of J, of the core assigned to the column.

In most situations. full wall-width elements provide an adequate represeniation
of a core's behavior and its interaction with other connecting structures. The sim-
pler types of membrane elements give a linear distribution of vertical stress in each
wall. In certain locations shear lag may allow significantly higher axial stresses 10
develop in the walls. especially at the free vertical edges of the walls in open-
section cores. It may be desirable. therefore. at critical levels such as near the
base. or in regions where the walls change thickness, to refine the mesh by using
quadrilateral elements, as described in Chapter 5.

It has been found in modeling cores for analysis that incompatible mode plane
stress elements, which allow for inplane bending deformations, give consistently
more accurate resulls than compatible mode elements. Incompatible mode ele-
ments may also be used in much greater height-to-width ratios. up to 6: | or more.
while maintaining an acceptable accuracy.

An alternative way of modeling beams that connect across an opening in @
membrane element model of a core 1s 10 use story-height equivalent plane stress
membrane elements with a vertical shearing stifiness cqual 10 the transverse bend-
ing stiffness of the beams (Fig. 13.13). Referring to Fig. 13.14a and b. the thick-
ness of the equivalent membrane element representing 4 beam can be found by
considering the verical shear deformation of the membrane element. The vertical
displacement

VL

_n 3.62
Ghr, LA

6\-41\
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Fig. 13.13 Membrane elements representing connecting beams,

must be equal 1o the double-bending and shear deflection of the replaced beam

& = -JiELi. -+ VL
WS 2EE A (13.63)

Equating (13.62) to (13.63). assumi
(13, 2.03}. assuming that the shear area of the =
and solving for the thickness of the equivalent membrane clen::e:trl::ﬁ Ak
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{13.64)

=

|
;(J?_E*'_-E)
VIR BT

in which Ay, and /, are. respectively. the sectional area and the inentia of the con-
necting beam.

The second term in Eq. (13.63) and the second term in the demoninator of Eg.
(13.64) account for shear deformation of the connecting beam. [F the length-1o-
depth ratio of the beam is 5 ar more. the shear deflection of the beam will be
relatively insignificant compared with its bending deflection. in which case the
thickness of the equivalent membrane element will be

£y et (13.65)

13.6.2 Analogous Frame Analysis

If a membrane finite-clement option is not available as pan of the structural anal-
vsis program. an analogous frame can provide a satisfactory altemative model for
analvzing a core. Similarly 1o the membrane element model. an analogous frame
model does not require any knowledge of warping theory or any calculation of the
WATPINgE paramerers.

The asymmetric braced frame analogy described in Chapter 9 has proved o
give results for deflections and stresses comparable in accuracy with plane stress
membrane element analyses. It is approximately as efficient in computer use as a
membrane element analysis but, in the absence of specially written subroutines, it
takes additional tme in initially calculating the member sizes and finally trans-
forming the frame forces into the stress resulis,

The frame analogy works well in representing a core by wall-width modules
(Fig. 13.15), while for a more refined analysis. subwall-width modules should be

RE1gid peams

Fig. 1315 Frame analogy.
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used. Beams across openings. or beams connectin £ pans of a surrounding structure
10 the core_are joined 1o the ends of the modules® rigid arms. In an open-section
core, for which it is desirable 1o include the torsional constant £ b’ of the walls,
the value of the constant for each wall segment can be assigned 1o the column of
the corresponding frame module.

13.6.3 Two-Column Analogy

Pr relatively simple two-column model can be used for the computer analysis of
cither a separate core subjected to lateral loading or 4 core that is part of. and
interacts horizontally with, a larger surrounding structure [13.7). The analogous
model represents the warping and St. Venant torsional modes of behavior in ad-
d:tm_n 1o the bending modes. It is, therefore. well suited for open or partially closed-
section cores. It can represent cores that change section within the height. includ-
ing changes in the directions of the principal bending axes and in the locations of
the shear centers,

To simplify the explanation. a multisectional core. whose sections are mono-
symmetric about the X axis. will be considered. Using the same technique. moedels
can be formed for multisectional cores with differently asymmetric sections and
different principal axes of bending. The example core shown in Fig, 13, 16a has o
Jl:H:ver region L. and an upper region U, having different sections. both sections
being monosymmetric about the X axis. but with differently located shear mwm;

If _thr: principal moments of inertia. the St. Venant torsion constant, and the
ul-_arpmg rlncmenl ol inertia of the lower region of the core are denoted by £k 1%,
/. and /., the core in that region can be represented by two columns located on
one of the principal bending axes at distances a from. and on opposite sides of,
the shear center. The properties of the core are shared between the columns so
that, for each column

e, =4t (13.66)
I; = 4rc (13.67)
Jo =4t (13.68)

while the warping moment of inertia is developed by locating the columns at dis-
tances from the shear center. such that for opposite directions of bending in parallel
planes (Fig. 13.16h),

205 (g = gt (13.69)

s hll
= ﬁ (13.70)

to zive
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The upper region U can also be represented by wo cc_-iumna. with properties
determined from the properties of the upper core scction. with the ::_ulumns_ located
on one of the upper core’s principal bending axes at distances a" from its shear
ccn'}:;; remaining problem in forming the two-sectional mode! is to connect the
upper columns to the lower columns in such a way as to repr:_scn: pmpurl:r-l the
behavior of the core at the transition level. The pairs of columns in the two regions
are located with respect to different shear centers. at different dixtlanlnf:s apart along
different principal axes, Their connections must establish mmpatil‘mht}- ai the tran-
sition level with respect to all the mades of behavior, These requirements are. for

or. substituting from Eq. (13.67)

[13.71)
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bending
1 1
! o)
(4 (%) -
and
dy\" v\
(;) - (}1) (13.73)
for 5t. Wenant torsion
o =& (13.74)
and for warping torsion
do’\' (dﬁ' i
Z) =(5 3.7
(d:) d':) { )

The compatibility requirements for bending and St. Venant torsion could be
achieved simply by using a direct constraint option to make the vertical plane and
horizontal plane rotations of the upper and lower columns conform. This, hows
ever. would not satisfy warping compatibility. which requires that d8 /dx for the
upper and lower columns conform at the transition level. For this, it is shown in
Fig. 13.17a that the vertical plane angles of rotation due to warping must be related
as follows:

. db

Z and Av=ua (13.76)

gl =4 l-ﬁ

gt = ﬂ”f; (13.77)

where 3%, 8Y, a“. @". and & are as shown in Fig. 13.17a.

A mechanism 1o connect the upper and lower columns. which satisfies ull the
compatibility conditions simultancously. and which is suitable for computer anal-
ysis, is shown in Fig. 13.17b. Using the rigid floor option. which is available in
the more comprehensive structural analysis programs. a horizontally rigid din-
phragm is placed at the transition level, and a second “auxiliary™ diagram is lo-
cated a small distance, say one-tenth of a story height. below the transition level,
The upper columns. which terminate at the transition level, have rigid stub column
extensions down to the auxiliary diaphragm level. Nodes are assigned on the upper
column lines at the two diaphragm levels, Similarly. the lower columns are ex-
tended upwards from the auxiliary diaphragm level, by rigid stub columns. to the
transition diaphragm level, with nodes assigned on the lower column lines at the
twao levels,
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Fig. 13.17 {a) Column warping displacements af transition level: (b) mechanism 1o nep:
resenl transibon level,

The horizonal plane relative rotations of the transition level and the auxiliary
diaphragm apply inclinations through the rigid stub columns to the upper alncl lower
columns, which conform with Eq. (13.77). These cause the Upper pair o! .n:nlumm.
1o have the same d6 /dz as the lower pair. If, simultaneously, the _aun!llar}r dia-
phragm and the transition plane translate relatively in the X or ¥ directions, cor

'T
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responding (o bending in these directions, the proposed mechanism applies
same change of inclination to the upper and lower columns. The model is, th
fore, capable of simultaneously achieving compatibility at the transition leve
the X and ¥ inclinations for bending. the rotation 6 for the St. Venant action,
d6 /dz for the warping action.

Comparisons of results from the two-column analogy models with those
the more detailed and accurate shell element madels have shown the deflection
be generally within 10% and the stresses within 20%: this can be considerec
reasonable for such a simple model of a complex structure. Although the n
column model has the grear advaniage of simplicity. its main disadvaniage i
requiring a knowledge of warping theory, and in having 1o first caleulate the &
tional and sectorial properties of the core. The ultimate value of the model will
achieved, therefore. only when used in combination with a computer program
determine the sectional and sectorial properties of thin-walled member section:

13.6.4 Single Warping-Column Model

In the stiffness matrix analysis of a structure, a core could be represented in all
aspects of behavior, except warping. by a stack of simple column elements, w
six degrees of freedom per node, located on the shegr center axis, s assign
properties would include inertias /y and /,. 10 represent its resistance o bendi
about its principal axes. and J 10 represent its St. Venant resistance 1o torsion,
the section were completely closed. so that warping was negligible, or if the stry
ture were not likely to twist. such a column model would allow an acceptab
accurate analysis. If, however, the section were open or only partially closed, ar
the structure was subjected to a significant torque, then the warping torsional r
sistance of the core would be a factor in the behavior of the structure and the simp
column mode! would not be an adequate representation of the core.

A single column model. with an extra, seventh, degree of freedom per node |
represent warping, has been developed to include all the modes of behavior of
core [13.5]. It is particularly suitable for cores that are uniform over the heigh
but can also be used for cores that change properties with height provided the shey
center axes of the different regions lie on approximately the same vertical line.

The seventh, warping. degree of freedom is taken to be df /dz which, as use
for the two-column model in the previous section, expresses the magnitude ¢
warping and may be used as the warping degree of freedom, while 8. the bime
ment. is the corresponding action.

With seven degrees of freedom per node, the warping column element (Fig
13.18) has a 14 = 14 stifiness matrix. The warping column element is located o
the shear center axis of the core with its stiffness coefficients referred 1o that axis
A complete core would be represented by a vertical stack of story-height element.
with nodes in the floor levels ( Fig. 13.19). The terms of the stiffness matrix cor
responding to twist and to warping are given in Table 13.2. The remaining term
of the total 14 x 14 stiffness matrix, as referred to the shear center, are given i
Table 13.3 [13.8). The principal advantage of the single warping-column mode
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“ Termis with ows or columns 6. 7. 13, 14 are as given in Table 13.2.
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is its extremely concise form of representing warping. lis disadvantages, however,
are that it cannot be used to fepresent a multisectional core with shifts in the shear
center. that it requires a knowledge of warping theory to evaluate the sectorial
properties of the core and to interpret the results. and that it requires a specially
wrilten subroutine to form the 14 % 14 matrix in the structural analysis program,

SUMMARY

A shear wall elevator core can provide a major part of the bending and torsional
resistance i a building structure, The bending actions may be analyzed conven-
tionally. as for a vertical cantilever located on the shear center axis. Because of g
core’s proporional similarity 1o a thin-walled beam. however, any significant
twisting action should be analyzed to include both warping and shear torsion, The
warping effects include vertical stresses in the walls, and shear and bending in
beams or slabs that connect across openings in the core section,

The concept of warping torsion can be developed by considering an I-shaped
section subjected to twist. The extemnal torque is resisied partly by the inplane
bending of the flanges and panly by their twisting resistance. A charcteristic dif-
ferential equation for warping torsion is developed through the use of simple bend-
ing theory,

A classical analysis of warping torsion requires the prior evaluation of the shear
center location. the principal sectorial coordinate diagram. the warping moment of
inertia, and the torsion constant.

A uniform-section core subjected to torque can be analyzed by formulating and
solving the characteristic differential equation for rotation of the equivalent con-
tinuum model. Useful solutions for simple distributions of applied torque can be
written in terms of nondimensional structural parameters, The parameters are fune-
tions of the relative shear 1o flexural torque stiffnesses and the height of the core.
Solutions are available for the rotation and its derivatives, which lead 1o expres-
sions for the warping stresses in the walls, and for the forces in the connection
beams. Design curve solutions of the characteristic equation provide a rapid means
of estimating the rotations and actions in a uniform core, as well as allowing a
more general appreciation of the factors that influence a core’s torsional behavior,
The closed solution of the warping problem demonstrates clearly the analogy be-
tween the torsional behavior of a core and the lateral load behavior of a wall-
frame.

A torsion analysis of a core whose propertics vary with height. or a core that
interacts with other assemblies as part of 4 total building structure, requires a
method that allows the core to e considered as an assembly of discrete elements,
A finite element analysis using a standard structural analysis program is the most
appropriate. The model may consist of plane stress membrane elememts with an
auxiliary system of beams. Alternatively, if only a frame analysis program is avail-
able, an analogous frame model can be used with negligible loss in accuracy.

A simple model for the approximate computer analysis of a core consists of twio
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columns placed on one of the core’s principal bending axes and located on opposite
sides of the shear center. By the use of a transition mechanism. multisection cores
with changing locations of shear center can be analyzed. The model 15 useful for
representing simply a complex core that is pant of a larger structure,

The most concise model for the computer analysis of a core is the single warp-
ing column model. This consists of a vertical stack of column elements, each of
whose usual six degrees of freedom per node has been augmented by a seventh,
warping, degree of freedom. The warping column model, however. cannot be
analyzed by a standard frame analysis program unless a special subroutine. to
mtroduce the additional warping degree of freedom. is incorporated. Also, the
warping column model cannot be used to represent multisectional cores because
there is no mechanism to represent the changes of section. as is avatlable for the

two-column model.
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BN CHAPTER 14

Outrigger-Braced Structures

An outrigger-braced high-rise structure consists of a reinforced-concrete or braced-
steel frame main core connected to the exterior columns by Aexurally stff hori-
zontal cantilevers, The core may be located between the column lines with outrig-
gers extending on both sides (Fig. 14.1a) or it may be located on one side of the
building with cantilevers connecting 10 columns on the other side iFig. 14.1h).

When horizontal loading acts on the building, the column-restrained outriggers
resist the rotation of the core. causing the lateral deflections and moments in the
core to be smaller than if the free-standing core alone resisted the loading (Fig.
14.2a. b. and c). The result is to increase the effective depth of the structure when
it flexes as a vertical cantilever, by inducing tension in the windward columns and
compression in the leeward columns,

In addition 10 those columns located at the ends of the outriggers. it is usual 1o
glsn mobilize other peripheral columns to assist in restrainin 2 the outriggers. This
is achieved by including a deep spandrel girder. or “*belt.” around the structure
at the levels of the outriggers. as in Fig. 14.3; hence. the occasionally used name
“beli-braced structure. .

To make the outriggers and belt girder adequately stiff in flexure and shear,
they are made at least one. and often two. stories deep. Consequently, to minimize
the obstruction they cause. they are usually located at plant levels.

A building can be stiffened effectively by a single level of outriggers at the top
of the structure. in which case it is sometimes referred 10 as 4 “1op-hat™’ structure
Each additional level of outriggers increases the lateral stiffness. hut by a smnllc;
amount than the previous additional level. Up to four outrigger levels may be used
in very tall buildings.

While the cutrigger system is very effective in increasing the structure’s flexural
stiffness. it does not increase its resistance to shear. which has to be carried mainly
by the core.

_ln this chapter an approximate method of analysis [14.1, 14.2] is presented for
uniform outrigger structures, that is, structures with a uniform core. uniform cal-
umns, and similar-sized outriggers at each level. Although practical structures dif-
!‘cr?lgniﬁcantiy from the uniform structure, in having vertical members that reduce
in size up the height. the method of analysis is useful in allowing a rough estimate
of the deflections and forces for use in a preliminary design. This approximate
method of analysis is also useful in providing an estimate of the optimum levels
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Fig. 13.17 (a) Column warping displacements at transition fevel: (b) mechanism o reps
resent transition level.

The horizontal plane relative rotations of the transition level and the au:;:llar_-,;
diaphragm apply inclinations through the rigid sub columns to the upper emn'.:li owe
columns. which conform with Eg. (13.77). These cause the upper pair u_f columns
to have the same dB /dz as the lower pair. If, simu}lancnus!y. the qu::_harl:,r dia-
phragm and the transition plane translate relatively in the X or Y directions. cor-
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responding to bending in these directions. the proposed mechanism applies the
same change of inclination to the upper and lower columns. The model is, there.
fore. capable of simultaneously achieving compatibility at the transition level of
the X and ¥ inclinations for bending, the rotation 8 for the Si. Venant action. and
dfl /dz for the warping action.

Comparisons of results from the two-column analogy models with those from
the more detailed and accurate shell element models have shown the deflections 1o
be generally within 10% and the stresses within 20%: this can be considensd is
reasonable for such a simple model of a complex structure. Although the two-
column model has the great advantage of simplicity, its main disadvantage 15 in
reguiring a knowledge of warping theory. and in having 1o first calculate the sec-
tional and sectorial properties of the core, The ultimate value of the model will be
achieved. therefore, only when used in combination with a computer program o
determine the sectional and sectorial properties of thin-walled member sections.

13.6.4 Single Warping-Column Model

In the stiffness matrix analysis of a structure, a core could be represented in all ity
aspects of behavior, except warping, by a stack of simple column elements, with
six degrees of freedom per node. located on the shear center axis. Its assigned
properties would include inertias /y and /. to represent its resistance to bending
about its principal axes. and J 10 represent its St Venant resistance to torsion. I
the section were completely closed, so that warping was negligible. or if the struc-
ture were not likely to twist, such a column model would allow an acceptably
accurate analysis. If. however, the section were open or only partially closed. and
the structure was subjected 1o a significant torque. then the warping torsional re-
sistance of the core would be a factor in the behavior of the structure and the simple
column model would not be an adequate representation of the core.

A single column model, with an extra, seventh. degree of freedom per node 1o
represent warping, has been developed to include all the modes of behavior of a
core [13.5]. It is particularly suitable for cores that are uniform over the height,
but can also be used for cores that change properties with height provided the shear
center axes of the different regions lie on approximately the same vertical line.

The seventh. warping, degree of freedom is taken to be df /dz which, as used
for the two-column model in the previous section, cxpresses the magnitude of
warping and may be used as the warping degree of freedom., while B. the bimo-
ment. is the corresponding action.

With seven degrees of freedom per node. the warping column element (Fig.
13.18) has a 14 x 14 suffness matrix. The warping column element is located on
the shear center axis of the core with its stiffness coefficients referred to that axis.
A complete core would be represented by a vertical stack of story-height elements
with nodes in the floor levels (Fig. 13.19). The terms of the stiffness matrix cor-
responding to twist and to warping are given in Table 13.2. The remaining lemms
of the total 14 x 14 stifiness matrix. as referred 1o the shear center, are given in
Table 13.3 [13.8]. The principal advantage of the single warping-column model
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15 1ls extremely concise form of representing warping. lis disadvantages, however,
are that it cannot be used 1o represent a multisectional core with shifts in the shear
center. that it requires a knowledge of warping theory to evaluate the sectonal
properties of the core and to interpret the results. and that it requires a speciully
written subroutine to form the 14 % 14 matrix in the structural analysis program.

SUMMARY

A shear wall elevator core can provide a major part of the bending and torsional
resistance in a building structure. The bending actions may be analyzed conven-
tionally. as for a vertical cantilever located on the shear center axis. Because of a
core’s proportional similarity to a thin-walled beam, however. any significant
twisting action should be analyzed to include both warping and shear torsion, The
warping effects include vertical stresses in the walls, and shear and bending in
beams or slabs that connect across openings in the core section,

The concept of warping torsion can be developed by considering an I-shaped
section subjected 10 twist. The external torque is resisted partly by the inplane
bending of the Aanges and panly by their twisting resistance. A characteristic dif-
ferential equation for warping torsion is developed through the use of simple bend-
ing theory. ‘

A classical analysis of warping torsion requires the prior evaluation of the sheir
center location. the principal sectorial coordinate diagram, the warping moment of
inertia, and the torsion constant.

A uniform-section core subjected 1o torque can be analyzed by formulating and
solving the characteristic differential equation for rotation of the equivalent con-
tinuum model. Useful solutions for simple distributions of applied torque can be
written in terms ol nondimensional structural parameters. The parameters are func-
tions of the relative shear o flexural torque stiffnesses and the height of the core,
Solutions are available for the rotation and its derivatives, which lead to expres-
stons for the warping stresses in the walls, and for the forces in the connection
beams. Design curve solutions of the characteristic equation provide a rapid means
of estimating the rotations and actions in a uniform core, as well as allowing a
more general appreciation of the factors that influence a core’s torsional behavior,
The closed solution of the warping problem demonstrates clearly the analogy be-
tween the torsional behavior of a core and the lateral load behavior of a wall-

frame.

A torsion analysis of a core whose properties vary with height. or a core that
nteracts with other assemblies as part of a total building structure. requires a
method that allows the core to be considered as an assembly of discrete elements.
A finite element analysis using a standard structural analysis program is the most
uppropriate. The model may consist of plane stress membrane elements with an

auxiliary system of beams. Alternatively. if only a frame analysis program is avail-
able, an analogous frame model can be used with negligible loss in securacy.

A simple model for the approximate computer analysis of & core consists of two
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columns placed on one of the core’s principal 'I:_lc_nding axes ?nr.l Inc:au:_d nnruppmm,t
sides of the shear center. By the use of a transition mEChEI‘fl'ﬁ.m. mu1||5:'.rclmn c::-;m
with changing locations of shear center can be analyzed. r_hc model is useful for
representing simply a complex core that is part of a larger hlrul:.'_l.tlﬁ‘:. .

The most concise model for the computer analysis z;nf a core is the single u.:arp-
ing column model. This consists of a vertical stack of column elements. .r:.-u.h :T‘
whose usual six degrees of freedom per node has been augmented by .1 hcvcnthr:
warping. degree of freedom. The warping column model ; h:'l'r.!.'cuf’:r. cannot
analyzed by a standard frame apalysis program unlcs.s a special subrouting. 1o
introduce the additional warping degrec of freedom, is .ln:n_rpnralcd. Also. the
warping column model cannot be used 1o represent mtletsﬁCl-u_'.l-.na] cores he-:au:e
there is no mechanism to represent the changes of section. as is available for the

two-column model.
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NN CHAPTER 14

Outrigger-Braced Structures

An outrigger-braced high-rise structure consists of a reinforced-concrete or braced-
steel frame main core connected to the exterior columns by flexurally stiff hori-
zontal cantilevers. The core may be located between the column lines with outrigs
gers extending on both sides (Fig. 14.1a) or il may be located on one side of the
building with cantilevers connecting 1o columns on the other side (Fig. 14.1b).

When horizontal loading acts on the building. the column-restrained OuLFiggers
resist the rotation of the core, causing the lateral deflections and moments in the
core (o be smaller than if the free-standing core alone resisted the loading (Fig.

14.2a, b. and ¢). The result is to increase the effective depih of the structure when
it flexes as a vertical cantilever, by inducing tension in the windward columns and
compression in the leeward columns.

In addition to those columns located at the ends of the outriggers, it 15 usuml 1o
also mobilize other peripheral columns to assist in restraining the outriggers. This
is achicved by including a deep spandrel girder. or “belt.”” around the structure
at the levels of the outriggers. as in Fig. 14.3: hence, the occasionally used name.
“belt-braced structure,

To make the outriggers and belt girder adequately stiff in flexure and shear.
they are made at least one. and often two. stories deep. Consequently, 1o minimize
the obstruction they cause, they are usually located at plant levels.

A building can be stiffened effectively by a single level of outriggers at the top
of the structure. in which case it is sometimes referred to as a “top-hat™* structure,
Each additional level of outriggers increases the lateral stiffness. but by a smaller
amount than the previous additional level, Up to four outrigger levels may be used
in very tall buildings.

While the outrigger system is very effective in increasing the structure’s flexural
stiffiness. it does not increase its resistance to shear, which has 1o be carried mainly
by the core.

In this chapter an approximate method of analysis [ 14.1, 14.2] is presented for
uniform outrigger structures, that is, structures with a uniform core, uniform col-
umns, and similar-sized outriggers at each level, Although practical structures dif-
fer significantly from the uniform structure. in having vertical members that reduce
in size up the height. the method of analysis is useful in allowing a rough estimate
of the deflections and forces for use in a preliminary design. This approximate
method of analysis is also useful in providing an estimate of the optimum levels
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14.1 METHOD OF ANALYSIS

Approximate methods of analysis for other types of high-rise structures. such as
coupled walls and wall-frames, have been able 1o take advantage of the repetitive
story-to-story arrangement in adopting a continuum approach. The outrigger-braced
structure, with at most four outriggers, is not strictly amenable 10 a continuum
analysis and has to be considered in its discrete arrangement. A compatibility
method is chosen, in which the rotations of the core at the outrigger levels are

matched with the rotations of the comesponding outrizgers.

Leeward

~columns in

Windward

COmpress jan
columns in
tension

14.1.1 Assumptions for Analysis
The method of analysis is based on the following assumptions:

Fig. 14.2 (a) Outrigger structure dis
resullant core moments.

f"f"frllf.r’
{a)

1. The structure is linearly elastic.
Fretts edidbda

2. Only axial forces are induced in the columns,
3. The outriggers are rigidly attached to the core and the core is rigidly atached

to the foundation.
4. The seclional properties of the core. columns. and outriggers are uniform

throughout their height.
357
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Fig. 14.3 Owngger siructure with belt girders.

Assumption 4 Is less restrictive than at ﬁn-.tl it n_1ighl appear. Alt:nug[::l:n:
practical structure there is a reduction up the height in th_r. inertia of the co o
the sectional area of the columns. the factors of concem in a prellmm_arlyfana ysi
{i.e.. the drift at the top, the moment at the base of the core, and axia nn-fcsl ]::
the columns) are predominantly influenced by |hg properties of the :;;i;t:urg-'lmfn.:1 in v
lowest region. Consequently, an analysis ﬁl'al um_fnnn structure, :;5" 1t n_cac.;t:; g
region’" properties of the actual structure, will give results of sufficien

for a preliminary design.

14.1.2 Compatibility Analysis of a Two-Outrigger Structure

A two-outrigger structure will be used to demonstrate the method of analy51§ be;

cause it includes all the necessary steps in their simplest For?n. The :fna!:.f.:ds :n

structures with more or fewer than two outriggers can then easily be perform

the basis of the method for the two-outrigger case. | _
Starting from the statically determinate free-sta mhr_l g core. i unc-;f;lng'g‘er

structure is once redundant, & two-outrigger structure twice redundant. and so on,
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The number of compatibility cquations necessary for a solution corresponds to the
degree of redundancy, The compatibility equations stute. lor euch outrigger level,
the equivalence of the rotation of the core to the rotation ol the outrigger, The
rotation of the core is expressed in terms of it bending deformation. and that of
the outrigger in terms of the axial deformations of the columns and the bending ol
the outrigger.

The model for analysis is the two-outrigger structure shown in Fig. 14.4a, suh-
Jected 1o a uniformly distributed horizontal load. Two other loading cases have
been studied. and some of their results will be summarized at the end of the chap-
ter.

The bending moment diagram for the core (Fig. 14.4¢) consists of the external-
load moment diagram (Fig. 14.4b) reduced by the outrigger restraining moments
that, for each outrigger, are introduced at the outrigger level and extend uniformly
down to the base (Fig. 14.4¢ and d).

From the moment-area method. the core rotations at levels | and 2 (Fig. 14.4a)
are. respectively,

I g '|.;-x: ] M h'.J;':
H1=E‘[‘[” (T‘—ﬁﬂl)d_[-l—ﬁj-”(T"Mi"M‘l)dx [Id-l]

and

ald 2
. \ (“; - M - J'-ﬁ) dr (14.2)

| -

By =

b

in which Ef and ff are the Aexural rigidity and total height of the core, w is the
intensity of horizontal loading, x; and x. are the respective heights of outriggers |
and 2 from the 1op of the core, and M, and M, are their respective restraining
moments on the core.

Expressions for the rotations of the outriggers at the points where they are con-
nected to the core (ie.. at the ““inboard”" ends) will now be developed. Each
rolation consists of two components: one allowed by the differential axial defor-
mations of the columns, and the other by the outriggers bending under the action
of the column forces at their **outboard™ ends. 5

The rotation of the **inboard™ ends of the outrigger at level | js

Z:E_M.lH-.r,,'l_bgﬁz{H—.rzl M,d

| 2 7 = 14.3
4 (EA), d(Ea), " 12(ED), St

and for the outrigger at level 2
ﬂ:. =2{MI +M_‘}‘H_-'!]' M""" {l-".d:f

d*(EA) 12(E1),
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in which ( EA ). is the axial rigidity of the column and d/2is s I:mrizumal d1st_am:=
from the ceniroid of the core. ( Ef ), is the effective flexural nigidity c!f the outrigger
(Fig. 14.5b). allowing for the wide-column effect of the core. \‘vhn:h can be ob-
tained from the actual flexural rigidity of the outngger ( El'), (Fig, 14.5a) as

L

e, = (143) &0, g
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Equating the rotations of the core and outrigger at level |, Eqgs. (14.1) and
(14,3}, respectively

2M|EH T .rllj EMEIH - .t:p} I M:d
d*(EA). F(EA). | 12(ED),

'Elilj (% N ”')“'*‘ . r (TJ' =My = M:)dx] (14.6)

and similarly for the rotations at level 2. equating Eqs. (14.2) and (14 .4).

2M, + M) (H = x,) Mod I l‘" (wx]
2 + - = — Haleasll L oy
d*(EA), 12(El),  EI S H:) de (14.7)

Rewriting Eqs. (14.6) and (14.7) gives

M[S, + S(H - x,)] + MuS(H - x,) = %% (H* = x])  (14.8)
and
M S(H = x;) + Ma[S, + S(H - x)] = — (H' = <) (14.9)
6El 4
in which § and §, are

2
= + dI{EA_!L (14.10)

d
5 = 3060, {14.11)
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14.1.3 Analysis of Forces

The simultaneous solution of Eqs. (14.8) and (14.9) gives the restraining mo-
ment applied to the core by the outrigger at level |

w | S(H - o)+ S(H - .r_-j{_:.":: -1

i - 14.12)
My = BT 5T+ 5,5(2H — %, — 1) + S°(H = %) (x= — %)) ( )

and. for the moment applied to the core by the outrigger at level 2.

w1&”#-x“+S“H—MHHJAIH—1H—MHH1—HH'
ST §,S(2H —x, —4:) + SUH = x2) e = x)
(14.13)

i¥ia

2 = BEl |

Having solved the outrigger restraining moments M, and M. the resulting mo-.
ment in the core. which is shown in Fig. 14.4¢. can be expressed generally by

{14.14)

in which M, is included only for x > x,, and M, is included only for x > x,.
The forces in the columns due to the outrigger action are £ M, /d forx, < X
< xsand (M, + M,)/dforx = 1.
The maximum moment in the outriggers is then M, + b /d for level 1 and M,
b /d for level 2, where b is the net length of the outrigger (Fig. 14.4a).

14.1.4 Analysis of Horizontal Deflections

The horizontal deflections of the structure may be determined from the resulting
bending moment diagram for the core by using the moment-area method. A generil
expression for deflections throughout the height could be written: it would. hows
ever. be very complicated. Concentrating. therefore, on the top drift only. thi
may be expressed as

wig? |

[M,(H* = x7) + My(H - x3)]

in which the first term on the right-hand side represents the top drift of the cone
acting as a free vertical cantilever subjected to the full external loading. while the:
two parts of the second term represent the reductions in the top drift due 10 the.
outrigger restraining moments M, and M.
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14.2 GENERALIZED SOLUTIONS OF FORCES AND DEFLECTIONS

S0 far, the method of analysis of only a two-outrigger structure has been presented
Thc_samn method of analysis applied to structures with more. or fewcrptlun t :
outnggers leads to expressions for restraining moments and top drift h.swin ;I;‘O
same I'cfrm as Eqgs. (14.14) and (14.15), respectively. By induction from I: 3
generalized expressions may be developed. as follows, i

14.2.1 Restraining Moments

;I'hc .n’:stmining maments for a uniform structure subjected o uniform! y distributed
oading may be expressed concisely in matrix form for simultlaneous solution by

i II'IPIJIE'I'.'
M
M.
oy 11
M| 6El
M, ]

5 +85(X=X,) SIH-X)) S{H-X) + S(H=X,)
S(H-X,) 5+ S(H-X;) S(H-X) S(H-X,)
S(H=X) S(H-X,) S, +8(H-X) -- S(H-X,)
__S{H—X,,} S(H=X,) i S(H-X.) 5+ 85(H - X.}
—H.'-_x.fh -

H —Xx:

iy (14.16)
LH.'H —x!

i which a is the number of levels of outriggers. Equation (14, 16) requires that

the properties of the structure, the levels of the ; :
luading be specified, outriggers, and the magnitude of
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A gencral expression for the moment in the core between outriggers j und
§ + 1| is then

(14.17)

In the region between the top of the structure and the first outrigger from the
top. the second term on the right-hand side of Eq. (14.17) will be zero.

14.2.2 Horizontal Deflections

Substitution of restraining moments M, to M, from the solution of Eq. (14,16}
into Eq. (14.18) gives the resultant deflection at the top of the structure.

wi’ I 4 .
F— e i g Tyt
& = SE] ‘IMr{H ;)

(14.18)
2El

14.3 OPTIMUM LOCATIONS OF OUTRIGGERS

The preceding analysis is useful in not only providing estimates of the core mo-.
ments and horizontal deflections. but also allowing an assessment of the oplimum:
levels of the outriggers to minimize the horizontal wp deflection, IThis is nch‘mv:d:
by maximizing the drift reduction [i.e.. the second term on the right-hand side of
Eg. (14.18)]. .

[ustrating the procedure by continuing to consider the two-cutrigger structure,
the secand term of its deflection equation [Eq. (14.15)] is maximized by differ-
entiating with respect first 10.x;, then to x,, thus

o v ol
G LB s ;3}%;-* oM =0 (14.19)
and
s 2 dM 2 B
(H" - .r',}E:! + (H" — x3 Ex“ —2nM, =0 (14.20)

in which dM, /dx,. dM. /dx,. dM, [dxs. and dM, /dx, are the derivatives of My
and M, from Egs. (14.12) and (14.13), respectively, with respect to x, and Xy
Substituting for M, and M- and their derivatives, Egs. (14.19) and I:IJ?«.EII}! can be
solved simultaneously for the values of x, and x, that define the optimum levels
of the outriggers. The solution of Egs. {14.19} and {14.255!1 is, obviously. complex:
therefore, a numerical method of solution by computer is necessary.

In the complete expressions for Eqs. (14.19) and (14.20). the struclural prop-
erties were expressed initially by parameters § and §,. as defined by Egs. (14.10)
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and (14.11). Equations (14.19) and (14.20) can be rewritten in terms of more
meaningful nondimensional parameters « and 3. which represent the core-lo-col-
umn and core-to-outrigger rigidities, respectively, as follow

El
= TEA (42770 3
: (EA)_ (d°/2) (14.21)
and
b (14.22
(El), H 22)

It is then possible to simplify Eqs. (14.19) and (14.20) further by combining o
and 3 into a single parameter w. as defined by

i

aTY P (14.23)

The parameter w, which is nondimensional. is the characieristic structural pa-
rameter for a uniform structure with flexible outriggers. It is useful in that it allows
various aspects of the behavior of outrigger structures to be expressed in a very
concise form,

It may be deduced from Eqgs. (14.21) to (14.23) that, with all other properties
remaining constant, there is a reduction in w as the outriggers’ flexural stiffnesses
are increased. and that w increases as the axial stiffnesses of the columns increase,

Equations (14.19) and (14.20) may be solved 1o find the optimum outrigger
levels. | and 2. for a range of values of w. 10 give the resulis plotied graphically
in Fig. 14.6b. Thus, for any uniform two-outrigger structure having specified
member properties, w may be calculated and Fig. 14.6b used to determine the
opltimum locations for the outriggers in order 1o achieve minimum drift.

The deseribed procedure leading to the resulis plotied in Fig, 14.6b for a two-
outrigger structure has been repeated for one-. three-, and four-outrigger struc-
tures. The graphs showing the optimum outrigger locations are given in Fig. 14.6a,
v, and d. respectively.

14.4 PERFORMANCE OF OUTRIGGER STRUCTURES

Although the method of analysis for uniform structures presented earlier is useful
in estimating the forces and drift for preliminary design. it is of further value in
providing general information about the most efficient arrangement of the struc-

ture. This guidanee relates particularly to the appropriate number and location of
the outriggers, as follows.
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14.4.1 Optimum Locations of Outriggers

Considering, for purposes of companison, hypothetical structures in which the oul-
riggers are flexurally ngid (i.e., with w equal 1 zero) the curves in Fig, 14.6a-d
may be interpreted 1o yield simple approximate guidelines for the location of the
outriggers to minimize the deflection: the outrigger in a onc-outrigger struciure
should be at approximately half-height; the outriggers in a two-outrigger structure
should be at approximately one-third and two-thirds heighis: in a three outrigger
structure they should be at approximaiely the onc-quarter. one-half, and three-
quarters heights. and so on. Generally, therefore, for the optimum performance
of an n-outrigger structure. the outriggers should be placed at the | /(o + 1)
2/(n + 1), uptothe n/(n + 1) height locations,
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In any uutriggcr system it 1s, perhaps unexpectedly. structurally inefficient 1o
locate an outrigger at the top. and it should only be done when other reasons (e.g..
a plant floor located at the top) prevail,

. ll‘ldl:?i it has been shown [14.1] that a structure with # optimally located ou-
riggers is almost as effective in its lateral resistance as the same structure with an
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additional outrigger at the top. In a uniform structure, the lowest outrigger always
induces the maximum restraining moment. with the outriggers above carrying suc-
cessively less. In an optimally arranged structure. the moment carried by an out-
rigger ranges from one-half to two-thirds that carried by the outrigger below. How-
ever. in an oplimally arranged structure. but with an additional outrigger at the
top. the top outrigger carries approximately one-sixth of the moment of the out-
rigger below. This illustrates clearly the inefficiency of including a wp outrigger.

14.4.2 Effects of Outrigger Flexibility

In real structures, the flexibility of the outriggers makes it necessary to modify the
above guidelines. The curves in Fig. 14.6a-d show that the larger the value of
{i.e., the more flexible the outriggers) the further up the struciure the set of out-
riggers must be located in order to minimize the drift. The relative intervals be-
tween the outriggers and the top. however. remain approximately the same.

14.4.3 “‘Efficiency’’ of Outrigger Structures

A useful measure of the effectiveness of an outrigger system in reducing the free-
standing core’s lateral deflection and base moment is to express the resulting re-
ductions as percentages of the corresponding reductions that would occur if the
core and columns behaved fully compositely. Fully composite action implies that.
in overall flexure of the structure, the stresses in the vertical components are pro-
portional to their distances from their common centroidal axis. with the structure
having an overall flexural ngidity equal to

(EA) d*
(El), = -T" + Ef {14.24)

It has been shown [14.2] that the percentage efficiencies for both drift and base
moment reductions can be expressed in terms of w. These are plouted for one- to
four-outngger structures in Fig. 14.7a and b, respectively.

Considering the one-outrigger structure with a flexurally rigid outrigger, the
maximum efficiency in drift reduction is 87.5%, and the corresponding efficiency
in core base moment reduction is 58.3%. For two-, three-, and four-outngger
structures, the respective efficiencies are 95.5%, 70.3%: 97.8%, 77.1%: and
98.5%. 81.3%. Evidently, for structures with very stiff outriggers (i.e., with low
values of w) there is little to be gained in drift control by exceeding four outriggers,
hence the reason for the graphs being plotted for up to only four outriggers.

The optimum outrigger arrangement for the maximum reduction in drift does
not simultaneously cause the maximum reduction in the core base moment, For
this, the outriggers would have 10 be lowered 1oward the base.

In cases where drift control is not critical, the design emphasis could change to
controlling the core moments by lowering the levels of the outriggers until the drift
limitations are just satisfied. Such a refined consideration of the structure is rarely
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Fig. 14.7 (a) Efficiency in drift reduction: ib) efficiency in moment reduction.
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possible in practice. However, the designer’s general appreciation of how various
factors influence the performance of an outrigger structure should lead 1o his mak-
ing a better choice when altemnative outrigger arrangements are possible.

14.4.4 Alternative Loading Conditions

Analysis of oulrigger braced structures subjected to a triangular load distribution,
with ils apex at the base, and a concentrated top load have also been made. These
are useful for considering graduated wind loading and static equivalent earthquake
loading. [14.3],

It was deduced that the *“minimum top dnft”” optimum levels of the outriggers
for the triangular loading were only slightly higher than those deduced for uni-
formly distributed loading. The optimum levels for the concentrated top load were
slightly higher than those for the triangularly distributed loading.

Considering that wind loading distributions are usually in the form of a trape-

zium, consisting of superposed uniform and triangular loading distributions, and
the static equivalent earthquake loading is usually given as a iriangular distnbution.
with a relatively small concentrated load at the top. it may be concluded from the

above observations that the **minimum top drift”” optimum levels may reasonably
be taken as approximately those obtained for uniformly distributed loading.

SUMMARY

A compatibility method of analysis for the forces and deflections in uniform out-

rigger-braced structures subjected to uniformly distributed lateral loading is pre-

sented. Taking as an example a two-outrigger structure, the rotation of the core at
each outrigger level (derived from the distribution of moments in the core) is
matched with the rotation of the *“inboard”" end of the corresponding outrigger
{derived from the axial deformation of the columns and the flexure of the outrig-
ger). The resulting compatibility equations are solved to give the outrigger re-
straining moments. From these. the core moment diagram, the outrigger moments,
and the column axial forces may be determined. The horizontal deflections of the
structure are then obtained from the core moment diagram by, for example. the
moment-area method,

The method of analysis presented for a two-outrigger structure can be cxiended
10 structures with other numbers of outriggers, leading by induction 1o generalized
equations for the restraining moments and horizontal displacements.

Optimum levels of the outriggers for minimum top drift are cbtained by maxi-
mizing the drift reduction caused by the outriggers, These are plotted as a function
of a nondimensional relative stiffness parameter w. for structures with up 1o four
outriggers and with variable stiffnesses of the core and outrigger system. The ef-
ficiencies of uniform-with-height outrigger structures are assessed with regard 1o
drift and core base moment reductions. These are plotied as functions of w for
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slructures 'ﬂ-':llh one to four outriggers, and for outrigger systems of varying stiff-
NESS propeiies.,

The optimum levels of outriggers for the minimum drift of structures subjected
to @ tnangularly distributed load. with its apex at the base, are slightly higher than
for structures subjected to a uniformly distributed load, while the optimum levels
In structures subjected 1o & concentraled 1op load are slightly higher again,
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BN CHAPTER 15

Generalized Theory

Reviewing previous chapters on the various forms of high-rise structure. it can be
stated in general that high-rise buildings resist honzontal loading by stlf-inplane
bents such as shear walls, coupled walls, ngid frames, and verical trusses. As the
structure defiects horzontally. the column or wall ““chord™™ members of each bent
interact with the transversely connecting girder, slab. or brace ""web™ members
of the bent. The chord and web components resist the external moment and shear,
respectively.

It has been shown elsewhere [15.1, 15.2] that the vanious types of lateral load
resisting bents described above may be considered 1o be members of a family of
cantilever structures that, when subjected to transverse loading, defleet with dif-
ferent amounts of Aexoral and shear mode responses.

The fAexural response consists of a combination of overall bending of the total
assembly . due o axal deformations of the vertical members. with single-curvature
bending of the vertical members. The shear response is a frame-racking acuon due
to deformation of the web members. In braced frames the racking results from
axial deformation of the braces and beams. in coupled walls it is due 10 double-
curvature bending of the connecting beams. and in rigid frames it results from
double-curvature bending of the columns and beams.

Consider three extreme examples of shear-flexure behavior: a tall braced frame
adopts a primarily Aexural shape (Fig. 15.1a and b), due mainly 1o axial defor-
mation of the columns. with a relatively small shear component from racking: at
another extreme. a medium-rise rigid frame deflects in @ mainly shear mode due
10 double-bending of the members (Fig. 15.2a and b): in a third extreme case. of
a pair of shear walls with a system of very flexible coupling beams. the walls
deflect independently in a flexural mode. with virmually no composite action (Fig.

15.3a and b). In practice. the typical coupled wall usually adopts an intermediate
combined shear-flexure mode with a Aexural configuration in the lower region and
a shear configuration in the upper (Fig. 15.4a and b). Theoretically. however,
depending on the relative stiffnesses of the walls and beams. the coupled wall is
capable of behaving in one of the three extreme ways described above, and in any
number of intermediate positions with different proponions of flexural and shear
mode behavior, For this reason the coupled wall may be considered as the generic
high-rise bent, and coupled-wall theory as a generalized theory for shear-flexural
cantilevers.

arz
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Fig. 15.1 (a) Lateraily loaded tall braced frame: ib) fAexural mode of deflection,

I ih_.ﬁhnwn in this chapter how coupled-wall theory may be used to estimate the
deflection behavior of individual shear-fiexure bents of different types, and how
the theory may be extended to represent approximately the behavior of multibent
structures that combine different types of bent.

15.1 COUPLED WALL THEORY

Referring to Fig. 15.5a. it can be shown that the deflection profile of a coupled
shear wall subjected 1o a uniformly distributed horizontal load is governed by the
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Fig. 15.2 (a) Laterally loaded rgid frame: (b) shear mode of deflection,
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differential equation

where

dy vy wl (k= 1) a7
w2 X o2 = (ke ——= 15.1
e { kee ) v E.fl] (ke ) i {15.1)
o = 1;_‘.';}‘;' (15.2)
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Fig. 15.4 (a) Coupled shear wall struciure;
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Considering in Fig. 15.5b a story-height segment of the coupled wall, and rep-
resenting the racking rigidity of the coupled wall by the symbol (GA), it can be
shown that

Oh  12EI1°
= oem—— = q.
(GA) 3 AN {15.6)
Substituting from Eq. (15.6) into Eq. (15.2) gives
5 A
o¥ = LE4) (15.7)

Ef

The parameter e indicates the ratio of the shear ngidny of the bent 1o the sum of

the flexural ngidities of the walls.

Assuming boundary conditions of zero displacement and inclination at the base,
and zero external moment and shear at the top. the solution 10 Eq. (15.1) leads 1o
an expression for the horizonial displacement at a distance x from the 1op of the

structure:;

.i.}=£[1“1£)+¢ _)
MWUETEE IR TRl T A

" cosh kee(H — x) — | — kaH (sinh ke H — sinh kex)
(ke H )’ cosh ke H

I - [x,fH]:
2kaH )

Z [15.8)

A physical interpretation of this equation is made easier if. instead of writing it
in terms of /. the sum of the individual wall inertias. it is written in terms of the
gross moment of inertia /. of the bent. as though the structure behaved fully com-

positely. where

LSl FVR
k= k*

I, =1+ Z Ac} (15.9)

in which A, is the sectional area of wall i, and ¢, is the distance of the centroid of
wall i from the common centroid of the wall sectional areas. Now

_ _ad
b and o = a3 (15.10)

Substituting these into Eq. (15.9) gives

ik B (15.11)
A A
o A0S (15.12)

A
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which, after substituting from Eq. (15.3), gives

k= 1)

i 'fl. A':

(15.13)

Substituting this into Eq. (15.8) gives the deflection equation in terms of the gross
moment of inertia /,. thus

a1 ; 3 :
1-[.]:2-}’.—{‘1_1(.1)+_I_<-L) 4.._I__ l_‘—irﬂ
£, (|8 " 6\n/ " ua\n 6 = 1) | 20kakt)
i cosh dalH — x) = 1 — kaH (sinh kel — sinh keva )
(ke )" cosh ko H

(15.14)
By rearranging Eq. (15.13) and substituting from Eq. (15.9) it can be shown that

B (15,15
}_IEA: r,

L

dcmups_trat'rng that k depends on the ratio of the sum of the walls® individual flex-
ural rigidities 1o the overall flexural rigidity of the walls associated with their axial
deformation.

Equation (15.14). which describes the deflection of the coupled wall. is written
in terms of three independent. nondimensional parameters, al. &, and x/H. The
ﬁ_ss_t nf these parameters expresses the relative racking shear and individual-Aexural
n gu:lun::s.uu!r t_he structure. the second expresses the relative overall- and individual-
flexural nlgnduics. and the third represents the level of the deflection. In Eq.(15.14)
the function in the braces. which is written in terms of the parameters, contml;
the shaar—ﬁixurr: deflected shape of the siructure, while the term preceding the
braces, whH /El.. which refers to the size of structure and value of the loading
controls its magnitude, l

15.2 PHYSICAL INTERPRETATION OF THE
o Pled DEFLECTION

An inspection of Eq. (15.14) shows it 1o colsiter .
parts that, whe
separately. reduce its apparent complexity. The first par a4
: il’H‘ I | X 1 X -
M) =2 s'E(E *5lg (15.16)
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is the deflection equation for a flexural cantilever of ngidity Ef, subjected to a
uniformly distributed load of intensity w. The second pant of Eq. (15.14)

s 1 = (x/HY
vlx) = it - ! / - (15:17)
' El, k=1 2(kaH)

is less easily identifiable. By substituting for /, and «° from Egs. (15.13) and
i15.7). however, it can be shown thai
X 1
L= |l == 15.18

For structures with axially very suff columns. for which [.. the gross inenia. is
large relative 1o /. the sum of the individual inerias, the value of & may be seen
from Eq. (15.15) o be approximately unity. Then Eq. (15.18) becomes

() = 2
W= B 3o

wH? | :
vix) = H‘m”s - (j—i) ‘ (15.19)

which is the deflection equation of a shear cantilever of rigidity { GA ) subjected to
a uniformly distributed load w.
The remaining parnt of Eq. (15.14)

A
Y=o )El,

‘ [mﬁh ka(H = x) = 1| = kaH(sinh keH — sinh .ka.r]-‘
(kaH)' cosh kaeH :

{15.20)

cannot be explained so simply. but it expresses the cffect of the walls® axial de-

formations on the shear interaction between the walls.

15.3 APPLICATION TO OTHER TYPES OF BENT

The above theory, which was developed with reference 1o the deflections of a
caupled wall bent. represents in essence the behavior of a cantilever that deforms
by vanable amounts of overall Alexure, single-curvature flexure of the verical ele-
ments. and racking shear. A consideration of other types of bent. for example,
braced frames, rigid frames. and wall-frames. shows that these oo can be per-
ceived in similar terms. Therefore. it is evident that the theory developed for cou-
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pled walls should apply also 1o other types of bent. Swudies have shown that the
coupled wall theory can indeed be applied in a generalized way o other types of
shear-flexure cantilever bents [15.1. 15.2]. This is achieved by determining for
the particular bent the values of the rigidities £/. £ EAc’. and (GA). using pro-
cedures appropriate to the type of bent. in order to obtain the values & i and & for
substitution in the deflection equation [Eq. (135. 4]

15.3.1 Determination of Rigidity Parameters

The determination of the rigidities is made for different ypes of bent as follows:

S:_m_r of the Individual Flexural Rigidities EI. In most of the types of beni
this is obtained by summing the individual flexural rigidities of the columns, shear
walls. and cores. That is,

Ef = EI (columns) + Ef (walls) + Ef{cores) (15.21)

Braced frames are an exception to the way that E7 is evaluated in that, if the
story-height column segments are not continuous at floor levels, their moments of
inertia are effectively zero, causing & and aH to have unit and infinite values,
respectively. Because these values cannot be used satisfactorily in Eq. (15.20), it
i1 recommended for the columns that a nominal nonzero value of f be used equal
0. say. 0.001 L Ac*. This will yield from Eq. (15.15) a value for k* of 1,001 and
from Eq. (15.7) a fictitious but conforming large value of a M. Using these two
values in Eq. (15.14) will give practically the same results as those for the limiting
case in which [ 15 zero,

Sum of the Axial Flexural Rigidities, T (Ac?). This is obtained for & cou-
|:!1ed wall, rigid frame. and braced frame by finding first the centroid of the sec-
tional areas of the columns and walls of the bent, and then taking the sum of their
second moments about the common centroid, that is

#i

P 0 Tl R bt S (e S ol i TP Al (15:22)

in which A, is the sectional area of column or wall i, and ¢, 1s the distance of the

centroid of column or wall { from the common centroid of all the columns and
walls.

Racking Shear Rigidity (GA). The racking shear rigidity is the propeny whose
method of determination is the most panticular to the type of bent. It is dependent
on the deformations of the web members as the structure racks under the action of

ul;cta:. The methods of determining (GA ) are summarized below for va rious 1ypes
0 ni.
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Coupled Walls (Fig. 15.5a). The rucking rigidity is dependent on the double-
curvature bending of the connecting beam, and is given by Eq. (15.6)

12117

(Gd) = b

Rigid Frames (Fig. 15.2a). The racking rigidity of rigid frames is related to the
double-curvature bending of the columns and girders and is given by

12E

1 |

e + -
Wz G)
in which C = £" [, /h for the n columns in a story of the bent. and G = £" ' 1, /L
for the n = | spans in a floor of the bent.

(GA) = (15.23)

Braced Frames. The racking rigidity of a braced frame 15 usually dependent on
the axial deformations of the braces and girders. In cenain types of frame, how-
ever. the racking rigidity also involves bending of the girder. The shear rigidities
of some of the more common types of bracing can be derived from the deflection
formulas for braced frames, given in Table 6.1, in conjunction with Eq. (15.6).
Referring to the figures in Table 6.1:

1. Single-diagonal bracing

dt L
EGA}:E}’/(EE-FH_F) (15.24)

2. Double-diagonal bracing

d."
- 5L §5.25
(GA) zzﬁ/(L_Ad) ( )
3. K-bracing
24 L
- o . ) 5.2
(GA) &/(L’Au"ﬂg) (15.26)

4, Story-height knee bracing

d" Moo L= 2m)
- 3 L, gl e O (15.27
(GA) E‘/' In'Ay 24, T 12LL ‘ ]
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3. Offset diagonal bracing

ot i (L =2m) I'm'
(L = 2m) A, A, Sk

[GA) = EN [ ] {15.28)

When the E/. £ Ac”. and ( GA) properties have been determined for a particular
h:rll, they are used to determine the characteristic nondimensional parameters of
the bent, thus

L (GA)
all = H, J (15.29)
and
k= (] + :
\IEPPE {15.30)

15.3.2 Calculation of Deflection

Hav'Eng determined e and  for a bent, the deflection at a level x from the lop is
obtained by substiuting the values of o 4. k. and ar in Eg. (15.14). )

It is possible also 10 determine the story drifi & at a level i in the struclure by
using

. i
il (h E) (15.31)

in which A, is the height of story i and (dv/dx), is determined from the first de-
rivative of Eq. (15.14).

| =
dy _wH L ol fiay 1 -x/H
ax ) = E!F{ 6+ﬁ(ﬁ =1 [ {kaH)

i —sinh ka(H — x) + ko cosh kex (£
{kaH}a cosh koM (12780

Cenain actions, such as wall moments and shears and hence frame moments and

shears, can be determined also, by using the second and third derivatives of Eq.
(15.14) [15.3].

15.4 APPLICATION TO MIXED-BENT STRUCTURES

When a number of parallel bents are combined in 4 building structure that 15 sym-
metric on plan about the axis of loading. the bents are constrained by the inplane
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rigidity of the slabs to deflect identically. If the bents are of different types. it may
be assumed that each individual bent, of whatever type. acts as a shear-flexure
cantilever with the characteristics of a coupled wall. The total structure may be
considered. therefore. as a set of mutually constrained coupled walls. A rigorous
continuum analysis of such a combination of different coupled walls is too complex
to allow a practical solution and. therefore. an approximate approach to a solution
is necessary. The proposed method has been used for the analysis of a wide variety
of mixed-bent structures, and comparisons with finite element analyses have shown
it 1o be reasonably accurate.

The continuum approximate method involves using the stiffness parameters of
the individual bents to determine the overall parameters «ff and & for the total
structure. and then applying the deflection solution [Eq. (15.14)] for a single cou-
pled-wall bent 1o obtain the deflections of the total structure. It is implicit in the
process of calculating the overall aH and k values that a structure. such as that
shown in Fig. 15.6a and b, is modeled by first reducing the bents to a set of
equivalent single-bay coupled walls having an arbitrarily chosen standard distance
between the walls' centroidal axes (Fig. 15.6c). The set of coupled walls is then
considered to be lumped into a single coupled-wall bent (Fig. 15.6d) 10 which the
single coupled-wall theory. as presented carlier in the chapter. may be applied.

The procedure for evaluating the overall parameters involves finding first the
parameters Ef, (GA), and T EAc” for each individual bent, The overall structure
parameters (suffix T) are then determined from the individual bent parameters (suf-

fix B} in the following ways:
H=H bl 15.33
ST e, B

(El), = Z(EI), (15.34)

in which

and
(GA), = Z(GA), (15.35)

Shear walls that are not connected in their plane by beams to other vertical
components may be regarded as coupled walls with zero coupling stifiness. Con-
sequently, their values of EJ are included in ( £/ )¢ [Eq. (15.34)]. but their con-
tribution to (G4 )¢ [Eg. (15.35)] is zero.

The second principal parameter ky is given by

/ 2 (Kl )y
ky=| i Lt et
\/ 21\)3[.5,«-’1

(15.36)
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In Eq. {15.36). noncoupled shear walls contribute their values of E/

. 1o -
merator, but nothing to the denominator. The gross flexural rigidity il

is given by

(El,), = (El), + Z ‘ 2. u:.qfﬂ (15.37)

Having evaluated oy H, ky. and (El,) 1. they may be substituted in the deflec-

tion equation [Eq. (15.14)] to obtain the 3 i
profile of the st
nd (15:58) 0 Sttt structure. and in Egs. (15.31)

15.5 ACCURACY OF THE METHOD

tll;h:: lh;or:.r_is ha_.r.cd on the assumption that the considered structure is uniform
roughout its height, and that its discrele story-by -story armangement may be rep-

resented by a continuum. It has been found LTS 1] for the continuum representation
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that, for structures of 10 stories or more, the error in deflections due to the as-
sumption of a continuum is less than 5% . which is acceptable for most practical
purposes. For structures whose propenties reduce significantly up the height, a
uniform continuum solution would not be appropriate, If the reduction of proper-
ties over the height is not severe. a uniform continuum solution may be used.
subject to the following modifications. For shear wall or braced frame structures
with reductions in their gross £/ value of 1:} or 1:{ from the base 1o the top,
caleulate the top deflection for the uniform structure with the base propenties of
the real structure. and increase the resulting deflection by 10 or 15%. respectively.
For a typical wall-frame structure with values of w# in the range of | to 4 and
with u reduction in wall and column inertias of 1:4 or |4, increase the top de-
ficction calculated for the corresponding base-propeny uniform structure by 20 or
25%. respectively. For a rigid frame structure with a reduction in values of ( GA)
of 1:1 or 114, increase the top deflection calculated for the corresponding base-
propenty uniform structure by 40 or 50% . respectively.

In addition 1o inaccuracies caused by the use of continuum theory o represent
a discrete member structure. other sources of inaccuracy are introduced by using
a coupled wall and its theory 1o represent different types of bent. and by lumping
together various types of bent in a mixed-bent structure. Generally, the more closely
2 bent resembles a coupled wall. the more accurate the method. Coupled walls,
single-bay rigid frames. and braced frames are well represented by the theory.
Multibay rigid frames are less so. especially if the bays are of unequal width,
Generally. within a mixed-bent structure. the greater the difference between the
frec deflection characteristics of the various bents. the less well is the structure
represented by the lumped model. In a large number of test analyses of uniform
structures with a variety of practically proportioned bents having a wide range of
values of & H and k. the deflection results showed maximum discrepancies of 10%
from those obtained by finite element analyses and. in the majority of cases, sig-
nificantly less than 10%.

For 1all wall-frame structures in particular, this generalized method, which takes
the axial deformation of the frame columns into accouni. is significantly more

accurate than the basic wall-frame method given in Chapier 11. which neglects

column axial deformations. This point is illustrated. together with the general use
of the method. in the following numerical example.

15.6 NUMERICAL EXAMPLE

A floor plan of a 30-story, 375-ft (114.3-m)-high structure is shown in Fig.
15.7. A uniformly distributed load of 30 Ib/ft* ( 1.44 kN /m* ) and an elastic mod-
ulusof £ = 4.0 x 10°1b/in.* (2.76 x 10" N/m") are assumed. The five-bent
symmetrical plan includes two types of rigid frame (Bents | and [11). and a pair of
assemblies (Bents I1) in each of which a central shear wall is connected by beams
to exterior columns. The methods of calculming the parameters for the bents are
as referred to in Sections 15.3.1 and 11.2.5. The values of the bent parameters
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Fig. 15.7  Plan of example mixed-bent structure.

and the overall structure parameters are given in Table 15.1. Substituting these
parameters in Eq. (15.14) gave the deflection profile.

The structure can be categorized as a wall-frame. The approximate continuum
method developed specifically for a wall-frame in Chapter 11 does not account
for axial deformations of the columns whereas the present generalized method
does. Consequently. two cases of the example structure were analyzed: Case 1 in
which axial deformations of the columns were allowed. and Case 2 in which axial

deformations were prevented by assigning arbitrarily high sectional areas to the
columns,

TABLE 15.1 Values of Structural Parameters

El (GA) Ede”
Bent [ 2300 % 10" Etbin® 31951 - Elb 2973 % 10°- £ Ibin.’
Bent 11 7.597 % 107 - Elhin® 27458 - Elb 3260 x 10" - Elbin’
Bent 111 3.824 % 10°- Elbin’ 20849 - Flb 3992 % 0% Elbint

Tostal

(2-Bents Land It 1528 % 10" - Elbin” 139667 - £1b 16,458 x 10" - Elbin’
plus 1-Bent 111y

||IG4] 1]

- J]’ _ﬁ?rE

off = H |——L = 375 % 12 [——0 2 L g
VL&), ‘JI,SEH 10" - E il

r (El) | 1528 x 10"
k=1 + —1— = L L .
v L (EAct), \" T TR e
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2.79 (approx.) 4.0B (approx. )
2.88 (comnuter) 4,11 (computer)
!

!
!

!
F+ 0 o Case 2 4 Case 1

n

-

Flaar Lavel

— Approx. sSalution
=== Compurer result

@ H A i i
0.00 1.0 2.00 3.00 &.00 5,00

Deflection, v (inches)

Fig. 15.8 Deflections of example structure,

Finite element analyses for the structure. considered as an assembly of discrete
members. were also run for the two cases. The results of the four analyses are
shown in Fig. 15.8. The results of the approximate method are shown to compare
reasonably closely with those of the finite element analyses. and to account well
for the axial deformation of the columns.

SUMMARY

A peneralized method is presented for estimating the deflections of structures that
are uniform with height and that do not twist.

The method is based on the assumption that a tall lateral load resisting bent,
whether a rigid frame. a braced frame. or a wall-frame, can be represented in its
behavior by an equivalent coupled wall. It is also assumed that the system of
replacement coupled walls that comprises the equivalent ol structure can be rep-
resented by a single equivalent coupled wall. Coupled wall theory is then used 1o
estimate the deflected shape of the structure.

The characteristic differential equation for the deflection of a coupled wall sub-
jected to uniformly distributed loading is given, and its solution for the deflection
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shape written in terms of the gross inertia of the structure and three nondimensional
parameters o f. &, and x/H. The deflection solution is interpreted 1o show that it
consists of three pants: one that represents the effect of overall Mlexure, & second
that represents the effect of racking shear, and a third part that is related o the
interaction between the overall fiexure and the shear effects.

The methods for evaluating the stiffness parameters for different types of bent,
and their method of combination to obtain the overall structure parameters, are
given. The use of these in determining the structure deflections and story drifis is
explained,

A numerical example for a realistic tall wall-frame structure is then used to
Hlustrate the application of the method and to indicate its accuracy.
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I CHAPTER 16

Stability of High-Rise Buildings

The increasing height and greater structural efficiency of il buildings have led w
their having smaller reserves of stiffness and, consequently. stability. A check on
the effects of this reduction in stability has become an imporant pan of the build-
ing design process.

In considering stability, that of the structure as a whole, as well as that of
individual members that make up the building, must be examined. However. the
design for stability of individual columns is the same for high-rise buildings as for
low-rise structures. and this aspect is usually covered by national Design Code
requirements. This discussion on stability is, therefore, concemed with the whole
structure. or with whole stories of the structure, rather than with individual mem-
bers.

In its overall behavior @ high-rise structure resembles a cantilever column of
moderate slendemess ratio. [t differs, however. from a typical structural column,
which is essentially a Aexural element, by including the possibility of a significant,
or even a dominant. shear flexibility. Consequently. the poteniial modes of overall
buckling include not only a flexural mode (Fig. 16.1a) but, alternatively. a shear
mode (Fig. 16.1b), or, quite possibly, a combination of both these modes (Fig.
16.1c). Furthermore, these mode shapes might occur not only in transverse buck-
ling of the structure, but in torsional or transverse-torsional forms of buckling.

The total gravity load on & high-rise structure is vsually a small propontion of
the load that would be required to cause overall buckling. Consequently. the pos-
sibility of collapse in this way is remote. The more serious stability consideration
concerns the second-order effects of gravity loading acting on transverse displace-
ments caused by horizontal loading, or acting on initial vertical misalignments in
the structure. The vertical eccentricity of the gravity loading causes increases in
the transverse displacements and in the member moments. In an extreme case this
so-called P-Delia effect may be sufficient to initiaie collapse. Usually, however,
the P-Delia effects are either small and may be neglected. or of only moderate
magnitude, in which case they can be accommodated by small increases in the
sizes of the members, Neventheless, in the design of any high-rise building. it is
prudent to assess whether P-Delia effects may be significant and. if s0. to account
for them in the analysis and design.

In this chapter. metheds of analysis for overall buckling and for P-Del effects
are presented.
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Fig. 16.1 a) Flexural buckling: (b) shear buckling; (c) combined flexural-shear buckling

16.1 OVERALL BUCKLING ANALYSIS
OF F :
APPROXIMATE METHODS s

Jﬂethndln for the determination of the overall buckline load
llr'fl‘. it indicates an upper bound for the critical gmvil?-,- loud,
::::_.»sn_'-rm rj!‘ the n;Euln-c_ vulnerability of the building 10 transverse buckling or

sional buckling, und third. it may be used. in a structure for which un Apps-

imate P-Delta analysis is ; i
. s s wppropriate. o evaluate an ampliication factor § :
displacements and moments. e

are ingluded because
second. it allows an



an0 STABILITY OF HIGH-AISE BUILDINGS

16.1.1 Shear Mode

This mode of buckling occurs in moment resistant frames as a result of story sway
associated with double bending of the columns and girders. Any effects of axial
deformations of the columns are neglected in this approximate method. It is shown
in Section 16.3.5 that the story drift in a frame. including the second-order effects
of gravity loading [16.1]. can be esumated by

5% = : 5, (16.1)

| = E P|15| ."Iln| Q.l i

in which. with suffix i referring to story i, &, is the firsi-order story dnft caused by
the external shear €. P, is the gravity loading carried by the columns in the story.
and ki, is the story height. .

The loss of stability is indicated approximately by a zero denominator in Eq.
(16.1). in which case the displacement 4" becomes infinite. Then

e _ I (16.2)
g
which gives the critical load in the shear mode as
P =& (163)

It is shown in Chapier 7. Eq. (7.19). that the lateral stiffness of story i may be
writteén as

) (16.4)

a ..(1 I)
= 4 —
I ¢’

in which C, = £({_/h),. for which the summation is carried out over all columns
(of inertias /. and height k) in story i, and G, = E(/,/L),. for which the sum-
mation includes all the girders (of inentias /, and lengths L} in the floor at the top
of story {. i

Substituting Eq. (16.4) into (16.3} gives the following expression for the critical
load in a typical story i entirely in terms of the story members™ dimensions and
properties

Pl e e (16.5)
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Special consideration should be given to the first story of a frame. which. if it has

ngid base connections. can be shown from Eq. (7.20) to have a buckling load

equal to

_ 12E[1 + (€, /6G))]
m[(1/C) + (2/3G,)]

(16.6)

L

or, if the frame has effectively pinned base connections. can be shown from Eq.
{7.21) to have a buckiing load equal 1o

_ 12E
ﬁl[{‘ifrclj + Hfzaljl

'Pl. Ll

(16.7)

16.1.2 Flexural Mode

This mode presumes that the entire structure buckles as a flexural cantilever by
axial deformations of the columns. The greater the slenderness of a structure. the
more vulnerable it becomes to instability in the flexural mode as opposed to the
shear mode,

The buckling load is a function of the moment of inertia of the cantilever, which
is taken as the second moment of the column sectional areas about their common
centroid. Assuming this moment of inertia to vary in the frame from /, at the base
0 Iy(1 = ) at the top. in order to allow for the reduction in the sizes of the

columns up the height, an energy analysis with a slight modification 1o calibrate
for the uniform member case vields [16.1]

_ 71.83EJ,

Pos :
Lk, H_

(1 - 0.29743) (16.8)

where Py, is the critical total gravity load on the structure and H is the total height
of the structure.

16.1.3 Combined Shear and Flexural Modes

For cases in which a combination of shear and flexural modes may contribute to
buckling. an analogy is drawn with the case of the buckling of a vertical cantilever
with a gravity load at its top. for which the following solution exists

= A A (16.9)
Py g :
in which P, Py, and P, are the critical loads for the combined. flexural. and shear
modes of buckling, respectively.
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Applving the analogy to the case of distributed gravity leading gives

1 1 ]

B e =

— (16.10)

l“:"I'h.'r Pﬂ"l Plh

in which Py, Py, and Py, are the eritical loads in the base story for the combined,
flexural. and shear modes of buckling, respectively.

This very approximate approach is suggested as being useful for the preliminary

stages of design and for assessing the importance of the flexural mode relative to
the usually dominant shear mode of buckling [16.1].

16.2 OVERALL BUCKLING ANALYSIS OF WALL-FRAMES

Equations (16.5) to (16.10) provide very approximate cstimates of the overall
buckling load of a structure in the shear. flexure. and combined shear-flexure
modes. A more rigorous analysis for plan-symmetric. uniform wall-frame struc-
tures provides solutions for the buckling loads of frame struciures at one cxtreme.
shear wall structures at the other, and any combination of shear walls and frames.
in between [16.2. 16.3].

16.2.1 Analytical Method

The method assumes the properties of the structure to be uniform. and the applied
gravity loading to be distributed uniformly throughout the height (Fig. 16.2a).
Representing the walls collectively by a flexural cantilever. the frames by a shear
cantilever, and their connections by a stiff linking medium distributed uniformly
over the height (Fig. 16.2b). differential equations for equilibrium were formulated

Analogous
Shear Risid ¥ shear
walls T o "G rames A logous e CARL TEvEr G
flesural  — i
cantilever El e L
fr—i}
=L
> y:
= Continuous
- F#"' hinged 11nk
:j = connection
[——]
[—o
S
e e e o

i AT T
{a) (b}
Fig. 16.2 {a) Uniform wall-frame structure; (h) analogous continuam model.
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and solved to determine the critical buckling load. Solutions to these differential
equations were obtained for a wide practical range of frame-to-wall relative stiff-
nesses [ 16.3],

ﬁlthﬂugh the analyses are complex and too lengthy 10 justify presentation here,
their results permit both the transverse and the torsional critical loads of a wall-
frame structure 10 be calculated relatively simply by the procedure outlined below.

Consider the doubly symmetric structure in Fig. 16.3. in which the walls and
rgid frames are aligned with the principal X and ¥ axes.

l. Determine the totzl flexural rigidities, { E/ ). of the walls in the X and ¥
directions using. respectively

(El) = X (El) (16.11a)

(El), = X (Et), (16.11b)

2. Determine the total shear rigidities. (G A b of the frames in the X and ¥
directions using

(GA), = 2(GA), (16.12a)

(GA), = L (GA), (16.12b)

where the shear rigidity of an individual frame is obtained for a typical story
i from

" 12E
&“UC]+{UGH

(GA) {16.13)

in which C, and G, are as defined for Eg. i16.4).

_ Walls andll'r..a.mr::i that are skew to the X and ¥ axes can be uecommodited
in the analysis by including their respective components of stifiness in the
above totals,

Fig, 16,3 Plan of symmerric wiill= frme stmcie
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3. Determine the torsional rigidities (Ef ), for the walls and (GJ), for the

frames.
For the walls:
(El,), = ZELy + L Elx° (16.14a)
For the frames:
{16.14b)

(GJ), = ZGAy + L GA X

in which . is the distance from a wall or frame aligned in the ¥ direction to
the center of twist. and v is the corresponding distance of a wall or frame

aligned in the X direction.
Since torsional buckling is influenced not only by the plan distribution of

the structural components but also by that of the gravity loading. a weight
distribution parameter is required and is defined by

EPFJ
R=L-—F

in which the floor loading is represented as a set of point loads p at distances

r from the center of rotation.
4. The transverse and torsional stiffnesses obtained from Eqgs. (16.11). (16.12),
and (16.14) are then used to obtain the following transverse and torsional

characteristic parameters:

(16.15)

(G, {16.16a)

L (16.16b)

{crH}_,' =H (ED)

(GJ),
(EL,),

(aH), = H

5. The three parameters (& H ) above are used 1o find the corresponding coefs
ficients 5,, 5., and 5, from Table 16.1. that enable the calculation of the

critical loads.
The critical gravity loads for transverse buckling are given by

Puu.'r.'l. H: o []E']Tﬂ]
s [Er)
—_— (16.17b)

S —
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(16.16¢)

TABLE 16.1  Coelficients Sov Ko b For Wall- Frume Instability |Kel. 16,3

el & L A il S e aff SN
0.00 7.84 3.40 36.4 6.80 97.0
0.10 7.60 1.50 17.8 6.90 99 2
63 i % pi o \Gits
0.40 8.33 3.80 423 ;';g :3::
0,50 8.61 3.90 438 7.30 108, 1
(1.6 8,94 4.00 45.3 7.40 I mlal
0.70 9,28 410 46.9 7.50 12,7
(AN} 9,74 4.20 48.5 Tl'ﬁﬂ II;{I
0.90 103 4.30 50.1 7.70 117.4
100 10.8 440 $1.7 7.50 119.7
110 1.4 4.50 533 7.00 122,
:;au“ ::; 460 55.0 8.00 1246

¥ 5 4.70 56.7 §.10 127.0
.40 135 4.80 58.4 8.20 120.5
1,50 14.3 490 60. | §.30 132.0
1.60 5.2 5.00 61.8 8.40 134 5
1,70 16.1 3.0 636 B.50 H‘.-'II
180 17.0 5.20 65.4 8.60 1396
1:50 18.0 5.30 67.2 8.70 1422
200 :;.g 5.40 69.0 8.80 1448
2.1 20, 5.50 10.9 8.90 1475
:.;u 201 5.60 728 9.00 150.2
:._.tg 22 570 747 9.10 152.8
240 5:.4 5.80 76.6 9.20 155.6
230 2.6 5.90 78.5 9.30 158.3
280 5.8 6.00 80,5 9.40 1611
270 7.0 6.10 82.5 9.50 163.8
240 EE:, 2.30 84.5 9.60 166.7
) 29, 30 86.5 9.70 169.5
.;.:lkn} 09 6.40 88.6 9.80 1723
1 32.2 6.50 90.6 9.90 175.2
3.20 316 6.60 92.7 10.00 178, 1
3.30 35.0 6.70 94.9 ‘ '

and the critical gravity load for torsional buckling is given by
-TufE.l".jl
et = _R_'T"" I‘Tﬁ. |7E}

T}_Lcsc critical loads will be shown to
plification factor 10 give an estimate o

be useful also for evaluating an am-
I the P-Dela effects.
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Z.Em: F :E.Brl
| 20 stories @ Sm=80m

—']— Cotumis: 0,.8x0.4a

Girders: 0, 3=0.6=
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Dead. Toad+ 11ve load = 10 kN/m?

Fig. 16.4 Plan of cxumple stnicture,

16.2.2 Example: Stability of Wall-Frame Structure

Figure 16.4 shows the doubly symmetric plan of a 20-story, 80-m-high, reinforced

concrete building consisting of shear walls and rigid frames. It is required to de-

termine the magnitudes of the gravity loading that would cause lateral buckling
and torsional buckling of the structure,

Member Properties

0.3 x 4°
— = 1.6 m’

Inertia of a single wall about its strong axis T

0.4 = 0.4°
12

0,002 m”

[
1

Ineriia of a single column

0.3 x 0.6
12

-

0.005 m*

Inertia of a girder

[

Modulus of elasticity E = 2.5 x 107 kN /m’

Translational Parameters. Because the structure is symmetric and identical
in plan abouwt its X and ¥ axes, only one direction of transverse buckling will be
assessed. Considering X-direction buckling, assume the two walls and two frames
aligned in the X-direction resist buckling, with a negligible cantribution from the
Y-direction components.

For the walls:

(E1), (2 walls) = 2 x 2.5 % 10" x 1.6 = 8.0 x 107 kN’

6.2 OVERALL BUCKLING ANALYSIS OF WALL FRAMES a7

For the frames:

{GA) (2 frames) = 2 x £
all1/ey + (1/6)]
where
A3 % 0,002
C= %= 22225 = 00015
' 4
A 2 % 0.005
T i AL B
--.AL 0 0.001
2% 12 %25 x 107
(GA) (2 frames) = = 90000 kN
4[(1/0.0015) + (1/0.001)]
Then
(GA) 9.0 % 10
{ﬂH:I = fH [|' F - 0. |—— e
' N (ED), T

Torsional Parameters. Torsional buckling will be resisted by the four walls

and four frames acting in their planes and rotating about the center of the structure.
For the walls:

(EL) = 2(El), x* + 2(El) &*

=25 % 107(2 x 1.6 x 2.8° + 2 x 1.6 x 2.8%)

= |25 % 10" kNm*
For the lrames:
(GJ) = 2(GA) ¥* + 2(GA) &*
= 90,000 x 107 + 90.000 x I0° = 1.8 % 10" kNm®
Then
GJ) “ 7
[aH}ﬂ a H (1 IIP.E X lﬂ ,E

-8 [———— =
*JiEr‘,}‘ V1.25 x 10

E‘I"e:‘ght Dfsmhu_ﬁan Parameter. Dividing the floor plan at a typical level inte
'.S‘ 4m x 4m regions. cach carrying 160 kN gravity load, and taking the distunce
from the center of each region to the center of the structure as r.

pr’ =256.000 kNm® and  2ip = 25 X 160 = 4000 kN
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Hence

2prt 256,000 .

e >..p = 40000 =0

For the gravity Toadd teocouse lateral buckling, P The value (af ), = 2.68 1

Table 16.1 gives by interpolation s, = 26.8. Then

s(EF), 268 x 8.0 x 107
Poin = T 0 = 33.5 x 10' kN

Because of symmetry, the crtical load for lateral buckling in the ¥ direction Py,
will be identical.

Forr the graviny fovd 1o cawse torsional buckfing. P, 0 The value (aH ), = 9.6
in Table 16,1 gives s, = 166.7. Then

solEL) 166.7 % 1.25 = 10°
P = = — s = 50. e
i RH" X 80° 0.9 = 107 kN

The aciual maximum value of the total loading over 20 stories is
P, = 20 x 4000 = 8.0 x 10" kN

which leaves adequate margins of safery against overall buckling in both the trans-
lational and torsional modes.

16.3 SECOND-ORDER EFFECTS OF GRAVITY LOADING

16.3.1 The P-Delta Effect

A first-order computer analysis of a building structure for simultaneously applied
gravity and horizontal loading results in deflections and forces that are a direct
superposition of the results for the two types of loading considered separately. ﬁnjw
interaction between the effects of gravity loading and horizontal loading is not
zccounted for by the analysis.

In reality. when horizontal loading acts on a building and causes it to drift, the
resulting eccentricity of the gravity loading from the axes of the walls and columns
produces additional external moments to which the structure responds by drifting
further. The additional drift induces additional intemnal moments sufficient to equi-
librate the gravity load moments. This effect of the gravity loading P acting on the
horizontal displacements A is known as the P-Delta effect.

The second-order P-Del additions! deflections und moments are small for typ-
ical high-rise structures, with a magnitude usually of less than 5% of the first-order
values. IT the structure is exceptionally flexible. however, the additional forces
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might be sufficient to require consideration in the members® design, or the addi-
tional displacement might cause unacceptable total deflections that require the
structure 10 be stiffened. In an extreme case of lateral Aexibility combined with
exceptionally heavy gravity loading, the additional forces from the P-Delia effect
might cause the strength of some members to be exceeded with the possible con-
sequence ol collapse, Or, the addivional P-Delta external moments may exceed the
imermal moments that the structure is capable of mobilizing by drift. in which case
the structure would collapse through instability. Such failures would occur at grav-
ity loads less than the critical overall buckling load predicted in the previous sec-
TEOT,

Although a translational P-Delta effect is the most obvious case to consider,
wrsional P-Delta mode is possible and should also be assessed. The torsional mode
occurs when a building twists, and its walls and frames displace a1 each floor about
some center of rotation. As a result the gravity loading. which is distributed over
the building plan, is vertically misaligned with the axes of the resisting elements
causing, in effect. an additional torque. The building responds by twisting more
until the additional internal resisting torque and the extermal P-Delta torque are in
equilibrium. Since the P-Delta torque and the torsional resistance of the structure
depend on the plan locations of the gravity loading and of the walls and frames,
these locations must be included in the parameters of a stability analysis. The more
widely dispersed the vertical bents are from the center of rotation. the more effec-
tive they are in resisting torsion and the P-Delta torsional effects.

The methods of P-Delta analysis to be described include the following: a very
approximate method in which a constant amplification factor is applied to all the
results of a first-order analysis. a more accurate method involving an iteration of
the first-order analysis with the primary lateral force augmented by increments
whose effects are equivalent to those of the gravity loads. a second iterative method
in which the gravity loads are applied to the laterally deflecting struciure. then 4
so-called ““direct”™ method for rigid frame structures in which iterations dre avoided
by making a direct second-order adjustment of the displacements and moments,
and. finally. two methods in which the structure is modeled so that a stiffness
matrix analysis incorporates both the first-order and second-order effects.

16.3.2 Amplification Factor P-Delta Analysis

It has been shown [16.4] for a vertical cantilever displaced laterally by a uniformly
distributed horizontal load that the addition of a concentrated vertical load P al the
free end of the cantilever (Fig. 16.5a) increases the horizontal displacements by
an amplification factor F, where

|
F—m (16.18)

in which P, is the concentrated vertical load at the top to cause buckling of the
cantilever.



400 STABILITY OF HIGH-RISE BUILDINGS
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Fig. 16.5 (a)} Cantilever with lateral and concentrated axil loading: (b cantilever with
lateral and distributed axil loading.

The final displacements A® are given, therefore. in terms of the initial displace-
ments A by

1
A —Fﬁ-mﬂ (16.19)

Since the amplification factor is a constant over the height of the structure sub-
jected to load P, the increase in deflection is proportional to the initial displace-
ments at all levels,

Extending the amplification factor method to the tall building structure in which

the gravity loading is distributed throughout the height (Fig. 16.5b). P is replaced

by Py, the total gravity load, and P_, becomes Py, the overall buckling load, 50
that the equation for the total drift is taken to be

I
"1 = (Py/Poy)

-

i} (16.20)

The P-Delia effect causes an increase not only in drift but also in internal mo-
ments. Therefore an initial set of moments M in a structure, calculated by a firsts
order analysis, would be increased by second-order effects to a set of final moments
M*, where

=TT (16.21)

Mi’

An analysis of the total drift and moments in the structure at the limit state
under considerstion would require:
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I. a first-order analysis of the structure for the factored horizontal loading only:

- the evaluation of the amplification factor. using the factored gravity loading
and the critical buckling load obtained either from an approximate method,
using Eq. (16.5). (16.8). or (16.10). or from a more rigorous analytical
method. using Egs. (16.17).

3. increasing the drift and moments in the structure. resulting from the hori-
zontul loading first-order analysis. by the amplification fuctor derived in (2 );
and

4. adding the results of (3), for horizontal loading, o the forces in the structure

determined for gravity loading.

[

The above procedure should be used 1o assess the P-Delta effects about the two
major bending axes of the structure as judged necessary for each of the directions,
To assess the torsional P-Delta effects on the structure, the same procedure can be
used with a torsional amplification factor applied to the forces and displacements
caused by torgue. The value of Py, to be used for orsion should be determined
from Eq. (16.17¢).

16.3.3 Iterative P-Delta Analysis

In cases of heavy gravity loading or of a flexible structure. the accuracy of the
amplification factor method deteriorates and it becomes necessary 1o use 4 more
accurale, second-order, method of analysis. In the iterative second-order method,
an initial first-order analysis of the structure is made with the external horizontal
loading. The resulting horizontal deflections are then used in conjunction with the
gravity loading to compute at each floor level an equivalent increment of horizontal
load. This increment is added to the initial horizontal load and the analysis is
repeated. The resulting increased deflections are then used in conjunction with the
gravity loads to compute another set of equivalent horizontal increments, which
again are added to the initial horizontal load for a reanalysis. The iterations are
continued until increases in the deflections become negligible.

To determine the increment of honizontal load with an effect equivalent 10 the
cceentric gravity load, consider first a single-story column (Fig. 16.6a) collectively
representing the vertical structural components in story ¢ of a multistory structure.
The horizontal loading on the structure. with a shear , in story 7. has caused a
story drift 8,. Assuming the column to be straight over the story height. therefore
neglecting any effects due to its bending. the total gravity load P, carried by the
columns and walls in story i with an eccentricity §,, causes an additional moment
at the bottom of the column equal to P&, (Fig. 16.6b).

The equilibrium of the column could be produced aliematively by replacing the
vertical load P, by an additional increment of shear having the same moment at
the column base (Fig. 16.6¢), that is,

E‘Q{ﬂg - P}'ﬁ} :lﬁ.zzl
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a'|
H Q iy
| where £0, =P §

hy

D1hI+F1d1

1 -3 {e]

Fig. 16.6 (a) Column deflected by shear: (bY axial load added o column deficcted by
shear: (0) equivalent augmented shear.

from which the equivalent increment of shear is given by

_P
..

50, (16.23)

Consider now the resultant effect of the shear increments in succcs.-fivc .v.lnurriéz.l'_,:E
{Fig. 16.7). The increment of shear at the top of story i. and the opposite shear at

A 1]
1 1# 1
Level 1+1-!—||—- e -.--"‘dH..+'|
Mgt .\.
: ] a 521-”
Level 4 -l—-vl =, E1 E‘H, 501'P1[h1- 31 _1j
| 2
h |
¥ 1 l 6#1-6:!1—{.0”1
Level 1-1 __-.1—1 E“'|—'|
h1 =1 ‘
L. * .
Level -2 1:",'14'

Fig. 16.7 Equivalent addiional lateral load ar sucoessive floor levels.
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the bottom of the story is given by
P
80, =7 (8, - 4,,) (16.24)

The resultant additional increment of horizonial load 1o be applied at floor level ¢
15 then

oH, =60 - 60, ., (16.25)

This increment is added to the original horizontal load at level i for the next re-
analysis, as described earlier,

It can be shown that the set of horizontal increments causes, at any level of the
structure, the same additional moment as would the set of gravity loads acting at
their respective eceentricities from the original vertical line of the structure,

The nerauve method is applicable to all wypes of frame. wall, and other forms
of building structure.

16.3.4 lterative Gravity Load P-Delta Analysis

In the herative Method of Scction 16.3.3. the requirement of having 1o repeutedly
evaluate the increments of horizontal load at many Boors can be wedious, This bs
avoided in the following simpler and more realistic iterative gruvily load method
of P-Delts analysis | 16.5].

After a firsi-order horizontal load analysis of the structure using a frame analysis
program has been made. the gravity loads are applied 1o the unloaded structure
deflected by the first-order values of drifi. A,. to obtain an increment of drift [
(Fig. 16.82). The gravity loads are then applied to the structure deflected by the
increments &, to obtain another increment in drift, 6 (Fig. 16.8b). The procedurne
15 repeated until the additional drift increment 5, is negligible (Fig. 16.8c). The
final drift at story 7/, A" including the P-Delta effect, is the sum of the first-order
drift and all the increments of drift.

ﬁ.r=':i| +a“ +ﬁ|:+ar]+ {Iﬁl’ﬁl

The iterative process 1s required because when the verical loads are applied,
they are not being applied to the final deflected shape. The final moment at story
i. M. including the P-Delta effect. is obtained by adding the first-order moment.
M. and the increments 6 M. obtained from the iterative analysis: that is

MP =M + oM, + 6My + My + -+ {16.27)
In practice. the method can be simplified by adding a full-height. axially rigid.

fictitious column with a flexural stiffness equivalent 10 zero. and connecting it 10
the structure either by internodal horizontal constraints or by axially nigid links
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{a) 4 {c)

Fig. 16.8 {a-c) Gravity loading apphied 10 successive increments of laters | deflection,

(Fig. 16.9). Then the total gravity loading at each floor is applied only to corre-
sponding levels of the deflected fictitious column in the same iterative manner as
described above. In this way. only the coordinates of the fictitious column, and
not the entire structure. need to be altered. The results obtained by this gravity
load method are identical to those given by the iterative incremental lateral load
method, while the analysis can be performed in less than one-third of the time.

-

Fietitious column
CArrying gravity
Toading

S

ﬂ&-&i

A i L L L L

Fig. 16.9  Alermative approach with gravity loading spplied 1o deflected fictitious enlumn,
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16.3.5 Direct P-Delta Analysis

The ierative analysis described in Section 16.3.3 can be reduced for rigid frnme
structures 1o a first-order analysis plus a direct second-order adjustment,

From the first-order analysis. using horizontal loading only. the shear stiffness
of story 7 of a rigid frame structure can be expressed as

il {16.28)

The P-Delta effect at the final deflected state can now be represented by the
initial external shear @, and increment 4 (.. as defined in Eq. (16.23), 1o give an
effective onal shear

Qf =0, +50 =0, + % (16.29)

4

in which & is the final drift in story i, including the P-Delta effect,
Consequently, the final drift in story i can be expressed as [16.6]

8" =10, + (P& /h)] /K., (16.30)
that 1s,

8F =@ + (P& /h))/10. /6] (16.31)

then

gL 1

o = r_—mﬂ. (16.32)

This resulting drift in story § includes the P-Delta second-order effect. The total
drift at Aloor level n. including the P-Delia effect, can then be obtzined from

AY = 28 (16.33)

im]

The increase in the first-order story drift &, due to the P-Delta effect is shown
by Eq. (16.32) 1o be a nonlinear function of the gravity loading P, acting in a
story. Therefore. it is essential in a P-Delta analysis (o use the magnitude of load-
ing corresponding to the limit state in question. In contrast 1o the simpler ampli-
fication factor method. the increases in drift and moments caleulated for gravity
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loading by this method are not a constant proportion of the corresponding first-
order values ai different levels of the structure,

The increased moments M7 in the members of story 7, including the P-Delta
effect, can be estimated similarly from the moments M, of the first-order analysis

- M 16.34
I —(P&/Qh) ( '

Mt

Second-order P-Delta results for drift and momenis are obtained. therefore, by
applying Egs. (16.32) and (16.34), respectively. to the results of a horizontal load-
ing first-order analysis. To these augmented results should be added the results of
an analysis for gravity loading. Because the derivation of Egs. (16.32) and (16.34)
depends on Eq. (16.28). which is valid only for structures that deform predomi-
nantly in shear. for example. rigid frames. the method is not applicable o struc-
tures that deform mainly in flexure, that is. those including shear walls.

16.4 SIMULTANEOUS FIRST-ORDER AND P-DELTA AMNALYSIS

In the following method for the P-Delta analysis of building structures. the second-
order effects are aceounted for by modifying the structural model so that. when
analyzed for the actual horizontal loading, the resulting values of drift and member
forces include the P-Delia effects. A single computer run is then sufficient 1o ana-
lyze the structure and include the P-Delia effects. The modification 1o the structural
model consists of attaching to it a fictitious column. This causes the horizontal
displacement terms of the first-order stiffness matrix of the structure 1o be auto-
matically augmented so as to incorporate the effects of gravity loading acting on
the lateral displacements. The firsi-order stiffness matrix is therefore converted into
a second-order matrix. An explanation of the method follows.

16.4.1 Development of the Second-Order Matrix

Referring to Fig. 16.7 and Egs. (16.24) and (16.25), which relate to the icrative
method of analysis. the increment of horizontal load at level i. equivalent in effect
to the gravity loading. can be expressed as

P /L. XU . T T NP
By =y +(h,+.f:,,,)ﬁ'

¥

(16.35)
LI

The set of equations for the equivalent increments at all the story levels can be
written in matrix form, thus

-
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() [B_ e -m e T
-ﬁ. Ir_- i !
aiH, i
: =5 it +& : i A%
LE byt R by
bl ol OO e At
I &, hy
=t
B i
| hl BBy =R Al
’ ] i i | .
V”"J -2 m| I &t
i = hy ki l. J
(16.36)
or
(6K} = [K5][a=) (16.37)

:-vhtre_ the ma[ﬁx Kg. which is square, tridiagonal, and symmetric about the lead-
lmgd:_:‘mgc:l[n:]. 1s the geometric stiffness matnx and is a function of the RrEVILY
oading. The matrix { A* } is the vector of the total lateral di [

includes the P-Dela effecr. e

. Reﬁ:m'!ag next 1o the terms of a building structure's stiffness matrix cormespond-
Ing 10 horizontal displacements of the floor levels:

CEA B
|H| | K, K 7 rﬂ"‘ll
| Hy | Ky Ku Ky | A |
H, 0 Kin Kan Ky | 4y |
T i
. s, 1: -_ (16.38)
! i | lxlr.r-l Kr] E:.--I l‘ﬂr '
= S
L I 2 = L= I|
H,
N} L Kuw 1 K tﬂw_‘i
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that 15
{H} = [K]{a} (16.39)

in which K. the first-order lateral stiffness matrix, is also indiagonal.

The P-Delta effects of the gravity loading can be represented by adding an
equivalent increment of horizontal loading to the actual loading. This can be stated
in matrix form as

tH) + [en) = [K]{a%] (16.40)
Therefore. substituting from Eq. (16.37) into (16.40)
(H} + [Kollar] = [K]{a%) (16.41)
and rearranging. gives
{H] =K - Kg]{a*] (16.42)

in which {#} is the matrix of the actual horizontal loading. [K — K| is the
second-order stiffness matrix incorporating the modifications due to gravity load-
ing. and { A* } represents the final horizontal displacements. including the P-Delia
effects. If the original lateral stiffness matrix K is reduced by K. a single first-
order analysis will produce results for deflections and member forces that will
incorporate the P-Delia second-onder effects.

Writing the first three rows of matrix Eq. (16.42) indicates how this modifica-
tion can be made.

lr *'l - -P| F..' o F: ] r .“l
() [ w2 4
P. B By a2 |
! H. i"— Kl““}r_! [f:- h ) = iy {l < ib
P, B, FJ. Fl
|  Santrind AT h, ')
I|,_H_"J - K L k (l’:-.*h_:] xu+-"4 Ikl

(16.43)

A simple and convenient physical way of modifying the first-order stiffness

matrix is by adding to the structure a fictitious, full structure-height column with
cither a negative shear area or a negative inertia, as explained below.

16.4.2 Negative Shear Area Column

Consider, for example, a wall-frame structure (Fig. 16.10a) with an added ficti-
tious shear column, that is, a column with infinite flexural rigidity but deformable
in shear. The terms of the second column in the stiffness matrix of the fictitious
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Fietitious negative
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Fig. 16.10 () Structure with ficritious shear column; (b

shear column. bureru! stiffiness coefllicients of

shear column, cormesponding to unit horizontal dis
16.10b) are nlal displacement ar level 2 (Fig.

—GA, G-""\- A "
K = = e — ki X =GA
2 e kas s + PRE: Ry = T (16.44)

]E.R:fcrﬁng to the second columns of the stiffness matrices in Eqs. {16.38) and
(16.43). the increments of stiffness required 1o convert the terms of the first-order

stiffness matrix of the structure to th g
. ¢ correspon
stifiness are ponding terms of the second-order

P, P
k 5 = '_':; k13 = - _: e E iyt ’ = P
' el S S

It is evidem from Eqgs. (16.44 :
5. (16.44) and (16.4 ' : :
these requirements if ) 5) that the fictitious column will satisfy

— A, _ P e P,

——h: = E that is, if 4, = _G'r; [ 16.46)
and

-GAJ F_q_ i -Pq_

__!n P that is, if 4, = T (16.47)
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Therefore. the whole stiffness matrix will be modified appropriately if the fictitious
column is assigned in cach level i a shear area

A =— (16.48)

and an infinite. or extremely large. fexural rigidity,

In Eq. (16.48), P, is the total axial force carmied by the walls and columns in
story i, and G is the shear modulus 1o be assigned to the fictitious column.

Thus, by adding the fctitious column. which is connected at each floor level to
the mode! of the structure by either intermodal horizontal constraints or hinged-end
axially rigid links. and assigning the column in each story 1o have a negative shear
area in accordance with Eq. (16.48), a single first-order analysis can be made that
fully incorporates the second-order P-Delta effecis,

The resulting values of dnft and member forces in the structure will include the
second-order P-Delta ¢ffects. The total shear in the structure at any level, however,
will slightly exceed the external horizontal shear at that level, with the excess being
caused by the gravity loading acting on the inclined columns and walls.

This method is suitable for use with structural analysis programs that allow the
shear area of members to be specified. and that accept negative member properties.

16.4.3 Negative Flexural Stiffness Column

If the available analysis program allows negative member properties but does not
have a shear area option. an altenative approach is 1o use a fictitious negative
inertia column with its floor level nodes restrained against rotation. as shown dia-

grammatically in Fig. 16.11a.

The stiffiness terms of an ordinary flexural column, corresponding to a unit hor-

izontal displacement at level 2 (Fig. 16.11b) are

~12E1, _ 12El, | 12El, ~ 121,

ki = ¥ 3
E hy e s ; h

The fictitious column will generate the required modifying terms of Eq. (16.45)

for automatic incorporation into the second-order stiffness matrix if

~12El, Py A L
Vi e that is. if /5 = 5F (16.50)
and if
— 126, _ P, cai —Pi
Sy o that is. if f, 2E (16.51)

kan = + L ; (16.49)
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Fretitious negative flesural
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Fig. 16.11 () Structure with fictitious fiexursl column: () stiffness coethicients ol Nexurul
column,

Therefore. in a typical story i, the fictitious column must be assigned the negative
value of ineria '

_ =P

fr = IEE { Iﬁr’!]

Similarly to the negative shear area column. the negative inertia column is at-
tached to the original model of the structure at each floor level by either intemodal
horizontal constraints or axially rigid hinged-end links. The effect of the rgid
horizontal arms in Fig. 16.11a, representing the restraint on the fictitious column
against rotation at the floor levels, should be specified in the analysis program
simply by a rotational restraint on the column at each node.

16.5 TRANSLATIONAL-TORSIONAL INSTABILITY

The second-order methods of P-Delta analysis have been concerned so fur with
translational effects. In the case of an unsymmetrical building. combined transla-
tiona] and torsional P-Delta effects are possible, These can be analyzed directly
and accurately, as a combined first- and second-order anal ysis of the problem, by
addi_ng 1o the structural model a fictitious column with negative transverse and
mmolnal properties [16.9]. Each story is augmented by a fictitious column with
negative shear areas in the two major directions of translation. and a negative
torsional constant about its axis. The shear areus are, ay before, functions of the
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gravity loading. while the torsion constant accounts also for the plan distribution
of the loading. The translational shear areas are assigned to the column in story §
as

Ay = A =— (16.53)

If the computer program does not allow the assignment of shear areas. a negative
inertia column with its ends restrained against vertical plane rotations may be used
as an alternative. In that case

_Fl'hl:
¥ - Sl

(16.54)

The fictitious column is located an the centroid of the total gravity loading above
story i (Fig. 16.12) and its negative torsion constant J, 1s found from

L5 (P, + d3)] = 5 Pt = S (16.55)
in which P, is the gravity load in column or wall j in story i, o, and o, are its ¥
and X distances from the center of gravity loading in story i, and r, is the radius
of inertia of the ol load P, about the center.

Hence. in addition to its two negative values of A (or /) the column is assigned
a torsion constant

. 1 (16.56)

If the computer program does not allow the specification of the 1orsion constant
for beam elements, this may be accommodated by splitting the negative stiffness
column into two half-columns. If the column is specified as a negative shear area
column, using Eq. 16.53, the shear arcas of the half-columns would be

A, =4, = R {IE-S':":I

or. if the column is specified as a negative Aexural rigidity column using Eq.
{16.54). the properties of the half-columns would be

-]

gty (16.58)
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Fig. 16,12 Plan of structure for transverse and torsional P-Delta analysis,
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gravity loading above story 1
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The 1wo hnlf--:ullumm; would be located at a distance a. on each side of the
center of total gravity loading (Fig. 16.12) where a, is given by

a; =

']

/E Pl.ll:'dsar + df.—_r.:l 3
\ P, (16.59)

A story-to-story regular floor plan would allow the fictitious column or columns
to be continuous throughout the structure. If. however. the pasition of the center
of the gravity loading changes from one floor to another, continuity of the fictitious

column. or columns. should be provided by rigid horizontal beams a1 the Aoor
levels (Fig. 16.13),

v
ﬂl‘ Floor 1+1
]
4
¥
I (-Rn;n-a! aFa
H F]mr L]
: ]
ictitious Il'ﬁ
column —--..___________-l {'=1
[ ]
=
A

Fig. 16.13 Conncction between fictitious columns in successive stories.
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16.6 OUT-OF-PLUMB EFFECTS

When walls or columns zre constructed out-of-plumb. the gravity loads acting on
the vertical misalignment cause drift and moment P-Delta effects. The normally
allowed erection tolerances restrict the out-of-plumb effects to negligible propor-
tions, and the improbability that all columns in a single story. or that all successive
stories lean by the maximum amount in the same direction. reduces even further
the imponance of the problem.

It s prudent. however. when the usual P-Delta effects are small, to check
whether the out-of-plumb P-Delta effects are larger. If thev are larger, and of
significance, the out-of-plumb P-Delta effects should then be used in designing the
structure,

The out-of-plumb effects can be accounted for by analyzing the structure for
equivalent lateral loads 68, as in the lerative Method, The first values of 6 H,
should be obtained by using the out-of-plumb displacements. based on the allow-
able twolerances. and Eqs. (16.24) and (16.25). If the analysis is o be made by
computer, an altemnative and more rapid method of analysis would be the itcrative
gravily load method (Section 16.3.4), with the gravity loads upplied initizlly 10 4
fictitious column deflected by the allowable tolerences.

The ercction tolerances used to estimate §; vary between Codes of Practice. but
A/ 1000 15 a typical value. The West German Code for reinforced concrete. DIN
1045 {1972}, for example. is more detailed [16.10] in specifving

i

%= 2 0VE (meer) Uiy
or
Y M O (16.61)
’ 55\H (feet)

where H is the total height of the structure. These values are more severe than
#1/ 1000 for buildings of less than 100 m height. und less severe for taller buildings.

16.7 STIFFNESS OF MEMBERS IN STABILITY CALCULATIONS

When checking stability effects for the loading at the factored design load level,
the effective flexural rigidities { Ef ) of members in reinforced concrete structures
may be substantially less than the rigidities calculated from the instantaneous |oad-
ing values of E and the gross section values of /. The effect of sustained loading
on the elastic modulus of concrete, and of cracking from shrinkage or bending on
the moment of ineniz, both contribute to a significant reduction in the fexural
rigidity. The accuracy of the stability calculations is as vulnerable to an overesti-
mation of the stiffness of the members as 10 approximations in the method of
analysis.
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Because the nonlinearity of P-Delta calculations requires them to be carried out
for factored design loads, it is recommended that the estimated value of £/ for
reinforced concrete members should be that for the stage just before the onset of
yielding. Studies of the stifiness of reinforced concrete members 16,11, 16.12)
have led to some detailed recommendations [16.10] for reductions in the stiffness
of individual members. In tall buildings. however, with many thousands of mem-
bers at different states of loading. it would be impractical o adjust individually
the properties of the members. Rather. it is recommended that

l. to allow for sustained loading. the initial value of £ for concrete should be
reduced by the factor 0.8:

. 1o allow for cracking;
a. the gross value of / for beams should be reduced by the factor 0.5:

b. ifappropriate. the gross value of / for columns should be reduced by the
factor 0.8,

b

16.8 EFFECTS OF FOUNDATION ROTATION

A flexible foundation will affect the overall stability of a building by reducing the
effective lateral stiffiness of the venical cantilever structure. It will also increase
the deflections from horizontal loading and hence increase the P-Delta effect,

It has been proposed [16.13] that the amplification factor [Eq. (16.18)] may be
maodified to account for foundation flexibility by reducing the effective stiffness of
the cantilever structure, and hence reducing Py, in the following way.

In Fig. 16.14, the 10p defiection of a uniform flexural cantilever subjected to a

Wil !
2K El
Uniformly 1
distributed
load

Bpy= h. B displacement in story 1
calised by foundation rotation

ERARARAAE

& . = displacement in story |
caused by structure's deformation

/i

Fig. 16,14 Structure with fexible foundation.
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uniformly distributed total load W is given by

ik (16.62)
Y

If the foundation retational fexibility. defined as the rotation per unit moment.
is K, then the top deflection is increased (o

wH'  WH?

= — [ 16.63)
= REl T 2K

Ay

which is the same as the top deflection of a rigidly based cantilever with an effec-
tive fexural rigidity of

F.
an = '
H:J'}‘, g E
where |
p=KH/EI { 16.64)

Assuming that the reduction in the effective Ef causes a proportional reduction in
P... the term P,/ Py, in the denominator of Eq. (16.20) becomes

o+ 4

L9, {16.65)
19 F{k‘r

where Py, is determined as for a fixed base structure. The mudiﬁed_ term Irmrg E{qh
{16.65) should be used to calculate the amplification factor for use in Eqgs. (16.

and {16.21).

If 4 second-order P-Delta analysis is used. of the type in which factors for

individual stories are applied to a set of first-order reguhs, the ﬁrs:—ord.er frn:raultr.
and hence the second-order factors will aummalicglly include the effacfh -::n‘ Em{zr
dation Aexibility, provided these effects were 5p-|:c1ﬁv.?d for the ﬁrsl-ord-.]r am }'!iiin._
Similarly. if a negative stifiness column is uel'»od in a compuier ana _}'.ul]: 1o 5
clude P-Delta effects. the specification of a flexible fnu_ndutmn by_ w,;aiucakm:: .
tational springs under the real column and wall bases will automatically take

of the problem.

SUMMARY

The chapter considers the effect of gravity loading on the w.-f:ral! sl_abi]_ity of a
structure, and the second-order P-Delta effects of gravity Iloadmg, which increase
the lateral deflections and moments due to transverse loading.

REFERENCES a7

The overall buckling load defines an upper bound to the gravity loading that a
Structure can carry. It may also be used 10 assess the need for a P-Delia analysis
and for'making an approximate estimate of the P-Delta effects. The approximate
buckling loads of structures that fail in either a shear mode ora flexural mode, or
a combination of the two modes. can be determined from simple formulus. The
buckling loads of plan-symmetric wall-frame structures with uniform properics
can be determined from an analytical approach using stiffiness parameters. This
method covers the full range. from the shear mode of buckling for a frame at one
extreme. to the flexural mode of buckling of a wall at the other. with any inter-
mediate combination of walls and frames. The method also allows an estimarte of
the critical load for torsional buckling.

The second-order effect of gravity loading on the first-order displacements and
moments due to transverse loading. that is, the P-Delta effect, is the most comman
aspect of building instability that has to be considered in building design. An ap-
proximate assessment of the increase in displacements and moments due to P-Delt
effects can be made by an amplification factor applied throughout the structure. In
cascs of fexible structures or of heavy gravity loading. giving rise to significant
P-Dela effects. a more accurare, second-order analysis should be made. This could
be by a story-by-story adjustment of the results of a first-order horizontal load
analysis, using in each storv a factor based on the gravity loading in that story.
Alternatively. it could be a direct stiffness matrix analysis of the structural model,
modified by fictitious columns with negative stiffness properies to simulate the
effective reduction in lateral stiffness caused by gravity loading. Because a second-
order analysis is nonlinear. the loading should correspond to the limit state under
consideration. At this higher loading. the gross properties of reinforced concrnete
members should be reduced to allow for eracking while, for sustained loading. the
modulus of elasticity of the concrete should also be reduced to allow for creep
effects.

A flexible foundation increases the P-Delta effects of gravity loading. The erec-
tion of a structure out of plumb also gives rise 1o P-Delta effects from gravity
loading. The probable maximum values of these can be calculated from the erec-
tion tolerances specified in the local Design Code. If these exceed the usual

P-Delta effects, and if they are significant, they should be included in the design
calculations.
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EEE CHAPTER 17

Dynamic Analysis

Advances in structural design concepts and analytical technigues. combined with
the availability of newer and more efficient materials and construction methods for
buildings. have led to significant reductions in their structural weight and stiffiness.
In addition. heavy masonry cladding and pantition walls. which were very effective
in increasing the stifiness of structural frames. are less frequently used. Conse-
quently. the more typical light and Aexible modern tall building 15 much more
responsive 1o dynamic exciting forces than its earlier counterpant. The resulting
dynamic stresses may be much greater than static values, while induced motions
may disturb the comfort and equanimity of the building’s occupants.

Tall building motions may be classified as static or dynamic. The first reférs 1o
the motions produced by slowly applied forces such as gravitational or thermal
effects. or the long period component of wind. Dynamic motions refer (o those
caused by time-dependent dynamic forces. notably seismic accelerations, shon
period wind loads. blasts, and machinery vibrations, the first two usually being of
the greatest concern. Although the deformations arising from static forces may be
of possible detriment to the integrity of the structure. unless they lead 1o the col-
lapse of the building they are unlikely 1o provoke any reaction from the occupants.

Dynamic wind pressures produce sinusoidal or narmow-band random vibration
motions of the building, which will generally oscillate in both along-wind and
cross-wind directions, and possibly rotate about a vertical axis. The magnitudes
of the three displacement components will depend on the velocity distribution and
direction of the wind, and on the shape. mass, and stiffness propertics of the strue-
ture. In certain cases, the effects of cross-wind motions of the structure may be
greater than those due to the along-wind motions.

The ground shaking which occurs in an eanhguake may be described as a series
of vinually multi-directional random acceleration pulses, The ground movements
will generally produce simultaneous translations along and rocking about the two
orthogonal horizontal axes, as well as displacement along and torsion about the
vertical axis of the structure. For normal buildings. however, it is generlly suf-
ficient for design purposes to consider only translatory accelerations in the two
horizontal directions, together with the associated vertical axis torsional actions.
An accelerogram recorded during the occurrence of an carthquake shows an irreg-
ularly timed sequence of both positive and negative peaks of acceleration having
varying amplitudes. The response of a building to such acceleration-time histories
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may be determined from an elastic analysis. unless the inertial forces are sulfi-
ciently large 1o cause inelastic deformations or localized failures.

The intensity of the ground shaking 1o which the building may be subjected
during its lifetime can be estimated from the recorded earthquake history in the
area in which it is situated. Continuing records are used to produce maps showing
regions of relative possible seismic hazards, and these can be extended and refined
as knowledge of such events is accumulated. When designing a tall building to
resist seismic forces. the design loads may be determined from a dynamic analysis
of the building’s response to time-history base accelerations. based on an actual
recorded local event. or an artificially generated time-history. Such a time-con-
suming rigorous approach may be simplified by the use of eanthquake response
spectra. which, although requiring less computational effont, yield acceptably sim-
ilar results for peak responses.

The seismic response of the building will depend on the dynamic properties of
the structure. the ground motion at the foundation. and the mode of soil-structure
interaction, The mation of a very stiff building will be almost identical to the
ground motion, but that of a flexible structure will be quite different. The response
will depend on the proximity of the natural frequencies of the structure 1o that of
the predominant ground-motion frequency. the damping inherent in the structure,
the foundation behavior, the ductility of the structure. and the duration of the
carthquake.

The nature and magnitude of both wind and eanhquake loading on buildings
have been discussed in Chapter 3. Although both are dynamic and transient in
character, it has been shown that for design purposes they may be frequently re-
placed by equivalent static loads. which are chosen to represent their probable
worst magnitudes. The equivalent static loads for wind effecis will be based on a
statistical knowledge of the likely occurrence and magnitude of wind velocities
and pressures, and for earthquakes on the time-history of accelerations. For the
majority of tall buildings, the quasistatic loadings are adequate for design pur-
poses, and have proved satisfactory in most situations. A dynamic analysis is re-
quired only when the building is relatively flexible or. because of its shape., struc-
tural arrangement, mass distribution, foundation condition. or use, is panicularly
sensitive 10 wind or seismic accelerations. Then consideration has 1o be given (o
both the stress levels that occur and the accelerations that may affect the comfon
of the occupanis.

This chapter considers the particular circumstances under which the designer
may need to underake a study of the dynamic response. and examines briefly the
techniques available for the analysis. The field of structural dynamies is very ex-
tensive. and is well covered by existing textbooks. Consequently. this chapter will
highlight briefly only the major techniques that are important for tall structures.
Finally, consideration is given to the human response to dynamic motions and it
effect on structural design.

17.1 DYNAMIC RESPONSE TO WIND LOADING

A complete description of the wind loading process relies on @ proper definition
of the wind climate from meteorological reconds, together with an understanding
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of wimospheric boundary layers. wrbulence properties and the variation of wind
speed with height. the aerodynamic forces produced by the interaction of the build-
ing with the turbulent boundary layer. and the dynamic response of the strueture
to the wind forces. A detailed consideration of all these effects is beyond the seope
of this chapter. and the interested reader is referred to specialist texts on the topics
concemned [e.g., 17.1).

The object of this section is to consider briefly the problem of deciding when a
d}rnum@c analysis of a tall building is necessary and how to determine the prak
dynamic response of the structure to fluctuating wind forces.

17.1.1 Sensitivity of Structures to Wind Forces

The principal structural characieristics that affect the decision to make a dvnamic
design analysis are the natural frequencies of the first few normal modes of vibr.
tion and the effective size of the building. When a structure is small. the whole
building will be loaded by gusts so that the full range of frequencies from both
boundary layer turbulence and building-gencrated turbulence will be encountensd.
On the other hand. when the building is relatively large or tall, the smaller gusts
will not act simultaneously on all pants, and will tend 1o offset each other’s effects.
s0 that only the lower frequencies are significant.

If the structure is stiff, the first few natural frequencies will be relatively high,
and there will be little energy in the spectrum of atmospheric turbulence available
o ::xu::lcﬁ resonance. The structure will thus tend 1o follow any fuctuating wind
fo_rces without appreciable amplification or attenuation, The dynamic defections
will ot be significant, and the main design parameter to be considered is the
maximum loading to which the structure will be subjected during its lifetime. Such
@ structure is termed “'static.” and it may be analyzed under the action of static
equivalent wind forces, as described in Chapter 3,

If a structure is flexible. the first few natural frequencies will be relatively low.
and the response will depend on the frequency of the fluctuating wind forces. At
frequencies below the first natural frequency, the structure will tend to follow
closely the fluctuating force actions. The dynamic response will be attenuated i
frequencies above the natural frequency. but will be amplified at frequencies at or
near the natural frequency: consequently the dynamic deflections may be appre-
ciably greater than the static values. The lateral deflection of the structure then
Imm_mr.:.f, an important design parameter, and the structure is classified as “dy-
namic. In such structures, the dynamic stresses must also be determined in the
ill::illgrl process. Funhermore, the accelerations induced in dynamic structures may
be important with regard to the comfort of the occupants of the building and mus
be considered.

Whn_:n a structure is very flexible, its oscillations may interact with the aero-
dynamic forces to produce various kinds of instability. such as vortex-capiure res-
onance, galloping oscillations, divergence. and flutter. In this exceptional case
the potential for disaster is so great that the design must be changed or the ium:

dynamic effects modified (o ensure that this form of unstable behavior cannot og-
cur,
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It is thus important for the engineer o be able to determine in the early design
stages if the structure is static or dynamic. panicularly in view of the comfon
critena for the occupants. To rectify an unacceptable dynamic response after the
structure has been built will, if at all possible, generally be difficult and very ex-
pensive.

Unfortunately . it ix not yer possible, particularly in the early design stages. to
assess accurately whether @ dynamic analysis will be required. although severul
empirical guidelines are available in Design Codes. For example. the Austrulwn
Code [17.2] defines a dynamic building as onc in which

. the height exceeds five times the least plan dimension and
2. the natural frequency in the Arst mode of vibration is less than 1.0 Hz.

In the Canadian Code [17.3] dynamic buildings are those whose height is greater
than four times their minimum effective width, or greater than 120 m in height.
Such empirical guidefines should be considered applicable only to rraditional forms
of building structure. and may be inuppropriate to apply to more radical innova-
tions.

A more sophisticated. but necessarily more complicated. approach for siructural
classification has recently been devised [17.4]. It allows a judzment on whether a
structure is potentially dynamic, that is, not stiff enough to be analyzed by statig
methods alone, but sufficiently stiff to prevent serodynamic instability. The pro-
cedure requires a knowledge of the damping ratio and the lowest natural frequency
of vibration of the structure. In the early stages of design. it is not possible W0
calculate accurately the fundamental natural frequency, but empirical formulas are
available to allow an assessment to be made (cf. Section 17.2.3). The question of
damping ratios is considered in Section 17.2.4, '

17.1.2 Dynamic Structural Response due to Wind Forces

The prediction of the structural response involves two stages: (1) the prediction of
the occurrence of various mean wind speeds and their associated directions. and
(2) given the occurrence of that wind, the prediction of the maximum dynami¢
response of the structure. The former requires an assessment of the wind climate
of the region, adjusted 1o 1ake account of the local topography of the site. and of
the local wind characteristics (mean velocity profile and turbulence structure), m
steady pressures and forces due to the mean wind. and the fluctuating pressures on
the exterior. may then be determined. The properties of the mean wind can hnl
conveniently expressed only in statistical terms.

Although the design of cladding may be strongly influenced by local pressures,
the response of the building as a whole depends on the integrated values over the
different faces of the building.

The exciting forces on a structure due to wind actions tend to be random in
amplitode and spread over a wide range of frequencies, The structure’s response
is dominated by the action of its resonant response 10 wind energy available in the
narrow bands close to the natural frequencies of the structure, The major pan of
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the exciting energy will generally be at frequencies much lower than the fundas
mental natwral structural frequency ., and the amount of energy decreases with in-
creasing frequency. Consequently. for design purposes, it is usually necessary (o
consider the structure’s response only in the fundamental modes: the contribution
irom higher modes is rarely significant.

The fluctuations 1n response of a structure can be considered as those associated
with the mean wind speed, and those associated with the trbulence of the wind,
which are predominanily dynamic in character. Consequently. it is convenient to
describe windspeeds. forces, deflections, etc. in terms of an hourly mean value
together with the avernge maximum fluctuation likely to occur in an hour. When
these are added. the sum can be used as an average hourly maximum. or peak
response, 1o define equivalent static design data,

The peak value can be expressed statistically in terms of the number of standard
deviations by which the peak exceeds the mean value. For design purposes. the
conventional practice is to define the peak value of the variable. x({max ) say. by
the relationship

x(max) =% + g0 (171

where vimax). X. and o are the peak, mean, and standard deviations, respectively,
of the variable x concerned. referred to a record period of | hour. and g, is the
“peak”” factor.

When considering the response of a tall building 1o wind actions. both along-
wind and cross-wind motions must be considered. These arise from different fore-
ing mechanisms, the former being due primarily to buffeting effects caused by
twrbulence, while the latter is due pnmanily to altemnate-side vortex shedding. The
cross-wind response may be of panicular imponance with regard to the comfon
of the occupants.

If knowledge of the mass. stiffness. and damping propenies of the structure is
available, a rime-history of its response o any applied forcing function can be
achieved by an integration of the dynamic equation of motion. However, such a
detailed history involving a lengthy analysis is not essential since only the peak
responses (moments, deflections. accelerations. etc.) are required for design pur-
poses. Fortunately. the experience gained in large numbers of wind tunnel tests on
models for prototype designs, coupled with the very considerable research effon
and advances in both experimental and analytical wind engineering technigues.
have allowed the inclusion in Design Codes of simplified methods for the dynamic
analysis of tall buildings subjected 10 wind forces. Two such approaches are de-
scribed in the succeeding sections,

17.1.3 Along-Wind Response

The pioneering work of Davenport [17.5] and Vickery |17.6] has shown that the
along-wind response of most structures is due almost entirely 1o the action of the
incident wrbulence of the longitudinal component of the wind velocity. superim-
posed on a mean displacement due 1o the mean drag, The resulting analytical meth-



424 DYNAMIC ANALYSIS

ods. using spectral and spatial correlation considerations w predict the stmcturgl
response. have been developed 10 such a level that they are now empinyu:.’:d in
modemn design wind Codes. The work has led 1o the development of the gust factor
method for the prediction of the building response.

The gust factor method is based on the assumption that the fundamental mode
of vibration of a structure has an approximately linear mode shape. In essence. the
aim of the method is to determine a gust factor G that relates the peak to mean
response in terms of an equivalent static design load. or load effect @, such that,

Design value, @{max) = GO (17.2)
where ( defines the mean value of the quantity cancerned. o

For example. if the mean pressures acting on the face of a tall buuld;lng are
summed to give the mean base overtuming moment M, the design dynamic base
overtuming moment M{ max ) will be obtained by multiplying M by the gust factor
G.

M(max) = GM (17.3)

As described in Section 17.2. similar approaches are used 10 determine the peak
response due to random earthquake loading. .

A schematic representation of Davenpon’s design procedure is shown in F_lg.
17.1. The procedure is a combination of two pans: the first involves the mo-d:]mlg-
of the wind forces, and the second involves the use of structural dynamic analysis
1o determine the resulting response. In the diagram, the force spectrum is found
from the wind velocity spectrum. represented by an algebraic expression based on
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Fig. 17.1 Graphic representation of the deslgn process (afier Davenpon |17.5]);
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observations of the real wind. through the aerodynamic sdmittance. which relates
the size of the gust disturbance 1o the size of the structure. The aerodynamic ad-
mittance may be determined theoretically |17.3], from an empirical formula |17.8),
or measured experimentally in a wind tunnel. To find the response of the structiire
in this mode to the force spectrum. it is necessary 1o know the mechanical admit-
tance, which is a function of the natural frequency. the damping. and the stiffness
of the structure. The mechanical admittance has a sharp resonance peak ol the
natural frequency. similar in form 1o the dynamic magnification curve found in the
response of dynamic systems. As a result of the peak in the mechanical admittance
function, the response has a peak at the natural frequency. the amplitude of which
is determined by the damping present. For the orders of damping found in most
buildings. this peak usually contains most of the area in the response spectram.
For this reason, most of the fluctuations 1ake place at or near the natural frequency.
The area under the loading effect spectrum is taken as the sum of two COmponents.
the area under the broad hump of the diagram. which must be integrated numeri-
cally for each structure, and the area under the resonance peak. for which a single
analytic expression is available. These background and resonant excitation com-
ponents are represented in Eq. (17.4) by 8 and R. respectively. combined vecin-
rially to give the peak response.

In Davenpont's analysis, the response of a tall slender building 1o a randomly
fluctuating wind force is determined by treating it as a rigid spring-mounted can-
tilever whose dynamic properties are specified by the fundamental natural fre-
quency ng and an appropriate damping ratio 8. Consequently. only a single linear
mode of vibration need be considered,

Expressions for the gust factor are given in a number of publications. In this
section, the approach followed is that of the NBCC [17.3]. which is representative
of the different formulations. All formulations are of the same form. and the as-
sociated design curves have similar forms.

The gust factor can be regarded as a relationship between the wind gusts and
the magnification due to the structural dynamic properties. As such. it will depend
on the properties of the structure { height H, and breadth/height ratio W /H ). fun-
damental natural frequency g, and critical damping ratio 8, the mean design wind
speed V. and the particular location of the building (i.e.. whether it is sited in the
center of a large city, in suburbs or wooded areas, or in flat open couniry ).

It may be shown [17.5] that the gust factor G may be expressed as

G=1+gr(B+R)" (17.4)
InEq. (17.4}, g, is a peak factor that accounts for the time history of the excitation,
and is determined from the duration time T over which the mean velocity is av-
eraged and the fundamental frequency of vibration ny: in practice. T is tuken us
3600 sec (1 hour). r is 4 roughness fuctor, which depends on the location and
height of the building (Fig. 17.2); B is the excitation due 1o the background tur-
bulence or gust energy, which depends on the height and aspect ratio of the build-
ing (Fig. 17.3); and R is the excitation by the turbulence resonant with the sirue-
tre, which depends on the size effect S, the gust energy mtio at the naral
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frequency of the structure, £, and the eritical damping ratio . that is,

SF
) (17.5)

The size reduction factor § depends on the aspect ratio W/H. the natural fre-
quency m,. and the mean wind velocity at the 1op of the structure, Ky, as shown
in Fig. 17.4. The gust energy ratio F is a function of the inverse wavelength,
ny/ Vy. as shown in Fig. 17.5,

If resonant effects are small. then R will be small compared o the background
turbulence B. and vice versa,

The peak factor g, in Eq. (17.4) gives the number of standard deviations by
which the peak load effect is expected to exceed the mean load effect. and is shown
in Fig. 17.6 as a function of the average fluctuation rate 1 given by
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Peak Along-Wind Accelerations. As discussed in Section 7.3, the mos
imponant criterion for the comfon of the building's occupants is the peak accel-
cration they experience. It is thus imponant to be able to estimate at an carly stage
in design the likely maximum accelerations in both the along-wind and across-
wind directions,

The maximum acceleration ap, in the along-wind direction may be estimated
from the expression [17.3)

il A
ap = “""ﬁfﬁ‘-’ﬁ(gj (17.7)

where & = the maximum wind-induced deflection at the top of the building in the
along-wind direction (m).
The natural frequency ny, and damping ratio & must be again in the along-wind

direction. The other symbols have been defined previously in connection with Eq,
(17.4).

17.1.4 Cross-Wind Response

The cross-wind excitation of tall buildings is due predominantly 1o vortex shed-
ding. However. generalized empirical methods of predicting the response huve
been difficult to derive. even assuming that the motions are due entirely 10 wake
excitation. because of the effects of building geometry and density, structural
damping. turbulence, operating reduced frequency range. and interference from
upstream buildings. The last effect can alter significantly the cross-wind mOtions,
Consequently, as yel. the most accurate method of determining the cross-wind
structural response has been from tests on an aeroelastic model in & wind wnnel,

The work of Saunders. Melbourne. and Kwok [17.9, 17.10]. using the results
of empirical wind tunnel data. has led 1o an approximate analysis that can take
into account the most important variables concerned. The technigue emploved 1o
calculate the response due to wake excitation is 10 solve the equation of motion
for a lightly damped structure in modal form with the forcing function mode gen-
eralized in spectral format [17.10].

Although it is generally found that the maximum lateral wind loading and de-
flection are in the along-wind direction. the maximum acceleration of the building.
which is particularly imponant for human comfon, may often occur in the cross-
wind direction. Across-wind accelerations are likely 10 exceed along-wind accel-
crations if the building is slender aboul both axcs. such that the geometnie ritio

WO [ H is less than one-third, where D is the along-wind plan dimension |17.3].

Based on a wide range of turbulent boundary layer wind tunnel studies, a ten-

tative formula is given in the NBCC for the peak acceleration a, at the 1op of the
building, namely.

. = i H’D”’( 4 17.8
[0 i .l:'pI I m) { )
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whare

= aversge density of the building (kg/m’)
= 78.5 x 10 " | ¥/ (nNWD)[" ' (Pa)

= gccelerution due to grvity (m /see )

= By
[ (|

Because of the relative sensitivities of the expressions in Egs. (17.7) and (17.8)
to the natural frequencies, it is recommended that the latter be determined using
fairly rigorous analytical methods. and that approximate formulas (cf. Section
17.2.3) be used with caution.

17.1.5 Worked Example

To illustrate the calculations involved in the estimation of the peak wind load
effects. the example is considered of a tall square office building in the center of
a large city. The following data are given:

Height H = 180 m

Breadth B = Depth D = 30 m

Estimated fundamental natural frequency ny, = 0.2 Hz

Estimated critical damping ratio 8 = 0.013

Mean wind speed at top of building Vy, = 35 m/sec

Estimated maximum deflection at top of building [17.3] A = 0,36 m
Estimated average building density p = 175 kg/m’

The required calculations are as follows:

I. Gust Factor
From Fig. 17.2, roughness factor r = 0.305
Aspect ratio W/H = 30/180 = 0.167
.. From Fig. 17.3, background wrbulence factor 8 = (.64

H 02 = 180
Reduced frequency my v, = 35 = 1.029
*. From Fig. 17.4. size reduction factor § = 0.11
Inverse wavelength o/ Vy = 0.2/35 = 0.00571
‘. From Fig. 17.5, pust enargy ratio F = 0.27
SF_0.11 x 027 _

.. Resonant turbulence factor R = — = —— | .98
5] 0.015

That is, the resonant wrbulence exitation is greater than the background wrs

bulence excitation.
0.2

Y1+ (0.64/1.98)
= 0,174

From Eq. (17.6), average fluctuation rate ¢ =

7.2 DYNAMIC REEPONSE TO EARTHOUAKE MOTIONS am
+« From Fig. 17.6. peak factor g, = 3.75
~ From Eq. (17.4), gust factor G = | + 3.75 % 0.307 ~/0.64 + |98
= 2.85

That is. the peak dynamic forces and displacements are obtained by multiplying
all static values due to the mean wind loading by 2,85,

2. Along-wind acceleration

From Eq. (17.7). ap = 4x? % (0.2) % 3.75 % 0,305 V1,08 x 0.36

2.85
0.32 m/sec’ (3.3% g)

3. Across-wind acceleration

a, = 78.5 x m'-‘(

11

35
0.2 % 30 ) plfl

: 3 26.448
. From Eq. (17.8), e, = {0.2) % 3.75 = 30 =
Eq ) 175 =% 9.81 = ~0.015

= (.57 m/sec’ (5.8% g)

The peak across-wind accelerations are therefore considerably greater than the
peak along-wind accelerations in this case.

Great progress has been made over the last three decades in understanding the
wind climate and the effect of wrbulent winds on tall buildings. It has been possible
only 10 touch on the subject in this section and the interested reader is referred 1o
[17.11] and to the Proceedings of the various Intemational Conferences on Wind
Eflt;mls on Buildings and Structures for a more comprehensive treatment of the
subject.

17.2 DYNAMIC RESPONSE TO EARTHQUAKE MOTIONS
This section describes how tall building structures are excited by ground motions

during carthquakes. and how a response spectrum analysis may be used to obtain
realistic estimates of the peak structural response.

17.2.1 Response of Tall Buildings to Ground Accelerations

For a structure subjected to ground accelerations ii, in some particular direction,
the governing equation of motion will always be of the form [17.14)

Mi + Cu + Ku = =Mla,(r) (17.9)

in wlhich M, C, and K are. respectively. the mass matrix. the viscous damping
matrix. and the stiffness matrix. w is the displacement vector, and 1 is a unit vector,
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The fundamental problem is to determine the displacement response u(1): internal
forces and other response quantities of interest can subsequently be derived from
the displacement response.

The masses to be used in the analysis of o building should be based on the
known dead loads. plus probable values of the live loads. applying appropriate
reductions o take account of the probability that not all foors will be fully loaded
at any one time, as discussed in Chaprer 3. The stifiness of the structure may be
evaluated from the load-displacement relationships determined from the iechnigues
described in earlier chapters. In steel structures. the Aexibility of the joints. and,
in concrete structures, the loss of stiffness due to crucking should be included when
evaluating the suffness of the structure.

Although the mass and stiffiness matrices for the structure can be calculated from
the dimensions and elastic propenties of the structural and nonstructural elements.
it is not possible 1o determine the damping matrix in a similar manner. Energy
dissipation in @ tall building is due 10 the combined effects of a number of sources.
such as friction at structural joints and between structural and nonstructural com-
ponents. inherent damping in the material. and microcracking in concrete. It is not

yet possible to define quantitatively the local energy dissipating mechanisms 0.

allow a direct evaluation of the damping matrix. Consequently. damping in the
structure is normally estimated on an overall basis in terms of modal damping
ratios. with values obtained from measurements on similar struciures SeTvIng s
guide. The evaluation of damping ratios is discussed in Section 17.2.4.

Except in very special situations. only the three translational components (1wo
horizontal and one vertical) are considered in the design calculations.

Time-histories of earthquake ground motions as measured by strong-motion ac-
celerographs are now available for a number of earthquakes (e.g.. Fig. 17.7). The

accelerograph records the three orthogonal components of ground acceleration,

each of which may be integrated 10 yield the corresponding velocity- and displace-

ment-time histories. The earthquake accelerogram, or acceleration-time trace. can

0.3

0.if

0.1 - 1

Ground accolerntion (in gl

0.3

Time [(sec)

Fig. 17.7 Typical carthyuike sccelerogrim. Norh-South component of groumd accelern
ation reconded an El Centmy tapproximately 4 males T Gaul
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be interpreted directly 1o obtain estimutes of peak ground acceleration. duration of
strong ground shaking, and frequency content.

The accelerogram can be digitised. so that the time-history is defined by the
numerical ordinates of the accelerogram at time intervals spaced sufficiently closely
1o define accurately the ground accelerations, Various procedures have been de-
veloped [e.g.. 17.12, 17.13] 1o allow the equation of motion [Eq. (17.9)] w be
integrated numerically for the input time-history of accelerations [&,(1}]. The so-
lution gives the time-history of velocities and displacements of the structure, Once
the displacement response history u(r) has been determined. the equivalent later|

force F(r) at any specific time can be obtained from the latersl stiffness matris K
as

F(r] = Ku{s) [17.10)

allowing the total base shear and overtuming moment to be evaluated.

The complete history of any response quantity such as horizontal deflection,
velocity. acceleration. base shear and moment. and equivalent lateral forces can
thus be determined for any input base accelerogram.

A rigorous three-dimensional dynamic analysis of a tall building is a formidable
task. particularly if the motions are sufficiently strong to cause significant yielding
in the structure. and it would be an impractical requirément in the design of mosl
buildings. Forunately, for design purposes. it is not necessary to have a complete
history of the structural response to any recorded earthquake or simulated design
carthquake, since only the maximum response to the earthquake need be estib.
lished.

Twao technigues. the equivalent lateral force procedure and the modal analysis
method, have been devised to allow the peak dynamic response to be determined
directly. Both 1echniques lead 1o the consideration of lateral forces on the building
in the direction of the ground motion. the main difference between the two lying
in the magnitude and distribution of the lateral forces over the height of the huild-
ing.

In the simpler equivalent static lateral force procedure. the magnitude of the
forces is based on an estimate of the fundamentul period of the structure, us well
as on other factars such as the seismicity of the wrea, operational imporance faetor,
the encrgy absorption capacity of the structural system. und the desd weighy of the
building. as discussed in Section 3.3.1. The wial base shear derived from the
design formula [Eq. (3.3)] is applied panly ax o concentrated load at the top, 1o
represent the effects of higher modes of vibration, and the remuinder distributed
over the height of the building in propomion o the product of the muss ul cach
level and its height above the base. giving an approximately trnangular distribution
with the apex at the base. A static structural analysis will then give a response that
should be a close estimate to the peak dynumic response.

In the more accurate modal analysis procedure, described in the next section,
the lateral forces are based on the properties of the building’s natwrul modes of
vibration that are likely 10 be excited. which are functions of the distributions of
mass and stiffness over the height. The eanhquake properties are input through o
TESPONSE Spectnim,
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The two procedures have similar capabilities and are subject to similar limita-
tions, and the direct results allow an estimation of the effects of lateral forces in
the direction under consideration. thal is. the story shears and moments. lateral
deflections. and story drifis. The equivalent static lateral force procedure is the
more suitable for preliminary design calculations. and is normally required even
if a more refined technique is used for the final analysis. It requires a knowledge
of the fundamental natural frequency of vibration of the building. for which var-
ious empirical formulas have been devised o allow an estimate 1o be made for
preliminary design purposes. as discussed in Section 17.2.3. The more refined
modal analysis procedure requires a knowledge of the mass and stiffiness properties
of the building: therefore. a preliminary design for the structure must be made
before the method can be implemented. The modal analysis procedure has the
advantage that it provides a more accurate lateral force distribution on the struc-

ture.

The simpler equivalent static lateral force procedure will generally be suffi-
ciently accurate for the analysis of regular uniform buildings that are not excep-
tionally tall. For very tall or important buildings. buildings with significant imeg-
ularities in plan or elevation, buildings with setbacks. major discontinuities in mass
or resistance, with large or irregular eccentricities between the centers of mass and
stiffness. the modal analysis procedure should be used.

If there is doubt about whether the lateral force procedure is adequate, a quick
calculation based on the equivalent laieral force procedure may be employed to
determine whether a modal analysis is also advisable.

The sequence of calculations in such an assessment is as follows [17. 14]:

. Calculate new sets of lateral forces F, and corresponding story shears from

. 1f at any story the recalculated story shear from Step 4 diffiers from the ongs.

DYMAMIC ANALYSIS

Calculate the lateral forces and story shears from the equivalent lateral force
procedure.

Approximalely dimension the structural members.

Calculate the lateral deflections &, of the designed structure due to the lateral
forces from Step 1.

the formula
\'I-"r'&..
F=sVy—"

2 wib,

FEA

in which ¥, is the base shear. w; is the building mass lumped at the ith flour
level. &, is the lateral deflection at the jth level. and N is the number of stories
in the building.

inal value Step in | by more thun 30% . u modal unalysis is necessary. Il the
difference is less than 30% . the modal analysis is unnceessary < and the strues
ture should be designed using the story shears from Step 4.
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Natural Frequencies and Modes of Vibration. The dynamic response ol o
structure 1o any exciting force is dependent on its vibration characteristics, defined
hy.' the natural frequencies w, and modes of vibration @, (= 11N, fora sysiem
with N degrees of freedom). In the case of an undamped structure. and in the
absence of any exciting force. the equation of motion becomes

Mii + Ku =10 (17:11)
Assuming that the free vibration motion 1s simple harmonic, the displacement may
be expressed in the form

u=gsinfw +4§) (17.12)

where 8 is the phase angle.

Substitution of Eq. (17.12) into Eq. (17.11) yiclds the governing eigenvalue
equation,

Kg = w'Mg (17.13)
Many procedures have been developed for the numerical solution of the cigen-

pmb]n‘tm [17.12. 17.13] to give the N natural frequencies w, and the modes of

vibration «,. and computer programs for this purpose are now widely available.

17.2.2 Response Spectrum Analysis

This section discusses the derivation of eathquake design response spectru, de-
scribes briefly the modal method of analysis of the dynamic behavior of structures,
and shows how the two may be combined to estimate the peak response of the
structure 1o earthquake ground motions.

Earthquake Design Response Spectra. Earhquake accelerograms show the
iregularity of the ground accelerations as a function of time. Although these pro-
vide basic information about the nature of the ground motions. the structural en-
gineer requires a more meaningful characterization for design purposes. This is
provided by a response spectrum. which can be defined as a graphic representation
of !he maximum response of a damped single-degree-of-freedom (SDOF) mass-
spring system with continuously varying natural periods to a given ground exci-
lation.

The SDOF mass-spring system employed is represented in Fig. 17.8. The mass
M is connected 10 the suppon by a spring of stiffness & acting in parallel with a
1iashpu¢ to simulate the viscous damping in the system. equal to Ci. The supporn
is assumed (o displace by an amount ¥(r) and the mass by x(r), the relative dis-
placement (1) being equal to (x — v).

The equation of motion is given by,

Mii(r) + Culr) + Ku = =Mi(t) = —p(1)

where p is the effective support excitation loading.

(17.14)
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BT N N

Fig. 17.8 Single degree of freedom domped spring
mass oscillator system., I— ¥ l—-. x

Equation (17.14) may be expressed altermnatively in the form
Gl = 28wilr) + wiulr) = —i(1) [(17.15)

in which @ = (K /M) s the natural freguency of vibration and 3 = C'.,“EMu: |~.
the fraction of critical damping. or damping ratio, where C is It?c dumping coel-
ficient and the critical damping (2Mw) is the minimum value of C that resulls in
i nonvibrating responsc. *

The solution of Eg. (17.15) at time ¢ s 117.12]

I 3 ;
= = | |fir)exp [ -l = 7}]
uft) = = —p=—xs M [ —ei
csinwyl = g% (¢t = 1)) dr (17.16)

in which = is o dummy variable of integration. :

Thus. before it is possible 1 determine the relative displacement-time history.
it is mecessury to know the acceleration=time hiatm_-y_ of the support. '[hl:. l'l.ilIlI.Ll‘i!l
frequency w of the system. und the fraction of critical dmnpmg_ 3. which s
measure of the structure’s energy dissipative qualities, For any input acceleration
i\, the solution will yield the maximum absolute vulue of relative displecement .
-tenncd the spectral displacement 5. which will be a function of the natural fre-
quency (or period) and damping factor. -

The maximum pseudo relative velocity 5, and maximum absolute pscudo accel-
cration §, are then given by

S,
5

il

W (17.17)

4
@S5y

The pscudo acceleration is identical 1o the maximum uuclflcml_iun whr:_n there is
no damping. which. tor normal levels of structural damping. is practically the
sume as the maximum aceelerution,

As a result of the relutionships deseribed in Eqgs. (17.16) and (17, I.?" the com-
plete response spectrum may be represented on a tripartie Iuglurlthltlllr: plon .“j the
form shown in Fig. 17.9. The velocity is plotted on the vertical -.uu:. while the
displucement und sccelertion are plotted on ixes ut —_45" and J_r-tﬁ o the ver-
tical. with the natural frequency plotted along the horizontal axis. all 1o a loga-
rithmic scale. Allermnatively. the horizontial axis may be used w show the period
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Fig. 17.9 Response spectra. El Centro canhguake, N-5 direction (after Newmark amd
Hall [17.15)).

of vibration. the inverse of the frequency. which has the effeet of turning the dia
gram from “*front to back.”” The response spectra shown refer 1o the well-gocu-
mented El Centro carthquake of May 1940, N-S dircetion, and are for ditleren
damping factors [17.15]. The jagged responsc is a plot of the muximuny response
of different oscillators to a given accelerogram. and is therefors u deseription ol u
particular ground motion. The value of the response spectrum is that it provides u
more significant and meaningful measure of the effieet of an curthyguake motion
than just a single value, such as the peak acceleration, does,

Although the actual response spectrs for carthquake motions are quite irregular,
they have the general shape of 2 trapezoid when ploned in tripartite logarithmic
form as in Fig. 17.9. For design purposes. the actual FEXPONSE SPECLrum is nor-
mally smoothed to produce a curve that consists only of straight line ponions, us
shown in Fig. 17.10. The smoothing is performed on a statistical basis. in rec-
ognition of the fact that the detailed response spectrum of any future canthquike
is unknown. The lincar form is also more appropriate because of the difficulty of
caleulating exactly what the period of a tall building will be during strong shuking.
especially us 4 nonlinear response is highly probable.

To establish the ground-motion characteristics of the design earthquake, und
the maximum probable carthquake tor any specific location. it is necessary 1o study
the seismic history of the region concerned. This will allow un estimation ol both
the design and the probable maximum carthquake in terms of their magnitudes and
distances from the particulur building site. It may be possible o averuge the re-
sponse spectra of more than one carthquake o give o more meaningtul design
input, and it is also possible 1 use probabilistic theory [17.12] 10 construet sim.-
ulated sccelerograms und design response spectrn. Design spectra may be pre-
seribed in the local or national desi g0 code concerned, such as in the NBCC |1 1.3
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Fig. 17.10 ldealized design response spectrum,

If the natural frequency of a structure is calculated. and the degree of dnmping_
present is estimated. other corresponding imporant design paramm:rx_xur.:h as the
maximum displacement and maximum acceleration can be obtained directly from
the response spectrum diagram. .

For a building with a known frequency of oscillation «. and an estimated damp-_
ing ratio 4. a response spectrum diagram such as that shown in Fig. 17.10 :an_bu"
used with the modal method of analysis. described in the next section. to determing .
the peak response of the structure to the design earthquake.

Modal Analysis Procedure. In general. the set of goveming dynamic equa-
tions of motion [Eq. (17.9)] must be solved simultaneously by available compu-
tationa! procedures [17.12. 17.13] to determine all displacements u that deﬁne_ the
motions of the structure. This approach can be avoided by using the computations.
ally more efficient modal method of analysis. The method, which is based on hru::n‘_I
elastic structural behavior, empioys the superposition of a limited number of _rmdnl,_
peak responses, as determined from a prescribed response spectrum. and with ap-
propriate modal combination rules it will yield results that compare closely with
those from a time-history analysis. .

This method of analysis is based on the fact that for cenain forms of dump!ng,
that are reasonable approximations for many buildings. the equations of motion
can be uncoupled so that the response in each natural mode of vibration can he
calculated independently of the others [17.12]. Each mode will respond with its
own particular displacement profile. the mode of vibrution ,. its own frequency.,
the natural frequency of vibration w,, and with its own modal damping. the damp-
ing ratio 8,
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In the structural idealization, the mass is usually lumped at the floor levels.
Only one degree of freedom per floor. the horizontal defiection for which the struc-
ture is being analyzed. is used. and so the matrices involved are of the same order
as the number of stories N in the building.

The uncoupling of the N equations yields the typical equation of motion for the
nth natural mode as [17.16|

Y.+ 23 0¥ + u'i}'" e —E i) (17.18])
M, F
where
h
TR
I-| -l .-.-_ll ’”-'I"I'..ur
and the modal mass
%
I‘: = \! -

M. i mEs,

and m, 15 the mass at the fth Hoor level.

Equation (17.18) is of the same form as that for the single-degree of freedom
dynamic system |Eq. (17.15)] with natural frequency w, and damping ratio 8.
excited by a ground excitation (L, /M, }4,(). .

In Eq. (17.18). the displacement function ¥, is the normal or gencralized co-
ordinate. or modal amplitude. for the nth natural mode, used to simplify the e
tions of motion [Eq. (17.9)] [17.12]. The geometric coordinate w, in Eq. (17.9) 15
equal to the product of the generalized coordinate ¥, and the mode-shape vector
I

Y.(r) = ~2

| 5

———— | |dA7) exp |=Bw.lr = 7
M.uu!_" | _S,-r “J 2 Fi }I
“sinw VI =851 - 7)) dr {17.19)

In Eq. (17.19). it is convenient to define the quotient L, /M, as the participation
factor, 5,. for the nth mode. Physically, the participation factor then represents
the effective contribution of the mass for the panticular mode considered.

The contribution of the ath mode to the modal displacement u; (1) ar the jih

fioor is then equal to the product of the amplitude generalized coordinate and the
mode shape.,

w, (1) = Y (t)e, (17.20)
To determine the dynamic story shears and momenis, it is convenient 1o introduce
the concept of equivalent lateral forces, defined as the static external forces p that
would produce the same structural displucements u. Hence, at any time 1, the

equivalent forces corresponding 1o the modal displacements u, (1) will be. from
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Eqs. (17100 and (17,13},

P,(1) = Ku, (1) = Ke, Y, (1) = ;Mg Y, (r) (17.21)
The equivalent lateral force at the jth floor level is then,
pialr) = m,“,m,ﬂu ¥.lrh [ 17.2&

in which ¥, is given by Eq. (17.1%
The contributions from each mode may then be summed to give the total equiv-
alent foree P at each floor level. For example, ar level 4,

i
= El Pl (17.23)

The internal dynamic shears and moments at any level can then be obtained by
summing all the story forces and the moments of these forces above the level
concemed.

In a similar manner. the displacement at anv level may be oblained by combin-
ing the responses from each mode at that position. The drift U/, at the wp of the
building is then 1

Uy =120 i, (17.24)

and the interstory drift is given by the difference between the total displacements
of the floors above and below the level concemed.

The great attraction of this method is that an independent analysis can be madnl
of a single-degree-of-freedom system for each natural mode of vibration. The re-
sponse generally needs to be determined for only the first few modes since the total
response to earthquakes is primarily due to the lowest modes of vibration. Suffi
ciently accurate design values of forces and deformations in tall buildings shmlﬂ
be achieved by combining no more than about six modes in each component di
rection. Three would probably suffice for medium-rise buildings. Checks may be
carried out since the relative influence of each successive mode on the lmpcmal'llf
design parameters may be examined during the calculations. i

The eanthquake response is obtained by combining the contributions of all 1t_l_ﬂ-,;
modes of vibration involved, and this can be used to give a complete time-history
of the structural actions. However, only the evaluation of the peak response is of
imponance in design, and this may be derived directly from the design response
spectrum,

Design Response Spectrum Analysis. Since in the modal analysis the re
sponse of the structure in each mode of vibration is derived from a single-degrees
of-freedom system, the maximum response in that mode can be obtained directly
from the earthquake design response spectrum.

172 DYNAMIC REEPONSE TO EARTHOUAKE MOTIONS 441

The maximum response in the ath mode can be expressed in terms of the or
dinates of the displacement 8. pseudo velocity 8, and pseudo acceleration S,
which correspond 1o the frequency o, und dumping rutio 3, The three guantities
are related by, from Egs. (17,17}

3

EU]

= S, = wiSy, {17.25)
Expressed in terms of the modal panicipation factor . the maximum values
af the modal response quantities then become., from Eqgs. (17,181 to (17.24):

Maximum modal displacemeni

Yo = YuSua (17.26)
Maximum displacement at jth floor

iy = YuSuuo (17.27)
Maximum imerstory drift in jth story

80 = VaSunli = - 1) (17.28)
Maximum value of equivalent lateral force at jih foor F‘F,

Pu = YuSuM (17.29)

In Egs. (17.26) 1o (17.29), a bar above a pamicular vanable is used o denote
the maximum value of the quantity concermed.

The maximum values of the internal forces in the building, paricularly the story
shear and moments, are then obtained by a static analysis of the structure, taking
due account of the senses of these equivalent forces. Although they act in the same
direction for the lowest natural modes, they may act in opposite directions in the
higher modes. i o

The maximum base shear ¥, and base moment M, will then be. using Eq.
(17.29}.

LY ~
$IIUlr -~ E ',_Jﬂll e TII'SJ 1 E "!lr'p‘.lll = Trli"f.lsillr :‘E?"m}
i=1 i=1
3
M,, = E hP, = .5, E. hme,, (17.31)

J=1

where h, is the distance from the jth floor to the base.

The maximum modal response can thus be expressed in terms of the displace-
ments or accelerations, evaluated for the panicular frequency and damping ratio
for the mode, from the design response spectrum,

Equations (17.25), (17.27). and ¢17.29) show that if the displacements and
forces are both expressed in terms of the spectral displacement 5. the forces are
multiplied by the square of the natural frequency. Consequently. the higher modes
will be of greater significance in defining the forces in the structure than they are
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in the deflections. and it will be necessary to include more modal components to
evaluate the forces to the same degree of accuracy as the deflections.

The total response R of the building 10 eanhqguake motions is the sum ol the
individual responses r, of the natural modes. However, the maximum total re-
sponse R is not generally equal 1w the absolute sum of the maximum modal re-
sponses, 7. since they will not normally occur simultancously. Such & sum would,
however, give an upper bound to the masimum likely total response.

A more realistic design estimate of the maximum response is to combine the
modal maxima acconding to the square root of the sum of the squares (SRSS)
method,

R = J(Tr) (17.32)

The maximum values of displacements. interstory drifts. story shears. and mo-
ments may all be evaluated using Eg. (17.32).

This formula will generally give realistic estimates of peak response for struc-
tures in which the natural frequencies of vibration are well separated. a propernty |
that is usually valid for idealized building structures in which lateral displacements
in on¢ plane are considered. If this is not the case. and some natural frequencies
are so close that the motions may be coupled together, a more realistic combina-
tion, such as the complete guadratic combination method. should be underaken

[17.17].
The maximum estimated response due 10 earthquake motions may thus be de-
rived from the following procedure;

I. Establish the response spectrum from the ground mations.

2. Calculate the mass and stiffness matrices M and K. and estimate the modal

damping ratios 3.
3. Determine the first few natural frequencies w, and the modes of vibration
Pur-

4, Calculate the maximum response of the structure in each individual mode

as follows:

a. Fora natural frequency w, and damping ratio §,, determine the ordinates

5,4, and §,, of the displacement and acceleration response specira,

b. Calculate the floor displacements from Eq. (17.27) and the story drifts

from Eq. (17.28).
c. Calculate the equivalent story-level lateral forces from Eg. (17.29).

d. Calculate the internal shears and moments from statics for a cantilever

structure subjected to these lateral forces.
5. Calculate the peak value of the major design actions (displacement, drift.
story shear. and moment) by combining the maximum modal values accord-
ing 10 Eq. (17.32).

It is necessary to consider only the modes that contribute most 10 the response
of the structure. Since most of the energy of vibration is contained in the lower
modes of vibration, it is generally sufficient 1o consider no more than six modes
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i each horizontal direction [17.14]. A convenient rule is to include a sufficient
number of modes r so that an effective modal mass ¢ of at least 90% of the totul
mass of the building is represented by the modes chosen, that is.

F

Z 5,L,/100
o o= [ | { m

e
4

l J‘.I‘J“l

i=1

Worked Example. To illustrate the method of analysis, the simple idealized
three-story shear building of Fig. 17.11 is considered. It is assumed that the col-
umns are uniform throughout the height, and that the mass of the building may be
Iump,:q equally at the three Aoor levels. For simplicity. it is assumed that the floors
are ngid. and that the axial deformations of the columns can be neglected, The
movement of the structure can then be expressed in terms of the three horizontal
deflections u,. u;. and u; at the foor levels. For undamped free vibrations, the
mass and stiffness matrices in Eq. 17.11 become

W 0 0 k. =k ui
M= 0 W 0 and K= |-k 2%k -k
0 0 W 0 =k 2%

in which k = 12E1/h°, where El is the sum of the Aexural rigidities of the col-
umns, and & is the story height. A value of &/ W of 250 is assumed.

On substituting the mass and stiffness matrices into Eq. 17.13. and solving the
resulting eigenvalue equation, the three natural frequencies. periods. and corre-
sponding modes of vibration are found to be

w; = 7.036 rad /sec w, = 19717 rad/sec  w, = 28.49] rad /sec

n = 1.12 Hz n, = 3.14 Hz sy = 4,53 Hz
T, = 0.89 sec T, = 0.32 sec T = 0.22 sec
| -] |
# = | 0.802 wa = | 0.555 ey = | =2.247
0.445 1.247 1.802

For convenience. the top floor displacement is taken as unity for each of the three
mode shapes.

The NBCC design earthquake response spectrum used, normalized 10 a peak
ground acceleration of | g, is shown in Fig, 17.12. It is further assumed that the
building is located in a seismic zone for which the peak ground acceleration is
taken 10 be 0.1 g. and that the structure has a damping ratio of 3%. Consequently.
the design spectral displacements, velocities, and accelerstions corresponding 1o
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Fig. 17.11 Example struciure. r.rLr i

the value of the first three natural periods may be obtained by multiplying the

ordinates of §,. §,. and §, from Fig. 17.12 by a factor of 0. 1. The values obtained
are as follows:

Mode 1 2 3
Matural frequency (Hz) l.12 3.4 4.53
Sy () 0.035 0.010 0.0053
5, (m/sec) 0.25 0.20 0.15
8, (m/sec’) 1.76 3.94 4.24
(0.18 g} (0.4 g) (043 p)
A T
i
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Fig. 17.12 Design seismic response spectrum used for seorked example.
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The sequence of calculations is as follows:

Modal Participation Factors. From Eg. 17.18. for mode 1.

L]
L= 2 mg, = Wi+ WOS02 + WO.445 = 22470

' 2
a
My= 2omefy = W) + W(0.802)° + W(0.445) = 1841w

.. Paricipation factor

Similar calculations for modes 2 and 3 yield

Ly

0.555W M, = 9296W 4, = 0.0597

Horizontal Deflections. Due to mode 1. the maximum horizontal deflections
the three story levels become. from Eq. 17.27 i

My =% 8¢y = 1.221 x 0,035 x| = 0.0427 m
iy = ‘;,5,...51131 = [.221 x 0.035 x 0.802 = 0.0343 m
wy = 3 80 = 1.221 x 0.035 x 0.445 = 0.0190 m

The corresponding values for modes 2 and 3 become

iy = =0.0028 m Uy
Uyy = 0.0003 m bwy

Il

0.0016 m w5 = 0.0035 m
—ﬂ.[m? m Hyjy = ﬂ.m m

_lec to all three modes, the maximum horizontal deflection at the top of the
building can then be estimated to be. from Eq. 17.32.

i = V0.0427° + 0.0028% + 0.0003° = 0.043 m

In this case, the second and third modes have little influence on the maximum
top deflection.

The horizontal deflections may be used to estimate the cormespanding magni-

tudes of the interstory drifts for all three stories of the structure. For mode 1. the
interstory drifts d,, for the staries j become
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Sy 1. dyy = 00190 — 0 = 0.0090 m
Story 2, gy = 0.0343 - 0.0190 = 00153 m

0.0084 m

Story 3. ey, = 0.0427 = 0.0343
The corresponding values for modes 2 and 3 are

dis =0.0035m dyy=-00019m dy=—0.004m

drl = 0.0006 m d]'l. = _ﬂ.m|3 m I‘:l‘_q_x = Gmlﬂ m

The modal values may again be combined 1o give an estimate of the maximum
probable interstory drifts o, For the hirst story

dy = ~0,0190° + 0.0035° + 0.0006° = 0.0193 m
Similarly. for the second and third stories.

dy =00155m oy =00095m
Equivalent Lateral Forces. To calculate the magnitudes of the forces involved
1t is assumed that each mass W = 30,000 kg.

From Eq. 17.29, the maximum value of the equivalent lateral force at roof level
due 1w mode | is

Py = 1S, mey = 1,221 % 1.76 % 30,000 x | N = 64.47 x 10°N

64.47 kN

Similarly. at levels | and 2,

1.221 x 1.76 x 30,000 > 0.802 N = 51.7 kN
1.221 % 1.76 = 30,000 x 0.445 N = 28.69 kN

F]!

Similarly. for modes 2 and 3, the corresponding values become

-P_'lg = —33| kN 13

7.59 kN )

18.37 kN
—17.06 kN

Pis = 41.27 kN

li

P,y = 13.68 kN

=
[

Base Shears and Moments. Duec 1o mode 1. the maximum base shear and

moment become, from Eq. 17.30

Vo = 64.47 4 51.70 + 2869 = 144.86 kN
My = 6447 x 9 + 51,70 X 6 + 2869 x 3 = 976.5 kNm
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The corresponding values due 10 modes 2 and 3 become. taking due account of
the senses of the forces,

II/|||: = 4,21 kN

Vi = 26,54 kN

My = —63.87kNm M. = 6.99 kNm

The maximum probable base shears and moments due 1o all modes then hecome

VI44.86" + 26.58° + 4.21° = |47.3 kN

V976.5° + 63.87° + 6.99° = 978.6 kN

:I-E
]

Lateral-Torsional Coupling. As noted previously. the usual procedure in the
spectrum analysis of tall buildings is to consider the response of the structure 1o
two independent onthogonal motions. Strictly speakin £. this approach is valid only
if the centers of mass and resistance are coincident. although the errors may be
acceptable if the eccentricity is small.

However. coupling between translational motions and rotational motions about
a vertical axis will likely occur if either the cccentricity between the centers of
mass and resistance are large. or the natural frequencies of lateral and torsional
vibration are close together. For such structures, independent analyses of two or
thogonal translatory motions may not be sufficiently accurate, and all three degrees
of freedom—two translations and one rotation—should be included at each floor
level. The modal method of analysis may then be applied to the system with three
degrees of freedom at each fioor level. In so doing. it must be borne in mind that
mades which are predominantly torsional can be excited by translational compo-
nents of ground motion, and that a particular mode can be excited by both hori-
zontal components. The resulting maxima should then be combined by the more
general formula of Newmark and Rosenblueth [17.13].

Vertical Components of Ground Motion. Although horizontal ground mao-
tions are normally dominant, it may not be possible 1o negiect the ventical secel-
erations, which may be large compared to the gravitational acceleration in regions
of high seismicity. The dynamic vertical response may be estimated by the use of
a vertical response spectrum to obtain the equivalent vertical forces for which the
building must be designed,

The peak response due 10 horizontal and vertical ground motions may then be
estimated from the square root of the sum of the squares of the individual maxima.

Nonlinear Inelastic Behavior. Although a nonlinear analysis can always be
achieved from a step-by-step piecewise-linear elastic analysis, with the calculation
divided up into a series of time steps, and with the current stiffness of the structure
appropriate to the stress level concerned being used during each step, such a pro-
cedure would be too cumbersome for design purposes.

Although the modal method of analysis is strictly applicable only 10 elustic
systems, a simple procedure that produces results of acceptable accuracy [17.15]
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uses a lingar analysis in conjunction with an inglastic response spectrum, TJ'!c ap-
proach is reasonably accurate for building structures in which the deformation is.
limited to ductility factors of about 5 or 6.

The inelastic design spectrum can be derived from the elastic spectrum and l_h:-:
allowable ductility factor u. defined as the ratio of the ultlm.?ﬂc or maximum dis-
placement u,, to the effective elastic limit deflection u, . that is,

u = ugfu, (17.33)

The elastic design spectrum of Fig. 17.13 may be divided into _lhm: regions=S
the displacement region { w between 0.1 and 0.4 Hz ), velocity region { « between
0.4 and 4 Hz). and acceleration region (w between 4 and 7.7 Hz). IT the elastics
plastic load-displacement relationship is of bilinear form, as shown in Fig. 17,14,

B ===

Load

N

e P

Fig. 17.14 Idealized load-displacement-
CUrve. Deflect ton

-
=
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it can be shown [17.14] that the inelustic spectrum may be obtained by multiplying
the values in the displacement and velocity regions by a factor | /. and the values
in the acceleration region by a factor 1 /(24 — 1)/, The resulting inelastic design
spectrum is shown by the broken line in Fig. 17.13 for a ductility factor of 2,

With this approach. is possible to define design spectra (o take account of in-
elastic structural behavior.

Soil-Structure Interaction. 1f a structure is founded on rock. the motion ex-
perienced by the base is essentially that of the original soil. and the calculations
may be carried out as if the base were rigid. However., a compliant soil adds
flexibility 1o the system. but it also absorbs energy due to the propagation of stress
waves in the soil. and the amount of damping can be considerably increased, In
this case. soil-structure interaction may have a significant effect on structural re-
sponse. and should be considered in the analysis,

The simplest method of including the foundation flexibility is to represent the
soil under the base by a group of springs to simulate the stiffness and a series of
dashpots to simulate the damping. The eanthquake motions may then be applied
1o the base of the springs and dashpots. If it is assumed that the springs are of
constant stifiness and damping is uniform in each mode, a response spectrum anal-
¥sis may be used to determine the peak response [17.17). More complex methods
of analysis, including perhaps a time-history response. will be required if 4 more
accurale nonlinear representation of the soil is incorporated in the model,

Comparison between Design Methods for Dynamic Responses due lo
Wind and Earthquake Forces. The similarity between the design methods for
the dynamic analysis of structures subjected to turbulent wind forces or earthquake
ground metions is illustrated in Table 17.1 [17.8).

17.2.3 Empirical Relationships for Fundamental Natural Frequency

It has been shown carlier thut o knowledge of the fundamental nutural Ireguency
of a building is necessary 1o determine the design loading and response to either
turbulent wind or eanthquake actions. The estimation of this parameler can pose
difficulties in the early design stages when the final structural form has not been
decided in detail.

Many studies reported in the literature have attempted to derive empinical for-
mulas 1o allow an estimation of the fundamental natural frequency. or period. of
4 building, based only on simple geometric parameters. Two widely used formulus
for the fundamental frequency u,, are

(Hz) (17.34)

Hy

0.091H

where D is the base direction (in meters) in the direction of motion considered.
and H is the height of the building (in meters),
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TABLE 17.1 Comparison between Disign Procedures against Wind and
Earthquake Actions

Design for Wind Response Design for Earthguake Response

Climate Ay
Pwind speeds. dincciions. stonm 1y pes] Iseistmwiny . energy releose. frequency ol
RTUR Ty (T
1 :
Exposure (termaim roughness, topogriphy. Lowal geologweal and geotechnical Ieatunes
local obstructions) hiaulis, sils. Toumdations)
i i
Time-History of Wind Field Time-History of Earthguake Accelera-
livns
. |
Structurc: serodynaniics properics fgeone SINIclure: pemuctie properics [conliguri-

ey heighe, width, breadih)
Time-History of Aerodynamic Foroes Time-History of Inertial Forees
l H
Structure: mechanical properics (stilfness, Structure: mechenicul propenics (stiflness.

ton. Trming. weight)

miass. damping) miass, damping )
i 3
Time-History of Structural Response Time-History of Structural Response
L i
stress. deflection. seeeleration. pressune stress, deflection. acceleration. damage
Design Criteria Design ICriltriu

It has been suggested [17.15] that this formula is paricularly applicable to reip-
forced concrete shear wall buildings and braced steel frames.

Bt

ny = I—ﬁ{HzJ (17.35)

where N is the number of stories in the building.

It is suggested in the NBCC [17.3] that this formula should be used when the
lateral force-resisting system consists of a moment-resisting space frame thal res
sists the entire lateral forces. and the frame is not enclosed or adjoined by more
rigid elements that would tend to prevent the frame from resisting lateral forces.

Another formula that has also been commonly used is,

1

my = q4
=
'CTH

{17.36)

where C; is equal 1o 0.035 or 0.025 for steel or concrete structures. respectively,
and # is the building height (in feet). This formula is also most appropriate when
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moment-resisting frames are the sole lutenl-load-resisting element in the building
| 17.15].

The first two formulas were tested by Ellis |17, 18] against the measured natural
frequencies of 17 buildings. ranging in height from 7 1o 44 stories. He found that
errors greater than +30% were not abnormal. but that the simpler formula [Eg.
(17.35}] generally gave more accurate results,

He tried different simple predictor formulas and compared the results with the
actual measured frequencies of 163 buildings of rectangular plan-form. As a resull
of his study, the following formula was recommended:

46
o= {17.37)

where H is the building height (in meters).

It may be noted that he also suggested that the frequency of the first orthagonal
translational mode can be estimated as 58 /H, and the frequency of the first lor-
sional mode as 72 /H. Care must also be taken when using these formulas. pantic-
ularly the worsional mode predictor.

Once a preliminary design has been achieved and the stiffness of the bullding
15 known. a more accurate estimate of the fundamental natural frequency may be
determined from established procedures. A reasonably accurate approximate for
mula based on Rayleigh's method [17.15] is

- | F2
L (&Eﬂ) (17.38)

h
e \LWur

in which W, is the weight of the ith floor. u, is the calculated static horizontal
deflection at the ith level due to a sel of equivalent lateral loads F, at the fAoor
levels, and g is the gravitational acceleration. Any reasonable distribution of loads
F, may be selected. but it is convenient to use the statically equivalent forces due
to wind or earthquake actions discussed in Chapier 3,

17.2.4 Structural Damping Ratios -

As discussed earlier, structural damping is normally estimated in terms of a per-
centage of the critical damping ratio, with values obtained from measurements on
full-scale similar structures serving as a guide. The amount of damping in a struc-
ture will depend on the magnitude of the displacements and stress levels involved,
and different values will generally be quoted for service and ultimate conditions.
Typical values for reinforced concrete (RC) and steel framed buildings are given
in Table 17.2 [17.4].

Mare complex formulas for the above structural forms, expressing the structural
damping ratio in terms of the fundamental natural frequency and the drift index,
ure also given in Rel, [ 17.4].
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TABLE 17.2 Typical Structural Damping Ratios

Dumping Ratio g

Form of Construction service Llnmate
RC core. cantilever floor. light weight cladding 0016 0,022
RC columns. slab flooms. few intermal walls 0,030 0.070
RC frame. few internal walls 0.030 0,070
RC frame. shear walls 0,030 l.l.ﬂ;i!’.l
RC shear core and columns, some intermal walls 0,060 ll.l:{!
RC frame. some intermal walls 0040 0.120
RC all forms. many internal walls 0,050 0. 160
Steel frame, no internal walls 0,005 0.007
Steel frame., few imternal walls 0.025 0. ()
Steel freme, many intermal walls 0,040 0150

17.3 COMFORT CRITERIA: HUMAN RESPONSE TO BUILDING
MOTIONS

From the public’s point of view. a building structure should remain :ilatil:*l‘lifr}f. and
s0 movements that in other circumstances might be quite acceptable can in a m]il
building induce a wide range of responses, raqging from :fnxicl_y 10 acute nuus;:
in its occupants. Motions that have psychological or physiological effects on t
occupants may thus result in an otherwise acceptable structure Fm:nm!ng_an un-
desirable building. with 4 resulting reputation that may produce difficulties in rent-
ing the Aoor space. It is thus not sufficient to pm_wdc a structure capable of re-
sisting the stresses induced by the design loading. with sufficient suiﬁ?er.s 1o prevent
excessive movement and damage to nonstructural elements: the designer must en-
sure also that there are no undesirable motions that could adversely affect the oc-
s 1.
EUF’[T v:ruuld be prohibitively expensive 1o construct a building that would not m.n“',i
perceptibly in the worst storm or during a severe earthquake. Cnn;cqucnlly. :-.mm-r.
some motion is inevitable, the goal is to determine levels of motion and rates of
accurrence that are both economic and acceplable to the building occupants.
This section examines briefly the criteria involved and discusses the design im-
plications of the provision of human comfort,

17.3.1 Human Perception of Building Motion

The most common causes of vibration in structures are wind, cunquuakcs, M=
chinery, nearby industrial plants. and the various types of transportation, Thc m:d
tions resulting from these causes can vary greatly in duratmp and intensity. and
there are a variety of mechanisms by which the apparent motion may be exagger-
ated.
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The perception of building movement depends largely on the degree of stimu-
lation of the body's central nervous system. the sensitive balance sensors within
the inner ears playing a crucial role in allowing both linear and angular acceler-
tions 1o be sensed. Human response 1o building vibration is influenced by many
factors. such as the movement of suspended objects. and the noise due to turbulent
wind or fretting berween building components. [f the building twists. objects ai g
distance viewed by the Oucupants may appear to move slighily, and relative move-
ments of adjacent buildings vibrating out of phase will be exaggerated. False cues
may result from wind forces causing flexing of glass in windows. Human reaction
will be affected by any fear for the structural soundness of the building. and hy
any previous experience of this or similar situations.

17.3.2 Perception Thresholds

There are as vet no generally accepted international standards for comfon eriterin,
although they are under active consideration. and the engineer must base his design
crileria on an assessment of published data. In recent years, a considerable amouni
of research has been carried out into the imponant physiological and paychological
parameters that affect human perception to motion and vibration in the low fre-
quency range of 0-1 Hz encountered in 1all buildings. These parameters include
the subject’s expectancy and experience. the activity he is pursuing. his body pos-
ture and orientation, visual and acoustic cues. and the amplitude, frequency, and
accelerations for both the translational and rotational motions 1o which he is sub-
Jected. A considerable amount of data is now available, but only the most impar
tant general consequences for design are considered here.

It is now generally agreed that acceleration is the predominant parameter in
determining the nature of human response to vibration [17.19], and this. with a
knowledge of the frequency of oscillation. can define all other relevant parameters
of sinusoidal vibration.

Based on a series of studies in which subjects were called on to undertake a
fange of manual tasks when subjected 1o a variety of building motions. a set of
thresholds for tall building motions has been proposed. Figure 17,15 shows a typ-
ical interaction curve indicating upper bounds of accelerations for different degrees
of hindrance to task performance as affected by the period of vibration [17.20],
The boundaries indicated by the letiers refer 1o the following limits: (A) perceptible
threshold: (B) desk work and psychological limit; (C) ambulatory linic (D) buald-
ing motion limit, The numbers refer to the different perception levels defined in
Table 17.3, which illustrates how human behavior and motion perception are af-
fected by different ranges of acceleration [17.20]. Corresponding tentative pro-
posals [17.21] for perception thresholds, showing the comfort limits expressed in
terms of the accelerations, displacement amplitudes. and periods of vibration. ane
shown in Fig. 17.16,

Based on an examination of the available data, curves have been produced
[17.19. 17.22] to give recommended upper limits of acceleration for various fre-
quencies depending on the building use. Since individual perception thresholds
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Fig. 17.15 Building motion criteria for human response (after Yamada and Goto [17.200)%

TABLE 17.3 Human Perception Levels

DYMAMIC ANALYSIS

Acceleration {(mfsec?)

.8

I
o

.
A

0.2

Feriod (sec)

Range

Acceleration

(m/uect)

Effect

|
2

3

<0.05
0.05-0.10

0.1-0.25

0.25-0.3

0.4-0.5

0.5-0.6
0.6-0.7

=0.85

Humans cannot perceive motion
Sensitive people can perceive motinng
hanging objects may move slightly.
Majority of people will perceive mo-
tion, level of motion may affect.
desk work: long-term cxposure
may produce motion sickness
Diesk work becomes difficult oral-
most impossible; ambulation still
possible |
People strongly perceive motion: difs
ficult to walk naturelly: standing
people may lose bulunce. !
Mast people cannot tolerate mation !
and are unable 1 walk nawrally
People cannot walk or tolenute mo-
tion.
Objects begin to fall and people may
be injured
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Fig. 17.16 Human comfon curves (afier Chang [17.21]),

tend to follow a lognormal probability distribution, there will, theoretically at least,
always be a centain number of people who will notice any building motion however
small the displacements. The curves are therefore based on the accepted criterion
that not more than 2% of those occupying the parts of the building where motions
are greatest complain about them. The figures are based on the motion caused by
the peak 10 minutes of the worst wind storm with 4 relum period of 5 years or
more. Since human response 1o motion depends on previous experience of similar
events. different criteria should be used for storm-induced building motions than
are used for regularly recurring motions: the criteria for the latter should be related
o perception thresholds,

The curves shown in Fig. 17.17 may be used as a guide 1o the limits of motion
perception and comfort criteria for horizontal building movements, The criteria are
based on the root-mean-square (rms) value of the translational acceleration. The
appropriate curves El to ES for design use for different adverse comment levels
for the maximum 10 minutes of the worst storm in a |- or S-year return period are
indicated in Table 17.4 [17.19]). The curves refer to o critical working area, such
as a hospital operating theatre. For less critical areas. the curves may be multiplied
by the factors shown in Table 17.5.
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Fig. 17.17 Perception levels and comfon eriteria for human response to building motions
{after Irwin [17.19]). (To be used in association with Table 17.4.)

The curves are based on the assumption that the building is properly clad and
insulated acoustically so that noises caused by wind and building motions are nol
transmitted to the occupants. If this is not the case, the acceptable magnitudes
must be reduced by an appropriate factor [17.19] since the effect of noise is 10
exaggerate the feelings caused by the motion. i :

The NBCC |17.3] gives an alternative useful guideline. recommending aceel

TABLE 17.4 Appropriate Curves and Adverse Comment Levels for the Maximum
10 Minutes of the Worst Storm in a 1- or 5-Year Return Period

Application Buildings Structures Manned by Trained Personnel
Curve (Fig. 17.17) El E2 E3 E4 ES
Return period in | 5 1 i 5 1 e
years
: Hind holds or restra
Pﬂ;;ﬂzf:l“ﬂ“m 2 2 12 2 4 12 hamiess requined

After Iewin |17 19]
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TABLE 17.5 Environmental Factors for Use with Comfort Criteria Curves,

Pluce - Time Steady Conditions Impulsive Events
Critical urea Any I |

i Day wd ok 1o Gl
Residential Night 14 210
Office Any 4 128"
Workshop Any 8 128"

"With prior waming.
Afier lrwin |17.19).

cration limitations of 1-3% of gruvity (0.09 10 0.27 m/sec”) once in every 10
vears. the two figures being more appropriate for apariment und office blocks re-
spectively.

If the building is subjected simultaneously to two orthogonal herizontal Lrins-
lational acceleration components, { expressed in m/sec” rms values ). they must be
summed vectorially, and any rotational acceleration component included 1o give
the final acceleration to be considered.

17.3.3 Use of Comfort Criteria in Design

In the design stages. the probable motion of a planned structure can be predicted
from a dynamic analysis. In the case of a presti gious or unusual structure. it may
be necessary to perform a wind-tunnel investigation on an aeroelastic model of the
proposed design. The predicied values should be verified subsequently by mea-
sured motions of the built structure so that possible problems in service may be
foreseen.

The predicied accelerations and periods of vibration may then be compared with
the threshold curves to ascertain whether any problems are likely 1o be encoun-
tered.,

If unacceptable tevels of motion are predicted, a number of solutions of varying
complexity may be employed. Although static deflections may be reduced by the
provision of extra stiffness. it has only a slight influence on the reduction of ac-
celerations.

This can be shown by considering the general equation of motion for a structure

Mi + Ca + Ku = Pf(r) (17.39)
from which it may be deduced that the acceleration is proportional 10 i, ",
where i, is the peak displacement and w is the circular frequency of motion,
Increasing the stiffness K of the structure by a factor A reduces u,,,., by the same
factor. Simultaneously, however, the increase in stiffness causes w” to be increased
by the same factor A. to leave the product u,,,w’, and the peak acceleration,
unchanged.

However, a slight reduction in acceleration can be achieved by an increase in
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stiffness. since this leads to a reduction in the magnitude of the dynamic wind
force Pf(1). due to the available spectral wind energy generally decreasing with
higher frequencies.

Equation 17.39 shows that increasing the mass produces a corresponding de-
crease in acceleration. However. controlling accelerations by increasing the build-
ing weight is an expensive and impractical solution. particularly since it may have
other adverse effects such as increasing the loads on the foundations. |

An obvious control on acceleration is by an increase in damping. Apan from
air friction, energy is dissipated by hysteretic losses in the material of the structure
and by friction between moving parts: consequently. materials with high hysteresis |
such as concrete. or joints with the possibility of large friction, such as bolted steel
connections. are effective in reducing undesirable accelerations. If exceptionally |
severe problems of acceleration are encountered. it may be necessary to include
devices such as tuned mass-dampers to dissipate energy [17.23). .

Problems may arise due to the coupling between translational and rotational |
motions when their frequencies are close. If this is the case. it may be possible to
separate the frequencies concerned by a change in the design configuration that
would alter the way in which the bending and torsional resistances are mobilized
in the structure.

Earthquake-induced motions, as far as human response is concerned. are quite
different from those that result from wind forces. Eanhquakes occur much less

frequently than wind storms, and only in cenain areas of the world. Their duration
of vibration can be generally very short and transiemt in nature. and the motions.
induced are generally much more violent. In addition to the horizontal accelera-
tions, significant vertical accelerations may also be present. People who experience.
carthquakes of any severity are simply thankful to have survived the ordeal: hence
the design criterion is one of safety rather than comfon.

SUMMARY

Although for many tall buildings it is possible to treat the dynamic forces due 18
wind or seismic actions by equivalent static lateral loads. it may be necessary if
cerain cases 1o use a dynamic method of analysis to obtain an accurate represens
tation of the peak dynamic forces and stresses, deflections. and accelerations. It is:
also important 1o ensure that the building motions do not affect the comfort and
equanimity of the occupants. Guidelines are available 10 determine when 2 dys
namic analysis is required.

Dynamic wind pressures produce sinusoidal or narmow-band vibration motions,
and the building will generally undergo translations in both along-wind and cros
wind directions. and possibly rotations about a vertical axis. The vast amount of
experimental and theoretical research of the past few decades has allowed the ins
clusion in Design Codes of simplified methods of dynamic analysis that do not
require a formal solution of the equations of motion. The along-wind response can
be analyzed by the gust factor method. Based on a number of environmental and
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structural parameters, a gust factor may be determined. such that if the mean
response 10 an equivalent static design factor is multiplied by the ;_H.ISI factor, it
wrll prlnwde a reasonable estimate of the peak dynamic response 1o the ﬂucluat;n
wind forces. It has not yet proved possible 1o develop a corresponding techni HE
for t|l'tE cross-wind response. and the most accurate method is still to test an u:m-
elastic mud!el in a wind wnnel. However, empirical formulas are available 10 allow
a rough estimate of the cross-wind response to be determined.

T.h: ground shaking that occurs in an earthquake can be described by a series
of vinually random acceleration pulses, and the resulting building rcspons;! will
dcpﬂnq O i.t.'i structural mass, stifiness, and amount of damping. If the input ac-
cclcf}llmn history is known. the equations of motion may be integrated numericall
o give a time-hi._smr}' of the structural response to the earthquake. However fuyr
design PUTpOsEs It 1s necessary only to determine the peak response, and this +rrm
be obrained more directly from a design response spectrum analysis. using th‘i
mru!n] superposition method of dynamic analysis. In this method. the :qua;.liuns of
[;:c:én_r;;re u::jcnuip:]odl: and the response in each natural mode of vibration caleu-

1 ndently i
el Etdingta:c :pot::e fathers. The modal responses are then combined 1o give

A[thumgh many other factors such as visual cues, body position and orientation
state of mind. and experience of previous happenings may play a pan, it a ;
that th:: building acceleration is of paramount importance in d:r:nnining tmrf
cupant s perception of motion. Threshold curves have been devised to provide
limiting values of acceleration and frequency for both human motion p:rchtiwl
and comfort. which apply 1o the vast majority of people. The predicted building

accelerations can then be compared with the limiti et :
ting criteria to e
problems are likely 1o occur. g stablish whether
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NN CHAPTER 18

Creep, Shrinkage, and Temperature
Effects

Until relatively recently, engineers paid little attention 1o the influence of creep
and shrinkage on the design of concrete buildings, It was generally assumed that
creep effects were beneficial in relieving overstressed sections by allowing a re-
distribution of load 10 less highly stressed regions. On the other hand. shrinkage
was regarded as an inevitable fact that had to be tolerated. The structural moves
ments caused by temperature changes were accommodated within relatively long
members by a judicious arrangement of construction joints. in combination with
appropnate reinforcement to reduce the effect and partially relieve the resulting
stresses. However. with increasing heights of buildings. the time-dependent shon-
ening of columns and shear walls becomes of much greater importance due (o the
cumulative nature of such deformations. An 80-story-high concrete column, for
example. might be expected to shorten by about 4.6 cm (1.8 in. ) due 1o creep and
6 cm (2.4 in.) due to shrinkage. In cases in which the building construction uses
concrete pumping. which requires a more liquid mix than conventionally placed

concrete. particular consideration should be given to the potentially greater creep
and shrinkage movemens,

18.1 EFFECTS OF DIFFERENTIAL MOVEMENTS

In concrete members, the strains due 10 creep and shrinkage depend on the per-
centage of reinforcement and the volume-to-surface ratio as well as on the basic
material properties. When subjected to the same stress levels, the strains due to
creep and shrinkage decrease with an increase in both percentage of reinforcement
and volume-to-surface ratio.

In 2 high-rise building, adjacent vertical members may have different percent-
ages of reinforcement due to different gravity loadings, which result from different
:nbur:ar:,r areas or from nonuniform stresses caused by lateral forces. Consequently
the differential shortening of adjacent columns will produce shear and moment Inl
the connecting beams or slabs, due to the relative vertical displacement of the
Suppors. A redistribution of load will result. with load transier 1o the column that
shortens less, Similarly, problems may urise il 4 large heavily reinforeed column
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is located near o shear wall. for example. The column will amraet additional loads
from the shear wall. which suffers higher creep and shrinkage strains due 1o its
lower volume-to-surface arca and percentage of reinforcement. The differential
movements are cumulative over the height of the building, being zero wt ground
level and rcaching a maximum at roof level, Consequently. the effccts become
progressively more imponant as the height increases, and the cumulative distor-
tions may cause damage (o nonstructural elements such as panitions and windows
as well as overstressing the slabs in the upper levels.

The influence of sequence and time of construction may also be important, For
example, slipforming of service cores 1s frequently underaken as the first siep in
the construction and, consequently. the bulk of the inelastic shortening of the core
may have taken place before the adjacent columns and connecting beams and slabs
have been cast. Significamt differential movement of the slab suppons may then
occur as the columns are subjected to the full amount of creep and shrinkage rel-
ative to the virtually static core,

If a transfer girder is used to connect a shear core to exterior columns. any
differential vertical movement between core and columns will be restrained by the
transfer girder. and significant stresses may be induced in it

One of the more critical elements affected by vertical movement is the facade.
Problems have anisen in a number of masonry-faced buildings in which the interior
concrete frame has creptl. causing the exterior masonry 1o become load bearing,
with a resultant buckling or spalling and crushing. In some cases in which this has
happened. honzontal gaps have had to be cut in the facing to relieve the stresses.

In all cases, any restraint to the free movement will induce stresses in the strue-

tural elements.

18.2 DESIGNING FOR DIFFERENTIAL MOVEMENT

The characteristics of creep and shrinkage deformation are similar in that their
strain rates are greatest initially, and decrease progressively with time. As a rough
guide, some 40% of the inelastic strains that occur due to these phenomena take
place in the first 28 days, while after 3 and 6 months, some 60 and 70% of the
total deformation will have occurred. increasing to around 90% after 2 years. A
structure will thus have experienced the majority of the eventual effects only a few
years after construction. i

The available data on shrinkage of concrete have generally been obtained from
tests on small standard specimens stored in a controlled laboratory environment,
while creep data have penerally been obtained from specimens subjected to con-
stant loads. The latter thus cannot be applied directly for the prediction of inelastic
behavior of columns in tall buildings, since they are loaded progressively by in-
crements arising from each story constructed above the level concemed. Although
both creep and shrinkage produce shortening of the venical elements, the time and
sequence of construction have 2 pronounced effect on the total creep effect at any
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level. while shrinkage proceeds independently of construction time., Consequently
the creep apd shrinkage strains must be estimated separately before their ;:nmbinm:;
effects on the structure can be determined.

In the design process. the calculations are carried out in two Stages:

I. The amount of creep and shrinkage movement occurring in the columns and
shear \.va]i.v. must be determined. based on the loading history, member sizes
and reinforcements. and the environment concerned.

2. The ln:sulun_g merqher forees arising from the known amounts of differential
clastic and inelastic shortenings of the vertical components must be calcu-
lated and assessed.

Tcmperamrc movements differ from the inelastic deformations caused by creep
and shrinkage in that they are essentially elastic in nature. and vary continuous|
as they follow the seasonal and diumal temperature fluctuations th rn:;ughnut the Iifz
:e::;.:.mmre. They can also produce lengthening as well as shortening of all

Under cenain climatological conditions, sienificant 1empera i
occur between adjacent members of a hui[dging frame, pp:nix:z:':fﬂgzﬁnnﬁ
exterior and interior columns, The use of partially or fully exposed exterior col-
umns in high-rise buildings. in combination with a heated or air-conditioned static
1m:::_-r|=x] temperaiure, can create further engineering problems due to the relative
vertical elongation and contraction of the external facade. Although the exterior
spandrel beams will also be generally at a different temperawre from the interior
parallel beams. the problem tends 10 be less aciite since the total beam length
across the building is usually less than the total height of an exterior column,

_ The members on the face of the building exposed to direct sunlight will be at o
higher temperature than those on the opposite shaded side. and the building will
:!-;us nt:r:: to d:ﬂe:rcl ;u:y from the sun. It has been estimaied that the solar deflec-
1on at the top of 1 uildi i ituati ;
i wFi'nd o ding can in some situations be as much as 20% of the

In both very long and very tall buildings, the cumulative effects of both time-
dependent _'-ro1umr: changes and temperature changes increase with both.the length
and th height of the building. and it may become necessary for the :nginccrgtn
l:::z.ﬂ;dtr Ican:ful]l}' the possible magnitudes of the various differential movements
;e ﬂﬂ:::nzi :El.llgn;!e structural and architectural details for a satisfactory building

Slcps_, that may be taken to minimize differential movements include the design
of a :I:unmblr: concrete mix, close control of the curing procedures, and :nmfik
attention to the construction sequence. which involves the age of ‘pL[uc'mg of the
concrete in the different structural elements. If possible. adjacent columns and
walls should be propontioned so that they contain similar percentages of n:iﬂ'un:n:-
ment and are subjected 1o similar COMPressive siresses,
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18.3 CREEP AND SHRINKAGE EFFECTS

This section describes the practical method developed by Fintel and Khan [18.1,
18.2] for esumating the effects of creep and shrinkage.

18.3.1 Factors Affecting Creep and Shrinkage Movements in
Concrete

Creep consists of two components: true creep occurring under conditions of hygral
equilibrium where no moisture movement occurs between the specimen and the
surrounding medium, and drying creep. which results from an exchange of mois-
ture between the stressed member and 1ts environment. the latter being of impor-
tance only during the initial period of loading. Creep of concrete may be taken
be a linear function of stress up to values of around 40% of the ultimate strengths
above this level creep becomes a nonlinear function of stress. A typical creep-ti
curve is shown in Fig, 18.].

For a given concrete mix, the amount of creep depends 1o a considerable degree
on the loading history as well as the applied stress. It has been found that a concrete
specimen exhibits a much greater specific creep (that is. the ultimate creep strai
per unit sustained stress) if it is first loaded at an early age rather than when it
older. This is of considerable practical imponance. since creep decreases with the
age of the concrete. and so each increment in a loading sequence will add a smaller
component of specific creep to the final average creep of a column.

Provided that the stresses are not near the ultimate strength, the strains produced
in a concrete member at any time by a load increment are virtually independent of
the effects of any previous or subsequent applied loads. That is. cach applicd load
produces a creep strain that comesponds to the strength-stress ratio at the time o
application as if it were the only loading on the member.

Although accurate values of specific creep can be obtained only from a prope
long-term comprehensive experimental investigation on the actual concrete mix 0
be used in a structure, this would clearly not be a very practical approach in the

. 1000r— Y

ol

E 50— =

I /1-""

e 500

®

-t

-

& 250 i T

t i

(%] ]

1

Fig. 8.1 Varation of creep strain with % a0 B0 120 160
time, Time (days)

183 CAEEP AND SHAINKAGE EFFECTS 465

Specifire craap r_; [N 1 10

B 9 B 4 6 & 100 120 M0 160 190 200 o
i T T T T T I T r T =
~ ﬁ-i\' p—t—p—t——Test data: - bag =
= 5 ey | I { | | i==Extrapolation] !
~ AN ’F_ls"'""l i 30 =
P I N i o o b | 51
= | Fay =
T ‘-"s,_-n—}—r REETL
E fo= - e e e———

2y 2 = T , -*""-'-—uq.--.,::._..: 10 u
] {'I'_i' | 04 y s -E
= 02" D400 0.8 LD O LED Taarere

Specific creep :I': {inf1n/ib/4n® & 10*)

Fig. 18.2  Varimion of specific creep with elastic modulus of concrete for different periods
of loading.

design stage. Fortunately it has been shown that it is possible to predict basic creep
values from the modulus of elasticity at the time of load application, For normal
weight concrete. Fig. 18.2 shows the vaniation of specific creep values with the
initial elastic modulus for different load durations [18.1]. the extrapolated 20-year
value being regarded as the ultimate creep for design purposes. If the 28-day con-
crete strength is specified. the basic specific creep for loading at 28 days may be
determined. and the value then modified approximately to take account of con-
struction sequence. member dimensions. and percentage of reinforcement. as de-
scribed Jater.

Based on research data from numerous tests [18.3], a general curve showing
the relationship between creep and age of concrete at loading has been established
(Fig. 18.3). in which the creep has been expressed as a ratio A, of the unit datum
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creep value at an age of 28 days. The curve allows the effects of increments of
loading on a column to be summed up 10 give the ol creep effect produced by
the application of all loads.

Because of the essential regularity in form of the floors. and the repetition in-
volved in the construction of the majority of tall buildings. it may often be assumed
that the columns or walls are loaded with equal load increments at egual time
intervals. In that case. by taking the average specific creep. from Fig. 18.3. it is.
possible to convert the 28-day creep values into a curve showing the coefficient of
average creep. h,,. as a function of construction time (Fig. 18.4).

For example. if the rate of construction is li floors per week, and a particular.
column receives 54 equal load increments. it will take 252 days to apply all loads.
From Fig. 18.4. the creep coefficient h_, is 0.73. which can be used to factor the
value of 28-day specific creep to give the average value to be used in a calculation,
The curve in Fig. 18.4 illustrates graphically the influence of rate of load appli-
cation on the resulting creep which ensues.

The true creep component is independent of the dimensions of a member, only,
the drving creep component being affected by the size and shape. and so creep is
less sensitive than shrinkage to member size. Research |18.4] has indicated that
drying creep is of importance only during the initial 3 months. and may be disre-
garded after about 4 months. The relationship between creep cocfficient A, and
volume-to-surface ratio is shown in Fig. 18.5.
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It must be expected that the creep of concrete will also be affected by variations
in environmental humidity and temperatre. but sufficient research data have not
vet been gained to allow general conclusions 10 be reached. It appears likely, how-
ever. that the creep under conditions of varying temperature and humidity will be
higher than that obtained in a controlled laboratory environment.

Since shrinkage of concrete is caused by moisture evaporation from the surface,
the volume-to-surface ratio for the member will affect appreciably the resulting
shrinkage. The variation of the magnitude of shrinkage coefficient A, with the vol-
ume-to-surface ratio [18.3. 18.4] is shown in Fig. 18.5. The shrinkage cocflicient
A, may be used to convert experimental data from small-scale specimens 1o that
for full-scale columns. As with creep. it must be expected that higher rates of
shrinkage will occur under fluctuating humidity conditions compared 1o those
achieved in a controlled environment,

The rates of change of both creep and shrinkage with time follow an essentially
similar curve of the form shown in Fig, 18.6 [18.3]. The curve allows the ultimate
creep or shrinkage to be estimated from a laboratory test of a finite time duration.
or, conversely, a value at a panticular time 1o be estimated from a known ultimate
value. If it is desired to evaluate the amount of creep or shrinkage that results after
a particular time #,. for example. the final value would have to be multiplied by o
factor (1 = A, ) where A, is the value of A, a1 the particular time 1,
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18.3.2 Determination of Vertical Shortening of Walls and Columns

It is likely that rigorous estimates of the effects of I:Ja:il.il.: and mr:llasllr: 5h|nrt_cnil|:§_
of the vertical members on the horimntal:. E1E:I'l1lcnls ij be r:Fqur:d only Tu,-.'
case of very tall buildings or in situations in whnch_suﬁ‘ sial:ll systems connec -
tical elements subjected to large differential shortening, An inve m.gan:_n }rlna: ?[ =%
be desirable where dissimilar elements, such as cores and columns. which shornien

i ially, are closely spaced. : : .
dlﬁ;ir;:t:lii? shows tjl'rtc Fi‘;‘:.a'lizad elevation of a building in which slabs :w.'ﬂ]t
been placed o some level N. Since the suppons for the slab from level | to level
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N have been subjected to both elastic and inelastic displacements prior to casting,
these movements will have no influence on slab V. However, stresses will be
nduced in the slab due 1o differential movement of the suppons that tukes pluce
after the slab has been cast, for all subsequent time (1.e.. to time § = =),

The slab at level N will be subject to differential verical movements of ity
suppoms occurring between levels | and N as a result of the following:

I. creep due 1o loads that were applied before the slab wias cast (A
o

el I'

- creep due 1o loads that are applied during the subsequent construction from
level N up to roof level B {AL),

3. shrinkage (A ), and

4. elastic shontening during the progress of construction caused by the addi-
tional loads added between levels N and R (AL

Shortening due to Creep. The creep strains can be determined from the ef-
fects of the individual floor loads summed to give the total shortening, _

The creep of the ith story (Fig. 18.7), b,y,- due to loads that are applied befare
the slab at level A is placed. will be obtained by summing all the creep companents
that occur due 1o the loads applied to all stories from 10 N. The total creep will
occur over the time ¢ that elapses after the slab N s placed at time 1y (i.e., ¢ -
1o @ ). The creep strain will be obtained by the product of the specific creep ¢ tg!}
(obtained either from a 28-day test on a specimen of the design mix. or estimated
from the generalized curves of Fi g. 18.2) and the panicular stress a, ncturrini-ﬁh
the transformed section due to the load increments betwsen stories § and N, This
value must be multiplied by the creep coefficients A, to take account of the influ-
ence of the volume-to-surface area of the member, .. to include the effect of the
age of the column when each load increment is applied. and a factor {1 = X ) 1o
consider the component of creep that took place after the slab N was cast. The
total vertical displacement of the story is then given by the product of the story
height h, and the creep strain, or

N
Beww = by L el(28)a, AN (1 — \) (18.1)

If the loads are applied in equal increments at equal time intervals. Eq. (18.1)
can then be simplified to give

By = hiel(28)a AN (1 = M) (18.2)

where g, is now the sum of the stresses on the column due 1o loads between levels
fand N, and A, is the average creep coefficient to take account of the construction
time from level i 1o level ¥ (Fig. 18.4).

Hence, for all stories from the ground floor 1o level N, the total creep displace-
ment & due to loads applied prior 10 placing slab N will be obtained by summing
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the displacements in all stories involved, That is.
AR 0 3 (18.3)

The creep of the ith story, 8-, due to the loads that are applied subs:qu:ntl o
the casting of slab N is the sum of the creep components caused by all loads applied
between level A and the roof level R. Thus.

I
5y = h, 2 €l(28)o NN (18.4]
. -

where g,, is the stress on the transformed section caused by the load increments
between level N and the roof. . e

The total vertical shorening A - of all storics below level N due to loads applied
subsequent o the casting of slab N is then

(18.5)

Wad

N
ﬂ,h3=z&1
I

Shortening Caused by Shrinkage. The columns and walls in the stories
below the considered level N will contribute their remaining shnnkalgelﬁ‘, du::;_lgt._
the period subsequent to the time of casting of Islat:- N.Ina mann:r_s;r::lar_ :a : .
for creep deformations, the shrinkage de I'nnnauunrfnr each story wil ¢ gi cnmyi
the product of the story height &, the ultimate shrinkage strain e.. t.hﬂ size coe
cient A, to take account of the influence of the volume-to-surface ratio -::-_f the mem-
ber. and the coefficient (1 = XA,) to include only that pan ull" the shrinkage tl'u.t
takes place after the slab N was cast. On summing all sut_:h shrinkage deformations
of the stories below level N. the total shrinkage shonening A, becomes

N

~
A= Lb, = Lhed(l =X) (18.6)
] ]

The ultimate shrinkage strain e, should ideally be obtained from a s!:;a:imm of
the concrete mix to be used in the structure and stored under site conditions,

i i i fier slab NV is cast,
Elastic Shortening. During the period of construction a \
clastic shonening of the supporis to the slab will be cause:d by the action of all
load increments above level N. The total deformation A, will be obtained by add-
ing the individual deformations in each story. é,;. Thus,

N

S h (18.7)
A = Zoy =Pl :
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in which £, is the elastic modulus and A, is the transformed cross-sectional area of
the member in story i. and P is the sum of all loads above the particular level N
For regular buildings in which the column areas chan ge uniformly, there should
not be large variations in the differential elastic movement of the slab supports, as
can be observed from Eq. (18.7). For the upper slabs. there are many stories below

the slab but the loads above are small, while the position is reversed for the lower
slabs,

18.3.3 Influence of Reinforcement on Column Stresses, Creep, and
Shrinkage

When a reinforced conerete column is subjected to a sustained compressive force,
there is a gradual transfer of stress from the concrete 1o the steel as a result of the
shontening due 1o creep and shrinkage. In extreme cases of highly reinforced col-
umns. it is even possible that all the axial load could be transferred 1o the steel,
and tensile stresses induced in the concrete due to further shrinkage.

The transfer of stresses from the concrete may reduce significantly the shon-
ening due 1o creep and shrinkage, and hence reduce the differential effects on the
slabs. The influence of the reinforcing steel can be estimated by a separate caleu-
lation once the basic shortening has been determined.

By considering the conditions of equilibrium and compatibility between the steel

and conerete, it can be shown [18.1] that the changes in steel stresses, fa,, and
concrete stress, &a,.. become

5u_==.r -uF

ba, = (:r, + SE)F

(18.8)

where the function F is given by

F=1=exp[~(pn/1+ pn)E]

In Eqs. (18.8)

g, = initial elastic stress in concrete

total shrinkage strain of plain concrete adjusted for the volume-to-surface
ratio

. = ultimate specific creep of plain concrete

-
If

-
]

E. = modulus of elasticity of concrete

reinforcement ratio of cross section
= modular ratio (E, /E_)

=
il
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The residual creep and shrinkage strains d¢ of a reinforced concrete column will
then be equal 10 the additional steel strain and can be deduced directly from the
change in steel stress.

ot = e, + €)= % (18.9)

The total shortening will then be obtained by adding the elastic shortening and
the modified (residual) inelastic creep and shrinkage effects, taking account of the
reinforcement in the column or wall. Because the percentage of reinforcement. and
therefore its influence. is wsually much less in the case of walls. they tend to
shonen more than columns. Conversely, the higher percentage of reinforcement
in the lower story columns reduces considerably their creep and shrinkage defor-
mations. as does the fact that loading takes place over a longer period of time.

18.3.4 Worked Example

To illustrate the use of the various curves and formulas, the ultimate residual creep
and shrinkage strains. and the additional steel stresses. in a reinforced concrete
column at a particular level will be considered.

The given data are as follows: Interior column, of dimensions 0.5 x 1.25 m
(1.64 % 4.10 fi) situated 35 stories below roof leve!l, The area of reinforcing steel
is 262.5 cm” (40.69 in.” ) giving a percentage reinforcement of 4.2%.

For steel £, = 206.5 x 10" N/mm® (29.95 = 10° Ib/in.”)

For concrete E. = 27.9 x 10" N/mm’ (4.05 x 10° Ib/in.%)
EJE. =74

Modular ratio n

Transformed column arca A, = (0.5 x 1.25) + (7.4 — 1) x 262.5 x 107*
ord, =0793m’ (853 01)

If construction is at the rate of one floor every 4 days, the total time to complete

35 floors (i.e.. 35 load increments are applied) is 35 x 4 = 140 days. The imposed

loading from each floor = 166 kN (32.32 kip). From Fig. 18.2, the 20-year spe-

cific creep €/(28) for loading at 28 days is estimated to be 0.048 x 7

m/m/kN/m® (0.331 % 10"%in./in./lb/in.*) for the value of E, adopted. It is
estimated that the shrinkage strain for the first 90 days is 620 x 107" m/m
{in. fin.).

The required calculations are as follows:
From Fig. 18.4, at a time of 140 days, the coefficient A,, = 0.85
O3 X LB _ 199 m (0.587
TR e S
- From Fig. 18.5. the size coefficient ., = 1.06

For the column, volume-to-surface arca =
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Thus sustained stress on the concrete

F 166 x 35

g, = A= o - 7327 kN/m’ (1063 Ib/in.")

S Total creep siraine, = ¢[(28) X o, %X A, X A,

0.048 > 10" x 7327 x 1.06 % (.85

= 368 < 10 "m/mdin Jin.)

From Fig. 18.6, the coefficient A, which gives the ratio of shrinkage at 90 days
1o the ultimate shrinkage. is 0.60.

620 % 107"

S o8 - 1033 % 107" m/m (in. fin.)

From Fig. 18.5. the size coetliciem b, = 0.56
Soeo= 1033 % 10 " x 0.56 = 578.5 x 10 " m/m (in, fin.}
- Total creep and shrinkage strain = ¢, + ¢, = (316.8 + 578.5) = 10 ®
_ ; = 8953 « 10 "m/m (in. fin.)
C.Dm'cr't]ng the specific creep for loading at 28 days w consider incremental
loading over & period of 140 days. and wking account of the volume-to-surface
area effect. gives
Specific creep ¢/ = 0,048 x 10 " x 1.06 x 0.85 = 0.043 x 10 “m/m /kN/m’
For a specific creep e) = 0.043 % 10 " m/m/kN/m’ (0.296 x 10 "in./

in./Ib/in")

m
Ii

.= 27.9 x 10"kN/m" (4,05 x 10" Ib/in.")
po=0.042

o= T4
The function Fin Eq. (18.8) is
F=] =" =048

Therefore, from Eq. 18.8, the additional stress in the steel becomes
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7327 % 0,043 x 10 " + 5785 = 10 "
0.042 x 0.043 % 10 °

122.7 % 10" kN/m® (178 x 10° b /in.")

= {1,248

Go, =

]

From Eq. (18.9). the residual creep and shrinkage strain is

22.7 = 10°
T 206.5 x 10°
. Residual strains _ 594.2 j0="
Total strains ®05.3 « 107"

Ge =594.2 ¥ 10" m/m (in./in.)

= (.663

This ratio indicates that the total strains have been reduced by 34% due 1o the
presence of the reinforcement.

18.3.5 Influence of Vertical Shortening on Structural Actions in
Harizontal Members

In view of the lack of experimental data nvul_labh:. precise dﬁllmi:"- n:f thﬁfcqw'lmﬂ;i:
mental conditions during and after construction. ami. the various slm]:;_IK :ng M
sumptions that have had 1o be made to nch:rj.'c a solution, the me:lhud 0 maflmm
Fintel for determining the inelastic shoriening must bc re_gnn:le as .:apg .t.lﬁ o
only. It is generally accepled that ‘;11-. accurml:gl in estimating creep strains i
i rs of up to =30% are possible,

hlg'tll'i:: rﬁc?hzdgzns;rumcs lﬁal the shortening of the venical members can hehn:alv:u-
lated without reference to the horizontal connecting fle!'nenm. However. t ;u rlnn-
ments in the slabs caused by settflement of the suppans will produce a red#ﬂlr: . ‘]:11:
of loads in the vertical members, and a different stress level for creep e m_'l',' ke
present state of knowledge makes it impractical to include such re!in:mctrllt.: ;:un-
analysis. and so, in view of the uncertainties in the estimation of dflﬁn::: l:nl o
ening, an accurate mode! for the determination of stresses in the slabs i

ranted. , . ,
The effects of differential shortening between adjacent vertical ¢lements may be

estimated by replacing the floor slabs by beams of equivalent Stlfff‘lf::‘:il. ‘a-; dr:s:: :sh:j
in Appendix 1. to produce an analogous fr.ame model. The ﬂnal}ﬁl.\. Malnﬁda.hv i
with the known calculated differennal vertical settlements & . unrestrained by :;'
frame action. at the floor levels i. This movement Iprn-duccs "Iqt.m.l ?nd mﬂmﬂmh'u.
of magnitude 6E 1 A, /L, in which E, is the effective flexural rigidity of the H'I:_:d;
alent beam of span L,. with associated equal and opposite end shga_rs_ Elll';'nngrrlma
2M /L, . The analysis of the equivalent frame subjected to those initia orces lﬁ
then be achieved. using either a plane frame computer program or an :?ppr.aa.r;:'u:]hc
procedure using a simplified frame model (ef. Chap{crj]. Thu :m:.llyslh yie : .
distribution of the additional slab moments and axial forces in the columns

throughout the structure.
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When the columns shoren differentially over a period of time. at o progres:
sively deereasing rale. the resulting slub and girder moments sre relaxed by the
creep in those members. Tests have indicated that the chunge in moments may be
as much as S0% over g period of time. and it is suggested that the maximum value
of the differential settlement moments should be taken 1o be half of the caleulated
values assuming no reluxation due 1o creep in the horizontal members,

The suppont that seutles less will receive additional Joad from the other suppon,
the transferred component V; from beam element | being (M, + M) /L,. where
M, and M, are the end moments. reduced to allow for creep relaxation. on the
beam element. The load transferred over the entire height is obtained by summing
up all such values from the roof downward.

The stresses due to differential shomtening should be treated as equivalent dead
load stresses, modified by appropriate load factors before being combined with
other loading conditions. When choosing an appropriate load factor, it must be
bome in mind that the design relaxed momenis occur only for a relatively shon
time during the life of the building and they continue 1o decrease after that,

18.4 TEMPERATURE EFFECTS

Until relatively recently, thermal effects on tall buildings were generally insignif-
icant. The early buildings were well insulated by heavy cladding with low areas
of fenestration, and any possible thermal movements were controlled by expuansion
joints. In recent years. however. many buildings. both steel and concrete, have
been constructed with exterior columns cither partially or fully exposed to the
weather. When subjected to diurnal or seasonal lemperature variations, exposed
columns change their length relative to the interior columns, which remain essen-
tially at a constant temperature in a controlled environment. Although the length
changes within a single story are of secondary magnitude, the changes are cumu-
lative. starting at ground level and INCreasing 10 a maximum at the lop story, Al
heights abave 20 storics the effects may be significant. and it becomes desimble
lo investigate the influence of thermal deformations on both the structural actions
and on non-load-bearing elements such as internal pamtitions. If any restraini exists
to prevent free deformations, loads will be induced in the members concerned, As
well as vertical movements. horizonial deformations should be considered for
buildings greater than about 60 m (200 fi) in breadth.

Thermal movements are elastic in nature. and a conventional linear elastic anal-
ysis may be employed 1o predict the structural actions produced by any lemperature
changes. Changes in length in the exterior columns will impose differential vertical
displacements in the slabs and beams of the exterior bay. These in wm induce
moments and shears in the slabs and beams, and moments and additional axial
forces in the columns. The exterior columns will also be subjected 1o additional
moments due to the temperature differentials that exist between their warm and
cold sides, particularly if they arc partially exposed only. The tempernture differ-
ential between an exposed spandrel beam and the interior floor slab will produce
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tension in the beam in winter, and introduce compressive stresses into the floor
slab near the comers,

The analysis of such structural actions requires four main steps:

I. Dererminarion of a realistic design relarive remperaiure for the building,
Members in the interior of the building are maintained at a relatvely constant
temperature environment, Members on the outside of the building will be subject
to the interior lemperature on their inner faces. and to a varable external temper-
ature on the opposite faces. which will be influenced both by the ambient air tem-
perature and the effects of wind and solar radiation. Since steady-state heat con-
duction through @ section is possible only if the boundary emperatures remain
constant for a sufficient length of time. it is likely that rrue sieady-state conditions
will rarely occur. and an equivalent sieady-state design temperature must then be
chosen to allow temperature variations in the members 1o be determined. The mean
highest and lowes! effective seasonal temperatures for the specific locality in which
the building is to be sitvated can generally be obtained from a local meteorological
office.

The factors controlling heat transfer through the structural members are the time
lag and the attenuation of the extenor temperature amplitudes. which depend on
the frequency of temperature change and on the thermal properties of the members.
Materials such as steel. with a high thermal conductivity. will respond more quickly
1o emperature changes and will require a consideration of changes over a shorer
time period than for concrete. For the latter. it is considered adequate to use the
minimum mean daily temperature with a frequency of recurrence of 40 years as
the equivalem steady-state exterior design temperature. The design differential
temperature is then the difference berween exterior and interior mean values. Win-
ter differentials are generally more severe than summer ones, and. in addition. the
resulting contractions will be additive to creep and shrinkage movements. produc-
ing the most severe frame distonions.

2. Dererminarion of hear flow through the members. After gn equivalent steady-

state design differential tiemperature has been selected. the intenor wemperatures

may be calculated by a numerical solution of the heat flow equation. or by a graphic
method using a flow net construction [18.6].

3. Evaluation of the thermal movements in the members. The two basic effects
caused by temperature gradients through a column are bowing and an axial length
change.

The axial length change of a member is equivalent 1o its being loaded by an
axial force N. of magnitude

A

N= j alE dd = afAl, {18.10)

the cross-sectional area of the member

I,. = the average (emperature change

« = the coefficient of linear expansion of the material, which may be taken
to be constant over the practical range of temperatures encountered in
buildings.

£
&
i
%
[
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Although the value of & varies with the concrete mix concemed. and is partic-
ularly affected by the aggregate used. an average value for concrete may be taken
tobe o = 9.9 x 107" per °C, For steel. the value of e may be assumed o be o
= 11,7 x 10" per °C. :

'J_"hc lemperature gradient will produce a corresponding initial effective moment
M, in the ¥ direction. given by

M = \ Ewiy dd (18.11)

The corresponding moment M, in the X direction may be obtained in a similar
manner if the column is subjected 1o biaxial bending. This will be of panticular
imponance for comer columns,

Corresponding initial effective axial forces and bending moments may be ob-
tained for the honzontal spandrel beams.

-?‘._ ;_‘:'{u.\-ri-:- analysis of the frame for the imposed differential length changes
The initial forces and moments due to the thermal movements acting on the Frunlu;
with all joints restrained in direction may be added directly 10 other load systems
using load factors appropriate to the National Code concerned. 1o give the dﬂi;::
loads. The analysis of the complete building may then be underaken using any
acceptable elastic approach. :

However. in multistory frames with partially or fully exposed exterior columns,
the effects of temperature movements of the exterior columns will be significant
only in the members of the exterior bay—that is, the exterior column. the exterior
bay beam, and the first interior column—since all other interior columns will be
subjected 1o the same uniform temperature and no relative deformations will oceur,
The exterior effects may be assumed not 1o extend far inward and will be negligible
over most of the structure. Consequently, an analysis of sufficient accuracy Lo
assess the relative importance of the thermal movements may be performed on an
cguwa]cm subframe. which will model the actions in the region of interest. The
stmplest model is a three-bay symmetrical frame shown in Fig. 18.8. ;

In ic frame. the correct values of the axial and fexural stiffnesses will be
preseribed for the exterior column 1, the interior column 2. and the connecting
beam 1-2 at cach story level, The assumption of the symmetrical three-bay frame

ensures that the effects of thermal deformations of column 1 will not proceed be-
vond the line of symmetry. which is at the mid-span position of the second beam
Be:atlm of symmetry. only one-half of the frame need be analyzed, -

With all joints initially restrained. the fixed end moments may be calculated for
th_e beams at each floor level. The frame can then be analyzed using either a direct
stiffness matrix approach or an iterative technique, such as the moment-distribution
method [18.7]. The analysis will yield the moments in the beams and columns
and the axial forces in the columns, The shear in the interior beam will be zcn"l
because of the assumed symmetry.

The distortions of the topmost story panel may then be calculaed to see whether
the relative deflections involved may cause distress in the interior pantitions,
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Fig. 18.8 Exterior hays of ath story in building.

To protect brickwork and plaster from cracking, it has been suggested that the.
thermal differential movement between exterior and inlerior columns should be
limited to the smaller of 1 /300 of the span. or 19 mm (0.75 in.), For buildings
without masonry and plastered partitions. a thermal movement of 1 /200 of the
span should be acceptable.

SUMMARY

In very tall concrete buildings. the cumulative vertical movements due 1o creep
and shrinkage may be sufficiently large to cause distress in nonstructural elements,
and to induce significant structural actions in the horizontal elemenis. in the up
regions of the building. In assessing these long-term deformations, the influence
of a number of significant factors must be considered, particularly the conc
properties. the loading history and age of the concrate at the time of load Ippliﬂ.-
cation, and the volume-to-surface ratio and amount of reinforcement in the 3
bers concemed. To simplify the calculations. it is assumed that the vertical defo
mations are initially independent of the horizontal member stifinesses. The total
shortening of all columns and walls is then equal to the sum of the elastic shorts
ening under load and the combined effects of creep and shrinkage. The structural
actions in the horizontal elements caused by the resulting relative vertical deflecs
tions of their supports can then be estimated. The differential movemenis due o
creep and shrinkage must be considered structurally and accommodated as far a8
possible in the architectural details at the design stage.

In buildings with partially or fully exposed exierior columns. significant 1em«
perature differences may occur between the exterior and adjacent interior columns.,
and any restraint to their relative deformations will induce stresses in the members
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concemed. The analysis of such actions requires a knowledge of the differential
temperatures that are likely 1o oceur between the building and its exterior and the
temperature gradient through the members. This will allow an evaluation of the
free thermal length changes that would occur if no restraint existed. and, hence.

using a standard elastic analysis, the resulting thermal stresses and deformations
may be determined.
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I APPENDIX 1

Formulas and Design Curves for
Coupled Shear Walls

Detailed solutions and associated design curves were presented in Chapter 10 for
coupled shear walls subjected to uniformly distributed lateral loading. This Ap-
pendix provides further information on coupled shear wall structures.

First, formulas and design curves are given for two other standard load cases.
a triangularly distributed lateral loading and a concentrated 1op load. Second, so-
lutions are given for coupled shear walls supponed either on elastic foundations
or on portal or column supports. subjected to the three standard forms of loading
considered earlier. Finally, data are presented to enable the effective width and
bending stiffness 1o be determined for floor slabs connecting shear walls of differ-
ent cross-sectional shapes.

A1.1 FORMULAS AND DESIGN CURVES FOR ALTERNATIVE
LOAD CASES

A1.1.1 Formulas for Top Concentrated Load and Triangularly
Distributed Loading

Based on the continuum approach, solutions are now presented for the two othe
standard load cases, a concentrated load P at the top, and a triangularly distributed
loading with a maximum intensity p at the wp (Fig. Al.1). As noted in Chapter
3. a combination of these two static load cases can be used 1o simulate earnthquake
loading. and a combination of the triangularly distributed loading with uniformly
distributed loading can be used to represent graduated wind loading.

The externally applied bending moment M in Eqs. (10.16) and (10.17) is

M=P{H—:j+ép[H—:j:{2—::’H} (Al.1)

On following the same procedure as for the uniformly distributed loading in
Section 10.3.3, the corresponding solutions become
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Fig. AL1 Loading on coupled walls,
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Triangularly Distributed Loading of Intensity p (z/H)
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cosh kel H = 2)

g ( [sinh kaeH — (ke /2) + (1/kaH)]
LT (kaH ) cosh keeH

| St 3
—Eﬁsmh&aﬂH z)

N _g)-g(l—é):“mﬁ'ﬁfl

ce L) ((5) - 0z) < ()
+I_¢_uLT}qt|' i :m::tn:‘(i) 3 % (Ej

cosh kaz — |

Fe o
(keeH )™ cosh Kok

(= 42 ik ~ o ka1t = 11|}

A1.1.2 Design Curves

Using the above formulas. design curves corresponding to those presented in
tions 10.3.3 and 10.3.4 for a uniformly distributed load may be produced for thess

two standard load cases.

Concentrated Load P at Top. The percentage of composite cantilever action

K, is given by

sinh kee{H —z2) ]

Ky =100 (1 = 32 (H ~2) cosh kel

and
K, = 100 — K,

Figure A 1.2 shows the variations of &, and K with the relative height 2/ an
stiffness parameter kaH. These may be used in a manner identical to that describe

in Section 10.3.4.
The shear flow g can be expressed as

|
Ly P"".;F:

(AL.6)

(AL8
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128

l'-? (percentage of composite cantilover action)

12 14

Fig. AL2Z Wall moment factors for concentrated load at 1op.

where the shear flow factor F. is

_ cosh ka(H - z)

F. =
cosh Leed

R al
L=

=] I
et 3
=1

)
(=1

wnd v 1deal cantilever action)

3
K, {percentage of

The variation of F, with the two parameters =/H and kaH is shown in Fig,
Al.3. It may be noted that in the case of a top concentrated load the maximum

value always occurs at the top of the structure.
The maximum lateral deflection vy at the top of the structure is

PH?
Yy = “_,Ej‘ F;
where
| it E
F1=f-l:—}i+ a::‘:hﬂm‘f 1 1 -
3 (kaH ) cosh keH (kaHY

The variation of the deflection factor Fy is shown in Fig. A] 4.

(AL.10)

The factor indicates the reduction pravided by the connecting beams to the lop

deflection of a pair of linked walls (PH" /3ET).

Triangularly Distributed Loading.
action K, is

The percentage of composite cantilever
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Fig. Al.4 Top deflection factor for concentrated load m 1op.
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i) 100 g L >
s : 5 3 ey 1
g (ke ) [t = (z/H)[[2 + (z/#)]
| ) =\
_EH“H] (] -E) = cosh ke[ H - =)
sinh kel - (kaH /2 /k '
¢ SN = Uil )% L ”H].-.inhmm-ﬂ}

cosh kol

The varations of K| and K are shown in Fig. Al.5,
The shear flow ¢ in the connecting medium is

H
=p—F,
9=p5F

where the shear flow factor F, is

sinh kaeH — (kald/2) + (| fkaH )

Fi= p- ’l
’ keeH cosh kaH cosh kalH — z)
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Fig. ALS  Wall moment factors for triangularly distributed loading.
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The variation of F. is shown in Fig. A1.6. on which the curve of the maximum
value F-{max) is shown by a broken line.

The maximum latersl deflection v, may again be expressed in terms of the wp
deflection of a pair of free cantilevers by the deflection factor F,:

_'I.H—E_E;‘ F\ {AI.I!I

where

|+ [(katd /2) = (1 [kl )] sinh krrHI
(kaH ) cosh ket

The variation of F; is shown in Fig. A1.7.

The factor agamn illustrates the reduction provided by the connecting beams 1o
the top deflection of a pair of linked walls [(11,/120) (pH* /£l ).

A1.2 FORMULAS FOR COUPLED SHEAR WALLS WITH
DIFFERENT FLEXIBLE SUPPORT CONDITIONS

Section 10.3.7 outlined briefly how solutions could be achieved for coupled wally
on flexible supports. This section presents formulas for walls supported on indi-
vidual elastic foundations (Fig. A1.8) and on the range of portel frame or column

}
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subgrade modulus &
Fig. ALLR  Coupled shear walls on elastic foundations,
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supponts shown in Fig. A 1.9, The symbol "*x™"in Fig. A1.9 in:lic.-:tcf.' “_rhcrr hinges
arE chhc; provided. or assumed to exist as a result of the large vanation between
the moments of ineria of the walls and columns. The nct:c:t-.tt;r_:.' slr'ulc:;.lr.: n&nnmi;
I wed i [ lus are defined in Fig. ALY, u
cters r. . of &y used in the general formu _ A _
are pnl,wc:w;tcd for the three standard load cuses of a uniformly distributed loading
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Fig. A1.9 Parameters for coupled walls supported on columns or portal frames.
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of intensity w per unit height, a concentrated load P at the top. and a triangularly
distributed loading whose intensity varies linearly from zero at the hase 1o 4 value
of p at the top (Fig. A1.8) [AL.]].

For walls supported on separate bases. it is assumed that walls | and 2 are fixed
to bases of cross-sectional areas Ay, and Ay, and second moments of area f;, and
Iy.. supponted on soil with a modulus of subgrade reaction A (Fig. A1.8). In the
tables of results. the following additional paramelers are used.

El
S=NiH =4, + 1,
¥
E
= Ay = Ay + A, (Al14)
5 ]:flr: a Ar‘-"r
i - ki =1+ =
S e, Ap Al

Formulas for the lateral deflection y, the sum of the wall moments (M, + M),
and the axial forces N, all expressed in nondimensional form. are given in Tables
AL L AL2 and AL.3 for the three standard load cases.

Since the moment in a wall is proportional 1o its fAexural rigidity. the momenty
in walls | and 2 are

I

M, ﬂw. + M)
/ (Al.15)

M

I‘!-
TfM.+M:I

In each table. the quantties are expressed in terms of the four integration con-

stants €, 1o C,. which are subsequently tabulated for each type of wall suppont
system.

A1.3. STIFFNESS OF FLOOR SLABS CONNECTING SHEAR
WALLS

In cross-wall structures. which are popular forms of construction for tall apanment
blocks, the structural system consists of one-way slabs spanning between parallel
assemblies of load-bearing walls that resist lateral as well as gravitational loads
(Fig. A.1.10a). The analysis of slab-coupled walls can be conveniently performed
using the techniques described in Sections 10.3 and 10.4 for beam-coupled wall
systems, provided the effective bending stilfness of the slab. assumed to act as a
wide connecting beam. can be established. Under the action of lateral forces, the
free bending of a pair of shear walls is resisted by the floor slab, which is forced
to rotate and bend out of its plane where it connects Hpidly to the walls (Fig. A, 10b
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Fig. AL10 Inieraction between shear walls and coupling floor slabs,

and c). A similar mode of deformation of the slab oceurs due to the relative vertical

displacement of the walls caused by the induced axial forces, or to differential
foundation sentlement (Fig. A.1.10d and e).

A1.3.1 Effective Width of Floor Slab

The resistance of the foor slab against the displacements imposed by the shear
walls is a measure of its coupling stiffness, which can be defined in terms of the
displacements at its ends and the forces producing them. The stiffness can be de-
termined from a finite element plate-bending analysis. The slab panel is discretized
into an assembly of plate-bending elements using a suitable mesh graded so that
the mesh used in the region close to the wall. where stress gradients are high, s
finer than the mesh for other regions. Appropriate displacements are then pre-
scribed for the wall nodes, either 10 give & unit wall rotation or a unit relative
vertical wall movement, the slab being subjected 1 the same form of deformation,
relative to the wall. in each case. The resulting solution then gives the displace-
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ment and stress vilues at all nodes. and also the slab reactions at the restrained
nodes. The reactions at the set of wall nodes provide the static equivalent wall
moment M and shear force V transferred from the wall o the slab when the wall
undergoes the unit relative displacement involved.

To carry out an overall analysis of the coupled-wall structure, it is convenient
o assume thal a stip of slab acts effectively as a beam in coupling the pair of
walls. The effective width of the slab may be established by equating the rotational
or translational stiffness of the slab, obtained from the finile element analysis. to
that of an equivalent beam. The results are normally given in terms of a width
factor, expressed as the ratio of the effective width ¥, 10 the bay width. or longi-
tudinal wall spacing ¥ (Fig. Al1.10).

The procedure has been deseribed in detail in Reference |A1.2],

Because of the architectural layouts involved, shear walls occur in many differ-
eni cross-sectional shapes, and, in practice, plane, flanged, or box-shaped walls
may be coupled together in cross-wall structures. Figure Al 11 shows a range of
possible coupled systems.

Thearetical and experimenial studies have shown thai the main coupling actions
take place in the corndor area and at the inner edges of the coupled walls. For
walls with external facade flanges (Fig. Al.1lc). the flange has a negligible effect
on the coupling stiffness and the walls may be treated as plane walls (Fig. Al.11a),
In the case of walls with intemnal Aanges (Fig. Al.11d), very litle bending of the
slab occurs in the regions behind the flanges, and so the influence of the wall length

may generally be disregarded.

Il
Tl

el (b) (e} (d) (&)

e e
I O

(e (g) thi (1) L)
Fig. Al.11 Coupled wall configurtions.
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A1.3.2 Empirical Relationships for Etfective Slab Width

For shear walls connected by flat slabs, the value of the characteristic relative
stiffness parameter koM is usually low, of the order of 1 1o 3. It has been proved
that errors in the effective width or stiffness of the slab produce much smaller errors
n the important design parameters of wall stresses and lateral deflections and

ccnscquenr_t}'. it is not essential to evaluate the effective width with extreme It'-l
curacy. This is particularly the case since the effects of local stress concentrations

and a resultant cracking of the concrete, will produce a redistribution of forces nl'ud.
loss of stifiness.

Comprehensive sets of design curves have been presented in References |A1.2)
u_nd [AL.3]. However. it is possible 1o produce simple empirical relationships tll'u-n
fit the design curves fairly aceurately. and that miy be used for design I;.'I.IJ'L"'III:I-H.[M'IH
|AL1.2). These are considercd for the various cross-sectional forms of shear wu]l;-.
commonly encountered in practice,

F‘I‘ar_!e Wall Configurations. Fora slab coupling a pair of plane walls as shown
in Fig. Al.12a the effective slab width ratio Y./ Y may be taken to be

}:,_ﬂ b b ]
—'r—?+} I-ﬂ'4F) fUrﬂEFEI
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¥ & pr! b =13 b
?‘2?*‘?['&{}'4(?) ! FﬂrlEFEE
:- " _l | ¥ (]

b
] ey
{a) (e}
(b)

Fig. AL12 Coupled plane and anged walls.
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in which
a = wall thickness
¥ = bay widih
Y'=¥-a

b = length ol opening between walls.

Equations (A1.16) will generally yield results that are within a small percentage
of the accurate values obtained directly from a finite element analysis.

The values from which the empincal relationships were derived were based on
# Poissons ratio for concrete of 0,15, The effective width is not sensitive to small
differences in the value of Poisson’s ratio. but. if desired, the value of ¥, /¥ may
be corrected approximately for the actual value of Poisson’s ratio » by multiplying
by the factor (| — 0.157) /(1 — »*).

If the wall thickness is neglected as being small, Egs. (AlL16) reduee o the

simpler expressions,
b
1 — 04 =
( ¥ )

ael)

e

1A

-]
=
-
—
1A

g
IA
1A
B

b B S
iz =l

Effective Width for Slab in End Bay (Fig. A1.12b). End bays occur at the
two gable ends of the building where the gable walls are coupled by the floor slab.
on one side of the wall only. With the asymmerric coupling of the slab, gable walls

will generally undergo some out-of-plane bending that will depend on the relative
stiffness of the wall. Since the gable edge of the slab is less restrained against

transverse rofation than @ continuous interior edge, the coupling stiffness of the

end bay will be less than half the stiffness of an internal bay slab.

Corresponding finite element studies [A1.2] have shown that for a practical
range of wall configurations, the effective width of an end bay varies between 44
and 47% of the value of an interior bay. As a convenient rule. the effective width
of an end bay should be taken o be 45% of the corresponding interior value given
by Eqgs. (Al.16).

Flanged Wall Configurations—Equal Widths. It has been demonstrated both
theoretically and expenimentally that the main coupling actions in the slab take
place in the corridor region between the internal edges of the walls. The coupling
actions are dependent only on the flange dimensions. since the regions behind the
flanges are essentially stress free. Consequently. the effective width is unaffected
by the location of the web wall, and the results presented are equally appropriate
for offset web walls provided the Aanges are located opposite each other (Fig.
Al.llg and h),

(ALIT)
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For the configuration shown in Fig. Al.12¢ the effective width of a slab cou-
pling two walls with equal flange widths may be taken to be

Yo & 1 & Vi F.-) fia fr
L _ & Py bR, L.
Yy =¥ :-"( T AR =)
and (ALIK)
Y. Z ¥ s b
LI B 0 TR ——) ol L
y=r¥¥ Y | (b_. . or | = 7 = =

in which Z = flange widthand ¥' = ¥ - 2,

Coupled Plane Walls and Tee-Shaped Flanged Walls. If a plane wall is
coupled to a Alanged wall as shown in Fig. A1.11e the rotational stiffnesses of the
slab evaluated at its ends will not be equal because of the asymmetry of the walls,
and. in order to replace it by a uniform equivalent beam. the average rotational
stiffness must be taken 10 be the effective value.

Based on a range of parametric studies. a set of generalized design curves has
been produced to give the varation of the effective width ratio ¥,/ Y as a function
of b/ ¥ for various ratios Z/ Y. These may be used to read off directly the value of
Y./ Y for a practical analysis. It has not yet proved possible to obtain a sufficiently
accurate empirical relationship for this particular configuration, and practical as
sessments of the effective width must be obtained from Fig. Al.13.

A comparison of the results with those for a slab coupling two flanged walls
shows that the omission of the flange from one wall results in a dispropontionately
large reduction in the effective width of the slab when the ratio /Y is small,

The generalized design curves may be taken to be accurate unless the opening
ratio b /X becomes relatively large. say greater than about 0.5, or when the ratio
b/X + ¥/X exceeds unity, but in almost all practical situations the discrepancies
are unlikely to exceed 10%.

Other Wall Configurations. Empirical formulas und associated design curvies
have also been presented in Reference [A1.2. A L4 1o cnable the effective slub
width 10 be determined for other wall configurations. such as flanged walls with
unequal Aanges (Fig. AL TIF). coupled ell-shaped walls (Fig. Al 11g-i). and cou-
pled box cores (Fig. AL 11j).

Guidance on the magnitude of the peak bending stresses in the slab, and peak
shear stresses at the slub-wall junction. in coupled plane and Hanged wall config-
urations, has been given in Reference |ALLS, ALL6).

A1.3.3 Numerical Examples

1. Slub coupling two (thick) plane walls: it is required to evaluate the clfective
width of a slab in the following conftigurtion (Fig. Al 1241
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Fig. AL.13  Generalized design curves for effective stab width for planar-flanged wall con-

figuration.

Bay width ¥ = 6 m (19.69 fi)

Building width X = 12 m (39.37 fi)
Corridor opening width b = 2 m (6.56 f1)
Wall thickness @ = 0.4 m (1.31 ft)

Hence,

Aspect ratio ¥/X = 6/12 = 0.5
Wall opening ratio b/X = 2/12 = 0167
Wall thickness ratio a /¥ = 0.4 /6 = 0.067

The reduced width factor

Y'/¥=1-a/¥=1- 0067 =0933

The ratio

ooy
e SRR O
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Hence, using Eq. (A1.16), the effective width ratio is

% = 0.067 + %[1 - 0.4 x 0.357]

= 0.333

.+ Effective slab width = 0.353 x 6 = 2.116 m (6.94 ftl.

It the wall thickness is neglecied, the effective width is given by Eq. (A1.17).
In that case,

2

2
—E(I - (14 KE) = .289

=

.. Effective slab width = 0.289 % 6 = 1.734 m (5.69 fi)

2. Slab coupling two flanged walls: it is required o find the effective width of
a slab for the configuration shown in Fig. Al.12¢.

Bay width ¥ = 7.5 m (24.61 fi)
Building width X = 123 m (41.01 fn)
Flange width Z = 5.6 m (18.37 fi)
Corridor opening & = 2.5 m (8.20 ft)

The reduced slab width ratio

Y'/Y=1=Z/Y=1-56/1.5=0.253

The reduced span/width ratio b/ Y" is

R . D
Y oYY 75 X pas - 1318

From Eq. (Al.18), the effective width ratio becomes

Y. 56 |
e 3 =
5 =ik u._sa(l 0.4 |.313)

= 0.923
LYo =0923 % 7.5 = 6,92 m (22.70 fi)

If the slab thickness is 7, then in each case the slab may be replaced by an
effective second moment of area J, given by

L]
2 N

L=
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and used directly in the earlier analyses using either the continuum or the wide-
column frame method of analysis,

Loss of 5Slab Stiffness due to Cracking. The resulis that have been pre-
sented are based on elastic analyses that sssume o rigid joint between the shear
wall and the slab. The analyses showed that practically all the shear transfer be-
tween slab and wall occurs around the inner corridor edges of the walls. and high
stress concentrations occur in the slab at the inner edges of plane shear walls [A1.5].
The problem is less serious in the case of flanged walls. since the slab tends to be
subjected 1o cylindrical bending along the length of the flange and stress concen-
trations occur only at the tips of the flanges [Al.6].

The high localized stresses tend to cause cracking of the concrete, with an at-
tendant reduction in the slab stiffness. The true effective width and stiffness will
then generally be less than the calculated elastic values, which must be considered
as the maximum possible stiffness that can be developed.

The tabulated values should thus be factored to take account of concrete crack-
ing, the greatest reduction being required for coupled plane walls and the least for
coupled flanged walls.

Fublished research on this topic is limited, and it is not yet possible to give
accurate recommendations for such reduction fzctors over the range of parameters
comcerned. However. the available evidence |A1.7. ALK, A1.9] indicates that the
elastic effective width of slabs coupling plane walls should be reduced by a factor
of about 0.4-0.45 1o take account of cracking.

If the slab is subjecied 1o reversed cyclic loading, with increasing imposed in-
elastic deformations, considerable stifiness degradation may ensue [A].8]. This
additional loss of stiffness should be considered in earthquake-resistant design. It
has been suggesied [Al.9] that in the case of light earthquakes (i.¢., ductility ratio
= 3). the initial cracked stiffness should be further reduced by a factor of 0,35,
and for heavy eanthquakes (ductility ratio = 6), by o fuctor of 0.1, The last factor
indicates that it is doubtful whether slab coupling could be used as the primary
source of energy dissipation in earthquake-resisting ductile coupled shear walls.

No significant research has been reported on the effects of cracking on the stiff-
ness of slabs coupling flanged walls. At the present time, it is suggested that the
effective stiffness should be calculated from the inertia of the cracked section of
the equivalent slab.

Fortunately, the overal] behavior of the coupled wall system is not 100 sensitive
to the value of the slab stiffness. and errors in the calculation of the effective width
usually result in much smaller errors in the estimation of lateral deflections and
wall stresses,
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I APPENDIX 2

Formulas and Graphs for Wall-Frame
and Core Structures

The differential equations for the deflection of wall-frame structures and the ro-
tation of core structures are fully analogous, as shown in Chapters 11 and 13,
Consequently, their solutions for displacements and forces are also analogous.

A complete set of formulas for the displacements and forces in wall-frame
structures subjected 1o uniformly distributed loading, triangularly distributed load-

ing. and a concentrated top loading is given here. Analogous terms for core struc-
tures are specified so that the farmulas may be vsed also for the analysis of core

structures.

Curves of coefficients K, to K, for the rapid solution of wall-frame and core
problems, as explained in Chapters 11 and 13, are given. They also refer 1o the
three loading cases: uniformly distributed load (Figs. A2.1-A2.4), tnangularly
distributed load (Figs. A2.5-A2.8), and a concentrated top load (Figs. A2.9-

A2.12). Formulas for use with the coefficients are given with each graph.

A2.1 FORMULAS AND GRAPHS FOR DEFLECTIONS AND
FORCES

A2.1.1 Uniformly Distributed Horizontal Loading
Loading Intensity w per Unit Height. Defiection v(or Rotation #):

H* | H sinh e H + |
vz) = g [{uH]“ ; i:‘ah:fn (cash.ac = L)
, 3 1fz\
— wH sinh wz + (aH) .E - E(E) H] {AI.I]-:

where H is the height of the structure, EJ is the flexural rigidity of the wall, and
a = [(GA)/EI'"? in which ( GA) is the effective shear rigidity of the frame.

For use with cores subjected 1o torsion, substitute rotation 8(z) for ¥{z). torque
per unit height m for w, sectorial moment of inertia /, for [, and lake o =
[G2/EL )" in which J is the torsion constant.
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Inclination dv/dz (or Twist dfl fdz):

d_g.-[_] % n-.-HJ‘[ 1 aH sinh o + 1 R
d: El ((aH) cosh wH \mag
— oM cosh az + ::H(I - ﬁ) H (A2.2)

For cores subjected to torsion substitute 8 /d = for o v/ dz. ete. Muluplying
dfl [z by 12ELQ /LT gives the connecting beam shear 2, | Eq. (13.55)]. and hence
the connecting beam maximum moment M, (M, = @,L/2). in which £, ix the
moment of inertia of the beam. L is its span. and @ is twice the arca enclosed by
the middle line of the core profile.

Wall Moment M, ( or Core Bimoment B):

d:‘ .
M(z) = Er}:_% (=)

| |aH sinh aH + 1
(aH) | cosh aH

Mh.{:} = WHEE {cush n:}

— oM sinh oz - ]-B (A2.3)

For cares subjected to torsion. substitute negative bimoment —Bi =) for M, (=),
ele.

Wall Shear Q,:

@.(z) = —Ef%[:]

2} = 1 aff sinh aof + 1
Q,(z) H[{nH} l Ty {sinh az)

- al cosh n:z” [‘..14”
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A2.1.2 Triangularly Distributed Horizontal Loading

Maximum Intensity of Loading w, at the Top, Zero at the Base.
flection v (or Rotation #):
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For cores subjected to triangularly distributed torgue. substitute m, {maximum

intensity of worgue at the top) for w,, cie.
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Fig. A2.8 K, factor, triangulary distributed horizontal loading.
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A2.1.3 Concentrated Horizontal Load P at the Top
Deflection v (or Rotation 8 )

viz) =
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Fage numbers in italic sefer to the main discussion of that topic.

Acceleration. 13, 419, 430, 431, 44
along-wind, 429
cross-wind, 429
ground, 419, 431, 435, 447
limits of, 453, 454
pseudo, 436, #4)
seismic, 420
spectral, 438, 441, 442, 443
Acceleropram, 419, 425, 433, 437
Accelerograph, 413
Admittance:
aerodynamic, 425
mechanical, 425
Alcan Building. San Francisco, 124
Amplification factor, 251, 389, 395, 199
Amplitude, modal, 439
Analogy:
beam on elastic foundation, 173
braced-frame. 207, 210, 344
deep-beam. 103
frame, 207, 344
single=column, 149
two-column, 345
wide-column, 103
Analysis:
accurate, 6, 7, 65, 78
anologous frame. 207, 246
approximate. 70, 71. 117, 138, 141, 150,
155,35
assumptions for. 67, 216, 260, 356, 183, 386
cantilever method, 146, 147, 150
computer. 113, 130, 161, 199, 206, 341
continuum, 77. 216, 260, 480
deflection, 115, 116
dynamic. 24, 29, 163, 4j5
final. 7, 66
graphic, 231, 268, 332
hybrid, 65, 67, 283
intermediate, 56

maodal, 26, 29, 433, 418
modeling for, 65
P-dela. 130, 161
poral method, 141-144, 150
preliminary. 6, 7.65. 66, 71, 141, 161, 258
stanc. 21, 25, 420
stiffness matrix. 66, 77, 78, 161, 349
three-dimensional. 66, 67. 83, 206, 308, 411
lime-history, 433
Analysis program:
frame, 113, 190, 206
peneral purpose, 6, 215, 247, 277
structural. 78, B1. 88, 206, 344, 347, 351
Antisymmetry, 89, 278
Apartment building, 12. 202, 213
Architecture. 4.9, 34, 50, 52, 106, 107, 113
post-modern, 4
Area:
shear, 343
negative, 96, §7
tributary. 5. 18, 20, 69. 111, 163, 46|
Arm. rigid. 71, 73. 216, 247, 250

Bank of China Building. Hong Kong. 53

Base discontinuity, 202

Base flexibility, 220, 487

Base shear, 25, 26, 27, 433, 434

Bay, end. 496

Beam:
auxiliary, 82, 83, 86, 88, 34], 353
connecting. 36. 75, 78. 213, 250, 267, 308,

329, 331344, 372, 380, 489, 500
equivalent uniform, 250, 493

coupling, 213, 489
deep, 67. 103. 249, 306
equivalent, §7, |58, 250, 474, 493
fictitious, 86, 94, 161, 253, 209
haunched, 250
one-way sysiem, o)
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Beam {Continued)
rigid-ended. 248
shear, 39
spandrel, 127, 284, 285, 286, 306, 463
three=way system. &1
transfer, 44
Twoeway svslem. 6]
Beam and slab, 59
Beam on elastic foundation analogy, 173
Beam elesnent. b6, 78, 79, 81, 83 161, 206

Beam [Moor, stecl. 60
Behavior:
bracing. 109
coupled shear walls, 213
infilled frame. 169
nonlinear, 68, 447, 463
OONRIOporicnare structures, 189
rigid frame, 131
shear wall, 182
siatic, 419, 420
structural, 55, 67-69, 109, 111, 137, 169,
184, 213, 257, 283, 290, 193
tubular strucneres, 283
wall-frames. 257
warping. 308 310, 345
Belt-braced structure, 355
Belt girder, 40, 355
Belt truss, 49
Bending:
double-curvature, 102, 131, 151, 158, 165,
171, 208, 214, 343, 372, 380
reverse, 214
transverse, 75
Bending stillness, 13, 39, 208
Bent:
braced. 106, 107, 109, 255
mixed., 381, 352, 384
Bimoment, 314, 323, 327 328, 31], 333, 337,
509, 510, 511
Blockwork. 40, 168
Boundary conditions. 222, 262
Boundary layer:
turbulence, 421
wind mennel, 23
Box core, 65, 66
Box section. 308
Braced:
frame analogy, 207
frame structure, 37, /06
outrigger-, structure, 355
-tube structure, 36, 46. 127, 283, 289, 305
Bracing. 69. 106, 108, 109, 168, 134
diagonal. 2, 36, 37, 46, 106. 107, 113, 124,
127, 169, 178, 2E9, 290, 380
eccentric, 109

Be- 107 109, 113, 124, 127. 380
knee, 380
large-scale, 124
offset diagonal. 380
outripger. 355, 356
Brckwork. 40, 168, 478
Buckiing. 388, 462
combined modes of, 188, 391, 393
overall. 358, 389, 392
P-Drelta, 396-413
torsional. 388, 304
Iransverse, 388, 394
transverse-lorsional, 388, 411
wall-frames. 392
Building(s):
apartment, 202
commercial, 1.9
concrete, 285, 305, 261
function, 34
hotel. 1. 12, 35. 41
office. 34, 35, 55
residential. 4, 35, 41, 56, 213, 285
Building Cade. 5
of Canada, Mational. 24, 30, 422, 425, 429,
437, 456
Uniform, 133, 176, 318, 321
Bundied-tube structures. 45, 46, 283 288305

Canadian Building Code, 24, 30, 422,425,
429, 437, 456
Cantilever, &6, 67, 257
composite, 42, 213, 232, 482 483
equivalent, 67
factor. 233, 482, 483
flexural, 118, 146, 154, 257, 260, 378 392
independent. action. 232, 233
shear, 257, 260, 378, 392
shear-flexure, 372, 382
vertical. 36, 41, 69, 111, 184, 213, 308, 355,
3RE, 399
Cantilever method. 146, 147, 150
Cantilever structure. 372
Center, shear, 73, 188, 310, 317, 345, 346, 349
Center of mass. 447
Ceniter of rigidity. 140, 141
Center of resistance, 140, #47
Center of mtation, 70, 395
Center of twist. 187, 188
Chicago:
Home Insurance Building, 2
John Hancock Building. 46, 127
Masonic Temple, 2
Monadnock Building, 2
Rand-MeNally Building, 2
Sears Tower, 45, 46

Chord. 36 37 111, 372
Chrysler Building, New York. 106
Citicorp Building, Mew York. 127
Cladding. 4. 1265, 68. 422, 462, 475
masonry, 462
Classification, structural, 422
Code, 5, 12,21, 22, 24. 26, 30,32, 414, 424
Australian Wind, 422
MNational Building. of Canada. 24, 30, 422,
425,429, 437, 456
Uniform Building. 133, 176, 318, 321
Code of practice. 163, 176
Coefficient:
creep. 466
factor, exposure. 22
seismic, 26
zone. 27
shrinkage. 467
thermal expansion, 476
Coefficient of thermal expansion. 476
Columnis):
analogous, 71, B]
auxiliary, 342
bending. 162, 165, 298
equivalent. 246
exposed, 463 475
fictitious, B6. 301, 403, 0, 408
shonening, 461. 475
supports, 244, 480, 457, 488
wide, 73, 102, 103, 159, 216, 246, 306, 360
Column model:
single, 72
single. warping. 349
Combination(s ). load. 29, 130
Comfort criteria, human. 6. 12, 13, 452, 455,
457
Compatibility, vertical, 220, 299, 305
Componentis);
flexural, 117, 120, 388
participating. 65, 68
Computer analysis. 113. 130, 161, 199, 2086,
£ |
Computer program. 78. 81, 88, 190, 215, 247
Concrete, 14, 40, 41, 161, 414, 432, 46]
cast in place, 40
reinforced, 36, 37,39, 44, 56, 161, 168,
308, 355
Concrete building. 285 305 461
Concrete cracking. 12, 69, 161, 414, 432, 500
Concrete creep, 461, 464
Conerete pumping. 4, 21, 461
Concrele shrinkage. 461, 464
Configuration:
Nexural, 42, 131, 372
shear, #4, 131,372

Connection method:
continuous, 77
shear, 378
Constani:
shear torsion, 321
torsion. 73, 84, £6. 313, 321, 345
warping 313
ConstrainL internodal. 277, 299, 303, 108
Construction, 2, 3, 20, 21, 285, 419, 462, 461,
A
loads, 10, 20. 21
materials, 2, 419
prefabricated, 36
Continuum, 7. 66, 71, 77. 215, 216, 260, 265,
382-384, 48D
method, 7, 77. 216 260, 382, 385, 480
Contraflexure {inflexion):
line of. 217
point of, 131, 141, 142, 145, 146, 152, 217,
257, 280
Coordimate{s):
pencralized, 439
principle sectorial, 318, 322-323
sectorial, 314, 315,317,318
Core. 3645, 50, 52, 65, 66, 73, 84, 127, 120,
184, 257, 271. 300, 308, 355, 379, 462,
468, 502, 509
box, 65, 66
elevator, T3, 257, 308
hull-. structure, 45
Council on Tall Buildings and Urbhan
Habitat, 7
Coupled (shear) wall, 7. 42, 78, 159,213
356, 373, 380, 384, 386, £50 487
Coupling:
beam, 213, 489
lateral-torsional, 447, 458
slab, 480, 489, 453
stilfness. 489
Cracking:
concrete, 1269, 161, 414, 432,
500
diagonal. 168, 171
Crane. climbing. 4, 21
Creep. 6. 11,12, 14, 461, 464
coefficient, 466
drying. 46
specilic, 464
strain, 461, 469
ultimane, 464, 465
Criteria:
design. 9, 176
human comfort, &, 12_ 13, 452, 455,
457
Cross wall, 4, 34 211, 480



Crushing:
diagonal. 172, 173
failure, 172, 173,177
infill, 172,173
Curtain wall, glass, 4
Curves, design, 211, 268, 132, 313, 480, 452,
02

Damper. tuned mass, 458
Damping, 29 220, 422, 423 431451
critical, 425, 434
matrin, 431
ratio, 422 425 433 430 441, 442 45
Deflection:
factor, 227, 483, 287

horizontal, & 91. 226, 362, 363. 481_ 502, 510

lateral. 11, 12, 226, 483, 487

shear. 6%, 218, 251

solar, 463
Dieflection analysis. 115, 116
Deflection factor, 2237, 483, 487
Deformations. negligible, 59
Dependent node option, 297
Design:

Code. 12, 18, 388 414,423
criteria, % 176
curves, 231, 268, 332, 333, 480, 482, 502
formulas. 174, 231, 268, 480, 482, 489, 502
foundation. 15
graphic method of, 23], 268
limit states, 10, 30
method. 168, 179
philosophy. ¢
plastic, 30
procedure (process). 5. 174, 177
response spectrum, 435, 417, 440
wall=frames. 279
wind speed., 22, 427
warking stress, 9. 30
Diaphragm:
rigid, 287
shear. 331
vertical. 6%
Discontinuity, base, 202
Digplacement:
modal. 439, 341
spectral, 441
Dirife. 11, 38, 109, 115, 124, 130, 150, 154, 158,
257, 269, 356, 381, 383, 399
components, 117=-123, 152, 164
correction, 156
excessive, 156
index. 12, 268, 269
{interjstory. 12 116, 117, 118, 131, 154,
164, 263, 268, 265, 390, 401, 405, 441

Limits, 01 116

Drrying creep. 464

Ductility, 27. 41. 109
lactor, 448

Dvnamac:
analysis, &, 13, 21, 419
motions, 13, 419
response, 14, 18, 420, 431, 449
wind pressures. 419

Earthquake, 5 109, 419, 431, 500
design response spectrum. 435, 437, 440
El Centro, 437
loading, 18, 25, 69, 431, 450
response, 43 |
response spectrum, 420, 433, 440
Elementis):
beam. 6, 78, 79, 80, 41, 88, 161, 206, 248
finite. B0, 382, 384, 384
method. 172, 206
model, &6, T8
incompalible mode, 342
line finire. 216, 253
membrane, 6b, T8, 79, 80, 81, 82, 54, B8,
102, 206, 252, 306, 341
finite, 66, T8, 79, 81, 52, 84, 88, 102, 172,
206, 241
plane stress, 216, 342

Elevator. 2, 5, 12 20, 34, 40, 41, 107, 168, 308

core, 73, 257, 308, 329

shafe. 41, 107
Empire State Building. New York. 3, 106
Equitable Life Building. New York, 2
Exchange Building. Seartle. 3
Expansion, coeflicient of thermal, 476
Eaposed column, 463, 475
Exposure coeMicient factor, 22

Facade. 2, 213, 462 463
Factor:
amplification, 251, 389, 395, 399
axial force, 224
composite cantilever, 233, 482, 485
deflection, 227, 483, 487
exposure coeflicient, 22
gust, 24,424
importance, 27, 433
independent cantilever action, 231
live load reduction, 19
load, 10,475
maodal participation, 439
partial safery. 10
peak. 423, 425, 428
sufety. 176
shear Now, 225, 483, 485

size reduction. 427
Failure:
compressive, 176, 177, 179
crushing. 172, 173, 177, 462
diagonal tension, 176
limit state, 10
shear. 171, 1T4-176. 179
Fire. 2.4, 14, 36
companment 15
insulator, 41
protection, |4, 36
resistance, 15
Flange frame. 44, 46, 127, 285, 288, 293, 298,
303
Flat plate strucmare, 4], 58, 158
slab structure, 41, 59
Flexibility;
foundation, 220, 743, 425, 449, 439
oulrigger. 368
shear, 388
Floor. 5, 285
composite, 61
loading, 1%
shab, 36, 68, 190, 199, 213, 308, 489
slab effective stiffness (width), | 58, 489, 493
steel beam, &0
system, 37, 55-63
Fluctualion rate, 427
Flying form. 4
Force:
equivalent lateral. 7, 21, 26, 433, 439
inertia, 18, 169, 420
Force factor, axial, 224
Form{ing):
gang, 285
slip, 4, 462
structural, 34
Foundation, 7, 13
design. 15
elastic. 220, 243, 480, 487
flexibiliry, 415, 419, 487
movement, 24
rotation, 16, 220, 415
seftlement. 15, 220
Frame:
analogous, 81, 158, 172, 174, 206, 207, 210,
210, 247, 344
analogy, 246, 344
braced. 207. 210, 344
ln;J?:sh program, 113, 190, 206, 215, 247,

braced. 4, 7. 37, 44, 65, 79. 106, 126. 174,
207, 210, 355, 372, 378-380, 384, 386
equivalent, 71, 72, 216, 246, 297, 303, 474

equivalent single-bay. 71. 72 163

Mange, 44, 46, 127, 285, 288, 203, 204, 303
infilled, 4. 7. 40, 168172
multi-bay, 71
plane, 79
racking 372
rigid, 7. 36, 38, 66, 72, 75, 124, /30 255,
266, 372, 180, 384, 384, 405
single-bay, 71,72, 111. 163
space. 36
substitute, 162, 163
three-hay, 477
two-dimensional equivalent, 277, 297,
03
web, 44, 36, 127, 285, 288, 293, 208, 300
wall-, structure, 255
Framed tube strocture. 44
Frequency:
fundamental, 422 427, 449
natural. 420, 427, 435 436, 439, 44]
Frequency of vibration, 421, 427, 435, 436,
439,441

Generalized theory, 372
Girder. 20. 37, 65, 6%, 106, 109, 111, 130, 132,
133, 156, 161, 168. 171, 260, 380

bele 49, 355
connecting, 3172
lumped. 100
spandrel, 44, 48, 306, 355, 463
transler, 127
Glass curtain wall. 4
Gradient, iemperature, 14, 475 476
Grravity load, 10, 18, 20, 34, 40, 69, B7. 106,
109, 110, 127, 130, 133, 166, 168, 180,
184, 203, 279, 290, 295, 308, 189, 108
Ground acceleration. 419, 431, 435, 447
Ground motion, vertical component of,
447
Gust 21, 421, 424
Gust energy, 425, 428
Gust factor, 24, 424
Gust loading. 21

Heating. solar. 476

Home Insurance Building, Chicago, 2

Hong Kong. Bank of China Building, 53

Hotel building. 1. 12, 35, 41

Hull-core structures. 4, 45, 301

Human comfort eriteria, 6, 12. 13, 452, 435,
457

Hybrid structures, 4, 54, 282

Impact gravity loading, 20
Imporance factor, 2T, 413
Index, drift. 12, 268 269
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Inertia:
load. 18, 25, 169, 420
negative. 87, 406
sectorial moment of, 320
warping moment of, 313, 345

Inertia force, 169

Infill, 12, 13, 68, 168
crushing. 172, 173
design. 175, 17%
masonry. 41, 68
stresses, 172

Infilled frame, 40, 1568

Inflexion (contraflexurel, point of, 131, 141,

142, 145, 146, 152, 217, 257. 280
laplane rgidity {(Noor slabs), 36, 68, 75, B4,
86,91, 138, 169, 190, 199, 255, 277, 287,
a6, 303, 382
Inplane stiffness, 154
Instabiliry, 388
aerndynamic, 421
galloping. 421
Interaction. §4. 168, 190, 202, 378, 387
soil-structure, 15, 415, 420, 449, 437
Interstory deife 116, 117, 119, 131, 154, 164
Iron. wrought 2

John Hancock Building. Chicago. 46, 127
Joist, pan, 57

K-bracing. 107, 109, 113, 124, 127, 330
Knee bracing. 380

Lag. shear. 46, 127, 342
Limit(s):
ambulatory, 13. 453
drift. 116
Limit state:
serviceability, 10
ultimate, 10
Line of contraflexure, 217
Line finite element. 216, 253
Link, 70, 78, 91, 94, 109, 190, 199, 207, 204,
213, 257. 277, 301
connecting. T8, 91. 213, 257
Loadiing), 10. /8
combinations, 29, 130
concentrated top. 230, 260, 265, 480, 483,
02-511
construction. 11, 20
critical, 369, 390, 331, 392, 3%
crtical buckling. 389, 390, 391, 392, 394
dead. 10, 18, 19, 20, 29
dynamic, 419

carthquake. 3. 10, 25. 69, 419, 431, 441, 480

equivalent lateral, 7. 21, 25, 26, 413430

equivalent static, 7. 22, 25, 26, 420, 421, 433
Moor, 19
gravity, 10, 18, 20, 34, 4069, 87, 106, 109,
110, 127, 130, 133, 180, 184, 279, 260,
295, 389, 398
gust, 21
horizontal, 34, 109, 130
impact gravity, 20
inertia. 18, 25, 169, 420
inset reduction, 19, 20
lateral, 4, 10, 21, 25, 108, 213, 216, 255,
293, 433,439
live. 6, 10, 18, 19
patiern live. 19, 132
permanent, 10
redistribution of, 70, 461, 471, 474
seismic, 3. 10, 25,419, 431, 441 480
sequential. 10
standard, cases. 123, 262, 266, 480, 502
static, 21, 25
triangularly distributed. 266 480, 483,
S02-511
uniformly disinbuted. 359, 502-511
wind, 2, 18, 21, 34, 65, 419, 480
dynamic, 23
equivalent static, 7, 22, 25, 420
Lobby. 4, 202
Location of outriggers. optimum, 355, 364,
366
Lumping. 67. 59
lateral, 100
vertical. 100, 102

Masonic Temple Building. Chicago, 2
Masonry, 2.4, 7. 41, 68, 168, 169, 462
cladding. 462
infill, 41, 68
Mass, lumped. 439
damper, 458
matrix, 411
Master-slave technique, 297
Marerial{s). . 3. 34. 68, 419, 4561
Matrx:
second order, 406
stiffmess. 66, 215, 248, 277, 296, 406, 431
stiffness. analysis. 7. 66, 77. 78, 161, 215,
T4, 248, 277, 296, 349, 447
Medium:
connecting. 260, 265, 392
conlinuous, 66, 71, 77. 216, 229, 260, 265,
352
Member:
fictitiows. 94. 297, 301
haunched, 250
Member stilfness. 414, 43]

Membrane element, 66, 78, 79, 81, 82, 84, 88,
102, 306, 341
Membrane finite element. b6 67, T8, 79, 81,
82, B4, 85, 102, 172 206. 252, 306, 341
Mercantile Tower, St. Louts, [34
Methodis):
cantilever, |46, 147, 150
continuous connection. 77, 216, 260
continuwm. 7. 77, 216, 260, 382, 385, 480
design, |68, |79
finite element, 7, 16, 172, 206, 216, 252, 493
graphic design, 231, 268
generalized, 379, 384, 385, 386
moment-ared, |17, 159-342
portal, 141-144, 150
of sections, 115
shear connection, 215, 378
Modal analysis, 26, 29, 433, 418
Mode{s):
Mexural, 42, 257, 372, 388, 39|
Tundamental (natural). 423, 449
shear. 42, 257, 372, 388, 390
shear-Mexure, 372, 19
Model:
analytical, 65
finile element, 66, 78
planar, 91.94, 95, 100, 202, 255, 260, 277.
297, 303
single=column. 72
single warping-column, 349
two-dimensional, 67, 9194, 277
Muode element. incompartible, 342
Modeling, 45
structural, 65, 66-105
Modulus of sub-grade reaction. 220, 243, 489
Moment:
connection, 213
distribution. 133, 135, 136, 190, 191_477
external. 35, 36, 69, 11
fxed-end. 135
girder, gravity load, 134
overturning. 11, 433
restraining. 213, 218, 257, 359, 362, 361,
368
reverse, 215, 218
Moment-ares method, 117, 359-342
Moment of inertia;
sectorial, 330, 502
warping. 313, 345
Moment transfer, 6, &8
Monadnock Building. Chicago. 2
Mation(s):
along-wind, 429
cross-wind. 419, 423, 429, 431
discomfarn, 452

dynamic, 13, 419
ground, 419, 431, 437
perception, 13, 452
sickness, 452
Movement:
differential. 6, 11, 14, 461, 462, 474, 475
foundation, 220
thermal, 475

Mational Building Code of Canada (NBCC),
24,29, 30, 422, 425, 429 437, 456
Mew York:
Chrysler Buitding. 106
Citicorp Building. 127
Empire State Building, 106
Equitable Life Building, 2
T80 Third Avenue Building. 46
Statue of Liberty, 106
Woolworth Building. 106
Warld Trade Center. 3
Node, dependent, 91, 297

OHfice. open plan, 36
Office building, 3. 12, 34, 35, 55, 28%
One-bay frame. equivalent. 71. 72, 111, 163
Omne-way slab, 56, 58
Open plan office, 34
Out-of-plumb. 414
Outrigger(s), 36, 355
-braced structure, 4. 48, 355, 156
elficiency, 368
flexibility. 368
optimurm lecation of, 355, 364, 366

Pan joist, 57
Partial safety factor. 10
Panicipation factor. modal. 419
Partition, 12, 13, 34, 40, 65, 168, 169, 462
Pattern live loading. 19
P-Dieliz analysis. 11, 130, 161, 398, 399, 401,
403, 406

P-Dclia effect. 6, 12. 16, 86, 398
Percentage of reinforcement, 461, 462, 463
Perception:

human, 452, 453454

limits, 453

motion, 453

thresholds, 454
Period. fundamental {namral), 12, 13, 25,

27,433, 436

Planning. 34, 38, 285
Plan structure:

asymmetric, 8%

symmeiric, 88, 138, 255, 297
Plate, Nat, 37,41, 58, 68, 75, 130, 158, |66
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Plumb, ouwt of 414
Portal frame support. 233 344, 480, 487
Portal method, 141-144 150
Prowvilure:
desipn, 174177
lumping 67949, LKL 102
Program:
computer, TH X1, 88, 1590, 215 247
Irame analvss, 113, 190, 206
peneral purpose amalysis, o, 215, 247, 277
structural analysis. TH. R10KE 206, 215,
347,277, A4 47353
Properties:
sectorial. 315, 349, 353
warping. 318
Pumping concrete. 4. 21, 46]

Rackmng, 131 141, 150, 285
frame, 371
migidity. 71, 72. 266, 376, 377, 379, 380
Racking shear. 71. T2 285, 378=380
Rand-McNazlly Building. Chicago, 2
Ratin:
damping 422, 425, 432,435 441 442,
451
modular, 471
slendemess, 358
Redistribution of load. 70
Reduction (structural) technigues. B2,
160-165
Reinforcement, percentage of, 14, 461, 462,
463
Resistance, center of, 140
Resonance. 421
Response:
carthquake, 431
human, 452
peak. 423, 428, 429, 431, 433
seismic, 431
spectrum. melastic, 448
time-history, 433, 449
Response spectrum, 420, 433, 435, 440,
447
analysis, 433
inelastic, 443
Rigid frame structures. [ 30
Rigidity:
axial, 131, 360
axial Mlexural. 379
center of. 140, 141
effective shear, 157
Nexural, 110, 184, 186, 187, 216, 247, 314,
359,360, 373, 376, 377, 379, 363, 393,
474, 502
in-plane. 36, 68, 75. 84, 86 91, 138, 169,

190, 199, 217, 255,277, 287, 296, 301,

M2
paramelers. 379
racking 71, 72, 376, 377. 379, 380

sheur, 71, T2 157, 220, 362, 206, 314, 376,

379, 380, 391
rorsional, 194
Rotation, 68, 308, 356-359, 502, 509, 510
cenler of, 70, 394
foundation, 16, 220, 243, 415

51 Louis. Mercentile Tower. 124
5L Venant principle. 173
51 Venan! torsion. 345, 347, 349
San Francisco. Alcan Building. 174
Sears Tower, Chicago. 3, 45, 46
Secaond-order effectis), 388-308
Second=order stiffness magrix, 4046
Section(s)
box, 308
method of. 115
Sectorial propenties. 115-132]
Serviceability limit state, 10
Service shaft, 34, 41, 70
Service sysiems. 3. 4.9 34, 35
Serback. 4. 113, 150
Settlement:
differential, 15, 220
foundation. 15, 220, 243, 487
TED Third Avenue Building. New York.
46
Shait:
elevator, 41, 107
service. 14, 41,70
stair, 34 41, 65, T0. 107, 168. 184
Shape:
flexural, 111, 178, 257, 372
shear. &4, 111
Shear:
area, 251, 408, 412
arca. negative. 408, 412
base, 25 433
cantilever, 378
center. T3, 188, 310, 317. 345, 346,
349
configuration. 44, 131, 372
connection method, 69
core, 5,7
deflection, 69, 218, 251
drift formula, 117, 120
external, 35 3639, 69
failure, 15,171, 174=176, 179
Mexibility. 358
flow, 224, 482, 4RS
Mow factor, 225, 483, 485

honzontal, 37, 69, 108=111
lag. 46, 127, 283, 285, 393, 142
mode, 257, 388, 390
racking, 71. T2 378=3%0
rigidity. 71, T2 157, 220, 242, 26b. 314,
376, 379, 380, 393, 507
shape, 44, 111, 257
stiffness, 208, 342
story, 442
stress analysis. 206
torsion constant, 321
transfer, 70
vertical. 70, 286
wall, 2, 4, 5. 35-37. 41_45, 66, 71, 73. 79,
130, 184, 257, 308, 372, 382-384, 462
walls, coupled, 42, 78, 159, 213 356,372,
373, 380, 386, 480 487
wall structure perforated, 41, /84 213
Shortening. 461, 462, 468 474
differential. 11, 461, 468
elastic, 463
inelastic. 462, 463
vertical. 461, 474
Shrinkage, 6, 11, 14, 46/, 464, 470
coeflficient, 467
strain, 461, 470
Sickness. motion, 452
Size reduction factor. 427
Skew symmetry, 296, 299, 305
Slab. 35, 65, 68, &9, T0, 73, 130, 213, 372,
462, 480
connecting, 36, 308, 329 372, 480, 439
effective width (stiffness), 1585, 159, 480,
493, 495
Mat, 37,41, 58
Moor, 36, 68, 190, 199, 217, 255, 308, 480, 489
one-way, 56, 58
two-way, 59
wallle, 59
Slab and beamn. 59
Slenderness ratio, 388
Slip form(ing), 4, 462
Soil-structure interaction, 15, 415, 420, 449,
487
Space:
frame, 36
structure, 53
truss, 127
Spandrel beam, 127, 284, 285, 286, 306, 463
Spandrel girder, 44, 48_ 306, 355, 463
Spectrum, response. 420, 433, 435, 440, 447
Stability, 11, 163, 388
Stair shaft(s) (case or well), 34, 41, 65, 70,
107, 168, 184
Statue of Liberty, New York, 106

Steel sirugture, 2, 36, 17, 42, 44, 109, |69,
285, 355 476
SiilTness
axial, 28
bending. 39, 204
coupling. 489
cyuivalent. ¥7, 216, 474, 401
Mexural, 158, 403, 410
in-plane. 184
lateral, 9. 11, 390
himitations. 11
member, 414, 43|
negative Mexural. 87, 410, 412
negligible, 68
reduction (due to cracking), 69, 414, 432,
500
shear, 208, 342
slab, 158, |59
torsional, 86, 161, 308. 394
Story drft, 12, 116, 117, 119, 131, 154, |64,
263, 268, 390, 401, 405, 44)
Story shear. 442
Strain. creep, 461, 469
Strain. shrinkage. 461, 470
Strength, /7
Stress:
diagonal tensile. 173
infill. 172
warping. 308, 126
Stress design. working. 9. 30
Stress element, plane, 342
Structural form, 34
Structure:
asymmetric plan. 88, 255
belt-braced., 355
braced frame. 37. 106
bundled-tube, 45, 303
cantilever, 172
core, 308
coupled shear wall, 42, 213
doubly-symmetric. 91, 118
framed-tube, 44, 305
hybrid. 4, 54. 282
hull-core, 45, 301
infilled frame. 68
non-load-bearing, 11
nonproportionate, 184, 190
nontwisting, 186, 187, 190, 260
outrigger-braced, 4, 48, 155 354
proportionate, 184
rigid frame. 38, /30
shear wall. 41, 184
space. 53
stecl 2, 36, 37, 42, 44, 104, 169, 255, 134,
476



Structore (Convinwed)
suspended. 36, 50
symmetric plan, 38, 138, 255 297 392
top hat. 335
tube-in-tube, 45, 301
tubular, 253
twisting b6, 70, 184, 1K7. 199
wall=frame. 36, 42, 78, 255, 356, 378, 384,
385, 386, 392, 502
Srrut, diagonal. 40, 169, 174
Subgrade reaction. modulus of, 220, 243 4589
Supporn(sk
column, 244
flexible. 243, 415, 487
portal frame, 223, 244, 480, 487
Sway, 30
Svmmetry. bb, 68, 235, 255, 277, 288, 29,
305,477
skew, 296, 299, 305
System{s):
floor, 37, 55
nonproportionate. 186, 190, 199
proportionaie, 184, 186
service, 3. 4.9, 34, 35

Tall building. definition of. |
Technigue. reduction. 88
Temperature:
differential. 6. 463
effect. 11, 14. 481, 475
gradient. 14, 473, 476
Tension lailure, diagonal. 176
Theory:
gencralized. 372
WViasov's, 323
Time-history analysis, 433
base acceleration, 420, 432
response. 433, 499
Top hat structure, 335
Top load. concentrated, 230, 260, 265, 480,
452 502
Torque, 94, 14]
external, 69
uniformly distabuted. 325
Torsion, 13, 23, 28, 6%, 70. 141, 303, 308,
353, 502, 509
warping. 108, 346
Torsional buckling. 388, 394
rigidity (stiffness), 394
Torsion constan, 73, 84, 86, 313,321, 345, 502
shear, 321
Trans{er:
moment, B, 38
shear, 70

Transler beam. 44
Transfer girder, 127, 285, 462
Transfer truss, 127
Truss, 2. 4. 79
belt, 49
space, 127
transfer. 127
vertical, 2. 37, 69. 106, 124, 372
Tube, 36, 283
braced. 36, 46, 127, 283, 289305
bundled. 45, 36, 283, 288, 305
framed, 3.7, 44, 103, 283, 285, 296, 297,
303, 305
modular. 288
Tube-in-tube, 45, 283, 301
Tubular strecture, 283
Tunnel, wind. 5. 23, 423, 425,439, 457
Turbulence, 421, 423
backpround, 425, 426
boundary layer. 421
building generated. 421
resonant. 425
Twistling). 66, 70, 186, 2535, 308
center of. 187. 138

Uniform Building Code. 21, 22, 26, 29 30,
133, 176, 318. 321

Uniformly distributed load., 223, 237, 262,
488, 502

Uplife. 1E 36, 101

Velociry:
pseudn, 436
speciral. 436
Vibration:
free. 435
frequency ol 421, 427, 435, 439, 44]
natural mode of, 423, 449
period of, 12, 13, 25,27, 433, 436
Viscous domping. 431
Viazov's theory, 323
Volume-surface ratio, 14, 461, 467
Voriex shedding. 13, 423,429

‘Wallle slab, 59
Wall{s), 2. 4. 34, 35, 65, 69, 184
bearing. 2. 213
coupled (shear), 42, 78, 159, 213, 356. 372,
373, 380, 184, 386, 480
cross, 4, 42, 213, 489
Manged. 494, 496, 497
-[rame structures. 36, 42, 78, 255, 156, 176,
384 385, 386, 392, 502
glass curtain, 4

linked. 184, 213, 483, 487
nonproportionate, 190
plane, 41,79, 495
proportionate, |86= 187
shear, 2.5, 35-37, 41, 45, 66. 71, 73, 130
184, 257, 308. 372, 382-384, 462
Wall-lrame structure, 36, 42. 7%, 255, 356,
378, 384-1386, 392, 502
Warping. 70, 308, 149, 153
restrained, 308, 315323
behavior. 308, 310, 345
Warping column model. single, 349
Warping constant. 313
Warping moment of ineria, 313, 345
Warping properties, 318
Warping stress. 308 326
Warping torsion, 108, 326
Wavelength, inverse, 427

NOEX 53T

Web frame, 44, 46, 127, 255, 258, 293, 298 300
Wide column, 73, 102, 100, 159, 216, 246,
306, 360
Width, slab effective, |59
Wind, 2. 10, 18, 109, 419, 420
Wind Code, Australian, 422
Wind load, 2, 10, 21, 34, &9, 40, 422, 480
dynamic. 419
equivalent static, 7. 22, 25, 420
pressure, 22, 24, 420, 423
Wind speed. design. 22 422
Wind tunnel (test), 5. 23, 423425, 420, 457
boundary layer, 23
Woolwerth Building. New York, 2 104
Working stress design. 9, 30
World Trade Center, New York, 3

Zone coefMicient, seismic, 27



