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Preface

Geotechnical Hazards from Large Earthquakes and Heavy Rainfalls is a compi-
lation of peer-reviewed papers presented in the sixth Japan-Taiwan Joint
International Workshop on Geotechnical Hazards from Large Earthquakes and
Heavy Rainfalls. The workshop was held under the auspices of the Asian Technical
Committee No. 3 on Geotechnology for Natural Hazards (ATC3) of the
International Society for Soil Mechanics and Geotechnical Engineering (ISSMGE).
It was co-organized by the Japanese Geotechnical Society (JGS) and the Taiwanese
Geotechnical Society (TGS).

ATC3 was established in 1993 under the leadership of its founding chairman,
Prof. K. Ishihara, Professor Emeritus of the University of Tokyo, Japan, to deal
with the geotechnical aspects concerning earthquake-triggered and rainfall-induced
natural hazards in the Asian region. Since its inception, ATC3 has always been very
active in organizing academic events and research activities between Japan and
Taiwan. Towards this end, five workshops were successfully held between 2004
and 2012 both in Japan and Taiwan. The aim of this sixth workshop was to
exchange information related to geotechnical natural hazards and establish a joint
research framework for future collaboration between Japan and Taiwan as well as
other Asian countries.

The workshop was financially supported by Kita-Kyushu City, the Kita-Kyushu
City Convention Association, and the Japanese Geotechnical Society. The editors
are very grateful to these three organizations for their encouragement and support
of the workshop and the publication of this book.

The book focuses on geotechnical and natural hazards-related issues in the Asian
region such as earthquakes, tsunami, and rainfall-induced debris flows, slope fail-
ures, landslides, and so on. It contains the latest information and mitigation tech-
nology on earthquake and rainfall-induced geotechnical natural hazards. The
volume comprises 57 contributions including three keynote and special lectures that
were delivered during the workshop by distinguished scholars and experts in this
field. All the manuscripts were thoroughly reviewed by at least two reviewers

ix



X Preface

selected from an international panel of experts in order to check for the relevance to
the theme as well as the quality of technical contents and presentation.

The publication of this volume has been possible through the sustained efforts
of the staff of the Geotechnical Engineering Research Group of the Department of
Civil Engineering, Kyushu University. The editors express their sincere thanks to
all the members. Special thanks go to Mr. Babloo Chaudhary, a Ph.D. student in the
Geotechnical Engineering Research Group of Kyushu University, for his tireless
efforts and dedication, which were instrumental in the timely publication of the
book. The editors also would like to express their sincere gratitude to all the
reviewers for their time and effort to review the manuscripts.

Geotechnical Hazards from Large Earthquakes and Heavy Rainfalls provides a
wealth of knowledge and information, and helps disseminate the latest information
and technology in the field of geotechnical natural hazards. The book is aimed at
researchers, designers, consultants, government officials, academicians, and stu-
dents working in those fields. The editors hope that in the years to come, the
developments, the state of the art, the knowledge, and findings that have been
compiled in this book will contribute towards the development of a new chapter in
disaster prevention and mitigation of geotechnical structures not only in the Asian
region, but also in the other regions of the world.

Fukuoka, Japan Hemanta Hazarika
Sendai, Japan Motoki Kazama
Taoyuan, Taiwan Wei F. Lee
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Keytopics on Earthquake and Rainfall
Induced Geohazards



Initial Trigger for Slope Failures

in Volcanic Ash Layer of Hillside Surface
in Izu-Oshima Island in Japan Due

to a Typhoon Rainfall in 2013

Akihiko Wakai and Satoshi Goto

Abstract In the year 2013, the typhoon Wipha passed through the neighbourhood
of the Izu-Oshima Island from 15 to 16 October 2013, and on the early morning of
16 October, a large number of slope failures occurred at various sites in the island.
The largest one occurred at a caldera external slope located in the western part of
the island near Motomachi Town. In this study, the initial trigger for such huge
failures in the upstream slope, as the beginning of this serious mud flood disaster,
has been discussed in mechanical point of view. According to the results obtained
from the experimental and analytical examinations including the centrifuge model
tests, it can be concluded that the increase of the pore water pressure in the thin
ash-fall deposits layer with high permeability has promoted the decrease of the
effective confining pressure in the layer, and it caused the surface failures in the
hillside slopes.

Keywords [zu-Oshima Island - Slope failure - Ash-fall deposit - Rainfall - Pore
water pressure - Centrifuge test

1 Introduction

Izu-Oshima Island is a volcanic island, of area of 91 kmz, off the south of the
Tokyo metropolitan area, 100 km away from the centre of Tokyo. Most of the
hillside surface of the Mt. Mihara, located at the centre of the island, is covered with
volcanic ashes due to frequent volcanic eruptions of the mountain. In the year 2013,
the typhoon Wipha (called as the typhoon No. 26 in Japan) passed through the
neighbourhood of the island from 15 to 16 October 2013, and the total amount of
the precipitation around the suffered area was quite large quantities as more than
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Fig. 1 General overlook view of the mud flood in Izu-Oshima Island caused by Typhoon Wipha
in 2013

800 mm. On the early morning of 16 October, a large number of slope failures
occurred at various sites in the island. The largest one occurred at a caldera external
slope located in the western part of the island near Motomachi Town (Fig. 1). The
mud flood brought from the debris and water washed away the downstream vil-
lages. The width of the slope collapse was approximately 500 m—1 km, and the
mud flood flowed out into the sea, where the runout distance was estimated as more
than 2 km. It was reported that approximately 40 people in the damaged district
have been sacrificed due to the flood event.

2 Failure Mechanisms

One of the important issues in here is how such a large-scale slope failure occurred
in this case. By comparing other small failures to the largest one, it can be found
that only the largest one is enormously bigger than others. In geomorphological
point of view, the clear difference in their size seems to be affected by the difference
in degree of development of valleys. It may be also related to such a fact that the
past lava flow events at other slopes are much older than the ones near Motomachi
Town. Only in this area, the lava flows have frequently flowed down in recent years
and left such a flat topography without deep valleys; here the newest event occurred
in 1986. Such a topography might make individual slope failure linked each other,
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providing a unified and huge slope failure. In this study, the initial trigger for such
huge failures in the upstream slope near Motomachi Town, as the beginning of this
serious mud flood disaster, will be discussed in mechanical point of view. Because
the failure mechanisms seem to be strongly related to the bedding structures of the
slope, it is very important to investigate the mechanical characteristics of
the materials corresponding to each volcanic ash layer. The relationships between
the slope stability and the increase of the pore water pressure in the thin volcanic
ash layer with high permeability are clarified by the experimental and analytical
examinations with use of the actual soil samples.

2.1 Soil Samples and Observed Physical Properties

Immediately after the disaster, so many small holes of local scouring along the thin
high-permeability layers were observed at the exposed scarps (Fig. 2). They are the
traces that the confined groundwater flushed the covered soil out at the time of slope
failure. The soil around the holes was felt to be extremely soft by touching with
fingers. The remained terraces have been formed just beneath the row of the holes
and it produced stepped terrains in the slope (Fig. 3). The depth of the rows of the
holes were approximately 1 m in many cases, while they remained at plural depths
in some cases. Such a shallow depth of the rows of holes especially in the

Fig. 2 Many small holes of local scouring along thin ash-fall deposit layer
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Fig. 3 Residual local terrains at collapsed slope. a Remained terrace beneath holes. b Stepped
terrains due to collapse of upper layers

upper-end slopes implies that the initial trigger for such a serious slope disaster can
be reduced to simple shallow failures in the slopes discussed in this paper later.
Also, the dynamic cone penetration tests were carried out along the slope surface at
one of the upper-end slopes. Figure 4 shows the penetration resistance for depth at
each point in the slope. The stiffer layer can be seen around 1 m depth, which may
be related to the above-mentioned shallow failure mechanisms.

In typical cases in the hillside, the thin and grey high-permeability layers with
holes are sandwiched by the brown layers with relatively lower permeability. The
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Fig. 5 Details of sampling of two types of soils in hillside slope; ash-fall deposit and aeolian dust
layers

former and latter layers are produced from ash-fall deposit and aeolian dust,
respectively. According to Koyama and Hayakawa (1996), 24 tephra layers, which
overlie the slope outside the caldera, show that 24 eruptions occurred since the
formation of the caldera about 1500 years ago. Here, the thin ash-fall layer with
holes can be referred to as the tephra of “Y1.0” in 1777 A.D., as suggested in their
study. It was the eruption with ash and scoria falls. The soil samples of these two
types of materials, i.e. ash-fall deposit and aeolian dust, were obtained at the slope
locating in the upper stream end of Oganazawa stream running through Motomachi
Town, as shown in Fig. 5.
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As seen in the measured patrticle size distributions of each sample in Fig. 6, both
of them are classified as sand containing fines. The fine fraction contents of the
ash-fall deposit and the aeolian dust are approximately 20 and 40 %, respectively,
that seems the main cause of their difference in the permeability. The in situ
properties as well as other physical properties are summarized in Table 1. Here, the
ash-fall deposit is so loose that the in situ dry bulk density is smaller than the
minimum dry density observed in laboratory. Such a loose state can be formed in a
long-term bulking due to confined groundwater flows in intermittent rainfall events
and/or chemical changes in the layer. Figure 7 is the relationship between the
minimum dry density observed in laboratory and the water content including in situ
state. The minimum dry density extremely decreases with a slight water content, in
other words, a slight suction can produce such a very loose state even if it is quite
few. It implies that the saturation of such loose sand during rainfall can promote
increasing the volume contraction and the excess pore pressure in the layer.
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Fig. 6 Measured particle size distributions of two types of soils

Table 1 Physical properties of the volcanic ash soils sampled at the hillside slope in Izu-Oshima
Island

Ash-fall deposit Aeolian dust
Wet bulk density /2 glem’ 1.44 Unmeasured
Dry bulk density Pd glem? 1.24 Unmeasured
Water content w %o 16.6 29.1
Void ratio e 1.25 Unmeasured
Relative density D, %o -11.5 Unmeasured
Maximum dry density P dmax glem? 1.78 1.29
Minimum dry density Ddmin glem? 1.28 0.96
Soil particle density Ps g/em’ 2.79 2.81
Liquid limit wr %o 23.5 30.5
Plastic limit Wp % 235 222
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Fig. 8 Results of direct shear tests for ash-fall deposits under drained conditions with use of dried
specimens

2.2 Slope Stability Analysis

The results of the direct shear tests for the ash-fall deposits under drained conditions
with use of the dried and remoulded specimens were shown in Fig. 8. Here, the dry
bulk density of the specimens was 1.52 g/cm®, which has been controlled as loosely
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Fig. 9 Semi-infinite slope model assumed in calculation of in situ stress state

as possible (even if it was denser than the in situ conditions). The observed effective
shear strength parameters ¢’ and ¢’ are 0 and 32.5°, respectively.

Figure 9 is the semi-infinite slope model assumed in the calculation of in situ
stress state, in which the failure along the thin ash-fall layer occurs. The thickness
and the wet unit weight of the upper aeolian dust layer are H and y,. The total factor
of safety Fj, in the case where the ground inclination and the thickness of unsat-
urated layer above the groundwater level are 8 and £, is calculated as

F. — ¢ +{pH — 7, (H — h)} cos® O tan ¢’

S

(1)

yH sin 0 cos 0

Based on the typical conditions in the field, H, y, and 8 are assumed to be 1.0 m,
18.0 kN/m® and 30°, respectively. As a result of calculation by Eq. (1), the critical
value of h corresponding to Fg = 1.0 is calculated as 0.79 m, which means that the
slope failure can occur during a heavy rainfall providing such a hydraulic head.

3 Centrifuge Modelling for Initial Trigger
of Slope Failures

The mechanical behaviours of the hillside slope subjected to groundwater loading
were simulated by the centrifuge apparatus at Gunma University (Fig. 10) using
imitation soil materials. In order to replicate the gravity-induced stresses of a
prototype structure in a geometrically 1/N reduced model, it is necessary to test the
model in a gravitational field N times larger than that of prototype structure.
A reduced-scale slope with the inclination of 30° shown in Fig. 11 was prepared in
the model box, of the dimensions of 300 mm X 400 mm X 120 mm in depth, by
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Fig. 10 Centrifuge apparatus at Gunma University

Sandwiched ash-fal] deposit layer

Upper and lower
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) 0 o o\ %
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Special water infusion device
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v (unit: mm)
Drainage of surplus water

Fig. 11 Reduced-scale slope in centrifuge model box with pore pressure measurements

hand tamping. The geological structure in the model slope was simplified as
composed of only three layers, such as the upper aeolian dust, the middle ash-fall
deposit and the lower aeolian dust layers. The thickness of the upper aeolian dust
layer and the middle ash-fall deposit layers in the model are 30 and 10 mm,
respectively. The test was conducted at 30 G and their thickness in the prototype
scale became 0.90 and 0.30 m, respectively. The bottom of the lower aeolian dust
layer was fixed on the rough board, which promotes layered failures in the thin
ash-fall deposit layer on the lower aeolian dust layer.
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Because of the lack of pure samples of ash-fall deposit and aeolian dust, we have
decided to use two kinds of imitation soils in place of real soils. The imitation soils
were made from the debris sands, which passed a sieve of 2 mm, sampled at the
mud flood sediments of Izu-Oshima disaster. Then, the coarser and finer ingredients
of the sand as shown in Fig. 12 were used as the imitation soils for the ash-fall
deposit and the aeolian dust, respectively. The difference in permeability of two
kinds of soils was expected to be brought by their particle size differences.

Based on the results of the direct shear tests for these imitation ash-fall deposits
under drained conditions with use of the dried and remoulded specimens (the dry
bulk density was 1.18 g/cm®), the effective shear strength parameters ¢’ and ¢’ of
the sand were measured as 0 and 36.2°, respectively. The wet density of the upper
aeolian dust layer was 1.44 g/cm’. In these conditions, using Eq. (1), the critical
pore water pressure at the ash-fall deposit layer corresponding to total slope failure
is obtained as 2.5 kPa approximately. This value can be compared with the
observed value of the pore water pressure during the centrifuge test as discussed in
later.

In the centrifuge test, after applying the centrifuge gravity, the ground water was
injected into the thin ash-fall deposit layer forcibly from the rear of the model slope
by a special infusion device shown in Fig. 11. The tips of the injection nozzles were
inserted into the sandwiched ash-fall deposit layer. The effect of infiltration of the
rainwater from the ground surface was ignored in here. The time histories of
the observed pore water pressure in the slope for the elapsed time from starting the
groundwater injection were shown in Fig. 13. The positions of each pore water
pressure measurement (P1, P2) are shown in Fig. 11. As seen in the time histories,
the water pressure rose in stages, in response to the increase of the flow-rate level. It
was suggested that the excessive increase of the pore water pressure in the ash-fall
deposit layer caused a whole collapse of the model slope in the end.
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The photos of the slope surface at each moment (at Time: (a) and (b) in Fig. 13)
are shown in Fig. 14. They are the looking-down views where the left direction of
the photos correspond to the descending direction of the slope. When the water
pressure at the lower point P1 reached 3 kPa, the one at the upper point P2 reached
about 2 kPa, and a few cracks in the surface gradually were found to have pro-
gressed. The blocks of the aeolian dust layer, separated along the cracks, have slid
on the failed ash-fall deposit layer, and the failure area continued gradually
spreading to the upper part. It was found that the value of the observed water
pressure almost accords with the critical water pressure estimated in the previous
chapter as 2.5 kPa. Figure 15 is a photo of the damaged model slope which was
taken after the experiment, where a peeled surface accompanying a few gullies has
been exposed. It is almost the same circumstances observed after the disaster in
Izu-Oshima as shown in Fig. 16. Accordingly, the slope failure mechanisms sim-
ulated in the centrifuge tests are appeared to be consistent with the actual phe-
nomena precisely.

16
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BN O N B G ©
3
m
o

Elapsed time (min)

Fig. 13 Time histories of observed pore water pressure during groundwater loading

@ (b)

Photo at Time Photo at Time

Fig. 14 Photos of model slope surface at each moment (see Fig. 13)
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Fig. 15 Photo of damaged model slope after centrifuge test

Fig. 16 Actual slope surface observed after disaster
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4 Conclusions

According to the results obtained from the experimental and analytical examina-
tions including the centrifuge model tests, it can be concluded that the increase of
the pore water pressure in the thin ash-fall deposits layer with high permeability has
promoted the decrease of the effective confining pressure in the layer, and it caused
the surface failures in the hillside slopes. After that, the sliding debris has swept the
surface soils on the downstream slopes and it might help expanding the collapse
area. Based on the above discussions on the mechanisms of such surface failures,
more effective countermeasures and risk assessment procedures for similar types of
slope disasters can be developed in the future. Because a large number of volcanic
ash slopes possessing similar mechanical characteristics to the hillside area of Mt.
Mihara in Izu-Oshima exist in Japan, any future studies on this issues would be
highly appreciated.
Again, the essential conclusions obtained in this study is as follows:

1. In geomorphological point of view, it was found that, only in the area in the
upper stream end of Oganazawa stream running through Motomachi Town,
there exists a flat topography without deep valleys that might make individual
slope failure linked each other, providing a unified and huge slope failure.

2. The initial trigger for such huge failures in the upstream slope near Motomachi
Town, as the beginning of this serious mud flood disaster, has been discussed in
mechanical point of view. Because the failure mechanisms were found to be
strongly related to the bedding structures of the slope, it is very important to
investigate the mechanical characteristics of the materials corresponding to each
volcanic ash layer.

3. Immediately after the disaster, so many small holes of local scouring along the
thin high-permeability layers were observed at the exposed scarps. They are the
traces that the confined groundwater flushed the covered soil out at the time of
slope failure. The soil around the holes was felt to be extremely soft by touching
with fingers. The depth of the rows of the holes was approximately 1 m in many
cases, while they remained at plural depths in some cases. Such a shallow depth
of the rows especially in the upper-end slopes implies that the initial trigger for
such a serious slope disaster can be reduced to simple shallow failures in the
slopes.

4. In typical cases in the hillside, the thin and grey high-permeability layers with
holes (i.e. ash-fall deposit) were sandwiched by the brown layers with relatively
lower permeability (i.e. aeolian dust). The fine fraction contents of the ash-fall
deposit and the aeolian dust are approximately 20 and 40 %, respectively, that
seems the main cause of their difference in the permeability. Both of them are
classified as sand containing fines.

5. The ash-fall deposit was so loose that the in situ dry bulk density was smaller
than the minimum dry density observed in laboratory. Such a loose state might
be formed in a long-term bulking due to confined groundwater flows in inter-
mittent rainfall events and/or chemical changes in the layer.
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6. As obtained in the observed results, the minimum dry density of the ash-fall
deposit extremely decreases with a slight water content, in other words, a slight
suction can produce such a very loose state even if it is quite few. It implies that
the saturation of such loose sand during rainfall can promote increasing the
volume contraction and the excess pore pressure in the layer. Such a mechanism
might be related to this disaster.

7. Based on the simple slope stability analysis with an assumption of semi-infinite
slope model, using the strength parameters observed in the direct shear tests, the
critical value of hydraulic head corresponding to F; = 1.0 is calculated as
0.21 m above the ash-fall deposit layer.

8. The mechanical behaviours of the hillside slope subjected to groundwater
loading were simulated by the centrifuge apparatus at Gunma University. As a
result, the slope failure mechanisms simulated in the centrifuge tests were shown
to be consistent with the actual phenomena precisely. For an example, the value
of the observed water pressure almost accords with the critical water pressure
which was theoretically estimated.

9. Based on the above discussions on the mechanisms of such surface failures,
more effective countermeasures and/or risk assessment procedures for similar
types of slope disasters during heavy rainfall can be developed in the future.
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A Case Study on Silty Sand Liquefaction

Wei F. Lee and Luois Y.N. Ge

Abstract Silty sand liquefaction has been of great interest of research in
geotechnical earthquake engineering. This article presents preliminary results of a
case study on nonplastic silty sand liquefaction. Influence factors such as fines
contents and disturbance effects on dynamic properties of silty sand are carefully
discussed in this paper.

Keywords Silty sand - Dynamic properties - Soil liquefaction - Fines contents -
Sampling disturbance

1 Introduction

Nonplastic silty sand liquefaction has been of great research interests in geotech-
nical earthquake engineering. During the 1999 Chi-Chi earthquake, serious soil
liquefaction damages were observed in central Taiwan including Wu Feng, Nan
Tou, and Yuen Lin areas. Christchurch and its vicinity of New Zealand have also
suffered from severe liquefaction damages during series of earthquakes from 2010
to 2011. Moreover, Tokyo bay area and Chiba perfect was suffered from serious
soil liquefaction damages during the 2011 Great East Japan earthquake. For these
destructive earthquakes, post-earthquake reconnaissance indicated that most soil
liquefactions were taken place in silty sand deposits with high fines content.
Preliminary reconnaissance also concludes that majority liquefaction occurred in
the reclaimed silty sand deposits (Fig. 1; Lee et al. 2012).

However, it has been difficult to retrieve undisturbed samples of silty sand.
Influences of fine contents, void ratio as well as sampling disturbance on lique-
faction potential of silty sand containing nonplastic fines were not well studied in
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Fig. 1 Non-plastic silty sand liquefaction observed in a 1999 Taiwan Chi-Chi earthquake,
b 2010-2011 New Zealand Christchurch earthquakes, and ¢ 2011 Japan Tohoku earthquake

the past. A study site, Hsin Hwa, was selected as the study site, and it was suffered
from soil liquefaction during the 2010 Jia Shan Earthquake in Taiwan. Dynamic
triaxial tests were carried out on the undisturbed specimens obtained suing gel-push
sampler (Lee et al. 2015) and remolded ones to examine the influences of sampling
disturbance, fines contents, and void ratios on the dynamic behavior and lique-
faction potential of nonplastic silty sand. Details and progress of such a research are
presented as follows.

2 Hsin Hwa Liquefaction

Hsin Hwa is located in Tainan City, Taiwan (Fig. 2). This site was selected because
massive soil liquefaction was observed during an earthquake of magnitude of
6.4 occurred in 2010. A peak ground acceleration about 385 gal was recorded
during this earthquake. Total four boreholes were drilled, where gel-push sampling
(Lee et al. 2015) was conducted in three boreholes, and conventional Shelby tube
sampling was performed in the fourth one for the purpose of comparison. The soil
profile including the SPT-N values of the test site is given in Fig. 3. As depicted in



A Case Study on Silty Sand Liquefaction

19

FLE‘ !
i T
i |
,:
H g 4
! S
: @ v
; Hsin Hwq site
H (HHO)) »
: /. CHY063
:‘ ." Station
: :
'.
| X
|II Taimanairport 7
Epicenter of | ! H
Jiasian earthquake L>/~\_, A i
\ 1 g 3
\ b kY
Fig. 2 Geographical location of Jia Sian earthquake
Depth Soil Gradation SPT N-value
(m) Type 50% 10 20 30 40 50
| | | | | | | | | |
0 T Z -
4 M 7 YV i3sm—
. — |
5 7 4 |
1 sm 1
0 —] —
15 ] CL Silt =
_ HHO1 _
— (Taiwan) —
20 —1
25 | Sand _
O sm 3 J
30 | 1
» 4 T
40 TR N N O | [ R N N SO B

Fig. 3 Summarized soil profile at Hsin Hwa study site



20 W.F. Lee and L.Y.N. Ge

the figure, a silty sand layer, which is located between 2 and 10 m below the ground
surface, contains high fines content ranging from 10 % to more than 50 %.

3 Dynamic Properties of Silty Sand

Testing results of two representative specimen groups, categorized by fines contents
near 10 and 28 %, respectively, were selected for comparative illustration. Each
group contains undisturbed specimens and remolded specimens prepared under
similar void ratios and confining pressure control for comparison. The remolded
specimens were prepared using wet-damping methodology to effectively control the
void ratio; and the undisturbed specimens were prepared from the gel-push sampler
with minor trimming. Figure 4 shows the axial strain and pore water pressure
excitation histories of two selected groups. The failure pattern of undisturbed
specimens was similar to plastic deformation when the excess pore water pressure
increased slowly and incrementally. For remolded specimens, the excess pore water
pressure increased quickly, and brittle failure has occurred under the same testing
condition. Figure 5 shows the strain—stress behaviors of tested specimens. The
undisturbed specimen has stronger cyclic resistance and possesses a larger yielding
strain than the remolded specimen with a similar density and deviator stress. For
specimens with similar fines contents, the remolded ones appear to soften-up (yield)
quickly while the undisturbed specimens still exert plastic behavior. For undis-
turbed specimens with different fines contents, specimens with 28 % fines deform
less than those with 10 %, indicating that fines content plays an important role in
stabilizing the micro structure of nonplastic silty sand. However, for remolded
specimens, specimen with less fines content appears to yield much less than those
with higher fines content.

Figure 6 summarizes the test results of post-liquefaction volumetric strains,
where the post-liquefaction volume change was measured from the dissipation of
excess pore water after liquefaction was identified in each cyclic triaxial test. As
shown in the figure, remolded specimens clearly possess larger volumetric strains
than undisturbed ones. Post-liquefaction volumetric strains of remolded specimens
would be as high as 8-10 %, whereas those of undisturbed specimens remain
between 2 and 5 %.

4 Discussion on Engineering Practice

4.1 Cyclic Stress Ratio

Figure 7 summarizes the relationships between the cyclic stress ratio (CSR) and the
number of load cycles (Nc) at liquefaction of all tests conducted. As illustrated in
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the figure, undisturbed specimens have higher cyclic strengths than those of
remolded specimens with the same fines contents and similar void ratios. It indi-
cates that sampling disturbance could definitely influence the soil liquefaction
resistance of nonplastic silty sand. Under the same void ratio condition, specimens
with higher fines contents tend to have lower cyclic strengths. Under the similar
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fines content condition, specimens with higher void ratios tend to have lower cyclic
strength. This behavior becomes more noticeable for the remolded specimens.

4.2 Influence of Fines Content and Void Ratio

Figure 8 shows the influence of sampling disturbance to dynamic properties of
nonplastic silty sand with various fines contents. In the figure, the vertical axis is the
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ratio of CSRs between remolded specimens and undisturbed specimens at the 5Sth,
15th, 20th load cycle (Nc). As shown in the figure, the more fines content the
nonplastic silty sand has, more reduction in cyclic strength are observed. When the
fines content of soil specimens was 30 %, there was a 40 % reduction in its cyclic
strength.

4.3 Examination of Present Liquefaction
Evaluation Method

The liquefaction potential evaluation of Hsin Hwa site is shown in Fig. 9, with a
vertical axis showing depth, and horizontal axes of fines content, plastic index (PI),
SPT-N value, and the liquefaction resistance ratio under the Richter magnitude
(Mr) equal to 6.4, respectively. In the figure, red triangles and green circles show
the analysis results using the NJRA and Seed’s methods, respectively. Blue X
indicates the results of the cyclic triaxial tests on undisturbed specimens.
Both NJRA and Seed’s methods would estimate the liquefaction resistance of
plastic soil layer accurately. However, it seems to overestimate the liquefaction
resistance in nonplastic silty sand layer, especially when fines content was higher.
Hence, the present liquefaction evaluation methods in a nonplastic silty sand layer
are probably inadequately applicable.
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Fig. 9 Comparison of different liquefaction potential evaluations of nonplastic silty sand
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5 Conclusions

Results of laboratory tests indicate that higher the void ratio and fines content of the
nonplastic silty sand would have a larger cyclic strength reduction when disturbed.
This phenomenon is considered to be very important in understanding time
sequence of silty sand liquefaction. Void ratio (or relative density) would have
deterministic effect on the silty sand liquefaction potential, so as the post-
liquefaction volumetric strain. Results of tests on remolded specimens also show
higher the fines contents, lower the liquefaction resistance. However, results of tests
also imply no general trends of liquefaction resistance for intact specimens with
difference fines contents. It is suggested that more efforts are needed to understand
the combining effects of fines content, particle packing, aging, and sedimentation
history, etc.
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Bearing Capacity of Breakwater Mound
Under Tsunami-Induced Seepage Flow

H. Takahashi, S. Sassa, Y. Morikawa and D. Takano

Abstract Water level difference induced by tsunami generates seepage flow in a
mound of caisson-type breakwaters. It has been pointed out that the seepage force
weakens a bearing capacity of a mound. The present paper describes bearing
capacity properties of a mound under seepage flow, by using centrifuge model tests
and finite element method analyses. Two types of model tests were conducted in the
study: horizontal load tests and combined tests with horizontal load and seepage
flow. According to the model tests, seepage force resulted in decrease of a bearing
capacity. In addition, it was confirmed that finite element method analyses could
simulate the model tests, and the suitable hypothetical adhesion was shown to
simulate the effect of seepage force.

Keywords Bearing capacity - Breakwater - Seepage - Centrifuge - Finite element
analysis

1 Introduction

Water level difference induced by tsunami generates long-duration seepage flow
and force in a mound of caisson-type breakwaters. It has been pointed out that the
seepage force weakens a bearing capacity of a mound. The present paper describes
bearing capacity properties of a mound under seepage, by using centrifuge model
tests and numerical analyses. Two types of model tests were conducted: horizontal
load tests and combined tests with horizontal load and seepage flow. The former
ones were to investigate the bearing capacity of a mound without seepage force, and
the latter ones were to assess the reduction of bearing capacity of a mound under
seepage force. That part of the experiment was written based on Takahashi et al.
(2014). The bearing capacity of a mound under seepage was also examined by
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numerical analyses by the finite element method. The numerical analyses clarified
the effects of seepage in more detail.

2 Procedure of Centrifuge Model Test

The beam-type centrifuge machine owned by the Port and Airport Research
Institute was used for the model tests (Kitazume and Miyajima 1995). It includes a
large square platform measuring 1.6 X 1.6 m?, which can hold a large specimen
container. A centrifugal acceleration was set to 50g. The centrifuge can be used to
simulate the behaviour of a ground of length 60 m by setting the centrifugal
acceleration to 50g. Figures 1 and 2 show schematic views of a horizontal load test
and a combined test with horizontal load and seepage. A mound and a base layer
were made by a one-to-one mixture of crushed stone and Sohma silica sand (cat. 2)
(see Fig. 3). The crushed stone has an average particle size of 5 mm and weight of
0.17g, corresponding to 21.3 kg under a centrifugal acceleration of 50g. The
average particle size and weight of Sohma silica sand were 2 mm and 0.013g,
corresponding to 1.6 kg. The rock ground was made by light tapping, and its dry
unit weight was 16.5 kN/m>.

Reduction of the bearing capacity may occur as a result of two factors, namely,
decrease in the confining pressure owing to an uplift force acting on a caisson, and
the seepage force acting on the rubble mound. The former is not a difficult problem
and can be easily taken into account in breakwater design, whereas the latter is
more difficult and its effect is yet to be clarified. The present study was therefore
aimed at examining the effect of the latter problem.
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Fig. 1 Schematic view of horizontal load test
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Fig. 2 Schematic view of combined tests with horizontal load and seepage

Fig. 3 Crushed stone used for mound

In the combined tests with horizontal load and seepage, the seepage was gen-
erated after loading a caisson with weights using a pulley and wire as shown in
Fig. 2. A series of test were conducted by changing the horizontal load from the
weight. The seepage test profile also had a water stop wall that caused seepage from
the bottom. The wall created no water level difference between both sides of a
caisson and could eliminate the uplift force acting on a caisson. A dam-break
method was adopted, wherein water held in a water supply tank was suddenly
released. It is known that the dam-break method cannot be easily used to control
either the flow volume and/or the water level. However, in the present model tests,
the water level could be controlled by discharging excess water through holes
created in the back wall. The water pressure difference was 115 kN/m?.
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3 Model Test Results

3.1 Results of Horizontal Loading Tests

Figure 4 shows the relationship between load and displacement in the prototype
scale. Displacement was measured from 50 mm below the top of the caisson. The
load and displacement were measured using a cantilever-type load cell and a dis-
placement gauge, respectively. Because a mound represented relaxation behaviour,
the caisson was loaded with alternating loads and rests. The load and displacement
resulted in a non-linear relationship, indicating plastic deformation behaviour of the
mound. The relationship after a displacement of 0.6 m almost became linear, and
the starting point of a straight line was considered to be the beginning of the
ground’s limit state. The horizontal load at this point was 861 kN/m. In the seepage
test mentioned below, seepage was generated under horizontal loads less than that
load. In addition, it was confirmed that the effects of mound failure dominated the
effects of sliding and over-turning of a caisson, which theoretically occurred at
loads of 1039 and 924 kN/m, respectively.

Figure 5 shows the vectors demonstrating displacement and its direction, which
were given by the Digital Image Correlation (DIC) method. The figure shows the
vectors until the caisson displacement of 1.5 m. In the figure, a laterally deformed
area occurred under the caisson’s corner, and this forced the slope top to move
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forward. The behaviour observed here is a typical failure mode by inclined loading,
and higher shear strength under the caisson and a counter weight for the slope top
can increase the bearing capacity for loading.

3.2 Excess Pore Water Pressure Distribution

Excess pore water pressure was measured at different points right after the water
level difference became steady. In another test case, the excess pore water pressure
under the water stop wall was low, a situation in which the hydraulic gradient, i, in
the mound would remain low. The present test case increased the amount of supply
water for the mound by widening the outlet under the water stop wall, and did not
use large crushed stones in front of the wall. These changes were introduced to
allow a significant amount of water to percolate into the mound. Figure 6 shows the
excess pore water pressure. It can be found that the water pressure under the wall
was not reduced from 115 kN/m? and i around the slope top reached 0.4.

3.3 Reduction of Bearing Capacity

Figure 7 shows the results of cases where seepage synchronized with horizontal
loading as well as the result of the horizontal loading tests shown in Fig. 4. Filled
and open circles represent displacements before and after the seepage. As shown in
the figure, all caissons were displaced by the seepage force. The case with a
horizontal load of 663 kN/m resulted in devastating ground failure and the caisson
fell from the slope top. The movements of the caissons indicate the reduction in
bearing capacity caused by seepage. The horizontal loads of the cases where the
caissons were collapsed or not were 548 and 663 kIN/m. Compared with the load at
the beginning of the limit state of 861 kN/m, those loads were found to be 64 and
77 %, down 23-36 %.
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The successive pictures capturing the moment of the mound failure and the
displacement vectors calculated by the DIC method are shown in Figs. 8 and 9. In
Fig. 8, it was first confirmed in model tests that the force of seepage itself was able
to break down a mound under an inclined load. The deformation behaviour shown
in Fig. 9 was quite similar to that of Fig. 5, taken in the horizontal loading test, and
this shows that the mounds collapsed in the same mechanism. These experimental
results meant that bearing capacity was reduced with seepage.

Fig. 9 Displacement vectors of combined tests
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4 Numerical Analyses

4.1 Conditions of Numerical Analyses

To examine more detailed characteristic of bearing capacity under seepage,
numerical analyses using the finite element method, FEM, were also carried out.
The FEM code ‘GeoFem’ was used in this study, which has been developed by the
Port and Airport Research Institute (Kobayashi 1988). Figure 10 shows the element
mesh for the calculations, which were reproducing the tested model. An
elasto-plastic model complying with the Mohr-Coulomb criterion and an elastic
model were utilized as models for the mound and other components, respectively.
Design standards in Japan (OCDI 2009) prescribe that the hypothetical adhesion of
20 kN/m? should be taken into account because Kobayashi et al. (1987) showed the
applicability of circular slip analysis with the hypothetical adhesion to the simu-
lation of devastated grounds in some sites. However, seepage force could decrease
the confining pressure of a mound, and the large hypothetical adhesion would lead
to overestimation of a mound’s shear strength. Therefore, calculations decreasing
adhesion were also conducted. With regard to loading method, the nodal point of
the caisson was horizontally loaded with or without seepage force, with the loading
stopped when the mound collapsed.

m
o 8m  3m, 24.8m
Horizontal loading

Excess pore water pressure
Water stop wall 17334 |7.5m

16.5m

:Q:’_\.,_ S s o

|||||||||||

Fig. 10 Finite element mesh for simulation
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4.2 Results of Numerical Analyses

Figure 11 shows the excess pore water pressure, as calculated. The distributions of
excess pore water pressure were similar between the calculation and the model test.
The hydraulic gradient, i, around the slope top was approximately 0.4, which is
similar to i in the model test (see Fig. 6). In addition, the calculated deformation
behaviours were almost the same as those in the model test. The laterally deformed
area occurred under the caisson corner, which forced the slope top to move forward.
The numerical analyses using FEM further confirmed that the fundamental defor-
mation and failure behaviour observed in the model tests can be simulated.

As mentioned above, the design standards in Japan (OCDI 2009) account for
hypothetical adhesion. This is because the shear strength of a mound increases
non-linearly with increased confining pressure, as shown in Fig. 12a. Shear strength
using hypothetical adhesion can represent this non-linear increasing trend within a
certain confining pressure. However, the confining pressure of a mound is reduced
by the seepage force; in particular, the pressure of the mound at the front of the
caisson decreases. Therefore, the hypothetical adhesion should be also decreased, as
indicated by Line (1) to Line (2) in Fig. 12a. Figure 12b shows the friction angles,
$o, based on the triaxial tests conducted by Kobayashi et al. (1987) and Mizukami
and Kobayashi (1991). Additionally, the figure indicates that the hypothetical
adhesion of 20 kN/m” overestimates the shear strength under low confining
pressure.

In the present study, the friction angle in the mound (Area 1) shown in Fig. 10
was fixed to 40°, and the hypothetical adhesion was changed. The shear strength of
only one section of the mound was changed to account for the high hypothetical
adhesion in the mound (Area 2), in which the confining pressure was high even
under seepage. For example, the minimum stresses, oy, at the bottom and front of
the caisson were 124 and 7 kN/m? in 1 m depth, respectively.

Fig. 11 Distribution of kN/m?

excess pore water pressure

Caisson
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Fig. 12 Relationship between ¢, and confining pressure o3 (based on Kobayashi et al. 1987;
Mizukami and Kobayashi 1991), a definition of ¢, b ¢y and o3

Figure 13a shows the horizontal loads at the failure point versus hypothetical
adhesion. Less hypothetical adhesion resulted in a smaller failure load independent
of the seepage force. The results indicate that the seepage reduced the failure load
and that the rate of reduction was large with lower hypothetical adhesion.
Figure 13b shows the rates of the failure load versus hypothetical adhesion. The
reduction rate rapidly decreased when the hypothetical adhesion approached
0 kN/m”. Considering the reduction rate of 64—77 % in the model test, the hypo-
thetical adhesion of approximately 5 kN/m” would be suitable to simulate the model
test.
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5 Conclusions

The bearing capacity of a mound with and without seepage was examined by the
centrifuge model tests and numerical analyses. It was observed that the actual
seepage force could break down the mound under a load. It had been confirmed by
the model tests that the seepage force reduced the bearing capacity of the mound.
The numerical analyses simulating the model test indicated that the seepage force
reduced the bearing capacity. Additionally, it was found that the hypothetical
adhesion of 20 kN/m? prescribed in the design standards should be decreased
appropriately. However, supplementary studies and discussions are required to
determine suitable adhesion.
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Verification of Improvement
Effectiveness by Compaction Methods
During the 2011 off the Pacific Coast
of Tohoku Earthquake

Kenji Harada, Jun Ohbayashi and Yuichi Taguchi

Abstract The 2011 off the Pacific Coast of Tohoku Earthquake caused severe
liquefaction of reclaimed lands in the Tokyo Bay area. Prior to the earthquake,
many ground improvement works have been implemented in reclaimed lands along
Tokyo Bay and no damage was observed at any of the improved sites. The main
purpose of ground improvement in this area was liquefaction prevention and most
of the countermeasures implemented were compaction (densification) methods,
such as vibratory and non-vibratory sand compaction pile (SCP) method. This
paper presents the conditions of the area after the 2011 earthquake by comparing
the performance of unimproved and SCP-improved areas in terms of the distribu-
tion of the normalized N-values, fines contents, and the corrected N-values based on
pre- (unimproved ground) and post-(SCP-improved ground) boring logs along
Tokyo Bay. In addition, the relationship between the corrected SPT N-values in the
improved grounds and the shear stress ratio estimated using the maximum surface
acceleration obtained from recorded motions near the site was analyzed.

Keywords Compaction-improved ground - Normalized N-value - Corrected
N-value - Shear stress ratio

1 Introduction

In Japan, the main countermeasures against liquefaction are the compaction
methods, such as vibratory and non-vibratory sand compaction pile (SCP) method.
Many case histories verifying the improvement effectiveness have been reported
following past large-scale earthquakes and there has been no report of major dis-
ruption to structures erected on compacted grounds. Especially, even with the
intense shaking induced by the 1995 Hyogo-ken Nambu Earthquake (Great
Hanshin-Awaji Earthquake), compaction-improved grounds suffered very little
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damage due to liquefaction (Yasuda et al. 1996), thus confirming in a qualitative
way the effectiveness of compaction-type ground improvement techniques. The
2011 off the Pacific Coastal of Tohoku Earthquake (The Great East Japan
Earthquake) with long shaking duration caused severe liquefaction in the reclaimed
lands along Tokyo Bay area, although located 350 km away from the epicenter.
However, the reclaimed lands that have been improved by vibratory and
non-vibratory SCP methods did not liquefy (Yasuda et al. 2012).

In this paper, photos of the conditions differentiating the performance of
improved and unimproved sites are shown, as well as the verification of
improvement effectiveness after the earthquake by analyzing the boring data and the
results of investigation. Furthermore, the relationship between stress ratio and SPT
N-value is analyzed using these data.

2 Case Histories Verifying the Improvement Effectiveness
by Compaction Method

It was confirmed that no damage was observed at any of the improved sites during
the 2011 off the Pacific Coast of Tohoku Earthquake. Figure la—c indicates the
conditions adjacent to the boundary between the improved and unimproved area as
well as the plan figure/cross section of the sand piles. At every site, there were no
damages caused by liquefaction, such as the occurrence of sand boils and settle-
ment. However, settlement occurred mainly outside the improved area. Figure 1d
indicates the condition of non-vibratory SCP implementation just after the earth-
quake. Water was ejected from the unimproved area of the site (according to the site
supervisor, about 1 h after the earthquake) but there was no ground deformation
observed on the improved area.

3 Investigation of Improvement Effectiveness

3.1 Investigated Area and Data Obtained

The investigated areas are the sites improved by compaction methods, such as
vibratory and non-vibratory SCP, along Tokyo Bay (Tokyo and Chiba). A total of
27 sites were investigated, and these consist of 14 sites in Tokyo and 13 sites in
Chiba. There was no trace of liquefaction observed in all sites. Table 1 summarizes
the number of boring logs before/after improvement, with a total of 203 logs used,
including 77 logs before improvement and 126 logs after improvement. The boring
data was divided into either reclaimed or alluvial layer based on various references
and sources (JGS 2010; BPHTMG 2001; Urayasu City 2012).
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Fig. 1 Conditions of improved areas immediately after the earthquake (Harada et al. 2013),
a building (Chiba), b building (Tokyo), ¢ building (Chiba), d during implementation

3.2 Investigation Procedure

The following items were formulated based on the pre/post boring logs and other
data obtained from the SCP-improved sites along Tokyo Bay for the purpose of
understanding the characteristics of the improved/unimproved grounds. The
N-values of improved ground were obtained at points in-between the piles.
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1. Distributions of fines content, F,, at each reclaimed and alluvial layer

2. Distributions of normalized SPT N-values, N, before/after improvement at each
reclaimed and alluvial layer
The normalized N-value is obtained from Eq. (1) JRA 1996)

1.7N

Ny=——
' 6 /98+0.7

(1)

where ¢/: effective overburden pressure (kN/m?)

3. Relations between N, before/after improvement and F. at each reclaimed and
alluvial layer

4. Distributions of corrected N-values, N, before/after improvement at each
reclaimed and alluvial layer

After the data whose F, > 50 % are excluded, the N,-values of the remaining
data points are calculated using Eq. (2) (JRA 1996)

N,=ci N+

0< F.<10
= <
c1 =4 10 < F. <60 2
60 < F,
{0 0< F.<10
Cy =
T\ (F.—-10)/18 10<F,

where ¢, ¢,: coefficients of corrected N-value.

Based on the analyses of these data, the relationship between the maximum shear
stress ratio, L, and the corrected N-values of the improved sites, where no damage
was observed, was compared with the relation obtained for natural deposits (JRA
1996) in order to examine the improvement effectiveness. To calculate L, the
following equation is used:

Equation (3)

L="" (1 - 0.0152) . (3)
3

/
GV v

Tmax Maximum cyclic shear stress (kN/m2)
Omax Maximum surface acceleration (gal)

g acceleration due to gravity (=980 gal)
o, overburden pressure (kN/m?)

z depth (m)
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2 Study flow [ Acceleration record ] Boring data (pre/post)
( Reclaimed layer

Alluvium layer
U T

Omax Was obtained from record motions of the observation point near the site (NIED
2011). Figure 2 shows the procedure of the study and the relationship among the
used soil parameters.

3.3 Results

Frequency

. Distributions of fines content, F, for each layer

Figure 3 shows the histograms of the fines content, F,, for reclaimed and
alluvial layers. Though the plots are both scattered, the average fines content of
reclaimed layer is about 45 %, which is 10 % greater than that of alluvial layer.
The symbols n, 1, o are number of data, average, and standard deviator of the
data, respectively.

Distributions of normalized SPT N-values, N;, before/after improvement
Figure 4 illustrates the histograms of the normalized N-values, Ny, of improved
and unimproved grounds for each layer. Though they are also scattered, the
average normalized N-value of both layers before improvement is around 10. On
the other hand, that after improvement is 21, indicating an increase in N-value of
14.
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Fig. 3 Distributions of fines content
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3.

Relations between N; before/after improvement and F.

Figure 5 shows the relationship between the normalized N-values and fines
content for each layer. The normalized N-values show a trend wherein the
higher the fines contents, the smaller are the N-values, both in terms of the
normalized value and the increased amount due to the improvement.

. Distributions of corrected SPT N-values, NV,, before/after improvement at

each reclaimed and alluvial layer

The histograms of the corrected N-values of improved and unimproved grounds
for each layer are shown in Fig. 6. Because liquefaction did not occur at the
improved grounds, the lower limit of N,-value is around 15, according to the
figure.

Figure 7 shows the relationship between the maximum shear stress ratio and

corrected N-values in the improved grounds where liquefaction did not occur. It can

be

argued that the liquefaction resistance curve of the improved grounds is best

represented by the dashed curve, which is on the left side of the curve proposed by
JRA (1996). Thus, it is inferred that the liquefaction resistance of the improved
ground is higher than that of the natural ground, even though both grounds have the
same N-values. Harada et al. (2013) pointed out that this is due to the increase in
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lateral stress ratio Kc (=a}l / a’v, where 0;1: effective lateral stress), induced by the
installation of sand piles and the effect of composite ground consisting of the
compacted sand piles and the ground surrounding them.

4 Summary

This paper discussed the conditions of the improved/unimproved grounds during
the 2011 off the Pacific Coast of Tohoku Earthquake and compared the distributions
of the normalized N-values, fines contents and the corrected N-values based on the
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pre- (unimproved ground) and post-(SCP-improved ground) boring logs along
Tokyo Bay. In addition, the relationship between the corrected SPT N-values in the
improved grounds and the cyclic shear stress ratio were analyzed. Based on the
results of the investigation and analyses, the compaction methods were also found
to be very effective in this earthquake which was characterized by long shaking
duration. It was also noted that the liquefaction resistance of the SCP-improved
ground is higher than that of the natural ground, even though both have the same
SPT N-values.
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Development of Rational Soil
Liquefaction Countermeasure Consisting
of Lattice-Shaped Soil Improvement by Jet
Grouting for Existing Housing Estates

Takahiro Yamauchi, Hiroaki Tezuka and Yoshimichi Tsukamoto

Abstract The lattice-shaped soil improvement by means of jet grouting is one of
the promising methods for soil liquefaction countermeasures. In order to develop a
more effective construction method for residential houses, a series of centrifuge
model tests and numerical analyses are conducted to see if there would be any more
rational shapes of underground soil improvement structures to counter against soil
liquefaction. It is found that the ordinary lattice walls with a surface cover would be
more effective. The field verification tests are also conducted to examine if the
micro machine developed in the present study can be practically used in residential
areas.

Keywords Soil liquefaction countermeasure - Jet grouting - Centrifuge test -
Numerical analysis - Field test

1 Introduction

Following the 2011 Great East Japan Earthquake, soil liquefaction was observed
over wide areas including Tokyo and other eight prefectures and 80 municipalities.
Lots of residential houses, roads, revetments, and other infrastructures were greatly
damaged in Urayasu city and other reclaimed areas along Tokyo Bay. In order to
control the recurrence of disasters in the areas heavily affected by soil liquefaction,
some projects were initiated in November 2011, by the Ministry of Land,
Infrastructure, Transport and Tourism (MLIT). They are aimed at preventing
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damages due to soil liquefaction in future earthquakes around these areas under the
subsidies of Great East Japan Earthquake reconstruction. The municipalities having
suffered from soil liquefaction then started to establish study committees, and have
been conducting discussions on how damages due to soil liquefaction can be
prevented especially by combining soil liquefaction countermeasures for roads and
other public facilities with private housing sites. This approach is herein called
“integrated control measures.”

One of the promising integrated control measures at present is the construction
of lattice-shaped underground soil improvement structures, that stabilizes soils
using cement, (Yoshida et al. 1990, 1991; JCMA 2009; Tezuka et al. 2013a, b), is
shown in Fig. 1. This construction method, however, stabilizes soils using the
conventional deep mixing method, which is the mechanical agitation and jet
grouting method. Constructions near boundaries of existing houses require
machinery much smaller than conventionally adopted. In addition, at least part of
costs of construction works involved in such integrated control measures needs to
be paid by owners of houses. It is therefore highly required to reduce construction
costs in order to achieve agreements among residents, which is essential for
implementing the projects.

With all the above background in mind, the present study is aimed at proposing a
more economical and more effective construction method of lattice-shaped under-
ground soil improvement structures, to serve as an integrated soil liquefaction
control measure. The development of this construction method needs to overcome
the following problems of cost reduction, development of small machinery to work
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in narrow space, and ability to produce improved soil structures with thin walls as
well as arbitrary shapes in large diameter.

The present study was started as one of the projects funded under the MLIT
construction technology research and development subsidy system in 2011. In what
follows, the application and verification of lattice-shaped soil improvement tech-
nology for preventing soil liquefaction are examined, where more effective shapes
of improved soil structures are examined in numerical analyses as well as centrifuge
model tests, and field tests are also conducted to see if this construction method
would work well in a model residential setup.

2 Outline of Micro-Jet Grouting Method

The micro-jet grouting method is one of the multi-jet methods, which is downsized
to fit into existing housing sites. The multi-jet method itself is a jet grouting method,
which is characterized by its ability to produce soil improvement structures with
arbitrary shapes and large diameter. This method enables formations of under-
ground soil improvement structures of arbitrary shapes, ranging from walls, fans to
lattices, as shown in Figs. 2 and 3. Any underground soil improvement structures
can be constructed by combining the shapes of walls, fans, and lattices. This
method is therefore expected to provide basis for highly effective soil liquefaction

L L)
S

Circular Wall Fan Lattice

Fig. 2 Soil improvement with arbitrary shapes

Lattice

Fig. 3 Confirmation of shapes of soil improvement in field tests
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Table 1 Specifications for Rod diameter (mm) 73
micro machine
Rod length (m) 1.0, 1.5
Maximum jet flow rate and pressure | 200 1/min and
30 MPa
Flow rate of compressed air 5 Nm*/min
Mass of leader and spindle 400 kg

control measures at housing sites. The multi-jet method has already been used for
34 sites and was found as a highly reliable method.

During the development of a micro-jet method, a micro machine was developed,
which can be used at narrow existing housing sites with a width of 1 m and an
overhead clearance of approximately 2 m, to cope with construction at boundaries
of existing housing sites. The specifications for this machine are listed in Table 1.

3 Proposing Rational Shapes of Soil Improvement
in Centrifuge Model Tests

Several shapes of underground soil improvement structures are examined to find the
most effective one to prevent soil liquefaction damages, as shown in Fig. 4. These
shapes are among the good candidates from the results of preliminary model
shaking table tests in a 1-G gravitational field. A series of centrifugal model tests
are conducted in the present study in an 80-G gravitational field. The pore water
pressure ground surface settlement are measured during the model tests. The test
series are listed in Fig. 5. In case-4 of the “lattice with surface cover,” the bottom
end of the lattice structure is fully embedded in the bedrock. In case-5 of the
“floating lattice with surface cover,” the underground structure in the section of an
adjacent public facility is embedded in the bedrock. In the section of the housing

—
=
| =

————y

i1 Cover
Thickness : 0.5~ 1m
Width : 3 m

Wall
Thickness : 0.5 m {min)

Fig. 4 Shapes of soil improvement examined. a Simple lattice, b buttress lattice, ¢ lattice with
surface cover
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Fig. 6 Settlements of model houses after shaking

site, the underground structure is floated to cover part of the liquefiable layer in the
vertical direction. The front and rear sides of the structure model are embedded in
the bedrock. The ground surface settlements observed at the end of model tests are
shown in Fig. 6. The soil improvement is found to be least effective in the “simple
lattice” shape followed by the “buttress lattice” and “lattice with surface cover.”
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4 Verifying Rational Shapes of Soil Improvement in 3D
Effective Stress Numerical Analyses

An analytical study is carried out to verify if the rational shapes of soil improve-
ment identified in the above centrifuge model tests would really work well. To
examine such 3D shapes of soil improvement, the numerical code of FLIP3D with
three-dimensional effective stress analysis is used. FLIP has been prevalent as a
general code for two-dimensional effective stress analysis. Figure 7 shows an
analysis model used for three-dimensional effective stress analysis (FLIP3D), which
assumes the models produced in the centrifuge model tests. Table 2 lists material
parameters.

The settlements of model houses observed in the centrifuge model tests and the
numerical analyses are compared with each other in the five cases, (no improve-
ment, simple lattice, buttress lattice, lattice with surface cover, and floating lattice
with surface cover), as shown in Fig. 8. It is found that the settlements of model
houses are reproduced highly accurately. To see any reasons why the settlements
are in good agreement, comparisons are made on the excess pore water pressure
ratios observed in the simple lattice and the lattice with surface cover, as shown in
Fig. 9. The lattice with surface cover effectively reduces excess pore water pres-
sures near the ground surface inside the lattice square. The results of comparisons of
deformation characteristics of the underground structures are shown in Fig. 10. The
lattice with surface cover effectively controls the deformation of the structures near
the ground surface. It seems therefore that the shear deformation near the ground
surface inside the lattice square is controlled and that the increase in the pore water
pressures near the ground surface is also controlled.

48m
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wall thickness (.4m
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Fig. 7 Analysis model and material parameters
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Table 2 Parameters assumed in the numerical analyses

Unsaturated layer Liquefiable layer | Basement layer
pe (tm?) 1.91
Guax (MP2) 52.29 1126.22
v 0.33
¢ (kPa) 0
¢ ) 38.30 141.20
F. (%) 10.0
Pinax 0.24
dpr () 28.0
W, 6.057
P, 0.500
P, 1.025
C, 1.600
M 0.005

1000 : . : : —

No improvement

.

@
(=3
o

Simple lattice

Settlement of
model houses (mm)

o Model tests
® Numerical analyses

Buttress lattice

400 ] Floating lattice
with surface cover
200~ Lattice with é
r surface cover
P weeover8 8
Case-01 Case-02 Case-03 Case-04 Case-05

Fig. 8 Settlements of model houses in the centrifuge model tests and numerical analyses
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Fig. 9 Comparisons of excess pore water pressure ratios. a Simple lattice, b lattice with surface

cover
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Fig. 10 Comparisons of deformation characteristics of underground structures. a Simple lattice,
b lattice with surface cover

5 Field Verifications of Construction Procedure
and Machinery

Field verification tests are conducted on the underground soil improvement struc-
tures of simple lattice and of lattice with surface cover, which are among the cases
mentioned above. The field tests are aimed at checking construction procedures and
machinery under the conditions of narrow space with a mat foundation assuming an
existing house, and then at checking the influences on surrounding areas and the
quality and effectiveness of soil improvement. The field verification tests are con-
ducted at a site designated by Urayasu city government in 2012.

Figure 11 shows the location where the verification test is conducted. The
groundwater level is at GL —1.4 m. The surface layer is composed of a silt for-
mation from GL —2.8 to —4.2 m, underlain by reclaimed fill mainly composed of
fine sand with an N-value of approximately 5 down to GL —9.5 m. The reclaimed
fill overlies an alluvial formation mainly composed of fine sand with an N-value of
approximately 15 down to GL —11.8 m and an alluvial silt formation below GL
—11.8 m. This field test site was liquefied during the 2011 Great East Japan
Earthquake.

Figure 12 shows the plan and cross-sectional views of underground structures in
the field tests. The bottoms of the underground soil improvement structures are
embedded to the non-liquefiable formation for both cases of lattice with surface
cover (case 1) and simple lattice (case 2). In order to verify the effects on existing
housing sites, a 10 m x 10 m reinforced concrete slab with a thickness of 20 cm is
installed at a ground surface to simulate a mat foundation, as shown in Fig. 13. The
tests on the construction procedure and machinery are also shown in Fig. 13.
A model house and a wall simulating the exterior are installed with a spacing of
1 m and construction is carried out in narrow space. The standard cycles of con-
struction work per borehole are conducted and it is found that one underground
structure could be developed in a day.

The underground structures produced in the field tests are partly excavated to
check the quality and shapes, as shown in Fig. 14. The surface cover of case 1 has a
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Date : September - October/ 2012
Place : Athletic park in Urayasu city

Fig. 11 Location of field tests in Urayasu city
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Fig. 14 Checking quality of soil improvement

radius of improvement of 4.2 m, which is larger than the design value of 4 m. The
underground structure is expanded at an angle of 30° to explicitly show the distance
of jetting. In case 2, the minimum wall thickness is 65 cm, which is larger than the
design value of 50 cm. A block of the structure is excavated as a sample for
unconfined compression test and indirect tensile test, and both of the unconfined
compressive strength and tensile strength exceed the design levels of 3 and
0.33 MPa, respectively.

6 Conclusions

The present study was aimed at developing a more effective construction method
for soil liquefaction countermeasures for residential houses together with adjacent
roads and other public facilities. The soil improvement structures with lattice walls
and surface cover were found to provide a more effective shape, based on the
centrifuge model tests and numerical analyses. It was found that the volume of soil
improvement could be reduced to 7-10 % by using the shapes proposed in the
present study, while the volume of improvement could be reduced to approximately
50 % when conventional lattice-shaped soil improvement by jet grouting is adop-
ted. Therefore, cost can be reduced greatly.
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From the results of the field verification tests conducted in a simulated model
house using a micro machine, it was shown that the proposed method is highly
practicable. The method is applicable not only to soil liquefaction control projects,
but also to soil liquefaction control in narrow space for social infrastructure systems
and industrial facilities. The micro machine has been designed to satisfy the con-
struction specifications equivalent to those of conventional machines. The relia-
bility of the total quality of the micro machine will be improved by conducting trial
construction.
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Uplift Mechanism of Rectangular
Tunnel in Liquefied Soils

Chung-Jung Lee, Yue-Chen Wei, Wen-Ya Chuang, Wen-Yi Hung,
Wen-Lung Wu and Tai-Yuan Ho

Abstract Underground structures located in liquefiable soil deposits are susceptible
to floating during earthquakes. These damage cases have been observed in huge
earthquake events. A series of centrifuge tunnel model shaking table tests was con-
ducted to investigate the uplift behaviour of rectangular tunnel embedded in lique-
fiable soils. The test results show that the buried depth of tunnel, the input amplitude
of base acceleration and the number of loading cycles all influence the magnitude of
tunnel uplift displacement. The higher hydraulic gradient between the soil beneath
the tunnel bottom and the surrounding soil became obvious and the surrounding soil
squeezing into the tunnel bottom is the major cause of tunnel uplifting. According to
the analysis of model test results, the following conclusions are addressed:
(1) Magnitude of tunnel uplift is significantly influenced by the viscosity of pore fluid
used in the tests (less permeability of soil) and the embedded depth of tunnel. The
tunnel would experience the less uplift if the tunnel is embedded in the deeper depth
and in the less viscous pore fluid (higher permeability of soil). (2) Once the tunnel
begins floating the liquefied sand will squeeze into the tunnel bottom due to high
seepage forces from the outside of tunnel and the deeper soils below the tunnel
towards the bottom of tunnel. (3) Once the safety factor against uplift (FS) calculated
with the proposed method is less than 1 the tunnel would start floating and FS back to
1 the tunnel would stop floating during shaking.
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1 Introduction

Loose saturated sands are susceptible to generating larger excess pore water pres-
sures during earthquakes, leading to a loss in the sand stiffness and strength.
Investigations into damage sites after earthquakes reveal that soil liquefaction is one
of the major factors that contribute to severe damage to buildings, oil tanks, bridges,
tunnels, embankments, buried pipelines and marine structures (Abdoun et al. 2005;
Lee 2005). Underground structures located in liquefiable soil deposits are suscep-
tible to floating up during earthquakes and have been observed in recent major
earthquake events (Tobita et al. 2010, 2012; Chian and Madabhushi 2010, 2012).

In Taipei city, an underground conduit was constructed between the Banchia
railway station and the Taipei railway station to make way for both the Taiwan
railway and the Taiwan high-speed railway systems, thereby, reducing the inter-
ference of these systems with road traffic. This tunnel was constructed using a
cut-and-cover method. Two parallel slurry walls 36 m in depth and 1 m thick were
built first, and the parallel walls with a bracing system were used to support the
surrounding soils during soil excavation to a 17 m deep. Finally, the tunnel was
constructed. The completed tunnel was enclosed by two parallel walls. Because
parts of this tunnel route passed through liquefiable soils, the possibility of tunnel
uplift and lateral displacement as a result of lateral spreading and/or liquefaction
during larger earthquakes raised concerns after an upgrade of the design peak
ground acceleration (PGA). As a result, it became necessary to re-evaluate the
seismic behaviour of the liquefiable sand between the parallel walls, as well as the
protective effects of the two parallel walls against uplift of tunnel and lateral
spreading. In this paper, the uplift mechanism of rectangular tunnel during
earthquake-induced liquefaction is major concern.

In situ investigations of liquefaction phenomena are difficult because earth-
quakes occur infrequently and unpredictably. Small-scale physical modelling pro-
vides an alternative to geotechnical earthquake engineering and has been used to
gain insights into failure mechanisms. Geotechnical modelling requires the repro-
duction of the strength and stiffness associated with soil behaviour. Soil behaviour
strongly depends on stress levels and stress histories. Centrifuge modelling enables
complex scenarios to be reproduced at small scales and at low costs. The use of a
soil with a soil density p both in a prototype and in a centrifuge model subjected to
an inertial acceleration field of N times the earth’s gravity yields a vertical stress at a
depth A, (the subscript m denotes the centrifuge model) that is identical to that of
the corresponding prototype at a depth h, (the subscript p denotes the prototype),
where hy, = Nhy,. The model: prototype scale factor for linear dimensions is I:
N. This relationship is the scaling law of the centrifuge modelling; that is, the stress
and pressure similarities are achieved at homologous points. The scaling relation-
ships were applied to a prototype subjected to base shaking (the amplitude of the
base acceleration, ap, and the frequency, f,,) in the earth’s gravity (1g), such that the
corresponding 1/N centrifuge model was tested at an acceleration of Ng and sub-
jected to base shaking (where the amplitude of acceleration is a,, = Na,, and the
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frequency is fm = Nfp). The scale factors that retained the stress and pressure
similarities of the linear dimensions and base acceleration, a, of the centrifuge
model and the prototype were 1:N and 1:N "', respectively. A series of centrifuge
tunnel model shaking table tests at an acceleration of 80g was conducted to
investigate the uplift mechanism of rectangular tunnel embedded at different depths
in liquefiable soils.

2  Centrifuge Modelling

2.1 Testing Equipment, Tested Sand,
and Preparation of Sand Beds

This study was conducted in the Centrifuge at the National Central University
(NCU), Taiwan. The NCU Centrifuge has a nominal radius of 3 m and has a 1-D
servo-hydraulically controlled shaker integrated into a swing basket (Lee et al.
2012). The shaker has a maximum nominal shaking force of 53.4 kN with a
maximum table displacement of 6.4 mm and operates up to an acceleration of
80g. The nominal operating frequency range of shaking is 0-250 Hz. The
table-payload mounting area is 1000 mm X 546 mm X 500 mm. Fine quartz sand
was used to prepare the sand beds. The characteristics of the fine quartz sand used
are summarized in Table 1. A laminar container (711 mm (L) X 356 mm (W) X
353 mm (H)) was used to contain the sand deposits. The quartz sand was pluviated
with a regular path into the container from a hopper at a fixed falling height and at a
constant flow rate to prepare fairly uniform sand beds with a relative density of
55 %. The internal friction angle of tested sand bed was about 35.7°. The air
pluviation process was interrupted as required for embedding the model tunnel, the
accelerometers and pore water pressure transducers (PPTs) at specified elevations
and locations. The prepared sand deposit was saturated with water or viscous fluid
(kinematic viscosity ~ 40 cSt) by a vacuum method.

2.2 Design and Fabrication of Model Tunnel

The prototype dimensions of the cross section of the rectangular rail tunnel are
9.15 m X 18 m (h, X b,). The model tunnel was tested at an acceleration of 80g,

Table 1 Characteristics of fine quartz sand

G, D5 (mm) Dy (mm) *Prmax (glem’) *Punin (gfem’)
Quartz sand 2.65 0.193 0.147 1.66 1.44

“The maximum and minimum densities of the sand were measured in the dry state, according to
the method (JSF T 161-1990) specified by the Japanese Geotechnical Society
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(b)

Fig. 1 Model tunnel: a 3-D model tunnel image; b model tunnel with instrumented transduces
inside

therefore, the dimensions of model tunnel are scaled to 1/80 in length and are
0.114 m X 0.225 m (h,, X by,) per the centrifuge scaling law. Here h, b are the
tunnel height and tunnel width, respectively. The suffixes , and , represent the
dimension in model scale and in prototype scale. The unit weight of model tunnel
including the transducers (accelerometers, pore water pressure transduces, and earth
pressure cells) instrumented and embedded inside the model tunnel is 9.02 kN/m’
and is nearly the same as the unit weight of in situ concrete tunnel including the
railway and the other facilities (8.85 kN/m?). The model tunnel was made of acrylic
as shown in Fig. 1. The surface on the model tunnel was roughed with sand paper.
The earth pressure cells, pore water pressure transducers, and accelerometer were
instrumented on the 4-side surfaces to monitor the seismic responses of model
tunnel subjected to the base shaking.

2.3 Testing Set-up and Testing Conditions

Figure 2a—c show the soil profiles and the instrumentation layouts used in the
models. The dimensions in Fig. 2a—c are in centimeters, and the prototype
dimensions in parentheses are in meters. Table 2 is the list of test number and
testing conditions used in the study. Pore water pressure transducers (PPT#), earth
pressure cells (EPC#), and accelerometers (A#) were instrumented in and around
the model tunnel to monitor the changes of excess pore water pressure, the earth
pressures and the accelerations on the surfaces and inside of model tunnel. Two
vertical arrays of accelerometer and of pore water pressure transducer was also
instrumented at the middle and right-hand side of the tunnel model in the sand
deposit to capture the seismic response as clear as possible. All the accelerometers,
EPCs, PPTs and LVDTs were mounted in an effort to measure the following
seismic responses of model: (1) Tunnel uplift displacement; (2) Ground surface
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Table 2 Test number and testing conditions (all dimensions in prototype)

Test no. | Pore Embedment | Depth Ysat Yennel Max. Shaking Shaking
fluid depth (m) of sand | (kN/m?) | (kN/m?) | shaking frequency | elapsed
deposit magnitude | (Hz) time (s)
(m) ®
Tunnel-1 | MCE* | 0.48 27.2 19.17 9.02 S1:0.13 1 16
$2:0.23
Tunnel-2 | Water |0.48 26.4 19.04 9.02 S1:0.13 1 16
$2:0.23
Tunnel-3 | Water | 7.68 26.4 19.04 9.02 S1:0.25 1 16

“MCE Methocel cellulose ether solution (viscous fluid, kinematic viscosity = 40 cSt)

settlements and lateral movements of the rectangular container rings; (3) The
seismic responses of the tunnel at the centre of the container and aside the tunnel
during shaking; (4) To capture excess pore water dissipation in the far field during
the shaking and at the post shaking stage; (5) Several PTTs were also installed
beneath the tunnel or at the right-hand side wall of the tunnel to record the pore
pressure generation and dissipation around the tunnel; (6) A horizontal PPT array
was installed at the bottom of tunnel to capture the pore pressure changes under-
lying the tunnel, which is the most important thing observed in this study; (7) EPCs
were installed on the surfaces of the model tunnel used to measure the earth
pressures acting around the tunnel; (8) Several rows of spaghetti were inserted into
the sand deposit to investigate the movements of soil near to the model tunnel after
tunnel floating.

3 Test Results and Interpretations

Based on the equilibrium of vertical forces acting on a embedded tunnel the safety
factor (FS) can be used to evaluate the uplifting of tunnel caused by soil lique-
faction (Koseki et al. 1997). The vertical equilibrium in the triggering condition of
uplift as shown in Fig. 3 is expressed as:

Ws+ W + Qs + Qg = Us + Up (1)

where Wy = y,,,bh = the total overburden weight of soil above the tunnel; Wg =
Yunma2 = the weight of tunnel; Qs = Ho,1K, tan &J = the friction resistance of
soil above the tunnel; Op = h(d),, + 0},)K, tan 0 = the friction resistance of soil
along the two side walls of tunnel; Us = vy,,(h + H)b = static pore water pressure at
the elevation of tunnel bottom; Up = Aub = excess pore water pressure at the
elevation of tunnel bottom; ¢, and s, are the effective vertical stresses at the
tunnel top and bottom. The safety factor against tunnel uplift can be derived as
follows
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Koseki et al. (1997) examined the relationship between the FS and uplift dis-
placement of box-type structures and concluded that the uplift continues when the
FS is less than or almost equal to 1. Equation 2 can be used to evaluate the
triggering condition of uplift.

The liquefaction and post-liquefaction behaviours of sand deposits are basically
governed by the generation and dissipation of excess pore water pressure. The
excess pore water pressure ratio is defined as the measured excess pore water

pressure, A u, divided by the corresponding effective overburden pressure, a/v:

o o)

v

Ty
g

Tunnel-1 and Tunnel-2 are shallowly embedded (0.48 m) in the sand deposit
which is saturated with MCE solution (Tunnel-1) and water (Tunnel-2), respec-
tively. Use of viscous pore fluid to replace the water in the sand bed can retard the
excess pore water pressure dissipation to simulate the shallow tunnel embedded in
the sand deposit having lower permeability (Tunnel-1). Figures 4 and 5 display the
time histories of uplift displacement, excess pore water pressure measured at P5 (far
away from the tunnel) and acceleration measured at A8 for Tunnel-1 and Tunnel-2
in the S1 event, respectively. The uplift displacement continuously developed even
after shaking in Tunnel-1 because of the excess pore water pressure keeping higher.
Figure 6a, b displays the time histories of uplift displacement for Tunnel-1 and
Tunnel-2 in the S1 and S2 events. The shallow tunnel embedded in the lower
permeability deposit would experience the larger uplift displacement. Figure 7
displays the time histories of uplift displacement versus excess pore water pressure
for Tunnel-3 (ay.x = 0.25g) and the instrumentation positions and the transducer
numbers. Figure 8 displays the time histories of uplift displacement measured at
Tunnel-1, Tunnel-2, and Tunnel-3 for comparison. The deeper tunnel (embedded
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Fig. 4 Time histories of uplift displacement versus excess pore water pressure and acceleration
for Tunnel-1 (S1): a uplift displacement versus ratio of excess pore water pressure; b uplift
displacement versus Acceleration; ¢ instrumentation positions and transducer number

depth = 7.68 m) experienced the less uplift displacement. Figures 9 and 10 display
the developed excess pore water pressures measured at the same elevations but at
different positions for Tunnel-1 and Tunnel-3. The installed positions of pore water
pressure transducers are shown in Figs. 4c and 7. Figure 11 displays the failure
mechanism of tunnel after floating. In Tunnel-1 (shallow tunnel) the measured
excess pore water pressure at the position far away from the centre of embedded
tunnel is much higher than those measured at the position near to or at the centre of
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Fig. 5 Time histories of uplift displacement versus excess pore water pressure and acceleration
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tunnel. Larger hydraulic gradients cause the water from the free field flowing to the
tunnel bottom. The surrounding soil would squeeze into the tunnel bottom. By
contrast in Tunnel-3 the less difference of the magnitude of excess pore water
pressures measured at the same elevation below the tunnel bottom are observed.
Therefore, the less surrounding sand squeezed into the tunnel bottom and the less
uplifting of tunnel is expected. Use of Eq. 2 and measured the excess pore water
pressures can calculate the factor of safety as shown in Fig. 12 during and after



70 C.-J. Lee et al.

£ os @

= a

S 061

§

8 0.4

E_ 0.2 o AP NINN NN

T o] 7~ Tunnel-1 (S1) LVDT46

£ ——— Tunnel-2 (S1) LVDT 46

0 -0.2 . . .

> 0.1 1 10 100
Elapsed time (sec)

E os "

p b)

S 064

§

8 044

8

2 021

T 00+ — Tunnel-1 (S2) LVDT46

£ ——— Tunnel-2 (S2) LVDT46

S -0.2 . . .

= 0.1 1 10 100

Elapsed time (s)

Fig. 6 Time histories of uplift displacement for Tunnel-1 and Tunnel-2 in the event 1 and event 2:
a event 1 (anax = 0.13g); b event 2 (ap.x = 0.232)

AN ARR N AN AL A e i s e ]

—— Tunnel-3 LVDT46
——— Tunnel-3 LVDT47 r 0.3

(uplift displacement)
Tunnel-3 PPT6

Uplift displacement (m)
1)
&

Excess pore pressure ratio (r,)

-0.10 L 0.1

-0.15 + 0.0

-0.20 T T T -0.1
0 10 20 30 40

Elapsed time (sec)

LVDT47  LVDT46 LVDT45
AT3 < A6
8
- @ P6 @ P10
ors % @ P9
«CATS
Ald Al17
A4
P7 < OP3
Al6 A7
All<€@ P8 @ pi < @p4
Al= A3«
A5 €@ P11 Al0< @ PI3
@ P12
AR < /4
o e o7
Unit (m)

Fig. 7 Time histories of uplift displacement versus excess pore water pressure for Tunnel-3
(Amax = Ozsg)



Uplift Mechanism of Rectangular Tunnel in Liquefied Soils 71

Fig. 8 Time histories of

£ o7
uplift displacement for Zg 0.6
Tunnel-1 (S2, dmax = 0.23), 8 051 T _ fimei2 on LvoTés
Tunnel-2 (S2, apmax = 0.23g) g 0.49 —— Tunnel-3 (S1) LVDT47 .
and Tunnel-3 (S3, %_ g-g‘
. = 0.25¢) g o
£ 004
Q - T T T
5 o 1 10 100 1000

Fig. 9 Time histories of
excess pore water pressure at
different positions for
Tunnel-1 (S2) (amax = 0.23g)

Tunnel-1 PPT1
77777 Tunnel-1 PPT7
100 1 a /\ Iy fy M8 — —— Tunnel-1 PPT3
80 4 ‘»,/\/ AR R W

m v

PN

401 ¢ f\

fa
1) A A

DI N AP AR SRR A p

Excess pore water
pressure (kN/m2)
3

0 5 10 15 20 25
Elapsed time (sec)

120 Y
\ AN N \
100 \(\/\J\ N /\ff\,/ \ VAR /
804 WUV

Tunnel-1 PPT4
2090 [ — — — Tunnel-1 PPT6

Excess pore water
pressure (kN/m2)
2

T T T T

0 5 10 15 20 25
Elapsed time (sec)

N
(=}

5]
(=}

W\‘” N J“\/ VA SUAV it
Nt /\’ b L Tunnel-1 PPT4
—-— —-  Tunnel-1 PPT8

’n WA ’\/\ n /\ DV e o m

(=3
(=}

P A
(=]

pressure (kN/m?)
] 3

Excess pore water

(=}

F T T T T

0 5 10 15 20 25
Elapsed time (sec)

3 - 140
® & 120 LA
© F N N
3§100~ i /A[/”\\/“l\

Ay W N
g < 380 '\/v""r -\, R‘\ r\/\v,\/\/ /\.\ A AN e
ag 6y L
0w 3 li
A 407 Tunnel-1 PPT5
[T 201 Tunnel-1 PPT3
5e ol Tunnel-1 PPT6

0 5 10 15 20 25
Elapsed time (sec)



72

Fig. 10 Time histories of
excess pore water pressure at
different positions for
Tunnel-3 (@max = 0.25¢)
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Fig. 11 The failure mechanism of uplifting for Tunnel-1 after testing: a fullview; b near view
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shaking for Tunnel-1, Tunnel-2, and Tunnel-3. Once the safety factor against uplift
(FS) calculated with the proposed method is less than 1 the tunnel would start
floating, and after the FS returning to 1 the tunnel stops floating.

4 Summary and Conclusions

According to the model test results, the following conclusions are addressed: (1) The
magnitude of tunnel uplift is significantly influenced by the viscosity of pore fluid
used and the embedded depth of tunnel. Use of viscous pore fluid would reduce the
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rate of excess pore water pressure generation and dissipation and prolong the elapsed
time of liquefaction. Therefore, the tunnel embedded in the deeper depth and in the
less viscous pore fluid would experience the less magnitude of tunnel uplift during
and after shaking. (2) The higher hydraulic gradient between the soil beneath the
tunnel bottom and the surrounding soil in the free field became very obvious. The
surrounding soil squeezing into the tunnel bottom induced by the higher hydraulic
gradient is one of the major causes of tunnel uplifting. (3) The larger magnitude and
the longer duration of the base shaking subjected to the liquefiable sand deposit, the
larger magnitude of tunnel uplift occurred. (4) Once the safety factor against uplift
(FS) calculated with the proposed method is less than 1 the tunnel would start
floating during shaking, and after the FS returning to 1 the tunnel stops floating.
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Seismic Response of Geosynthetic
Reinforced Earth Embankment
on Different Soil Foundation

Wen-Yi Hung and Chung-Jung Lee

Abstract The reinforced earth embankment has a brilliant performance on the
resistance to seismic loadings, but the additional settlement of reinforced earth
embankment would result from the liquefaction of sandy foundation. Therefore,
three centrifuge shaking table tests were performed to study the seismic behaviour of
reinforced earth embedment on liquefiable and non-liquefiable sand deposits. From
the test results, it was observed that the liquefaction would not occur easily under the
GRE embankment. But the deep soil layer away from the GRE embankment would
liquefy and the shear wave could not propagate up to the soil completely. The largest
settlement occurred at the centre of GRE embankment. After 1 Hz seismic event, the
maximum settlements normalized by the embankment height were about 0.11, 2.78,
and 25.18 % for the dry, water-saturated non-liquefied and liquefied models,
respectively.

Keywords Centrifuge shaking table test - Reinforced earth embankment - Seismic
response

1 General Introductions

The major advantage of reinforced soil structures, as compared with the reinforced
concrete structures, is their flexibility and capability to absorb deformation due to
poor foundation. In addition, the observations made after Ji-Ji earthquake of Taiwan
or Hanshin-Awaji earthquake of Japan showed that most of the reinforced soil
structures in the field survived without serious damages. The excellent performance
of reinforced earth structures on the resistance of seismic loadings was proved by
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the past studies (Nova-Roessig and Sitar 2006; Liu et al. 2011). The reinforced
earth embankment has a brilliant performance on the resistance to seismic loading,
but the additional settlement of reinforced earth embankment will result from the
liquefaction of sand foundation. Therefore, three centrifuge shaking table tests were
performed in the Centrifuge Modelling Laboratory at National Central University
(NCU) to study the seismic behaviour of reinforced earth embedment on liquefiable
and non-liquefiable sand deposits.

2 Test Materials and Model Preparation

2.1 Sand and Reinforcement Materials

In order to avoid the particle effect for the centrifuge model, fine quartz sand with
mean particle size of 0.19 mm was selected to build the model. Its specific gravity
is 2.65 with the maximum and the minimum dry unit weight of 16.6 and
13.8 kN/m?, respectively. The friction angle at about 40 % relative density is 35°.
According to the Unified Soil Classification System, the sand is classified to poorly
graded sand (SP). The scaling factor of reinforcement strength is N, which means
that the reinforcement strength used in the centrifuge model should be reduced
N times smaller than that used in prototype when the model is tested in Ng
acceleration field. Therefore, a very weak geosynthetic material with tensile
strengths of 1.25 kN/m was selected to simulate the prototype reinforcement
material with strength of 100.0 kN/m in 80 g acceleration field.

2.2 Model Preparation and Test Procedure

In this study, three geosynthetic reinforced earth (GRE) embankment models were
prepared with wrapped face, 100 % coverage rate of reinforcement material and
sandy backfill. The purpose of this study was to investigate the seismic behaviour of
GRE embankment. In the design of GRE embankment models, it must be ensured
that (1) the external instabilities including sliding and overturning do not occur.
(2) The internal instability of pullout and breakage failures do not occur.

Three models were labelled as GREE_D, GREE_W and GREE_VF, where D, W
and VF mean that the foundation soils are dry, saturated by water and saturated by
viscous fluid, respectively. The GRE embankment model has 10 layers with a total
height of 100 mm and located on a 200 mm-thick foundation. The reinforcement
length is 0.7 times height and the overlap length is 0.4 time of reinforcement length.
The widths at the top and bottom of embankment are 100 and 200 mm, respectively.
The face slop is about 63° with inclination of 1:0.5 (vertical:horizontal, V:H). In
80 g acceleration field, the models simulate the GRE embankment with 8§ m-high
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with the reinforcement spacing of 0.8 m. The model profile and the configuration of
sensors for models GREE_D, GREE_W, and GREE_VF are shown in Fig. 1a, b,
respectively. Figure 2a is the top vies of completed GRE embankment model after
removing the lateral supports and Fig. 2b shows the one side of wrapped face with

ten layers.
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Fig. 1 Arrangement of GRE embankment models in model scale a model GREE_D; b models

GREE_W and GREE_VF
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Fig. 2 The completed GRE embankment model after removing away the hard Styrofoam boards
a top view; b one side of slope face

Fig. 3 Model preparation a the installation of LVDTs; b setup of tested model

Accelerometers and linear variable differential transformers (LVDTSs) were
installed as shown in Fig. 3a. For models GREE_W and GREE_VF, water pressure
transducers were installed near by the accelerometers to monitor the generation and
dissipation of excite water pressure during and after shaking. The completed model
shown in Fig. 3b was accelerated step by step to 80 g, and the increment of
acceleration in each step is 10 g. The model was maintained and lasted for 3 min at
each step to ensure the consolidation of sand model at the current overburden
pressure. At 80 g, the model was then excited with a series of one-dimensional
seismic events. Firstly, a 1 Hz single sine wave was applied to detect the initial
properties of GRE embankment and foundation soil, including the shear wave
velocity and natural frequency. Then, 15 cycles sinusoidal waves with frequency of
1 and 3 Hz were input to the models to study the seismic response of GRE
embankment and foundation soil. Finally, the model was detected again by single
sine wave and white noise. The seismic events for each test were shown in Table 1.
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Table 1 The seismic events for each test
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Seismic GREE_D GREE_W GREE_VF
events
sl 1 Hz 1 cycle, 0.008 g 1 Hz, 1 cycle, 0.004 g 1 Hz 1 cycle, 0.013 g
1 Hz 1 cycle, 0.003 g 1 Hz, 1 cycle, 0.007 g
s2 1 Hz, 15 cycles, 1 Hz, 15 cycles, 1 Hz, 15 cycles,
0.15¢g 0.09 g 03¢g
1 Hz, 15 cycles,
0.15¢g
1 Hz, 15 cycles,
0.19 g
1 Hz, 15 cycles,
023 g
s3 3 Hz, 15 cycles, 3 Hz, 15 cycles, 3 Hz, 15 cycles,
0.08 g 0.05¢g 02¢g
3 Hz, 15cycles, 0.07 g
3 Hz, 15cycles, 0.11 g
3 Hz, 15cycles, 0.14 g
s4 1 Hz 1 cycle, 0.003 g 1 Hz 1 cycle, 0.007 g 1 Hz 1 cycle, 0.014 g
s5 White noise ‘White noise White noise

3 Test Results and Analysis

3.1 Fundamental Properties of Models by Small Shaking

It was found from the past studies that the arrangement of reinforcement material
affects the stability of GRE structure. The natural frequency of GRE embankment is
significantly related to its height. Thus, the profiles of three GRE embankment
models in this study are the same. The small shaking events, s1 and s4, were used to
detect the natural frequencies and shear wave velocities of GRE embankment and
foundation soil before and after the main shaking events (Lee et al. 2014). As
shown in Table 2, the shear wave velocity of GRE embankment is calculated from
the accelerometers A16 and A23, and that of soil layer at free field is calculated
from the accelerometers A25 and A11. It can be seen that the shear wave velocity of
soil layer increases with the increasing surface loading.

Table 2 Shear wave velocities of the GRE embankment and the foundation

Test No. GRE embankment Soil layer under Soil layer of free field
(m/s) embankment (m/s) (m/s)

GREE_D 2333 187.5 166.7

GREE_W 175.0 166.7 136.4

GREE_VF |175.0 200.0 166.7
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Fig. 4 The transfer functions of seismic event sl for the model GREE_VF at a GRE
embankment; b soil layer under GRE embankment; ¢ soil layer of free field

The shear velocity can be used to briefly predict the natural frequency of the soil
deposit by the formula of 4H/Vs, where H is the thickness of soil layer. On the other
hand, the Fast Fourier Transform (FFT) was also used to transfer the time history of
acceleration to the frequency domain. Then, the Fourier spectrums of accelerometer
A23 divided by that of A16 was the transfer function (TR) of GRE embankment as
shown in Fig. 4a. It shows the amplification of acceleration at different frequencies.
The frequency at the first peak of transfer function, 5.0 Hz, is the natural frequency
of GRE embankment for model GREE_VF. By the same way, the natural fre-
quencies of soil layers under GRE embankment and of free field are 3.67 and
3.33 Hz, respectively, obtained from the accelerometer arrays of A13-A18-A24 and
A11-A1-A6 as shown in Fig. 4b, c. Table 3 summarizes the natural frequencies
calculated from the theoretical formula and obtained from the transfer functions of
small shaking events of sl and s4. The theoretical value is closed to the result of s1
event. The natural frequency of soil layer with surface loading is larger than that of
soil layer of free field. For the three models, the dry, water-saturated and viscous
fluid-saturated sandy foundations have the same natural frequency before main
shakings. After the main shaking events, the natural frequency of the system
increases with the increasing relative density of soil model.

Table 3 Natural frequencies of the GRE embankment and the foundation

Test no. A23/A16 (Hz) | A13/A25 (Hz) |Al11/A25 (Hz)
GREE_D Theoretical value (s1) - 2.93 2.6
Natural frequency (s1) 6.15 3.46 2.69
Natural frequency (s4) 7.3 3.67 33
GREE_W Theoretical value (s1) - 2.6 2.13
Natural frequency (s1) 54 3.4 2.6
Natural frequency (s4) 5.8 3.8 34
GREE_VF Theoretical value (s1) - 3.13 2.6
Natural frequency (sl) 5 3.67 3.33
Natural frequency (s4) |5.3 4.17 3.5
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3.2 Pore Water Pressure Time History

Figure 5 shows the excess pore water pressure time history of seismic event s2 and
s3 for model GREE_W. During the main shaking, the excess pore water pressure
generated and dissipated at the same time. The quantity of dissipation is much more
than that of generation leading to that the excess pore water pressure did not
accumulate. Therefore, the soil layer would not liquefy if the water pressure can be
driven out as soon as possible. On the other hand, the generated excess water
pressure under the GRE embankment was smaller than that of free field, and the
effective overburden pressure of the soil layer under the GRE embankment was
much greater than that of free field. Thus, liquefaction was not easy to occur under
the GRE embankment.

As for the model GREE_VF, Fig. 6 show the excitation and dissipation time
histories of excess pore pressure. Figure 7 shows the excess pore pressure time
history and the effective overburden pressure at the same depth within the first 30 s
of records, where the effective overburden pressure was calculated according to the
original depth as shown in Fig. 4. It was clearly observed from the s2 event that the
excess pore pressure would increase and be greater than the effective overburden
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Fig. 5 Excess pore water pressure time history of model GREE_W measured from soil layer
a under the GRE embankment at seismic event s2; b of free field at seismic event s2; ¢ under the
GRE embankment at seismic event s3; d of free field at seismic event s3
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Fig. 6 Excess pore water pressure time history of model GREE_VF measured from soil layer
a under the GRE embankment at seismic event s2; b of free field at seismic event s2; ¢ under the
GRE embankment at seismic event s3; d of free field at seismic event s3

pressure within three cycles if the soil layer liquefy. The blue dot line and the red
solid line are the pore pressure time histories of the soils in free field and under
GRE embankment, respectively. The difference between these two lines would
decrease with increasing depth of soil deposit. From the figures, the soil of free field
liquefied but that under the GRE embankment did not. As combined the acceler-
ation time histories, it can be seen that the acceleration amplifications are smaller
than 1, meaning that the soil below the accelerometer A14 might liquefy first and
then the shear wave could not propagate up to the soil completely.

3.3 Deformations of GRE Embankment

For the model GREE_W, the GRE embankment settled and the tension cracks
occurred at the end of embedded reinforcement layers during the increasing arti-
ficial acceleration field by NCU centrifuge. Figure 8 shows the development of
tension cracks on the top of embankment. The width and the depth of cracks were
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Fig. 7 Excess pore pressure time history of model GREE_VF measured at different depths of
foundation soil a seismic event s2; b seismic event s3
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Fig. 8 The development of tension cracks on the top of embankment for model GREE_W during
the increasing acceleration field a 10 g; b 40 g; ¢ 80 g

Table 4 The maximum settlement after main shakings

Seismic events Settlement (m)
LVDT 45 LVDT 42 LVDT 43 LVDT 47 LVDT 4

GREE_D s2 0.001 0.009 0.004 0.000 0.000
GREE_D s3 0.001 0.007 0.004 0.000 0.000
GREE_W s2-4 0.127 0.222 0.110 0.045 0.049
GREE_W s34 0.075 0.126 0.059 0.008 0.011
GREE_VF s2 2.014 1.616 0.778 —0.082 1.376
GREE_VF s3 0.285 0.198 0.028 0.208 0.249

increasing with the larger artificial acceleration from 10 to 80 g. During the main
shakings, five LVDTs were used to measure the settlements. LVDT 45, LVDT 42,
and LVDT 43 were installed on the top of GRE embankment from left to right,
respectively. LVDT 47 and LVDT 46 were setup at the front ground surface, the
former located at near the toe of embankment and the latter was on the free field.
Table 4 summarizes the measurements of each seismic event in prototype scale.
Generally, the largest settlement occurred at the centre of GRE embankment. The
settlements of model GREE_D were the smallest and those of model GREE_VF
were the largest because of soil liquefaction. The maximum settlements normalized
by the embankment height for the models of GREE_D, GREE_W, and GREE_VF
after s2 event were about 0.11, 2.78 and 25.18 %, respectively. On the other hand,
those for the three models after s3 event were about 0.09, 1.58 and 3.56 %,
respectively.

It can be observed that the tension cracks occurred on the top of GRE
embankment after shaking. Figure 9 shows the locations of tension cracks and the
settlements on the top of GRE embankment for models GREE_D, GREE_W, and
GREE_VF. After the main shaking events, the foundation settled and the reinforced
earth zone moved outward leading to the significant tension cracks that happened at
the end of reinforcement materials. As for the settlements of ground surface, they
were much smaller than those of embankment. It should be mentioned that the
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.

Fig. 9 Tension cracks and deformations of models a GREE_D; b GREE_W; ¢ GREE_VF;
d settlement of GRE embankment and heaving up of foundation for model GREE_VF

ground surface near the toe heaved up about 0.082 m as shown in Fig. 9d, resulting
in the large settlement of GRE embankment after soil liquefaction.

4 Conclusions

Three centrifuge shaking table tests were performed to study the seismic behaviour
of GRE embedment on liquefiable and non-liquefiable sand deposits. From the test
results, it can be found that the liquefaction was not easy to occur under the GRE
embankment, but the deep soil layer away from the GRE embankment would
liquefy and the shear wave could not propagate up to the soil completely.
Generally, the largest settlement occurred at the centre of GRE embankment. The
maximum settlements normalized by the embankment height for the dry
(GREE_D), water-saturated non-liquefied (GREE_W) and liquefied (GREE_VF)
models after 1 Hz seismic event were about 0.11, 2.78 and 25.18 %, respectively.
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Development of a New In-place
Cement-Mixing Method
by High-Pressure Injection

Hiroaki Tezuka, Takahiro Yamauchi and Fumio Tatsuoka

Abstract Jet grouting technology is examined and developed as one of soil lig-
uefaction countermeasure methods. The examination of the mechanism of jetting is
performed to increase the diameter of stabilized soil columns and also to produce
arbitrary shapes of improved soil structures. The in situ performance verification are
also performed to verify arbitrary shapes and large diameters of stabilized soil
columns, mechanical properties of stabilized soil columns, and real-time con-
struction management.

Keywords Soil liquefaction countermeasure - Jet grouting - Mechanism of
jetting - Real-time construction management

1 Introduction

The jet grouting method has been developed to produce mainly cylindrical
cement-mixed soil columns by jetting a mixture of cement paste and air into the
ground at high pressure and mixing-in-place it with existing soil. Various types of
jet grouting using high-pressure jets have been widely used in practice typically to
construct temporary earth retaining walls and diaphragm walls in excavation work
and to protect launching and arriving shafts for shield tunneling.
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Soil liquefaction induced by the off the Pacific Coast of Tohoku Earthquake that
occurred on March 11, 2011 over a wide area centering around the coastal
reclaimed areas caused serious damage to numerous structures, resulting in exor-
bitant time and cost required for restoration. Needs for stabilizing soils have,
therefore, been increasing as a means of preventing soil liquefaction to reinforce
existing structures. Against the above background, the soil stabilization technology
is required to increase the diameter of stabilized soil columns and to enable the
development of stabilized soil columns of an arbitrary shape such as wall, fan or
lattice while reducing cost and construction period. The authors developed the
multi-jet method as a new variation of jet grouting method using high-pressure jets.
This paper presents the results of examination of the mechanism of jetting
performed to increase the diameter of stabilized soil columns. This paper also
presents the results of in situ performance verification performed to verify (i) arbi-
trary shapes and large diameters of stabilized soil columns; (ii) mechanical prop-
erties of stabilized soil columns; and (iii) real-time construction management.
Figure 1 shows water, instead of cement paste, jetted in the air using the multi-jet
method.

Fig. 1 Multi-jet method
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2 Discussions on Jetting Mechanism Realizing
a Large Diameter

2.1 Discussions on an Optimum Pipe Structure

2.1.1 Outline of High-Pressure Water Jetting Tests in the Air

In field full-scale practice, a high-pressure hose from a high-pressure pump is
connected to the head of a vertical rod. Cement slurry jetted horizontally from an
outlet connected to the top of the rod in the ground is monitored. In ordinary
methods, the direction of the jet is changed in the rod from vertical to horizontal
using an elbow. Then, turbulent flow occurs in the manner depending on the shape
of the elbow. Due to this phenomenon, cement is mixed with soil in a smaller area.
To increase the area of cement-mixed soil as much as possible, the structure of the
piping is required to minimize the possibility of occurrence of turbulent flow. To
examine the above, a series of aerial water jetting tests were then conducted.

Figure 2 outlines these tests. Three types of piping, elbow, bent, and straight
were developed, as shown in Fig. 3. Water was jetted in the air and time histories of
jet load were obtained by measuring jet pressure with a load cell at a distance of
1.6 m from the nozzle. In case 3, the piping was of a basic structure exhibiting a
straight line with no elbows or bents and jets were in a nearly ideal condition. In
cases 1 and 2, the outer diameter was set to be less than the rod diameter used in the
multi-jet method (9142 mm). The test conditions for the aerial jetting tests are listed
in Table 1. In all cases, a nozzle was used with a minimum loss of energy based on
Shavlovsky (1972).

1emng lest_m the air E - l l ;

{ Table fixing the injection device

Fig. 2 Aerial water jetting
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CASEZ2 CASES3
| (Bent) ( Straight)
\ $9.0 3.1
N $9.0 3.1 e
S 50.0 247 14.3 (mm)
B THE— F— (Nozzle)
T 215 247143 (mm)
50.0 24.7 14.3 (mm) (Nozzle)
(Nozzle)
Fig. 3 Piping used in aerial jetting tests
Table 1 Specifications for aerial jetting
Test case Amount of injection (I/min) Injection pressure® (MPa)
1 222 37
2 35
3 35

“The injection pressure was controlled keeping constant the amount of injection

2.1.2 Test Results and Discussions

Jet loads were measured using a load cell, as shown in Fig. 4. In case 1 with an
elbow, jet tended to diffuse (Fig. 2), and loads varied greatly and the mean load was
small. In case 2 with a bent, on the other hand, jet converged well (Fig. 2), and
loads varied little and the mean load was higher. The jet performance was similar to
that in case 3, where jets were in a nearly ideal state. It was thus confirmed that
jetting performance is improved drastically by adopting a bent instead of an elbow.

2.2 Optimum Amount of Air and Effectiveness
of Twin Nozzles

2.2.1 High-Pressure Water Jetting Tests in a Large Water Tank

Shavlovsky (1972) and Technical handbook on grouting (1997) describe that
attenuation of water jet by distance is improved by applying air jet along water jet.
Underwater water jetting tests were conducted in a large water tank with transparent
side walls of acrylic plates to observe jet performance (Fig. 5). By examining the
optimum amount of air jet, the effectiveness of twin nozzles was confirmed. The
test conditions are listed in Table 2. The amount of compressed air was varied at
different steps and air was jetted along water jet. Jet loads were measured using a
load cell.
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Fig. 5 Underwater jetting test in a large water tank
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Table 2 Specifications for underwater jetting tests

Test case | Amount of injection Injection Amount of air | Air pressure
(1/min) pressure (MPa) (Nm3/min) (MPa)

No. 1 121 (single nozzle) 35-40 0-10.0 0-10.0 1.03

No. 2 222 (single nozzle)

No. 3 222 (twin nozzle)

2.2.2 Test Results and Discussions

Test conditions in case 3 are shown in Fig. 6. When only high-pressure water was
applied, it traveled over a distance of approximately 1.0 m. Rapid attenuation of
energy was confirmed. When only compressed air was applied, it traveled
approximately 0.5 m. When both high-pressure water and compressed air were
applied, the distance of travel increased drastically to approximately 2.9 m.

Compressed air was varied in three cases and loads were measured using a load
cell. Figure 7 shows the relationship between the load measured by the load cell
and the amount of compressed air. Figure 8 shows the relationship between the
ratio of the load measured by load cell to the load where no compressive air was
applied, and the amount of compressed air. As compressed air increased, jet load
increased. The maximum jet loads were shown at a compressed air amount of 4.0
through 9.0 Nm*/min. The amount of compressed air at which jet load was at the
maximum level was larger as water jet increased.

The total amount of jet was 222 I/min both in Figs. 7 and 8. A comparison was
made in cases where one and two nozzles were used for discharge. The maximum
jet load and the above ratio were greater when two nozzles were used. It was thus

Fig. 6 Travel distance of jets
at different states (case 3)

High pressure water jet and
compressed air jet
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Fig. 7 Relationship between
jet load and the amount of
compressed air

Fig. 8 Normalized
relationship between jet load
and the amount of
compressed air
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verified that adopting twin nozzles, twin nozzles was rational for ensuring high
efficiency of ground cutting.

3 In Situ Performance Verification Tests

3.1 Stabilized Soil Columns of an Arbitrary Shape

Conventional jet grouting methods can produce only cylindrical stabilized soil
columns by rotating the dedicated rod in one direction. On the other hand, the
multi-jet method can produce stabilized soil columns of an arbitrary shape by
controlling the oscillation of the dedicated rod highly accurately in units of 0.1°, as
illustrated in Fig. 9. To this end, the dedicated rod has numerous holes to inject
cement paste in multiple directions at a high pressure. As a result, this method can
produce stabilized soil columns of an arbitrary shape, e.g., wall, fan, or lattice
(Fig. 10).

ﬁ ﬁ i Osgi- m
Oscillation Oscillation Oscillation llation

Fig. 9 Schematic views of stabilized soil columns produced in different shapes

Wallsin
multi-directions

Fig. 10 Views of excavated stabilized soil column in in situ performance verification tests
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Fig. 11 Typical
large-diameter stabilize soil
column (radius: 4.0 m)

ey T T e W";M\‘f .
4.0minradius = s

It was confirmed that large stabilized soil columns with a maximum radius of
4.0 m can be produced by the multi-jet method (Fig. 11), compared to a maximum
radius of approximately 5.0 m by conventional stabilized soil columns.

3.2 Controlling the Size of Stabilized Soil Columns

According to the existing literatures (Shavlovsky 1972; Technical handbook on
grouting 1997; Yoshida et al. 1990, 1991), the diameter of stabilized soil columns is
determined by the energy of jetting E. The diameter of stabilized soil column
confirmed by excavating columns in the performance verification tests can be
expressed as a function of Q and T, where Q is the flow of jet (I/min) and T is the
duration of jetting (min/m) on a 360° scale. An empirical equation to determine the
energy of jetting for a specified diameter of stabilized soil column was derived
achieving the highest correlation between the diameter and E (Eq. 1) JCMA 2009).

E=0QxT%, (1)

In order to take into account the effects of the type and conditions of soil on the
relationship between the diameter of stabilized soil column and the energy of jetting
E, soils were classified into three classes based on the boundary value of SPT
N values for each soil type (Table 3). Figure 12 shows the relationship between the
radius of stabilized soil column and the energy of jetting for each soil classification.
As a result, it was verified that stabilized soil columns of an arbitrary radius up to
4.0 m could be produced by adjusting the energy of jetting E controlling the flow of
jet Q and the duration of jetting 7.

Table 3 Soil classifications

Soil type Class 1 Class 2 Class 3

based on IV values Sandy soil | N<50 |50 <N<100 |100<AN < 150
Clayey soil N<3 3<N<5 5<N<7
Gravelly - N <50 50 < N < 100
sand
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Fig. 12 Relationships between the energy of jetting and the radius of stabilized soil column

3.3 Real-Time Construction Management

3.3.1 Development of a Dedicated Management System

In order to obtain the specified finished shape and quality of stabilized soil columns
by the multi-jet method, holes should be drilled and columns should be developed
satisfying control standard values in terms of lifting rate of the rod, angle of
oscillation, rate of rotation, flow of stabilizers, jet pressure, and amount of air. To
this end, a dedicated management system was developed capable of displaying and
controlling real time the above control parameters during hole drilling and column
development.

3.3.2 Confirmation of the Diameter of Stabilized Soil Column Right
After Stabilization Work

In order to visually inspect the size and shape of stabilized soil column right at the
end of production procedure when the stabilized soil has not yet been strongly
hardened, a video cone with a built-in small camera and an outlet to discharge
phenolphthalein solution was developed (Fig. 13).

A video cone was inserted for a given design travel distance right at the
periphery of produced stabilized soil column using a cone penetration device
(Fig. 14). Then, phenolphthalein solution was discharged at a designated depth.
A stabilized soil column, if any, would turn red in reaction of cement to
phenolphthalein.

3.3.3 Sampling of Unhardened Stabilized Soil at the End
of Stabilizing Procedure

A sampling cone was developed to retrieve unhardened stabilized soil at the end of
stabilizing procedure (Fig. 15). Stabilized soil can be retrieved from any depth as
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Cone penetrometer J

Mini camera

Discharge hole of
phenolphthalein
solution

Before improvement After improvement
(sandy soil) (before & after discharge of phenolphthalein)

Fig. 13 Outline of video cone and typical views

Penetration location
of the video cone

Fig. 14 Location of a video cone inserted in the field

Core tube of

i

Fig. 15 Sampling cone and typical sampled stabilized soil
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long as it has not yet been strongly hardened. The sampled stabilized soil is used for
predicting its strength at a curing time of 28 days by using the hydrochloric acid
dissolution heat method (JCMA 2009), while referring to an empirical relationship
between the strength and the curing time.

3.4 Correlations Between Unconfined Compressive Strength
and Elastic Wave Velocity of Stabilized Soil

The relationships between the elastic shear wave velocity V; by ultrasonic pulse
tests and the unconfined compressive strength ¢, of specimens prepared in the
laboratory and undisturbed core sample retrieved from the field were obtained.
Figure 16 shows the relationship for all data. Although there is a certain correlation
between V; and q,, the scatter is relatively large. The data was therefore classified
according to whether the specimen was obtained in the field or produced in labo-
ratory and to the soil type. Figure 17 shows the V-g, relations of clayey and sandy
soils and sandy gravel for the specimens produced in the laboratory and the
undisturbed core samples retrieved in the field, respectively. The correlations in the
classified relations presented in Fig. 17 are noticeably better than the one in Fig. 16.
It is particularly the case with the data of the specimen produced in the laboratory
(Fig. 17), which due likely to relatively high homogeneity of the specimens. The
correlation with the core samples from the field, (Fig. 17) is lower regardless of the
site and soil type due likely to an inevitable scatter in the soil properties in the field.
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Fig. 16 V; (ultrasonic pulse test) versus g, relation (all data)
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Fig. 17 V; (ultrasonic pulse test) versus g, relations (specimens produced in the laboratory and
undisturbed core samples from the field). a Laboratory mixed sample of clay, d filled core sample
of clay. b Laboratory mixed sample of sand, e filled core sample of clay. ¢ Laboratory mixed
sample of gravel, f filled core sample of clay

4 Conclusions

The multi-jet method was developed and has been used in regular construction
work particularly to mitigate the damage to existing structure by soil liquefaction
since June 2007. This method is characterized by its unique capability of producing
stabilized soil columns having an arbitrary shape (not only solid cylindrical shape
that can be produced by the conventional jet grouting methods) and a large size (up
to a radius of 4 m). These features make this method more cost effective in many
applications. This method was used at 36 sites as of June 2014 mainly for seismic
damage mitigation. The research on this method is being performed to make this
soil stabilization method more rational and reliable.



100 H. Tezuka et al.
References

Japan Construction Mechanization Association (2009) Multi-jet method (arbitrary-shape,
large-diameter jet grouting using high-pressure jets). Construction technology certification
report (in Japanese)

Shavlovsky DS (1972) Proceedings of the 1st international symposium. Jet Cutting Technology,
BHRA

Technical handbook on grouting (1997) Editorial committee on the latest technical handbook on
grouting, pp 695-722

Tezuka H, Yamauchi T, Yasui T (2013a) Development of new high pressure injection mixing
methods. Geotech Eng J 8(2):179-195, JGS (in Japanese)

Tezuka H, Yamauchi T, Kawanishi A (2013b) Development of quality management for high
pressure injection mixing methods. Geotech Eng J 8(2):251-263, JGS (in Japanese)

Yoshida H, Kubo H, Jimbo T, Sakakibara M (1990) Development of large-diameter soil
stabilization method (Part 1): effects of pressure and flow during water jet cutting. In:
Proceedings of 25th annual conference on geotechnical engineering, pp 1917-1918, JGS (in
Japanese)

Yoshida H, Asano R, Jimbo T, Sakakibara M (1991) Development of large-diameter soil
stabilization method (Part 2): effects of the rate of nozzle movement and the number of cycles
during water jet cutting. In: Proceedings of 26th annual conference on geotechnical
engineering, pp 1923-1924, JGS (in Japanese)



Use of Swedish Weight Sounding Tests
for Detecting Liquefiable Backfills
Reclaimed in Iron Sand Mining Pits
in Asahi City of Chiba in Japan

Yoshimichi Tsukamoto, Shohei Kawabe and Shigeru Kanemitsu

Abstract Following the 2011 Great East Japan Earthquake and its aftershocks, soil
liquefaction and associated phenomena have been observed in various regions on
Kanto plain, including Asahi city in Chiba Prefecture, where hundreds of private
houses were damaged due to ground failures mainly associated with subsurface soil
liquefaction. In the present study, a series of Swedish weight sounding (SWS) tests
were carried out at a dozen of sites in Asahi city. It was found that soil liquefaction
occurred mainly at areas corresponding to the soil deposits filled back into iron sand
mining pits, which had been extensively carried out during the period starting in
1910s and mainly from 1950s to 1970s. The Swedish penetration resistance was
found relatively low in the reclaimed deposits and to increase rapidly when it
touched upon the underlying natural deposits at the bottom of the reclaimed
deposits. With a help of such typical depth-wise profiles, the depth of reclamation is
estimated at each location in Asahi city. The soil liquefaction triggering is then
discussed with a help of factors of safety against soil liquefaction estimated from
SWS test results.

Keywords Swedish weight sounding test - Soil liquefaction - 2011 Great East
Japan Earthquake
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1 Introduction

Following the 2011 Great East Japan Earthquake and its aftershocks, soil lique-
faction and associated phenomena have been observed in various regions on Kanto
plain, including some areas located along the lower stream of Tonegawa river,
(Kanemitsu et al. 2013; Kawabe et al. 2012; Tsukamoto et al. 2012a, b, ¢). In Asahi
city of Chiba Prefecture as shown in Fig. 1, hundreds of private houses were
damaged due to ground failures mainly associated with subsurface soil liquefaction.
It is typical to see in Fig. 1 that Asahi city consists of lowlands and uplands, and
such collapses of residential houses were distributed around lowland areas close to
the boundary of lowlands and uplands as well as some areas in the midst of
lowlands. It is known that some of the areas in Asahi city had been designated for
iron sand mining. Iron sand mining had started in 1910s and had been extensively
carried out during the period from 1950s to 1970s around this area in Chiba, where
soils had been excavated from designated mining pits, iron sands had been
retrieved, and the remaining surplus soils had been filled back into the original
mining pits.

In the present study, a series of Swedish weight sounding (SWS) tests were
carried out at a dozen of sites in Asahi city to examine whether soil liquefaction
should have in fact occurred at the areas corresponding to the soil deposits which

had been filled back into iron sand mining pits.
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2 Swedish Weight Sounding Tests

SWS tests were conducted at 17 sites on May 10-12 and May 18 and 19, 2013, as
summarized in Table 1. The locations of SWS tests are shown in Fig. 1. In Fig. 1,
the areas that have been used for iron sand mining are also shown, which can be
traced from the history of old lioka town. Since the current Asahi city was formed
from old Asahi, Unakami, lioka, and Higata towns, and the appropriate books for
history of the other towns are not available, the areas used for iron sand mining in
the other old towns are not known and not traced herein.

SWS tests are frequently used for earthquake reconnaissance. The testing
equipment is portable as shown in Fig. 2. The testing procedure is robust and the
interpretation of test results is described by Tsukamoto et al. (2004). The testing
procedure basically consists of two phases, static penetration, and rotational pen-
etration. In the phase of static penetration, the depth of static penetration is mea-
sured and the total weight is denoted as W, (kN). When static penetration is

Table 1 Summary of SWS test results

District | Location Results of Average of SPT N-values Depth
no. interview to converted from SWS penetration | estimated as
local resistance (range of depth) (m) bottom of
residents backfill (m)
A 1 - 11.1 (0-5.4) 5.5
2 Backfill of 8.5 (0-5.1) 5
iron sand
mining pit
3 Backfill of 5.1 (0-6.4) 6.5
iron sand
mining pit
4 - 9.5 (0-5.4) 5.5
5 - 7.1 (0-7.1) 7
B 6 - 7.0 (04.1) 4
7 - 11.3 (0-4.9) 5
C 8 - 3.5 (0-2.1)
D 9 - 11.4 (0-3.4) 35
E 10 - 13.6 (0-4.9)
F 11 - 5.1 (0-4.1)
12 Backfill of 12.0 (0-3.1) 3
iron sand
mining pit
G 13 - 5.9 (0-4.9) 5
14 - 5.9 (0-4.6) 4.5
15 - 11.1 (04.4) 4.5
H 16 - 5.2 (0-3.0) 3.5
17 - 7.4 (0-3.6) 35
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ceased, the rotational penetration is performed. The number of half a turn necessary
to penetrate the rod through 25 cm is denoted as N,, which is converted to the
number of half a turn per meter, Ny, (ht/m). SWS tests are found excellent in
detecting thin weak soil layers, though it is not possible to determine precisely a
depth of a groundwater level and types of soils underneath a ground surface. In the
present study, the depth of a groundwater level was estimated by observing the
boundary of wet and dry portions of the rods during extraction of the penetrated
rods.

3 Estimating Depths of Reclamation

From the interview to local residents, it was confirmed that the locations of No. 2, 3
and 12 in fact correspond to the reclaimed deposits which had been filled back into
iron sand mining pits. The results of SWS tests conducted at these three locations
are shown in Figs. 3, 4 and 5. The values of W, and N, can be converted to SPT
N-values by using the following empirical equation proposed by Tsukamoto et al.
(2004),

€max — €min
N = Ymx  Tmin

I (N +40 W), (M)

where Wy, ranges from 0 to 1 in kN under static penetration, and takes a value of 1
under rotational penetration. Herein, from the geotechnical data locally available,
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the soil materials used for reclamation into iron sand mining pits typically have a
fines content of less than F, = 5 %, a mean particle diameter of Dsy = 0.2 mm, and
a soil particle density of around ps = 3 g/cm’ due to its significant content of iron.
The value of e.x — emin 1S therefore assumed to be 0.4 in the present study. The
depth-wise profiles of SPT N-values thus converted at the locations of No. 2, 3 and
12 are also shown in Figs. 3, 4 and 5. It is found in all of the test results at these
three locations that the converted SPT N-values are relatively low in the reclaimed
deposits and begin to increase rapidly when touching upon the underlying natural
deposits at the bottom of the reclaimed deposits. With a help of such typical
depth-wise profiles, the depth of reclamation can be determined at each location, as
shown in Figs. 3, 4 and 5. It is therefore worthwhile to examine whether such
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Fig. 5 Plots of W,,, and Ny, and converted SPT N-value against depth (Location No. 12)
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Fig. 6 Plots of converted SPT N-value, relative density D, and factor of safety against
liquefaction F against depth (Location No. 1)

typical depth-wise profiles can be obtained at other locations, and the depths of
reclamation can also be estimated. The plots of converted SPT N-values against
depth at the locations of No. 1, 6, 10, 13, and 16 are shown in Figs. 6, 7, 8, 9 and
10. These depth-wise profiles of converted SPT N-values would suggest that all of
the locations except for No. 8 correspond to the reclaimed deposits filled back into
iron sand mining pits and the depths of reclamation can be estimated accordingly,
as summarized in Table 1.
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Fig. 7 Plots of converted SPT N-value, relative density D, and factor of safety against

liquefaction Fj against depth (Location No. 6)
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Fig. 8 Plots of converted SPT N-value, relative density D, and factor of safety against

liquefaction Fj against depth (Location No. 10)

4 Evaluating Soil Liquefaction Triggering

It is then important to examine the soil liquefaction triggering can also be evaluated
based on the observed field data of SWS tests. Herein, the relative density D, can be
estimated from the values of W, and N, by using the following empirical equation
proposed by Tsukamoto et al. (2004),
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Since the depth-wise profiles of SPT N-values are estimated and the mean particle
diameter of Dso= 0.2 mm is available, the empirical formulae proposed by
Tatsuoka et al. (1980) can be used for evaluating the liquefaction resistance of soil,
which is then converted into the maximum shear strength ratio of soil, Tmax /0., as
employed in the usual practice, (Ishihara 1996). Herein, in order to take into account
the effects of long-lasting shaking of the main shock measuring M = 9 as well as its
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Table 2 Summary of local seismograph data

District Location Location of local Maximum ground surface
no. seismograph closest accelerations observed
A 1,2,3,4 Unakami local city office 147 gal (Main shock, EW)
and 5 159 gal (Main shock, NS)
B 6 and 7 206 gal (Aftershock, EW)
174 gal (Aftershock, NS)
C 8 Asahi city hall 153 gal (Main shock, EW)
D 9 157 gal (Main shock, NS)
E 10 204 gal (Aftershock, EW)
221 gal (Aftershock, NS)
F 11
12
G 13, 14 and Tioka local city office 206 gal (Main shock, EW)
15 203 gal (Main shock, NS)
H 16 and 17 211 gal (Aftershock, EW)
265 gal (Aftershock, NS)

aftershock observed about 30 min after the main shock, as shown in Fig. 1, it would
be appropriate to introduce the earthquake magnitude scaling factor (MSF) to obtain
the reasonable value of maximum shear strength ratio of soil, (Idriss and Boulanger
2008). In the present study, the value of MSF = (.7 is assumed and the corre-
sponding maximum shear strength ratio of soil is determined by multiplying with
MSF = 0.7. From the records of the ground surface accelerations obtained in Asahi
city as summarized in Table 2, the seismograph station closest to each location can
be determined, and the corresponding maximum ground surface acceleration of
either North—South or East—-West component observed during either the main shock
or aftershock can be determined, which are denoted in italic in Table 2. It is known
that those stations have not experienced soil liquefaction during the earthquakes
concerned. The depth-wise profile of the maximum shear stress ratio, Tmax /07, can
then be estimated, (Ishihara 1996). Since the factor of safety against liquefaction is
defined as F) = (Tmax1/0,)/(Tmax/0,), the depth-wise profile of factors of safety
against liquefaction F; can eventually be obtained.

The depth-wise profiles of the relative density D, and factor of safety against
liquefaction F thus estimated are shown in Figs. 6, 7, 8, 9 and 10. It is found that
the deposits reclaimed into iron sand mining pits would have been responsible for
soil liquefaction triggering.

5 Conclusions

From the results of SWS tests carried out at 17 sites in Asahi city, soil liquefaction
was found to occur mainly at areas corresponding to deposits reclaimed in iron sand
mining pits, which had been extensively carried out during the period starting in
1910s and mainly from 1950s to 1970s. From the depth-wise profiles of SPT N-
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values converted from Swedish penetration resistance, the depth of reclamation at
each location was estimated. From the depth-wise profiles of factors of safety
against liquefaction, the deposits reclaimed in iron sand mining pits were respon-
sible for soil liquefaction triggering.
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GIS-Based Study on Liquefaction-Induced
Soil Subsidence in the Urayasu Area Due
to the 2011 off the Pacific Coast of Tohoku
Earthquake

Rama Mohan Pokhrel and Takashi Kiyota

Abstract Soil liquefaction is one of the geotechnical-related effects of earthquakes
especially in cities built on young alluvial deposits and reclaimed land.
Geotechnical problems associated with liquefaction in these areas include ground
subsidence. Therefore, a detailed study on the occurrence and extent of ground
subsidence after severe liquefaction following an earthquake is essential in such an
area. Urayasu City in the Tokyo Bay area, Japan was selected as the study area.
This area is a young reclaimed land where severe liquefaction occurred following
the 2011 off the Pacific Coast of Tohoku Earthquake (M = 9.0). Twenty-three
borehole locations were selected for the study of liquefaction potential and a
geostatistical method of interpolation was applied to attain a spatial variation of
liquefaction potential within the area. The ground subsidence was estimated by
using airborne Light Detection and Ranging (LiDAR) images before (2006) and
after (2011) the earthquake, giving the spatial distribution of soil subsidence. The
liquefaction potential and ground subsidence were determined using a Py distri-
bution map and ground subsidence map, respectively. By studying these maps, the
relationship between liquefaction potential and ground subsidence was developed.
The relationship shows that high ground subsidence is observed in the area with
high liquefaction potential.

Keywords Liquefaction - Soil subsidence - Urayasu - Reclaimed land - GIS

R.M. Pokhrel (X)) - T. Kiyota

Institute of Industrial Science, The University of Tokyo,
4-6-1, Komaba, Meguro-ku, Tokyo 153-8505, Japan
e-mail: pokhrelrmohan @ gmail.com

T. Kiyota
e-mail: kiyota@iis.u-tokyo.ac.jp

© Springer Japan 2017 111
H. Hazarika et al. (eds.), Geotechnical Hazards from Large Earthquakes
and Heavy Rainfalls, DOI 10.1007/978-4-431-56205-4_10



112 R.M. Pokhrel and T. Kiyota

1 Introduction

Soil liquefaction is one of the most serious geotechnical issues related to earth-
quakes that may induce severe ground subsidence, especially in the young alluvial
deposit or reclaimed land. For example, Urayasu City in Chiba Prefecture, Japan,
which is geologically composed of newly reclaimed land, suffered severe lique-
faction at the time of the 2011 off the Pacific Coast of Tohoku Earthquake
(M = 9.0). The reclamations in Urayasu City area were completed between 1966
and 1985 (Yasuda et al. 2012). Soil dredged from the bottom of the sea was filled to
approximately sea level height in the reclamation area and the filled surface was
covered with hill sand from the Boso Peninsula (Yasuda et al. 2012). Therefore, the
soil in the Urayasu reclaimed land area is prone to liquefaction. The 2011 earth-
quake caused tilting of houses, buckling of roads and lifelines cut-off, which were
associated with ground subsidence. Extensive sand boiling was observed in this
area (Fig. 1), in which the amount of ground subsidence seems directly associated
with the amount of boiled sand. In this paper, a detailed study is presented for
evaluating the potential and severity of liquefaction-induced ground subsidence. In
particular, the variation of ground subsidence with liquefaction potential is studied
for the case of Urayasu city. To do so, 23 boreholes (Urayasu City 2012) shown in
Fig. 2, were selected and a geostatistical method of interpolation was applied to
attain a map spatial variation of liquefaction potential within the area. A kriging
method of interpolation in a Geographic Information System (GIS) platform was
used to evaluate the spatial distribution of liquefaction potential in the area. This

Fig. 1 Boiled sand during off the Pacific Coast of Tohoku earthquake March 2011 in the Urayasu
area
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Fig. 2 Location of study area with borehole points used in this study (Urayasu City 2012)

method gives the liquefaction potential value at each point. Similarly, ground
subsidence was estimated by using airborne Light Detection and Ranging (LiDAR)
images before and after the earthquake (Konagai et al. 2013). This map gives the
spatial distribution of soil subsidence. By studying these maps, the relationship
between liquefaction potential and ground subsidence was investigated.

2 Liquefaction Potential Distribution Map

Data from 23 boreholes (Fig. 2) were used for this study. Firstly, the liquefaction
potential at each borehole location was quantified by introducing the liquefaction
potential index (Pr) (Iwasaki et al. 1978, 1982). Second, the liquefaction potential
for the whole area was estimated by interpolating Py values obtained for the 23
boreholes. The kriging method of interpolation considers both the distance and the
degree of variation among known data points and estimates values in unknown
areas (Pokhrel et al. 2012, 2013). In kriging, the first step is to examine the data in
order to identify the spatial structure, which is often represented by the empirical
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semivariogram (Isaaks and Srivastava 1989). In this technique, optimal, unbiased
estimates of regionalized variables are made at unsampled locations using the
structural properties of the semivariogram and the initial set of data values (David
1977).

A semivariogram is a relationship graph between semivariance and the distance
between all the pairs of available data points, as schematically illustrated in Fig. 3.
The experimental semivariance for liquefaction potential is calculated using Eq. (1).

N(h)
y(h — PL(i,h))® (1)

1:1

where y(h) is the estimated value of the semivariance for a distance of &; N(h) is the
number of paired data points at a distance of h; and (P (i) — P_(i, h)) is the
difference in Pp. of ith paired locations whose distance is 4.

The experimental variogram was developed based on the liquefaction potential
values evaluated from the data of each sampled borehole. It gives the degree of
relationship between points on the surface. This empirical variogram was fitted to
the theoretical variogram function to model the spatial autocorrelation curve, as
shown in Fig. 3. It quantifies a basic principle: things that are closer together are
more alike than things that are farther apart. Thus, pairs of locations that are closer
together (far left of the x-axis of the semivariogram curve) should have lower values
on the y-axis of the semivariogram curve. As pairs of locations become farther apart
(moving to the right on the x-axis of the semivariogram curve), they should become
more dissimilar and have a higher squared difference (and move up on the y-axis of
the semivariogram curve).

The next step in the kriging method is to compute the weights from the model
variogram. These weights are used as inputs in Eq. (2) to evaluate the liquefaction
potential at any location in the study area.
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n

Pu(x,y) = Y Ailxi, yi)PL(i) 2)

i=1

where Py (x, y) is P at (x, y) estimated by interpolation; Py (i) is the evaluated Pp,
value at the ith location; A,(x; y,) is the weight for Py (i) used to estimate Py (x, y);
and n is the number of locations used for the kriging interpolation.

In kriging, weights are based not only on the distance between the measured
points and the prediction location but also on the overall spatial relationships (the
model variogram, Fig. 3) among the measured values surrounding the prediction
location. The principle of kriging interpolation is to make unbiased estimates of
Py (x, y). For this condition, > ", Z;i(x;,y;) = 1. By using the above-explained
methodology the spatial variation of Py for the Urayasu area is prepared and shown
in Fig. 7.

3 Ground Subsidence Map and Detection of Soil
Subsidence Value

As mentioned previously, this study focused on the relationship between P and
ground subsidence in the reclaimed area. Konagai et al. (2013) obtained elevation
data (subsidence map) for Urayasu city by analysing LiDAR images before (2006)
and after (2011) the off the Pacific Coast of Tohoku Earthquake. The same map is
used in this study as a ground subsidence map. A LiDAR system is capable of rapid
and accurate collection of topographic and elevation data. The high-resolution
Digital Surface Models (DSM) were displayed as raster graphic images of pixels
containing information of their elevations. The spatial resolution of the data taken
by the LiDAR survey was 0.792 points per square metre for the 2006 survey and
4.089 points per square metre for the 2011 survey (Konagai et al. 2013). The
elevation value taken at each point from the Digital Surface Model (DSM) data of
2011 was subtracted from the elevation value from 2006 at each of the corre-
sponding points.

Figure 4 represents a characteristic soil subsidence map obtained in the Urayasu
city area (Konagai et al. 2013). The colour intensity represents the amount of
change in elevation. The intensity increases from light blue to dark blue repre-
senting the increase in the amount of lowering (subsidence) and from light yellow
to dark yellow representing the increase in upliftment (heave) of the surface. In this
analysis the maximum possible change in elevation due to liquefaction is consid-
ered as 70 cm; therefore; 70 cm is a threshold value for the map. The value having
change in elevation greater than 70 cm is plotted as no value in the map (plotted as
a white colour). To estimate ground subsidence at a specific point, the required area
was zoomed out as an area X in Fig. 4. A line was drawn (A-B) representing a
length of 55 m. A profile (Fig. 5) along line A—B shows the change in elevation at
each point along the line. In Fig. 5, it is observed that the maximum subsidence
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Fig. 4 Ground subsidence map of Urayasu area (Konagai et al. 2013)
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Fig. 5 Ground subsidence along line A-B shown in Fig. 4
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Fig. 6 Ground subsidence and trend curve along A-B

value is about 60 cm and the minimum subsidence value is 5 cm. However, it is
difficult to accurately evaluate the maximum subsidence value in such types of
curves. Therefore, to identify the nature of subsidence in a particular section a trend
line was drawn, as shown in Fig. 6. The maximum subsidence point on that trend
curve is then taken as the maximum subsidence value of this particular section.
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From Fig. 6, it can be concluded that the maximum subsidence value of the section
is 50 cm.

In order to minimise the effects of temporary obstacles like cars, buses, trees and
some new buildings, etc., the minimum length for the section line should be 50 m
or more. To avoid possible error in the measurement of ground subsidence in this
study due to large temporary structures, values were taken in the open space area.

4 Discussion and Results

The spatial variation of liquefaction potential map, prepared as described in Sect. 2,
is shown in Fig. 7. In this figure it is seen that most of the area falls on the high
liquefaction potential zone. The old area with natural and alluvial deposit has low or
no liquefaction. In the real field also there was no liquefaction observed in the

Liquefaction potential gl
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10-15
15-20
B 20 - 100

~——— Roads

0 1 2

Fig. 7 Spatial variation of liquefaction potential map prepared by using 23 boreholes available in
Urayasu area



118 R.M. Pokhrel and T. Kiyota

0.7
0.6 . 1
. L]
£ 05 1 | | —
‘U-.; . -
S 0.4 e e .
g ] =
& 03/ - . i .
o . [
@ 0.2 . I N
e
. . ”
01/ hd L -
b4 * .‘ ‘ r~ ¢ .
0. - - . + I |
0 5 10 15 20 25

Liquefaction Potential

Fig. 8 The relationship between liquefaction potential and ground subsidence for Urayasu area

natural soil. Figure 7 is used to determine the liquefaction potential value for a
particular point. The corresponding ground subsidence value is determined by using
the methodology described in Sect. 3. The subsidence data are also taken from all
the borehole points shown in Fig. 2. There is a direct relationship between lique-
faction potential and ground subsidence is shown in Fig. 8. The greater the liq-
uefaction potential, the greater the ground subsidence.

5 Conclusions

Following the 2011 off the Pacific Coast of Tohoku Earthquake, most of the
reclaimed area of Urayasu city faced severe liquefaction. The common problems
associated with liquefaction are sand boiling, tilting of structures, uplift of light
underground structures, lifeline cut-off, etc. Among these problems, ground sub-
sidence was observed as the main problem. The spatial distribution of liquefaction
potential was prepared by using the geostatistical method over 23 boreholes and
was compared with ground subsidence extracted from DSM by Konagai et al.
(2013). The result shows there is positive relationship between liquefaction
potential and ground subsidence. Those areas which have high liquefaction
potential have higher ground subsidence. The old natural deposits area with very
low liquefaction potential did not have any ground subsidence.
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Effects of Non-plastic Fines on Undrained
Cyclic Behavior of Loose Sand

Yolanda Alberto-Hernandez and Ikuo Towhata

Abstract Currently the occurrence of liquefaction in silty sand (e.g., 1999 Chi-chi
Earthquake, repeated liquefaction in Christchurch in 2010 and 2011, and the March
2011 Earthquake in East Japan) has increased the importance of understanding the
effect of non-plastic fines on cyclic behavior of sand. The study on their influence
has been carried out by several investigators through both field and laboratory tests,
obtaining different outcomes that depend on the parameter of comparison. In lab-
oratory testing, void ratio, relative density or sand skeleton void ratio are commonly
used for comparing, however, for different fines contents, these values cannot be
kept constant at the same time and are no longer representative of particle contact
after 30 % of fines. The authors carried out a series of torsion shear tests and a
comprehensive review of previous studies and their results is presented and
explained in this work, considering a micromechanical interpretation to omit the use
of void ratio and relative density. In this regard, a different approach was used by
comparing compaction energy during sample preparation which intends to simulate
natural conditions. Sand retrieved from Tokyo Bay area after the liquefaction events
of March 2011, was used to conduct monotonic and cyclic tests in a hollow shear
torsional apparatus with fines varying from O to 80 %. Differences observed in
stress—strain curves, effective stress paths and excess pore pressure distribution, are
shown. Moreover, liquefaction curves and relevant conclusions regarding the effect
of fines content are provided. It was found that the liquefaction resistance and other
mechanical properties are basically deteriorated by adding more non-plastic fines,
although a certain fluctuation occurs. Finally, these results are used to conciliate
different conclusions presented in past literatures.
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1 Introduction

To date several researchers have undertaken the study of silty sand undergoing
undrained loading. This problem has gained importance due to the recent events of
liquefaction in Taiwan, New Zealand, or Japan that have caused a large number of
casualties and economic loss. Laboratory testing has been performed keeping a
parameter constant during cyclic or monotonic loading while changing the fines
content. Usually, the parameter kept constant is a density index as void ratio,
relative density or sand skeleton void ratio, which considers that the volume
occupied by fines is part of the sand matrix voids. Results obtained from this
research are contradictory sometimes even for the same study, especially if the
range of fines content tested exceeds 30 %.

On the other hand, most previsions for evaluating liquefaction risk are simplified
methods that were developed on the basis of field tests and data from liquefied sites
(e.g., Tokimatsu and Yoshimi 1983; JRA 1996; Youd and Idris 1997). Therefore, it
is necessary that conclusions of the effect of non-plastic fines on liquefaction
resistance can be related to field parameters, as the SPT N-value. In this regard, the
experimental program conducted on this test was based on keeping the compaction
energy constant during sample reconstitution as a mean to represent natural con-
ditions and connect the obtained results to field conditions.

2 Overview of Non-plastic Fines Behavior

Table 1 shows a brief compilation of the most recent research conducted on the
influence of fines content on the liquefaction of sands just to notice that depending
on the parameter of comparison, conclusions may differ. Overall, it can be noted
that the selection of void ration as the parameter comparison causes that as fines
content (FC) increases, cyclic resistance ratio (CRR) decreases. When relative
density is the parameter of comparison, as fines content increases, cyclic resistance
ratio increases. If tests are compared at the same sand skeleton void ratio, as fines
content grows, cyclic resistance ratio decreases. Other parameters are also used for
comparison, as the equivalent granular void ratio, e* (Thevanayagam 2000), that
introduces a measure of the fraction of fines which actively take part in the force
chain. When comparing tests at the same equivalent void ratio, cyclic resistance
ratio is found to be independent of fines.

The impossibility to keep all parameters constant at the same time causes the
differences between tests conducted at the same void ratio or same relative density.
For instance, Fig. 1 shows the minimum and maximum void ratios for Tokyo Bay
sand measured with the Japanese Geotechnical Society standards, which has some
restraints that will be explained later. Both curves, e;,,x and e,;,, show a v-shape
having their minimum values around 30 and 40 %, respectively. This minimum
value, as explained by Lade et al. (1998), is achieved when the voids in the sand
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Fig. 1 a Relative density variation with fines content when void ratio is kept constant and b void
ratio variation with fines content when relative density is kept constant

matrix are completely filled with fine particles, this point is known as the threshold
fines content, Fy,., and is usually between 25 and 35 %. With the addition of fines,
the sand matrix fragility increases until reaching F,.. This point is the more
unstable in the mix of sand with fines and after it, fragility of soil decreases and soil
becomes stronger (Thevanayagam et al. 2002).

In Fig. la, void ratio is kept constant and the variation in relative density can be
observed in the bottom figure. As fines content approaches Fy,,., relative density
decreases, therefore tests conducted in this range will find a reduction in cyclic
resistance ratio. Figure 1b shows the value of relative density kept constant (bot-
tom) and the variation of void ratio with fines content. In this case, the concept of
void ratio range (e.x—€min) Needs to be introduced. As studied by Panayiotopoulos
(1989), the most important factors in the packing of sands are the concepts of
minimum and maximum void ratios; the difference between these parameters is
defined as void ratio range by Cubrinovski and Ishihara (1999) and it was found to
be inversely proportional to the normalized penetration resistance, Ny, if relative
density is kept constant. It can be understood then that when void ratio range
reduces, liquefaction resistance increases.

In Fig. 2, the concepts of sand skeleton void ratio and equivalent void ratio are
explained. These parameters are intended to reduce the influence of fines content on
the analysis of liquefaction.

When these parameters are used for comparison some researchers have found
that cyclic resistance ratio remains constant with fines contents, while others
observed an increase in cyclic resistance ratio. Polito and Martin (2001) conducted
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(a) Void ratios defined by Thevanayagam
Equivalent void ratio
Voids, e Apparent voids g t(i-b) fc
e+fc 1-(1-b) fc
. . Where
. e: void ratio b: parameter that reflects the
Fines, fe Msit fe: fines content in decimal fraction of fines participating in
M the force structure of the solid
. Coarser grain solids skeleton
Coarse grains 14fc
_GspwV _ Intergranular contact index
Bskeleton= M-Msitt void ratio, es
_ e+fc
€ =11
M: mass Gs: specific density
Msilt: mass of silt V: volume py: density of water

Fig. 2 Definition of a sand skeleton void ratio and b equivalent void ratio

cyclic shear tests on Monterey sand and Yatesville sand, comparing sand skeleton
void ratio for different fines contents. They found that for Monterey sand cyclic
resistance ratio did not change significantly with fines, while for Yatesville sand
cyclic resistance ratio increased. The difference between these sands is the decrease
in void ratio when keeping constant the sand skeleton void ratio, Whereas for
Monterey sand, void ratio decreases parallel to minimum and maximum void ratio,
keeping relative density constant, for Yatesville sand, void ratio drops faster than
the lines of minimum and maximum void ratio causing an increase in relative
density.

Another important factor to notice in the experiments shown in Table 1 is the
range of fines content used; this exhibits one disadvantage of the parameters used
for comparison. Void ratio, relative density, sand skeleton void ratio, and even
equivalent void ratio are not suitable indexes of particle contact for fines contents
greater than 30 %. Since both fines and sand are contributing to the force structure
of the solid skeleton, after the threshold dines content is not possible to keep using
e, D,, e or e*.

3 Experimental Procedure

Seeking to understand the influence of fines content on the liquefaction resistance of
sands, torsional shear tests were conducted on sand retrieved from Tokyo Bay after
the liquefaction events of 2011. Samples were formed by air pluviation keeping the
height of fall constant with the purpose of comparing samples at the same level of
compaction energy. This approach looks to eliminate the dependence on density
parameters that can produce misleading conclusions.
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Fig. 3 Grain size distribution of sand retrieved from Tokyo Bay

Volumetric strain, € Volumetric strain, G

0 T T ! 0 T T T ! !
0.002 AP-5cm 1 0002 AP-50 cm
6 =100 kPa 0, =100 kPa
0.004 c ] 0.004 [
——1C=0%
0.006 | 1 0.006 1 —B—FC=10%
s ] 0.008 L ——FC=20%
0.008 —O=FC=30%
0.01 £ 1] 0.01 [ —{=FC=40%
’ ——FC=50%
0.012 | b 0.012 [ == FC=60%
-=0% =O=30% —¥+80% =X=FC=70%
0014 [ - 10% ——40% 1 0.014 L —¥—FC=80%
——20% =E=60% j
0.016 . . . 0.016 . . . I .
0 1000 2000 3000 4000 0 1000 2000 3000 4000 5000 6000
Time, t (s) Time, t (s)

Fig. 4 Volumetric strain during consolidation for AP-5 and AP-50 cm

Figure 3 shows the grain size distribution of the sand as it was found on the
ground. Once in the laboratory, sand was sieved to separate the fines (<0.074 mm)
from the sand. Fines were found to be non-plastic. Sand was washed and air-dried
to mix it with silt for the desired fines content.

A hollow cylinder torsional device was used to conduct the experiments.
Samples were prepared using a funnel and keeping a height of fall of 5 and 50 cm.
Saturation was conducted using a double vacuum procedure similar to that used by
Ampadu and Tatsuoka (1993). For samples with large amount of fines, the period
under vacuum was extended and the volume of de-aired water percolated was
increased to three times the volume of the sample.
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Fig. 5 Variation of coefficient of volume compressibility with fines content samples formed by
a AP-5 and b AP-50 cm. Dashed lines show the trend of m,

When samples achieved satisfactory values of saturation (Skempton’s B > 0.97)
they were consolidated to an effective confining stress of 100 kPa. Figure 4 shows
some examples of the volumetric strain measured during consolidation for samples
prepared by air pluviation with a height of fall of 5 cm (AP-5 cm) and 50 cm
(AP-50 cm). The AP-5 cm curves show that 40 and 0 % exhibit less volumetric
strain during consolidation, while 20 and 60 % had larger deformation. In the
AP-50 cm figure, it is observed that volumetric strain increases with fines content.

During consolidation, the coefficient of volume compressibility was computed as
the ratio of the increment in pressure over the volumetric strain measured during
primary consolidation: m, = fv—g.

Figure 5 depicts the variation of the coefficient of volume compressibility with
fines for samples prepared by AP-5 (left) and 50 cm (right). In the points computed
for AP-5 cm (Fig. 5a), it is observed that from O to 20 %, m, grows with fines; then
there is a reduction from 20 to 40 %. From 60 to 80 % there is again a decrease in m,,
although the values are larger than those in the previous fines contents. In the samples
formed by AP-50 cm (Fig. 5b), m, increases with fines content in overall. Yet, a
closer look shows that from 40 to 50 % there is a diminution in the values of m,. The
dashed lines in both figures exhibit the trend of m, in different ranges of fines content.

The importance of obtaining this value comes from its relation to SPT N-value.
Stroud and Butler (1975) found an inverse relation between the coefficient of
volume compressibility and SPT N-value as:

1

_mev

f>: parameter dependent of plasticity index.

Using m,, it is expected to establish a relation between the tests conducted in
laboratory and the results found in the field. After consolidation, monotonic and
cyclic loading was applied to study the undrained behavior of this sand.
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Fig. 7 Liquefaction curves for AP-5 and AP-50 cm. Colors represent different groups of behavior
identified

Results of monotonic loading applied on samples made by AP-5 cm are shown
in Fig. 6 in fines content from 0 to 60 %. It is observed that from O to 20 there is a
decrease in the maximum shear strength, while a small increase is observed from 30
to 40 %. Curves of 50 and 60 % show a decrease in effective stress that does not
recover and an increment in shear strain for a constant shear stress.

Details on the stress—strain curves and stress paths from cyclic loading can be
found in Alberto and Towhata (2013). Liquefaction curves are presented in Fig. 7.
Three groups of behaviors are identified and distinguished with different colors in
the graphs, from 0 to 20 % (black) there is a decrease in liquefaction resistance, and
then cyclic resistance grows from 30 to 50 % (red). Finally, from 60 to 80 % (blue)
there is a slight increase in the cyclic resistance ratio.
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Some samples were compared at the same value of m, = 1.22 X 1074 (1/kPa) to
observe the behavior of excess pore pressure ratio during cyclic loading. The curves
from O to 80 % for a cyclic stress ratio CSR = 0.15, can be seen in Fig. 8. Clean
sand (FC = 0 %) shows more resistance than silty sand, since it requires more
cycles of loading to reach r, = 1. From 0 to 20 % the number of cycles decreases.
Samples with 30 and 40 % of fines exhibit more cycles than 20 % but a similar
number to 80 %. The FC = 60 % sample liquefies at 10 cycles being the less
resistant.

Figure 9 shows the variation of cyclic resistance ratio with fines content for
AP-5 and 50 cm. Conclusions from monotonic and cyclic loading of samples
compared at the same compaction energy divide the soil response in three different
groups: (a) for FC < FCy,,, liquefaction resistance decreases, therefore clean sand is
stronger than silty sand, (b) for FC > FCy,, liquefaction resistance increases, (c) for
large fines content, cyclic resistance ratio grows slightly but the overall values of
CRR are lower than in the previous groups.
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4 Conclusions

Using the constant energy approach for comparison, there is a clearer understanding
of the actual influence of fines on the liquefaction resistance. The reason of this
behavior is the arrangement of particles: below FCy,, fines reduce the contact
between sand grains, when FC ~ FCy,. both sand and fines contribute to the force
chain and when FC >> FCy,, resistance increases as the contacts fine-to-fine aug-
ment. Considering this perspective, results obtained by previous researchers can
also be understood. Moreover, the use of the coefficient of volume compressibility,
clarifies the influence of the fines on the liquefaction resistance of sand.
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An Investigation

on the Liquefaction-Induced Sloped
Ground Failure During the 1964
Niigata Earthquake

Gabriele Chiaro, Junichi Koseki and Takashi Kiyota

Abstract Liquefaction of sloped ground is a major natural phenomenon of
geotechnical significance associated with damage during earthquakes, which is not
fully understood yet. To address this issue, this paper presents a simplified
semi-empirical procedure for predicting earthquake-induced sloped ground failure,
namely liquefaction and shear failure. It consists of a framework where cyclic stress
ratio (CSR), static stress ratio (SSR) and undrained shear strength (USS) are for-
mulated considering simple shear conditions, which closely simulate the field stress
during earthquakes. The occurrence or nonoccurrence of ground failure is assessed
by means of a plot Nyax (E[SSR + CSRJ/USS) versus i, (=[SSR — CSR]/USS),
where a liquefaction zone, a shear failure zone and a safe zone (i.e., no-liquefaction
and no-failure) are defined. By the proposed simplified procedure, the liquefaction-
induced failure of a very gentle sloped ground that occurred in Ebigase (Japan)
during the 1964 Niigata Earthquake (M, = 7.5 and a,,x = 0.16g) is evaluated for
various soil elements, located at different depths beneath sloped ground level.
Predictions are well in accordance with field observations confirming that under
such earthquake and sloped ground conditions, severe liquefaction could happen
only within the intermediate loose sandy soil layer, approximately at a depth
in-between 3.5 and 6.5 m below the ground surface.
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1 Introduction

Following most of the seismic events with a moment magnitude M,, > 6.5-7,
which usually produce also large ground acceleration (a,.x > 0.15g), the extensive
damage to infrastructures, buildings, and lifeline facilities have been associated
with the occurrence of lateral spreading and/or flow sliding (i.e., ground failure) in
liquefied gentle sloped ground.

Prediction of ground failure involving earthquake-induced liquefaction of sloped
sandy deposits is a major challenge in geomechanics due to the great number of
factors that need to be considered such as initial static shear stress, cyclic shear
stress, density state, loading conditions, etc. Yet, such prediction is crucial for
researchers and practicing engineers to understand comprehensively the triggering
conditions and consequences of liquefaction and to develop effective counter-
measures against liquefaction. Existing practical methods for evaluating the lig-
uefaction potential of soils on a site, such as the simplified procedure by Seed and
Idriss (1971), are traditionally based on results of field investigations (e.g., SPT and
CPT tests), which summarize the mechanical properties of soil based on empirical
formulation defining seismic event and on consideration based on past experiences.
However, they do not directly consider the sloped ground conditions. Instead, an
empirical coefficient K, (Idriss and Boulanger 2002) is used to reflect the sloped
ground state. Nevertheless, there may be debates about the adequacy of such
empirical coefficient especially if evaluated in the laboratory using triaxial condi-
tions rather than simple shear one (Chiaro et al. 2014).

Aimed at investigating the role which static shear stress (i.e., sloped ground
conditions) plays on the liquefaction behavior and large deformation properties of
saturated sand, Chiaro et al. (2012, 2013a) performed a series of undrained cyclic
torsional simple shear tests on loose fully saturated Toyoura sand specimens
(D; = 44-50 %) under various combinations of static and cyclic shear stresses.
From the study of failure mechanisms, three types of failure (i.e., cyclic liquefac-
tion, rapid flow liquefaction, and shear failure) were identified based on the dif-
ference in effective stress paths and the modes of development of shear strain during
both monotonic and cyclic undrained loadings. The study confirmed that to achieve
full liquefaction state, the reversal of shear stress during cyclic loading is essential.
Alternatively, when the shear stress is not reversed, large shear deformation may
bring sand to failure although liquefaction does not take place. Following these
findings, in order to establish a framework to directly compare field and laboratory
liquefaction behaviors of sand, Chiaro and Koseki (2012, 2013) presented a sim-
plified semi-empirical procedure for predicting earthquake-induced sloped ground
failure, namely liquefaction and shear failure.

In this paper, the proposed simplified procedure is described in detail and its
performance is assessed for the case of liquefaction-induced failure of a very gentle
sloped ground occurred in Ebigase during the 1964 Niigata Earthquake (M, = 7.5
and an.x = 0.16g) as described in details by Hamada et al. (1994).
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2 A Simplified Semi-empirical Procedure
for Earthquake-Induced Sloped Ground Failure

The proposed simplified semi-empirical procedure for predicting earthquake-
induced sloped ground failure consists of a framework where cyclic stress ratio
(CSR), static stress ratio (SSR), and undrained shear strength (USS) are formulated
considering simple shear conditions (i.e., actual stress conditions in the ground
during earthquakes).

2.1 Cyclic Stress Ratio

As well acknowledged, the earthquake-induced CSR at a depth z below the ground
(Fig. 1) can be evaluated in accordance with the simplified procedure proposed by
Seed and Idriss (1971), by converting the typical irregular earthquake record to an
equivalent series of uniform stress cycles (Seed et al. 1975):

CSR7‘5 = Tcy(;]ic = 065 a;naxgrd (1)
g Yv

v
where an,.x (g) is the peak ground (horizontal) acceleration; a, is the gravity
acceleration (=1g), o, and a(, are the total and effective vertical stress components,
respectively. The stress reduction coefficient () is to account for the flexibility of
the soil column and it is a unit less factor.

In order to evaluate the liquefaction hazard at a site, both the a,,,x (local ground
response) and the effective number of cycles (earthquake severity) are needed. The
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Fig. 1 Stress conditions acting on a soil element beneath sloped ground during an earthquake
(Chiaro and Koseki 2013)
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magnitude scaling factor (MSF) can then be used to correct the analysis for
earthquake magnitudes other than 7.5 (Youd and Idriss 2001; Idriss and Boulanger
2004; etc.), provided that such an earthquake induces 15 equivalent stress cycles of
uniform amplitude. Accordingly, the concept of effective peak ground acceleration
(a7.5) was introduced by Chiaro and Koseki (2013)

ars = amax/MSF (2)
where, in this study, MSF is defined in accordance to Idriss and Boulanger (2008)
MSF = [6.9 exp(—M,/4) — 0.058] < 1.8 (3)

in which My, is the moment magnitude. a; 5 represents a critical input parameter for
calculating CSR; 5, and thus assessing and comparing the extent of liquefaction
induced by earthquakes with different magnitudes and ground accelerations.
Typical variation of MSF and a; s with M,, are shown in Fig. 2.

By adjusting the Seed-Idriss procedure for calculating CRS to the case of simple
shear conditions while using the concept of a; 5, Eq. (1) can be rewritten as follows:
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Fig. 2 Variation of MSF and a; 5 with the moment magnitude
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where, in this study, r4 is defined in accordance to Iwasaki et al. (1978)
ra = (1-0.015 2) (5)

In the above, K, is the coefficient of earth pressure at rest; z is the depth
underneath the ground surface and z,, that beneath the water table, respectively.
Note that, values of the unit weight of soils below and above the ground water table
have been assumed to derive CSR.

2.2 Static Stress Ratio

Assuming the infinite slope state and the simple shear conditions, the SSR induced
by gravity on a soil element of sloped ground, at a depth z underneath the ground
surface and a depth z,, beneath the water table, can be calculated as follows (Chiaro
2010):

_ Tstatic tan f§ _ 1/100
SR = T T 2K0) 3l —03G/a)] 1+ 2K0) 31 053G ©

where i is the gradient of slope (%).

2.3 Undrained Shear Strength

On the basis of results of monotonic undrained torsional simple shear tests on
Toyoura sand (Chiaro et al. 2012, 2013a) as well as simulation results using a
newly developed model for liquefiable sand (Chiaro et al. 2013b), it is found that
USS significantly depends on relative density state as well as the SSR applied on a
soil element. Accordingly, an empirical formulation for USS is suggested in this
study

USS = 0.1015 4+ 0.0046 D, +0.180 SSR (7)

2.4 Practical Graphical Method

Once the stress conditions and soil strength are known, two important factors
namely normalized minimum (M,;,) and maximum (1,,,,x) shear stress states can be
defined:
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Fig. 3 Soil liquefaction/failure modes based on the proposed simplified procedure (experimental
data from Chiaro et al. 2012, 2013a; Kiyota et al. 2008; Arangelovski and Towhata 2004)

_ SSR — CSRy5
SSR 4 CSR7 5
MNmax = T (9)

Finally, the occurrence or not of ground failure can be assessed by means of the
graphical method shown in Fig. 3. It consists of a plot 1y, Versus Nma.x, Where a
liquefaction zone (severe and moderate), a shear failure zone and a safe zone (i.e.,
no-liquefaction and no-failure) are clearly defined.

3 Liquefaction-Induced Failure of Gentle Sloped Ground
in Ebigase During the 1964 Niigata Earthquake

On June 1964, a 7.5 moment magnitude (M,,) earthquake hit Niigata City (Japan)
and its neighboring area. Hamada et al. (1994) reported that the peak ground
acceleration (ay,) in those areas was approximately 0.16g. Due to the severity of
seismic shaking and particular soil conditions, a large area suffered liquefaction,
which caused severe damage to buildings, infrastructures, and lifeline facilities as
well as casualties. Large permanent horizontal displacement, subsidence and rising
zones, a number of ground fissures and various sand boiling, observed in the
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Ebigase area (Niigata City), were the evidence that the very gentle slope of a natural
levee was extensively damaged by liquefaction. The estimated liquefied soils had a
thickness (H) of 4-7 m, while the maximum horizontal displacement (D) measured
at the ground surface was over 8 m. Thereby, extremely large shear strains (y = D/
H) of 90-200 % were triggered by liquefaction.

4 Back-Calculation of Stress State and Soil Strength
in the Sloped Ground in Ebigase

As described by Hamada et al. (1994), a post-seismic field survey revealed that the
soil consisted mostly of sand from a sand dune (TS), alluvial sandy soils (As-1 and
As-2) and alluvial clayey soils (Ac). A typically soil profile is shown in Fig. 4. The
alluvial sandy soil layer (As-1) was very loose to loose since its N-SPT values were
typically below 10. Alternatively, denser sand was found in the layer As-2, since
N-SPT gradually increased up to 30. The water table was very shallow and was
located at approximately 2 m below the ground surface. The liquefied layer was
located within the As-1 and As-2 layers.

In this study, the (CSR); s, SSR, USS were evaluated for various soil elements,
located at different depths beneath sloped ground level, as shown in Fig. 4. Soil
elements labeled L-1 through L-6 are those within the liquefied sandy layer, while
N-1 and N-2 are those within the underlying non-liquefied sandy layer. The stress
state and soil strength values estimated using the proposed simplified procedure are
listed in Table 1 for completeness.
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Table 1 Stress conditions and soil strength in the sloped ground in Ebigase

Case |z(m) |z, |N-SPT |D, |CSR;s [SSR |USS |Nmax | Nmin Liquefaction
(m) (%) behavior
Hamada | This
et al. study
(1994)
L-1 |25 04 |10 30 [0.169 |0.034 |0.246 |0.824 | —0.550 | Yes Yes
L-2 3.5 1.4 |10 30 [0.191 0.039 [0.246 |0.932 |-0.618 | Yes Yes
L-3 |45 24 |10 30 [0.205 |0.042 |0.247 | 1.001 |—0.659 | Yes Yes
L4 |55 34 |10 30 [0.214 |0.045 [0.248 | 1.046 | —0.684 | Yes Yes
L5 |65 44 |10 30 [0.220 |0.047 [0.248 | 1.077 | —0.698 | Yes Yes
L6 |75 54 |20 50 [0.233 |0.051 [0.341 |0.834 | —0.537 | Yes Yes
N-1 |85 6.4 |25 60 [0.241 |0.053 [0.387 |0.759 | —0.485 | No No
N-2 |95 74 |30 70 [0.247 |0.055 [0.433 | 0.698 | —0.442 | No No

4.1 Evaluation of CSR, SSR, and USS

Figure 5a shows the variation of CSR; 5 and SSR along the depth (z). It appears that
SSR increases gradually with z, from 0.034 up to 0.055. Alternatively, CSR; 5
increases with z by following a non-linear trend. The minimum CSR; 5 is approxi-
mately 0.17, while the maximum CSR; 5 value is approximately 0.25. It should be
noted that both the CSR; 5 and SSR values change with D, through the coefficient of
earth pressure atrest (Jaky 1944; K, = 1 — sin¢’; where ¢' is the friction angle). In this
study, it is assumed that ¢’ = 28 + 0.14 D, (Schmertmann 1978).

For simplicity, in this study, the Niigata sand USS was estimated based on
Eq. (7) obtained for Toyoura sand, although some difference may be found in
reality. Figure 5b shows the variation of USS beside z. It can be seen that at a depth
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Fig. 5 Variation of a CSR and SSR; and b USS with depth
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Fig. 6 Variation of a minimum and b maximum normalized shear stresses with depth

of about 6 m, USS increases markedly due to an increase in sand density from
0.246 for loose sand (D, = 30 %) up to 0.433 for (D, = 70 %).

4.2 Evaluation of Wi, and 3,

In Fig. 6, variations along z are reported for both the normalized minimum (1,;,) and
maximum (N,.x) shear stresses. It can be observed that, n,,;, initially decreases up to a
depth of 6 m and then suddenly increases as a consequence of the significant increase
in soil density. In contrast, N, first increases up to a depth of 6 m and then suddenly
decreases according to the substantial increase in soil density. It is worth mentioning
that due to the slope conditions, the stress state is non-symmetrical (i.e., Nmin 7 Nmax)-
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Fig. 7 Comparison between observed and predicted failure behaviors of a very gentle slope in
Ebigase during the 1964 Niigata Earthquake
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For this reason, compared to level ground conditions, where Nyin = Nmax, Much more
severe liquefaction can be expected (Chiaro and Koseki 2013).

5 Prediction of Liquefaction Behavior for Sloped Ground

Figure 7 shows the predictions of liquefaction behavior obtained by using the
proposed simplified procedure for the case of a very gentle slope in Ebigase during
the 1964 Niigata Earthquake (M, = 7.5 and a;,,,x = 0.16g). One can see that under
such severe seismic conditions, severe liquefaction could happen only within the
intermediate loose sandy soil layer, approximately at a depth in-between 3.5 and
6.5 m below the ground surface (soil elements L-2 through L-5). Marginal lique-
faction can be expected for soil elements L-1 (just below the water table) and L-6
(D; = 50 %). On the other hand, for the denser soil elements N-1 and N-2 lique-
faction could not be triggered by the earthquake. These predictions are well in
accordance with the failure behavior observed in the field (Hamada et al. 1994).

6 Conclusions

Prediction of ground failure involving earthquake-induced liquefaction of sloped
sandy deposits is essential for understanding comprehensively the triggers and
consequences of liquefaction. In this paper, an attempt was made to identify the key
factors that govern failure of sandy sloped ground during earthquakes and a
semi-empirical simplified procedure to assess whenever liquefaction or shear failure
may occur within a saturated sandy sloped deposit was presented.

Using the proposed method, the liquefaction-induced failure of a very gentle
sloped ground that occurred in Ebigase (Japan) during the 1964 Niigata Earthquake
My, = 7.5 and ap,.x = 0.16g) was carefully evaluated. Similar to field observation,
predictions confirmed that given the sloped ground conditions, under such strong
earthquake, severe liquefaction could happen only within the intermediate loose
sandy soil layer, approximately at a depth in-between 3.5 and 6.5 m below the
ground surface. On the other hand, for the denser soil elements, liquefaction could
not be triggered by the earthquake.

Despite the number of approximations that can be made in this kind of study
(with regards to determination of soil densities, cyclic and static stress ratios, and
undrained strength in the field), the proposed simplified procedure provides a useful
framework for assessing liquefaction and shear failure of sloped ground in many
practical proposes. Whenever greater accuracy is justified, the method can be
readily supplemented by test data on particular soils or by ground response analysis
to provide evaluations that are more definitive.
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Laboratory Experiments on Seepage
in Liquefied Sand

Tzou-Shin Ueng and Zih-Fang Wang

Abstract For understanding and modelling the behavior of saturated sand before,
during, and after liquefaction, such as drainage, pore pressure build-up and dissi-
pation, and settlement, the permeability of liquefied sand is one of the important soil
properties. Previous researches on evaluating the changes of permeability of liq-
uefied sand during and after liquefaction were proposed based on the assumption of
drainage flow through the liquefied sand or the application of solidification and
consolidation theory. However, these considerations of the water flow and the
movements of soil particles did not truly represent the conditions within the soil
during and after liquefaction, and the results were not well verified. In this study, a
new experimental approach was proposed by combining the simple seepage test
and the liquefaction test to evaluate the water flow within the saturated Vietnam
silica sand before, during, and after liquefaction. The permeability of the sand was
calculated directly from the hydraulic gradient which drove the water flow through
the specimen. Results showed that the critical state of the specimen for sand boiling
can be predicted well by using the Terzaghi’s theoretical equation. The permeability
of liquefied sand during liquefaction was about four times the initial value, while it
reduced to 0.9 times the initial value after full dissipation of the excess pore
pressures.

Keywords Saturated sand - Sand boiling - Liquefaction - Permeability
Hydraulic gradient - Settlement

1 Introduction

There are two situations when the pore water pressure in sand reaches its over-
burden stress resulting in a state that the sand loses grain contacts and its shear
strength. One is sand boiling. Terzaghi and Peck (1967) observed that the soil
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particles begin to be lifted into suspension when the seepage force equals the initial
effective stress in soil. He expressed the critical hydraulic gradient i., as the buoyant
unit weight of soil y’ divided by the unit weight of water vy, i.e., i = Y'/vy.
Skempton and Brogan (1994) conducted a series of piping tests and found that the
critical hydraulic gradient of internally stable soil is consistent with Terzaghi’s
theoretical value. Wang (2012) compared the prediction methods of critical
hydraulic gradient proposed by Terzaghi and Peck (1967), Wu (1980), Liu (1992),
and Zhou et al. (2010) and concluded that Terzaghi’s theoretical equation can
predict well for the critical hydraulic gradient for internally stable soils.

The other situation is soil liquefaction during earthquake. The damage to
structures may be attributed concurrently to the seismic loading and the
post-liquefaction behavior of the liquefied ground. According to Ueng (2006) and
Ueng et al. (2010), test results from large scale 1 g shaking table tests performed at
National Center for Research on Earthquake Engineering (NCREE) indicated that
for a homogeneous soil stratum subjected to seismic loading, the shallower soil is
more susceptible to liquefaction than the deeper soil. Besides, it was found that
significant settlements were induced only when liquefaction occurred, while the
measured settlements were very small when there was no liquefaction.

Ishihara (1994) summarized the results of various predictions for VELACS
model 1 and concluded that the post-liquefaction behavior of liquefied sands is
significantly affected by the soil permeability. Centrifuge tests were conducted
using resistivity measurement by Arulanandan and Sybico (1992) to characterize
the soil structure during and after liquefaction. By applying the Kozeny—Carman
equation to the test results, it was concluded that the coefficient of permeability of
the specimen was increased 67 times its initial value during liquefaction as the
pore shape factor and tortuosity decreased. It was further indicated that the pre-
dicted settlement using the initial permeability of the specimen would be under-
estimated. A modified consolidation theory proposed by Scott (1986) showed the
relation between solidification velocity and permeability of saturated sands. Kim
et al. (2009) combined Scott’s theory with their centrifuge test results and devel-
oped a nonlinear solidification model. It was found that the solidification velocity
increased with the increase of particle size and relative density of the specimens.
Wang et al. (2013) combined the test results of 1-g shaking table tests with the
nonlinear solidification model and consolidation theory, and concluded that the
post-liquefaction behavior can be predicted well by considering the changes of
permeability after liquefaction.

Previous researches on soil liquefaction have found that the behavior of lique-
fiable soils is partly governed by the soil permeability and its changes during and
after seismic loading. However, evaluating on the changes of permeability of lig-
uefied sand during and after liquefaction based on the assumption of drainage flow
through the liquefied sand or the application of solidification and consolidation
theory did not truly represent the conditions within the soil during and after liq-
uefaction. For this reason, a new experimental approach was proposed in this study
by combining seepage and liquefaction tests to directly evaluate the changes of
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permeability of saturated sand during liquefaction. A basic mechanism of soil
responses and water flow during liquefaction was then discussed based on these test
results.

2 Experiment Program

Fine Vietnam silica sand was used for the saturated sand specimens of D, = 40.7 %.
The physical properties of the sand are shown in Table 1. The experimental system
shown in Fig. 1 includes the permeameter containing a sand specimen of 100 mm in
diameter and 500 mm in length, a constant head water supply system, and a data
acquisition system for continuous measurements of water pressure and flow velocity
during the tests. Four pressure transducers, P1, P2, P3, and P4 were installed on the
wall of the permeameter. The test program summarized in Table 2 includes:
(1) simple seepage-induced failure (sand boiling) test; (2) liquefaction test without
seepage; and (3) liquefaction test with seepage. The temperature of water was con-
trolled at 20 °C throughout the tests. For simple seepage-induced failure test, the sand
specimen was subjected to stepwise increased upward flow from the bottom until
sand boiling occurred. Each step of flow increase was applied after both the measured
flow and the water pressures reached the stable values. For liquefaction test with
seepage, a small upward flow was applied prior to the application of vibration to the
sand specimen, and maintained at a constant value throughout the liquefaction test.
Liquefaction of the sand was induced by applying a series of shocks manually using a
rubber hammer. The frequency and duration of the shocks was about 4.5 Hz and 6 s,
respectively. The vibration amplitude was conditioned to induce a liquefied zone
down to a depth between P2 and P3. The excess pore pressures, the flow velocity and
the surface settlements were recorded during the tests. Therefore, the changes of
water pressures and the seepage situations could be observed during the process of
soil liquefaction. Each of the above mentioned tests should be conducted at least
twice for ensuring the repeatability of the test results.

3 Test Results

For the analysis of the test results, the zones of the specimen between P1 and P2, P2
and P3, and P3 and P4 are defined as zone 1, zone 2, and zone 3, respectively. The
thickness of zone 1, zone 2, and zone 3 are 100, 150, and 150 mm, respectively. In

Table 1 Physical properties of fine Vietnam silica sand

Color Particle shape Gy D1y (mm) Dgo (mm) C, €max €min
White Sub-angular 2.65 0.22 0.34 1.545 0.906 0.631
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Fig. 1 Schematic diagram of the experiment system (length in mm)
Table 2 Summary of test program
Test Test series Initial flow velocity, v;
no. (1072 cmi/s)
S Simple seepage-induced failure (sand boiling) -
test
L Liquefaction test without seepage 0
LS1 Liquefaction test with seepage ~2.2

LS2 Liquefaction test with seepage ~1.0
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this study, the pore water pressure changes were recorded by the four pressure
transducers throughout the tests. The excess pore pressures exceeding the initial
hydrostatic pressures at the locations of the four pressure transducers were
expressed in terms of the height of water in mm. When the excess pore pressures at
the locations of P1, P2, P3, and P4 are different, the excess pore pressure head
gradient is defined as

(=123) (1)

where ig; is the excess pore pressure head gradient in zone j, h; is the excess pore
pressure head at pressure transducer P;, and H; is the thickness of zone j. In test S, i,;
is equal to hydraulic gradient i, which induces the upward water flow. However, in
test L and LS, the i.; generated by vibrations with or without water flow may not
necessarily be the driving source of the water flow. Further discussions will be
given in the later sections.

3.1 Simple Seepage-Induced Failure Test

The Terzaghi’s theoretical critical hydraulic gradient of the specimen, i, is 0.92.
Figure 2 shows the relation between the measured flow velocity, v of water flow
through the sand specimen and the corresponding hydraulic gradient, i in test S.
A linear relation between the flow velocity and the hydraulic gradient before the
sand specimen reaches its critical condition was observed. The coefficients of
permeability of the sand specimen in zone 1, zone 2, and zone 3 were about
6.0 X 1072 cm/s. The starting point of the deviation from the linear relation was
defined as the critical state of the specimen. The critical hydraulic gradient in the
three zones ranged from 0.91 to 0.94 with an average critical hydraulic gradient
icrm_ave Of about 0.92, which is almost equal to the i, The specimen began to
expand once it exceeded the critical state. Thereafter, a further increase in the flow
velocity caused a sudden drop of the hydraulic gradient. The peak hydraulic gra-
dient for the failure of the specimen corresponds to the starting point of the
hydraulic gradient drop with increasing flow velocity. The average peak hydraulic
gradient of the three zones, ipcak_avg i about 1.14, which is about 1.2 times the i, ,.
Thereafter, the hydraulic gradient disproportionately decreased with increasing flow
velocity, and significant expansion of the specimen was observed.

3.2 Liquefaction Tests

The time histories of the excess pore pressures measured by the four pressure
transducers in test L is shown in Fig. 3. It was observed that for a homogeneous
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Fig. 3 Time histories of the excess pore pressures in test L

sand column, the soil at shallower depth is more susceptible to liquefaction than the
deeper soil. In such case, the pressure transducers P1 and P2 recorded the response
of the liquefied zone of the sand specimen, while the pressure transducers P3 and P4
recorded the response of the non-liquefied zone of the sand specimen throughout
the tests. The excess pore pressures measured by P1 and P2 in the liquefied zone
maintained about the same value equal to the initial effective stress corresponding to
the depth of P1 and P2 during liquefaction. The excess pore pressure head gradient
in zone 1 during liquefaction i, calculated by Eq. (1) is about 0.92. On the other
hand, the excess pore pressures measured in the non-liquefied zone began to
decrease about the time when the shallower layer liquefied. It was inferred that the
dissipation of the excess pore pressure in the non-liquefied zone during vibration
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may be affected by the changes of permeability in the liquefied zone. Thereafter,
fast dissipations of the excess pore pressures measured in both liquefied and
non-liquefied zone were observed when the vibration stopped.

In test LS, an upward flow velocity of about 1.0 X 1072 cm/s was applied
during the liquefaction tests. The time histories of the excess pore pressures in both
liquefied and non-liquefied zone had the same trend with that observed in test L.
The excess pore pressure head gradient in zone 1 during liquefaction i, calculated
by Eq. (1) is about 0.96.

In test LS2, an upward flow velocity of about 2.2 X 1072 cm/s was applied
during the liquefaction tests. The time histories of the excess pore pressures mea-
sured in the liquefied zone had the same trend with that observed in the test series L.
The excess pore pressure head gradient in zone 1 during liquefaction i, calculated
by Eq. (1) is about 1.00.

In addition, the recorded changes of the locations of the colored sands and the
surface of the sand specimen showed that the settlement of the sand specimen in the
liquefaction tests occurred at the beginning of vibration, continued during the
process of vibration, and ceased about the time when vibration stopped. Significant
settlement was induced only when liquefaction occurred, while almost no settle-
ment was observed in the non-liquefied zone after liquefaction tests. The liquefied
zones in test L, LS1, and LS2 had settlement S; of about 3, 2.5, and 2 mm,
respectively. The S; decreased with the increasing upward flow velocity probably
because the upward flow may hinder the sand particles from sedimentation after
liquefaction. The initial flow velocity v;, the flow velocity during liquefaction vy,
and other results of test L, LS1, and LS2 are summarized in Table 3, some of the
results will be discussed in the later section.

Table 3 Results of the liquefaction tests

Testno. |v; (1072 cm/s) | v (1072 cmfs) | g el i k(1072 cmfs) | kitky | kenafk; | S; (mm)
L-1 0 0 0 0917 |- - - - 3.0
L-2 0 0 0 0915 |- - - - 3.0
L-3 0 0 0 0918 |- - - - -
L_avg 0 0 0 0917 |- - - - 3.0
LS1-1 0.980 0.945 0.168 |0.955 |0.039 |5.818 4214 0912 |25
LS1-2 0.972 0.929 0.160 |0.952 |0.035 |6.093 4356 |0.907 |25
LS1-3 0.965 0.915 0.185 |0.957 |0.041 |5215 4284 0941 |-
LS1-4 0.959 0.981 0.177 |0.955 |0.039 |5.418 4.667 |0.840 |-
LS1_avg | 0.969 0.942 0.172 | 0.955 | 0.038 |5.636 4378 0900 |25
LS2-1 2.139 2.076 0.362 | 1.002 |0.085 |5.913 4.118 |0.878 |20
LS2-2 2297 2.142 0.339 |0.997 |0.080 |6.777 3.938 0934 |20
LS2 avg |2.218 2.109 0.350 | 1.000 |0.083 |6.345 4.022 0908 |20
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4 Permeability of Liquefied Sand

According to the results of the liquefaction tests, it was found that the i.; increased
with the increasing upward flow velocity. In this study, an effective hydraulic
gradient in zone 1 during liquefaction i; is defined as the net source that drives the
upward water flow through the liquefied zone during liquefaction. The i can be
expressed as

I = Tel_1s — lel_L (2)

where i, 1 and i, g are the excess pore pressure head gradients in zone 1 during
liquefaction in tests L and LS, respectively. Under the assumption of the applica-
bility of Darcy’s law, the coefficient of permeability of the liquefied sand during
liquefaction k& can be calculated from the measured flow velocity during lique-
faction v, divided by the effective hydraulic gradient in zone 1 during liquefaction i,
i.e., kl = vl/il'

Figure 4 shows a linear relation between the i, and v; obtained in all of the
liquefaction tests. The k; can then be calculated by combining Eq. (2) and Darcy’s
law or directly obtained from the inverse slope of the linear relation in Fig. 4. In
addition, the coefficients of permeability of the sand specimen before vibration k;
and after excess pore pressure dissipation k.,q were obtained by the constant head
permeability tests. It was found that the k; obtained in the liquefaction tests with
different water flow velocities were all about 4 times the initial values, i.e., k/k; ~ 4.
This also verified that the applied upward water flow in this study did not affect the
changes in the permeability of the sand specimen during liquefaction. Due to the
significant increase of the permeability of the sand, a smaller hydraulic gradient is
required to cause the same upward water flow through the liquefied sand during
liquefaction. Therefore, the i; was only about one fourth of the initial hydraulic
gradient 7;. On the other hand, the coefficients of permeability after full dissipation
of the excess pore pressure in the test series LS were about 0.9 times the initial
values, i.e., kena/k; ® 0.9. This can be attributed to the decrease in the void ratio of
the sand specimen after full dissipation of the excess pore pressure. The changes of
the coefficient of permeability of the sand for all of the liquefaction tests are
summarized in Table 3.

The mechanism of the increase in the permeability of the liquefied sand during
liquefaction can be interpreted by applying Kozeny—Carman equation for the per-
meability of saturated porous media (Kozeny 1927; Carman 1956)

1L \/v\1/[¢&
k=—1[2)= 3
<koT2><u>S% (1+e> )
where k is the coefficient of permeability of the porous media, k is the pore shape

factor, T is the tortuosity factor, y,, is the unit weight of the flowing fluid, 4 is the
viscosity of the flowing fluid, Sy is the wetted surface area per unit volume of
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particles, e is the void ratio of the porous media. A simplified representation of the
tortuosity factor T can be expressed as the mean length of the flow path of the fluid
through the porous media L divided by the distance between the ends of the porous
media C, i.e., T = L/C. Figure 5 shows the schematic diagram of water flow
through the sand at initial and liquefied states. At the initial state of the sand
specimen, the sand particles are contact with each other. The water flow cannot pass
through the contact point in the sand specimen. Thus, the flow path of the water
through the sand specimen L is much longer than the length of the sand specimen C.
During liquefaction of the sand, the sand particles lose their contacts resulting in
shorter path for water to flow through the liquefied sand. The water can more
directly flow through the sand specimen without bypassing the grain contacts.
Therefore, the coefficient of permeability of the sand specimen during liquefaction
increases as the tortuosity of the sand specimen decreases; while it is assumed that
the change in the void ratio of the liquefied sand during liquefaction was negligible.

(@ C " (b) c N
i€ > 1€

L L

Fig. 5 Schematic diagram of water flow through sand specimen at different states. a initial stage,
b liquefied stage
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5 Conclusions

In this study, a new experimental approach was proposed by combining the simple
seepage test with the liquefaction test to directly evaluate the variation of perme-
ability of saturated sand before, during and after liquefaction. Test results of simple
seepage-induced failure tests showed that the critical state of the specimen for sand
boiling can be predicted well by using the Terzaghi’s theoretical equation. As for
liquefaction tests, the permeability of the liquefied sand was found to be about four
times the initial value during liquefaction and it reduced to about 0.9 of the initial
value after full dissipation of the excess pore pressure and complete settlement of
the sand specimen. The sand particles lose their contacts at liquefaction, which
create an easier path for water to flow through the liquefied sand. The coefficient of
permeability of the sand specimen increases as the tortuosity of the sand specimen
decreases during liquefaction. In addition, it was found that significant settlements
were induced only when liquefaction occurred, while almost no settlement were
observed in the non-liquefied zone of the sand specimen after liquefaction tests.
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Effects of Cyclic Triaxial Loading
Rates on Liquefaction Behavior
of Fine-Grained Soils

Ya-Han Hsu, Louis Ge and Meng-Heng Chiang

Abstract Low-plasticity silt has been found susceptible to liquefaction in recent
earthquake reconnaissance. As silt is less permeable than sand, a different excess
pore water pressure dissipation mechanism could take place. This may have an
effect on the cyclic strength at different loading rates, although the influence on
loading rate is neglected in general. According to the ASTM testing standard, a
typical loading rate for cyclic triaxial tests should be set between 2 and 0.1 Hz.
However, it is evident from the test results in this study that various loading rates
lead to different cyclic resistance curves. In this paper, we present a series of
dynamic cyclic triaxial tests on reconstituted silt specimens with silica silt and the
Tieliku silt which is in situ silt under various loading rates. It is concluded that the
low-plasticity silt may be rate-dependent in cyclic triaxial testing.

Keywords Liquefaction - Cyclic triaxial tests - Low-plasticity silt - Loading rate

1 Introduction

Research of soil liquefaction has been carried out extensively on clean sand and
silty sand for decades, which leads to the development of liquefaction potential
assessments (e.g., Seed and Idriss 1982; Andrew and Martin 2000). It is well
accepted in practice that soil is not liquefiable when its fine contents that pass the
US #200 sieve exceed a certain amount. However, from recent earthquake
including 1994 Northridge earthquake and 1999 Chi-Chi earthquake, low-plasticity
silts were found liquefied (Bray and Sancio 2006). These low-plasticity silts are
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classified as not susceptible for liquefaction based on the current criteria, indicating
a further study is needed to understand their liquefaction behaviors.

Fines passing the US #200 sieve consist of silt and clay. Due to their plasticity, it
is believed that they have different impact and contribution to liquefaction. The
liquefaction behaviors of low-plasticity silts have been examined in recent years
(e.g., Bray and Sancio 2006); however, the role of soil plasticity in liquefaction
does not have a consistent explanation yet. In those studies, cyclic triaxial tests are
often conducted in laboratory. The loading rate during cyclic shearing is considered
having a minimum influence on its cyclic resistance for sandy specimens. This may
not be true for relatively less permeable silt and low-plastic silt specimens, and a
further study is desired. In this study, a series of cyclic triaxial tests were carried out
on two types of fine-grained soil, namely silica silts and Tieliku silts, to examine the
impact of loading rates on their cyclic strength.

2 Literature Review

The liquefaction behavior of saturated sands was found insignificantly different
under very low cyclic stress loading rate (Peacock and Seed 1968; Lee and Fitton
1969). It was also found that the loading rates ranging from 1/60 to 1/3 Hz do not
influence the liquefaction behavior of saturated sands (Wong et al. 1975). Similar
findings were also obtained by Yoshimi and Oh-oka (1975) that undrained shear
strengths did not change much under loading rates between 1/6 and 4 Hz. Ohara
et al. (1985) indicated that liquefaction resistance of sand is not influenced by
loading rates ranging from 1 to 5 Hz. On the other hand, the coefficient of per-
meability and the cyclic loading rates have impact on liquefaction resistance under
partially drained conditions (Umehara et al. 1985). With the discussion above, the
effect of cyclic stress loading rates on less permeable low-plasticity silty specimens
remains unclear.

3 Experimental Program

Two groups of tests were performed in this research. The first part was the physical
properties of silica silt and Tieliku silt including hydrometer analysis, specific
gravity, maximum and minimum void ratio, liquid and plastic limits of Atterberg
limits test. The test results are shown in Table 1 and Fig. 1, respectively. It is noted
that silica silt is classified as low-plastic silt (ML) while the Tieliku silt is
low-plastic clay (CL) in Unified Soil Classification System (USCS).

The second part of the tests was the cyclic triaxial tests with reconstituted soil
specimens. The initial void ratio of each specimen was kept as 0.86. Also, each test
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Table 1 Physical properties of silica silt and Tieliku silt
Soil Specific | Maximum Minimum Liquid |Plastic |Plastic |USCS
type gravity void ratio void ratio limit limit index classification
(Gy) (€max) (€min) (LL) (PL) (PT)
Silica 2.65 1.65 0.51 26 NP NP ML
silt
Tieliku | 2.70 1.48 0.77 29 21 8 CL
silt
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Fig. 1 Particle-size distribution curves for silica silt and Tieliku silt

Table 2 Triaxial permeability test results

Specimen Plasticity index (PI) Permeability (cm/s)
Silica silt NP 1.55 % 1073
Tieliku silt 8 4.07 x 107*

was conducted with an effective confining pressure of 80 kPa. The cyclic shear
loading rates for silica silt specimens included 1, 0.2, 0.1, and 0.01 Hz, respec-
tively. Likewise, the loading rates for Tieliku specimens were 1, 0.1, and 0.01 Hz.
The permeability of three types of specimens from triaxial permeability tests are

shown in Table 2.
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4 Test Results

Y.-H. Hsu et al.

4.1 Effect of Loading Rates to Cyclic Strength of Silica Silt

The coefficient of permeability of silica silt specimen measured through the triaxial
permeability test was 1.55 X 107> cm/s, which is about the same as the one of
typical sandy soils. Table 3 shows the number of load cycles of triaxial cyclic tests
at different loading rates for the silica silt. The corresponding data points shown in
Fig. 2 lead to a single liquefaction resistance curve. This indicates that the loading
rates do not have significant influence on the cyclic strength of silica silt specimens.

Table 3 Cyclic triaxial test results for silica silt specimens

Loading rate (Hz) | Test number | Cyclic stress R ratio | Number of load cycles to reach
zero effective stress
1 QPSI11 0.136 10.2
1 QPS12 0.132 13.1
1 QPS13 0.116 22.1
1 QPS14 0.087 40.1
0.2 QPS15 0.138 11.1
0.1 QPS16 0.135 13.0
0.1 QPS17 0.149 5.1
0.01 QPS18 0.145 6.0

Note Each specimen controlled the initial void ratio of 0.86, and the effective confining pressure of

80 kPa
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Fig. 2 Relationship between cyclic stress ratio and number of load cycles for silica silt specimen
at various loading rates
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4.2 Effect of Loading Rates to Cyclic Strength of Tieliku Silt

Table 4 summarizes the cyclic triaxial test results on Tieliku silt specimens with a
PI of 8. As shown in Fig. 3, it indicates that the loading rates have a major influence
on the cyclic strength of Tieliku silt. At the same cyclic stress ratio, the higher
loading rate was applied, the stronger the specimen exhibited. There was a trend
that with the increasing of the loading rate, the cyclic strength is getting higher as
shown in Fig. 4.

Table 4 Cyclic triaxial test results for Tieliku silt specimens

Loading rate (Hz) | Test number | Cyclic stress R ratio | Number of load cycles to reach
zero effective stress
1 TLKC25F 0.173 57.3
1 TLKC25G 0.149 142.3
0.1 TLKC25A 0.198 12.7
0.1 TLKC25B 0.193 15.2
0.1 TLKC25C 0.175 222
0.1 TLKC25D 0.172 31.2
0.1 TLKC25E 0.168 243
0.01 TLKC25F 0.173 21.1

Note Each specimen controlled the initial void ratio of 0.86, and the effective confining pressure of
80 kPa

Fig_ 3 Re]ationship between 091 pddsndnia padd s i
cyclic stress ratio and number : (D) I!::f:” g'::é:‘i'z
. . . : ieliku Silt, 0.

of load cycles for Tieliku silt ~ 0.2 foekesiiiniidiiiin A Tieliku St 0.01Hz |-
specimen at various loading % 3
rates 82,049 borreeXmerrinnersnd e spnsssonsnarssens Snpenscansamnanaspansasase

o

b

o 0.18

@

£ o7

w2

g

o 016

5

O

0.15 :
0 50 100 150

Number of Cycles ()



160 Y.-H. Hsu et al.

Fig. 4 Relationship between
number of load cycles and
loading rates for Tieliku silt
specimen

Number of Cycles ()

Frequency (Hz)

5 Discussion and Conclusion

From the test results of this study, there was only a single liquefaction resistance
curve of silica silt at various loading rates. It indicated that the loading rates do not
have significant influence on the cyclic strength of silica silt. In contrast to silica
silt, the liquefaction resistance curves of Tieliku silt will be dominated by loading
rates. This result indicates that the loading rates have a major influence on the cyclic
strength of Tieliku silt.

The coefficient of permeability is likely to be a primary factor to exhibit different
trends of test results at various loading rates. The coefficient of permeability of
silica silt specimen is about the same as the one of typical sandy soils. That is to
say, silica silt is a permeable soil, so the influence of loading rate on its cyclic
strength is insignificant. The Tieliku silt is different from silica silt. The coefficient
of permeability of Tieliku silt is about one-fourth of silica silt, which makes that the
loading rate has significant impact.

It is concluded that the loading rates have a minimum effect on the cyclic
strength of permeable silica silt, while the loading rates have a significant influence
on the cyclic strength of less permeable Tieliku silt. Moreover, the cyclic shear
strength of the Tieliku silt is proportional to the loading rates.
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Effect of Gravel Content on Saturated
Hydraulic Conductivity in Sand

Tsung-Yuan Wang, Li-Ling Lin and Yi-Zhi Tsai

Abstract The influence of the gravel content of gravelly soils on their hydraulic
conductivity was studied. The experiment samples with volume percentage of
gravel from O to 50 % were tested using constant head tests to measure the saturated
hydraulic conductivity. Generally, the saturated hydraulic conductivity is positively
correlated to the volume percentage of gravel. Moreover, the ratio of macroporosity
to total porosity is increased with increasing gravel content. That is, the saturated
hydraulic conductivity of gravelly soils is positively correlated to the ratio of
macroporosity to total porosity.

Keywords Volume percentage of gravel content - Macroporosity - The ratio of
macroporosity to total porosity f* - Debris flow - Porosity

1 Introduction

The occurrences of debris flows were common during the rainy season in Taiwan.
Great efforts were devoted to reduce the risk of debris flows. Soil hydraulic con-
ductivity is one of the critical factors of the value of hydraulic conductivity. The
texture of soils influent is permeable or not (Klute and Dirksen 1986). For
impermeable soils, the runoff will easily increase. Contrary, the pore pressure will
easily develop if the soils are permeable and the debris could become unstable.

If the rain is hard to infiltrate to soil, it would become runoff and takes the rock
and soil away on soil surface. However, if the rain infiltrates easily, the soil mass
becomes heavy and leads to collapse.
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The heterogeneous soil included rocks, roots, insects, and so on. That would
influence the value of hydraulic conductivity. However, the laboratory experiment
is hard to reappear field situation Therefore, this research is focused on how the
gravel content influences the saturated hydraulic conductivity.

2 Materials and Methods

2.1 Experiment Design

The studied soils were sampled from Happen Nature Reserve and it crosses the
Wulai Township and Yuanshan Township, Taipei Taiwan. The sand properties are
shown in Table 1.

The diameter of gravel used in this research was between 3.175 and 3.35 mm
and the density of gravel was 2.83 g/cm’. In order to figure out the relationship
between the volume percentage of gravel and saturated hydraulic conductivity, we
used several volume percentage of gravel about 0, 5, 15, 30, 40, 50 % and used
gravel density and soil column volume to calculate the weight of gravel the
experiment need.

And the soil bulk density was 1.45 g/cm®. We restricted soil bulk density at
1.45 g/cm?® in order to make sure that the total soil column bulk density was only
influenced by the gravel we added.

The texture of column we used was Acrylic and its height is 3 cm, with a
diameter 4.865 cm and the volume 55.77 cm’.

In order to pack the gravel into soil column homogeneously, we speared out the
sand soil on a plate and put the gravel on the surface randomly. Also, we used small
spoon to sprinkle the soil and gravel into the column and compacted with thin
layers (Oliviera et al. 1996).

The constant head measurement system design showed in Fig. 1 (Tsai 2011). To
ensure the soil column fully saturated, we raised the hydraulic head three times and
waited about an hour to wash out the air in the pores.

According to communicating tube rule and Darcy’s Law, we measured the water
volume that flowed out from the soil column in unit time, and calculated saturated
hydraulic conductivity of columns by Darcy law.

Table 1 The properties of soil and added gravel

Soil sample Sand Silt Clay Soil Particle density Gravel
(%) (%) (%) texture (g/cm3) diameter (mm)

Happen nature 89.23 6.57 4.20 Sand 2.74 3.175-3.35
reserve
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Fig. 1 Constant head Sink
measurement tests for i_v:‘
measuring the soil hydraulic
conductivity
" [
H;
i

2.2 Calculation of Saturated Hydraulic Conductivity, Total
Porosity, Macroporosity, the Ratio of Macroporosity
to Total Porosity

2.2.1 Saturated Hydraulic Conductivity

The hydraulic conductivity can be calculated based on Darcys Law (Darcy 1856) as
follows:

. OxL
7 AHxA (1)

where K (cm/h) is saturated hydraulic conductivity. Q(cm3 /h) is flow rate, L(cm) is
the length of soil column, A is cross-sectional area of soil column, AH(cm) is
hydraulic head difference. And flow rate Q is given by (2)

0=V/ )

where V is flow volume (cm?), 7 is flow time(h). We can get saturated hydraulic
conductivity value by measuring the volume of flow and calculated by (2).

2.2.2 Total Porosity, Macroporosity, and the Ratio of Macroporosity
to Total Porosity

The decreasing total porosity was not the main factor of decreasing saturated hydraulic
conductivity but the influence of macroporosity was much important (Wann 1968).

Although total porosity was not the main influence of saturated hydraulic con-
ductivity, it affected the moisture content of saturated soil (Hillel 1980, Wann
1987). In addition, macroporosity is a part of total porosity. Hence total porosity is
an important factor.
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Macroporosity is the ratio of the volume of macropores to the total volume,
where macropores mean the volume of pores inside the soil column which are
unable to keep the water under the influence of gravity. The formula is written as

Vvl/3bar)/vl _ Vina

fma B ( pw Vt

3)

where fpa(cm?/cm?) is macroporosity, Wi /35, (g) is the water weight that the
column drained under the pressure at 1/3 bar, p,(g/cm?®) is water density,
Vima(cm?) is the volume of macropores.

By pressure plate drainage experiment (Lin and Dong 1996), put the saturated
column into pressure pot and keep the pressure under 1/3 bar and wait about 2—
3 days. After three days, weigh the column. Wy 3y, is saturated column weight minus
the column weight under 1/3 bar And we can get macroporosity value by formula (3).

The ratio of macroporosity to total porosity f* is macroporosity divided by total
porosity and is given by formula (4)

f*:J%xlOO% (4)

3 Results and Discussion

3.1 The Relationship Between Volume Percentage of Gravel
and Macroporosity

The bulk densities, porosities, and permeability of the soil columns with different
gravel content are showed in Table 2. Because the gravels replace the sand soil, the
weight of column increased. Therefore the bulk density increased.

The gravel is a low-level weathered structure. There are no pores in gravels. So
the total porosity decreased when the gravels pack into the column (Table 2).

Table 2 Gravel contents and its porosities

Volume Bulk Total Macroporosity. The ratio of The saturated
percentage density porosity Jima (%) macroporosity hydraulic

of gravel (g/em?) f (%) to total porosity | conductivity
(%) f* (%) (cm/h)

0 1.45 39.65 21.93 55.31 43.52

5 1.52 38.46 24.64 64.07 33.12

15 1.66 32.16 19.90 61.87 46.75

30 1.86 30.52 19.81 64.90 51.17

40 2.00 28.74 20.48 71.26 91.20

50 2.14 29.79 22.16 74.39 120.37
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Fig. 3 The relationship between the volume percentage of gravel and the ratio of macroporosity
to total porosity

The macroporosity is kept in a constant value about 20 %, shown in Fig. 2. We
speculated that the diameter of gravel this research used (3.175-3.35 mm) is close
to the boundary between the sand and gravel (2 mm), and we packed the column
homogeneously, that causes the sand filled into the macropores. In the other hand,
when the gravel is added, macropores will increase. That the reason why macro-
porosity does not increase.

Figure 3 showed that with the increasing gravel content, the ratio of the
macroporosity to the total porosity f* is increased. It indicated that although the
total pores decreased with the gravels added, the macropores still increased slightly.
Therefore the macroporosity has a constant value (Fig. 2).

3.2 The Relationship Between Saturated Hydraulic
Conductivity, Macroporosity, and Gravel Content

From Figs. 3 and 4, we can observe that the f* and saturated hydraulic conductivity
is positively correlated with volume percentage of gravel. That is, the saturated
hydraulic conductivity of the tested samples is increased with increasing f*. It also
indicated that the increased macropores lead to the increase in saturated hydraulic
conductivity, as shown in Fig. 5.
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Fig. 5 The relationship between volume percentage of gravel and saturated hydraulic
conductivity

4 Conclusion

Soil contains gravel will affect saturated hydraulic conductivity, and it is positively
correlated with the volume percentage of gravel, meaning that with the higher
percentage of gravel, saturated hydraulic conductivity is an increasing trend.

When the soil mixed with the gravel, the bulk density increased, the total
porosity decreased, but f* increased. It means that the increasing volume percentage
of gravel comes with the f* increased.

Therefore, the volume percentage of gravel increased leading to f* increased,
and the saturated hydraulic conductivity increased too.
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Effects of Overconsolidation, Cement
Stabilisation, and Unsaturation

on the Liquefaction Resistance

of Urayasu Sand

Shotaro Hagiwara, Yoshimichi Tsukamoto and Shohei Kawabe

Abstract Following the 2011 Great East Japan Earthquake and its aftershocks, soil
liquefaction and associated phenomena have been widely observed at reclaimed
lands along Tokyo bay. Enormous amounts of sand boils were erupted in the city of
Urayasu. It is known that the fines content of reclaimed liquefiable soils in Urayasu
city varies significantly from 10 to 40-50 %. In the present study, the soil sample
erupted as sand boils was retrieved from the city of Urayasu, and multiple series of
saturated undrained cyclic triaxial tests are conducted to obtain the liquefaction
resistance of fines-containing sand and clean sand without fines. The physical
effects of overconsolidation as well as the chemical effects of loosely mixed cement
stabilisation are especially examined. In addition, a series of unsaturated undrained
cyclic triaxial tests are conducted to obtain the cyclic resistance of fines-containing
sand as well as clean sand without fines. The effects of fines on the cyclic resistance
of unsaturated Urayasu sand are examined. The effects of overconsolidation,
loosely mixed cement stabilisation and unsaturation on the liquefaction resistance
of Urayasu sand are then compared and discussed in detail.
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1 Introduction

Following the 2011 Great East Japan Earthquake and its aftershocks, soil lique-
faction and associated phenomena have been widely observed at reclaimed lands
along Tokyo bay (Yasuda et al. 2012). Enormous amounts of sand boils were
erupted in the city of Urayasu in Chiba. It is known that the fines content of
reclaimed liquefiable soils in Urayasu city varies significantly from 10 to 40-50 %.
There can be several methods to improve the susceptibility of soils to liquefaction.
One method is certainly to physically increase the liquefaction resistance of soils by
densification. Another method is to chemically improve it by cement stabilisation.
There can be another method to improve it by making soils unsaturated. Such
physical effects can be achieved in laboratory triaxial tests by overconsolidating
triaxial specimens during consolidation, while chemical effects can be achieved by
loosely mixing soil samples with cement.

In the present study, the soil sample erupted as sand boils in the city of Urayasu
was retrieved, and a series of overconsolidated triaxial soil specimens as well as
loosely cemented triaxial soil specimens are prepared. Multiple series of saturated
undrained cyclic triaxial tests are then conducted to obtain the liquefaction resis-
tance of Urayasu sand. In addition, another series of unsaturated undrained cyclic
triaxial tests are conducted to examine the cyclic resistance of fines-containing
Urayasu sand as well as clean sand without fines. The effects of fines on the cyclic
resistance of unsaturated Urayasu sand are then examined.

2 Soil Samples and Liquefaction Resistance

Two soil samples of Urayasu sand are prepared. One sample is a silty sand con-
taining fines of F, = 40.1 %. The other sample is clean sand prepared by excluding
fines, and therefore contains no fines. The physical properties and grain size dis-
tributions of the two soil samples thus prepared are shown in Table 1 and Fig. 1. For
the silty sand sample with a fines content of F, = 40.1 %, the soil specimens with
relative densities of D, = 80 and 60 % are prepared by the method of wet tamping.
For the clean sand sample with F, = 0 %, the soil specimens with a relative density
of D, = 80 % are also prepared by the method of wet tamping. A series of saturated
and isotropically consolidated undrained cyclic triaxial tests are then conducted.
The test results for the silty sand and clean sand specimens are shown in Figs. 2
and 3, in the plots of effective stress path, p'—q, and deviator stress g—axial strain &,.

Table 1 Physical properties Fines content F, (%) 40.1 0
of Urayasu sand Specific gravity, p, (g/cm®) 2.71 2.70
Maximum void ratio e,y 1.45 1.46

Minimum void ratio e, 0.85 0.89
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It is found in the results of silty sand that the excess pore pressure tends to develop
more progressively than clean sand. It is also found for silty sand that after
achieving the phase of cyclic mobility, the axial strain tends to develop towards
extension as well as compression. On the other hand, for clean sand, the
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development of axial strain towards compression tends to be suppressed and it tends
to develop towards extension only. The plots of cyclic stress ratio, 64/(26",), against
number of cycles N. necessary to cause the double amplitude axial strain of
DAg, =5 % are summarised in Fig. 4. It is typical to see that the liquefaction
resistance for laboratory constituted clean sand is greater than that for silty sand.

3 Physical Effects of Overconsolidation

In order to achieve different degrees of overconsolidation in laboratory triaxial soil
specimens, different consolidation stress histories are applied as shown in Fig. 5.
The soil sample used herein is a silty sand with F, = 40.1 %. All the soil specimens
are first isotropically consolidated to o', = 100 kPa, with the relative density of
D, = 80-85 %. For the soil specimens denoted with OCR = 1.2, all round isotropic
consolidation stress ¢, is increased up to 120 kPa, and then reduced down to
100 kPa. For the soil specimens denoted with OCR = 1.5 and 2, all round isotropic
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Fig. 6 Results of undrained cyclic triaxial test, (Urayasu sand, F.=40.1 %, D, =80 %,
OCR = 1.5), a effective stress path p'—¢, b deviator stress g—axial strain g,

consolidation stress ¢', is increased up to 150, and 200 kPa, respectively, and then
reduced down to 100 kPa. It is therefore appropriate to point out that the effects of
overconsolidation adopted in the present study apparently includes the rearrange-
ment of soil particles within soil fabric structures, as well as the changes in the void
ratio during all round isotropic overconsolidation stress history.

The test results for the soil specimens with OCR = 1.5 are shown in Fig. 6. It is
found that the development of excess pore pressure in the overconsolidated silty
sand tends to be suppressed compared with the normally consolidated silty sand
shown in Fig. 2. It is also found that it is after achieving the phase of cyclic
mobility that the axial strain tends to develop towards extension as well as com-
pression. The plots of cyclic stress ratio, 64/(26',), against number of cycles N,
necessary to cause the double amplitude axial strain of DAg, = 5 % are summarised
in Fig. 7. It is seen that the liquefaction resistance tends to increase after the value
of OCR becomes larger than 1.5.
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4 Chemical Effects of Loose Cement Stabilisation

Two series of loosely cemented silty sand are prepared in the present study. The soil
sample used herein is also a silty sand with F. = 40.1 %. The cement agent used is
the ultra microfine cement having an average particle size of 1 micron. The ratios of
water to cement content, w/c, are controlled, and the soil specimens with the
relative density of D, = 80 % and values of w/c = 1170 % and 2340 % are pre-
pared and left for a period of one month for underwater curing.

The test results for the soil specimens with w/c = 1170 % are shown in Fig. 8. It
is found that the development of excess pore pressure in the loosely cemented silty
sand tends to be less suppressed compared with the overconsolidated silty sand
shown in Fig. 6. The plots of cyclic stress ratio, 64/(26',), against number of cycles
N, necessary to cause the double amplitude axial strain of DAg, = 5 % are sum-
marised in Fig. 9. It is seen that the loosest cement stabilisation with w/c = 2340 %
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does not improve the liquefaction resistance, and it is when the value of w/c be-
comes 1170 % that the liquefaction resistance clearly increases.

5 Effects of Unsaturation

Another series of unsaturated cyclic triaxial tests are conducted. The two soil
samples of silty sand and clean sand are used. The triaxial apparatus specially
equipped for testing unsaturated soil specimens is used, which can control and
monitor the pore air pressure through glass fibre papers, and also the pore water
pressure through a ceramic disk. The soil specimens are prepared by the method of
wet tamping and isotropically consolidated to 50 kPa. During the process of con-
solidation, the pore air pressure is left under ambient pressure, and the negative pore
water pressure is gradually introduced into the soil specimens. The soil specimens
with D, = 60 % and S; = 70 % are eventually prepared. Cyclic triaxial tests are
then conducted with pore water and pore air valves closed. Herein, the remotely
controlled solenoid valve is introduced for a pore air valve and placed close to the
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top of soil specimens to reduce the effects of compressibility of air contained in the
pore air tube.

The test results for silty sand and clean sand are shown in Figs. 10 and 11. It is
found for clean sand that the volumetric strain tends to develop towards compres-
sion, which then contributes to the development of excess pore air pressure u,,
leading to the reduction in the effective mean stress p’ = p — u,, where p is the mean
stress, p = (0, + 20y,)/3. Therefore, the effective stress path for clean sand easily
touches upon the failure envelope, so develops more progressively the axial strain.

6 Comparisons of Improved Liquefaction Resistance

The effects of overconsolidation, loosely mixed cement stabilisation and unsatu-
ration on the liquefaction (cyclic) resistance of Urayasu silty sand are compared as
shown in Fig. 12, in the plots of liquefaction resistance against the values of OCR,
c/w and S,, respectively. Herein, the liquefaction resistance for saturated sands as
well as the cyclic resistance for unsaturated sands, 64,/(20',), are determined as the
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Fig. 12 Plots of liquefaction resistance 64,/(26',) against a overconsolidation OCR, b ratio of
cement to water content ¢/w, ¢ degree of saturation S,

cyclic stress ratio, 64/(26',), necessary to cause the double amplitude axial strain of
DAg, = 5 % at the number of cycles equal to N, = 20. In the ranges of values of
OCR, c/w and S, adopted in the present study, the cyclic resistance increases
significantly for unsaturated Urayasu silty sand.

7 Conclusions

The effects of overconsolidation, loosely mixed cement stabilisation and unsatu-
ration on the liquefaction resistance of Urayasu silty sand were examined based on
the results of laboratory traixial tests. Those physical and chemical effects are found
to improve the liquefaction resistance substantially, though the effects of unsatu-
ration significantly increase the cyclic resistance.
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Loessial Landslides Induced
by the Minxian—Zhangxian Ms6.6
Earthquake of China in 2013

L.M. Wang, Q. Wang, Z.J. Wu and A.L. Che

Abstract The characteristics of the loessial landslides induced by the Minxian—
Zhangxian 6.6 earthquake, Gansu province, China in 2013 were studied based on
field investigation, laboratory tests and analysis. The influence of heavy rainfall
before the earthquake on seismic safety of loessial slopes was analyzed. The
mechanism of a large scale of loessial landslide in Yongguang village triggered by
liquefaction during the shaking, which killed 12 people, was revealed. Moreover,
the method of evaluating the maximum sliding distance of loessial slopes under the
effect of earthquakes was provided based on the data on 86 loessial landslides
induced by earthquakes. Furthermore, the strategy of preventing and mitigating
disasters caused by seismic loessial landslides was proposed.

Keywords Loess - Landslide - Earthquake - Rainfall - Mechanism - Sliding
distance evaluation

1 Introduction

A strong earthquake with a magnitude of Ms6.6 occurred in the boundary between
Minxian county and Zhangxian county in Gansu province, China on July 22, 2013,
which caused 95 people dead, 2414 people injured and an economic loss of more
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than US$5 billon. The earthquake-affected area is located in the junction of the
Loess Plateau, Qinghai—Tibet Plateau and Qinling Mountains. Totally there were at
least 2330 landslides triggered by the earthquake, of which more than 600 land-
slides and collapses occurred in loessial deposit. These landslides buried villages,
blocked roads and damaged power supply and communication cables (Wang and
Wu 2013; Xu et al. 2013).

Loess is a special porous soil with weak cohesion. It widely distributed in north
China, especially in the Loess Plateau of China, where loess deposited in different
periods during the quaternary (Q1, Q2, Q3, and Q4) with a thickness ranging from
tens of meters to more than 500 m, and strong earthquakes occur frequently.
Loessial landslides are one of major geotechnical disasters in the Loess Plateau of
China. They are mainly caused by rainfall and earthquake, which caused more than
1 million people death and inestimable economic loss (Wang et al. 2003).

In this paper, the distribution and characteristics of the earthquake-induced
landslides were introduced. The large-scale loessial landslide in Yongguang village
was investigated. Dynamic triaxial liquefaction tests on the loess samples taken
from the Yongguang village were performed. Based on the test results and field
investigation, the mechanism of the loessial landslide in Yongguang village was
analyzed. Meanwhile, a method of evaluating the maximum sliding distance of
loessial slopes under the effect of earthquakes was provided. Furthermore, a
strategy for preventing and mitigating disasters caused by seismic loessial land-
slides was proposed.

2 Field Investigation, Laboratory Tests, and Analysis

2.1 Field Investigation of the Loessial Landslides

The intensity in the meizoseismal zone of the earthquake is VIII degree in a shape
of oval along the seismic fault with the long axis of 40 km and short axis of 21 km.
For VII degree intensity zone, the long axis is 87 km and short axis 59 km. The
area with seismic intensity of VI-VIII is 16,432 km?, which is mainly located in a
loessial mountainous region of southwestern Loess Plateau with an elevation of
2207-3340 m. Disastrous landslides have developed in loessial deposit, including
soil sliding, collapse and mudflow. The dense area of landslides, 30 km long and
8 km wide, is located in zones of VIII and VII seismic intensity along the seismic
fault (Fig. 1). Most of the landslides were triggered by PGA of 0.12-0.2 g in the
area with the elevation of 2400-2600 m and a slope angle of 10°-20°. Loessial
landslides and disasters caused by landslides is shown in Fig. 2.

A large-scale mudflow with a volume of 420,000 m> was induced in liquefied
loessial deposit of Q3 during the earthquake, which killed 12 people in Yongguang
village, Minxian County. The mudflow, which was 100 m wide and 30 m thick slid
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Fig. 1 Distribution of landslides induced by the Minxian—Zhangxian 6.6 earthquake

Fig. 2 Loessial landslides and destroyed houses by landslides during the Minxian—Zhangxian 6.6
earthquake

for 1 km long along a valley with an average slope of 18° shown in Fig. 3. A spring
was found in the back edge of landslide, which had almost saturated the slope soil
due to persistent rainfall before the earthquake. Liquefaction developed in loess
deposit with high water content during the earthquake. Liquefied loessial deposit
flowed easily along a valley under the effect of shaking and gravity.
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Fig. 3 The landslide in Yongguang village, Minxian County. a The aerial image. b The main
body. ¢ Mudflow

2.2 Laboratory Test

2.2.1 Samples and Apparatus

The loess samples were taken from different sites within the loessial landslide in
Yongguang village. All of the samples are Malan loess formed in Quaternary period
(Q3). The physical parameters are shown in Table 1.

A hollow cyclic apparatus typed WF-12440 was used to perform the dynamic
triaxial test on the loessial specimens.

Table 1 Parameters of loess

Sample p (g/cm3) Pd (g/cm3) o (%) e
samples

YG-2 2.01 1.61 24.53 0.683
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2.2.2 Test Methods (Li 1990)

The test methods followed the Chinese code “Specification of soil test
(SL237-1999).” The loessial specimens are cylindrical in shape with 50 mm
diameter and 100 mm height. The back pressure method was used to saturate the
specimens, which may saturate loessial specimens with a saturation degree of more
than 90 % with the residual strain less than 1 %. The saturation specimens were
consolidated isotropically under consolidation stress of 138 kPa, which simulates
the overburden pressure. After finishing the consolidation, the dynamic loading of
equivalent sinusoidal wave with 1 Hz frequency was applied on the specimens.

Based on the previous study carried by the authors, two standards of loess
liquefaction failure were proposed: if the pore water pressure ratio Ug/cg = 0.7, or
Ug/og 2 0.2 and the axial strain g4 2 3 %, the saturated loess may liquefy (Wang
et al. 2000, 2011). In this paper, we adopted the second standard because the pore
pressure ratio of 0.7 cannot be easily achieved for saturated loess.

2.2.3 Test Results

Dynamic triaxial test results are shown in Figs. 4 and 5. Figure 4 is the relationship
between the dynamic stress and the dynamic strain of the loess. As seen in the
figure, the dynamic strain &4 and the area of hysteresis loop increase with the
increase of cyclic number. The liquefaction process of the loess developed in three
stages which are viscoelastic-plastic, viscous-plastic and plastic. In addition,
attenuation of the dynamic stress occurred in viscous-plastic and plastic stage.
These phenomenons indicate that the saturated loess was sticky when the seismic
loading action ended.

Pore water pressure and dynamic strain are the most important indexes to
determine the onset of soil liquefaction (Wang et al. 2012). When it comes to
liquefaction of sandy soil, pore pressure which comes up to the level of effective
confining pressure proves that liquefaction occurs. At this point, the dynamic strain
of the sandy soil increase rapidly and the liquefied damage occurred, as shown in
Fig. 5a. However, a number of studies have suggested that pore water pressure of
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Fig. 5 The development of pore pressure in sandy specimens (Tianshui) and the loess specimen
(Yongguang). a Sandy specimens. b Loess specimen

structural loess cannot reach the effective confining pressure due to the dissipation
effect caused by dissolution of the water-resisting and cementing material of small
or medium-sized closed pore. The pore water pressure in structural loess is just as
much as 0.2-0.7 times of the ordinary sand. The development of pore pressure in
the test is shown in Fig. 5b, in which the pore pressure also increases with the
increase in cyclic times. However, It rises slowly in the beginning and then shows
accelerated growth with increase of cyclic times. The pore pressure ratio reaches
0.22 when the dynamic strain of the sample reaches to 3 %, at which the specimen
was failure. The test result shown that loess deposit was partly liquefied under the
effect of the Mixian—Zhangxian 6.6 earthquake.

2.3 Mechanism of the Landslides

2.3.1 The Coupling Effect of Rainfall and Earthquake

The climate in the earthquake-affected region is cold and damp with an annual
rainfall of 596.5 mm. Before the earthquake, it had been raining for several days
and there was a rainfall of 6.6 mm in the evening just before the earthquake
(Fig. 6). Water content in loessial deposit increased to 24.53 %, which is higher
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Fig. 6 Rainfall in the day before earthquake and the mean data of rainfall (from Dingxi Weather
Bureau). a Rainfall in July 21st and July 22nd, 2013. b The mean data
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than its plastic limit and less than its liquid limit, which could make the shear
strength of loess to decrease by 50 % and the stability of slopes to become worse
dramatically based on the author’s study (Wang et al. 2003). The back analysis
shown that the slope produced a large horizontal displacement under the effect of
the earthquake, the maximum displacement of 80 cm occurred at the top and the
foot of the slope. It was the coupling effect of rainfall and earthquake that caused so
many landslides.

2.3.2 The Influence of Liquefaction

Since 1989, many field surveys and laboratory test results show that loess with high
water content could be able to produce the phenomenon of liquefaction under the
impact of dynamic load (Ishihara et al. 1990; She et al. 2002; Hu and Han 2009;
Deng et al. 2012). As mentioned, it has been raining for several days in the region
before the earthquake. Soil deposit became saturated after the continuous light
rainfalls. Under the effect of the earthquake, excess pore water pressure developed,
and then the effective pressure reduced with increase of excess pore pressure.
When the ratio of pore pressure reached 0.2, the residual strain of the loess reached
3 %, the loess liquefied. Some of the micropores were destroyed and the particles of
the soil were rearranged. Meanwhile, the stability of slopes was dramatically
weakened due to the decrease of effective stress of the soil. Consequently, the
loessial slope lost its stability and the liquefied soil mass flowed down for about
1 km along the valley.

3 Evaluation of the Maximum Sliding Distance

Evaluation of the maximum sliding distance of seismic loessial landslide could
ascertain the endangered scope and put forward suggestion for the prevention. We
found that the factors such as seismic intensity, relative altitude, slope angle, unit
weight, internal cohesion and internal friction angle have an predominate influence
on the safety factor of the loessial slopes based on field geological survey, mea-
suring, in situ and laboratory tests (Wang et al. 2003). In this study, fuzzy infor-
mation model (Griffiths and Lane 1999) was used by the authors for calculating
sliding distance of seismic loessial landslides. Based on 93 seismic loessial land-
slides caused by the Tianshui South M8.0 earthquake in 1654, the Tong Wei M7.5
earthquake in 1718, the Haiyuan M8.5 earthquake in 1920 and the Gulang MS8.0
earthquake in 1927, China, fuzzy information matrix was developed. The slope
angle, the relative altitude and the seismic intensity was taken as the arguments for
evaluating the maximum sliding distance of loessial seismic landslide. The key
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Fig. 7 Results of evaluation of the maximum sliding distance by using different methods

steps of the calculation are information distribution, information diffusion, infor-
mation integration and error verification.

By comparing with other methods such as experience method, Scheidegger’s
method and Kukosho’s method, the sliding distance evaluated by Fuzzy informa-
tion model method (FIM) is more coincident with the cases of seismic loessial
landslides (Makdisi and Seed 1978; Carro 2003; Kokusho 2009), as shown in
Fig. 7.

4 Strategy of Preventing and Mitigating Seismic
Landslides Disasters

Loessial landslides are one of major disasters in the Loess Plateau of China. The
strategy of preventing and mitigating disasters caused by the landslides proposed by
the authors has been adopted in Specification for Seismic Design of Building in
Gansu province issued in 2012. In this code, microzonation map of seismic loessial
landslides for Lanzhou City, Tianshui City and Qingyang City with two exceedance
probabilities of 10 and 2 % in 50 years were compiled for land use planing and
major projects planing. Figure 8 shows the microzonation map of loessial land-
slides for Tianshui City, the landslide hazard are divided into three levels as stable,
relatively stable and unstable. The relatively stable and unstable slopes are strongly
suggested to be reinforced to be safe for an engineering project. For all slopes, a
building should be 5 times of slope height away from the top edge of a slope and
1.5-2.5 times of slope height away from the foot of a slope according to the
provincial specification.
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Fig. 8 Microzonation map of seismic loessial landslides for Tianshui City (Committee of experts
on Architectural Technology of Gansu province, China 2011). a Exceedance probabilities of 2 %
in 50 years. b Exceedance probabilities of 10 % in 50 years

5 Conclusions

1. So many Disastrous landslides developed in loessial deposit, including soil
sliding, collapse and mudflow were induced by the coupling effects of rainfall
and the Minxian—Zhangxian 6.6 earthquake. The dense area of landslides,
30 km long and 8 km wide, is located in zones of VIII and VII seismic intensity
along the seismic fault.

2. Loess liquefaction triggered the large scale of mudflow in Yongguang village,
which flowed down for a long distance of 1 km along the valley much more
than that of unliquefied sliding loess mass.

3. Sliding distance evaluated by fuzzy information model method is more coin-
cident with cases of seismic loessial landslides without liquefaction in the Loess
Plateau,which may be used for evaluating the influencing area of seismic
unsaturated loessial landslides.

4. Microzonation map of seismic loessial landslides for middle and large cities
with two exceedance probabilities of 10 and 2 % in 50 years may be used to
land use planing and major projects planing for preventing and mitigating the
disasters caused by the landslides.
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Numerical Simulation of Run-Out
Behavior of Earthquake-Induced
Landslides

Meei-Ling Lin and Ching-Ya Huang

Abstract In order to mitigate the landslide hazard induced by the earthquake, the
evaluation of the possible affected area is required. Typically, the landslide affected
area involved both the sliding area and the run-out distance of the sliding mass. To
understand the run-out behavior of the earthquake-induced landslide, a two-stage
numerical model was developed in this study to simulate the sliding behavior of the
sliding body, and to estimate the potentially affected area. A commercially available
program FLAC was used, and the field cases induced by the Chi-Chi Earthquake
were used for the study.

Keywords Earthquake - Landslide - Run-out distance - Numerical model

1 Introduction

To mitigate the landslide hazard induced by the earthquake requires evaluation of the
damages in the landslide affected area. Typically, the landslide affected area
involved both the sliding area and the run-out distance of the sliding mass. Typically
when the images obtained from remote sensing or field investigation were con-
ducted, it was difficult to delineate the run-out area from the over-all affected area
(Crosta et al. 2006, Finlay et al. 1999). However, to estimate the run-out distance of
the earthquake-induced landslide is of vital importance to provide delineation
information of potential affected area in landslide vulnerable area (McAdoo et al.
2000). In order to understand the run-out behavior of the earthquake-induced
landslide, a two-stage numerical model was developed in this study to simulate the
sliding behavior of the landslide mass. The model was calibrated using the labora-
tory small-scale shaking table slope model test (Wang and Lin 2007), and then
applied to the field cases in the May River Basin to evaluate the run-out distance of
landslides induced by the Chi-Chi Earthquake (Lin and Kao 2005).
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2 Construction of Numerical Model

A two-stage model was constructed using the commercially available finite dif-
ference program: FLAC (ITASCA 2000). During the first stage, the potential
sliding surface was evaluated with the assigned ground motion record, and the
initiation time of the sliding behavior was identified based on the maximum shear
stress developed in the slope. For the second stage, a sliding block concept was
adopted. The potential sliding surface determined from the first stage analysis is
assigned as a sliding surface, and the potential sliding mass would start to slide
down-slope after the slide being initiated. The sliding mass deforms and slides
along the potential surface, then stops when energy is depleted.

2.1 Determination of Sliding Surface and Initiation Time

In order to construct the numerical model, a commercially available finite difference
program “FLAC” was used (Agliardi et al. 2001, Bruckl et al. 2006. The material
behavior was assumed to be elastic—plastic and the Drucker—Prager failure criterion
was adopted. The slope model was constructed with the side boundaries and base
boundary at sufficient distances in order to avoid the reflected energy, and thus the
fixed boundary can be applied reasonably (Chen and Lee 2003). An illustration of
the numerical model and mesh was shown in Fig. 1 for simulation of the small-scale
shaking table model slope. After applying the gravity force, the acceleration time
record was introduced to the fixed boundary to simulate the earthquake. To
determine the potential sliding surface, the variation of the shear stresses inside the
slope mass were observed through the whole vibration process. The time record
when the maximum shear stress occurs in the slope was found and the distribution
of the shear stress in the slope was observed. The shear strain of the slope was
obtained to determine the yielding condition, and the potential sliding surface can
be determined from the shear strain distribution as illustrated in Fig. 2, and thus the
initiation time pin-pointed accordingly.

34 T
T — 20cm

"7 |

te 70cm 5|

Fig. 1 The numerical model and mesh for small-scale shaking table model slope with fixed
boundary
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Fig. 2 Distribution of the shear strain in slope corresponding to the observed maximum shear
stress and determined potential sliding surface

2.2 Simulation of Sliding Behavior

To construct the sliding simulation model, the sliding block concept was adopted as
illustrated in Fig. 3. With the potential sliding surface and sliding initiation time
determined from the first stage, the slope mass sitting above the potential sliding
surface was assumed to start siding along the surface during the vibration time
history after the initiation time. However, both the sliding material on the sliding
surface and the remaining slope body were considered as deformable continuum. In
order to conduct the simulation, the slope model is re-meshed as illustrated in
Fig. 4, and the acceleration time record after the initiation time is introduced to the
boundary. The mass sitting above the sliding surface starts to deform and slides
down along the sliding surface until the energy is depleted. Thus, the deformations
of the slope and sliding mass along with the run-out distance of the sliding mass can
be determined accordingly.

Fig. 3 Illustration of a
sliding block model
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Fig. 4 The slope model and mesh for simulation of sliding behavior

3 Calibration Using Small-Scale Shaking
Table Slope Model Test

The numerical model was verified and property of the sliding surface was calibrated
using the results of the small-scale shaking table model test conducted by Lin
(2007). The slope model test with a slope angle of 34° and slope height of 8 cm was
used. The material used for the model slope is Vietnam quartz sand with density of
1590 kg/m®> and friction angle of 35°. The Young’s Modulus of the material is
1.29 MPa and a Poisson’s ratio of 0.3 is used. [llustration of the numerical model is
as shown in Fig. 1, and results of the calculated time history of shear stress of Grid
Number (68, 19) are shown in Fig. 5. From Fig. 5, the occurrence time of the
maximum shear stress could be pin-pointed, and the distribution of the corre-
sponding shear strain in the slope was as plotted in Fig. 2. From the distribution of
the shear strain, the potential sliding surface was determined and adopted for the
second stage analysis and the model was re-meshed as illustrated in Fig. 4 and
the acceleration time record after the initiation time was applied to the boundary.
As the sliding occurred along the sliding surface, the material properties of the
sliding surface would gradually decrease as the strain accumulated, thus a reduction

—(68,19)
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5

0 Frer ST TR
50 ) 4 b 8 10 12
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time, sec.

Fig. 5 Time record of shear stress at Grid Number (68, 19) for the slope model in Fig. 1
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Fig. 6 Comparisons of numerical simulation and shaking table testing results

factor was applied to the slope material properties and taken as the properties of the
sliding surface. Calibration of the reduction factor was conducted based on the
measured run-out distance of the small-scale shaking table model test (Lin 2007) as
shown in Fig. 6. Observing Fig. 6, the numerical simulation of run-out distance and
deformation of sliding mass at the toe consist well with the testing results of
small-scale shaking table when a reduction factor of 0.85 is adopted. The run-out
distance composed of about 27.3 % of the total affected length of the slope in the
horizontal projection. Further calibration tests were conducted on other set of model
test, and it was found that typically a reduction factor of 0.85 provided a satisfactory
result for the testing results. Thus, a reduction factor of 0.85 was used for the
simulation of the field cases.

4 Analysis of Field Cases

Field cases of the landslides induced by the Chi-Chi Earthquake, 1999 in the May
River Watershed, Nantou County, Taiwan were identified and investigated. The
study area of the May River Basin with distribution of identified landslide scars for
case study is as shown in Fig. 7. Among the identified cases, field investigations
were conducted for Cases D01 through D03 where road traffic permitted. The major
geological formation of the study area is Chiayoung Formation, which is composed
of thick slate with thin sandstone/siltstone. In order to obtain the material properties
for numerical simulation, the properties of Lushan Formation were used which is a
slate formation in the neighboring area with similar properties. Topographic anal-
ysis of the field cases was conducted to construct the range and profile of the slope
using digital terrain model. Numerical simulation was then conducted using the
numerical model constructed in the previous section, calibrated reduction factor,
and the properties of the Lushan Formation. The input acceleration record was
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Fig. 7 Study area of the May River Basin with distribution of identified landslide scars

Max. shear strain increment

Fig. 8 Slope profile and distribution of shear strain and potential sliding surface of Case DO1

interpolated from the Chi-Chi Earthquake records from nearby strong ground
motion stations. The profile and distribution of shear strain corresponding to the
maximum shear stress of Case D01 are illustrated in Fig. 8, and from which
potential sliding surface and initiation time are determined as shown in the figure.
The mesh for sliding simulation and the results of simulation of Case D01 are
shown in Figs. 9 and 10, respectively.

The simulation results shown in Fig. 10 were verified using field data and
comparisons to the aerial photo taken after the Chi-Chi Earthquake were made as
shown in Fig. 11. In Fig. 11, the red arrow was used to illustrate the horizontal
projection of simulated displacement from the crest along the analysis profile, and
the blue arrow was used to illustrate the horizontal projection of simulated toe
displacement. Observing Fig. 11, the analysis slope profile appears to be well taken,
and representing the sliding direction well. The simulated displacements of both the
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M sliding mass
[ slope body

Fig. 9 Numerical model and mesh for sliding behavior simulation of Case D01

B sliding mass
[] slope body

Fig. 10 Deformation of sliding mass and run-out distance from numerical simulation of Case D01

crest and toe match the mapped scar consistently, and provide good information for
delineating the run-out distance especially at the toe area where roads and resident
houses situated.

5 Run-Out Distances and Affected Area

Results of the run-out distance simulation for field investigation cases of DO,
DO02-1, D02-2, and D03 are listed in Table 1 as horizontal projection of the toe
displacement and the overall affected length of slope. From Table 1, the projected
toe displacement ranges from about 25-53.6 % of affected length of the slope. For
Cases D01, D02-1, and D02-2, the results are quite consistent. However, for Case
D03, the toe displacement was much larger compared to other cases. A close
investigation of Case D03 revealed that DO3 situated at a higher elevation with
steep slope angle and to the left bank of May River compared to the other three
cases. The mapped scar of D03 as shown in Fig. 7 appeared to be in an elongated
shape and with steep slope angle, which were the characteristics of a shallow
landslide or rock avalanche. In addition, the location of Case D03 is on the left bank
of the May River as opposed to the other three cases, which may suggest differences
in geological formation. Therefore, it is likely that the Case D03 is of a different
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Fig. 11 Comparisons of mapped scar and horizontal projection of simulated displacements at
crest and toe of Case DO1

Table 1 Horizontal projection length of the toe displacement and the overall affected length of
field cases

Case ID Toe displacement, m Affected length, m % of toe displacement
to affected length

D01 80 279 28.7

D02-1 53 211 25.1

D02-2 63 183 344

D03 337 459 53.6

failure type and/or situates in different geological formation compared to the other
three field cases. By omitting the result of Case D03, the average toe displacement
as listed in Table 1 takes up about 30 % of the overall affected length of the
landslide when projected in the horizontal direction. This result is also comparable
to the ratio of about 27.3 % of the small-scale shaking table model test as shown in
Fig. 6. The remaining two thirds of the affected length thus could be considered as
the remaining sliding body situated on the slope. Such results could provide a viable
method for estimation of the affected area and run-out distance, and which would be
helpful for delineation of the potentially hazardous area when subjected to
earthquakes.
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6 Conclusions

A two-stage numerical model was developed in this study. In the first stage, the
potential sliding surface was evaluated with the assigned ground motion record, and
the initiation time of the sliding behavior was identified based on the shear strain
corresponding to the maximum shear stress developed in the slope. The potential
sliding surface then is assigned as a sliding surface. The slope mass deforms and
slides along the surface and results in toe run-out displacement and over-all affected
length. With the calibration of the small-shaking table model test, the numerical
model provides satisfactory results for simulations of run-out behavior. It was found
that the run-out distance generally composes about one third of the total length of
the affected length for both the shaking table model test and field cases, and the
remaining two thirds of the affected length are likely to be the sliding body situated
on the slope. The hazard in the affected area of the earthquake-induced landslide
thus can be estimated based on the simulation of the run-out distance using the
proposed numerical model.
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The Geometric Characteristics
and Initiation Mechanisms

of the Earthquake-Triggered
Daguangbao Landslide

J.J. Dong, C.C. Tsao, C.M. Yang, W.J. Wu, C.T. Lee, M.L. Lin,
W.F. Zhang, X.J. Pei, G.H. Wang and R.Q. Huang

Abstract The Daguangbao (DGB) landslide which triggered by the 2008 Wenchuan
earthquake is one of the largest earthquake-triggered landslides in the world over the
past century. In this study, remote sensing images analysis, field investigation, lab-
oratory experiment and slope stability analysis were adopted to characterize this DGB
landslide. We speculated the dominating structures of this landslide are folded bed-
ding plane and a zigzag stepping-out joint system, which outcropped at the south and
north of the landslide site, respectively. Accordingly, this landslide is a gigantic,
atypical wedge failure. With the inferred slip planes, the intersection line is curved
and counterclockwise rotated, which fit the trajectory of a mining tent pre and post
this DGB landslide with a travel distance of 1.9 km. Meanwhile, the intersection line
will be daylighted and rock mass shear-off on the toe of this landslide, as assumed by
most of the researchers, is no more required. Based on the proposed wedge shape and
DTMs, the volume of moving mass is about 10.51 X 10® m>. The characteristics of
the sliding surface on the south part of the landslide site were carefully investigated.
The identified slip zone was composed of breccia and gouge layers of several cen-
timeters thick. The intact dolomite rocks adjacent to the slip zone and the thin gouges
were sampled. The peak friction coefficient of the tested dry dolomite discontinuities
and wet gouges are 0.52-0.96 and 0.73-0.86 and the steady-state friction coefficients
of the two samples are 0.1-0.57 and 0.16-0.63, respectively. The wedge analysis
shows that the slope is quite stable (F.S. = 4.14). However, the gigantic wedge can be
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triggered by the Wenchuan earthquake based on the pseudo-static wedge stability
analysis. Moreover, the friction coefficient of the gouges under large shear dis-
placement will drop below 0.25 (~ tan(14°); the intersection line plunged 14°) when
the shear velocity exceeds 1.3 m/s. That is, the gigantic wedge can be speeded up by
the inertial force generated by the earthquake and keep moving rapidly with long
run-out. Based on a simple one dimensional particle motion model, the DGB land-
slide traveled 52—67 s with a maximum velocity of 57-74 m/s.

Keywords Daguangbao landslide - Earthquake-triggered - Wedge failure - Rotary
shear test - Friction coefficient

1 Introduction

The disastrous Wenchuan earthquake (M,, 7.9, 12 May 2008) was occurred in
Sichuan province of western China (Fig. 1). The Wenchuan earthquake induced
tens of thousands of landslides and Daguangbao (DGB) landslide is the largest one
(Huang et al. 2008), which the range of estimated collapse volume is from
7.8 X 108 m® to 11.99 X 10® m® (Huang et al. 2008; Chigira et al. 2010; Yin et al.
2012). The volume of the DGB landslide is extremely huge and the toe of sliding
surface was still buried by deposits with 600 m in depth. Hence, the geometry of
the sliding surface are remained controversial. It has been proposed that the tensile
cracks on the crown were initiated by the extremely strong ground shaking and
follows the shattering of rock mass. Driven by the seismic force and gravity, the
huge landslide mainly slid along the bedding plane and sheared-off the strata at the
toe of the slope (Huang et al. 2012). Alternatively, this landslide could simply be a
wedge failure. This hypothesis was testified with pre and post event DTMs and
SPOT-5 satellite images (Fig. 2) and the field investigation. In this study, we aimed
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at exploring the failure mechanisms and kinematics of the DGB catastrophic
landslide. The subjects includes: (1) to determine the geometry of sliding surface,
(2) to study the initiation of the huge moving mass, we perform a series of low to
high velocity rotary shear frictional tests and the pseudo-static slope analysis, and
(3) to assess the kinematics of DGB landslide.

2 Geological Setting

The DGB landslide was located on the right bank of the Huangdongzi valley, which
is located at the northwestern flank of the NE-striking Dashuizha anticline. The area
was composed of interbed dolomite with subordinate shale; the thickness of the
dolomite beds varied a few tens of centimeters to 10 m, shale from several cen-
timeters to meters (Chigira et al. 2010). The lithology can be classified into Fig. 3
(revised from Huang et al. 2012). Zd3 of the Sinian system is constituted by
limestone, red mudstone, and dolomitic rocks which is composed of the slip zone.

3 Results

3.1 Dominating Structures of Daguangbao Landslide

Field investigation results indicated most of the joints are distributed on the great
circle of the bedding plane (Fig. 4a). These joints are common observed joint sets
on limb of the anticline (Tension joint 7, conjugated diagonal A and B, strike joint
C and dip joint D in Fig. 4b). There are four planes bounded the DGB landslide: a
bedding plane dipping to the north with an orientation of N86°E/35°N formed the
southern boundary; north-eastward, south-eastward slopes, and northern slope.
According to the geological map, there is dextral fault (blue box in Fig. 3) with a
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Fig. 3 Geological map of the DGB landslide (Huang et al. 2012). The green box is a mining tent
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(a)

(e)

South-eastward slope

Fig. 4 a Stereonet with measured discontinuities. b Schematic diagram of the measured joint sets:
diagonal joint A, strike joint C, and dip joint D. ¢ Schematic diagram of the failure wedge of the
DGB landslide. d Picture of the landslide scarp. Azimuth of the picture view is 245°

strike parallel to that of the south-eastward slope. This plane is numbered as
X discontinuity (Fig. 4d). Southern plane is the bedding plane striking to N8O°
E-WE with a dip of 34°-38°. The orientation of the diagonal joint A and dip joint D
are in accordance with the northern and north-eastward slopes. It is speculated that
the sliding mass was bounded by the bedding plane and A, D, X planes. Figure 4c is
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a schematic diagram of the failure wedge. Slickensides can be observed on the
exposed bedding plane, having a pitch of 25°, which indicated the trend/plunge of
the sliding direction here is N67°E and 18°.

3.2 Determining the Geometry of the Sliding Surface

3.2.1 Typical Wedge Model

If the DGB landslide was a wedge failure dominated by bedding plane and Joint A,
the trend and plunge of the intersection line will be N70°E and 14°, based on the
discontinuities characterization and stereonet analysis (Fig. 5). Combing the
post-event image and post-event DTMs, structure contours of the sliding plane of the
simple wedge were constructed (Fig. 6). The trend/plunge along of the intersection

Fig. 5 The stereonet of the
bedding plane and Joint A.
The trend along of the
intersection line is N70°E/14°
N

Fig. 6 Structure contours of
the sliding plane of the simple
wedge. The black arrow is the
sliding direction of the wedge
rock mass
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Fig. 7 Wedge geometry and
definition of parameters
involved in stability analysis.
View along line of
intersection

B

l

line of the structure contours is N78°E/11°N, which is identical to the vector of
striation. The dominating structures of this gigantic wedge, bedding plane and joint
A, are represented as planes “a” and “b” in Fig. 7. To check the movement trajectory
of DGB landslide, we utilized the evidence provided by Huang et al. (2012).
A mining tent moved more than 1 km without severe damage. The positions of this
tent before and after the earthquake are listed in Tyer; and Ty (Fig. 6). If the
position of the mining tent Ty.r; moves to Tyep, Where is the source tip of the wedge,
the trajectory of this tip of wedge should pass through T,q,. This trajectory is
deviated from the intersection line of the simple wedge model. Can we account for
this discrepancy? A modification of the simple wedge model was proposed in the
next section.

3.2.2 The Proposed Geometry of the Sliding Surface—
An Atypical Wedge Model

Based on the geological map, the orientation of the bedding plane is turning from
N86°E/35°N near the crown of the landslide to N52°E/31°N near the toe of the
sliding mass (purple box in Fig. 3). Therefore, we speculated that the bedding plane
buried under the deposit could be folded. That is, the dip direction of the bedding
plane was rotated counterclockwise. To reduce the discrepancy of intersection line
and inferred moving landslide trajectory of DGB landslide, a zigzag stepping-out
joint system of joint A was assumed under the deposits. The averaged dipping angle
of the stepped-out planes could be reduced (10°-20° less than the outcropped
north-eastward slope). The structure contours of the assumed surfaces (folded
bedding plane and zigzag steeping-out joint system of joint A) were shown in
Fig. 8a. Two cross sections I and II were illustrated in Fig. 8b, c. The sliding
surface is within the Zd3 formation which is composed of dolomite. It is interesting
to find that the intersection line of the folded bedding plane and zigzag joint system
can be daylighted at the valley without shear-off the rock mass on the toe of the
DGB landslide. This moving trajectory of the sliding mass, which is close to the
inferred trajectory from the spatial variation of the mining tent before and after
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Fig. 8 a The modified wedge model. b, ¢ Illustrated the profile I and II (locations are shown in a)

landslide, turned 20° counterclockwise compared with those from the typical wedge
model. According to the proposed atypical wedge shape, the volume of moving
mass is about 10.51 X 10°* m® with a travel distance of 1.9 km from the pre and
post event DTMs.

3.3 Strengths on the Sliding Surface

This study utilizes two different kinds of samples to conduct the rotary shear tests.
One is the artificial smooth joint of dolomite rock which represents the materials of
joint A. The other one is the bedding parallel faults gouge which was sampled from
a weak zone right above the outcropped bedding plane. Dolomite samples were
prepared as core plugs and rock-rock shear tests were conducted. These experi-
ments were performed at room humidity with shear velocity of 0.001-1.3 m/s and
normal stress of 11.47 MPa (estimated from an average thickness of 420 m in
source area). The shear velocities of gouge rotary shear tests were conducted at
0.01-1.3 m/s under normal stresses 1-3 MPa (difficult to increase the normal stress
to 11.47 MPa) and water contents of 10 %. Slip weakening behaviors, which the
friction coefficient decreased from a peak value (u,) to a steady-state value (i)
with increasing slip distance (d), were observed. The i, of dolomite rotary shear
tests are ranged from 0.52 to 0.96 with an average value of 0.71. The average peak
friction coefficient of fault gouge is 0.79, where the lower and upper bound are 0.73
and 0.86, respectively (Fig. 9b). Generally, the steady-state friction coefficient g is
decreased with increasing velocity (Fig. 9a, b). The steady-state friction coefficient
is 0.1 and 0.16 for dolomite and fault gouge at shear velocity of 1.3 m/s.
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Fig. 9 a The friction coefficient of dolomite shear tests. y, are ranged from 0.52 to 0.96 and the
average is 0.71. b The friction coefficient of gouge shear tests. y, are ranged from at 0.73 to 0.86
and the average is 0.79. The data points are averaged values of 2-3 tests

3.4 Pseudo-Static Analysis of Rigid Wedge

Since the planes X and D are assumed pre-existing before the landslide, the con-
tributions of their strengths on the landslide initiation could be neglected. The peak
friction coefficients (i) of dolomite smooth joints and fault gouge of the bedding

plane are used to represent the strength on joint A (plane “b” in Fig. 7) and bedding
plane (plane “a” in Fig. 7). That is, pu, = 0.79 and g, = 0.71.

3.4.1 Initiation of the DGB Landslide

The following analysis adopted the typical wedge analysis for simplicity. The safety
factors of DGB wedge bounded by planes “a” and “b” can be calculated using rigid
wedge method (Lee 1989) as follows:

_ Sa+Sb
~ Psin ¢

F.S.

(1)
where S, = Ny, Sb = Nty N, and N, can be calculated with Egs. (2) and (3).

P cos ¢ sin(180° —1¢& — )
Na = sin(180° — ¢) @

P cos ¢ sin(f—5¢)
® T sin(180° — &) 3)

where P is the wedge weight, ¢ is the dip of the line of intersection, § and ¢ are
illustrated in Fig. 7. The parameters required in the pseudo-static analysis are listed
in Table 1. The results show the wedge is stable (F.S. = 4.14 > 1) without seismic
force.
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Table 1 The values of the pseudo-static analysis parameters

U P (N) B© ¢ ¢
Fault gouge (u,) Dolomite joint (i)
0.79 0.71 2.86 % 10’ 78 92 14

Lee (1989) proposed a pseudo-static rigid wedge method, which included the
influence of the seismic force, to calculate the F.S. of wedge. Safety factor of a rock
wedge under seismic condition can be expressed as follows:

k
" tan(@+ tan~! K})

4)

where K}, (= %“ ,ayp is the horizontal acceleration and g is the acceleration of gravity)

is the horizontal seismic coefficient, k is the wedge parameter which can be cal-
culated as following if the friction coefficients of two planes are assumed as
identical (p):

 in(180° ~ & — )+ sin(— 1O 5
sin(180° — ¢) '

The influence of vertical force induced by earthquake was neglected, thus the F.
S. could be slightly overestimated. The calculated F.S.s of the DGB wedge con-
sidering the seismic force are shown in Table 2. The horizontal seismic coefficients
Ky will be 0.58 and 0.65 if the friction coefficients p were assumed as 0.71
(dolomite joint) and 0.79 (fault gouge).

The record of Wenchuan earthquake of MZQP seismic station (Fig. 10a, b,
location shown in Fig. 1) was adopted to evaluate the reasonability of the calculated
K}, using friction coefficients from rotary shear tests. It can be read that the maxi-
mum horizontal acceleration is 837 gal. That is, the Kp max is about 0.85. A K}, of
0.58-0.65 to trigger the DGB landslide is about two thirds to three quarters of
K}, max, Which is a reasonable estimation.

Table 2 Summary the results of rigid wedge method (F.S.), triggered Kj,, travel time, final velocity
and average velocity by dolomite and gouge samples under the different strength conditions

Friction Static rigid Triggered | Trigger | Friction Travel | Max/average
coefficient | wedge analysis | Ky (g) time (s) | coefficient time V (m/s)
(E.S)) after slide (s)
Dolomite | 0.71 4.14 0.58 39 0.1 52 74/37
joint
Fault 0.79 0.65 46 0.16 67 57/28
gouge
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Fig. 10 Ground acceleration records of strong motion MZQP of the Wenchuan earthquake. a, b,
d Are component of east-west (EW), north-south (NS) and vertical, respectively. (c¢) Is the
component of the strike direction of the wedge intersection combined with (a, b)

3.4.2 Kinematics of DGB Landslide

The initiation and moving characteristics were evaluated using Eq. (4) and a one
dimensional particle motion model incorporating the peak and steady-state friction
coefficients obtained from the rotary shear tests. We calculated the required K}, to
initial the DGB landslide (F.S. = 1). If the peak friction coefficients of dolomite
joint and fault gouge were utilized, the triggered Kj, will be 0.58 and 0.65 (Table 2),
respectively. The trigger time of the landslide can be determined from the ground
acceleration records (Fig. 10c) accordingly (39 and 46 s, Table 2). The friction
coefficient on the bounded planes of the sliding wedge will drop to steady-state
friction coefficient within several meters displacement. Since the friction coeffi-
cients of the dolomite joint and fault gouge are less than 0.25 (~tan(14°); the
intersection line plunged 14°) when the shear velocity exceeds 1.3 m/s (Fig. 9a, b),
the gigantic wedge can be speeded up by the inertial force generated by the
earthquake and keep moving rapidly with long run-out. The travel distance of DGB
landslide project from the horizontal plane is about 1.9 km based on the position of
the mining tent before (Fig. 3) and after (Fig. 2) the landslide event. The travel
times and sliding velocities were calculated (Table 2) utilizing the travel distance
and one dimensional particle motion model incorporating the steady-state friction
coefficient of dolomite (0.1) and gouge (0.16) at shear velocity 1.3 m/s.
Accordingly, the DGB landslide terminated at 91-113 s (travel 52-67 s) with a
maximum velocity of 57-74 m/s. This study speculated that the signals at 90 s in
Fig. 10c may induce by the sliding mass hit the opposite bank of the Huangdongzi
valley.
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4 Conclusions

1. The DGB landslide is an atypical wedge bounded by the folded bedding plane
and zigzag stepped-out join system. With the inferred slip planes, the inter-
section line is curved and counterclockwise rotated, which fit the trajectory of
mining tent well. Meanwhile, the intersection line will be daylighted at the toe of
the slope. Based on the proposed wedge shape, the landslide volume is
10.51 x 10° m’.

2. The average peak friction coefficient of dolomite joint is 0.71 and the steady-
state friction coefficients are decreased from 0.57 to 0.1 under shear velocity
increasing from 0.001 to 1.3 m/s under a normal stress of 11.47 MPa in room
humidity condition. Meanwhile, the average peak friction coefficients of the
bedding parallel fault gouges is 0.79 and the steady-state friction coefficients are
decreased from 0.63 to 0.16 when the shear velocity increasing from 0.01 to
1.3 m/s under normal stresses 1-3 MPa in a water content of 10 %. The tested
samples were characterized as slip weakening behavior which indicating the
strengths on the sliding planes will decrease with increasing shear displacement
and shear velocity.

3. The wedge analysis indicated that the slope is quite stable (F.S. = 4.14) before
the Wenchuan earthquake based the strengths from rotary shear tests. Two thirds
to three-quarters maximum horizontal acceleration is required to trigger the
wedge failure. Once the failure initiated, the wedge can be speeded up for the
positive regulation of the strengths on the sliding planes based on the measured
friction coefficients. It is estimated that the DGB landslide traveled 52—67 s with
a maximum velocity of 57-74 m/s.
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Centrifuge Modeling of Relationships
Between Earthquake Intensities and Scales
of Post-quake Triggering Rainfall

and Landslide

M.H. Wu, J.P. Wang and J.C. Yeh

Abstract The post-quake rainfall frequently induces large-scale landslides, which
result in the loss of lives and economic damage. The observation of past slope-
land disasters in Taiwan shows that the frequency of landslide occurrence
increases remarkably after massive earthquakes. However, the understanding of
correlation between seismic activity and post-quake slope stability is limited. As a
result, the research on the influence of earthquake intensity on post-quake slope
stability is vital for slopeland disaster prevention. This study is utilizing the
self-developed hydrological environment testing box for slope model tests on the
geotechnical centrifuge and shaking table. Through the static and dynamic
modeling tests, the variations of landslide scales and rainfall intensities to trigger
slope failures are investigated to understand the slope failure behavior due to
post-quake rainfall.

Keywords Post-quake rainfall-induced slope stability - Centrifuge modeling -
Landslide - Debris flow

1 Introduction

Taiwan is an island with abundant of rainfall. The torrential rainfall accompanied
with typhoons frequently causes the events of slope instability. Besides, as located
in the Circum-Pacific Seismic Belt, there are frequent earthquakes in Taiwan.
Earthquake and rainfall are two of the critical driving forces for slope failures. For
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example, the 1999 M,, 7.6 Chi-Chi earthquake in Taiwan induced numerous
landslides at that time, including a massive planer slope failure called the
Chiu-Feng-Er-Shan landslide, which buried dozens of people alive. More impor-
tantly, after the earthquake in 1999, it seems that the frequency of landslides in
central Taiwan is increasing, especially in typhoon seasons (Shou et al. 2011a, b;
Liu et al. 2013; Lin et al. 2006), and the elevated rainfall-induced landslide prob-
ability is reflected on the increase in sediment discharges of the rivers in central
Taiwan during the past decade (Shou et al. 2011a, b; Chen et al. 2011).

Based on the aforementioned observations, research to integrate the effects of
hydrological, physiographic and seismic factors on slope instability is very
important. As a result, the key scope of this study is to investigate the mechanisms
causing the increasing frequency of rainfall-induced landslides after a major
earthquake like the Chi-Chi earthquake. The study is mainly assisted with cen-
trifuge modeling that has been commonly used in geotechnical studies (e.g., Ling
et al. 2009; Ling and Ling 2012; Wong et al. 2012). The paper in the following is
organized with an introduction to the centrifuge laboratory in National Central
University Taiwan, followed by the testing program, results, and interpretations.

2 The Centrifuge Laboratory in National Central
University Taiwan

This section is to introduce the centrifuge laboratory in National Central University
(NCU) Taiwan where the tests of this study were conducted. The introduction
includes the centrifuge-compatible shaking table, and the in-house water supply
system for studying rainfall-induced slope stability after a major earthquake.

2.1 The Centrifuge Facility of NCU

The centrifuge of National Central University is model 665 of Acutronic. It has a
rotating arm of 3 m, with its capacity in 100g-ton. The centrifuge can generate a
gravity field as large as 200g, and it can carry a test model up to 550 kg on a 200-
g level. Figure 1 shows a photo of the centrifuge, and the dimension of the platform
carrying soil models is about 1.5 by 1.5 m.

2.2 The Shaking Table

The centrifuge-compatible shaking table of National Central University was
designed and manufactured by PVL Technologies, which can simulate prescribed
shakings in one dimension. The table is capable of generating a maximum
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Fig. 1 The centrifuge of National Central University Taiwan

Table 1 Specifications of the shaking table used in this centrifuge study

Payload area (mm) (L X WX H) 800 X 400 X 500

Maximum payload (kg) 400

Shaking direction One direction

Shaking type Periodic or random determined by input signal
Shaking force (kN) +534

Maximum shaking velocity (m/s) 1

Maximum table displacement (mm) +6.4

Working frequency range (Hz) 0-250

Maximum centrifugal acceleration (g) 80

shaking velocity of 1 m/s, with its working frequency up to 250 Hz. Under a
centrifuge environment, the shaking table can function properly under an
80-g level. Table 1 is a summary of the specifications of the shaking table.

2.3 Rainfall Simulations

The centrifuge laboratory was equipped with a rainfall simulation system
designed and implemented in-house. The rate of water supply is controlled by air
pressure with an air compressor, and the system is integrated with the centrifuge
system operated and controlled from the outside of the centrifuge. The water
pipes connecting to a water reservoir outside of the centrifuge were installed
from the base of the centrifuge, and the pipes were mounted along its rotating
arm, with water that can rain on soil models sitting on the platform of the
centrifuge.
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Fig. 2 The sand box with a honey-comb structure on the side

2.4 Sand Box

The sand box used in this study was in dimension 770 X 150 X 400 mm
(L X W X H), with one side made with a transparent plate for videotaping. In order
to reduce the weight of the box, the box was fabricated with a honey-comb pattern
on the side, as shown in Fig. 2, ensuring its rigidity and strength at the same time
under the centrifuge testing condition.

3 The Centrifuge Tests

This section is to describe the program of the centrifuge tests to investigate
post-quake rainfall-induced slope stability, including soil model setups and
preparations, and the specifications of the test program.

3.1 Soil Slope Model Preparations

In order to prepare a slope model with high permeability and plasticity, this study
used the soil mixture with 92 % silica sand and 8 % kaolinite to build soil slope
models. Besides, as other centrifuge tests on slope stability (e.g., Ling et al. 2009),
the water content was set at 10 % for building the soil slope models.

The soil mixture was then used to prepare a slope model inside of the sand box,
as shown in Fig. 3. The slope model is 24-cm high, with a slope angle of 60°. The
first step of the model slope preparation was to put certain weight of soil mixture in
the box, followed by compaction to make the soil layer in a relative density of
80 %. Next, the soil layer was cut in the middle to form a 60° slope as shown in
Fig. 3.
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Fig. 3 The slope model with a 60° slope angle

3.2 The Centrifuge Tests

After the model preparation, the next step is to put the sand box on the platform of
the centrifuge before the centrifuge simulation gets started. With the model or the
sand box in place, the centrifuge starts spinning to gradually increase the gravity
level to 60g as prescribed. After a few minutes, the shaking table was turned on to
simulate earthquake shaking on slope models while the centrifuge is in-flight. After
the shaking, we examined the soil model to make sure no slope failure was induced
by shaking, before turning on the water supply system to simulate rainfall on the
slope to trigger landslides.

3.3 Slope Failure Profile and the Scale of Landslide

After the test, we measured the slope profile to examine the scale of the landslide, or
the volume of landslide debris. The task was assisted with a laser transducer
scanning the slope profile after failure; then the measurements were utilized to
construct a 3-D slope failure profile, and to estimate the volume of the landslide
debris. Figure 4 shows the front view pictures of two set of testing models after
failure.

Because some of the landslide debris will deposit at the toe of the slope, it
increases the difficulty of measuring the volume of the landslide debris without a
computer-aided analysis. Therefore, AutoCAD was employed for the task, utilizing
its “Loft” functionality to calculate the volume of landslide by comparing the slope
profiles before and after failure. Figure 5 shows an example of using AutoCAD in
the estimating of landslide debris in this study.
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Fig. 4 Pictures of testing models after failure

Fig. 5 The use of AutoCAD to calculate the volume of landslide debris

3.4 The Test Program

A total of eight centrifuge tests were carried out in this study, investigating the
impact of earthquake shaking and rainfall intensity on slope stability. The test
program is summarized in Table 2. For example, Test 1-0 was conducted on a
no-earthquake and small-rainfall condition, in contrast to Test 2-3 to investigate the
same slope’s stability under larger rainfall intensity with the slope experiencing a
horizontal shaking. As a result, Test 1-0 and Test 2-0 can be used to investigate the
influence of rainfall intensity on rainfall-induced slope stability; by contrast, Test
1-0 and Test 1-3 aims to examine the influence of ground shaking on slope stability
after a major earthquake.
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Table 2 Summary of the eight centrifuge tests

Centrifugal acceleration (G) 60

Slope angle (degrees) 60

Duration of rainfall (mins) 3

Spraying nozzle openings (mm) 0.1 0.2

Prototype accumulative rainfall (mm) | 126 165

Test no -0 [1-1 |12 |13 |20 |2-1 |22 |23
Seismic horizontal coefficient 0 0.05 [0.10 |0.15 |0 0.05 |[0.10 |0.15
Prototype silt discharge (m®) 80 | 106 |108 |111 |94 |143 |174 |202

4 Results and Discussions

4.1 The Volume of

Landslide

Figure 6 shows the landslide volumes in each of the eight centrifuge tests. From the
tests, we can see that the landslide volumes are increased with a large rainfall
intensity and ground shaking. In other words, the first finding is that a deep-seated
rainfall-induced landslide is more likely to occur after a major earthquake, and the
possible reason could be that the water is allowed to penetrate deeper of the slope
along with some earthquake-induced fractures, increasing pore water pressure in the
slope to trigger the landslide.

On the other hand, when a slope is not experiencing earthquakes, most rainfall
could accumulate on the slope surface, which becomes the driving force of the
erosion type of slope failure observed in the test. And it is understood that more
water accumulated on the slope surface should accompany more intensive erosion,
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Fig. 6 The volume of landslide debris in each of the eight centrifuge tests
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so a large rainfall event could more possibly induce more erosion causing more
debris washed out from the slope.

5 Conclusion

The study uses centrifuge modeling to examine the influence of earthquake ground
shaking and rainfall intensity on slope stability. The key of the tests is to compare
the volume of landslide debris under different levels of rainfall intensity and ground
shaking. The result shows that a deeper and larger rainfall-induced landslide will be
more possibly induced after a major earthquake, owing to the developments of
earthquake-induced cracks in the slope that allows water to penetrate more deeply
in the slope and to excite pore water pressure to trigger a deep-seated landslide.
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Time-Prediction Method of the Onset

of a Rainfall-Induced Landslide Based

on the Monitoring of Surface Displacement
and Groundwater Level in the Slope

Katsuo Sasahara

Abstract Analysis of monitored data of the deformation in sandy model slope
under artificial rainfall was conducted in this study. The analysis revealed that the
relationship between the surface displacement and the groundwater level in the slope
was able to be modified as hyperbolic which is often adopted for the constitutive
relation between the shear strain and the stress ratio under direct shear condition of
loose sand. New prediction method for the time of the onset of a rainfall-induced
landslide was proposed based on the relationship in the slope. Formula for predicting
the relationship between time and surface displacement in the slope could be derived
by combining regression equation between the time and the groundwater level to that
between the surface displacement and the groundwater level at any time during the
experiment in the model. The formula could simulate the actual deformation of the
model slope well. It suggests the utility of the method for the time prediction of the
onset of rainfall-induced landslides.

Keywords Rainfall - Landslide - Surface displacement - Groundwater level

1 Introduction

Existing methods for the early warning against rainfall-induced landslides are
divided into two kinds. The first is a rainfall threshold such as Caine (1980), which
is for the time prediction of landslides at an area while the second is monitoring of
soil water or deformation in a slope for a prediction at a specific slope. Only the
latter can treat the characteristics of a slope such as geometry, rainfall infiltration
characteristics, and mechanical characteristics of the slope.

The sediment-related disaster prevention law (Uchida et al. 2009) was enacted at
2001 in Japan. A sediment-related disaster hazard area should be designated by
prefectural governors based on the basic survey. It is defined as the area vulnerable
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Fig. 1 Relation between time
and displacement in a slope
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to sediment-related disasters. A warning and evacuation system should be estab-
lished by municipal governors in the area according to the law. The monitoring of
the soil water or the deformation of a slope can be an effective tool for the system.

Time-prediction methods based on the monitoring of the displacement of a slope
have been proposed and are already in practice. The formulae proposed by Saitou
(1965) or Fukuzono (1985) have been widely adopted to make time prediction of an
onset of a landslide based on the monitoring of the slope. They are based on the
empirical relationship between time and surface displacement in a slope before
failure as expressed as Fig. 1. Various kinds of formulae have been proposed to
express the relation between time and displacement at the secondary or tertiary
creep stage and to predict the time of an onset of a landslide. Although time
prediction could be successful based on the method in some cases, it could not
succeeded in other cases. The reason of the unsuccessful cases was identified to be
the change of stress in the slope due to the change of the pore pressure according to
rainfall infiltration or the change of geometry of the slope according to the cutting
or filling works. The stress—strain relationship should be necessary to explain the
deformation of the slope due to the change of stress in the slope.

Monitoring of the surface displacements and the groundwater levels in a sandy
model slope under artificial rainfall was carried out and the measured data was
analyzed in order to establish a time-prediction method of the onset of
rainfall-induced landslides based on the stress—strain relationship of a soil.

2 Methodology

2.1 Experimental Apparatus

Figure 2 shows the longitudinal section of the model slope and the location of the
monitoring devices. The model is 300 c¢m in length, 150 c¢m in width, and 50 cm in
depth in the gravitational direction at the horizontal section; 600 cm in length,
150 cm in width, and 57.7 cm in depth at the slope section with an inclination of
30°. It was made in the Large-scale rainfall simulator room at National Research
Institute for Earth Science and Disaster Prevention. The model is composed of
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Fig. 2 Geometry of the
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granite soil (Dsq = 1.3 mm, Uc = 22.23, Fc = 13.2 %) and was made in a steel
flume with vertical blades of 1 cm in height at every 50 cm in the longitudinal
direction at the base of the slope to prevent slippage between the base of the model
and the flume. The surface of the slope is parallel to the base of the slope. The
inclination and the thickness of the model slope are determined based on the fact
that most rainfall-induced landslides at the topsoil layer occur on slopes of 30-50°
that are 0.5-1.5 m thick (Osanai et al. 2009). The soil is compacted horizontally by
human stamping at every 20 cm to construct the model slope. The void ratio ranged
from 0.65 to 0.68, and the water content of the soil layer was 3.7-4.4 %. The base
and upper boundary of the flume were impermeable while the lower boundary was
permeable. It is just like the structure of the slope layers with the top soil layer on
the impermeable base rock.

The surface displacement was measured by an extensometer with a resolution of
approximately 0.1 mm which was fixed at the upper boundary of the flume. The
surface displacement was defined as the distance between the upper boundary of the
flume and the moving pole at the surface of the slope (Photo 1). Moving poles move
downward according to shear deformation of a slope due to rainfall infiltration and
it results in the increase of the surface displacement. Moving poles were installed at
150, 300, and 450 cm from the toe of the slope. The groundwater level (hereafter G.
W.L.) at the base of the slope was measured by a water level gauge with an
accuracy of 1 cm H,O. The gauges were installed at 0, 150, 300, 450, and 525 cm
from the toe of the slope.
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Photo 1 Extensometer " — =g 7

W

2.2 Experimental Conditions

To simulate the actual soil water condition in a natural slope which has experienced
many rainfalls, three pre-rainfall events were conducted before the main rainfall
event. The pre-rainfall events had rainfall intensity of 15-30 mm/h and the duration
of 100-180 min. The main rainfall had intensity of 30 mm/h and continued until
the onset of the failure of the model slope. The duration of the main rainfall is
240 min. The time interval between each pre-rainfall was 3 days and the interval
between the last pre-rainfall and the main rainfall was 9 days. Rainfall intensity was
determined based on the consideration that the rainfall-induced landslide occurs at
the rainfall with rainfall intensity more than 30 mm/h in Japan (Osanai et al. 2009).
The deformation was video recorded from the lateral side of the model slope, and
no slip at the base of the flume could be observed.

3 Experimental Results

Figure 3 shows the time variation of the surface displacement and the G.W.L. at
different distances from the toe of the model slope. The G.W.L. at 450 cm was zero
throughout the experiment; therefore, it was not shown in this figure. The surface
displacement at 150 and 300 cm showed significant increases from 12,000 s.
A remarkable increase in the surface displacement at 450 cm started from 13,000 s,
which was slightly later than the increases at 150 and 300 cm. And then the slope
failed at 14,400 s. The G.W.L. at 150 and 300 cm increased significantly from
11,000 to 13,000 s when the surface displacement started to increase significantly.
These facts suggested that the surface displacement increased significantly with the
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generation of the G.W.L. at the base at the section between 150 and 300 cm while it
increased without the generation of pore pressure at 450 cm. It is usually recog-
nized that the behavior at 450 cm depends on the decrease of the suction in the soil
while it cannot be denied that soil mass of the upper part of the slope moved only
following the movement of the lower part of the slope without any influence of soil
water condition. So the movement at 450 cm is out of scope in this paper.

The examination as above suggested the increase of the pore pressure generated
the deformation of the slope. Thus, the dependency of the surface displacement on
the pore pressure should be discussed. Figure 4 shows the relation between the
surface displacement and the G.W.L. at 150 and 300 cm from the toe of the slope.
The relation at 150 cm was almost same with that at 300 cm until 10 cm of the

Fig. 4 Relationship between
the surface displacement and
the groundwater level in the
slope
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surface displacement. The surface displacement increased slightly with the increase
of the G.W.L. at first and then it developed significantly with the increase of the G.
W.L. The relationship could be modified by hyperbolic function which is often
adopted as stress—strain relationship of loose sand under direct shear condition. The
relationship was examined in more detail in Sasahara and Sakai (2014) and they
picked up some problems for the relationship to be adopted as the constitutive
relationship for a slope. But the relationship is adopted for the basis of time pre-
diction of rainfall-induced landslides in this paper instead of the problems.

4 Proposal of New Method for Time Prediction
of a Rainfall-Induced Landslide

4.1 Basic Idea

It was made clear that the relation between the surface displacement and the G.W.L.
in the slope could be modeled by the hyperbolic function. Based on the result, new
procedure for time prediction of the onset of a rainfall-induced landslide is pro-
posed. The relation between the surface displacement and the G.W.L. and that
between the time and the G.W.L. is derived by the regression analysis of the
measured data at any time during the experiment. The formula for simulating the
relation between the time and the surface displacement is derived by combining
these regression equations. All the formula for the prediction can be derived
completely depending on the measured data of the surface displacement and the G.
W.L. in this procedure.

4.2 Formula for the Prediction of Time-Surface
Displacement Relation

4.2.1 Regression Analysis Between the Surface Displacement
and the G.W.L

The relation between the surface displacement and the G.W.L. is derived by the
regression analysis of the measured data until any time during the experiment. This
analysis needed the surface displacement and the G.W.L. corresponding to the time
of the surface displacement. The data are picked up at every 0.25-0.5 cm of the
surface displacement. The hyperbolic function below is adopted for the relation
between the surface displacement and the G.W.L.
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Fig. 5 Regression analysis of the relation between the surface displacement and the groundwater
level with the measured data of ds = 0.5 cm

GLpax - GL

1
ds = — % 7~
y Gsur. GLmax - GL

(4.1)

Here, ds: the surface displacement, GL: the G.W.L., and Gy, GL.x: experi-
mental constants. Left and right hands of Eq. (4.1) are inversed as below for linear
regression analysis.

I Glpw 1 1

= — = 4.2
ds G GL G (42)

Here G = GLy,x /GLg,r.. Regression lines were derived in this study by using the
‘Add Trendline’ for the ‘XY(Scatter) chart’ on Microsoft EXCEL 2010. ‘Linear
Trend/Regression type’ should have been selected for the linear regression analysis
after selecting ‘Add Trendline’. Figure 5 shows the example of the regression
analysis for the data of ds = 0.5 cm. Inversing the regression equation 1/GL-1/ds
results in the relations of GL—ds. Figure 6 shows the comparison of the relations of
GL—ds atevery 0.5-1 cm of the surface displacement. Measured data are also shown

Fig. 6 Comparison of the
regression curve for the
relationship between the
surface displacement and the
groundwater level derived
from the measured data of
different ds

—0—ds=0.25cm

——ds=0.5cm

—A—ds=1.6cm
ds=2.6cm

—*—ds=4.1cm

—@—ds=6.1cm
—+—ds=8.1cm
ds=10.0cm
O Measured
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in the figure for the comparison. It is recognized that regression curve derived from
the measured data of the larger ds can simulate the measured relation better.

4.2.2 Regression Analysis Between the Time and the G.W.L

The relation between the time and the G.W_.L. is derived by the regression analysis
of the measured data until any time during the experiment. Figure 7 shows the
comparison of the relations derived from the measured data of the different ds
during the experiment. Logarithmic function as below is selected for the regression
analysis because this function simulates the relation well with the R* value of more
than 0.9. T means the time; a; and a, in the equation below are the experimental
constants in the equation.

GL = ap - ll’l(T) —a (43)

It is recognized that regression curve derived from the data of any ds shows
small difference and any curve can simulate the measured data relatively well.

4.2.3 Time-Surface Displacement Relationship

Equation for the prediction of time—surface displacement at any time during the
experiment is derived by the combining regression equation for the relation
between the surface displacement and the G.W.L. and that for the relation between
the time and the G.W.L. at the same time. After inserting Eq. (4.3) at a time to “GL”
in Eq. (4.1) at the same time, Eq. (4.4) is derived as below.

1 GLpay - ay - I0(T) = GLyy - a3

ds =
Gsur. (GLmax + az) —dap - ln(T)

(4.4)

Fig. 7 Comparison of the
regression curve between the

time and the groundwater H—ds=0.2cm
level derived from the ds<0.25
measured data of different ds g §=U.cocm
) —@—ds=0.3cm
s
O —+—ds=0.5cm
O Measured

0 %
11000 12000 13000 14000
T (sec.)
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Fig. 8 Comparison of the 10
relation between the time and —9—ds=0.25cm
the surface displacement 8 —#—ds=0.5cm
derived from the measured —&—ds=1.6cm
data until different ds z 6 ds=2.6cm
S —¥—ds=4.lcm
S 4 —8—ds=6.1cm
—+—ds=8.1cm
2 o ——ds=10.0cm
. O Measured

0@
11000 13000 15000 17000 19000
T (sec.)

Figure 8 shows the relation between the time and the surface displacement
derived by the equation with the data until different ds. It is recognized that the
equation with the data until larger ds can simulate the measured data better. While
the equations with the data of ds = 4.1-10 cm show almost same relations and they
simulate the measured data well.

4.3 Time Prediction Based on the Time—Surface
Displacement Relationship

Inserting Eq. (4.3) into Eq. (4.2) results in the relation as below. This equation
explains the relation between the inverse of the surface displacement “1/ds” and the
time “T”. “l/ds” decreases to zero as the surface displacement increases and
approaches the failure state of the slope. Thus the time when “1/ds™ approaches
almost zero can be regarded as the time of the failure of the slope.

1 1 1
% = Gur. (al ; ln(T) - GLmax) (45)

Figure 9 compares the relation between “1/ds” and “T” derived by Eq. (4.5) with
the data until a different ds. The relation with the data until larger ds can simulate
the measured data better. In addition, the relations with the data of ds = 4.1-10 cm
are almost the same with the measured data. “1/ds” seems to approaches zero at
13,500 s on the simulated relation while actual failure time of the slope was
14,400 s. It is recognized that the time prediction based on the relation between
“l/ds” and “T” can provide relatively good agreement with an actual phenomena.
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Fig. 9 Relation between the

—l—ds=0.
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5 Conclusions

Based on the monitored data of the groundwater and the surface displacement in the
model slope under artificial rainfall, deformation characteristic of the model slope
was examined and new time-prediction method for the onset of a rainfall-induced
landslide is proposed based on the examination.

1. The surface displacement increased slightly with the increase of the G.W.L. at
first and then the surface displacement increased remarkably with the increase of
the G.W_.L. The relation between the surface displacement and the G.W.L. can be
modified as hyperbolic.

2. Based on the hyperbolic relation between the surface displacement and the
groundwater level, new time-prediction method for the onset of a
rainfall-induced landslide are proposed and examined. Regression analyses on
the relationship between the surface displacement and the G.W.L. at a time and
that between the time and the G.W.L. at the same time were carried out at first
and then the second relationship is incorporated into the first relationship. This
produces the equation for time—surface displacement relationship. Inversing the
equation provides the relationship between the inverse of the surface displace-
ment and time. This relationship can be used for the time prediction. Applying
the procedure to the monitored data showed that this procedure could give good
agreement with the actual relationship between the time and the inverse of the
surface displacement even with the data until the half of the surface displace-
ment at failure. It suggested that this procedure could give good prediction of the
time of failure.
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Typhoon Rainfall Induces Slope Creep,
Groundwater Variation, and Slope
Movement

C.J. Jeng, C.Y. Yang and J.H. Lin

Abstract This study explores the behavior of long-term creep of a slope at the
campus of Huafan University and changes in the groundwater level and displace-
ments caused by typhoons. First, results from dozens of existing inclinometers on
campus were used to observe long-term creep over a period extending beyond the
past decade. Furthermore, the relations between the rainfall, groundwater variations
during typhoons, and the surface displacement behaviors were analyzed.
Additionally, a range of rainfall thresholds for issuing message were proposed. All
monitored and analyzed results were compared to draw out more detailed potential
sliding ranges; these may be used as a reference for future remediation. These
findings will be used as a reference for slope disaster prevention and maintenance
management.

Keywords Slope creep - Typhoon rainfall - Monitoring system - Groundwater -
Rainfall threshold value

1 Introduction

The test site discussed in this research is located in the Talun mountain area of the
Shiding District in New Taipei City, at an elevation of 550 m. The monitored slope
displacement and water level changes caused by typhoon rainfalls were analyzed.
Accordingly, the sliding range and sliding depth were determined and the infor-
mation was used to evaluate the feasibility and priorities of counter measures.
Finally, ranges of rainfall threshold values for slope instability were established to
provide a reference for risk management.
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2 Literature Review

2.1 Inclinometer Displacement

C.J. Jeng et al.

According to a suggestion by the Japan Landslide Association, we can classify the
different warning conditions of a landslide as shown in Table 1 (Shieh 2009):

2.2 Time Evolution of Creeping Landslide

Xu (2011) proposed that time evolution of a creeping landside can be divided into

three stages, namely the “initial stage,

EEINT3

constant stage,” and “accelerated stage,”

which has an obvious feature in its tangent angle when transferring from a S-¢ curve
into a T-t curve, as shown in Figs. 1 and 2.

Table 1 Different warning conditions of a landslide (Japan Landslide Association 1978)

Different kinds | Monthly Tendency Activities Notes
of warning displacement judgment
(mm)
Emergency More than 500 | Very significant | Rapid Collapse type,
slide collapse mudflow type
Accurate slide More than 10 Significant Actively Colluviums sliding,
motion deep-seated creeping
Semi-accurate More than 2 Slightly Slow Clay sliding, backfill
slide significant motion siding
Potential slide More than 0.5 Slightly Remain to | Clay sliding, talus
be seen sliding
Fig. 1 Slope sliding S
displacement (S) versus time ]l
() relation curves and
deformation stages (Xu 2008)
I
ke |
== |
A ' I
' |
to t1 t2 t3 t4 t5 ¢
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Fig. 2 Patterns of slope €
S-t curve (Xu 2011)
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Gradual change

Sudden Type Type

Unsteady Creep
Type

Steady Creep Type

Table 2

Daily cumulative rainfalls versus deformation of inclinometers

Item Daily cumulative rainfall (mm/day)

Surface deformation from inclinometer (mm)

1 30-50

0.5-2.0

2 50-150 2.0-4.0
3 150-300 4.0-6.0
4 300-500 6.0-10.0
5 >500 >10.0

2.3 Cumulative Rainfall and Slope Deformation

(Inclinometers)

Based on the monitoring results of inclinometers at Huafan campus, a preliminary
relationship between daily cumulative rainfall and surface displacement from
inclinometers has been analyzed. The results are shown in Table 2.

3 Geology and Topography Analysis

Figure 3 shows a satellite photo of the site. It indicates that the campus is located
near the top of a hill and four waterways flow downwards from the top. The main
strata outcropping at the site is Mushan strata, which mainly consists of sandstone
and shale. The slope has an east-west strike with a dip angle about 10°-20° toward
to the south, thus making the slope a dip slope. Site investigations conducted by
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Fig. 3 Test site satellite photo (2006)

core drilling and 2D-resistivity image profiling determined with terrain features
showed that the area has two small local faults. They are the Nanshikeng fault and
an A-fault with a strike in the northwest direction (Fig. 4).

The geological conditions of the site are determined using the results obtained
from a series of geological drilling surveys conducted over the years for the con-
struction of building plans and installation of monitoring equipment for slope
stability evaluation. Figure 5 shows the locations of inclinometers and
self-recording water level gages. Based on these core drilling surveys, the required
geological conditions for evaluating the slope stability were obtained.
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Fig. 4 Site geological map (Jeng et al. 2008)

4 Monitoring Data Analysis and Discussion

4.1 Groundwater Level Analysis

In this study, we used four self-recording water level gages to monitor the water
table. The relationship between rainfall and groundwater was studied and the time
lag of groundwater rise-up point to the peak rainfall was compiled. All rainfall and
groundwater level data were taken from the field at the Huafan University test site.

Figure 6 shows the locations of four self-recording water level gages. Figures 7,
8, 9 and 10 show the curves of the relationship between rainfall and groundwater
from April to October in 2013. These curves illustrate the changes in the water table
caused by rainfall. The influence factors of groundwater depend on the rain type,
rainfall amount, time lag, the slope location where the water level is observed, and
which season it is. Taking into account all these factors, the relationship between
peak rainfall intensity and time lag of the peak groundwater level response in these
four self-recording water level gages (W1-W4) were drawn. Meanwhile, the peak
rainfall intensity and the water table rise-up correlation diagrams are shown in
Figs. 11, 12, 13 and 14.
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Fig. 5 Locations of inclinometers and self-recording water level gages

Using the above data, we were able to identify the changes in the water table
caused by typhoon rainfalls. Influence factors discussed include the rainfall type,
rainfall amount, water level time lag, the water level, and the season of the year.
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water level

. gages

°
0 20 40

Fig. 6 Locations of self-recording water level gages

Based on all these water level changes, the largest value of water level rise-up
affected by the typhoon rainfall is near well W1. Therefore, the first priority for
slope stability improvement should be near the W1 observation well.
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4.2 Surface Displacement Analysis (Inclinometer)

The displacements of the slope during a typhoon were observed with 29 incli-
nometers and correlate with typhoon cumulative rainfall. Figure 15 shows the
location of the inclinometers. Different locations may imply different slope
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Fig. 14 a Peak rainfall intensity and time lag of the peak groundwater level response in W4.
b Peak rainfall intensity and the water table rise-up in W4

geometries, loadings, and hydrogeological conditions. All displacements triggered
by each typhoon were analyzed and the first nine inclinometers shows significant
displacement were chosen and are shown in Figs. 16, 17 and 18. The data points of
displacement for lower values are correlated separately with those for larger
accelerated displacement points in each figure. The turning points of these two
different correlation lines are obtained from each figure and marked on their hor-
izontal axis values as the threshold of the typhoon alert rainfall for each incli-
nometer. Based on these correlation curves and with reference to the acceleration
performance studies of critical sliding by Xu (2009), ranges of recommended
threshold rainfall were determined as listed in Table 3 for various areas.

According to the acceleration trend of surface displacement, ranges of rainfall
threshold for the nine inclinometers are proposed. Figure 19a shows the locations
of the aforementioned nine inclinometers. The accumulated rainfall issuing warning
message is approximately between 315-495 mm, and the lowest value is near the
Wuming building and sports ground, which means that the risk is highest at this
location.

Besides the value of inclinometer displacement discussed above, the displace-
ment rates of inclinometers are determined from the time history curves of each
inclinometer. The distribution of inclinometer displacement rate is shown in
Fig. 19b. The interval of displacement rate shown in the figure is 1| mm per month.
In the marked areas, the darker colors represent larger displacement rates, whereas
the lighter colors indicate smaller displacement rates. The distribution of incli-
nometer sliding depth is shown in Fig. 19c. The interval of sliding depth shown in
the figure is 10 m. A darker color represents sliding at a deeper depth, whereas a
lighter color denotes a smaller sliding depth.

Comparison of the distribution area from Fig. 19a—c shows that the areas with
significant surface displacements are the same as those with larger displacement
rate areas, and similarly coincide with those of deeper sliding depth areas.
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Fig. 15 Locations of inclinometers
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Table 3 Threshold of the accumulated rainfall for slope instability

Inclinometer Threshold rainfall Inclinometer Threshold rainfall
number (mm) number (mm)
SIS-1 420 SIS-25A 420

SIS-5 420

SIS-32

495

SIS-7 350

SIS-33B

315

SIS-17 420

SIS-40

460

SIS-20B

370
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Fig. 19 a Location of the nine significant surface displacement area based on the measurement of
inclinometers. b Distribution of inclinometer displacement rate. ¢ Distribution of inclinometer
sliding depth

5 Conclusions

1. When the peak rainfall is larger, the time lag of groundwater level rise-up will
be shorter, and the rainfall pattern is almost a rear peak type rather than any
other type of rainfall, which makes changes in the water table larger. Hence,
special attention needs to be given to the rear peak type rainfall pattern.

2. Among four holes of water level changes, the water level changing in W1
indicates that W1 is largely affected by the typhoon rainfall. Therefore, the slope
near the W1 observation well should be the first priority for slope stability
improvement.

3. According to the acceleration trend of surface displacement, ranges of rainfall
threshold in the nine inclinometers are proposed. The accumulated rainfall for
issuing warning message is approximately between 315-495 mm, and the
lowest value is near the Wuming building and sports ground, which means that
the risk is highest at this location.
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Topographic Characteristic

of the Rainfall-Inducing Landslide
in Slate Stratum—Case of Ai-Liao
Catchment, South Taiwan

Tien-Chien Chen, Ping-Yuan Jhang and Huei-Jing Ciou

Abstract This paper describes the topographic characteristics of the landslides
induced by 2009 Typhoon Morakot in Ai-Liao catchment, a slate geologic region.
The topographic analysis on DEM shows 52 % of landslides were larger than
10 ha, the average slope of landslides was 20°-40°, and 81 % of the landslides
were located at the hillside or the toe of slope. This was related to washing away by
the river. For a massive landslide, the analysis results also demonstrate that a certain
degree of deflection usually occurs before a sliding initiation. This suggests the
deformation of a massive landslide is progressive. Moreover, when the profiles
curvature of a landslide are close or above the curvature 1 X 10~* (I/m), the sliding
possibility of a massive landslide will increase.

Keywords Landslide - Rainfall - Topography - Curvature

1 Introduction

Previous studies indicated that the landslide locations can be quite different for
different triggering forces. For example, landslides induced by the rainfall mostly
distributed at the hillside and slope toe, so their scale is often greater than those
induced by earthquakes (Pierson 1977; Fuchu et al. 1999; Chang et al. 2007). In
order to explore the characteristics of the rainfall triggered landslides, we focus on
the catchment of Ai-Liao River. There are 2327 landslides after Typhoon Morakot,
as shown in Fig. 1 was identified. The geography information system and pre-event
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DEM were used to analyze the influence of the landslide depth, topography, and
location of landslides. Accordingly, the characteristics of the rainfall triggered
landslides were elucidated.

2 The Study Area

The Ai-Liao River flows through four towns at Pingtung County, South Taiwan.
The catchments area of Ai-Liao River is about 34,025 ha, 80 % of which are hills,
as can be seen in Fig. 1. Ai-Liao River is a consequent river on the western slope of
a mountain located in southern Taiwan, with 90 km river form the source of the
Zhi-ben Mountain (El. 2368.8 m).

The precipitation of the Ai-Liao River basin is very high, the average annual
rainfall of up to 4500 mm. Tertiary Lushan formation is the main stratum in the
basin that beings to a class of sub-metamorphic rocks which consists of slate and
phyllite. Figure 1 illustrates the landslide inventory and the geologic data of the
study area.

3 The Topography of Landslides

The geographic information system (GIS) is utilized to delineate the landslides and
to extract the topographic features from the DEM before typhoon event. Landslide
locations are divided into ridge, hillside and foot. Landslide size are also classified
into <1 ha, 1-10 ha, and 10-30 ha, and >30 ha as showing in Table 1. Landslides
are also classified into dip, anti-dip, orthoclinal of dip, and orthoclinal of anti-dip
(Table 2).

Fig. 1 Terrain, geology, and landslide inventory of Ai-Liao River
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Table 1 The four categories of landslide size

Landslide (ha) Number Number ratio (%) Landslide area ratio (%)
>30 24 1.0 24.6
10-30 92 4.0 274
1-10 701 30.2 37.5
<1 1505 64.8 10.5
Total 2322 100.0 100.0

Table 2 The four categories of landslide slope type

Slope type Number Number ratio (%) Failure ratio (%)
Dip 486 20.9 40.4
Anti-dip 251 10.8 7.4
Orthoclinal of dip 414 17.1 10.6
Orthoclinal of anti-dip 1171 51.2 41.6

3.1 Landslide Size and Slope Type

Table 1 contains the landslide number of different size categories in the area of
Ai-Liao River after Typhoon Morakot. The total number of landslides is 2327.
There were 24 landslides over 30 ha, and 92 landslides in 30-10 ha. There were
116 landslides over 10 ha in size, accounting for 5 % of the landslides. For the
landslide area ratio (landslide area over total landslide area) in Table 1, the land-
slide smaller than 1 ha was 10.5 %; the landslides in 1-10 ha were 37.5 % showing
that the landslides induced by rainfall have more middle and massive ones. For the
landslides over 10 ha in size the landslide area ratio accounted for 52 %, showing
that the large-scale landslides dominate the related hazards during Typhoon
Morakot.

2322 landslides (5 entries of terraces are deleted) were classified into four types
of slope. The location of dip slope is shown in Fig. 2. Table 2 shows that the
landslides were mostly on orthoclinal of anti-dip slope, accounting for 51 %, fol-
lowed by dip slopes. The orthoclinal slopes were 68.3 % in total. We inferred that
the slate in Ai-Liao River catchment was highly jointed for the well develop
cleavages and weak joints which not only reduced the rock strength but also
enhanced the groundwater level caused by heavy rainfall infiltration. This led the
shallow landslide on the orthoclinal slope apt to occur.

Furthermore, different slope type proportions of landslides for each landslide
size category are shown in Fig. 3. The dip slopes often has a larger landslide size as
shown in the figure. That is, the geological structure is the key influential factor of
large-scale landslides. Moreover, as the downward cutting of Ai-Liao River was
intense, stress releasing and cleavage are often founded in the hills. On the
orthoclinal slopes, the rock mass is often highly jointed or covered by thick
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Dip slope
Landslide

Fig. 2 Dip slopes and landslides distribution of the investigation area, the data of the dip slope
were adopted from Lin (2010)

Fig. 3 The statistics of
landslide size and type
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-
=10 4030
Landslide area (ha)



Topographic Characteristic of the Rainfall-Inducing Landslide ... 253

colluvium; therefore, it tended to develop into middle and small-scale landslides
(<10 ha).

3.2 Landslide Scale and Location

The statistics of the distribution of landslide locations at the Ai-Liao River are
shown in Fig. 4. The methodology by Muenier et al. (2008) was applied to illustrate
the distribution of landslide size and landslide location for the inventory. As shown
in Fig. 4, landslides were 359 at the ridge, 784 at the hillside, 1101 at the foot, and
83 over the whole slope. The proportion of landslide locations was densely at the
foot (47.31 %), followed by hillside (33.7 %), ridge (14.5 %), and whole slope
(3.6 %). The landslide spot frequently distributed at the foot and the hillside of
slope.

This study further investigated the distribution characteristics on large landslides
and small landslides. The distribution of landslides located on the ridge, hillside,
and foot are shown in Fig. 5 with separate figures for the landslide size larger or
smaller than 1 ha. Comparing the events in Fig. 5, the landslide size bigger than
1 hain ridge is 12.61 %; the one located at the foot is 54.71 %, and the whole slope
landslides had 8.57 %. Large landslide areas triggered by Typhoon Morakot (>30
and 10-30 ha) were started at the foot of slope, then expanded up to the hillside,
and extending over the whole slope at last. The landslides located on the hillsides
were caused by deep slides resulting from the intense and long lasting rainfall.
Otherwise, the landslides at the foot of slope were caused by the lateral erosion of
river channel.

The distribution of small size landslides shows the similar characteristics to the
big size landslides. Landslides were frequent and bigger at the foot of slope.

1 Legend
“ ® <1Ha .
O 1-10Ha [ Ridge
c.> 12533 ra [ Hiliside
I Foot

[ overall

Lv/L

Fig. 4 The distribution of landslide size and location
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Fig. 5 Landslides location at ridge, hillside, and toe of slope for area >1 ha (leff) and the area
<1 ha (right)

3.3 Gradient of Landslides

The average slope angle of the landslides in the study area is shown in Fig. 6. The
vertical axis is the percentage of the average slope angle of landslides. The his-
togram of each slope angle is the number of landslides. According to the statistics,
the landslides induced by Typhoon Morakot are mainly distributed on the slopes
with slope angles between 20° and 40°, accounting for 79 %. In general, the
gradient of the rainfall-induced landslides are moderate.

The failure ratio of landslides is shown in Fig. 7. The failure ratio is the landslide
area divided by the total area of each interval slope angles in the study area. The
vertical axis shows the percentage of each interval failure ratio in total failure ratio.
The histogram is the failure rate. It shows that the failure ratios are roughly similar

Fig. 6 The distribution of 80
average slope angle of failure

slopes in the catchment area

of Ai-Liao River during 60
Typhoon Morakot

40

20
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0‘-’-

010 4520
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Fig. 7 The distribution of
failure ratio for different slope
angles in the catchment area
of Ai-Liao River during
Typhoon Morakot

D .082 0. 0?80_0_92 -

to all slope angle intervals except the very gentle slope (slope angle small than 10°).
The result elucidated that the potential of landslides are not so different for the
gentle to the steeper slope in heavy rainfall events.

Percentage %

3.4 Shape of Large-Scale Landslides

The landslide size and location related to the shape of slope of large landslides were
illustrated in Fig. 8. Landslides with size large than 5 ha were chosen in the figures,
the plane and profile curvatures are set in the horizontal and vertical axis, respec-
tively. The combinations of plane and profile curvatures were classified into nine
blocks as shown in Fig. 8. Landslides were categorized into the location of ridge,
hillside and foot, and also into the size in 5-10 ha, 10-30 ha and >30 ha.

Figure 8 shows the massive landslides are mostly located at hillside and foot of
slope (left figure), and the landslides are mainly distributed at the foot of slope. The
landslides on hillside and foot of slope with the area smaller than 30 ha is mostly
distributed at convex and concave profiles; however, landslides greater than 30 ha
in area are mostly in the convex profile and located at the foot of slope. This is
significantly related to the headward erosion or valley stress releasing.

The large landslides are often formed as a deep seated landslide, the geological
process and structures are the main controlling factors. In the right of Fig. 8, there
were a pre-deflection for a massive landslide. The event in straight type slope in the
figure (such as type 4, 5, 6) is few. In the left figure, the massive landslides (over
10 ha) were numerous distributed at 1 convex-damp, 2 convex-linear, 3
convex-mouth, 7 concave-damp, and 9 concave-mouth, indicated that the bigger the
convex or concave topology before the collapsing, the bigger the landslide. The
right Fig. 8 also shows that if the topography of most of the event point is not
significant concave, it is significant convex, showing that the large scale of the
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area (mz)—curvature distribution (right) (reproduced from Ruhe 1975; Schaetzl 2013)

landslide are progressive failure, the mountain slope topography evolves gradually
into a convex ridge or a concave valley, and are continue till failure.

The curvature of the landslide sector is shown in Fig. 9, showing that when the
profile curvature reaches 1 X 107 (I/m), landslide events are elevated, in which
case, the ridge location has significant sliding potential than the foot. The hillside
and the foot of slope were more stable; the landslide percentage of the half of
landslides increased till the curvature reached 1 X 107> (I/m).

3.5 Depth of Shallow Landslides

Figure 10 illustrates the average depth of the shallow landslide case which is
defined as the landslide area of the event that is less than 1 ha. In general, the
landslide depth varies from 4.6 to 6.3 m, the average depth of the dip slope is 6 m,
and moreover the deepest of landslide depth is orthoclinal of anti-dip slope. Due to
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the dip slopes act frequently as a translational failure mode, the depth of dip slope
landslide is more uniform than the one of circular landslide.

4 Conclusion

The statistical analysis results of the landslides in Ai-Liao River catchment during
Typhoon Morakot were summarized as follows:

1. The average slope angles of landslides triggered by the Typhoon Morakot was
between 20° and 40°. The slope of rainfall-induced landslides is moderate.
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2. 52 % of the rainfall triggered landslide areas were more than 10 ha. Large
landslides accounts for 5 % in landslide number but took 50 % in area of all
landslides. The geological structure is the key influential factor of large-scale
landslides.

3. The rainfall triggered landslides were concentrated at the hillside and the foot of
slopes. This was related to the lateral erosion of river channel.

4. Typhoon Morakot inducing landslide located mostly on the orthoclinal slopes.
The result was related to the cleavage joints, intensive weak joints and the well
developed groundwater pathways in the study slate terrain.

5. The hill shape analysis showed that large-scale landslides deflected before
collapsing. The bigger the curvature the easier the occurrence of a large land-
slide. Most of large landslides is significant concave or convex before the
events, indicated that large landslide are deformation gradually.

6. When the profiles curvature of a landslide are close or above the curvature
1 X 107* (I/m), the sliding possibility of a massive landslide will increase, and
the ridge location has significant sliding potential than the foot and the hillside.
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Site Investigation and In Situ Testing
on Shallow Landslide Scars of Natural
Slopes Covered by Volcanic Ash

and Pumice Fall

Kentaro Yamamoto, Yukiyoshi Teramoto, Mizuki Hira
and Katsuhisa Nagakawa

Abstract The slopes composed of Shirasu and other volcanic product often fail
due to heavy rain in the rainy season. In order to prevent shallow landslides, six
field test sites, where past occurrence of landslides due to heavy rainfall were
identified, have been determined in the Takakuma experimental forest of
Kagoshima University. In this study, site investigation and in situ testing on
shallow landslide scars of natural slopes covered by volcanic ash and pumice fall
are conducted to investigate the stability of the slopes and the effect of revegetation
and soil development of forest topsoils from the viewpoint of forest ecology and
geotechnical engineering. In the site investigation, the growth condition of forest
trees, the measurement of dry density of topsoil and investigation using soil augers
are carried out. Furthermore, simple dynamic cone penetration test and the inves-
tigation of slope topsoil using a soil strength probe are performed in situ. Finally, a
judgment regarding the stability of slopes and the effect of revegetation and soil
development could be made.

Keywords Natural slope - Site investigation - In situ test - Revegetation - Soil
development
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1 Introduction

In Japan, forest occupies about 70 % of the country. Approximately 90 % of slope
failures occurring in Japan are shallow landslides and the trigger is usually rainfall
in Southern Kyushu. Kagoshima Prefecture is located in the southern part of
Kyushu Island. The surface ground in Kagoshima Prefecture is almost covered with
volcanic products, such as pyroclastic flow deposits including volcanic ash and
pumice fall and weathered igneous rock. The non-welded part of pyroclastic flow
deposits is called Shirasu in Japanese, which is classified as a sandy soil. The
density of Shirasu is lower than silica sand due to the porous properties of the
particles. Thus, Shirasu is relatively susceptible to erosion by the surface flow of
rainwater. When heavy rain falls every rainy season, shallow landslides often occur
on the slopes composed of Shirasu on which a thin surface humus layer is present.
It is well-known that these shallow landslides occur due to the flooding of forest
soils, the seepage of rainwater and an increase in self-weight of the soil mass. But it
is very difficult to predict quantitatively these shallow landslides due to natural
disasters.

In this study, site investigation and in situ testing on shallow landslide scars of
natural slopes covered by volcanic ash and pumice fall were conducted to inves-
tigate the stability of the slopes and the effect of revegetation and soil development
of forest topsoils from the viewpoint of forest ecology and geotechnical
engineering.

2 Field Test Sites

Six field test sites (Shirasu natural slopes covered by volcanic ash and pumice fall)
have been determined in the Takakuma experimental forest of Kagoshima
University as shown in Photo 1. The occurrence of landslides due to heavy rainfalls
was identified by investigating past records of the Takakuma experimental forest,
aerial photographs and the age of trees. In 2013, the elapsed years after the
occurrence of landslides range from 8 to 58 years as shown in Table 1. No. 1 site
has the shortest elapsed years and No. 6 site has the longest. These field test sites
are situated in the same field as shown in Fig. 1, facing the north and the height
above the sea level is about 520 m. The average inclination slope is over 37° and
the area of landslide scars range from 29 to 114 m>.

In Photo 1, No. 1 site is composed of various kinds of small trees and weeds,
while large trees like evergreen broad-leaved trees are mostly seen in No. 6 site.
Regarding the grain size in all field test sites, the percent finer by weight is
approximately 100 % when the grain size is less than 2.0 mm and the vast majority
is coarse sand (0.85-2.0 mm).
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Photo 1 Photographs of six field test sites

Table 1 Properties of shallow landslide scars on six field test sites

Test field point No. 1 No.2 |No.3 |No.4 |No.5 |[No.6
Elapsed years after the occurrence 8 12 22 28 40 58
of shallow landslide

Average inclination of slope (°) 42 38 41 37 40 39
Area of landslide scar (m?) 42 36 29 34 61 114
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Kagoshima

@ Test field No.

Fig. 1 Location of field test sites

3 Site Investigation

The identification of tree species, the growing conditions of forest trees, such as tree
height and diameter at breast height, the measurement of dry density of forest
topsoils and investigation using soil augers are carried out. Figure 2 shows the
number of trees, tree species and tree basal area for the elapsed years after the
occurrence of landslides. The number of trees and tree species peaked approxi-
mately 10 years after the occurrence of the shallow landslides, and then decreased
with time. Approximately 40 years after the occurrence of the landslides, an
apparent steady state was achieved. On the other hand, the tree basal area increases
gradually with time.

The Fisher-Williams’ index of diversity (Tagawa 1964) for forest trees and the
appearance rate of evergreen broad-leaved trees for all trees are obtained as shown
in Fig. 3. In the method of Fisher-Williams’ index of diversity, a is calculated by
solving the following equation:

S=oalog(l+N/a) (1)

where N and § are the number of all trees and all kinds of tree species, respectively.
It is found that the tendency obtained from Fig. 3a has a good agreement with that
from Fig. 2a, b, and a takes a value of approximately 8 when the elapsed years after
the occurrence of landslides is over 40. Based on the temporal variation of the
Fisher-Williams’ index of diversity, the forest located in the shallow landslide scars
reached a climax approximately 40 years after the occurrence of the landslides. In
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Fig. 3b, the appearance rate of evergreen broad-leaved trees increases with time,
and about 80 % of all trees is occupied by evergreen broad-leaved trees when the
forest reached a climax approximately 40 years after the occurrence of the
landslides.

Next, Fig. 4 shows the depth of an effective topsoil layer and dry density of
topsoils for the elapsed years after the occurrence of landslides. The depth of an
effective topsoil layer is measured by soil augers, and the value is the average of test
results at intervals of 1 m in vertical and horizontal directions on the area of each
field test site. As shown in Fig. 4a, the development of a depth of an effective
topsoil layer is relatively slow before approximately 30 years after the landslides,
and after that the development becomes rapid. Revegetation developed on the forest



264 K. Yamamoto et al.

Fig. 4 Depth of an effective Z 50
topsoil layer and dry density g 2~ (@ f — O
¢ o g 40 i

of topsoils for the elapsed R 30 /o/

years after the occurrence of Fa = 5

landslides ] ;g: = ig ey

T oo
0 10 20 30 40 50 60

@ 12 (b) R depth : 50cm
LE> 1.0 R et 'é?f,-,- - L —
B = -Q _ _ 8§ ST A
2 0.8 e = CART ==&
2 Lo .
S 0.6 .\; depth:30cm
] \ e
> depth: 10cm L4 L3
A %10 20 30 40 50 60

Elapsed years after the occurrence of landslides

soil and had grown to a thickness of approximately 40 cm by the time the forest
reached a climax approximately 40 years after the landslides. The average value at
No. 6 site (58 years have elapsed after the landslides) is 45.3 cm and the rate of
development of depth of an effective topsoil layer is 0.78 cm/year. This value is
higher than the average value 0.45 cm/year at shallow landslide scars on Shirasu in
Kagoshima city for 80 years (Shimokawa et al. 1989). It is worthy to mention that
the average inclination of slope is around 50° in Kagoshima city.

The soil profile is set for the upper and lower parts (2 points) at each shallow
landslide scar to measure the dry density of forest topsoils. The dry density for each
soil profile is measured by extracting the undisturbed sample at the depth of 10, 30,
and 50 cm using 100 ml cylindrical sampling. Note that the data is composed of a
pair of plots (the upper and lower parts of each shallow landslide scar). As shown in
Fig. 4b, the dry density of forest topsoils tends to decrease with time after the
occurrence of the landslide. Thus, the development of forest topsoils originates from
shallow to deep depths due to the growing tree roots and the supply of organic
substances followed by the revegetation of forest.

4 In Situ Testing

The simple dynamic cone penetration test and the investigation of slope topsoil
using a soil strength probe (“dokenbou” in Japanese) are performed in situ (Sasaki
2010). Figure 5 shows the results of simple dynamic cone penetration test at
No. 1 and No. 6 sites. Here, N4 value is the N value obtained from the simple
dynamic cone penetration test. As shown in Table 1, 8 and 58 years have elapsed
after the landslides at No. 1 and No. 6 sites, respectively. In Fig. 5a, the amounts of
penetration at No. 1 site are 9 and 25 cm when the number of blow is 0 and 1,
respectively. After that, the amount of penetration decreases and the value of Ny
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Fig. 5 Results of simple dynamic cone penetration test

tend to increase. Thus, it is supposed that the depth of an effective topsoil layer is
approximately 9 cm. Also, the penetration is stopped when the penetration reached
1.5 m. This is because the amount of penetration is less than 20 mm even when 10
blows are applied. On the other hand, the amount of penetration at No. 6 site is
6 cm when the number of blows is 0 and, the value of Ny increases until the
penetration depth is 10 cm as shown in Fig. 5b. After that, Ny decreases when the
penetration depth is approximately 60 cm. Thus, the depth of an effective topsoil
layer is around this depth. It is observed that the Ny value increases suddenly when
the penetration depth is approximately 3.3 m. As the trend, the amount of pene-
tration is relatively large even at few blows due to the forest topsoil, and the simple
dynamic cone penetration test could generally be continued until the penetration
depth is 5.0 m.

Next, Fig. 6 shows the results of vane cone shear test using “dokenbou.” This
figure is the correlation between vertical load Wvc (N) and torque Tvc (N*m) when
the shear test is conducted by changing the vertical load at least 4 times. These
cases have quite a good agreement and the strength parameters ¢ and ¢ of soils are
calculated by the following conversion formula:

c=10.16-Y, )

tanp = 12.04 - X (3)
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where ¢ and ¢ are the cohesion and internal friction angle, and Y, and X are the
intercept and slope of approximate equation. Note that this conversion formula is
based on the work by Sasaki (2010).

Finally, Fig. 7 shows the variation of cohesion, cqx (kN/mz) and internal friction
angle, @qx (deg.) obtained from “dokenbou” for the elapsed years after the occur-
rence of landslides. The data are all field test sites and the subscript letter dk denotes
the “dokenbou”. The values of cg and ¢4 decrease with the elapsed years after the
occurrence of the landslides due to the effect of weathering, the growing tree roots
and the soil development of forest topsoil followed by the revegetation of forest. In
general, the strength parameters and dry density tend to become smaller from the
surface layer when the elapsed years after the occurrence of the landslides are long.
Additionally, it is found that the mixing of pumice and tree roots has a great effect
on the results of the shear test when the test is actually conducted in situ.
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5 Conclusions

It was possible to conduct a follow-up survey of forest trees on Shirasu natural
slopes, since the period of shallow landslides is short, the age of some kinds of trees
which cover the final stage of transitions is long and the growth of trees is relatively
fast due to the geomorphological warm climates of the Southern Kyushu region.
Most of the shallow landslides involve forest trees in Japan. Thus, several indicators
can be proposed, such as, the diversity index of forest trees, the appearance rate of
evergreen broad-leaved trees and the depth of an effective topsoil layer quantita-
tively. From the viewpoint of forest ecology and geotechnical engineering, a
judgment regarding the stability of slopes and the effect of revegetation and soil
development could be made. In general, the strength parameters (cohesion and
internal friction angle) and dry density tend to become smaller from the surface
layer when the elapsed years after the occurrence of the landslides are long.
Furthermore, shallow landslides do not tend to occur regularly after 20 years have
elapsed since the last landslide, due to the growing tree roots having a stabilising
effect on the topsoil.
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Overhaul the Anchored Slopes in Taiwan

Hung-Jiun Liao and Shih-Hao Cheng

Abstract A catastrophic dip slope failure occurred suddenly at an anchored cut
slope of Freeway No. 3 in 2010 after 13 years in service. Among the factors
contributing to this landslide, serious corrosion on tieback anchors was the most
obvious factor in addition to the groundwater hydrology inside the slope. In the
past, most of the ground anchors in Taiwan were constructed with limited or no
corrosion protection. So, it is likely that the tieback anchors on slopes are suffering
similar corrosion problem under the humid weather condition. So, the Ministry of
Transportation and Communication (MOTC) of Taiwan government launched an
extensive island-wide investigation program to check the status quo of existing
anchored slopes along the highways, railways, and public roads. Not surprisingly,
corrosion is found to be a common problem for the existing ground anchors.
A national overhaul program for the anchored slopes along the highways and
railways has been launched. This paper covers the findings from the anchored
slopes inspection and the measures taken to improve the corrosion protection of the
existing anchors. In addition, some minor modification on anchor tendon assembly
and cement grouting process has been suggested to upgrade the corrosion protec-
tion of the new anchors.
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1 Introduction

A catastrophic dip slope failure occurred suddenly at an anchored cut slope of
Freeway No. 3 in northern Taiwan after 13 years in service (Fig. 1). Originally, this
slope was stabilized with a 20 m retaining structure and tied back with 10 levels of
anchors. Totally, 572 ground anchors were installed with a prestressed load of 60
tons each. The findings from the forensic investigation taken after the landslide
(CTGS 2011) had fundamentally changed the practice of anchored slope both in
construction and maintenance.

From the remains of anchors on site, it was found that a large portion of anchors
were seriously corroded (Fig. 2) due to improper corrosion protection under the
anchor head. As a result of corrosion, the capacity of anchors decreased and a
significant portion of tieback load was lost. Since ground anchors with the similar
construction practice have been widely used to support the roadside slopes in
Taiwan and are likely to suffer similar corrosion problem, the Ministry of
Transportation and Communication (MOTC) of Taiwan government launched an
extensive island-wide inspection program to check the status quo of existing

Fig. 2 Seriously corroded and broken steel strands found from at the landslide site



Overhaul the Anchored Slopes in Taiwan 271

Fig. 3 Deformed rails next to a moving anchored slope

anchored slopes along the highways, railways (Fig. 3) and public roads. Up to now
(July 2014), more than 30,000 anchors have been inspected. The preliminary results
from the anchor inspection indicate that anchor corrosion is a systematic problem
island-wide. The first aid remedial measure to protect anchors from further corro-
sion was on the existing anchors. Second, the stability of existing anchored slopes
will be resumed by installing additional anchors to make up the loss of anchor
capacity due to corrosion and other causes. Finally, comments on resuming the
stability of existing anchored slopes will be discussed also.

2 Status Quo of Ground Anchors When Landslide
Occurred

Fortunately, there were anchors and steel strands remained on the slope and can be
used to examine the anchors condition 13 years after installation. When anchors
were constructed, it was the standard operation procedure to inject the entire anchor
hole with cement grout first and then inserted the tendon assembly to the hole later.

Fig. 4 Ungrouted free anchor end (inside and outside of plastic sheath) found from anchors left
on sliding surface
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Fig. 5 Schematic diagram of ground anchor installed in the cut slope

However, the anchors left on the sliding surface (Fig. 4) showed that the annular
space between anchor hole and plastic sheath of the free anchor end was not fully
sealed with cement grout. Nor was the space inside the plastic sheath. Obviously,
some cement grout might leak out through the cracks and joints inside the slope or
might simply be a malpractice during anchor construction. As a result, steel strands
with improper corrosion protection were exposed to groundwater and corroded
later.

Figure 5 illustrates the voids in the free anchor length. Since all the anchors were
inclined downward, the void and the annular space outside the plastic sheath could
easily become a storage space for the perched groundwater inside the slope. The
existence of perched water in the anchor hole caused the steel strands constantly
exposed to or submerged under groundwater. Not for long, the steel components of
anchor corroded quickly. It was confirmed by the endoscope images taken later
when inspecting the steel strands under the anchor head. The majority of inspected
anchors illustrated a serious to very serious corrosion on steel strands.

In addition to the corrosion problem on ground anchors, groundwater stored in
anchor hole became a source of constant water supply to soften the material
strength of slope and the sliding surface as well. It in turns transferred more load to
the anchors. When the loading on corroded ground anchors reached the breaking
point, a sudden and fast moving dip slope failure occurred.

3 Inspection Procedure of Existing Anchors

The following steps have been taken to inspect the existing anchored slopes and
evaluate the residual stability of anchored slopes along freeways, major highways,
and railways:
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1. Visually inspect and hammer tap all the concrete protection cap of anchors
(Fig. 6): The integrity of concrete cap can be easily detected by hammer tap-
ping. Special attention must be paid to the cracks on concrete cap and the sign of
groundwater leaking out from the concrete cap. If there is a constant water flow
from within the anchor hole, calcium carbonate (white stain) will deposit under
the concrete cap and can be easily spotted.

2. Remove the concrete cap and inspect the steel strands and the wedges on
the anchor head (Fig. 7): If the integrity of concrete cap is good, normally the
appearance of steel strands and wedges will also look good. Otherwise, a clear
sign of corrosion can be observed on the strands and wedges.

3 Use endoscope to inspect the condition of steel strands beneath the anchor
head (Fig. 8): Usually, the appearance of anchor head components does not
necessarily correspond to the extent of corrosion on steel strands beneath the
anchor head. So, it is necessary to use endoscope to do a close up inspection on
the corrosion condition of steel strands.

Stain of CaCC):_l

TAEITR BRSO <

Fig. 6 Visual inspection and hammer tapping on the concrete cap of anchor

Fig. 7 Remove the concrete protection cap of anchor head
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Fig. 9 Lift-off test for determining the residual anchor load

4. Carry out the lift-off test to determine the residual anchor load (Fig. 9): It is
normal to have a residual anchor load varied within £20 % range of design
load. If the residual load goes beyond 120 % of design load, it can be an
indication of slope displacement; if the anchor load falls below 80 % of design
load, it may be resulted by problems from fixed end, free end, and anchor head.
For those anchors suffering serious strands corrosion problem, extra caution
must be exercised to avoid breaking the rusty steel strands during lift-off test.

As demonstrated in Table 1, an example anchor is used to demonstrate the
process to score the inspected anchor from the items evaluated. This example anchor
got a score of 70.75 and graded as “Fair” (Table 2). However, it suffered severe
strands corrosion and its residual load is between 0.8 and 1.1 Tw. This is the type of
anchor which needs more caution. The high residual anchor load may be an indi-
cation of slope displacement and a sudden failure may occur due to strands breakage.
Based on the anchor inspection results on the selected anchors, the overall safety of
an anchored slope can be evaluated by adding up all the total score of inspected
anchors and then divided by the number of inspected anchors. It yields a value of the
anchored slope and can be used to grade the anchored slope using Table 3.
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Table 1 Example case of an anchor inspection result

No |Item Weighting (%) | Score
1 Visual inspection on concrete protection cap 10 10
2 | Inspection on steel strands and wedges on anchor head 15 11.25
3 Endoscope inspection on steel strands beneath the anchor head |30 4.5
4 Determine the residual anchor load by lift-off test 45 45
Total score 70.75

Table 2 Grading of single anchor based on the inspection score

Total score Grade Remarks
0 X (out of function)

B =30 A (Very poor)

30<B=55 B (Poor)

55<B =80 C (Fair) |

80< B D (Normal)

Table 3 Grading of an anchored slope based on score summation of inspected anchors

Overall score Grade Remarks
o =30 A (Very poor)

30<a=55 B (Poor)

55 <a =80 C (Fair)

80 < a D (Normal)

Note o, = X total score of inspected anchors/No. of inspected anchors

4 Comments on Anchored Slopes Inspection

After inspecting tens of thousands ground anchors in Taiwan, it is certain that
almost all the anchors installed in Taiwan have suffered various degrees of corro-
sion. Where the ground anchors are below the groundwater surface, anchor cor-
rosion can be severe; where anchors are above the groundwater surface or no
groundwater present, anchor corrosion can be minor. However, following the
above-mentioned steps to inspect the anchors on anchored slopes, there is no clear
relationship among the findings from each step. For example, the visual inspection
on the concrete cap of anchor could not unveil the results of the corrosion condition
of steel strands under the anchor head. In addition, there is no clear relationship to
link the visual inspection results from either concrete cap inspection or endoscopic
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inspection of steel strands to the residual capacity determined from the lift-off test
on ground anchors. In other words, good exterior condition of concrete cap cannot
guarantee no corrosion on the steel strands and/or wedges. Minor corrosion on the
steel strands observed from endoscope does not mean that the existing anchors can
provide good residual load to withhold the slope from sliding. Finally, since only
10 % of total ground anchors on each slope are carried out the lift-off test, it is
concerned that the test number is under representative, especially when there is a
large variation among the residual loads of test anchors.

The lift-off tests carried out on the existing anchors showed a large majority of
anchors, which were experiencing a presstressed load loss. In other words, the
residual load of anchor is smaller than the design load. This is not a surprise to the
local engineers because the high groundwater level and weak/fractured rock con-
ditions of the anchored slopes are common problems in Taiwan and are likely to
lead to a prestressed load loss of anchor. When the prestressed load is decreased, it
should take a close look on not only the unusual surface and groundwater flow but
also the cracks on the retaining structure and/or on the slope surface. If no sign of
slope instability is observed, it indicates that slope is still under stable condition and
the ground anchors are in balance with the current slope condition even though the
prestressed anchor load had decreased. Under this situation, there is no need to
re-stress the anchors back to the original design load.

On the other hand, if a majority of anchors on a slope showed an increase in
prestressed load. Then it is necessary to study the causes of the anchor load increase
and find the suitable remedial measures. However, it is not suggested to lower the
residual load of overstressed anchors because it may deteriorate the stability of
slope and trigger further slope displacement. In fact, if the anchor load of an
anchored slope is increasing, it is an indication that the original anchor load is under
designed and it is necessary to install additional anchors to keep the stability of the
slope. For this case, more information about the slope is needed for reevaluating the
stability of slope, including the geological and groundwater conditions of the slope.

It is also often to find that the residual load of anchors is lower than the design
load and the steel strands are suffering corrosion problem. However, the slope still
looks to be stable. Under this condition, the corrosion problem could be dealt with
first by sealing the void in the anchor hole with cement grout. Since it is uncertain
about how much anchorage capacity of the test anchor left and how much more
loading can be taken beyond the residual load? Normally, a load reduction factor is
applied to the corroded anchors and extra anchors are installed to make up the
anchorage capacity loss due to corrosion and to resume the stability of slope.
However, if no sign of slope instability is observed and the corrosion condition of
anchor is still acceptable, it is possible to just do the first aid measure to stop the
anchor from further corrosion and leave the anchors as they are. Then keep this
anchored slope in the routine slope inspection list.
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5 First Aid Measures for Corroded Anchors

As learned from anchor inspection, anchor corrosion is a common problem in
Taiwan. Two major steps have been taken by the Highways and Freeways
Authorities to deal with the problem: (1) to prevent the current anchor condition
from getting worse, (2) to bring back the stability level of the existing tied back
slopes. For the former, cement grout was injected to fill up the void underneath the
head of existing anchor to stop further corrosion on steel strands. For the latter,
additional ground anchors were installed to make up the loss of anchor capacity due
to corrosion. Routine maintenance and monitoring program for the existing
anchored slopes are also exercised.

The corrosion problem occurred on ground anchor is partly due to malpractice of
anchor construction and partly due to the humid weather and geological condition
of the site. Since the cause of corrosion is initiated from the ungrouted void under
the head of existing anchors, it is essential to be sure that the void under the anchor
head is filled up with cement grout to stop further corrosion on steel strands. This
work was carried out by drilling two holes from outside to the void (Fig. 10). One
hole is for cement grouting; the other is for air ventilation. Cement grout
(water/cement ratio = 0.5) is injected to the void with grouting pump first. Since
cement grout may settle or leak out from the anchor hole, such a pumping process
takes time and may have to repeat several times. An intravenous injection method is
adopted as the final step of the grouting work to make sure cement grout has filled
up the anchor hole (Fig. 10). When the cement grout is effluent from the ventilation
hole and is in balance with the grout supply bottle, then it can be certain that the
void underneath the anchor head is fully filled with cement grout.

To facilitate the inspection work on anchor head later, the traditional concrete
protection cap for the anchor head is replaced with a galvanized metal cap. The
metal cap is mounted to the steel bearing plate with screws and sealed with an
o-ring under it. So, it can be easily removed for the anchor head inspection later.
Inside the metal cap, proper anticorrosion grease or mastic is used to protect anchor
head from further corrosion.

Anti-corrosion
| grease or mastic

Cament grout

Cement grout intravenous (IV) feeding for existing anchors

Fig. 10 Fill up the void under anchor head with cement grout
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6 Modification of Tendon Assembly

For the new anchors installed to resume the stability of slope, the corrosion pro-
tection is the key issue to be taken care of (Fig. 11). Special attention is paid to the
free anchor end right under the anchor head and the components of anchor head. To
facilitate the cement grouting to the space outside the sheathing at free anchor end, a
hole is predrilled on the bearing plate for cement grout injection together with some
ventilation measure for grouting. Having done all of these, it can effectively prevent
groundwater from seeping into the void underneath the anchor head.

The troublesome seal used to separate the fixed end and free end grouting is
removed from the modified tendon assembly. It is replaced by sheathing each steel
strand on free anchor end and sealed at the bottom of the sheathing with heat shrink
tube (Fig. 11). Similar type of tendon assembly was also illustrated in the book by
Hanna (1982) and BSI (1989). Without the seal between free end and fixed end, it
can facilitate the process of anchor grouting a great deal. In addition, the modified
tendon assembly uses only corrugated sheathing for both free end and fixed end of
anchor. There is no connecting point in the entire sheathing and so no opening for
cement grout to leak out. It is different from the traditional tendon assembly which
uses smooth sheathing for the free end. At first, it is concerned that the load transfer
mechanism of anchor with full length corrugated sheathing may be different from
that of half corrugated—half smooth sheathing anchor. However, it has been
pointed out by Lin (2014) that there is no obvious difference in the surrounding
stress distribution around stressed anchors with either type of tendon assembly. So
the anchor with full length corrugated sheathing is recommended for the anchors to
be installed in the future.

To evaluate the current stability of existing anchored slopes, it needs to know the
current anchor load applied on the slope. However, if no load cells were installed or
no lift-off test was carried out, it is not possible to estimate the residual load of
existing anchors. But it is also practically not possible to install a large number of
load cells or to carry out many lift-off tests due to the high cost required. To solve

Grouting hole

Bearing plate

Protection cap
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Pipe  PiPe

Sheathed
steel strand

Band

Shrink tube seal
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Welded joint \Anchor head  (©Ptional)
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Fig. 11 Tendon assembly for supplement ground anchors
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Fig. 12 Interpretation of anchor load change from the relative displacement of strands

this problem, a special arrangement of tendon assembly is adopted for the new
anchors (Fig. 11). Among the strands in the tendon assembly, one strand was
deliberately not locked with wedges and was used as the reference strand to measure
the relative elongation () of stressed steel strands. As the loading of anchor changes,
the length of stressed strands in the free anchor end will change also (Fig. 12). Under
this condition, the relative displacement between reference strand and stressed
strands can be easily measured from the regular inspection on anchor head. Knowing
the relative displacement (3), the change of anchor load (AP) can be determined from
the equation AP = FA/L, where E is the elastic modulus of steel strand (= 2100
t/cmz), A is the summation of cross section area of steel strand, L is the effective free
length of strands. Knowing the residual anchor load will be very helpful reevaluate
the stability of slope in the future (Lee et al. 2012; Liao et al. 2013).

7 Conclusion

Based on the findings from the nationwide anchored slopes inspection and the
measures taken to resume the function of tieback anchors and the stability of slopes,
the following conclusions can be drawn:

1. The findings from the investigation on the sudden failure of a roadside dip slope
on Freeway No. 3 unveiled the serious corrosion problem of the anchors in
Taiwan. Not properly sealed void underneath the anchor head is the main spot of
steel strands corrosion. It requires immediate first aid treatment to stop further
corrosion. For the new anchors, the corrosion protection of the anchor head and
the strands underneath needs to be carefully treated.

2. Field anchors which suffered various extents of corrosion are in a delicate
balance between residual tieback load and residual material strength of various
anchor components. Any increase in loading or any further decrease in material
strength due to corrosion may trigger a chain reaction failure among anchors.
Because of unevenly redistributed loading among wires or strands and reduced
elongation capacity of corroded steel strands, anchor tends to break suddenly
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when the applied load becomes only marginally larger than the residual anchor
load. The breakage of anchor strands will result in a sudden and fast moving dip
slope landslide like the one occurred in Freeway No. 3.

3. To prevent the condition of corroded strands from getting worse, the void under
the anchor head can be sealed with cement grout and cut off any contact between
steel strands and air/water. Anchor heads should be protected with anticorrosion
grease or mastic and covered with galvanized metal cap.

4. Normally, a reduction factor is applied to the corroded anchors and extra
anchors are installed to make up the anchorage capacity loss due to corrosion. If
no sign of slope instability is observed, the original design anchor load is usually
applied to the slope again by installing additional anchors to the slope. Even
though, the original anchor load was obviously over-designed. The new anchors
should have good corrosion protection and hopefully can self detect the anchor
load change.
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A Study by Field Measurement

and Numerical Simulation About
Rainfall Seepage Mechanism in Case
of Torrential Rainfall

Toru Danjo, Tomofumi Koyama, Hideki Nakamura, Yuto Tsuruzawa
and Naoki Fukuyama

Abstract To investigate the mechanism of rainwater infiltration into an unsatu-
rated soil slope during torrential rainfall, we conducted a field measurement and
monitoring of the rainfall for a year, pore water pressure, and pore air pressure on a
natural slope located in Fukuchiyama city in Kyoto, Japan. In 2013, torrential
rainfall was observed at the study site on August 31 and September 15. This study
presents the measurement data collected during the two torrential rainfall events and
compares them with a saturated—unsaturated flow simulation of fluctuations in water
content inside the slope, which was performed using a two-dimensional (2-D) finite
element method (FEM). The simulation results and field measurement data are then
used to explore the influence of pore air pressure on the rainwater infiltration
mechanism at different rain intensities.

Keywords Monitoring - Saturated—unsaturated flow simulation - Torrential
rainfall - Rainwater infiltration - Pore water/air pressure
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1 Introduction

Recently, landslide disasters have been reported in Japan due to torrential rainfall and
the so-called guerrilla-like rainfall. Therefore, investigating the mechanism of rain-
water infiltration during torrential rainfall to evaluate slope stability is important, and
many researchers have undertaken investigations on these issues. For example,
Raharjo et al. (2005) carried out an in situ field measurement of pore water pressure
changes during infiltration. They reported on the relationship between total rainfall
and runoff, the influence of initial condition of slope on this relationship, and the
influence of rainfall patterns on changing pore water pressure. Kitamura et al. (2000)
and Sako et al. (2006) carried out in situ field monitoring to predict rainfall-induced
landslides and discussed the relationship between rainfall intensity and seepage
behavior in unsaturated soil. However, these researches rarely considered rainfall
infiltration into slopes under torrential rainfall with very high rainfall intensity. Since
the geologies and geological structures of slopes are different, investigating soil/rock
conditions and material properties in detail is necessary for a more accurate evalu-
ation of slope stability during torrential rainfall. Measuring and/or monitoring the soil
water content and saturation before rainfall is also necessary, because these initial
conditions will significantly affect the flow simulation results. Field measurements of
initial in situ moisture can also be used for data assimilation (back-analysis), thereby
improving the accuracy of future slope stability analyses and predictions.
Therefore, the authors introduced an ongoing field monitoring system on the
slope of a national road located in Fukuchiyama city in Kyoto, Japan. Measurements
taken include the amount of rainfall and the pore water and pore air pressures. In the
present study, saturated—unsaturated flow simulations of this slope were performed
to investigate rainwater infiltration into the slope during rainfall at different inten-
sities, with rainfall events in August and September 2013 serving as the subject
cases. The flow simulation results were compared with field measurements, and the
effects of pore air pressure on the rainwater infiltration mechanism were explored.

2 Field Measurements and Monitoring

2.1 Outline of Field Measurements and Monitoring

The subject slope in this study is located along a national road in Fukuchiyama city
in Kyoto, Japan. Black clayslate and mudstone, which belong to the Maizuru and
Yakuno groups (Maizuru Zone), are widely distributed in this area. These rocks are
fractured, with relatively high permeability. The subject slope is also located near a
past landslide area. The inclination of the slope is approximately 42°.

Rainfall, pore water pressure, and pore air pressure were measured. Pore water
pressure sensors were installed along three different lines (upper, middle, and lower)
of the slope at four different depths (0.2, 0.4, 0.6, and 0.8 m). Pore air pressure
sensors were installed along the same lines at the depth of 0.8 m (see Fig. 1). A rain
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Fig. 1 Geological cross section of the slope based on the geological survey and measurement
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Fig. 2 Sensors and measurement tools used in the present study

gauge was set near the slope at a location where it would not be surrounded by tall
obstacles such as trees. The measurement interval for the pore water and pore air
pressure sensors was 1 min, and the interval for the rain gauge was 10 min.

The tensiometer used for measuring pore water pressure consists of a ceramic
cup (DAIKIRIKA Ltd., DIK-3000-05), a semiconductor pressure sensor (Copal
Electronics, PS7-102, 0 to —98 kPa, 0.3 % FS), and an acrylic pipe filled with
degassed water (see Fig. 2). The pore air pressure sensor consists of an acrylic pipe
and a pressure transducer (Kyowa Electronic Instruments Co. Ltd., PGM-02 kg, 0
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to 20 kPa, £0.5 % RO). To measure pore air pressure, the measurement section of
the pipe was set in the ground at the measurement depth, and a pressure sensor was
installed at the top of the pipe (Sako et al. 2011). The rain gauge used was a
tipping-bucket rain gauge (SEC Co., Ltd., TA-WL-2S).

2.2 Results and Discussion

Due to space limitations, this study discusses only the results obtained from the
sensors installed at the upper part of the slope. The pore water and pore air pressure
measurements taken during the short-term, high-intensity rainfall from August 31,
2013 to September 5, 2013 are shown in Fig. 3. The total amount of rainfall was
237.4 mm, and the maximum 10-min rainfall intensity was 8.2 mm. The pore water
pressure began to increase from the shallow to the deep parts of the slope with
rainwater infiltration into the slope. The pore air pressure measured at the depth of
0.8 m increased rapidly at the beginning of the rainfall. After the pore air pressure
decreased at 12:30 AM on September 1, the pore water pressure at the depth of
0.6 m increased, suggesting that pore air may be compressed at depths between 0.6
and 0.8 m. Therefore, we conclude that rainwater infiltration is significantly
affected by pore air pressure.

From September 15, 2013 to September 16, 2013, relatively long-term rainfall
with low rain intensity was observed (see Fig. 4). This rainfall was caused by
typhoon No. 18. The total amount of rainfall was 186.8 mm, and the maximum
10-min rainfall was 3.8 mm. The initial pore water pressure inside the slope was
higher than that on August 31 and may have been affected by the rainfall observed
on September 5, 2013. At 8:20 AM on September 15, the values of pore water
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pressure measured by tensiometers installed at depths of 0.2, 0.4, and 0.6 m
increased due to rainfall infiltration. The pore water pressure at the depth of 0.2 m
then remained high, even though no rainfall was observed for the following 2 h
(between 9:00 AM and 11:00 AM), suggesting that infiltrated rainwater was stored
around the slope surface. Rainfall resumed at 11:00 AM, and the pore water
pressure measured at the slope surface quickly increased. The tensiometers installed
in the deeper part of the slope then showed increasing pore water pressure with
rainfall infiltration. The pore air pressure observed from September 15 to September
16 was lower than that observed from August 31 to September 5. Therefore, we
conclude that rainfall intensity significantly increases pore air pressure.

3 Numerical Simulations

3.1 Governing Equation for Saturated-Unsaturated Flow

The governing equation for saturated—unsaturated flow simulations can be derived
from the mass conservation equation and Darcy’s law, as follows (Akai et al. 1977):

0 0 0
KoK - g = )+ ps) 5

i,j = 1,2(1x,2y)

()

In this equation, @ is the volume water content, y is the pressure head (matric
suction), K(y) is the relative permeability, K;; is the hydraulic conductivity tensor
for the saturated state, c(y) is the specific water content (defined as on/0y, where
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n is porosity), £ is 1 in the saturated area and O in the unsaturated area, S is the
specific storage, and ¢ is the time.

3.2  Numerical Model of the Slope

The analytical domain was 43 m wide and 40 m high. The lower part of the slope,
defined as the region 8 m below the national road, was also included in the model.
The geological cross section of the slope is shown in Fig. 5 and is defined on the
basis of a geological survey, boring survey, and standard penetration tests. The
rainfall boundary was applied along the ground surface of the slope, and the flow
rate was fixed. The flow rate was calculated from the rainfall intensity records
obtained from the on-site rain gauge. The boundary conditions of the slope in
Fukuchiyama are shown in Fig. 6. The mechanical and hydraulic material prop-
erties of the surface soil and bedrock are shown in Table 1 (Tsuruzawa et al. 2014).

43m
Rainfall
boundary
N\

L
\\

40m

Impermeable
boundary

Surface layer
DL class

CM class

8m

—— Groundwater table
CL class

Fig. 5 Geological cross section and the location of groundwater table

Table 1 Mechanical and hydraulic properties for each layer of bedrock at the study slope

Weathering y (kN/m>) ¢ (kN/m?) 0 (©) k (m/s)
Surface soil 18 2 33.72 9.62 X 1073
DL class Highly 20 100 30 1.0x 1077
CM class Slightly 25 1000 40 50%x 1078
CL class Moderately 22 500 40 1.0x 1078
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Fig. 7 Saturated characteristics of the surface soil and bedrock

The properties of the surface soil layer were obtained using in situ permeability
tests. The bedrock was categorized as DL (highly weathered), CM (slightly
weathered), or CL (moderately weathered) on the basis of the rock mass classifi-
cation commonly used in Japan. The classifications were obtained from the
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Fig. 8 Measurement (a) and analysis (b) results of pore water pressure

literature (Ministry of Land, Infrastructure, Transport and Tourism 2011). The
lithological character is shell, chert, and sandstone distributed in the DL, CL, and
CM class bedrocks, respectively. The unsaturated soil/rock properties of the surface
soil and bedrock are shown in Fig. 7. In this study, as there were no laboratory data
for unsaturated soil/rock properties, the linear relationship between the degree of
saturation and suction/relative permeability for bedrock (DL, CM, and CL layers)
was assumed for simplicity. The impact of this simplification on rainfall infiltration
in the surface soil was small, because there is only one order of difference in
saturated hydraulic conductivity between the surface soil and the DL class bedrock.
The nonlinear relationship between the degree of saturation and relative perme-
ability for the surface soil was given on the basis of the Van Genuchten (VG) model
for sand, as the saturated hydraulic conductivity for surface soil is 8.25 X 107> m/s
in the laboratory hydraulic conductivity test. The relationship between the degree of
saturation and matric suction was assumed to be linear for simplicity.

4 Comparison of Measurement and Analysis Results

The measurement and analysis of pore water pressure and rainfall from August 31,
2013 to September 5, 2013 are shown in Fig. 8a, b. The results obtained by
measurement and analysis at the depth of 0.2 m appeared to be relatively coinci-
dent. Analysis results for pore water pressure at depths of 0.4 and 0.6 m agreed with
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Fig. 9 Measurement (a) and analysis (b) results of pore water pressure on

the field measurement results. However, the arrival time of a phreatic line is dif-
ferent in the simulations and field measurements. The arrival time of the phreatic
line is much earlier in the simulation than in the measurement. The time evolution
of pore water pressure at the depth of 0.8 m is totally different in the simulations
and the field measurements. This may be caused by the fact that rainwater infil-
tration was prevented by the increased pore air pressure. The increase in pore air
pressure is not considered in the saturated—unsaturated flow simulations.

The results of the measurement and analysis of pore water pressure and rainfall on
September 15,2013 and September 16, 2013 are shown in Fig. 9a, b. As can be seen
in the figure, the initial value of pore water pressure (9/14 4:00 AM) in the field is
different from that in the analysis results. This is because the pore air pressure is not
considered in the saturated—unsaturated flow simulations. It was found that if the
seepage flow analysis without pore air pressure is analyzed for a long time, the
infiltration behavior between the field measurement and the analysis differs.

5 Conclusion

In this study, saturated—unsaturated flow simulations using two-dimensional FEM
were performed to investigate the rainwater infiltration mechanism during torrential
rainfall. The simulation results were compared with the field measurement data. The
findings obtained from this study are summarized as follows:
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1. By installing a tensiometer and a pore air pressure sensor at the site, it was
confirmed that the pore air pressure values increased during torrential rainfall,
and the increase in pore air pressure significantly affected rainwater infiltration.
Thus, the phreatic line does not arrive at the deeper part of the slope. [Remark 6]

2. The simulated pore water pressure did not agree well with the measurement
data. This is possibly due to the pore air pressure not being considered in the
saturated—unsaturated flow simulations.

In the near future, we plan to develop a methodology for simulating the
two-phase (rainwater and air) flow to obtain more accurate simulation results.
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Numerical Simulation for the
Earthquake-Induced Deformation

of a Residential Land Slope Reinforced
with Landslide Prevention Piles

Taisuke Watanabe, Akihiko Wakai, Takayuki Fukazu, Ryo Obuchi,
Tomohiro Mori and Shingo Sato

Abstract In this study, a numerical simulation for the earthquake-induced defor-
mation of a residential land slope reinforced with landslide prevention piles is
presented. The objective slope is a real residential land slope in Sendai city,
damaged at the time of the 2011 off the Pacific coast of Tohoku earthquake. The
focus of the study is placed on the effectiveness of the landslide prevention piles in
the slope which have been constructed before the earthquake. Reproduction anal-
yses for the slope which has been constructed these piles are performed with 2D
dynamic elasto-plastic finite element analysis considering strain-softening charac-
teristics of the soils. In addition, analyses which assumed the slope without these
piles are performed for a comparison, and the effectiveness of these piles is
considered.

Keywords Residential land - Filled slope - Landslide prevention pile - The 2011
off the Pacific coast of Tohoku earthquake - Finite element analysis

1 Introduction

At the time of the 2011 off the Pacific coast of Tohoku earthquake (the 2011
earthquake), a large number of damages in residential lands of the Tohoku district
with serious ground deformation were observed. In particular, the hillside
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residential lands in Sendai City suffered serious damage (Wakai et al. 2012). Some
of the residential lands had been damaged by the 1978 Miyagi-ken-oki earthquake
(the 1978 earthquake) (Kawakami et al. 1978). Midorigaoka 1-chome and 3-chome
district are districts that had been damaged, and just after the 1978 earthquake,
several measures such as landslide prevention piles, and dewatering method were
installed (Asada 2008). As a result, in the 2011 earthquake, there was no damage in
1-chome. It is probable that there was a certain effect on the measures. In contrast,
in 3-chome district, long-distance movement of the whole fill slope as sliding
collapse was prevented, but there was serious damage such as houses lean by
ground deformation. In particular, by the displacement values measured after the
earthquake (Wakai et al. 2012), it is estimated that the piles installed on upper part
of the fill slope were greatly beyond the yield strength (Miyagi Prefecture 2011).
Thus, in terms of conservation of houses on residential land, it is critical to verify
the ground deformation quantitatively.

The purpose of this study is to verify the effect of the prevention piles by 2D
dynamic elasto-plastic FEM (Finite Element Method), with reference to the 2011
earthquake disaster of the case in the 3-chome district.

2 Overview on Damages of Midorigaoka 3-Chome District

Midorigaoka 3-chome district is a residential area which was developed from 1961
to 1962 by cutting some parts of the hillside and using the materials as fill for the
two deep valleys (Fig. 1; Wakai et al. 2012; Fukken Gijyutsu Consultant Co., Ltd.
2008). The residential land had suffered enormous damage due to landslide-type
failure during the 1978 earthquake. After the 1978 earthquake, landslide prevention
piles (steel pipe piles: ¢ = 318.5 mm) were installed in five rows in zigzag to 1.5 m
interval, and two groundwater drainage wells and horizontal drainage drilling were
installed (Fig. 2; Wakai et al. 2012; Miyagi Prefecture 2011).

In Fig. 2, part of damage situation during the 2011 earthquake is shown. In the
2011 earthquake, some of the piles of 1-2 lines and 5 line were tilted to downhill
side and they were exposed on the ground surface, and the surrounding ground
became irregular. In addition, on the surface of top of the landslide block (around A
in Fig. 2), numerous tension cracks and ground-level gaps in an arc were caused on
the ground. From this situation, it is supposed that there are prevention effects on
sliding collapse, but large deformation of the ground surface is caused. As a result,
houses and the foundations suffered serious damages.

In Fig. 2, the residual displacement values (Horizontal displacement between the
pile head and sliding plane) of steel pipe piles that have been measured are also
shown (Miyagi Prefecture 2011). From the displacement level, it is estimated that
the bending moment of many piles has been exceeded the yield strength.
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3 Verification of Effect on Landslide Prevention Piles

3.1 Analysis Model and Conditions

Figure 3 shows two-dimensional finite element meshes for the simulation. Object
section is A—A' line in Fig. 2. It is estimated that the object of section for analysis
consists of three layers, (A): detritus (fill), (B): weathered tuff, and (C): tuff. It is
presumed that (A) is a soft ground by the N-values especially. However, the
detailed soil test (such as cyclic triaxial test) in 3-chome has not been done.
Therefore, the results of soil test (cyclic triaxial test) by samples which was col-
lected in another residential land in Sendai City (Mori 2009) are determined by the
parameters of constitutive equation of materials (a simple cyclic loading model
incorporate strain-softening characteristics (Ugai and Wakai strain-softening model,
total stress model)) (Wakai et al. 2010). However, about the deformation mode of
whole slope after earthquake, it varies greatly with depth of layer causing the
strength of soil to decrease sharply by cyclic loading. Based on the above, in this
study, it is assumed that the ground conditions are in the following types, (a): there
is a clear sliding surface at boundary between (A) and (B) (strain-softening type
(B) in Fig. 3), (b): there is a possibility that whole fill slope can be sheared totally
by strain-softening (strain-softening type (A) in Fig. 3) (Fig. 4 shows overview of
two types of ground conditions).

Houses are assumed to be elastic bodies and their parameters are determined
with the natural period of general wooden two storey houses (Japan 2 X 4 Home
Builders Association 2007).

Landslide prevented piles are assumed to be elastic-perfectly plastic materials
with critical moment values in bending moment. In addition, for comparisons, the
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Fig. 3 Two-dimensional finite element meshes for the simulation
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Fig. 4 Two types of ground conditions for the analysis
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Table 1 Analysis cases for the simulation

Case Ground conditions Type of prevention piles Ground water
1 A - -
2 A Elasto-plastic -
3 A Elastic -
4 B - X
5 B Elasto-plastic X
6 B Elastic X
Fig. 5 Input motion & 4.0
E |
= 2.0
.2 i
g 007
< -2.01
8 4
2 4.0
0 50 100 150 200 250 300
*Input base motion (E+F) time(s)

projected in the analysis section direction

case where the piles are assumed to be elastic bodies, as well as the case without the
piles are performed. Table 1 is the summary of the analytical cases.

Figure 5 shows input seismic wave motion which has been pullbacked to base.
The motion is the observation waveform of nearby “Small-Titan” (Strong Motion
Array of Local Lots by the Tohoku Institute of Technology Area Network).

In addition, to consider the 3D effect, the piles stiffness are set as a unit width to
consider 1.5 m interval and pile diameter (® = 318.5 m) for flexural rigidity per
pile.

3.2 Analytical Results

Figure 6 shows the residual deformation of ground conditions (a) (casel—case3). In
the casel (without the piles), the layer near boundary between bedrock and fill are
sheared largely, and the displacement is caused in the ground surface. On the other
hand, in the case2 and case3 (with the piles), deformation is suppressed, it is
estimated that the effect of the prevention piles appears. In particular, in the case3
(assuming elastic body piles), the deformation is smaller than case2 (assuming
elasto-plastic body piles). Thus, it is suggested that the strength of stiffness of piles
is important.
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Fig. 6 Residual deformation after the motion by the simulation [ground conditions (a)]

Figure 7 shows the residual deformation of ground conditions (b) (casel—case3).
Because of the fill layer is softened throughout, shear deformation is caused largely
in the shallow ground. In this ground conditions, deformation have no major dif-
ferences between with and without piles. Rather, the displacement of the ground
surrounding the piles is larger. The displacement of the head of piles is greater than
the measured displacement. However, it can be presumed that ground conditions
(b) are results close to the actual damage trends.

Then, it compares distribution of the bending moment and shear force of the
piles (Figs. 8 and 9). Comparing distribution of the bending moment (In Figs. 8
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Fig. 7 Residual deformation after the motion by the simulation [ground conditions (b)]
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Fig. 9 Distribution of the residual bending moment and shear force [ground conditions (b);
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and 9), in the case of ground conditions (a), the pile deformation modes are in
S-shape around the sliding surface at the softened layer. On the other hand, in the
case ground conditions (b), the pile deformation modes are in bending defor-
mations similar to cantilevers, and the shear force in the direction of suppressing
are small (negative value in the shear force). As a result, it was confirmed that the
pile effect of resistance on landslide is greater in the former conditions. From the
above, it can be presumed that difference of landslide preventive effect of the
piles is caused by ground conditions.

4 Conclusion

The primary results of the present study are as follows:

(1) In the series of the analyses demonstrated in this study, it is probable that the
mechanical properties of the actual soil are not simulated exactly, but the
results which show the tendency similar to actual damage situation was
obtained. As an example, in the ground conditions (b) (the fill materials are
strain-softening type), there may be mentioned that displacement and tilt angle
of the piles in the upside slope is larger, in comparison with them of the piles
in the downside slope.

(2) Comparing the distributions of the bending moment of the piles obtained from
the analysis, in the case ground conditions (a), the pile deformation modes are
in S-shape around the sliding surface at the softened layer. On the other hand,
in the case ground conditions (b), the pile deformation modes are in bending
deformations similar to cantilevers. As a result, it is confirmed that the pile
effect of resistance on landslide is great in the former conditions.

(3) According to the results, it is clear that the deformation reduction effects of the
landslide prevention piles are affected by the mechanical conditions of the
ground. The measures considering the ground condition and the ground
deformation are desired.
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Centrifuge Model Test on Slope
Reinforcement by Rock Bolt
with Facing Plate

Shion Nakamoto and Jiro Takemura

Abstract Rock bolt with facing plate is a kind of reinforcement of soil slope. By
adding prestress to the slope through facing plate, slope strength of shearing is
increased to restrain the slope from unstable. However, the effect of prestress on the
slope stability and its variation when the slope moves have not been well studied. In
this research, a centrifuge model test system which can simulate the preloading
process of the bolts in a slope and apply the horizontal load to the slope was
developed to study the mechanical behaviour of the slope with this type of
reinforcement.

Keywords Centrifuge modelling - Slope reinforcement « Rock bolt - Prestress

1 Introduction

Rock bolt is used as a kind of soil nailing method which is one of reinforcement
method for natural slopes. If a deformation occurs on the slope, a tensile force will
be generated in the rock bolts, which works for the stability of the slope. The
vertical component of the tensile force increases the shearing strength of the soil,
and the horizontal component works as a resistance against the sliding. But for a
slope with weak soils, such as highly weathered rocks, a large deformation is
needed for mobilization of the force. For such slopes, a kind of prestressed rock bolt
has been considered. It has a facing plate. Prestress is added to the slope through the
plate by tightening the nut as shown in Fig. 1. To study the reinforcement mech-
anisms of this kind of soil nailing method and the reinforcing effect of the facing
plate and prestress in this kind of reinforcement, many researches have been done
on the reinforced slope using small scale 1 g physical models (Hayashi et al. 1986;
Sasahara and Nakamura 1997). However, it is difficult to simulate mechanical
behaviour of soil caused by the self-weight, like failure of slope, in a small scale
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Fig. 1 Mechanism of
rock bolt with facing plate Facing Plate
slope reinforcement

Mobile Layer Immobile Layer

Rock Bolt

Lateral Force
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%Tensile
© force

Vertical Force
= Increase the Strength of Shearing

physical model under normal gravity (1g) conditions, because stress levels in the
model are much smaller than those in the prototype structures.

Under these situations, centrifuge modelling has been used. Centrifuge modelling
is a kind of experimental technique that can replicate the gravity-induced stresses of a
prototype in a 1/n reduced model by test in a high gravitational field n times larger than
that of prototype. The main advantage of using centrifuge modelling is that the
magnitude and distribution of stress can be simulated in small scale model.
From previous studies done in centrifuge, reinforcing effects of this kind of method
and facing plate have been confirmed for various conditions (Tei et al. 1998;
Viswanadham and Deepa 2010; Inagawa and Yamamoto 2012). However, because of
the difficulty in controlling the preloading to the facing plate in centrifuge, the effects
of the prestress on the stability of reinforced slope have not been well studied.

In this study, a centrifuge model test system which can simulate the preloading
process of the rock bolts with facing plate in a slope was developed. Using the
system, I conducted static loading tests by an inclining table in centrifuge to study
the mechanical behaviour of the slope with this type of reinforcement, and the effect
of prestress on the slope stability and its variation when the slope moves.

2  Centrifuge Model Test

In these tests, a container with inner dimension of 450 mm in length, 100 mm in
width, and 300 mm in depth, accommodated model slope with 2 rock bolt models
installed at intervals of 100 mm [prototype: 3.7 m] was prepared on 15° sloping base
fixed to the inclination table. Because the model slope also has 15° inclination, the
initial slope angle was 30°. The mobile layer of model slope was made of Edosaki sand
with the index and mechanical properties shown in Table 1. White noodles with black
dots are inserted in front of the slope for visual observation of ground deformation. The
immobile layer was made of aluminum with Edosaki sand pasted on the surface to
create a rough surface. Preload was applied by pulling wire, which connected to the
facing plate and hoisting jack, under 37 g centrifugal acceleration. After applying the
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Table 1 Properties of Specific gravity: G 272
compacted Edosaki sand used -
. Mean grain diameter: Ds, 0.219 mm
in the test
Uniformity coefficient: Uc 9.85
Maximum dry density: pamax 1.78 g/em®
Optimum water content Wy, 15 %
Bulk density of compacted sand: p; 1.43 g/em®
Water content of compacted sand: w 15 %
Degree of compaction: D, 70 %
Friction angle*: ¢’ 29.4°
Cohesion*: ¢’ 2.7 kPa
*: strength parameters obtained from direct shear test under
vertical stresses from 9 to 41 kPa
Fig. 2 Front and top view of | 450 3

model slope

100

<« :LDT
' : Potentiometer
lﬁ : Load cell
Rigid box

275

Tension of wire T

Displacement marker Unit: mm

'e]
3\

preload, the model slope was inclined up to 50° from 30° by the inclination table. The
inclination table has been used in centrifuge model studies to impose the pseudo-static
seismic force to model slopes (Saito et al. 1995; Izawa et al. 2003). Equivalent seismic
intensity oy, by the inclination angle Af is given by the following expression:

o = tan A0 (1)

Lateral displacement (dp_;,dp_») and settlement (Sp_;,Sp_») of facing plate,
lateral displacement of the slope surface (ds_1,ds_7) and tensile forces applied to
the wires (Tp_;,Tp—) were measured by potentiometers, laser displacement
transducers (LDT) and miniature load cells on the facing plate. Deformation of the
slope was monitored by video camera during the inclining test.

Figure 2 shows the model set-up and location of sensors. Figures 3 and 4 show
inclination table with 15° slope base and miniature load cell. Table 2 shows
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Fig. 3 Inclination table

Fig. 4 Miniature load cell
placed on the facing plate

Wire lock

load cell

T

Facing
plate  wire

Table 2 Condition of test cases and results

S. Nakamoto and J. Takemura

Test case B/S Prestress: oy, (kPa) RP = o/ty, Ady (°) AR (©)
Case NR - - 1.9 8
Case 1 0.4 (B = 40 mm) 54 1.3 2.0 15
Case 2 0.4 (B = 40 mm) 89 2.1 35 16
Case 3 0.4 (B = 40 mm) 112 2.7 - -
Case 4 0.4 (B = 40 mm) 136 3.2 3.9 20
Case 5 0.2 (B = 20 mm) 136 3.2 3.5 16

AHZ: the increment of inclination at onset of the deformation
A#f: the increment of inclination when displacement of slope measured between the plates is

4 mm

condition of test cases. B and R, showed in Table 2 is the width of facing plate and
the ratio of prestress oy,; to overburden pressure #y.. The main parameter of this study
is prestress. One case with smaller facing plate was also conducted to study the
effect of facing plate size.
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3 Test Results and Discussions

Figure 5 shows the relationships between the contact pressure a,(= T},/B?*) and
settlement S of the facing plate observed in the preloading process. Pull-in loading
tests, with 20 and 40 mm wide facing plate, were conducted under the same ground
condition. The ¢, — § relationships observed in the pull-in loading tests are also
shown in Fig. 5. From this figure, some scattering in the relation can be observed
especially in the case with larger facing plates (B = 40 mm). This could be partly
attributed to heterogeneity of the slope and rotation of the facing plate. Because of
the space limitation, the settlement and lateral displacement were only measured by
one potentiometer and one LDT, respectively, which could not detect the rotation.
In all the cases, the pressures decreased to some extent after the loading process
became constant. These constant values are considered as the prestress in this study
and shown in Table 2.

Figure 6 shows observed ground deformation of the no reinforcement slope
(Case NR) and reinforced slopes (Case 1, 4 and 5) after inclining tests. Broken line
in the figures shows slip line observed in the slope. No reinforcement case (Case
NR) shows deep deformation with clear slip line. For the case with large prestress
and facing plate (Case 4), only shallow and local deformation occurred. While the
cases with small prestress and large plate (Case 1) shows deep and large defor-
mation, but no clear slip surface. Furthermore, deep deformation without clear slip
surface is also shown in the case with large prestress but small plate (Case 5).

Figure 7 shows the displacement of markers along the noodles placed right
under the upper side facing plate (N—1) and the mid-part of two facing plates
(N-2). In Case NR, a large displacement occurred near the observed slip line shown
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Fig. 5 Relationships between the contact pressure and settlement of facing plate observed in the
pull-in loading test and preloading process before the inclination test

Fig. 6 Observed slope deformation
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in Fig. 6 after A0 = 5°. In the reinforced cases, simple shear type deformation was
observed and the displacement gradually increases with increase of inclination
without showing abrupt increase of displacement. The effect of prestress can be
seen especially from the marker right under upper side facing plate (N—1). The
larger the prestress is, or the larger the facing plate is, the smaller the deformation
become.

Figure 8 shows the inclination angle & and lateral displacement relationships
measured at mid-part of two facing plates (ds_1). From this figure, it can be con-
firmed that displacement can be greatly reduced by the reinforcement, and the
effects of prestress can be seen for the onset of the deformation. The larger the
prestress is, the smaller the displacement become. To compare Case 4 and Case 5
(the two cases with same prestress but different facing plate width), it also can be
said that lateral displacement in case with large facing plate was much smaller than
that in case with small facing plate.

Figure 9 shows the inclination angle 8 and lateral displacement ¢ relationships
measured at each location in Case 2, 4 and 5. In the case with small prestress
(Case 2) and the case with small facing plate (Case 5), large displacement was
measured at each location; while in the case with large facing plate and large
prestress (Case 4), the movement of the lower part of the slope was smaller than that
of upper part. These differences in the deformation patterns with different prestress
and facing plate width are also can be observed in Fig. 7.

tan Af — 0 relationships measured at the mid-part of facing plate are shown on a
log-log graph in Fig. 10. tan A0 is equivalent to the horizontal seismic intensity
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when the increment of inclining angle is A0 as shown in Eq. (1). From Fig. 10, a
rapid increase of the displacement in the relationship can be obtained at very small
J, which is defined as onset of the deformation and the increment of inclination at
this point is denoted by Af,. As Fig. 8 shows, no abrupt increase of displacement
was observed, 4 mm displacement of slope measured between the plates (ds_1) is
defined as a failure point, and the inclination increment at this point (Aff) is
employed as an index of the stability of the slope. 4 mm displacement at the surface
corresponds to shear strain of 5 % of the slope. Both of Afy and Ad; are also shown
in Table 2. The A0; and the tan A0, measured at upper plate and mid-part of facing
plate are plotted to R, in Fig. 11. Some data points are missing because of the fault
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Fig. 12 Variation of facing plate contact pressure by inclination

of measurements. The larger the R, that is the larger the prestress, the larger the
effects of reinforcement could be obtained. However, the increase of tan A0
becomes smaller as R, increases.

Figure 12 shows the variation of face contact pressure ¢, measured at both the
upper and lower facing plates during the inclination test. In the cases with R, greater
than 2.1, the contact pressure started decreasing at some A0 slightly larger than
tan Afy after and then turned to increase. Because mobile layer was made with
relatively low compaction degree, the decrease of facing plate contact pressure is
supposed to be due to volumetric shrinkage of the weak soils. After a large dis-
placement occurred at the surrounding areas of facing plate as shown in Fig. 7
(N—1), facing plate contact pressure turned to increase. In the case of R, = 1.3
(Case 1), the upper facing plate contact pressure did not decrease but increased. A0
values of the onsets of decreasing and increasing of the contact pressure are smaller
for the case with increasing R, (prestress of the facing plate). This variation of
facing plate contact pressure could be a reason why the increase of tan Afy becomes
smaller as R, increases.

4 Summary and Conclusions

In this study, inclination tests were carried out in centrifuge to investigate the effects
of prestress and facing plate size of rock bolt with facing plate in slope with weak
soils. Following conclusions are reached.

(1) Reinforcement of slope by rock bolts with facing plate can effectively prevent
the deformation and failure.

(2) The larger the prestress is the better reinforcement effect. However, the effect
of the prestress on the stability becomes smaller as the prestress increases. This
can be attributed to the variation of face plate contact pressure as the defor-
mation of slope progresses.
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(3) The deformation of the slope depends on the prestress and the size of facing
plate. It is deeper and wider for the reinforcement with smaller prestress and
smaller plate, and shallower limited in local areas for the reinforcement with
larger prestress and larger plate.
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Numerical Simulation of Post-Entrainment
Debris Flow at Alluvial Fan Using
FLO-2D Model

Zheng Han, Guangqi Chen, Yange Li, Linrong Xu and Fusong Fan

Abstract The FLO-2D model has long been validated as an efficient tool to
simulate the motion behavior of debris flow, but could not consider bed-sediment
entrainment in the simulation. Bed sediment entrainment is an important feature of
debris flow and sometimes amplifies the debris flow magnitude manifold. In this
paper, we present a simple preliminary approach to evaluate the potential entrain-
ment and incorporate it into the FLO-2D model. In the presented approach, the bed
sediment entrainment is simplified as the process that bed shear stress of the flow is
sufficiently high to overcome the basal resistance of the bed and incorporate this
part of the bed into the flow. In this way, we obtain a solution to calculate the
potential entrainment depth of bed sediment by debris flow. To estimate the total
entrainment volume along the path, as well as the variation of hydraulic condition
of post-entrainment debris flow, we divide the path into finite segments, calculate
the entrainment volume of each segment, and obtain the variation of hydraulic
condition by a discrete algorithm. In order to demonstrate this approach, a debris
flow event occurred at Yohutagawa region, Japan, 2010, is selected as a case study.
We calculate the post-entrainment volume and hydraulic condition of debris flow of
this case. Furthermore, we also reproduce this event by the FLO-2D model. Results
show that both the calculated total erosion volume and simulated deposition results
are in good agreement with the field investigation.

Keywords Debris flow - Bed sediment entrainment - Numerical simulation -
FLO-2D model - Yohutagawa

Z. Han (X)) - G. Chen - F. Fan
Kyushu University, Fukuoka 819-0395, Japan
e-mail: zheng.han@aol.jp

Y. Li-L. Xu
Central South University, Changsha 410075, China

© Springer Japan 2017 311
H. Hazarika et al. (eds.), Geotechnical Hazards from Large Earthquakes
and Heavy Rainfalls, DOI 10.1007/978-4-431-56205-4_29



312 Z. Han et al.

1 Introduction

Debris flow is a common phenomenon in mountainous regions worldwide. It is
widely accepted that debris flow plays an important role in landscape evolution
(Hungr et al. 2005; Han et al. 2014a, b). The immense impact by debris flows
requires reliable predicting technique using numerical ways. Among the numerical
models, FLO-2D is a flood routing model that simulates channel flow, unconfined
overland flow, and street flow over complex topography (O’Brien et al. 1993). It is
adapted to simulate the debris flow motion behavior in the valley. As a principle,
FLO-2D model requires a user-defined outlet of debris flow at the downstream of
the channel, and performance well to simulate debris flow spreading extent and
deposition process. In other words, it alternatively neglects the bed sediment
entrainment along the path when running down the slope. In fact, besides FLO-2D
model, some of the numerical model also could not take into account the entrain-
ment simulation. However, several lines of evidences suggest an important role of
bed sediment entrainment that debris flows can grow dramatically in magnitude
(Berti et al. 1999; Breien et al. 2008). In this sense, simulation results are signifi-
cantly influenced if entrainment simulation could not be implemented in the model.

At the current stage, entrainment can be predicted in the three major ways.
(a) Established empirical laws by in situ surveys, in which measured data can help
to form the empirical laws. (b) Empirical laws by the laboratory experiments,
manipulated conditions in the experiments make it possible to link the entrainment
process with flow dynamics or flow structure (e.g., Farin et al. 2014).
(c) Theoretical laws by process-based analysis (e.g., Iverson 2012). However, on
the one hand, the commonly used entrainment laws are sometimes empirically or
semiempirically based, the elaboration of these laws lacks deep physical under-
standing of the entrainment processes. For example, RAMMS simulation method
(Christen et al. 2010) based on Voellmy-Salm model and KANAKO-2D based on
Takahashi’s diluent model, only empirical-determined entrainment coefficient or
rate is adopted to simulate the erosion process, which more or less causing the
simulation results vary and affect the simulation accuracy.

Thus, the limitation of the theoretical research about erosion mechanism restrict
not only the hazard magnitude assessment and zone delineation, but also the debris
flow model and numerical simulation research.

2 Analysis of the Entrainment Model

Given the established roles of the governing factors, we describe an entrainment
model in this section. Previous studies revealed the primary condition for bed
entrainment that the bed shear stress of flow is sufficiently high to overcome the
basal resistance of bed and incorporate this part of the bed into the flow. In this
process, objects including debris flow, erodible bed, and substrate are involved.
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Fig. 1 Schematic illustration of the static model: a channel cross section; b A—A’ cross section;
c. Top view of the bed layer

Herein, we employ a three-layer model to conduct the static analysis as shown in
Fig. 1. Analogous models have been described by Iverson (2012) and Medina et al.
(2008), they usually consists of a flow layer with a free top surface, an erodible bed
layer with a moveable bottom, and a deeper substrate that cannot be entrained.

The static approach can be described with the soil mechanics concepts. It con-
siders a static equilibrium between the drag forces of debris flow and resistance
forces of sides and bottom. This equilibrium reduces to

‘Edb + hebpg sinf = Rbot + Rside (1)

where 74 denotes the basal shear stress applying by moving mass; p is the density of
bed sediment; Ry is the basal resistance at the depth of h.; Rgqe is the side
resistance. We limit our approach to a much simpler relation—the turbulent flow
resistance law. It is given by

2.2
p gvxnc
Td = th (2)

where pq is the density of debris flow mass, g is the gravity acceleration, v, is the
depth-averaged velocity, n. is the Manning’s roughness coefficient, and / is the
flow depth of debris flow. Turbulent flow may be suitable to describe the water or
granular mixtures with low solids concentration.

The resistance forces of the bed sediment include the basal resistance and side
resistance. Mohr—Coulomb failure criterion can be used since the recent experiment
substantiated the frictional behavior near the bed surface. The basal resistance force
and side resistance are given by

Rpot = (1 — ry)b tan ¢ +cb (3)

h2
Rige = 2 <% cos 0+ pyghhe cos 00> ko tan ¢ + 2che cos 0 4)
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where o is the bed-normal stress; c is the effective cohesion at potential failure; ¢ is
internal friction angle in degree; b is the width of the erodible bed; r, is the pore
pressure ratio. By incorporating Egs. (2), (3) and (4), Eq. (1) becomes

A2 +Ashe + A3 =0 (5a)
where:
Ay = pgkocos 0 tan ¢ (5b)
Ay = [(1 — ry)pgb +2pyaghko] cos 0 tan ¢ + 2¢ cos 0 — pgb sin 0 (5¢)
Az = (1 — ry)paghb cos 6 tan ¢ + cb — 14b (5d)

The quadratic Eq. (5a) yields a positive solution to the entrainment depth, it is
written as,

—Ay + /A3 — 4AA;
he =

2A,

(6)

Prediction of Eq. (6) can be compared with the entrainment depth of 0.1-5.0 m
as commonly measured by the in situ survey. Applicable parameter values were
assumed as pgg = 16.00 KNm™, pg=2200kNm™>, h=2m, 6=21°
c =3 kPa, ¢ =26° b =8 m, and r, = 0.5. The use of these values in Eq. (6) yields
an entrainment depth of 0.81 m.

3 Concept of the “Critical Line”

Let us discuss the critical condition of bed sediment entrainment by debris flow.
The critical condition mentioned here denotes that the bed sediment is becoming
unstable and is about to be eroded by the overriding debris flow. To achieve this
condition, the entrainment depth should satisfy the criteria 4. = 0. One of the
solutions applied if the term A5 in Eq. (5a) exclusively equates 0. Then Eq. (5d)
reduces to

(1 = ry)pyghericos O tan p + ¢ = 14 (7)

Rearrangement of this equation shows that the critical condition depends on a
certain thickness of the debris flow, if the other parameters are constant.
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[

hcri = (8)

pqglsin 0 — (1 — ry) cos 0 tan ¢

This may be somewhat questionable since the parameters in Eq. (8) varies
spatially (e.g., cohesion ¢ and friction angle ¢) and temporally (e.g., pore pressure
ratio r,). However to continue the analysis, we regard the parameters involved as
constant. The meaning of Eq. (8) is that the thickness of the debris flow mass
overriding the bed should be greater than the critical value h,; to provoke the basal
entrainment.

However, for the hazard prediction, the thickness of the debris flow mass is
sometimes difficult to measure directly unless conducting numerical modeling.
Therefore, we employ a more intuitive variable—the peak discharge Q—to rep-
resent the thickness of debris flow. It is generally accepted that the peak discharge
Q is the product of the velocity and the area of cross section where debris flow
passes, it obeys,

O = 213 sin'2(0) = g(6,0) 9)
ne

cri

Parameters (0, b) are defined as microtopographic variables. The occurrence of
entrainment applies when the discharge Q of the event is greater than Q..
Equation (9) can be plotted in Fig. 2. Up-to-date studies have provided available
approach to estimate the discharge Q of a debris flow event. It is worth mentioning
the work done by Rickenmann (1999), who provided a detailed insight into this
parameter and summarized equations to predict the peak discharge, in which
Q = aMP”, and a and b are the coefficients depending on the type of debris flow and
geometry of the temporary reservoir, as illustrated in Rickenmann (1999);
M denotes the debris flow volume (m?). In this way, the critical condition of the bed
sediment can be represented by this discharge criterion.

Fig. 2 Illustration of the
concept of the critical line

Instable range

™ Critical line

Stable range

Slope decline angle # (degree)

Path Width B (m)
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4 Debris Flow Peak Discharge Amplification
Due to Erosion

Discretized analysis is used here for illustrating the peak discharge enlarging pro-
cess inducing by erosion. That is to say, as shown in Fig. 3, for each discretized
reach segment i during a certain time interval A#;, total cumulative duration of
debris flow is,

Ti=To+ » A (10)
i=1

where T is initiation time for transition from source landslide to debris flow (s), Az;
is the time interval (s) and can be expressed as At; = AL/v,,;, where AL; is the path
distance of the discretized channel segment (m), v,,; is the mean velocity of debris
flow in the segment i (m/s). When flowing over the discretized channel segment i,
outflow volume V; of debris flow in this segment is consisted of inflow volume V;_,
rainfall runoff gathering Q,,At;, and total erosion volume AV;.

Vi=Vo+ Y (AVi+Q\An) (11)

i=1
Thus because the supplement inducing by erosion process, for the outflow debris

flow peak discharge of this segment Q; and volume concentration c; are varying,

_Vo+ Zle (ziBvm AL + QWAL

Qi i
TO =+ Zi:l Ati

(12)

o= Qi1Ti—1¢i—1 + cvziBAL;
" QiiTioy + ZBAL; + Oy At

Fig. 3 Debris flow
developing process between
two discretized channel
segments




Numerical Simulation of Post-Entrainment Debris Flow ... 317

Then for the next channel segment, calculated Q; and c¢; are inputted in
Egs. (12)—(13), volume concentration, and erosion depth z;,; can be solved. By this
iteration procedure, peak discharge and volume concentration of each discretized
channel segment can be obtained until to the node where erosion process ends.
Since no erosion and entrainment are proceeding, debris flow behaves as viscous
regime fluid, it can be described by FLO-2D rheological model and same model
based commercial software FLO-2D is used to simulate deposition process.

5 Case Study

5.1 Introduction of the Yohutagawa Terrain, Japan

The Yohutagawa torrent (28°24' N, 129°32" E) is located in Amami Oshima Island,
southwest Japan. The torrent has a catchment area of 0.24 km® and elevation
varying from 20 to 250 m. From a geological point of view, the massif consists of
sandstone and mudstone, mainly composed of fragmented plates and flakes packed
in the clayey matrix. The bedrock on most slopes is covered with amount of
colluvium deposits, which is typically a few meters thick. Large parts of the
catchment were covered with forest before debris flow occurred. The incised
channel has an average slope of about 16°, range from 33° in the higher part to 10°
on the alluvial fan. The total length of the channel is approximately 750 m.

The selected event was triggered on October 20, 2010, by intense rainfall
accompanying by Typhoon Megi. The intense rainfall had a maximum intensity of
131 mm h™', and an accumulated intensity of 601 mm. It provoked a failure of the
colluvium deposits in the highest part of the massif, with a volume of 5843 m°.
Field observations and subsequent interpretation of aerial photographs indicate that
the initially failed mass was rapidly transformed into a debris flow. Being over-
ridden by the debris flow, the entire superficial deposits along the trajectory PA-PB,
was impacted, eroded, and then incorporated into the flow. A total volume of
8697 m® was estimated in the elongated deposition region, from which we spec-
ulate that the volume of entrained bed sediment was 2854 m>. The heavy deposits
at the alluvial fan caused two building damages, but luckily without death.

5.2 Critical Line and Entrainment Estimation

The digital contours data of the Yohutagawa terrain with 5.0 m interval provided by
Geospatial Information Authority of Japan, was interpolated to 2.5 m resolution
and then compiled to DEM data in the ArcGIS 9.0 environment as shown in Fig. 4.
We divided the primary trajectory into 17 segments with the length of 10-20 m
(shown in Fig. 5), and extracted the slope and channel width of each individual
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Table 1 Parameters used for the analysis (notations are explained in the main text)

Debris flow initiation condition Bed material property
Parameter Value Parameter Value
74 (KN/m?) 17.3 y (kN/m>) 23

7w (KN/m?) 10 75 (KN/m?) 26.5
o 0.44 o 0.79
Qo (m/s) 79.71 ¢ (kPa) 12

Vo (m*) 13,280 X®) 28
V,, (m*) 5843 n 0.25
To (s) 167

0., (m’/s) 4535

reach using the ArcGIS environment. The value of input parameters used in the
model is listed in Table 1. Given the conditions above, the critical line can be
plotted applying values of the input parameters to Eq. (9). As shown in the right
column of Fig. 5, the black line is the critical line of the 2010 event, it denotes the
critical peak discharge to provoke the entrainment. The extracted topographic data
b and 6 locate each individual segment in the graph. As anticipated, the entrainment
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and nonentrainment segments are delineated by the critical line and critical line. It is
clearly indicated that entrainment occurred only on the higher slope beyond the
elevation of 55 m. Evidence revealed by the in situ survey after the debris flow
event also support this delineation.

In addition, Egs. (11)—(13) are used to estimate the variation of the hydraulic
condition of the 2010 debris flow. The total entrained volume was computed as
2861.5 m>. This value is consistent with the investigated value 2854 m’ after the
event. Due to the erosion and entrainment of bed material, peak discharge Q of
debris flow increases from 79.71 to 92.25 m> s_l, while volume concentration c;
decreases from 0.44 to 0.414 due to the run-off gathering by heavy rainfall, as
shown in Fig. 6.

5.3 Deposition Simulation Using FLO-2D Model

To simulate Yohutagawa debris flow and delineate the hazard zone, the DEM of
Yohutagawa watershed with a resolution of 2.5 X 2.5 m and aerial photos with
resolution of 0.5 X 0.5 m are imported into the commercial numerical simulation
software, FLO-2D. Node at the path of debris flow with the elevation of 55 m
where erosion process ends is selected as the inflow element with the hydrograph
condition as shown in Fig. 6. However, due to the lack of the data of rheological
parameters, exponent equations proposed by O’Brien et al. (1993) were used to
estimate the yield stress and viscosity in FLO-2D rheological model. Referring to
FLO-2D User’s Manual coefficient o, a; and exponent f, 5, as well as resistance
parameter for laminar flow K are listed in Table 2.

Proceeding with debris flow simulation as shown in Fig. 6, the deposition
process is simulated. Based on these results shown in Fig. 7, the potential debris
flow hazard zone and hazard magnitude can be delineated and identified.
Comparing with aerial photos taken at post-hazard event, it can be seen that
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Table 2 Rheological parameters used in FLO-2D simulation

Rheological parameter Initial value

Bingham yield stress 7, (Pa) oy 1202.0 0.0811
i3 13.72
Bingham dynamic viscosity # (Pa s) oq 1.21 0.000462
i 11.24
Specific gravity of debris flow y, (tm?) 2.65

Resistance parameter for laminar flow K 2285
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Fig. 7 Numerical simulation process by FLO-2D with the given data (maximum flow depth
obtained from numerical simulation within FLO-2D)

simulated contour of deposition matches well with field investigation result. The
simulated deposition run-out volume is 7869.08 m® of grain—water mixture
including 3147.63 m> of sediment, which indicates the error between simulation
and investigation is 2.27 % considering 3069 m® sediment in deposition as
investigated. Both simulated run-out distance and flow depth are is in good
agreement with observation. However, simulated inundated area is as large as
13,783 mz, compared with observation result 11,644 mz, error may count to
15.5 %. One possible explanation may turn to the lack of accurately measured
rheological parameters, which affects the flowing behavior simulated in FLO-2D.

6 Conclusions and Discussion

Bed sediment entrainment by debris flow is important for the debris flow simulation
work, but it is sometimes neglected by the current models, including FLO-2D
model. We presented an elementary approach to estimate the entrainment of the bed



Numerical Simulation of Post-Entrainment Debris Flow ... 321

sediment by a debris flow, and incorporated the approach to the FLO-2D model to
implement the bed sediment entrainment. The approach is based on a static equi-
librium model of the bed sediment when overridden by debris flow. Analyzing the
critical condition of the equilibrium model, we subsequently propose a new concept
of “Critical line” to delineate the erodible reaches of the whole channel. The
approach was further incorporated into the FLO-2D model, and deposition of the
post-entrainment debris flow can be simulated. The 2010 Yohutagawa debris flow
event was chosen as the case study. Results shown that the simulated debris flow
spreading extent and deposited depth well reproduced the event. With these veri-
fications, it is believed that the described methodology represents a rational
approach to consider the bed sediment entrainment and can be incorporated into
FLO-2D model.
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Photomicrograph Investigation of Rock
Thin Sections Taken from Landslides Scree
by the Eastern Honshu Earthquake, 2008

Tsuneo Ohsumi

Abstract An earthquake with a magnitude of 7.2 occurred on June 14, 2008.
Housing damage due to this earthquake was quite light. On the other hand, heavy
damage was sustained due to landslides. It was pointed out that large-scale landslides
occurred around the Aratozawa area which lies to south of the Kurikoma mountain
caldera. Since the first activity of Kurikoma volcano 50,000 years ago, the volcanic
ash has been spread widely throughout the western area from the volcano. In this
article, the scale of the caldera is compared to that of the landslides. At Aratozawa
landslide point, the estimated ground acceleration was approximately 3G. Thus,
large acceleration caused landslides in this area. Seismic waveform at the Aratozawa
landslide was estimated based on empirical site amplification and phase effects. Site
amplification characteristics at the Aratozawa landslide were evaluated based on the
aftershock observation records. Moreover, a characterized source model for strong
ground motion prediction was constructed based on the results of waveform
inversion for this earthquake. A sample of mudstone from Aratozawa point consisted
of lamination, and sand mud alternating strata. Diatoms can be seen clearly in the
mudstone taken from Aratozawa Point. Thus, this proves that sediments from the
caldera period accumulated on the large-scale pyroclastic flow sediments which
filled the caldera. Based on the photomicrograph investigations, factors for each
scale of collapse pattern and rock materials are investigated. Aratozawa landslide
was lateral spread and attributed to the fact that many landslides were translational
slides of the bedding plane slide type, and a slippery stratum were caused by the
earthquake. The upper part of the gliding slope of the Aratozawa Point consists of
high density welded tuff due to gravity. This is evidence that water above the present
ground water level used to exist. On the other hand, below the high density sedi-
ments low density pumice exists causing instability.
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1 Introduction

An earthquake with a magnitude of 7.2 occurred on June 14, 2008. As a member of
the Emergency Survey joint team of the Japan Society of Civil Engineers, the
Japanese Geotechnical Society, the Japan Association for Earthquake Engineering
and the Japan Landslide Society, the author investigated into the damaged area
mainly in Iwaigawa, Ichihazamagawa, and Aratozawa from June 15 the day after
the earthquake happened. The joint survey team prepared reports from each society
and they are submerged in Nakamura (2008) and Miyagi (2008). Focusing on slope
failure that caused extensive damage, this paper observed the collapse phenomenon
from various viewpoints. Housing damage due to this earthquake was quite light.
On the other hand, heavy damage was sustained due to landslides. There was a
strong possibility that the landslide dams left over had been able to cause debris
flow. Since the first activity of Kurikoma volcano 50,000 years ago, volcanic ash
has been widely spread throughout this area. It was pointed out that large-scale
landslides occurred around the Aratozawa area which lies to the south of the
Kurikoma mountain caldera. In this study, in order to investigate the lake data was
taken from geotechnical viewpoints. In addition, typical rock samples were
obtained from small, middle, and large-scale landslides.

2 Characteristics of This Earthquake

The characteristic of this earthquake were: housing was lightly damage, on the other
hand, landslide was heavily damage. The characteristics of the ground motion were
calculated by waveforms and response spectrum estimated by empirical Green’s
function at Aratozawa.

2.1 Characteristics of the Ground Motion

For the characteristics of the ground motion, as the yield of housing damage was
very slight (Fig. 1). Although, Landslides were enormous. According to Goto
(2008), Fig. 2 shows the pseudovelocity response spectra (h = 0.05) of these
components. Goto (2008) was also shown for comparison to the three K-NET and
KiK-net records, which were IWATE25 (Ichinoseki-nishi), IWATE 26 (Ichinoseki-
higashi) and MYGO005 (Naruko), during the 1995 Hyogoken-Nambu (Kobe)
earthquake and 2004 Niigata Chuetsu-Oki earthquake in the severely damaged areas.
Generally, a peak is located in the record of an earthquake in periods less than 0.5 s,
whereas a severe earthquake has the peak value in periods 1-2 s. Hayashi and Mori
(2008) compared of earthquake records to wooden housing damage. This case also
features experienced such past results as the housing damage.
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Fig. 1 Comparison of the lightly damaged house, which was built in 1980, Iwate-Miyagi inland
earthquake, 2008 (M) 7.2), Ishinomaki, Miyagi prefecture (left photo taken in 15 June, 2008) and
the collapsed house in Niigata Chuetsu-Oki earthquake, 2004 (M; 6.8), Kawaguchi, Nigata,
prefecture, (right photo taken in Oct., 2004)

KiK-net INTH25 N119E ——
KiK-net INTH26 N119E —
K-NET MYG005 N119E —
1995 JMA Kobe N140E
1995 JR Takatori N140E
2004 LGV Kawaguchi N118E
1000 - 2007 K-NET NIG018 N125E

pSv [cm/s]

100"

10 L " e — "
0.1 0.5 1 2 5
period [s]

Fig. 2 The pseudo velocity response spectra (2 = 0.05) of these components. Goto (2008)
2.2 Estimated Erathquake Ground Motions at Aratozawa

Extremely high accelerations were recorded at the KiK-net IWTH25. The peak
acceleration in the vertical component of the surface record was about 4G. Hata
et al. (2010) was estimated based on empirical site amplification and phase effects
by seismic waveform at the Aratozawa landslide. Site amplification characteristics
at the Aratozawa landslide were evaluated based on the aftershock observation
records. Moreover, a characterized source model for strong ground motion pre-
diction was constructed based on the results of waveform inversion for this
earthquake. In this study, two sites (L1, L2: Fig. 3) were observed using the
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Fig. 3 Bird’s-eye view of the
Aratozawa landslide and
survey points (Photo taken by
Kamae)

Fig. 4 Aerial photo
interpretation (after Ohyagi,
N, Photo taken at 16 June,
2008). Yellow squares are
seismograph setting points.
Yellow circle is rock thin
section sampling point

aftershock records. According to Ohyagi’s aerial photo interplitation (Fig. 4), L1
was the point of extended collapse after a few days from the landslide and L3 was
the point of unmoved area. Inoguchi et al. (2010) showed landslide map of
Kurikoma mountain and source area of the Aratosawa landslid (Fig. 5). In this map,
the red line is the landslide area, some of the other landslides also occurred on
landslide landform features and L3 point is out of the landform feature area.
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Fig. 5 Landslide map of Mt.
Kurikoma and source area of
the Aratosawa landslide

As a result, the maximum horizontal acceleration was estimated L1 at 841 Gal
and L3 at 2931 Gal during the main shock at the Aratozawa survey points (Fig. 6).
The comparison of the acceleration spectrum shown in Fig. 7. Reasons for the
estimated large ground motion at the L-3 point: the effect of differences in the
surface layers thickness of shallower engineering basement, the effect of the seismic
characteristic of the gliding slopes and Influence by the topography effect, etc.

At L3, the estimated ground acceleration was approximately 3G, which is
dominant period was 0.16 s. The Great Wenchuan earthquake’s dominant fre-
quency was 4 Hz (Zifa 2008). The Chi-Chi earthquake’s dominant frequency was
4 Hz (Chen and Yanxiang 2007). Dominant frequency around 5 Hz might be a
relationship with landslides.

(a) (b)

1000 f —L1 (Ns) : 3000 13 (NS}
Peak= 841 gal Peak= 2535 gal
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=

IEI !‘0 40 60 80 100 o 20 40 &0 80 100
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Fig. 6 The estimation of the acceleration waveform at the Aratozawa landslide during the main
shock
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3 Large-Scale Collapse: Aratozaw Dam Site

The large-scale collapse at Aratozaw dam site lies to the south of the Kurikoma
mountain caldera. Since the first activity of Kurikoma volcano 50,000 years ago, the
volcanic ash has been spread widely throughout the western area from the volcano.
In this article, the scale of the caldera is compared to that of the landslides. The
collapsed area estimates the quantity of sediment. Sediments from the caldera period
accumulated on the large-scale pyroclastic flow sediments which filled the caldera.
Based on the photomicrograph investigations, rock materials are investigated.

3.1 Characteristics of the Aratozawa Landslide

Since the first activity of Kurikoma volcano 50,000 years ago, the volcanic ash has
been spread widely throughout the western area of the volcano. Large-scale col-
lapse occurred at the Aratozawa dam. The first activity of Kurikoma volcano
50,000 years ago, the volcanic ash had been spread widely to the western area from
the volcano. Large-scale collapse occurred at the Aratozawa dam, in the upper
stream part which is located in Kurihara, Miyagi Prefecture. In the collapsed area
was estimated of the quantity of sediment to be 1.2 km long and 0.9 km wide, and a
maximum thickness was over 50 meters with 70,000,000 m>. The pumice moved
and it continuously filled up the four or five mass movements caused from the
quake (Fig. 8).

The collapsed gliding slopes were mainly white pumice tuff, others were grain
tuff and welded tuff. These were regarded as pyroclastic flow sediment. The
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White tuffaceous
pumice

Tuffaceous siltstone
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Fig. 8 Full view of the Aratozawa landslide and rock section sampling point (Photo taken at 10
Sep., 2008)

landslide topography existed in this area before this earthquake occurred. The
collapse was in the upper part of the welded tuff. In the middle part of alternation of
strata were white tuffaceous pumice. In the bottom of the laminated retainer con-
sisted of tuffaceous siltstone and tuffaceous sandstone. The upper part of the welded
tuff used to be water level surface. The welded tuff was created by the deadweight
of a high density layer. The region that collapsed was formed in strata of about 5
million years ago, called Ono Matsuzawa layer. This layer is composed of pumice
tuff substantially horizontal primarily.

According to Nunohara et al. (1999), Yoshida et al. (1999), the large-scale
landslide which occurred in the Aratozawa Dam upper stream part is located near
the caldera rim of the Kurikoma Mts. south crest caldera (Fig. 9). In this Figure, the
Aratozawa landslides is a small 1/20 part of the caldera of about 15 km width.
Moreover, the minor scale landslides also occurred inside the caldera. The lacus-
trine deposit of the late caldera phases appears on the large-scale pyroclastic flow
sediment which fills up the inside of the caldera. By this large-scale collapse, it is
observed in the higher rank of the massive pumice tuff, which has a thickness more
than 50 m and is covered by the 60-m-thick welded tuff of dacite.

The upper part of the gliding slope is consists of high density welded tuff due to
gravity. On the other hand, below the high density sediments low density pumice
exists causing instability.

3.2 Photomicrograph Investigation of Rock Thin Sections

Typical rock samples were obtained from small, middle, and large-scale landslide.
Based on the photomicrograph investigations, factors for each scale of collapse
pattern and rock materials are verified. A piece of the mudstone at the Aratozawa
point (Fig. 8) consisted of lamination and sand—mud alternating strata. Alternating
strata of sand and mud are also distributed which are useuallyfound at the bottom of
the lakes. This sedimentation is thought to be from the Quarternary Period. A piece
of sandstone at the same point consisted of quartz, pumice, volcanic fragments,
feldspar, pyroxene, and diatom (Fig. 10). Diatoms can be clearly seen in the
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Fig. 9 The GIS database suggested that the caldera structure is closely related to the distribution
of the large-scale landslides

Fig. 10 Photomicrography of rock thin sections from Aratozawa landslide point



Photomicrograph Investigation of Rock Thin Sections ... 331

mudstone at the Aratozawa landslide point. Thus, this proves that sediments from
the caldera period accumulated on the large scale pyroclastic flow sediments, which
filled the caldera.

4 Characteristic of This Earthquake Summary
and Conclusions

1. At Aratozawa landslide point, the estimated ground acceleration was approxi-
mately 3G. Thus, large acceleration caused landslides in this area. Since the first
activity of Kurikoma volcano 50,000 years ago, the volcanic ash has been
spread widely throughout the western area from the volcano.

2. A sample of mudstone from the Aratozawa point consisted of lamination, and
sand mud alternating strata. This shows evidence that it is very similar and
probably from the alternating strata of sand and mud that were distributed at the
bottom of a lake in the past. This sedimentation is thought to be from the
Quarternary Period. Diatoms can be seen clearly in the mudstone at Aratozawa
Point. Thus, this proves that sediments from the caldera period accumulated on
the large-scale pyroclastic flow sediments which filled the caldera.

3. During the volcanic activity period the pyroclastic flow widely covered the
surface due to the fact that the gliding slope was not very steep as section
Fig. 11 A-A’ solid line. The extensive area of gentle slope caused a wide col-
lapse as section Fig. 11 B-B’ broken line. The landslide slope was found by
boring exploration by MAFF (2008).

4. Aratozawa landslide was lateral spread and attributed to the fact that many
landslides were translational slides of the bedding plane slide type, and a slip-
pery stratum were caused by the earthquake.

Non-landslide Landslide Non-landslide
slope topography area slope

: Subsidence area .
g%?gg aeg?t\,rhze'.lc ;L%n Deformed large- VO'CBHLC+_a.Sh_ 600
Topography section *°1¢ Pk Undeformed locks MaiQiEND L 500
after earthquake Subsidence area y
Upheaval area ‘ A 400
B i | 300
= . Tuffaceous siltstone
A p—" & and sandstone — 200
Contraction by " =
the landslide, - - 100
5 m move. 100-200m mountain stream channel move 300 m move

Fig. 11 Aratozawa landslide cross section (Modified from JGS; Miyagi 2008). JGS defined very
steep as section A-A’. MAFF defined widely collapse as section B-B' from the boring exploration
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5. The upper part of the gliding slope of the Aratozawa Point consists of high
density welded tuff due to gravity. This is evidence that water above the present
ground water level used to exist. On the other hand, below the high density
sediments low density pumice exists causing instability.
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An Extension to Weiler—Atherton Clipping
Algorithm for the Face-to-Face Contact
in Three-Dimensional Discrete Element
Method

H. Zhang, G. Chen, S.G. Liu, P.D. Jing and Z. Han

Abstract This paper proposes a comprehensive method to resolve the problem
existing in three-dimensional (3D) general discrete element method (GDEM) that is
detecting contact area between any two general 3D polyhedral blocks. The pre-
sented method even supports generations of more than one contact area between
two approaching faces. Avoidance of transfer of global coordinates to local ones
and vice versa make the new method more efficient and applicable in 3D GDEM.

Keywords Contact detection - Contact area « Polyhedral block - Discrete element
method - Weiler—Atherton

1 Introduction

Numerical approaches capable of computing contacts between individual discrete
elements mainly involve the explicit scheme distinct element method
(DEM) introduced by Cundall and Strack (1979), Cundall (1988) and Hart et al.
(1988), and the implicit scheme discontinuous deformation analysis
(DDA) developed by Shi and Goodman (1985, 1989) and Shi (1988, 2001), which
mainly consist of the family of general discrete element method (GDEM).

In the available method of 3D DEM, the calculation of mutual area of
face-to-face contact is a straightforward but lengthy procedure that only available
for two convex polygons comprising the contact (Liu and Lemos 2001). As a result,
the mutual area of the contact is also a convex, simply connected polygon, as
illustrated in Fig. la. Although Keneti et al. (2008) make some improvements to
Liu and Lemos method to confirm proceeding order in the case of vertex-to-vertex
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Fig. 1 Comparison of mutual area in original 3D DEM and 3D DDA. a 3D DEM, b 3D DDA

and vertex-to-edge, the modified method still does not work well for concave
polygons.

In comparison, 3D discontinuous deformation analysis (DDA) allows blocks to
be arbitrarily shaped, through introducing a delicate method, simplex integration,
developed by Shi (1988, 2001) for oriented volume integration on a block (Wu
2010), as well as geometric analyses for contact detection between two blocks in
shapes of arbitrary polyhedrons. However, the original 3D DDA identify
face-to-face contacts through marking “pair polygons” bisected by joint polygon in
the preprocessing cutting algorithm developed by Shi (2006), rather than calcu-
lating in main program. The facets of the blocks can be cut into the shape of
arbitrary polygons, no matter convex or concave, but necessarily geometrically
symmetric with respect to the joint polygon and locate all their pair vertices within a
tolerance, as illustrated in Fig. 1b. Obviously, these pair polygons allow tensile
contacts only occurring between these pair vertices and thus no tensile strength will
be applied to even when they are simply partly overlapped as processed in 3D
DEM.

In conclusion, a general algorithm for detecting face-to-face contacts between
any two 3D arbitrarily shaped blocks in any case of relative position, has not yet
been available. Hereinafter, a new algorithm to identify two approaching faces and
determine the mutual area is developed based on the contact theory by Zhang et al.
(2015, 2016). The comprehensive algorithm can be applied to any two 3D blocks
with arbitrarily shaped polygons of faces (no matter convex or concave) in any
relative position, with even more than one mutual area.

2 An Extension to Weiler—Atherton Clipping Algorithm

Weiler—Atherton clipping algorithm is a method sufficiently general to clip a
concave polygon to the borders of another (Weiler and Atherton 1977), as shown in
Fig. 2a. The algorithm represents each polygon as a chain of points in the same
clockwise or counter-clockwise order, as shown in Fig. 3b. The clipping process is
as follows:

1. Producing vertices of the each polygon and intersecting points of two polygons
linking two chains.
2. Ranking these points in the same order to form the chain of points.
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3. Labelling these points as entries inside or outside the other polygon.

4. Copying an inside point of the chain or jumping to the other chain when an
outside point is reached.

5. Repeating step (4) until the starting point has been reached.

In the process of clipping, the point will be kept in storage when it is inside the
other polygon, while it will be ignored when it is outside the other polygon; and
intersecting points of two edges will be found to alternate along any given chains,
as shown in Fig. 3.

In general, when the searching of proceeding order is performed along one chain
and an intersecting point is found, one segment of two candidates which intersects
the other polygon will be qualified as the proceeding order and the other one will be
ignored. However, attention should be paid where any vertex of a polygon is very
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Fig. 4 Intersecting modes in the case of a vertex of a polygon very close to the border of the other
polygon. a Outside-and-outside, b outside-and-border, ¢ outside-and-inside, d border-and-outside,
e border-and-border, f border-and-inside, g inside-and-outside, h inside-and-border,
i inside-and-inside

Table 1 Proceeding order with respect to the intersecting mode

The other chain Outside Border Inside

Proceeding chain

Outside Ignore Ignore Switch

Border Ignore Coincident Continue Switch
Otherwise Ignore

Inside Continue continue Switch

close to the vertex or edge of the other polygon, because they may be considered as
both in and out until their status is confirmed after their intersecting modes have
been verified, as shown in Fig. 4.

In particular, when the intersecting point has no proceeding segment intersecting
with the other polygon, it should be actually considered as an outside point. These
intersecting modes that make no contribution on the formation of intersecting area
involve outside-and-outside, outside-and-border, border-and-outside  and
border-and-border (not in coincident case), as shown in Fig. 4a—e.

Another dilemma may be encountered is the intersecting mode of
inside-and-inside, as shown in Fig. 4i. When two parts of mutual area share a
common vertex of a concave angle, proceeding path could bifurcate at this vertex.
Under this condition, two separate common areas can be gained, respectively, if
proceeding path switch to the other chain at that vertex.
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In summary, the inside point will be kept while in opposite the outside point will
be ignored. As for intersecting points, correct proceeding order could be selected
with respect to the intersecting mode, as listed in Table 1.

3 Conclusions

A new algorithm is developed for detection of face-to-face contact between any two
3D blocks with faces in arbitrary shape of no matter convex or concave polygons.
The new algorithm is implemented with a generalized polygon clipper called
Weiler—Atherton clipping algorithm, capable of clipping concave polygons with
several intersecting polygons, incorporated with vector geometry analyses for
contact detection between two blocks in shapes of arbitrary polyhedrons. In order to
produce correct proceeding order of intersecting area of two arbitrary polygons in
any relative position, eligibility of the potential proceeding segment is distinguished
from pair of intersecting segments by the relative positions of the segments. Instead
of identifying proceeding segment left or right to the other intersecting one, a more
robust and comprehensive method to locate proceeding segment inside or outside
the other approaching face is proposed.
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Application of Three-Dimensional
Discontinuous Deformation Analysis
to Simulate Characteristics of Planar
Translational Slope Failure

P.D. Jing, G. Chen, H. Zhang and W. Wang

Abstract This paper analyses some characteristics of planar translational slope
failure using 3D-DDA. The focus of this paper is only on two factors that influences
the failure pattern, boundary condition, and dip angle of discontinuity sets. The
2D-DDA has been developed maturely both in theory and computational code. The
usage of 3D-DDA is somewhat rare according to the literature search. This paper
demonstrates the power of DDA method, especially the feasibility of using
3D-DDA with many blocks. This article also illustrates the great influence of
boundary condition and dip angle of discontinuity set on the stability of rock slope.

Keywords 3D-DDA - Planar translational slope < Boundary condition
Discontinuity set

1 Introduction

Discontinuous deformation analysis (DDA) method was originally developed by
Shi (1988). This method has drawn many researchers and engineers’ attention
because its rigorous scheme of block kinematics and equilibrium conditions
achieved by minimizing the total potential energy. The 2D-DDA has been devel-
oped maturely both in theory and computational code. Many papers have been
published to show its availability in the two-dimensional problems just like the
literature reviews by MacLaughlin and Doolin (2006) and Hatzor and Bakun-Mazor
(2011) showed. However, the usage of 3D-DDA is somewhat rare according to the
literature search. This perhaps due to the difficulty in developing a complete contact
theory that governs the interaction of many 3D blocks. Although some papers have
published on completing the contact theory of 3D-DDA, using it to simulate a
system containing many blocks is still a huge challenge we have to conquer.
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Planar translational sliding pattern is the main form of failure although accom-
panied by toppling failure sometimes. The reason of choosing the planar transla-
tional sliding is not only its simplicity and also “sliding along an adversely
orientated rock face or block edge will invariably occur if the kinematic conditions
for such sliding are met” (Goodman and Kieffer 2000). Although the sensitivity of
the failure mechanism to the orientation of discontinuity sets has been previous
investigated using two-dimensional distinct element method like Kimber et al.
(1998), the relevant research by 3D method is not very mature especially by
3D-DDA.

2 Evaluation Process

This paper will show the availability of application of 3D-DDA to simulate the
planar translational slope with hundreds of blocks. The attention is put on two main
kinds of factors that have great influence on the failure pattern. These two factors
are (1) boundary condition. Two kinds of boundary condition has been taken into
consideration, confined lateral boundary and fixed lateral boundary separately;
(2) Dip angle of the discontinuity sets, which, in detail, can be divided into two:
(a) dip angle of basal discontinuity set, (b) dip angle of rear release discontinuity
set; In this paper, the dip direction and angle of lateral release discontinuity set keep
constant during all the simulation. An example of the 3D model can be found in
Fig. 1.

Lateral release
discontinuity

Rear release

discontinuity with

dip 60° Basal release
discontinuity

Fig. 1 One conceptual 3D model used in the 3D-DDA analysis
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Table 1 Parameters used in the 3D-DDA simulation

Parameters | Unit Young’s | Poisson’s | Friction | Cohesion | Contact Time SOR | Total
weight modulus | ratio angle (°) | (kPa) spring interval | value | time
(kN/m?) | (kPa) stiffness (s) steps
(kN/m)
2000 SE07 0.2 5 0 E08 0.001 1.3 10,000

In the conceptual 3D model, the rear release discontinuity and basal release one
are always orthogonal. The lateral release discontinuity is fixed vertically. There are
totally three kinds of discontinuity condition, with the release discontinuity dip
angle changes by 30°, 60°, and 90°. There are two kinds of boundary conditions,
lateral free or fixed.

The simulation parameters used in this paper are showed in Table 1. It should be
illustrated that the cohesion and friction angle are conceptual because the focus of
this paper is not on these two parameters.

There are totally six 3D-DDA models were built and analyzed. In the below
picture, the color bar represents the value of velocity. Figures 2 and 3 showed the
influence of lateral boundary condition on the failure characteristics when the rear
release discontinuity dip is 60°. Figures 4 and 5 showed that when the dip angle is
90°.

Fig. 2 Free lateral condition—the velocity pattern of the slope with rear release discontinuity dip
60° at 5000 steps
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Fig. 3 Fixed lateral condition—the velocity pattern of the slope with rear release discontinuity dip
60° at 5000 steps

Fig. 4 Free lateral condition—the velocity pattern of the slope with rear release discontinuity dip
90° at 5000 steps
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Fig. 5 Fixed lateral condition—the velocity pattern of the slope with rear release discontinuity dip
90° at 5000 steps

Figures 6 and 7 showed the different velocity pattern when the dip angle of the
joint set changes. It can be found that the most dangerous pattern happened when
the dip angle of rear release discontinuity is 60°.

Fig. 6 The velocity pattern of the slope with rear release discontinuity dip angle of 30° and 60°
separately
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Fig. 7 The velocity pattern of the slope with rear release discontinuity dip angle of 90°

3 Conclusions and Discussion

Dip angle of joints have great influence on the planar translational slope. Change of
dip angle of rear release discontinuity set has great influences on the slope failure,
like the change from slide-topping to sliding. With the increasing of dip angle of
basal joint sets, the failure pattern may change from topping mixed with sliding to
toppling.

The confining condition is of great importance in the rock slope analysis. The
simulation results showed that it has huge influence on the slope stability when
increasing the rear release joint dip angle.

The simulation code used in this paper is developed directly from the original
edition keeping the core algorithm constant and some details are improved and
modified. Details about the improvement on the original DDA code are out of the
range of this paper and not discussed. This paper limits the blocks numbers to
hundreds because as the block numbers increased to a thousand, the simulation
turns to be very time consuming.

The focus of this paper is only on two factors that influences the failure pattern. It
does not take other important factors into consideration, like the shear strength of
joint, block size and et al., which leads to the necessary of the future deeply study.
This paper also demonstrates the powerful of DDA method, especially the feasibility
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of using 3D-DDA with many blocks. Moreover, in order to expand the 3D block
number from hundreds to thousands, maybe tens of thousands, to development the
3D-DDA based on the CUDA (Compute Unified Device Architecture) platform may
be a future development direction.
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Hazard Mapping for Earthquake-Induced
Geo-disaster Chain

Guangqi Chen, Yanan Fan and Yange Li

Abstract Dammed lakes are considered as the most subsequently dangerous
post-earthquake geo-hazard because the lakes not only flooded human habitats in
upstream areas but also posed threats to potentially inundated downstream areas
with large populations. Therefore, it is necessary and important to pay attention on
prediction of earthquake-induced landslides and landslide dams in order to mitigate
or avoid the secondary disasters occurrence. This study proposes a landslide dam
prediction system over a regional scale. The prediction procedure is carried out in
slope unit-based mapping unit, and utilizing four filters to remove steady slopes to
obtain landslides dam prone slopes. A practical application is presented to show the
usefulness of the hazard mapping system.

Keywords Geo-disaster chain - Landslide dams - Prediction system - Hazard
mapping

1 Introduction

A strong earthquake can not only cause catastrophic damage on structures directly
but also result in series of secondary geo-disasters indirectly for a long period of
time. These secondary disasters occur as a disaster chain, i.e., “disaster triggering
disaster.” The chain starts from earthquake-induced landslides, and an extensive
landslides can create landslide dams when their debris fill into and stops a river.
While the dam is being filled, the surrounding water level rises and causes
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back-flooding (upstream flooding). Due to its loose nature and absence of con-
trolled spillway, a landslide dam can easily fail catastrophically and lead to debris
flows or downstream flooding.

Many reports show that these post-earthquake disasters would cause catastrophic
damages. For example, the 2008 Wenchuan Earthquake (Ms 8.0) induced
approximately 60,000 landslides, which ran down into river valleys and blocked
drainages, raising the water level and flooding roads, villages and towns. The
earthquake also created 828 landslide dams, and the subsequently dammed lakes
are considered as the most dangerous post-earthquake geo-hazard because the lakes
not only flooded human habitats in upstream areas but also posed threats to
potentially inundated downstream areas with large populations. The direct eco-
nomic loss from the earthquake is estimated at approximately 150 billion USD,
while it is recorded that more than one-third of the total loss (both property and life)
came from the post-earthquake disaster chain other than earthquake shaking itself
(Chen et al. 2012). Therefore, it is necessary and important to pay attention on
prediction of earthquake-induced landslides and landslide dams in order to disclose
the geo-disaster chain to mitigate or avoid the secondary disasters occurrence.

Effective countermeasures to disclose the geo-disaster chain rely on accurate
information about the location of landslide dam prone slopes (LDPSs). Because an
accurate landslide dam hazard map can provide useful information for these
countermeasures. For example, we can determine which slope needs to be rein-
forced based on the hazard map before an earthquake. Also, it would be easy for us
to detect landslide dams immediately after an earthquake if we know the potential
places from an accurate landslide dam hazard map. However, few studies focus on
landslide dam hazard mapping up to now, although several mapping methods have
been applied on landslides. Thus, it is important and essential to develop landslide
dam hazard mapping system.

In this paper, we present a hazard mapping system for landslide dam over a
regional scale. The system is carried out in slope unit-based mapping unit, which
utilizing four filters to remove steady slopes to obtain LDPSs. The filters including
(1) slope safety factor filter using a 3-D slope stability analysis (SSA) model; (2) a
volume filter to exclude impossible LDPS by defining a threshold volume of slide
mass based on field investigation; (3) several spatial filters for eliminating slopes
that are impossible to reach a river or block a river.

The mapping system has been developed with C# language and tested for
mapping LDPSs caused by the Wenchuan earthquake in the catchment of Tongkou
River. The predicted result is validated through comparing with an existed landslide
inventory which is interpreted from some aerial photographs. The detected LDPSs
show good agreement with interpreted landslides inventory. It indicates that the
proposed approach is effective and efficient for landslide dam hazard mapping
against a strong earthquake.
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2 Hazard Mapping Method

Few studies have carried out landslide dam hazard mapping up to now, although
several mapping methods have been applied on landslides (Van Westen et al. 2006,
2008; Pradhan and Lee 2007). A landslide dam hazard map shows slopes that have
high possibility of collapsing and blocking a river. A LDPS should meet with the
following conditions: (1) it will be unstable caused by a strong earthquake; (2) its
debris will reach a river; (3) the volume of reached debris is large enough to block
the river.

Therefore, in order to identify all the LDPSs in a wide area, we need (1) to
identify all the slopes in the area; (2) to find unstable slopes; (3) to judge whether its
debris can reach a river and is enough to block a river. Thus, we propose the
following procedures for hazard mapping.

2.1 Slope Identification

For hazard mapping within a wide area, the first and essential step is to define the
mapping units which affect uncertainties of the input data, the fitness of the
assessment model and the reliability of calculated susceptibility zonation. Each
mapping unit, the portion of land surface that contains maximum internal homo-
geneity differing from adjacent units, should have relative similar topographic and
geological characteristics, respectively. In this study, slope unit-based landslide
dam mapping is selected. Since the page limitation, the detail processing procedure
can be found in our previous work (Fan et al. 2013).

After slope unit identification, next process for predicting landslide dam is the
extraction of LDPSs, which can be performed by the following filters to erase
irrelevant slope units step by step.

2.2 River Buffer Filter

Landslide dam is a natural damming of a river by some kind of mass wasting, e.g.,
landslide, debris flow, or rock avalanche. Considering that the formation of a
landslide dam cannot happen without a river, we can remove the slopes, from where
the sediment material cannot reach to the river using a defined certain distance, to
obtain possible LDPSs. The central point of each slope unit is first need to be
calculated, and then the distance from each central point to the target river can be
derived within GIS. Next the distance larger than a given threshold can be excluded
as non-LDPS. We call this step as a river buffer filter and its sketch map is shown in
Fig. 1, in which D, and D, are distances from slope center to the river, D, is the
buffer width.
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Fig. 1 A sketch map of river
buffer filter to show the
distance from each slope unit
to the river

Slope unit 1

Slope unit 2
I

| D, <Dy

I

2.3 Aspect Filter

After step 2.2, most of slopes which are with the distance to river larger than a
given threshold are erased. Among the rest slopes, it is necessary to consider
whether their runouts can reach to the valley or not according to slope aspect. This
could be carried out by extending a runout path toward the slide direction and then
checking if it is conjoined with the stream line. We call this step as an aspect filter,
which means to exclude the slopes that could not reach to the river with slope
directions not toward the river. The runout path and direction can be derived by
linking the highest point to the lowest point in each slope unit. A sketch map of the
aspect filter is shown in Fig. 2.

“ Aspect 1

\ Slope unit 1
Aspect2 Slope unit 2
-
./.
£ Extended runout path
River

Fig. 2 A sketch map of aspect filter to show extended runout paths and the dammed river
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Fig. 3 A sketch map of blockage filter to show blockage of slopes along runout path

2.4 Blockage Filter

Another decisive factor of whether the slide runouts can reach to the valley or not is
the blockage height of sedimental material along the runout path toward river.
A module named by blockage filter is developed, which excludes impossible
LDPSs by defining a threshold of debris height, the slopes with height larger than
the threshold would be removed as non-LDPSs. Its sketch map is shown in Fig. 3.
From the cross section in Fig. 3, slide direction starts from the highest point to the
lowest one in each slope unit. Thus, a GIS module is developed to count the risen
topography along slide direction and records the highest location. Any slope unit
with a height H greater than a given height H,, is excluded from the LDPSs, like the
slope 1 in Fig. 3 shows.

2.5 Slope Safety Factor Filter Using a 3-D Limit
Equilibrium Analysis

Slope safety factor is an essential index for landslide dam analysis, because it
indicates landslide-prone or non-prone slopes. The most used method for deter-
mining the slope safety factor in a GIS environment is one-dimensional infinite
plain slope modeling (IPSM) (Ward et al. 1982; Van Westen and Terlien 1996).
However, following major problems need to be solved for using infinite plain slope
modeling. (1) The failure depth should be assumed in advance. It is very difficult to
determine the failure depth since it varies from place to place and its value affects
the calculated results very much. (2) The scale of a landslide with slip surface and
volume information cannot be obtained but they are necessary in predicting LDPS.
(3) IPSM assumes that the slope is extended infinitely in all directions and slide
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occurs along a plane parallel to the face of the slope. In practice, most failure slip
surfaces are not planes. Thus, SSA based on a circular slip mode (CSM) is more
popular than IPSM in geotechnical engineering. Also the use of 2-D slope stability
programs in a GIS environment is seldom used (Van Asch et al. 1992), because this
method requires the selection of a number of slope profiles from a digital terrain
model. Moreover, 2-D method cannot replicate the 3-D geological structures of
nature slopes. Since all slope failures show a 3-D geometry, it is reasonable to use a
3-D model to calculate slope safety factor.

For this reason, we develop a GIS module for 3-D SSA based on CSM. The
module is actually an extension of the well-known Swedish Method with a 2-D
limit equilibrium analysis. Thus before we carry out the 3-D stability analysis, we
need to introduce the 2-D model at first.

2.5.1 The 2-D Slope Stability Analysis

Considering that the tendency of a landslide is to go along the flow line, from the
top to the bottom, thus by recording the positions of the highest point and lowest
point in each slope unit, the cross line module embedded in GIS, which can cal-
culate the sliding direction, is created by using the C# computer language in this
study.

The cross line is extended by 10 and 20 % of the total projected length at the top
and bottom, respectively, so as to include plenty of topography features. The
Interpolate function of GIS is used to extract the elevation data into the cross line in
a 1 m-interval. Each point of the path line stores an elevation data. The elevations
of the points are arranged within an array to obtain the cross section of a possible
landslide (Fig. 4).

The slope surface is split into two equal parts. 10 head points of A are distributed
from the upper part and 10 toe points of B from the lower part through a simple
enumeration algorithm. For each pair of A and B, radii R takes 10 different values
(Fig. 5). By means of permutation and a combination of their sample groups, 1000
different slip surfaces are analyzed for critical slip surface searching.

Through the 2-D SSA, the center point O(x,, y,), position of the head point and
toe point can be derived. Thus, the angle and inclination of slip surface can be
derived.

2.5.2 The Extending 3-D Slope Stability Analysis

For the column-based 3-D SSA model, usually it is needed to determine the ellipse
center O(x,, Y,, Z,), lengths x, y, z of the X, Y, Z axes, angle and inclination of slip
surface. Contrastively, except of the parameter z, all the other parameters have been
calculated from 2-D slope stability analysis in this study. Thus, 10 different lengths
z are assumed to determine the 3-D slip surface.
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Fig. 4 Interpolation of the
extracted cross section of each
slope unit from DEM

Fig. 5 One case of slip
surfaces
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Fig. 6 3-D view of one Y grid-column
grid-column for deriving 1
factor of safety equation
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2.5.3 The Revised Hovland’s Model

The GIS-based data is selected because it can be easily managed in the
column-based model (Fig. 6). The revised Hovland’s model is selected to calculate
the safety factor

Zj Z i(CAi,j + VV;'J' Ccos HXYi,j tan ¢)
SF3D - . . .. Q1 .. - ) (l)
Z] Z l(vVl,] sm HXYZ,] +E1J)

where, F3p = 3D slope safety factor; W;; = weight of the ith, jth grid-column;
A;; = area of the slip surface of the ith, jth grid-column; ¢ = cohesion; & = friction
angle; 6 = normal angle of the slip surface; E;; = the earthquake forces of the ith,
Jjth grid-column.

2.6 Volume Filter

After a landslide occurs, the volume of its sediment material directly determines
whether a landslide dam forms or not. It is clear that large-scale landslides have
significantly likelihood for forming landslide dams. In the developed 3-D SSA
module, the volume of landslide for each slope unit can be calculated simultane-
ously. Thus, be defining a certain threshold beforehand, the slope unit with slide
volume greater than the threshold can be considered as LDPS.
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3 Case Study

3.1 Study Area and Data Source

The new hazard mapping method is applied to an area of the 2008 Wenchuan
earthquake where five large-scale landslide dams were formed (Fig. 7), including
the largest Tangjiashan Dam with a volume of 20.37 millon m®. The basic data
used in this study consists of a DEM with resolution of 10 m and a satellite image
with resolution of 2.5 m.

3.2 Results

Following the slope unit identification method, a total of 10,186 slope units were
derived. Then the non-LDPSs can be removed by the above-mentioned filters step
by step.

1. Eliminate the non-LDPS by the river buffer result.
As we know, if a slope is far from a river, it will not form a LDPS. We use the
buffer function of ArcGIS to attract 3996 slopes along the Tongkou river.
Figure 8 shows the slopes in the whole area by blue lines and the slopes within
2 km along the river by red lines.

2. Eliminate the non-LDPS by the aspect filter.
If the aspect of a slope is not toward the river, the slope should not be a LDPS
since the debris cannot reach the river. We developed the so-called aspect filter

32*100"N
|

32°0'0"N
|

— Fault

O Landslide-Dam

0459 18 27 Km

31°50'0"N
|

| | | | | I
103°50'0°E 104°0'0°E 104*10'0°E 104*2000°E 104*30'0°E 104*40°0°E

Fig. 7 The study area shows five large-scale landslide dams



358 G. Chen et al.

Fig. 8 Remained LDPSs
after filter 1

to eliminate non-LDPS. As a result, 2400 slopes are eliminated from the
remained 3996 slopes in step (1), and 1596 slopes remained in this step (Fig. 9).

3. Eliminate the non-LDPS by the blockage filter.
If there is another slope between a target slope and the river, and it is tall enough
to hinder the slope debris, the target slope will be eliminated since the debris
could be blocked by the midway slope. We developed the so-called blockage
filter for this purpose. 460 slopes are eliminated and 1136 slopes remained in
this step (Fig. 10).

4. Eliminate the non-LDPS by 3-D slope stability analysis.
According to filed investigation, the parameters used for calculation of slope
safety factor are defined as: the soil unit weight y = 22 kN/m>, the cohesion
strength ¢ = 20 kN/m?> and the internal friction angle of slope material ® = 32°.
Finally, 524 slopes are eliminated according to the safety factors calculated by
the newly developed 3-D SSA tool and 612 slopes remained in this step
(Fig. 11).

5. Eliminate the non-LDPS based on the volume filter.
The failure volume is estimated by 3-D SSA, and the volume threshold of debris
moves to river which is defined by the field investigation of existed landslide
dams caused by the Wenchuan earthquake in previous research (Fan et al.
2012). As aresult, 28 slopes are eliminated and 584 slopes are determined as the
LDPSs (Fig. 12).
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Fig. 9 Remained LDPSs
after filter 1 and 2

Slopelnit Origin
Extracted SlopeUnits through buffer filter

Fig. 10 Remained LDPSs
after filter 1, 2 and 3

SlopeUnit Origin

Extracted SlopeUnits through aspect filter
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Fig. 11 Remained LDPSs
after filter 1, 2, 3 and 4

Fig. 12 Remained LDPSs
after filter 1, 2, 3, 4 and 5
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Fig. 13 Hazard map of
landslide dam

Figure 13 shows the landslide hazard map. The five landslide dams caused by
the Wenchun earthquake are also shown by the yellow areas. It can be seen that the
results are quite reasonable.

4 Conclusions

A strong earthquake can induce landslide dam disaster chain which may cause more
serious damage than earthquake-induced direct damage. A landslide dam hazard
map can provide necessary and essential information for effective countermeasures
against the disaster chain since it shows the location, possibility, and dangerousness
of potential landslides and landslide dams.

In this paper, we have proposed a hazard mapping method for landslide dam
induced by earthquake according to the slope stability analysis, possible slide
volumes, together with topography data and river conditions. The hazard mapping
system includes a 3-D slope stability analysis GIS module which aims for calcu-
lating safety factors and estimating failure volumes with high accuracy, an aspect
filter and a blockage filter which are used to exclude non landslide dam prone
slopes combing with the geographical data.

The proposed prediction system has been developed with C# computer language
and tested for mapping LDPS caused by the Wenchuan earthquake in the catchment
of Tongkou River. The predicted result is validated through comparing with an
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existed landslide inventory which is interpreted from some aerial photographs.
Results show that the detected LDPSs show good agreement with interpreted
landslides inventory. It indicates that the proposed approach is effective and effi-
cient for landslide dam hazard mapping.
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Monitoring Techniques for Sediment
Disaster in Mountant Area

Lin Bing Shyan, Lien Hei Pan, Liu Yi Chen,
Li Cheng Yang and Chen Ping Sen

Abstract In Taiwan, disaster prevention work has become an important issue for
government agency which works for mountain area conservation, especially when
disaster has become a complex kind of slope disaster combining landslide, debris
flow, and flooding. In order to increase the ability of these complex disaster
monitoring prewarning system in Taiwan area, one is to gain the prewarning time in
which we can put much power-saving monitoring system more upstream, and the
other way is to make the monitoring site much densely covered with disaster
prevention class order low cost detecting instruments apply by low-frequency radio
transmitter and mesh transfer technique for accurate data transmit. Another use of
watershed prewarning technique is the UAV image providing different time of
slope and riverbed landscape and also provides high-resolution DTM and DSM in
order to calculate and provide numerical modification resources for different con-
struction suggestions and monitoring sensor position replacement. In result, we use
Han-Shi watershed in Yi-Lan County in northwest of Taiwan, and Li-Yi in
Pin-Tung County in southern Taiwan has accomplished this goal and makes effort
by the use of 158, 433 and 900 MHz all three different frequencies of radio
transmission, and successfully transmit including five major collecting site, and 19
different signals for upstream debris flow of potential river monitoring for slope
sliding amount, ground movements, ground moisture, rain amount, water level, and
also site visions. From measurement result, we can assure that sediment trans-
portation in this watershed can be measured in all three directions, and for pro-
tection site, large mass of sediment movement occurrence can be measured by these
low-cost direct instruments and by the use of low-frequency radio network,
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prewarning alert can be proposed and old estimations for rainfall induced amount
can be fixed more correctly.

Keywords Sediment disaster - Monitoring - Warning system - Low-frequency
radio transmitter

1 Introduction

In Taiwan, typhoon and earthquake are the most common hazardous events that
cause serious slope land disaster; therefore, large amount of sediment transport
downstream and flooding threaten the resident or protection target alongside the
riverbed. Therefore, when heavy rainfall event or earthquake occurs, demands for
efficiently monitoring the widely spread protection target arose quickly. To obtain
the required information for prewarning system, different monitoring methods are
proposed according to different purpose

1. Debris flow sites:
Normally, debris flow site is in the upper part of the watershed, where slope is
steep, no road reachable, accompanied by bedside landslide which provides the
sediment to supply the debris flow. If the watershed does not have new sediment
supply point, it will be difficult to find the monitor point, then, indirect way to
define debris flow will be important. Instruments like vibration sensor, wire
sensor, ground moisture instruments, rainfall amount, underground water level,
and also the sliding amount are useful. From other indirect guarding method for
defining landside we can use tilt meter, tension crack meter, displacement meter,
ground vibration sensor, and also slope type wire sensor can be used and CCD
camera and rain gauge is used for evidence proof.

2. Landslide sites:
Landslide could occur in any place in the watershed area. For creeping sliding
site, the tilt meter, tension crack meter, displacement meter, ground vibration
sensor, and also slope type wire sensor are useful. For potential landslide sites,
surface acceleration sensor and ground vibration sensor which detect frequency
can be changed and are helpful to detect the landslide activity for prewarning.

3. Riverbed scouring and depositing sites
Riverbed water level, scouring, and deposition are also important to define the
slope disaster. Different types of water level sensors are available (laser type,
infrared sensor, radar type). Those sensors are normally setup on fixed struc-
tures, such as check dams and weirs.
Based on the above-mentioned method, we can collect monitored data in dif-
ferent places and send it to the web cloud to calculate and demonstrate the result,
as shown in Fig. 1. Accordingly, the distributed data was obtained, from the
upstream to the downstream of a watershed.
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Fig. 1 Monitoring and data transmission structure

2 Analysis Methodology

For each kind of detecting instrument, analysis of the transmitted data is essential.
The results monitored by different sensors can be illustrated in different ways
according to different purpose as listed below (SWCB 2013b):

1.

Rain gauge data: This data (include accumulated rainfall, rainfall intensity, and
duration) affects the slope stability directly. Usually, the empirical critical lines
(function of rainfall intensity, rainfall duration, or cumulative rainfall) are used
to issue the warning message (Fig. 2).

Wire Sensor: The place and timing of the wire broken is the most critical
information. If the broken succession (temporally and spatially) was detected,
the travel speed of landslide or debris flow surge can be evaluated (Fig. 3).

. Water level: This data can be used for calculating the discharge. In addition, it

can be used to indicate the occurrence of landslide. From water level, we can
conduct rainfall data to calculate the watershed discharge and also (Fig. 4).

. Soil Moisture: This data show the amount percentage of water contained in the

soil which provides the result in different area (Fig. 5).

. Geophone/Seismic meter: This instrument is based on different angle of ground

acceleration meter analysis, under different detect frequency, the detect range
differs, and with real time transmission, the entire surge event can be detected
(Fig. 6).

Tilt meter: The rotation angle of a rotational sliding and the rate of rotation can
be used to indicate the slope instability.

. Ground Placement meter: This data include tension crack or soil and tree

movement for slope failure potential area and old landslide site.
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Fig. 4 Water level dropped at certain place of river might indicate the occurrence of landslide

Groundwater Level: This data is collected when a borehole is made in slope
failure area and the data is normally conducted with borehole tilt amount and
movement speed.

CCD image: This data is the most important proof for the occurrence of slope
failures and debris flows.



Monitoring Techniques for Sediment Disaster in Mountant Area 367

;- e we 00 ——— — 100
——pes l I ”

- - 0 — ]
EIC—- w;z ::1,; ‘ - ez
] t 3 | T

] J L 3
R :
;?-: — =1 ;.4: —_ - w3
- » 2 — -2
T T T T i e T T — 2
T OTMIQ00  OTANZ00 e U ko T I200 oTA2S00 oD .:: L-ciab 42 - o - - l-4-
Fig. 5 Soil moisture at different area reaction
(a) 5% 1072 Yardbird N-axis: Jul.12,2013 - Jul.13,2013
”raw data
» 25
£
g ..
L 25+

-5 L L L v v 3 v
18:00 21:00 00:00 03:00 06:00 09:00 12:00 15:00 18:00

Time
(b) PSD: 10 = log,, (m?/s°/Hz), [dB]
-160 -150 -140 -130 -120 -110 -100

06:00  09:00 12:00 15:.00  18:00
Time

Fig. 6 Geophone data under typhoon debris flow event

Aforementioned slope soil observation instruments, including biaxial incli-
nometer, surface displacement meter, soil moisture meter, taking into account the
water table, combined with rainfall hydrograph, can analyze the changes observed
values for each observation instrument trend. However, the specific view of these
observations and the slope of the department of slope stability (or stability)
between, we must continue to accumulate more information and experience, in
order to establish the value of assets can alert management applied. When the event
ends, the relevant information about statistical analysis stage of the event must be
observed not only can accumulate in the sediment observation stations where
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sediment catchment evolution trends, and experience will also help future
decision-making contingency event occurs. But consider the incident, the com-
munication data transfer operations or omissions circumstances may occur, SO
before making observations statistical analysis must be downloaded on the obser-
vational data, time alignment, Addendum and correction, classification, storage and
archiving, etc., the work.

3 Correlation Analysis of the Observational Data

In addition to in situ imaging (i.e., visual class), other equipment can be divided
into pre-sediment disasters (i.e., predicted class) and after the occurrence (i.e.,
analysis class) of observation instruments; so the observation instrument between
the observations should be certain that the correlation can interpret relevant
information between various observations and sediment disaster by checking cal-
culation and analysis in order to enhance the efficiency of the alert notification of
changes in the sediment during the flood. Figures 6, 7 and 8 for the observation and
analysis instruments in predicting debris flow correlation can be divided into the
slope and sediment transport in the two types of debris flow dynamics, hereby
comprehensive analysis below (SWCB 2013c).

4 Monitoring Site Introduction

Under consideration of past disaster distribution and local landscape features, we
selected Han-Si as our monitoring site. Han-Si is located at the northeast part of
Taiwan, located in Da-Tung district of Yi-Lan County. The averaged accumulated
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Fig. 7 Tilt meter placement result the right hand side is the monitored results of inclinometers
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Fig. 9 Han-Si monitoring site

rainfall is 3100 mm/year. The area of the watershed is 4319.64 ha (Figs. 9 and 10).
Large amount of sediment deposited at sites 1, 3, and 5 after Typhoon Sula which
struck Taiwan during 2012 (SWCB 2013a).
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Fig. 10 Monitoring site picture

Another site is Lai-Yi, located in Ping-Dong County, southern Taiwan, which
suffered from large amount of sediments and flooding during Typhoon Morakot in
2009. Landslides were continuously monitored to prevent sediment disaster against
Lai-Yi east village.

Each site has different detecting instruments, including rain gauge, water leveler,
soil moisture sensor, ground vibration sensor, wire sensor, and also CCD camera.
The instruments are all linked to individual wireless transmitter. The data are
collected at a merge point shown in Fig. 10. The purpose is to monitor the hazard
input source, such as landslide origin and structure reaction during heavy rainfall. In
Fig. 5, different instruments are wireless connected at distributed hazardous sites
and these efficient devices are all powered by solar plates and batteries (Fig. 11).
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5 Event Monitor Result

During July 31 to August 2, typhoon Sao-la struck northeast Taiwan and brought
heavy rainfall, especially in Yilan county (Fig. 12). The typhoon brought heavy
rainfall and induced huge disaster in this area, including landslide and debris flow
and also flooding. From rain gauge monitor shown in Fig. 13, maximum 1 h
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Fig. 13 Rainfall amount during typhoon Sao-la at Han-Si monitoring site
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Fig. 14 Soil moisture changes during typhoon Sao-la at Han-Si monitoring site
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Fig. 15 3D ground vibration limit changes during typhoon Sao-la at Han-Si monitoring site

rainfall is 80 mm/h, 10 min maximum rainfall is 16 mm, total rainfall for three days

is 1320 mm, almost one-third of year precipitation. In Fig. 14, the soil moisture
attained 93 % around 9 pm on August 1, just before the occurrence of debris flow
at around 2:30 a.m., August 2. Figure 15 shows that the largest ground vibration

occurred at around 2:30 a.m., August 2. Before the debris flow event, at around

the landslide might have occurred. After rainfall accumulated, the

debris started moving at 4:30 a.m.

August 1,

10:30,

and post-event DTM of the

The pre-

Another tool for site monitoring is UAV.
riverbed and slope can be collected and analyzed. The results are illustrated in

Fig. 16. Using simulation model

transport can be reproduced.

such as CCHE-2D, the sediment dredging and
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R

Fig. 16 Lai-Yi riverbed simulation using CCHE2D and the comparison to the results derived
from the pre- and post-event DTMs made by UAV
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6 Conclusion

From different wireless monitoring instruments distributed in the monitor site, we
can gain more temporal and spatial information related to the hazardous phenom-
ena. Therefore, during certain hazard event, we can earn more time for self-saving.
The issuing of warning messages becomes reliable. In addition, the hazard miti-
gation measures can be correctly established.
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Seismic Performance of Piles
from EQWEAP and Monte Carlo
Simulation Analyses
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Abstract This paper discusses the seismic performance-based design
(PBD) analysis on piles using one-dimensional stress wave equation and Monte
Carlo Simulation. Seismic responses of the piles were monitored at a wider spec-
trum of earthquake intensities rather than the target ones. To obtain appropriate
estimations, weights of the intensities were calculated from the probability density
function determined from the seismic hazard curve. Probabilities of failure of the
piles were evaluated for uncertainties of soil parameters and seismic records, and
then calibrated with the weights. The result of the numerical study indicates that the
seismic force is the most dominant factor. Large diameter pile sometimes exerts
cracks around pile head under moderate earthquakes. Therefore, the assessment
would become very critical in that case. For design and maximum consideration
(MCE) earthquakes, the piles were found satisfied because of performance based on
ductility resistance and ultimate moment capacity. Probabilities of failure of the
piles were also found sensitive to horizontal load from the superstructure.
Comparing the correspondent reliability indexes with those required for acceptable
foundations, the seismic performance of the piles can be assessed. With the sug-
gested factor of safety, the seismic performance of the piles was found to be greater
than 2.0 for design and MCE quakes in this study.

Keywords Performance based seismic design - Piles - EQWEAP analysis -
Reliability approach

D.W. Chang (<) - Y.H. Lin - C.H. Liu - S.C. Chu
Tamkang University, New Taipei, Taiwan
e-mail: dwchang @mail.tku.edu.tw

H.C. Chao
Moh and Associates, Inc., New Taipei, Taiwan

© Springer Japan 2017 375
H. Hazarika et al. (eds.), Geotechnical Hazards from Large Earthquakes
and Heavy Rainfalls, DOI 10.1007/978-4-431-56205-4_35



376 D.W. Chang et al.

1 Seismic PBD of Piles

For any geotechnical structure, Honjo et al. (2002) suggested that the PBD analysis
can be conducted using (1) LRFD method, (2) reliability method, and (3) proba-
bility method. Applications of the first two methods were frequently adopted on pile
foundations. Performance of the piles at both ordinary and seismic conditions can
be evaluated. For the seismic investigations, usually the target PGAs from the
design code were considered. The uncertainties are mostly related to seismic
records, soil parameters, and spatial variability. Reliability methods such as
first-order second moment (FOSM), first-order reliability method (FORM), and
Monte Carlo Simulation (MCS) can be adopted to estimate the probability of failure
and reliability index of the pile.

For probability-based method, the so called PBEE (Performance-Based
Earthquake Engineering) analysis suggested by US Pacific Earthquake
Engineering Research Center (PEER) is referable. Such analysis has been con-
ducted by research teams on NEES project with 3D FEM program-OpenSees
(2009). Excellent overview of the PBEE analysis can be found in Kramer (2008). It
suggests that the annual rate of exceedance (4) for a decision variable (DV) on any
engineering structure can be analyzed as a triple-integral on probabilities of
intensity measured (IM), engineering demand parameter (EDP), and the damage
measure (DM). For seismic hazard curve in hand, the integral is able to be
decomposed in finding the annual rate of exceedance for EDP, DM, and DV,
respectively. Based on log-normal distributions, analytical expressions of this rate
exceedance for EDP, DM, and DV can be found. Simplified methods to compute
the statistics of the data were suggested. This approach can ideally include all
possible earthquake influences with the uncertainties of soil parameters and spatial
variability. According to Shin (2007), the effects of the uncertainties of seismic
forces are much larger than those from soil parameters and spatial variability. The
record-to-record uncertainty was found to be 90-95 % of the total uncertainty
involved in the seismic assessment.

From the stress and deformation analysis of the structure, the piles can be
monitored using either static (or pseudo-static) or dynamic analysis. While the
former is easier to conduct, the latter requires longer computation time and pre-
processing. In order to reduce the time for dynamic computations, a rather fast
solution EQWEAP was suggested by Chang et al. (2006, 2008). It solves the
free-field ground responses (with the lumped mass analysis) and using them to
obtain the corresponding pile deformations from 1D wave equations. With such
solution, the PBD analysis based on dynamic modeling becomes more applicable.
Details of the EQWEAP analysis can be found in Chang et al. (2014a). This
solution was found agreeable with 2D and 3D FEM analyses using PLAXIS (2012)
and Midas-GTS (2012) with simple geometry conditions.

The EQWEAP analysis has been combined with the PBEE procedures in
evaluating the seismic performance of piles in Taipei (Chang et al. 2010). The
dynamic impacts of the ground motions can be monitored through this solution.
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According to the local design code, seismic level-I, -II, and -IIl required for
moderate earthquake, design earthquake and the maximum consideration earth-
quake (MCE), respectively, were considered. For 50-year design life, the corre-
sponding probabilities of the occurrence of these quakes are 80, 10, and 2 %,
whereas the seismic return periods are 30, 475, and 2500 years. Cheng (2002)
suggested that the corresponding target PGA, at these seismic levels in Taipei could
be 0.12, 0.29, and 0.51g.

With the target PGA, and acceleration records from nearby stations, seismic
PBD on bridge-piles (D = 2 m and L = 60 m) of an expressway at the Sin-Jhuang
District in Taipei was analyzed by Chang and Lee (2013) and Chang et al. (2013).
Tri-linear moment-curvature relationship of the concrete pile was suggested based
on the approximate Bouc—Wen model. To keep the piles remain elastic at moderate
earthquakes, the maximum bending moment (M,,.,) needs to be less than M, at
which the concrete starts to crack. For design EQ, M,,,x should be less than M,,
where the steel bar starts to yield. For MCE quakes, the ultimate moment, M, in
which the plastic hinge occurs must not be exceeded. By analyzing experimental
data or results from analytical computations, one can apply the model equation to
compute model parameters a and Z for the line-segments and then find out the
correspondent secant stiffness, EI for the use of nonlinear analysis.

By taking the internal moments of pile as DM and comparing it with these moment
capacities (i.e., M, My and M), the engineers can evaluate the seismic PBD of piles.
Figure 1a, b reveals the result for seismic assessments of the piles in Taipei Basin
(details of the site conditions and pile foundation are described in following para-
graphs). In Fig. 1b, the maximum absolute pile displacements (solid points in dash
curve) found at the pile head are about 20, 50, and 80 cm, respectively, for moderate,
design and MCE quakes. In Fig. 1a, comparing the maximum pile moments (solid
point in dash line) with the moment capacities shows that the seismic level-Iis difficult
to satisfy since the predicted maximum bending moment at the pile head will exceed
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M. at moderate earthquakes. On the other hand, matching the requirements for design
and MCE quakes are relatively easier providing that M, and M, of the pile are
carefully estimated. The engineers can also use these figures to find the allowable pile
displacements under different seismic levels, i.e., Unc, Unmy, and Upgy. A factor of
safety (FSp) for seismic performance of the piles from PBEE analysis can be suggested
as the ratios of the moment capacities divided by the maximum moments obtained
from the PBEE procedures, i.e., Mo /Mpax, My/Mpax, and M /My, Chang et al.
(2014b) have reported that the piles located at Taipei could be greater than 1.1 with the
concerns of design and MCE quakes.

2 Monte Carlo Simulations

On the other hand, one can simply conduct Reliability analysis for structural
responses at the target PGAs from probability seismic hazard analysis (PSHA), the
results are generally acceptable in engineering practice. Such approach is often
followed by LRFD and other type of design methods. In general, the seismic
influences of the earthquakes are only focusing on few target intensities. However,
in considering the design life of the structure, it will be more objective to include all
quake influences rather than a few ones. With such concern, the influences of every
PGAs should be found. The annual rate of exceedance, A of any PGA is subtracted
from 1.0 in order to obtain the probability of occurrence for any intensity less than
or equal to that PGA during the design life, i.e., the cumulated density function
(CDF). The probability density function (PDF) of the PGAs can be computed by
differentiating CDF. For the seismic intensities from “not noticeable to person” to
“danger to structure,” one can thus compute the weights of these intensities and use
them to calibrate the corresponding probability of failure for the structure. The
probability of failure is strongly dependent on the performance requirement at
arbitrary seismic level. Using the central difference formulas, the weights of every
possible PGA can be calculated from the PDF as follows:

d

Pala) = 5 Fa(@) = 5 (11 = Ra(@))

_ dRA (a)
da

(1)

where P4(a) is the probability density function, F, is the cumulated density
function, Ry(a) is the function of seismic hazard curve, and « is the variable of
intensity measure. Table 1 lists the weights for PGAs from seismic hazard curve in
Taipei (Chang et al. 2014b).

The accuracy of Monte Carlo Simulation (MCS) depends on the number of
simulations considered. For seismic intensities between 0.01 and 0.51g, an incre-
ment of 0.0lg is used. Totally 51 intensities (PGAs) were analyzed for the
uncertainties of seismic forces. Alternative methods to produce the seismic records
for the structural response analysis have been discussed by Kramer (1996). For
simplicity, the acceleration time history recorded at a nearby seismic station can be
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Table 1 Calculated weights of the intensities for PGAs in between 0.01 and 0.51g
PGA |Return |4 (%) Probability Probability of | Numerator | Weights
(€3] period of occurrence occurrence of the
(year) for a > PGA for a < PGA central

difference

formula
0.01 1 100.00 | 1.0 0.000 5.00E—-03 2.50E-03
0.02 1.005 99.50 | 0.995 0.005 1.00E—02 5.00E—03
0.03 1.01 99.00 |0.99 0.010 4.95E—01 2.48E—01
0.04 2 50.00 |0.50 0.500 7.50E—01 3.75E—01
0.05 4 25.00 |0.250 0.750 3.33E-01 1.67E-01
0.06 6 16.67 |0.167 0.833 1.25E-01 6.25E—02
0.07 8 12.50 |0.125 0.875 6.67E—02 3.33E—02
0.08 10 10.00 | 0.100 0.900 5.36E-02 2.68E—02
0.09 14 7.14  |0.071 0.929 5.00E-02 2.50E-02
0.10 20 5.00 |0.050 0.950 2.98E—02 1.49E—-02
0.11 24 4.17  ]0.042 0.958 1.67E-02 8.33E-03
0.12 30 333 |0.033 0.967 1.31E-02 6.55E—03
0.13 35 2.86 |0.029 0.971 9.52E-03 4.76E-03
0.14 42 238 0.024 0.976 8.57E-03 4.29E-03
0.15 50 2.00 |0.020 0.980 7.42E—-03 3.71E-03
0.16 61 1.60 |0.016 0.984 6.11E-03 3.06E—03
0.17 72 1.40 [0.014 0.986 5.03E-03 2.51E-03
0.18 88 1.14  |0.0114 0.9886 3.89E-03 1.94E-03
0.19 100 1.00 | 0.0100 0.990 3.36E-03 1.68E—-03
0.20 125 0.80 |0.0080 0.992 3.01E-03 1.50E—-03
0.21 143 0.70 | 0.0070 0.993 1.90E-03 9.51E-04
0.22 164 0.61 | 0.0061 0.9939 1.73E—03 8.65E-04
0.23 190 0.53 | 0.0053 0.9947 1.57E-03 7.86E—04
0.24 221 045 |0.0045 0.9955 1.29E-03 6.47E—04
0.25 252 0.40 | 0.0040 0.996 1.03E-03 5.14E-04
0.26 286 0.35 |0.0035 0.9965 9.65E—04 4.83E-04
0.27 333 0.30 | 0.003 0.997 9.33E-04 4.66E-04
0.28 390 0.26 | 0.0026 0.9974 8.98E—04 4.49E-04
0.29 475 0.21 ]0.0021 0.9979 5.64E—04 2.82E—04
0.30 500 0.20 |0.002 0.998 2.30E—04 1.15E—04
0.31 533 0.19 |0.0019 0.9981 2.61E-04 1.30E—04
0.32 575 0.17 |0.0017 0.9983 2.50E-04 1.25E-04
0.33 615 0.16 |0.0016 0.9984 3.19E-04 1.59E—04
0.34 704 0.14 |0.0014 0.9986 3.75E-04 1.87E—04
0.35 800 0.13  |0.0013 0.9987 2.80E—04 1.40E-04
0.36 877 0.11 |0.0011 0.9989 2.50E-04 1.25E-04
0.37 1000 0.10 |0.0010 0.999 2.05E—04 1.02E—04

(continued)
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Table 1 (continued)

PGA |Return |4 (%) Probability Probability of | Numerator | Weights
(€3] period of occurrence occurrence of the
(year) for a > PGA for a < PGA central

difference

formula
0.38 1069 0.09 | 0.0009 0.9991 1.43E-04 7.15E—05
0.39 1167 0.09 | 0.0009 0.9991 1.35E-04 6.77E—05
0.40 1250 0.08 | 0.0008 0.9992 1.29E—-04 6.43E—05
0.41 1373 0.07 | 0.0007 0.9993 1.21E—-04 6.05E—05
0.42 1473 0.07 |0.0007 0.9993 1.17E-04 5.84E—05
0.43 1635 0.06 | 0.0006 0.9994 1.13E—04 5.66E—05
0.44 1767 0.06 | 0.0006 0.9994 9.16E-05 4.58E—05
0.45 1923 0.05 0.0005 0.9995 7.35E-05 3.68E—05
0.46 2031 0.05 0.0005 0.9995 5.85E-05 2.92E-05
0.47 2167 0.05 0.0005 0.9995 5.78E-05 2.89E—05
0.48 2301 0.04 | 0.0004 0.9996 5.39E-05 2.69E—05
0.49 2453 0.04 | 0.0004 0.9996 3.04E-05 1.52E—05
0.50 2475 0.04 | 0.0004 0.9996 7.69E—-06 3.84E-06
0.51 2500 0.04 | 0.0004 0.9996 4.79E-05 2.39E-05

used to produce the bedrock motions with any target PGA (PGA,). Varying with
other variables (e.g., material parameters and geologic conditions), the database of
MCS can be optimized. The total probabilities of failure, Py at different seismic
levels (PGA,) with the required performance can be computed summing up all the
individual probabilities of failure at the PGAs less than and equal to the PGA

Prrat any PGA, = Y Py where PGA <PGA, (2)
Assuming that the probability densities of the maximum pile moments at the
PGAs can be analyzed as normal or log-normal distributions, the reliability index, f

of the MCS can be achieved. Note that § can be calculated by

p=u/c (3)

where  is the mean value and o is the standard deviation of the data.

3 Case Study

Numerical model of a bridge pile foundation at an expressway located in Sin-Jhuang
district at New Taipei City is again studied. Based on the previous study by Chang and
Lee (2013) and Chang et al. (2013), the acceleration records producing largest
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Fig. 2 Locations of seismic stations near the pile foundation site
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Fig. 3 Acceleration time history selected from stations TAPO11 and TAPO17

deformations and smallest deformations of the piles were selected. Records at stations
TAPO17 for 1999 Chi-Chi earthquake (in-land/active faulting triggered quake, My =
7.3) and at TAPO11 for 2002 Yi-Lang earthquake (east coast offshore/subduction
plate triggered quake, My, = 6.8) were in use. Figures 2 and 3 show the locations and
the acceleration time histories used. A typical 3 X 3 pile foundation with piles of 2 m
diameter and 60 m length was investigated. The EI value of the pile is 2.4 X 10* MPa.
Geological condition of the site is presumed based on in situ borehole data and
representative studies. Table 2 shows the information of the ground site. According to
the designer, the maximum vertical loads at the single piles were designed as 9MN and
18MN for ordinary and seismic cases. Horizontal loads were kept as 15 % of the
maximum vertical loads. The moment capacities of M., M, and M, were able to
obtain from LPILE analysis. With 1.94 % reinforced bar ratio and 18MN vertical
loads, M., My, and M, were obtained as 7.35, 22.15, and 28.68 MN-m, respectively.
Varying the unit weight, SPT-N value, friction angle, and cohesion of the layered soils
with presumed averages and standard deviations (see Table 2), 5000 combinations of
the soil layers were randomly generated. Varying 51 PGAs on two seismic records, the
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Table 2 Geological condition and soil parameters for the numerical model of the site

Depth H (m) | Soil layers Y (kN/m3) SPT-N @ (°) ¢ (kPa) Vs
(m) Ave. |6 |Avg. |0 |Avg. |0 |Avg. |o |(M/S)
04 4 Surface fill 180 |15 | 3 1|30 1 |- - | 115
4-10 6 SS-IV (ML) 185 0.7 | 5 1|6 1|7 1171
10-20 10 SS-V (SM) 189 |13 |14 3 |34 2 |- - 1192
2040 20 SS-1vV 18.8 |1 11 2 |14 1 1222
(CL-ML)
40-50 10 SS-1II (SM) 18.6 (0.9 |21 4 |34 2 |- - 221
50-60 10 SS-II (CL-ML) | 19.0 |0.7 | 14 2 |21 1|6 1 241
60-70 10 SS-1 (SM) 193 0.7 |30 4 |42 1 |- — | 248

Note SS means Songshan formation

total number of simulations is 5.1 X 10°. Note that according to the local seismic
design code for seismic level-I, -1, and -II1, the performance functions depend on M,
M., and M, respectively. The EQWEAP analysis is efficient to provide fast solutions
within limited time period. The probability of failure, Ps is defined as the ratio of
number for cases at failure (M0 2 M, or 2M,, or 2M,;;,) divided by the total number
of cases. The reliability indexes, f are computed accordingly.

Detailed results for the probabilities of failure at each PGA from EQWEAP
analysis can be found in Chang et al. (2014b). Note that the static horizontal load
from the superstructure is defined as Fy. Calculating the probabilities of failure, P¢
at every PGA and multiplying them with the weights, the calibrated P; can be
obtained. Summation of the calibrated Py up to the target PGA, gives the total
probability of failure, Py at different seismic levels. It can be obviously seen that
the horizontal structural load is very significant to the results. For Fy applied
statically, the failures will increase dramatically. If no static horizontal force is
considered, then the predictions will become much safe. The effects of soil
parameters varying the number of simulations at each PGA (only the soil param-
eters were changed) were studied and it was found that the effects of soil parameters
are relatively insignificant compared to PGAs (Chang et al. 2014b).

Following the assumptions of log-normal distribution, the corresponding relia-
bility indexes, f can be calculated. Reliability indexes for seismic performance of
the numerical piles were found between 2.8 and 5 under design earthquake and
MCE quakes. Following the foundation performance and reliability index of 2.3
suggested by Whitman (1984), the piles are acceptable for the seismic design
requirements. However, for moderate earthquake concern, the reliability indexes
were found less than 2, which is unacceptable to the design. This is attributed to the
fixed-head condition of piles and the static load applied at the pile head.

Similarly, the factor of safety (FSg) for seismic performance of the piles from
Reliability analysis can be suggested as the ratio of computed reliability index
divided by reliability index required B, i.e., Bmoderatc EQ/Prs Bdesign EQ/Pr, and Byice/
P The FSy of the example study is summarized in Table 3. It can be found that the
factors of safety calculated from reliability method using MCS approach showed
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Table 3 Factor of safety for seismic performance of the numerical piles

Method Factor of safety, FSp and FSg

Moderate EQ Design EQ MCE quakes
MCS w/o | 0.696 (<0.12g) and 1.08 | 2.17(<0.29g) and 2.17 2.17 (<0.51g) and 2.1
Fu @ 0.12¢ @ 0.29g @ 0.51g
MCS w 0.43 (<0.12g) and 1.08 1.17 (£0.29¢) and 1.6 1.79 (£0.51g) and 2.08
Fy @ 0.12¢ @ 0.29g @ 0.51g

Note [ is kept as 2.3 according to the suggestion of Whitman (1984)

that the assessment for moderate EQs were too conservative by only checking the
damages at the pile head and taking the horizontal structural loads as a static one.
The minimum safety factor of the seismic PBD of the piles can be accordingly
made at various design levels. In this case, a factor of safety on the order of 2.0+ of
the seismic PBD on piles under design and MCE quakes can be obtained.

4 Summary and Conclusions

For seismic level-I corresponding to the moderate earthquakes, the piles were found
very critical due to large bending moment encountered at the pile head with
fixed-head connection. Although the most part of shaft remains elastic, the
occurrence of the cracks at pile head would fail the assessment. For design earth-
quake with seismic level-II concern, the piles of the numerical model can sustain
the seismic forces and remain under ductility resistance (My). For level-III concern
under the maximum consideration earthquake, it is found that the internal moments
can be controlled under the ultimate moment capacity (M,,). Calibrating the
probabilities of failure under the intensities smaller than PGA, and summing them
up, the total probability of failure, Py at that PGA, can be found. In this study, Pyt
were reported as 0.054 % (96.9 %), 0.0 (0.343 %), and 0.0 (0.002 %) for moderate,
design and MCE seismic levels without (or with) the static horizontal superstruc-
tural load. The foundation performance for design and MCE concerns were found
acceptable based on the suggestion of Whitman (1984). Again, the assessment on
seismic level-I will lead to a critical result. The factor of safety (FS) for seismic
PBD of the piles was suggested based on the ratios of reliability indexes. It can be
found greater than 2.0 for the numerical piles under design and MCE quakes. The
results seem to be more optimistic than those suggested by PBEE analysis.
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The Overflow Model Experiment
Using the Waterway for Examining
the Countermeasure Effect Against
the Tsunami-Induced Tide
Embankment Scouring

Tomohiro Mori, Hiroaki Kabuki, Motoki Kazama, Peter K. Hutapea,
Jongkwan Kim, Ryuji Sakamoto and Koujirou Takao

Abstract In this study, the anti-erosion effect of the countermeasure and the ero-
sion extent were considered using the model canal and the model soil ground when
the concrete panel with nailing and cement development soil were used as the
countermeasure. As the result, the following knowledge were obtained: (1) The
erosion depth and extent of the landside ground of the tide embankment decreased
markedly due to placing the countermeasure at the landside toe of the tide
embankment. (2) The concrete panel with nailing and the cement development soil
as the countermeasure had the similar anti-erosion performance. (3) Collapse of the
tide embankment due to the Tsunami overflow was caused by the erosion of the
landside foundation and the water permeation to the inside of the tide embankment
from the seaside.

Keywords Scouring - Tide embankment « Tsunami - Model experiment

1 Introduction

When the tide embankment which suffered damage from Tsunami of the 2011 East
Japan Great Earthquake is restored, the tough structure which can resist tenaciously
is expected, even when the designed Tsunami height is exceeded. NILIM (National
Institute for Land and Infrastructure Management, Japan) examined the tough tide
embankment structure for Tsunami overflow, and showed the experimental result in
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which the soil improvement was installed in the toe of back slope of tide
embankment as a scouring countermeasure (Kato et al. 2012, 2013). On the other
hand, the soil nailing is often applied as an alternative method of soil improvement
in the field of reinforced soil. In this study, the overflow and scouring experiments
which used the model canal and model embankment were performed to examine the
effectiveness of soil nailing method, and the influence of the variation of coun-
termeasure upon the scouring process was studied.

2 Testing Methods

2.1 Model Embankment and Countermeasures

The model embankment was made imitating the embankment shape which was
adopted as the actual tide embankment with countermeasure at the coastal area of
Tohoku District. The size of model embankment was 1/25 of the actual one. The
model diagram of the model embankment, ground, and canal is shown in Fig. 1.
The two types of embankment, the fixed embankment and the sand embankment,
were used in this model experiment. The soil improvement and the soil nailing were
installed in the toe of back slope as the anti-scouring countermeasure. The four
concrete blocks 5 cm in length, 15 cm in width, and 17 cm in depth were used as a
substitute of soil improvement. And the hollow aluminum pipe 5 mm in diameter,
1 mm in thickness, and 17 cm in length was used as the model pile of soil nailing,
and the concrete panel was set at the head of model pile (refer to Photo 1). The sand
particles were bonded to the pile surface, and the roughness was progressed, for
imitating an actual pile of soil nailing.

The “Watari sand,” it was deposited soil by Tsunami and picked in coastal
area of Watari town, Miyagi prefecture, was used for the sand embankment and
the model ground. The soil compaction was performed into the portion of Watari
sand, and the dry density of Watari sand was unified into 1.59 g/cm® (the relative
density was 63.3 % and the degree of compaction was 93.5 %). The soil property
of Watari sand, the grain size accumulation curve of Watari sand, and the
compaction curve of Watari sand are shown in Table 1; Figs. 2 and 3, respec-
tively. The mean diameter of Watari sand was 0.42 mm. The overflow depth of

Fig. 1 The size of the model embankment, the ground, and the canal
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Photo 1 a The model pile and concrete panel. b The covering panel and the pile with concrete

panel

Table 1 The soil property of Watari sand

Soil particle density
(g/em?)

Max. dry density
(g/cm3)

Optimum moisture
content (%)

Coefficient of
permeability (m/s)

2.596 1.67 15.0 55-7.0 X 107°
- Compaction: A-a - Compaction: A-a
method method
w=15.0 %,

pa =159 glem’

Grain size accumulation curve (%)

100

80r

60

407

201

0.1

1
Grain size (mm)

Fig. 2 The grain size accumulation curve of Watari sand

10

model Tsunami was set to 8.6 cm at the top of slope on the upper stream side.
The average velocity of waterflow at the center of back slope during the exper-
iment was 1.62 m/s. The nine cases of experiment were performed changing the
kind of embankment and countermeasure. The model diagrams of each experi-
ment case are shown in Fig. 4.
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Fig. 3 The soil compaction curve of Watari sand
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Fig. 4 The model diagrams of each experiment case

In the case 1-a, 1-b, and 1-c, the embankment was considered as fixation,
having assumed that a tide embankment was not scoured. The three types of
countermeasure, the non-countermeasure, the soil improvement, and the pile and
concrete panel (4 rows), were installed in the toe of back slope, and the scouring
situation according to the change of countermeasure was measured. In the case
2-a, 2-b, and 2-c, the embankment was considered as fixation, but the shape of
embankment was different from the case 1-a, 1-b, and 1-c. The fixed toe block
was installed at the toe of back slope in the case 2-a, 2-b, and 2-c. Its shape was
adopted actually to the restoration work of tide embankment in coastal area of
Tohoku district. The kind of countermeasure were the non-countermeasure, the
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Fig. 5 The relation between the time and the overflow depth of each experiment case

pile and concrete panel (1 row), and the pile and concrete panel (3 row). In the
case 3-a, 3-b and 3-c, the embankment was made of Watari sand, having assumed
that a tide embankment was scoured by waterflow. The covering concrete panels
with engagement mechanics were installed on the surface of sand embankment
(refer to Photo 1b). The non-countermeasure, the cut-off of water between cov-
ering panels, and the cut-off of water between covering panels and the pile and
concrete panel (3 rows), were installed as the countermeasure in the case 3-a, 3-b,
and 3-c.

The diagram of relation between the time and the depth of overflow is shown in
Fig. 5. In the case 3-b and 3-c, 3 or 4 times experiment were performed because the
embankment did not collapse by the overflow of 360 s.

2.2  Compatibility of Similarity Rule in the Model
Experiment

It is important to make the similarity rule identical between the prototype and the
model when the force and the amount of eroding sand are talked on by a model
experiment. The similarity rule on 1G condition is shown in Table 2. As mentioned
above, the model embankment was made with the reduced scale 1/25, and had
non-distortion. In this chapter, the influence of the scaling upon the result of model
experiment is considered by referring to the similarity rule.

At first, the overflow depth and the velocity of water are considered. In the
model experiment, the overflow depth and the water velocity at the back slope were
8.6 cm and 1.62 m/s, respectively. When these values are converted into the proto
model, the overflow depth is 2.15 m (scale: n), the water velocity at the back slope
is 8.10 m/s (scale: nl/z).
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Table 2 The similarity rule Value
on 1G condition
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Next, the force and pressure applied to the countermeasures are considered. The
force F that the waterflow exerts on the concrete panel is calculated from e.g. Eq. 1.

F=p-Q-v (1)

where p is the specific gravity of water, Q is the flux of water, and v is the velocity
of waterflow. Because p is constant regardless of scale, the force F that the
waterflow exerts on the concrete panel is n° times of the proto model. On the other
hands, the force of pull-out resistance of pile (F) is calculated from e.g. Eq. 2.

Feos=p -ky-d A )

where u is the coefficient of static friction, k;, is the horizontal coefficient of earth
pressure, ¢’ is the effective overburden pressure, and A is the area of pile surface.
Because u and k;, are constant regardless of scale, the force of pull-out resistance of
pile (Fes) is n° times of the proto model. From these things, the similarity rule about
the pull-out of pile is formed.

Next, the similarity about eroding sand is considered. It is said that the mean
diameter of the embankment material which was used in the retrieved tide
embankment in the coastal area of Tohoku district is about 1-10 mm (Ono et al.
2014). The mean diameter of sand which used in the model experiment was
0.42 mm. It is necessary to make the mean diameter of sand in the model exper-
iment 1/25 of the prototype for optimizing the amount of eroding sand (Watanabe
et al. 2012). Then, except when the assumed mean diameter of prototype is 10 mm,
the similarity rule is not formed. The phenomenon of eroding sand is controlled by
the critical friction velocity applied to sand particle by waterflow. The relationship
between the mean diameter of sand (d;) and the critical friction velocity (u«.) was
calculated from Eq. 3 (Iwagaki 1956).
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ds > 0.303; e = 80.9d, unit : dg (cm), u,.2 (cm/s)

0303 > d, >0.118; w2 =134.64." when...

0.0118 > d; > 0.0565; u,.> = 55.0d, Specific graviy of sand particle = 2.65 (3)
0.0565 > dy > 0.0065; 1,2 =8.14d!*>  Coefficient of kinematic viscocity = 0.01 cm/s
0.065 = dj; Uy? = 226d, Acceleration of gravity = 980 cm/s?

The critical friction velocity (u+.), when the mean diameter of sand (d;) are 0.42,
1.0, and 10.0 mm, are 1.68, 2.35, and 8.99 cm/s, respectively. However, the
waterflow velocity on the back slope is 162 cm/s, and is fast enough compared with
the critical friction velocity. Therefore, the strict influence of velocity of waterflow
upon the eroding rate of sand is able to ignore.

The comparable phenomena in this model experiment are the waterflow (simi-
larity), the force, and stress about the countermeasures (similarity), the eroding rate
(qualitatively), and the eroding volume (qualitatively).

3 Results

3.1 Scouring Situation According to the Countermeasure
(Fixation Embankment)

The scouring situation at the time of 100 s after starting overflow is shown in
Fig. 6a—c. The countermeasure and the scouring front of model ground are indi-
cated as green portions and red lines, respectively. The size of black grid on the side
of model canal is 5 cm in height, 5 cm in width. And the relationship between the
time and the scouring area in Fig. 7.

In the case 1-a, 1-b, and 1-c, in which the embankment is fixation and does not
have the toe block, the waterflow which flowed down the back slope struck the
model ground or the countermeasure without weakening force. In the case 1-a with
non-countermeasure, the model ground was scouring greatly, and the scouring front
reached to the bottom of model canal. In the case 1-b with soil improvement, the
direction of waterflow which flowed down the back slope was changed into hori-
zontally by the soil improvement. Because of horizontal direction of waterflow,
while the scouring depth was small compared with the case 1-a, the scouring range
spread to the lower stream more. In the case 1-c with the pile and concrete panel (4
rows), the scouring range was almost the same as the case 1-b, but the ground under
the concrete panel was scoured by the inflowing water from the gap between
concrete panels. However, the countermeasure was kept by the pull-off resistance of
pile, and was not lost by scouring. The scouring area at the time of 100 s in the case
1-a, 1-b, 1-c were 950, 505, and 533 cmz, respectively, and the scouring area and
velocity in the case 1-b and 1-c were almost the same.
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Fig. 6 The scouring situation at the time of 100 s after starting overflow. a Case 1-a, 1-b, and 1-c,
b Case 2-a, 2-b, and 2-c. ¢ Case 3-a, 3-b, and 3-c
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Fig. 7 The relationship between the time and the scouring area

In the case 2-a, 2-b, and 2-c, in which the embankment is fixation and have the
toe block, the direction of waterflow which flowed down the back slope was
changed into horizontally by the toe block. Although the width of toe block was
only 2 cm, the effect of changing direction of waterflow was large. The scouring
depth in the case 2-a (with the toe block) decreased greatly than that in the case 1-a
(without the toe block). In the case 2-b with pile and concrete panel (1 row), the
tendency of horizontal waterflow increased, and the scouring depth decreased while
the scouring range increased. In the case 2-c¢ with pile and concrete panel (3 rows),
the waterflow at the lower stream end of countermeasure became almost horizon-
tally, the scouring range was the same as the case 1-c. However, the scouring under
the concrete panel did not occur because the direction of waterflow changed hor-
izontally and the inflow of water became difficult from the gap between the concrete
panels. These result shows that the toe block has large effect to decrease the
scouring damage by changing the direction of waterflow. The scouring area at the
time of 100 s in the case 2-a, 2-b, 2-c were 548, 526, and 420 cm?, respectively.
The scouring area became small when the installation distance of countermeasure
was lengthened.

3.2 Scouring Situation According to the Countermeasure
(Soil Embankment)

In the case 3-a, 3-b, and 3-c, in which the embankment was made of Watari sand
and was covered by the concrete panel, the embankment collapsed at the time of
80 s in the case 3-a, at the time of 1160 s in the case 3-b, and at the time of 1960 s
in the case 3-c. Even if the embankment was fixed and made of Watari sand, the
scouring situation of model ground was almost the same if the embankment kept
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Fig. 8 The progress of scouring in the case 3-a

good condition. The scouring situation became equivalent in the case 2-a and 3-a,
and in the case 2-c and 3-c, because of the similarity of shape of countermeasure.

The collapse of embankment in the case 3-a was triggered by the inflow of water
from the gap between covering concrete panels at the top of slope of upper stream
side (refer to Fig. 8).

The inflowed water was scouring the sand in the boundary between the
embankment and the covering concrete panel, the scouring region progressed from
the top of slope of the upper stream side to the slope of the lower stream side. When
the scouring region reached to the toe of back slope, the covering concrete panel
floated up, the sand was sucked out quickly from the gap between covering con-
crete panels, and the embankment collapsed.
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Fig. 9 The progress of scouring in the case 3-b

Then, the cut-off water treatment by putting a polyurethane sheet was performed
at the gap between the covering concrete panels. As a result, the inflow of water
from the top of slope of upper stream side stopped, and the scouring of embank-
ment progressed from the lower stream side in the case 3-b, 3-c. The scouring of
embankment triggered by sucking out the sand under the toe of slope (refer to
Figs. 9 and 10). The scouring front progressed from the toe of slope to the slope of
lower stream side, and after a while, the inflow of water from the slope of upper
stream side began. When the scouring front from the upper stream side and the
lower stream side connected, the waterflow route from the upper stream side and the
lower stream side was built. Afterwards the scouring velocity of embankment
accelerated and the embankment collapsed rapidly.
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Fig. 10 The progress of scouring in the case 3-c

4 Conclusion

From the experimental results, the following knowledge were obtained:

1. The scouring region is different according to the direction of waterflow after
flowing down the back slope. Installing the countermeasure in the toe of slope
and changing the waterflow horizontally are able to make the scouring depth
small,while the scouring range progressed to the direction of the lower stream.

2. The soil improvement and the pile and concrete panel as the countermeasure in
the toe of slope showed an almost equivalent effect. However, in the case of
installing the pile and concrete panel, it is necessary to pay attention that a
waterflow does not enter from the gap between concrete panels because of
prevention of the scouring around the pile and concrete panel. When the toe
block was installed in the toe of slope, the direction of waterflow was changed
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horizontally by the toe block, and the scouring around the pile and concrete
panel did not occur.

3. Two kinds of mechanism of embankment collapse were observed in this

experiment. One was the inflow of water from the embankment of upper stream
side. The other was the sucking from the embankment of lower stream side. If
the cut-off of water of the gap between the covering concrete panels was
insufficient, the water entered from the embankment of upper stream side, and
the embankment collapsed with short time. On the other hand, if the cut-off of
water of the gap between the covering concrete panels was sufficient, the
embankment was sucked from the lower stream side, and the embankment kept
good condition for a long time.
It was clear that the prevention of inflow of water to the inside of embankment
as well as the installing of the anti-scouring countermeasure in the toe of back
slope were important for preventing the embankment collapse by Tsunami
overflow.
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Analysis of a Coastal Structure
Damaged Due to Compound Effect
of Earthquake and Tsunami

H. Hazarika, T. Hara, K. Kuribayashi, S. Kuroda, T. Nishi,
H. Furuichi, K. Takezawa and T. Ohsumi

Abstract This paper analyzes the cause of damage to the Yoshihama river dike
located in Ofunato city of Iwate prefecture, which were damaged due to strong
shaking of the 2011 off the pacific coast of Tohoku earthquake and subsequent
tsunami. Analyses were based on the past field investigations and numerical sim-
ulations. Investigations revealed that the dike body had low liquefaction resistance
and the volume change after liquefaction was rather large. Two dimensional
effective stress analyses showed that due to main shock and aftershock, there is a
likelihood of liquefaction in dike body and the reliquefaction possibilities are high
even under small ground motion.
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1 Introduction

Amongst the scientist, engineers, planners and policymakers, mega disaster caused
by the 2011 off the pacific coast of Tohoku earthquake (Mw = 9.0) is a major cause
of concern toward future protection of geotechnical structures. Geotechnical
structures such as dikes and railway embankments in the vicinity of the eastern
coasts suffered scouring and erosion due to overtopping of the highest ever tsunami
which far exceeded the design head levels (JGS 2011). According to investigation
by the Ministry of Land, Infrastructure, Transport and Tourism (MILIT), Japan,
there were more than 1195 damage in the river bank that Tohoku district mainte-
nance office directly manages (MILIT 2011a). In the river mouth, the damage was
mostly by the tsunami. In the other parts of river banks, the damage was mostly due
to the subsidence by either earthquake motion or the liquefaction of soils in the dike
body. Especially in those areas under the jurisdiction of the Tohoku Regional
Bureau of MILIT, extensive investigations were carried out to determine the
damage characteristics (MILIT 2011b). Based on those damage patterns and
characteristics and analyses of dikes due to the earthquake and tsunami, appropriate
reconstruction measures were suggested. Furthermore, many researchers (Imai et al.
2013; Wakinaka et al. 2013) conducted case study analysis of river dikes damaged
due to liquefaction, and reported the damage patterns and the extent of deformation.

Hara et al. (2012), based on their investigation in southern central part of Iwate
prefecture, came to conclusion that the level of damage by the tsunami on river
banks varies according to the structural forms, such as existence of surface cov-
ering, materials, and topographical features. Investigation conducted by Hazarika
et al. (2012) in Aomori prefecture and northern part of Iwate prefecture, revealed
that most of the damage of the river banks or coastal dikes were mainly due to
scouring at the back of the structures. Scouring was found to be caused not only by
the overtopping tsunami itself, but also the force of the backrush of tsunami.

In this research, Yoshihama river dike located in the southern central part of Iwate
prefecture was picked up as a target for our study. The purpose was to analyze the
performance of river dike under the compound effects of earthquake and tsunami,
Several field investigations, in situ testing, and laboratory testing were conducted in
the past (Hazarika et al. 2013; Yamanaka et al. 2012) for investigating the cause of
damage. Based on those, the damage analyses of the dike due to ground shaking
were performed, which are reported in Hara et al. (2014a). Numerical simulations of
the dike were performed considering the history of the earthquakes and tsunami, and
the performance of the dike before the arrival of tsunami.

2 A Brief Review on Field Investigations

The investigated site is located in the Yoshihama area of Ofunato city, Iwate
Prefecture. Due to the 2011 Off the Pacific Coast of Tohoku Earthquake, many parts
within 102.4-138.5 m of the upstream of both the right and left banks of the river



Analysis of a Coastal Structure Damaged Due to Compound Effect ... 401

Fig. 1 State of damage of the Completely collapsed sea wall
Yoshihama dike

Damaged river dike

were damaged and the dike revetments were tilted towards the river. The road
embankment, situated perpendicular to the dike also completely collapsed.
However, there was no sign of damage to the nearby buildings. The state of damage
of the dike is shown in Fig. 1. In the upstream of the river, several connecting parts
of the vertical buttress wall were moved away by about 30 m due to damage to
the crown and protective cover of the dike as shown in the Figure. Close to the
damaged parts of the dike, the crown of the dike body (referred hereafter as
embankment) subsided by about 0.6—-1 m. Near the drainage ditch of the sloping
side, sand boils were observed (these resemble sand with fine contents that may
have formed from granite) in several places. No sign of scouring related damage
was observed in those areas, and also there were no damage to the drainage ditches.

Three surveys were conducted on the damaged dike after the disaster (Hazarika
et al. 2013; Yamanaka et al. 2012). The first one was after two months (May 2011),
the second one was after six months (September 2011), and the third one was after
almost two years and four months (July 2013). As shown in Fig. 2, surveyed
locations were mainly the top of the damaged part of the dike and the foundation
soils.

The cross section surveyed point of the Yoshihama dike along the A—A’ line
(Fig. 2) is shown in Fig. 3. The dike is having the standard shape typically used in
Japan with 5.15 m in height, 2.0 m in width at the crown, and 1:1.2 in gradient at
the back. The structure of the dike consists of a concrete wall with counterfort on
the river side, and a dike body with filled soil covered with concrete blocks on the
back side of the slope. As of July, 2013, the crown height of the embankment was
T.P. + 5.10 m. Wide area around the epicenter of the 2011 Off the Pacific Coast of
Tohoku Earthquake suffered huge tectonic subsidence. About 73 cm subsidence
was recorded in the Yoshihama area of Ofunato city (GIA 2011). According to
the standard cross section used in design (1968) of Yoshihama dike (TDL 2011),
the design crown height was T.P. + 6.15 m. Therefore, it can be inferred that in the
concerned location, the crown subsided by about 1 m as compared to the original
height at the time of completion of the embankment.
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Figure 4 shows the N-value converted from Ny obtained from the PDCP test
conducted on the soils of the dike body. The N-values of the fill soils range between
1 and 4, which implies that the soil was in very loose state. However, the N-value
increases along the bottom of the body, implying a dense state. From the PDCP test
the ground water level was confirmed to be at 2 m below the ground surface.
Therefore, it can be said that the fill soil was almost at the saturated state.

Figure 5 shows the S-wave velocity distribution analyzed from the surface wave
exploration data of the ground near the embankment. The S-wave velocity ranges
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from 200 to 250 m/s near the surface, and the converted N-value was about 20
(Imai and Tonouchi 1982), which implies that the surface soil is very dense. Near
the end of the measured zone, the S-wave velocity was found to be low. Based on
the observations of the topography and the deposited sand due to tsunami, it can be
said that the lower velocity was due to the reclaimed soils used in construction.

3 Numerical Simulations

In order to analyze the cause of damage of the embankment due to the strong
ground motion and tsunami, numerical analyses were conducted for the damaged
parts of the dike. The numerical model is shown in Fig. 6. The parameters used in
the analyses were determined based on the in situ and laboratory tests as described
in Hazarika et al. (2013). Simulations were performed for the damaged dike by
considering the history of the main shock, aftershocks, and the tsunami that
attacked the dike.
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Two dimensional effective stress analyses were performed that can take into the
account the post liquefaction settlement due to drainage (Oka et al. 1994). Here,
attention was paid to the influence of long continuation time of the main shock and
several aftershocks that followed within a short time. In the analyses, timing of the
peeling off of the concrete cover on the crown and at the back slope of the
embankment as well as the settlement and the gap at the crown of the embankment
that were observed in the field test were evaluated in the time scale (Kuribayashi
et al. 2013; Hara et al. 2014b).

The target structure is the damaged part of the Yoshihama dike shown in Fig. 6.
The bottom of the analysis model was set in the location, where the measured shear
wave velocity (V) exceeded 350 m/s. Regarding the boundary conditions, the
bottom was taken as viscous boundary and the sides were set as equal displacement
boundary. The input parameters are shown in Table 1. The input parameters were
determined based on the undrained cyclic test of the materials collected from the
surveyed site (Ueno et al. 2012), and using the simulations of the element tests.
Embankment soils and foundations soils were modeled as elasto-plastic materials
proposed in Oka et al. (1994). The retaining wall, concrete covers at the top, and the
back of the embankment were modeled as linear elastic materials. The input
parameter of the concrete was determined that is equal to the design strength of
18 N/mm?. The interface between the wall and embankment was simulated using
join elements. The contact and separation between the wall and the embankment
were also simulated. The ground water level was considered to be at T.P. + 1.78
that was observed when it had passed enough time after the earthquake.

Figure 7 shows the earthquake record of KiK-net that was recorded near the
surveyed area, which was adopted as the input ground motion in the analyses. It is to
be noted that the area around our case study experienced the main shock at 14:46 h
and the two aftershocks at 15:06 h and 15:09 h. Ground motion observed at KiK-net
Kamaishi (IWTH23), which has almost the same V; as the base of analysis model,
was used in the analyses. The ground motions (NS direction and EW direction) were
synthesized by changing to direction normal to the dike.



Analysis of a Coastal Structure Damaged Due to Compound Effect ... 405
Table 1 List of input properties
Elasto-plastic model Elastic
model
Embankment Foundation ground Concrete
material Sandy soil | Gravelly soil
Unit weight, y (kN/m®) 14.31 14.00 20.00 24.00
Permeability, k& (m/s) 7.0x107° 70X 107° | 1.0 x 107* -
Initial void ratio, eq 0.99 0.95 0.45 -
N-value 2.00 2.00 50.00 -
Fines fraction content, F. (%) 20.50 15.50 - -
S-wave velocity, V; (m/s) 175 155 350 2000
Initial mean effective stress, 98.00 98.00 66.67 -
@’ (kN/m?)
Initial shear modulus, 45,625 35,022 255,102 8,750,000
Gy (kKN/m?)
Cohesion, ¢’ (kN/m?) 0.00 0.00 0.00 -
Internal friction angle, ¢' (°) 36.60 37.00 40.00 -
Bulk modulus, K; (kN/m?) 2,200,000 2,200,000 | 2,200,000 -
Compression index, 4 0.01610 0.02051 0.00142 —
Swelling index, x 0.00161 0.00205 0.00014 -
Pseucglﬂo overconsolidation ratio, 1.000 1.000 1.000 -
OCR
Normalized initial shear 466 357 3827 -
modulus, Go/o?,
Phase transformation stress ratio, |0.909 0.909 0.909 -
M,
Failure stress ratio, Mf 1.215 1.229 1.336 —
Hardening parameter, B 1533 5000 11,458 -
Hardening parameter, B} 15 100 115 -
Hardening parameter, Cy 0.00 0.00 0.00 -
Reference value of plastic strain | 0.0100 0.0070 - -
Reference value of elastic strain | 0.020 0.015 - -
Parameter of dilatancy, Dj 1.000 3.000 - -
Parameter of dilatancy, n 4.000 6.000 - —

The deformation of the dike is shown in Fig. 8. Due to the main shock and two
aftershocks, the embankment subsided by about 0.67 m and the back slope suffered
displacement and peeling off of the concrete covers as observed in the in situ
survey. However, near the toe of the embankment no large deformations were
observed due to the ground motions.

Figure 9 shows the distribution of the maximum excess pore water pressures
developed inside the embankment due to the main shock and aftershocks. The
domain of the reliquefied zone due to aftershocks is shown in the same figure. As
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Fig. 8 Deformation of the dike due to the main shock and aftershocks

seen in the Figure, in ¥ Line the value of Au/ a’c reaches 1.0, however, in X Line the
value of Au/¢/, reaches up to 0.6-0.8 without any liquefaction. We can infer from
such phenomena that due to the main shock, bottom parts of the embankment
located under the water table, suffered local liquefaction. The excess pore water
pressure dissipated in some cases, and in some cases not. Therefore, even though
the aftershock ground motions are small as compared to the main shock, the excess
pore water pressure built up again leading to reliquefaction of the soils.

Figure 10 shows the development and dissipation of the excess pore water
pressure due to the ground motions in the element A within the embankment
located below the ground water level. It can be seen that in spite of the sound bed
rock that supports the dike, due to the maximum ground motion of about 400 Gal,
almost whole of the bottom part of the embankment reached the excess pore water
ratio of 1.0, and as result many locally liquefied zones were observed. However,
within 20 min of the main shock (before the aftershock), the excess pore water
pressure almost dissipated. During the first aftershock when the maximum accel-
eration was about 200 Gal, the excess pore water pressure within the embankment
built up again, and the Au/o’, value reached 1.0. The pore water pressure dissipated
before the second after shock (maximum acceleration 70 Gal) and Au/c., values
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came down to 0.4. However, the second aftershock brought the Au/o., value again
to 0.9, and as a result a part of the embankment experienced reliquefaction.

The distribution of the volumetric strain inside the embankment due to dissi-
pation of the excess pore water pressure is shown in Fig. 11. This figure reveals that
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during the main shock when Au/ a’c attains 1.0, the volumetric strain becomes
2-5 %. During the aftershocks, in the parts where Au/ol, attains 1.0 almost the
same amount of volumetric strains were generated. In parts where Au/g/, is 0.6-0.8
without any liquefaction, volumetric strain is 1-2 %. This is consistent with the
results from the reconsolidation test results conducted after the cyclic undrained test
(Ueno et al. 2012).

The vertical displacements of the embankment at two points (node 1 and node 2
of Fig. 8) due to dissipation of the excess pore water pressure after the main shock
and the aftershocks are shown in Fig. 12. The vertical displacement J, in the surface
of the embankment were calculated to be 0.52 m after the mainshock, 0.60 m after
the first aftershock, and 0.67 m after the second aftershock. Therefore, it can be
inferred that the subsidence of the embankment progressed due to repeated dissi-
pation of the pore water pressures, and as a result even before the arrival of the
tsunami, the embankment suffered huge deformation. It is to be noted that the
subsidence at the end of the second aftershock calculated from the simulation agrees
with the value recorded in the field survey (Hara et al. 2014a, b).
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Fig. 12 Subsidence of the embankment due to the ground motions

4 Conclusion

In this paper, the cause of damage to the Yoshihama river dike located in Ofunato city
of Iwate prefecture, due to strong shaking of the 2011 off the pacific coast of Tohoku
earthquake and subsequent tsunami were analyzed. Based on the field investigations
and subsequent numerical simulation, the following conclusions could be drawn:

1. The dike body had low liquefaction resistance similar to those of alluvial soils
and decomposed granite.

2. When several ground motions from the main shock and the aftershocks act on
the dike, in the saturated zone of the foundation soils a large change of the
excess pore water pressure develops. As a result even under small aftershocks,
the foundation soils undergo reliquefaction.

3. The subsidence of the dike body due to dissipation of the excess pore water
pressure after liquefaction increases due to repeated loads under the main shock
and aftershocks.
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An Example of the Restoration Method
of Levees Damaged by the Great East
Japan Earthquake
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Ryosuke Uzuoka and Tetsuya Nakamura

Abstract Following the Great East Japan Earthquake, the aseismatic construction
method featuring a combination of sheet pile and drain was adopted as the con-
struction method for recoveries of the levees in Ajiki district along the Tone River.
Water seepage and aseismatic effects on the levees in the district by the adopted
construction method were evaluated based on the results of the measurements of
their observed groundwater level, two dimensional saturate—unsaturated seepage
flow analysis, and liquefaction-induced deformation analysis. As a result, it was
found that the levels of water infiltration into the bodies following insertion of
aseismatic sheet piles along the toes of the back slopes of these levees were reduced
by installing drains along the top of the piles inserted. And it was demonstrated that
the levees will not be affected by the potential external forces assumed in the
post-earthquake flood control plan, if the construction method was used for them.
Also, even when the earthquake about the same acceleration scale with the Great
East Japan Earthquake occurred, it was also demonstrated that the aseismatic sheet
piles inserted along the toes of the back slopes would prevent lateral displacement.
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1 Introduction

The Great East Japan Earthquake caused significant damage in and around river
levees over a vast area in the Northeastern and Kanto regions. The Tone River is
one of the biggest rivers in Japan. In its Ajiki district at R70.0 k neighborhood, the
river levees of the extension about 2 km were damaged along the Tone River. This
area is located in a compound of a flood plain and natural levees. In modern times,
river levees have made filling made of dredging soil of river channels or cutting soil
of old disappearance levees.

In Ajiki district, two kinds of deformations levee damaged were observed on the
Great East Japan Earthquake. One of the deformations has subsidence of levee
crest, and another one has distortion of levee berm on protected lowland side. The
aseismatic construction method featuring a combination of sheet pile and drain was
adopted as the construction method for recoveries of the levees in this area along
the Tone River.

Water seepage and aseismatic effects on the levees in the district by the adopted
construction method were evaluated based on the results of the measurements of
their observed groundwater level, two-dimensional saturate—unsaturated seepage
flow analysis, and liquefaction-induced deformation analysis.

2 Feature of District for Examination

2.1 Transition of Levee, Topography, and Geology

The levee of Ajiki district was under consideration; the Tone River right bank levee
is shown in Fig. 1. Beginning with the second phase of construction of the Tone

Fig. 1 Consideration district
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River renovation that started in 1900, the river improvement full-scale upstream and
downstream sections, including the Tone River right bank Ajiki district are going
on till now.

The Levee excluding a portion of the Ajiki district is assumed to be expanded or
raised compared to the old levee that existed before the times mentioned above. In
addition, as the levee body of these materials, excavated soil of the river channel
and the old levee that was removed due to renovation are mainly used.

Further, the consideration district, as shown in Fig. 2, is the sea during the time
of the Holocene glacial retreat; clay is the distributed thick foundation ground and a
layer of sand thin between the thick clay is sandwiched.

In recent years, it is the section in which the foundation groundwater leakage and
the levee body water leakage occured in many places in 1982, 1983, and 1985.

2.2 Levee Disaster of the Great East Japan Earthquake

The levee of Ajiki district, where damage occured for about 2 km between the
neighborhood (69 k and neighborhood 71 k) by the Great East Japan Earthquake.
In cross section in the deformation of the damaged levee, there was little in the face
of front slopes. On the other hand, deformation was concentrated between the crest
and the face of back slopes. Deformation of the levee affected by the disaster can be
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Fig. 3 The deformation shape of post-disaster. a Neighborhood R70.0 k. b Neighborhood
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classified into deformation of two types. By subsidence and depression of the levee
crest a type of the face of back slopes is deformed, and one of the variant types is
shown in Fig. 3a. Almost no subsidence of the levee crest which is the type that is
part between the face of back slopes and the toes of back slopes deformed, and
another type is shown in Fig. 3b.

In addition, sand boiling in the protected inland has not been confirmed. It is
filed as an emergency disaster; the levees that were classified as large-scale disaster
place and was restored to predisaster shape during emergency restoration.

2.3 Disaster Recovery Method

Kanto Regional Development Bureau has been set up after the Great East Japan
Earthquake by the “Kanto river levee restoration technical committee”; design
conditions and considerations and basic policy of this restoration has been proposed
(Kanto River Levee Restoration Technical Committee 2011). In the disaster
recovery method of damaged levee of Ajiki district, in the light of proposed above,
for steel sheet pile method and the consolidation process and gravel drain method,
comparative study construction and economy, etc., is carried out and steel sheet pile
method has been selected. In the Ajiki district perforated sheet pile are installed and
provided with a water flow hole height foundation ground sand in order to prevent
the steel sheet pile laying seepage capabilities of levees from being reduced.
Further, in order to facilitate the drainage water level in the levee body, the drains
shown in Fig. 4 were installed along the top of the sheet piles and along the toes of
the back slopes of these levees.
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Fig. 4 The aseismatic construction method featuring a combination of sheet pile and drain
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DL=YP+5.000 pavement



An Example of the Restoration Method of Levees ... 415

3 Evaluation of Ground-Water-Level Observation Result

The groundwater level observation well was set up in five places inside the cross
sections shown in Fig. 5a, R70.0 k, and in Fig. 5b, is shown R69.4 k, each of
constructed section and non-constructed aseismatic construction method. In both
sections, four groundwater level observation wells were set up inside the levee
body, and the remaining one was set up in the protected inland. The groundwater
level has been observed until February 25, 2014 since November 8, 2012 as shown
in Figs. 6 and 7. The cross section of the levees of Ajiki district, the seawall and the
sheet pile was in the front of the river levees before the Great East Japan Earthquake
embankment. In the constructed section, the sheet piles along the toes of the back
slopes and the drains of width 2 m along the top of the piles have been installed
from observation before the start. On the other hand, up to November 2013 was a
state that was not the construction of these measures in the non-constructed section.

(a) (b)
P (m) YP (m)

/sand fill

e - 10.0

0. 20.0
100 [ R70.00-1 | 1

e Sena Tl

st L 0,0
Alluvial sand

Alluvial clay

Not applied the aseismatic
construction method

Fig. 5 Placement of the groundwater level observation well. a At the R70.0 k. b At the R69.4 k
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Fig. 7 Time history of the groundwater level observations at the R70.0 k

In the observation well of the ground-water-level in the drain neighborhood, it
was confirmed that the decrease speed of the water level was fast compared with
other observation wells in the same section. Therefore, it is thought that the drai-
nage effect by the drain was demonstrated.

The groundwater level in the levee inside the body is higher than the water level
of the Tone River and the groundwater level of protected lowland regardless of the
aseismatic construction method existence.

4 Evaluation of Seepage Flow Analysis

The levee was modeled for the levee cross section in the aseismatic construction
method, and two-dimensional saturation—unsaturated seepage flow analysis was
executed. The analysis cases are shown in Table 1. As a result of using the seepage
flow analysis, results were summarized for the variables defined in Fig. 8 and is
shown in Fig. 9.

Tagle lf The list of case Code (Along the toes of the back slopes)
study of saturation Hydraulic conductivity (cm/sec) Width (m)
unsaturated seepage flow
analysis Steel sheet piles Drains Drains
1 107° 107! 2
2 (Not exist) (Not exist) (Not exist)
3 0 1072 4
4 0 1072 8
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As a result, it was demonstrated that the levees will not be affected by the
potential external forces (Japan Institute of Country-ology and Engineering 2012)
assumed in the post-earthquake flood control plan, if the construction method was
used for them.

According to the analysis result, it was found that the levels of water infiltration
into the bodies following insertion of aseismatic sheet piles along the toes of the
back slopes of these levees were reduced by installing drains along the top of the
piles inserted. In this situation, groundwater level observations described above are
also consistent.

5 Evaluation of Liquefaction-Induced Deformation
Analysis

The levee was modeled for the levee cross section in the aseismatic construction
method, and two-dimensional liquefaction-induced deformation analysis was exe-
cuted. Liquefaction-induced deformation analysis, LIQCA (LIQCA Liquefaction
Geo-Research Institute 2013), was performed for the deformation caused by the
Great East Japan Earthquake of the levee in the Ajiki district of the ground con-
figuration and earthquake disaster form. The analysis cases are shown in Table 2. In
addition, groundwater level distribution in levee body was set from the shape that
had been confirmed in post-earthquake survey carried out in May 2011. The
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Table 2 The liSt.Of case Code (Along the toes of the back slopes)
study of liquefaction-induced Steel sheet pil Drai
deformation analysis ce’ Sheet pres rams
Not exist Not exist
2 Exist Exist

Fig. 10 Evaluation results of
the seismic performance of
levees

3.0 T T
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2.5

2.0
1.5

1.0

of the toes of the back slopes (m)

0.5

0.0 1 1 1
Casel Case2

The subsidence of levee crest,the displacement

subsidence of levee crest and the displacement of the toes of the back slopes were
organized from liquefaction-induced deformation analysis results as shown in
Fig. 10.

As a result, reproducibility of the case was high, when liquefaction parts are
assumed to have been existed from the levee bottom to the under parts of back
slopes, or the under parts of back slopes.

According to the analysis result, even when the earthquake of the same accel-
eration scale with the Great East Japan Earthquake occurred, it was also demon-
strated that the aseismatic sheet piles inserted along the toes of the back slopes
would prevent lateral displacement.

6 Conclusion

Following the Great East Japan Earthquake, the aseismatic construction method
featuring a combination of sheet pile and drain was adopted as the construction
method for recoveries of the levees in Ajiki district along the Tone River.

Water seepage and aseismatic effects on the levees in the district by the adopted
construction method were evaluated based on the results of the measurements of
their observed groundwater level, two-dimensional saturate—unsaturated seepage
flow analysis, and liquefaction-induced deformation analysis.

This study revealed following conclusion:
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1. It was found that the levels of water infiltration into the bodies following
insertion of aseismatic sheet piles along the toes of the back slopes of these
levees were reduced by installing drains along the top of the piles inserted. And
it was demonstrated that the levees will not be affected by the potential external
forces assumed in the post-earthquake flood control plan, if the construction
method was used for them.

2. Also, even when the earthquake about the same acceleration scale with the Great
East Japan Earthquake occurred, it was also demonstrated that the aseismatic
sheet piles inserted along the toes of the back slopes would prevent lateral
displacement.

In this study, it should be noted that it is considered based on the limited data of
a limited duration. Issues such as verifying the soil conditions used for the
numerical analysis and continuation of groundwater level observation remains in
the future.

In considering the seismic engineering measures, it is insufficient in the study of
improving the seismic performance and workability. The reason is because it should
not reduce the seepage capabilities of levees by installing seismic engineering
measures.
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Remediation of a Failed Slope Located
at Fault Fracture Zone

San-Shyan Lin, Jen-Cheng Liao, Sheng-Der Yang
and Li-Yuan Huang

Abstract Earthquake-triggered faulting frequently causes fracture zone due to
shearing along both sides of the fault. Fracture zone is then becoming the flow path
of groundwater, resulted from weak and loose material properties inside. However,
low permeability of fault gouge also becomes barrier easily to lift groundwater to
the soil and rock interface in the fracture zone. Slope located at the fracture zone is
unstable and easily causes disaster. In this paper, remediation of a tea product
factory, located at a fault fracture zone in Taipei that failed due to slope failure is
reported. The characteristics of the fault fracture zone and the slope sliding
mechanism are investigated first. The remediation of the failed slope is then
introduced. Effectiveness of the remediation is then checked by observation of the
ground displacement. It is expected that this example can provide a good reference
for future similar practical cases.
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1 Introduction

Studies on the effect of fault on a slope have been focusing on the distance between
epicenter and the slope, the relationship of distance between fault and slope, and the
relationship between ground surface acceleration and dynamic behavior of the slope
and so on. Due to shearing along fault, the geological materials inside the faulting
are often fragmental, loose, and weak, which easily become the flow path of
groundwater. However, existence of the fault gouge with impervious property
results in aquiclude to raise the groundwater up to the interface of the soil and rock.
Study on the stability of the slope located at fault fractured zone is not common.
This paper presents a case study on remediation of a building sitting on an unstable
slope located at the fault fractured zone.

The building is located at the east side of the Tafung rural road with elevation of
360 m along the east side of the Nan-Gang district of Taipei city (DOED 2006).
The site is on the west slope of the NS hill connecting Wufen mountain in the north
and Tukuyue mountain in the south. Both mountains stretch along the ENE
direction. The hill on the east side of the building site is the watershed of the
Takung creek on the west and Yungding creek on the east, as shown in Fig. 1.
Based on the surveying, as shown in the Fig. 1, variation of the elevation of the site
is 403 m on the east down to 345 m on the west.

2 Site Investigation

Based on the Central Geological Survey in Taiwan, geological zonation of the
building site is on the western foothill containing the Mushan formation and Taliao
formation of Miocene epoch. The geological structure includes folds and reverse
faults, which stretch along the ENE. During site investigation, some fountains or
gushing groundwater were found along the hanging wall of the fault. A circular
type slope failure on the west side of the hill was observed. Irregular attitudes of the

Fig. 1 Site topographic map
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Fig. 2 Site monitoring
instruments map

rock layer, fault gouge, and fault breccia were also observed at the failed slope site.
One more evidence of the fault was found at a creek located at 250 m of the SW
side of the building, where fault gouge and breccia were also found. Irregular rock
strata, shearing fold, fault breccia, fault gouge, and slickenside were also observed
from coring at the Wufen mountain fault zone. Hence, it was confirmed the building
site is sitting on the Wufen mountain fault. Because of higher elevation of the
Wufen mountain on the N and NE corner of the building, groundwater of the fault
zone areas often seeps into ground becoming fountain. The fault gouge stops the
groundwater running foot wall of the fault in the south side. Hence, we could find
some fountain seeps out of the ground in the surrounding area of the building.
Seismic prospecting was also conducted for the purpose to gain more ground
information of the studied site. In general, the ground condition can be divided into
two layers. The top layer is the surface layer containing surface soil and backfill with P
wave velocity of 0.7-1.28 km/s. The thickness surrounding the building is around
6—7 m. Below the surface layer, most of the investigated area are highly fractured rock
with P wave velocity of 2.05-2.75 km/sec, except the investigating line along LA-2
between Ok+63 and Ok+69, where better rock properties were found with P wave
velocity of 2.75 km/sec. Detailed investigation results are given in Table 1.

Table 1 Seismic prospecting results

Layer Stratum judgments P wave (km/sec) Thickness (m)
LA-1 1 Backfill 0.70-1.02 6.32-14.66

2 Fractured rock 2.35-2.54
LA-2 1 Backfill 0.72-0.96 5.26-9.30

2 Fractured rock 2.10-2.75 -
LA-3 1 Backfill 0.83-1.28 6.03-25.50

2 Fractured rock 2.05-2.21 -
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Fig. 3 The relationship of rainfall versus groundwater level

Three water level gages and three piezometers were installed at the site.
Variation of the observed water table level and the precipitation or the daily rainfall
is given in Fig. 3. The comparison shows that the precipitation has little influence
on groundwater level inside the fault fractured zone, such as the station OW1I,
OW2, OW4(NI2), and OW5(NI1) as shown in Fig. 2. However, outside the fault
fracture zone the groundwater level is highly influenced by the precipitation, such
as the station OW3(NI3).

3 Observation

Twelve inclinometers were installed surrounding the building site area. Variation of
the accumulated displacement with time is shown in Fig. 4. As shown in the figure,
most of the observation location appeared to have some degree of displacement
with rate of 0.15-0.30 cm/month, except VH-1 and VH-3 showed almost no
movement. During heavy rainfall, the rate of displacement was even higher. The
displacement direction was all perpendicular to the surface of the slope. In addition,
the displacement on east side of the building was minimal, however larger dis-
placement on the west side of the building was observed.

Based on the investigated information and the measured inclinometer data, the
slope condition can be summarized in the following:

1. The sliding of the slope on the west side of the building was the main reason for
the settlement of the building;

2. Sliding surface of the slope was along the soil/rock interface;

Heavy rainfall often accelerated the sliding;

4. The north side of the building was sitting on the hanging wall of the fault, where
is also the location draws groundwater.

W
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Fig. 4 The cumulative surface displacement of inclinometer in A direction
4 Mitigation

The strategy for stabilizing the slope was proposed as in the following:

1. Use of drilled shaft and ground anchor to stabilize the slope;

2. Install groundwater collecting well and horizontal drainage conduit for lowering
of the groundwater table;

3. Long term monitoring.

Analyses were conducted at several different cross sections. Considering the
safety factor of 1.5, the cross sections along 1, 2, and 3 needed additional resistance
of 228-256 kN to stabilize the slope, as given in Fig. 5. The size of the drilled
shafts, 60 cm in diameter, was 14, 17, and 20 m long. The center to center distance
between the drilled shafts was 1 m. The free and the fixed length of the designed
ground anchor were 12.5 and 15 m, respectively. The design load of the anchor was
300 kN.

In order to collect the large area of groundwater at hanging wall of the fault on
the north side, groundwater collecting wells, collecting conduits, and drainage pipes
were installed as shown in Fig. 6. Two 13.5 m deep collecting wells with diameter
of 3.5 m were installed at the SW side of the building and at the parking lot of the
building. Installed horizontal collecting conduits, with diameter 5 cm, were 40 m
long. In addition, each collecting well was accommodated with two drainage pipes
of 10 cm in diameter. With all the equipped groundwater lowering system, the
safety factor of the protected slope was 1.3 as shown in the analytical result of
Fig. 7.
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Fig. 6 Arrangement of the
mitigation
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Fig. 7 The slope stability analysis using stable
5 Discussion of the Mitigation Works

Geotechnical mitigation works of the project started from August of 2010 until
April of 2011 (GEO 2009, 2010). During the mitigating works, monitoring on the
stability of the slope was continuous as shown in Fig. 6 (GEO 2011a, b). The time
history of the groundwater level and the precipitation relations during the mitigating
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Fig. 9 Rainfall versus ground surface displacements during construction

work using the old and the newly installed monitoring system are shown in Fig. 8.
When the collecting well A finished in December 2010, the groundwater level
dropped 5.5-6.5 m. However, similar tends were not found for OW-1 and OW-2.

As shown in Fig. 9 for the ground surface displacement changing with time,
when typhoon Maggie hit Taiwan (2010/10/22) and accumulated 374.5 mm of
rainfall in 24 h, the ground surface displacement at SI-1 and SI-2 jumped from
0.86 cm/month and 0.397 cm/month, respectively, to 5.638 cm/month and
2.696 cm/month. However, after the drilled shafts and ground anchors were
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Fig. 10 The rainfall versus underground water level after slope reinforcement (old monitoring
system)

installed, the displacement speed was down to 0.085 cm/month and
0.006 cm/month for SI-1 and SI-2, respectively.

Monitoring results on the ground displacement of the inclinometers between
June and November of 2011 are shown in Fig. 10. The observed maximum dis-
placement of SI-1 and SI-2 were only 0.55 and 0.61 mm, respectively. The
observed accumulated maximum displacement, based on the SI-3 installed inside
the drilled shaft, located at 7.0 m below ground surface was only 1.05 mm.

6 Conclusions

Geotechnical mitigation work of a building located at an unstabled slope sitting on
the fractured zone was carried out by installation of groundwater collecting wells,
retaining drilled shafts, and ground anchors. Based on the engineering works dis-
cussed in this paper, the following conclusions are drawn:

1. After the remediation work was finished, the water pressure gage readings of
NPP-1 and PP-2 dropped 6.0 and 4.0 m, respectively. In addition, the obser-
vation well of OW-2 dropped 1.4 m. It is concluded that the collecting well
installation was a correct decision.

2. Based on the inclinometer data installed in the drilled shaft SI-3, the accumu-
lated maximum displacement was only 1.05 mm at 7.0 m below ground surface.
In addition, maximum displacement based on the observation from SI-1 and
SI-2 was only 0.55 and 0.61 mm, respectively. Hence, the installed drilled shaft
and ground anchor system also had good performance.
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Case Study of Using the Low-Pressure
Grouting Method to Uplift a Tilted
Building

C.J. Kuo, Y.K. Lin, S.C. Shieh and C.H. Chen

Abstract A case of using the grouting method to uplift a tilted building is reported
in this paper. This building is a nine-storey reinforced concrete structure with a
one-storey basement. After the completion of constructional works, the building
was found to be settled a little bit and tilted about 1/270. Two stages of grouting
were conducted. The first stage was the compact grouting, aimed to consolidate the
soft soils underneath the foundation slab. Then, the second stage low-pressure
grouting was applied to uplift the building. After the completion of grouting, the
maximum tilt angle was reduced to 1/787, which fulfills the requirement of ser-
viceability of the building.

Keywords Grouting - Building tilt - Foundation retrofit - Soft ground - Soil
improvement

1 Introduction

The case reported thereafter is a newly constructed nine-storey reinforced concrete
structure, which is located at Xizhi, New Taipei City, Taiwan. This building has a
one-storey basement of depth 5 m. The southeastern side of the basement is closely
adjacent to an old five-storey building without any basement, as shown in Fig. 1.
For basement construction, the sheet pile of length 10 m was penetrated sur-
rounding the construction site for protection during the basement excavation. After
the completion of constructional works, the building was found to be settled a little
bit and tilted to the northwestern direction about 1/270. It is believed to be resulted
from the pulling-out of sheet piles used for the basement excavation. Afterwards,
the maximum settlement of the foundation was increased to 6.5 cm and the max-
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Fig. 1 Plan of foundation and tilting measured for the building

imum tilting was increased to 1/230 after the shaking of a very small earthquake.
The measurements of building tilting are indicated in Fig. 1. Therefore, it is decided
to uplift the foundation using the grouting method.

2 Geological Condition

According to the site investigation report (Mice Engineering Consultants 2007), the
geotechnical conditions at the site had be summarized and simplified as shown in
Table 1. It shows that the soils underneath the foundation slab are alternating layers

Table 1 Geological profile

Layer Depth (m) Soil description SPT-N 8¢ (t/m3) Wy (%)
I 0.0-3.8 SF/CL 2-6 (4) 1.90 33.0

I 3.8-7.1 CL 2-8 (5) 1.91 31.7
I 7.1-11.7 SM/CL 5-9 (6) 1.94 28.6
v 11.7-17.1 CL 4-6 (5) 1.86 33.8

v 17.1-26.5 SM/CL 6-23 (10) 1.94 26.7
VI 26.5-28.2 SM/ML 13-20 1.96 25.0
vl 28.2-32.8 GW >50 2.25 -
VI 32.8- SS >50 2.40 -
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of silty clays and silty sands, till the depth of 17.1 m. Those layers have very low
SPT-N values, as shown in Fig. 2, and can be characterized as a soft ground, which
is believed to have not enough bearing capacity to be adopted as a base-layer for
uplift grouting. Therefore, ground improvement or compact grouting on these soft
layers are necessary before the uplift grouting can be applied.

3 Method of Grouting

The plan of the basement along with the grouting holes is shown in Fig. 3. From the
geological loggings shown in Fig. 2, it can be seen that the soils beneath the
foundation slab to the depth of 17 m are mainly very soft clay layers interbedded
with silty sands. For grouting, a total of 16 grouting holes of depth 19 m were
installed through the foundation slab inside the building as shown in Figs. 4, 5, 6
and 7. In addition, four grouting holes of depth 18 m were installed on the ground
surface surrounding the southwestern side of the building. The method of
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Fig. 3 Layout of grouting holes and instrumentations

Fig. 4 Picture of TAM tube

low-pressure grouting with the double packer Tube-A-Manchette (TAM) was
applied. The procedure for installing the TAM grouting tube is shown in Fig. 8.

Two stages of grouting were conducted in this project. The first stage work was
to grout the soils from the depth GL.-19 m upwardly to the depth GL.-5 m as
shown in Fig. 9, which aimed to infill the voids in the ground, as well as to compact
the loose soils using the water-cement-waterglass mixture of quick-solidify or
fast-penetration type. For the second stage, the water-cement-waterglass grouting,
with a maximum pressure of 30 kg/cm?, was applied to the upper 5 m soils to uplift
the foundation slab and to compensate the tilt of the building. The materials used
for the first and second stage groutings are shown in Tables 2 and 3, respectively. It
can be seen that the contents of waterglass used in the second stage grouting has
been increased to 35 % to enhance the effects for uplifting.
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Fig. 5 Drilling hole on the
foundation slab

Fig. 6 Pre-embeded outer
pipe

Fig. 7 Pressure grouting
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Table 2 Material used for the first-stage grouting

Cement Water Waterglass Water
241 kg 217 kg 75 L 225 L
300 L 300 L

600 L
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Table 3 Grouting material at the second stage

Cement Water Waterglass Water
263 kg 210 kg 105 L 195 L
300 L 300 L

600 L

4 Monitoring

In order to monitor and control the movement of the structure during the process of
grouting, five displacement gauges (O-1 to O-5) and six inclinometers (A, B, C, F,
G, and H) were installed on the structure as shown in Fig. 3. The results of
monitored displacements and tilt angles are shown in Figs. 10 and 11, respectively.
The first stage grouting, started from July 21 and ended on August 20, used
grouting material of volume 255 m>. From Fig. 10, it can be seen that the O-2, O-3,
and O-4, which located on the northwestern side of the structure, suffered additional
settlement during the first-stage grouting. However, during the second stage of
grouting, very rapid and significant uplifts at these three locations were observed,
even though only a volume of 67 m> was grouted during this stage. A total volume
of 322 m® was grouted in 42 days. After the completion of grouting, the maximum
tilt of the building was reduced to 1/787 as shown in Fig. 12, which fulfills the
requirement of 1/600 as requested by the client (Mice Engineering Consultants
2009).

80
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Fig. 10 Results of foundation uplift
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Fig. 12 Tilt of building after uplift grouting

5 Summary and Conclusions

1. The method of low-pressure grouting with the double packer TAM tube was
successfully used to uplift a tilted nine-storey building with a one-storey
basement of depth 5 m. The maximum tilt of the building was reduced from
1/230 to 1/787 after the completion of grouting.

for compaction grouting,

. Two stages of grouting were conducted. The first stage used a volume of 255 m?
which resulted additional settlement due to



Case Study of Using the Low-Pressure Grouting Method ... 439

compaction of soils at deeper depth. However, the second stage of grouting used
only a volume of 67 m> grouted for the top 5 m soils under and near the
foundation slab, which resulted a rapid uplift of the foundation slab.
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A Study on the Bio-treatment Technique
of Ground Improvement with Urease
Microorganisms Which Live in Japan

Seiji Kano, Takeo Moriwaki and Kyohei Ochi

Abstract Soil improvement techniques using microorganisms have recently been
focused on as the low cost and environmentally friendly technique (Mitchell and
Santamaria in J Geotech Geoenviron Eng 131:1222-1233, 2005; De Jong et al. in
Bio-soils interdisciplinary science and engineering initiative: meeting societal needs
through international transforming research, 85 pp, 2007) for practical use in Japan.
Sporosarcina pasteurii is mainly used for this technique in almost all researches.
But it has not yet been clarified how much this microorganism affects the envi-
ronment in Japan because it is imported from the USA. In this paper, three labo-
ratory tests were carried out to examine urease microorganisms which live in Japan
for this bio-treatment technique. Results revealed that the urease microorganisms
were found in all natural beach rocks from Okinawa that these microorganisms
could reproduce calcium carbonates in soil. Especially microorganisms picked up
from Yomitan Beach show a high rate of productivity of calcite to help the treat-
ment. It was also found that the unconfirmed compression strength of the specimen
treated with microorganism from Yomitan Beach showed almost the same strength
as the one with S. Pastuerii. Therefore this microorganism is useful for the
bio-treatment technique, instead of S. pasteurii.

Keywords Bio-treatments - Urease microorganisms - Beach rock
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1 Introduction

Recently the climate situation has been changed by global warming. Very heavy
rainfalls of more than 100 mm/h are observed in Japan. Because of heavy rainfalls,
many slope failures occur all over Japan every year. One way to prevent slope
disasters is slope stabilization. However the amount of area which should be sta-
bilized is too large and the construction takes place on steep slopes. Therefore a
cheap and easy stabilization technique should be developed.

Many slope failures induced by rainfall in Japan occur in the shallow part of
ground. This part is very loose because the overburden pressure is small and it is
weathered. Thus that technique does not need such a high solidification capacity,
but should be low cost and environmentally friendly.

On the other hand, a soil improvement technique using microorganisms has been
recently focused on as the low cost and environmentally friendly technique.
According to the report by De Jong, the shear wave velocity of bio-treated soil
reached to more than 300 m/s (DeJong et al. 2010). In considering the shallow part
of a slope, this treatment technique can be useful for the slope stabilization.

Some problems, however, should be solved before it is put to practical use in Japan,
such as which kind of microorganism is best to use. Many studies on this bio-treatment
technique are also conducted in Japan but a microorganism, Sporosarcina pasteurii,
which is imported from USA, is used in almost all studies. But it is not clarified how
much this microorganism affects the environment in Japan. In order to use this tech-
nique in practice, the microorganism which exists in Japan must be used.

This study aims to examine whether urease microorganisms which live in Japan
can be used for this bio-treatment technique or not.

2 Mechanism of Ground Improvement

A calcium carbonate, Calcite, precipitates by the chemical reaction induced by
biological activity in the ground has the following reactions. Bio-treatment tech-
nique exploits this reaction.

NH,;—-CO—NH, + H,0 = 2NH; + CO, (Biological activity) (1)
2NH; 4 2H,0 = 2NH*" + 20H", CO,+ OH™ = HCO;3~ 2)

Ca’* +HCO3;™ +OH™ = CaCO;3 | +H,0 and

(3)
Ca’" +2HCO;~ & CaCO; | +CO, + H,0

Calcite can be precipitated in the solution with containing carbonate ions under
an alkaline environment. Microorganisms having urease activity, such as Bacillus
pasteurii or S. pasteurii are used for many studies on bio-treatment techniques.
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However these microorganisms cannot be used in Japan because they are imported
from the United States. So an investigation on urease microorganisms which live in
Japan should be performed.

Photo 1 shows SEM Images of bio-treated soil (UC Davis 2007). As shown in
this photograph, Calcite was observed between soil particles in bio-treated soil.

3 Laboratory Tests

This study aims to examine whether urease microorganisms which live in Japan can
be useful for a bio-treatment technique or not.

Several beach rocks were collected and microorganisms which live in them were
harvested. An examination whether cultured microorganisms have urease activity
or not was performed. If urease microorganisms existed in it, the examination of
how much Calcite they could reproduce in the soil was done. Finally, a series of
unconfirmed compression tests were carried out to check whether they could be
useful for bio-treatment technique.

3.1 Harvesting the Urease Microorganism from Beach Rock

According to the report by Yonetani (1964), there are many rocks, called Beach
rock, which were cemented from sand on the beach in the southern part of Japan
(Photo 2). They have strong cementation. If it is possible to make them artificially,
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Photo 2 Beach rock (at Yomitan son, Nakagami County, Okinawa)

(<)

(&)}

(F)

(E)

Fig. 1 Maps of the location of beach rocks. A Mituko-hama Beach, Wajima, Ishikawa. B Kori
Bridge, Nagijin son, Kunigami County. C Emerald Beach, Motobu town, Kunigami county.
D Manza Beach, Onna son, Kunigami County. £ Yomitan son, Nakagami County. F' Nikko
Alivila Beach, Yomitan son, Nakagami County son

the technique is useful for ground improvement. In this study, one beach rock from
Ishikawa prefecture (A) and five beach rocks from Okinawa Island (from B to F)
were picked out as shown in Fig. 1.

Small particles of each beach rock were added to a culture solution for S.
pasteurii in a beaker. Then microorganisms were harvested in an incubator at 30 °C
and the optical density of the solution was measured. Figure 2 shows growth curves
of harvested microorganisms from beach rocks. This figure shows the microor-
ganisms of B, E, and F rise a little bit faster than S. pasteurii, but the microorganism
of D rises more slowly than that.

3.2 Test of Urease Activity

In order to investigate whether urease microorganisms live in beach rocks or not,
small spall from each beach rock, urea, and yeast extract were put in a small tube.
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Fig. 2 Growth curves of harvested microorganisms from beach rocks
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Photo 3 Color of tubes after 48 h (a), 72 h (b) and 1 week (c)

Table 1 Results of urea A B C D E F
tivity test

activily fests 48 h X X X X X O

72 h X X @) O O O

1 week X @) @) O X X

Tubes were kept in an incubator with shaking at 30 °C. If urease microorganisms
live in it, the pH of the solution rises. The phenolphthalein reagent was used to
check the pH. When the color turns red, it means urease microorganisms live in that
beach rock. The color of tubes was checked after 48 h, 72 h, and 1 week.

Results are shown in Photo 3 and Table 1. As shown in the photographs below,
tubes in which beach rocks from Okinawa were put, showed urease activity but the
one from Ishikawa did not show urease activity. This indicated that urease
microorganisms lived in Okinawa’s beach rock. However the Ishikawa’s beach
rock is not made by urease microorganisms. In fact, it is said that the Ishikawa’s
beach rock is made from silica (Ogasawara et al. 2004).
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(B) © D) (E) (F)

Photo 4 Pictures of harvested microorganisms in laboratory

Table(:1 2 .Results of calcite B C D E F
t
reprocuiction CaCo; (2) 0231 | 0496 | 0442 | 0878 |—
Rate of reproduction | 22.9 49.2 43.9 87.2 -
(%)

3.3 Gene Analyses of Harvested Microorganisms

Photo 4 shows the pictures of harvested microorganisms in the laboratory. It has
found that all microorganisms were rod-shaped bacillus. Gene analyses of harvested
microorganism were conducted to identify the urease microorganism. As a result,
microorganism from B was Paenibacillus fonticola (99 %), microorganism from D
was Lysinibacillus sphaericus (99 %), microorganism from E was Sporosarcina
sphaericus (99 %) (values mean the degree of occurence of RNA). Unfortunately,
the microorganisms of C and F were not identified.

3.4 Test of Calcite Precipitation

A series of beaker tests were carried out to know how much the harvested
microorganisms could reproduce Calcite. Microorganisms were added to the culture
solution containing calcium ion in a beaker. Beakers were kept in the incubator with
shaking at 30 °C for 48 h. After that, Calcite was filtered from the solution and was
weighed.

Table 2 shows the result of beaker tests. As shown in this, all microorganisms,
with the exception of F, reproduced Calcite. Microorganism E showed the highest
rate of reproduction of calcium carbonate. This result inspires that these microor-
ganisms can be used for bio-treatment technique, instead of S. pasteurii.

3.5 Unconfirmed Compression Tests

In order to clarify the effect of bio-treatment using the harvested microorganisms, a
series of unconfirmed compression tests was performed. Specimens made of
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Table 3 Conditions for unconfirmed compression tests

No. Microorganism Moisture content (%) Calcium chloride (mol/l)
Test 1 C 27.8 0.3

Test 2 E 22.7

Test 3 Sporosarcina 19.6

Test 4 Sporosarcina 24.1

Test 5 E 18.5 0.4

Test 6 Sporosarcina 14.9
Fig. 3 Relationships (kPa)

between axial strain and 250

principal stress differences of
triaxial tests

Microorganism B +0.3mol
Microorganism E +0.3mol
200 Sprosarcina +0.3mol
Sprosarcina +0.3mol
= Microorganisms E +0.4mol
150 ® Sprosarcina +0.4mol

100

50

Unconfirmed Compression Strength

Toyoura sand were treated using Microorganism C, E, and S. pasteurii. The size of
specimen was 5 cm in diameter and 10 cm in height. The relative density of the
specimen was 65 %. 0.3 mol/l of calcium chloride was added to the culture solution
from Test 1 to Test 4, and 0.4 mol/l of calcium chloride was added in Test 5 and 6.
Overburden pressure during the treatment was 200 kPa. Conditions for tests are
shown in Table 3.

Figure 3 shows the unconfirmed compression strength in each test. It is found
that the unconfirmed compression strength of the specimen treated with
Microorganism E shows almost the same strength as the one with S. pasteurii from
this figure. But the unconfirmed compression strength of the specimen treated with
Microorganism C was less than the one with S. pasteurii. Therefore
Microorganism E is useful for the bio-treatment. By comparing the results of
0.3 mol/l calcium and 0.4 mol/l calcium, the unconfirmed compression strength of
specimen with Microorganism E and 0.4 mol/l of calcium ion varied only slightly
from the one with 0.3 mol/l. However, the one with S. pasteurii and 0.4 mol/l
calcium ion increased. The reason why this happened is considered that S. pasteurii
has a higher salt tolerance than Microorganism E.
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4 Conclusions

This paper aims to examine whether urease microorganisms which live in Japan are
useful for a bio-treatment technique or not. The following results were obtained
from this study:

1. It was found that the urease activity was confirmed in all beach rocks from
Okinawa, and all urease microorganisms can reproduce calcium carbonates.
Urease microorganisms from Beach rock E show the highest rate of reproduc-
tion of calcite to help the treatment.

2. The unconfirmed compression strength of the specimen treated with this
microorganism was almost the same as the specimen treated with S. pasteurii.
Therefore this microorganism is useful for the bio-treatment technique, instead
of S. pasteurii, as it is locally sourced. This treatment is intended to prevent
further landslides in Japan.
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Behavior of Breakwater Foundation
Reinforced with Steel Sheet Piles Under
Seismic Loading

Babloo Chaudhary, Hemanta Hazarika, Naoya Monji,
Kengo Nishimura, Ryohei Ishikura and Kiyonobu Kasama

Abstract Waterfront structures such as breakwater, coastal dike, sea wall, etc.,
suffer serious damage from the earthquake and tsunami. The breakwaters are
designed to protect coastline and seaport from the devastation effect of wave and
current of tsunami by absorbing their wave energy and reducing overtopping. The
port of Kamaishi (Iwate Prefecture, Japan) suffered heavy causalities due to the
Great East Japan Earthquake in March 2011 mainly due to the damage of break-
water mound/foundation which was caused due to collapse of the breakwater. On
the other hand, mitigation of compound disaster due to predicted future earthquakes
such as Tokai earthquake, Nankai Earthquake, and Tonankai-Nankai Earthquake is
a matter of great concern. The stability and safe performance of breakwater is very
important for the protection of structures and population living near to coastline. It
is, therefore, necessary to develop a new earthquake and tsunami resistant rein-
forcement technique for breakwater foundations which will make the breakwater
resilient against the earthquake and tsunami forces. This paper deals with the
development of an effective reinforcement technology for breakwater foundation
which provides resiliency to the mound against earthquake. The technique involves
use of steel sheet piles and gabion type mound (gravel wrapped up in steel wired
mesh), which is effective in preventing breakwater subsidence and horizontal dis-
placement. As a part of the study, a series of shaking table test in 1 g of gravita-
tional field were performed and through the tests, the reinforcement effect by the
steel sheet pile and gabion under earthquake loading and its influence on breakwater
performance was made clear.

Keywords Steel sheet pile - Gabion - Earthquake - Mitigate - Resilient structure -
Breakwater
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1 Introduction

Tsunami is frequently generated by strong earthquake with M > 6.5 in open sea
due to quick dislocation of a seismological fault. Tsunami carrying huge energy
always could lead to great catastrophic losses for the structures and population
living near the coastline where tsunami wave could reach. Japan has many expe-
riences of tsunami disasters such as the 1896 Meiji Sanriku tsunami that caused
22,000 dead and missing. Even after improvement of coastal defense systems which
have been significantly implemented since the 1960s, the 1983 Nihon-kai Chubu
earthquake tsunami (the Japan Sea tsunami) killed 100 persons, and 1993 Hokkaido
Nansei-oki earthquake tsunami (the Okushiri tsunami) caused 230 dead and missing
including casualties by the seismic damage. The Great East Japan earthquake
(Mw = 9.0) stroked off the east coast of Japan on 11th March 2011 at 14:46 (local
time). The Tohoku Earthquake occurred in the subduction zone where the Pacific
plate subducts beneath the North American plate or the Okhotsk plate. It was the
most powerful earthquake that ever hit Japan, and the fifth most powerful earth-
quake in the world since modern record keeping began in 1900. The earthquake
triggered powerful tsunami waves that reached run-up heights of up to 40.50 m
in Miyako in Tohoku (Iwate Prefecture) and in the Sendai area, traveled up to
10 km inland. The maximum inundation height was 19.5 m, and inundation area
was 400 km? (approximate). The Great East Japan earthquake generated a higher
tsunami (the 3.11 tsunami) than the tsunami level determined for tsunami disaster
management in communities such as the 1896 Meiji Sanriku tsunami. Lots of
coastal structures (breakwaters, sea wall, embankment, etc.) were damaged by the
Great East Japan Earthquake (Hazarika et al. 2012, 2013a, b). It caused devastated
damage in wide areas by not only inundation but also tsunami debris. More than
20,000 people were killed and a large number of structures were collapsed.
Breakwaters are designed to protect coastline and seaport from the devastation
effect of wave and current of tsunami by absorbing their wave energy and reducing
overtopping. The Kamaishi breakwater (Iwate Prefecture, Japan), which was
completed in 2009 and recognized as world’s deepest (63 m) breakwater, collapsed
and failed to block tsunami generated by the Great East Japan Earthquake. The
Caissons were moved and sinked. This happened due to large difference in water
level between the front and back of the breakwater during tsunami, which creates
high water pressure on the breakwater. The tsunami wave also imposed a huge
horizontal force on the breakwater. The main reasons of failure of the breakwater
were (Takahashi et al. 2011; Arikawa et al. 2012) (i) Scouring of foundation
mound, (ii) Sliding and turning of breakwater, (iii) Toe erosion and Joint failure,
(iv) Decrease in bearing capacity due to increase in pore water pressure,
(v) Dynamic water pressure as wave force (vi) Water level difference between the
front and back of the breakwater. The stability and safe performance of breakwater
is very important for the protection of structures and population living near to
coastline. After the 2011 Great East Japan disaster, development of geotechnical
structures which can provide resiliency to the structures against earthquake and
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tsunami became top priorities of scientists and researchers. It is therefore, necessary
to develop a new earthquake and tsunami resistant reinforcement technique for
breakwater foundations which will make the breakwater resilient/resistant against
the earthquake and tsunami forces. This study deals with the development of an
effective reinforcing technique of the mound and foundation which provides resi-
liency to breakwater by improving the earthquake resistant properties of the
breakwater foundation. Steel sheet piles and gabion type mound (gravel wrapped up
in wired mesh) are used in the foundation as a reinforcing measure. A series of
shaking table test were performed to evaluate the effect of using steel sheet pile and
gabion under earthquake loading. The main purpose of the research is to find a new
reinforcing technique for breakwater foundation against earthquake and show
effectiveness of the reinforcement technique (using sheet piles and gabion) in
improving the earthquake resistant properties of the breakwater foundation.

2 New Technology for Breakwater Foundation

The port of Kamaishi (Iwate Prefecture, Japan) suffered heavy casualties due to the
Great East Japan Earthquake in March 2011 mainly due to the collapse of break-
water. The Kamaishi breakwater collapsed and failed to block tsunami generated by
the Great East Japan Earthquake in March 2011. The breakwater collapsed due to
damage/failure of its mound/foundation. The future earthquakes such as Tokai
earthquake, Nankai Earthquake, and Tonankai-Nankai Earthquake is a matter of
great concern. According to the central disaster mitigation council of the ministry of
Japan (Central Disaster Mitigation Council 2003), about 2 m ground sinking is
expected in the Kochi area of Shikoku island, Japan, by the Nankai earthquake
(Central Disaster Mitigation Council 2003), which is predicted to occur any time in
the near future. These earthquakes may generate big tsunamis. In order to mitigate
the damage from such future devastating earthquakes and tsunami, it is necessary to
take appropriate measures that can protect the infrastructures from the compound
disasters instigated by the combined effect of events such as an earthquake and
tsunami. So for the protection of coastal lives and structures, it is necessary to
develop a new technology to make the breakwater safe against the future earth-
quakes and tsunamis. A new reinforcing technology is proposed for the foundation
and mound of breakwater which will make the breakwater resilient against the
earthquake and tsunami forces. The sheet piles and Gabion mound was used in the
foundation (Fig. 1). The gabion mound foundation was adopted in addition to the
rubble mound (for conventional breakwater, generally rubble mound was used in
the foundation). The gabion covered the entire mound. The purpose of use of
gabion mound is to protect it from the scouring and toe erosion due to tsunami and
earthquake. It will also improve its bearing capacity due to constraint effect. Due to
these properties, subsidence and lateral displacement of breakwater can be
prevented/reduced. In addition to gabion, steel sheet piles were also used in the
foundation as shown in Fig. 1.
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Fig. 1 Model of caisson type breakwater

These sheet piles behave like a cut off wall and reduce flow/seepage of water
below the foundation during tsunami. It controls scour of the foundation as well as
reduces uplifting force due to seepage of water, and thus prevent/reduce scour,
subsidence, and lateral displacement. They will improve the bearing capacity also
due to its confinement effect. The purpose of the study is to find effectiveness of the
new reinforcing technique against earthquake and tsunami. This paper deals with
effectiveness of the new reinforcing technique against earthquake. Through the
shaking table tests, the reinforcement effect due to the steel sheet pile and gabion
under earthquake loading and its influence on breakwater performance was made
clear.

3 Shaking Table Test

A series of shaking table test in 1 g gravitational field were performed for the model
breakwater. Shaking table tests were done under different field conditions and
loading conditions. The pore water pressure, water pressure, horizontal displace-
ment, and settlement were monitored during the experiments. The effect of rein-
forcement on breakwater performance was evaluated based on reduction of pore
water pressure, horizontal displacement, and settlement.

3.1 Model Breakwater

A model of breakwater at Miyazaki port (Miyazaki Prefecture, Japan), which is
likely to be affected by the Nankai trough earthquake, is chosen for the experiment.
The prototype to model ratio was 64 and the similitude relationship proposed by lai
(1989) was used for this experiment. A tank, made with acrylic plates and steel
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Fig. 2 Shaking table test for breakwater

frames, was used to make the model for the shaking table test. The size of the tank
was 1830 mm (length) x 430 mm (width) x 865 mm (height). The photographic
view of the shaking table is shown in Fig. 2.

3.2 Test Materials

The seabed was modeled with Toyoura sand of relative density, D, = 60 %. The
rubble mound was made of number 6 gravel (D, = 70 %). The relative density
D, =70 % for rubble mound was achieved by tamping method. The grain size
accumulation curve of Toyoura sand and number 6 gravel (Rubble mound) is
shown in Fig. 3. The gabion was made of number 7 gravel and wire mesh. The wire
mesh was made of steel wire of diameter 0.63 mm.
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Fig. 3 Grain size distribution curve of sample A (No. 6 gravel) and Toyoura sand
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Fig. 4 Number 6 gravel
(rubble mound)

Table 1 Basic property of the foundation materials

Materials Sat. Dry Min. Max. Uniformity | U, |Mean | Plastic
density |density |dry dry coefficient grain | limit [,
Ps Pd density |density | U, size
(g/ Cm3) (g/ Cm3) Pdmin Pdmax D 50
(glem’) | (g/em?’) (mm)
No. 6 gravel |1.620 1.416 1.781 2.773 1.5 14 |47 NP
No. 7 gravel |2.727 1.980 1.768 2.143 114 0.5 (2.7 NP
Toyoura 2.640 1.506 1.336 1.639 1.7 3.8 10.16 NP
sand

Photographic view of number 6 gravel (Rubble mound) is shown in Fig. 4. Basic
properties of foundation materials are given in Table 1. The breakwater (caisson
type) was fabricated box type model, and it was made of aluminum. The silica sand
and lead ball were filled in the box type caisson to adjust the weight and center of
gravity. The silica sand was medium packed of specific gravity 2.3. Three caissons,
in a row, were used as breakwater in the experiment. The horizontal displacement
and settlement were monitored for middle caisson. Both side caissons were used as
dummy caisson to prevent effect (e.g., side friction between caisson and acrylic
tank) of acrylic tank. Two sheet piles, used in the foundation, were made of steel
plates (200 mm height, 400 mm width and 3.2 mm thickness).

3.3 Test Conditions

The shaking table tests were conducted for different field conditions (like—no
reinforcement, reinforced by gabion only and reinforced by gabion, and sheet piles
together). The earthquake loading was applied in the form of sinusoidal wave.
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Fig. 5 Experimental set up of the shaking table test for breakwater

A sinusoidal wave of acceleration 400 Gal, frequency 15 Hz and time duration 8 s
was used in the experiment. The acceleration, water pressure, and deformation of
caisson breakwater were measured during the experiment. The acceleration and
pore water pressure inside foundation soils and rubble mound were also monitored.
The settlement of the breakwater was measured by laser displacement gauge, and
horizontal displacement of the breakwater was measured by displacement gauge.
The accelerometers were established to record acceleration at seven locations (A-1
to A-7) as shown in Fig. 5. A-1 was the acceleration of the shaking table, which
was assumed as the input acceleration. The water pressure gauges were used to
measure pore water pressure inside the seabed and mound, and water pressure
gauges were used to measure water pressure on the caisson breakwater. They were
installed at twelve locations (W-11 to W-43). The displacement gauge was installed
at two locations (D-1 and D-2) to measure horizontal displacement. The laser
displacement gauges was used at two locations (L-1 and L-2) to monitor settlement
of the caisson breakwater.

4 Results and Discussions

Two types of reinforcements were used for the breakwater foundation (i) gabion
only and (ii) combination of gabion and two steel sheet piles. The comparisons are
made between the reinforced and conventional (unreinforced) breakwater founda-
tion. The time history of acceleration for conventional (unreinforced) breakwater
and developed new breakwater (reinforced with gabion and two sheet piles) are
shown in Figs. 6 and 7 respectively. As compared with A-1, acceleration is
amplified in inner portion of the seabed (A-7). While on the surface of seabed (A-6)
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amplification is there but its value is lower as compared to the inner portion of
seabed (A-7). It may be due to the fact that inner layer of seabed may be densified
by the weight of upper layers, thus lower layer amplified the acceleration more than
upper layer. In the mound (A-4), acceleration was amplified but its value is less than
that of inside the seabed and on the surface of seabed. The mound was made of
number 6 gravel (D, = 60 %). Due to the low relative density (D, = 60 %) and high
void, vibration energy might be dissipated and so acceleration inside mound
decreases compare to seabed. For the caisson, as compared the acceleration at A-3
and A-2, it is clear that acceleration is amplified within the caisson.

The settlement with respect to time at L-1 (top left corner of caisson) is shown in
Fig. 8. The BW reinforced with gabion only gives less settlement than unreinforced
BW. The gabion BW reduces final settlement by 63 %. But when BW was rein-
forced with combination of gabion and two steel sheet piles, settlement reduces
much and final settlement is reduced by 74 %. Figure 9 shows the settlement of
breakwater at L-2 (top right corner of caisson). The BW reinforced with gabion give
less settlement than unreinforced BW while combination of gabion and two steel
sheet piles give lesser settlement. The gabion only, as reinforcement, reduces final
settlement by 62 %, while combination of gabion and two sheet pile, as compound
reinforcement, reduce final settlement by 84 %. It is clear that combination of
gabion and two sheet pile, as reinforcement, is more effective to reduce settlement
of the breakwater. From Figs. 8 and 9, it is clear there is tilting of caisson occurred
which was observed during experiment also.

The graphs are drawn for horizontal displacement of breakwater with respect to
time. Horizontal displacement at D-1 (top left corner of caisson) is shown in
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Fig. 8 Settlement measured at L-1 for different layouts of breakwater under earthquake loading
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Fig. 10. The BW reinforced with gabion only gives less horizontal displacement
compared to unreinforced BW. The gabion BW reduces final horizontal displace-
ment by 95 %. But when BW was reinforced with gabion and two steel sheet piles
together, horizontal displacement reduces but final horizontal displacement is
reduced by 83 %, which is less than that for gabion BW.

Figure 11 shows the pore pressures at W-31 (inside the mound and beneath the
caisson) for reinforced and unreinforced BW. The BW reinforced with gabion has
less pore water pressure then unreinforced BW. Its final value reduces by 63 %.
When BW was reinforced with combination of gabion and two sheet piles, pore
pressures reduces much more and its final value reduces by 81 %. It is clear that
combination of gabion and two sheet piles, as reinforcement, is more effective in
reducing pore water pressure, settlement. Results come out from the experiment
show that the combination of gabion and two steel sheet piles as reinforcement is
most suitable reinforcement for breakwater foundation against earthquake. Hence
combined reinforcement (gabion and two sheet piles together) is proposed as an
effective reinforcement for the breakwater foundation against the earthquake.
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5 Conclusions

A new reinforcement technique was developed for foundation of the breakwater,
which gives resiliency/resistant against earthquake to the breakwater. A prototype
model of breakwater at Miyazaki port (Miyazaki Prefecture, Japan), which is likely
to be affected by the Nankai trough earthquake in the near future was chosen for the
experiment. The prototype to model ratio of 64 was adopted. The gabion mound
foundation was adopted in place of the rubble mound. In addition to gabion, two
steel sheet piles were also used in the foundation. In this paper, the effectiveness of
a new reinforcing technique for breakwater foundation against earthquake induced
forces was evaluated. The results show that the reinforced breakwater performed
well during high earthquake (400 Gal) loading and long duration (8 s). The fol-
lowing conclusions could be derived based on this research.

1. The new reinforced breakwater could prevent/reduce breakwater
tilting/overturning during earthquake.

2. The new reinforced breakwater reduced lateral displacement of breakwater
during earthquake.

3. One of the major causes of breakwater settlement is the lateral flow of foun-
dation soils. Sheet pile can restrict the lateral flow, and thus could
prevent/reduce differential settlement.

4. The proposed reinforcing technique provides better mitigation effect as the
vertical settlement as well as lateral displacement of the breakwater could be
reduced significantly.

5. Pore water pressure below the breakwater (inside the mound) reduced in rein-
forced breakwater with comparison to conventional breakwater.

It is believed that the reinforcement will reduce the scouring effect of the tsunami
wave also. One of the most important benefits of the model is that the reinforcement
(sheet piles and protective gabion) can be used in existing breakwater also. For an
effective reinforcing technique for breakwater foundation more detailed studies are
needed. Further studies are going on for detail analysis (e.g., embedded depth and
location of sheet piles, size and weight of breakwater, etc). Researches are also
ongoing to evaluate the tsunami resistant characteristics of the proposed technique
through hydraulic model test and centrifuge test. Numerical analyses are also car-
ried out.
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Shaking Table Model Tests on Mitigation
of Liquefaction-Induced Distortion
of Shallow Foundation

Rouzbeh Rasouli, Ikuo Towhata and Hadrien Rattez

Abstract Recent earthquakes of Japan and New Zealand have revealed that there is
no concrete and reliable solution for liquefaction-induced settlement and tilting of
light surface structures. In this study, qualification of three possible mitigations
against this problem is examined by conducting shaking table tests: (1) installation
of sheet-pile walls surrounding the building’s foundation. (2) Lowering ground
water level and (3) installation of diagonal drainage pipes under the foundation.
Experiments showed that all mitigations reduced the settlement to some extent,
while some considerations in implementation of each of them should be taken into
account. In the end, the experiments were solved mathematically to provide a
theoretical basis for the proposed mitigations performance prediction.

Keywords Settlement - Mitigation - Shaking table test - Numerical analysis

1 Introduction

The historical development of geotechnology for mitigation of liquefaction prob-
lems has addressed important structures that require perfect prevention of the onset
of liquefaction. Although many reliable techniques in this perspective have been
developed in the past decades, limitations have been pointed out in the recent times.
One of the limitations is the mitigation of liquefaction-damage of private houses
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Fig. 1 Examples of liquefaction-damaged buildings: left tilted building after 1990 Luzon
earthquake (Orense et al. 2011), right settlement of building due to liquefaction after 2011
earthquake of Japan

which rest on liquefaction-prone subsoil and require damage mitigation with
acceptable cost. Figure 1 shows that this problem has been suffering cities and
people since several years ago and it repeated during the 2011 earthquake of Japan.
The difficulties lying herein is the subsoil improvement under existing fragile
houses and the limited budget that individual house owners can afford. Several
studies have been initiated recently to deal with this problem (e.g. Tsukamoto et al.
2012; Kuriki et al. 2012; Yasuda et al. 2013; Towhata and Rasouli 2013). In this
study, a series of shaking table tests as well as numerical analyses on the mitigation
of such distortion as settlement and tilting of houses have been conducted. Based on
some previous empirical and experimental studies (e.g. Ishihara 1985; Mizutani and
Towhata 2001) the possibly appropriate techniques including installation of sheet
pile walls around the house foundation, installation of drainage pipes under the
foundation and limited lowering of ground water table as well as their combinations
were proposed. These techniques were examined by running shaking table tests in
1-G environment in which the similitude was considered by employing
looser-than-reality sand so that the extent of dilatancy might be made equivalent.
The experiments were later solved mathematically by a previously developed
closed form solution, based on principle of minimum potential energy.

2 Method of Shaking Table Tests

The experiments were conducted in a large soil container of 2.65 m length, 0.6 m
height, and 0.4 m width. Shock absorbers were installed at both rigid ends of
the container. Silica sand No. 7 with the geotechnical properties of p, = 2.64,
€max = 1.252 and e,;, = 0.749 were used for making model ground. Height of model
ground was 0.5 m. The first 10 cm was compacted to reach 80 % relative density and
was considered as non-liquefiable layer. The rest of ground was made by water
pluviation method and was set to 46 % relative density. Several pore water pressure
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Fig. 2 Schematic illustration of experimental setup in one typical experiment with sheet-pile
walls with low GWL

transducers and accelerometers were installed in the model ground to record the
behavior of ground accurately. Aluminum plates were used as sheet-pile walls. Strain
gauges were pasted to plates for recording induced bending moment in plates. Ground
water level (GWL) was at surface, —5 cm, and —10 cm below surface in different
cases. In cases of low GWL a 2 cm layer of gravel was placed on the last layer of
liquefiable ground to prevent saturation of surface non-liquefiable layer by capillary
effects. Drainage pipes were made of plastic pipes. Many holes were made around the
pipe and they were covered by metal mesh to prevent inflow of liquefiable sand into
the holes. A rigid wooden box filled with sand was used as a model building. A laser
displacement transducer was used to record time history of subsidence accurately.
Figure 2 shows the setup of experiments schematically for experiments with
sheet-pile walls with low GWL. All models were shaken by sinusoidal waves of
300 Gal and 10 Hz frequency. Shaking duration was 25 s. For more details of model
preparation and input motion refer to Rasouli (2014).

3 Discussion on Experimental Results

As a comprehensive research program, around 70 shaking table experiments were
conducted on this issue (Rasouli 2014). Different variables were examined in these
experiments including: Effects of sheet-pile’s bottom and top fixity (Rasouli et al.
2012), configuration of drainage pipes (Towhata and Rasouli 2013), and perfor-
mance of sheet-piling with gaps (Rasouli et al. 2014). In this paper, a comparative
discussion on performance of each of these mitigations is made.

3.1 Lowering Ground Water Level

Empirical data demonstrated that where there is a deep non-liquefiable layer at
surface, liquefaction does not damage the surface structures (see e.g. Ishihara 1985).
Figure 3 shows deformation of liquefied soil in cases of low GWL. It is observed
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that considerable lateral displacement of liquefied soil took place in bottom lig-
uefiable layers. Lowering GWL changes the stress distribution of the surface
structure. In other words, lower surface pressure on a wider area on liquefiable layer
causes lower settlement of structures. In addition, lowering GWL controls the
upward flow of liquefied soil during the dissipation of excess PWP. Figure 4(left)
shows that lowering GWL for several centimeters considerably reduced settlement
of model building. From practical point of view, lowering GWL is possible by
installation of a horizontal network of drains or pumping water from a constrained
area (Fig. 4(right)).

3.2 Installation of Sheet-Pile Walls

Installation of sheet-pile walls in order to reduce settlement of river dikes were
utilized previously (e.g. Mizutani and Towhata 2001). Nowadays, advances in
technology made it possible to install sheet-piles in dense urban area. Installation of
sheet-pile walls under structures reduces the lateral displacement of liquefied soil
and consequently reduces the settlement of structure (Rasouli et al. 2012). There are
many factors which affect performance of this technique against settlement of
structure. Rasouli et al. (2012) examined effects of sheet-piles top and bottom fixity
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on their performance. Based on that study, reaching non-liquefiable layer at the
bottom is a key requirement for having good performance of sheet-piles. In addition
it was found that constraining sheet-pile’s head from lateral displacement consid-
erably enhances its mitigative effects. Figure 5(left) shows the meaningful corre-
lation between reduction of lateral displacement of liquefied soil and ultimate
settlement of building. Figure 5(right) shows time history of model building set-
tlement in experiments of 2 mm sheet-piles in different GWLs. Considering 20 mm
of free-field settlement it can be expressed that installation of sheet-pile walls along
with 10 cm of lowering GWL prevented building’s settlement completely.

In order to reduce the cost of this mitigation, performance of sheet-piling with
gaps and half-length sheet-piling were also examined. Although ultimate settlement
of model building was not reduced in this cases, the settlement at early stages of
shaking was slightly reduced (Fig. 6).
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3.3 Installation of Drainage Pipes

Installation of drainage pipes is a conventional mitigation against onset of lique-
faction. However, experiments revealed that installation of only vertical drains
around the building’s foundation is not sufficient to prevent building’s settlement
(Towhata and Rasouli 2013). Figure 7(left) schematically shows the proposed
configuration of drains to make this mitigation effective against settlement of
buildings. It consist of two sets of diagonal drains under the building’s foundation.
The results of experiments with different configurations are shown in Fig. 7(right).
It is observed that settlement of building is not mitigated unless the full set of drains
are installed under the building in a relatively low GWL. It implies that prevention
of liquefaction immediately under the structure is more important than prevention
of liquefaction in the surrounding area and at deeper depths.

3.4 Performance Against Tilting

In addition to settlement of building, tilting of building can also cause many
problems to its residents’ life. Based on Architectural Institute of Japan (2003),
tilting of building over 0.6° causes dizziness and headache to residents and leveling
retrofitting is needed in such cases. Figure 8(right) shows ultimate tilting of model
building in different cases. Installation of sheet-pile walls does not prevent onset of
liquefaction under the model structure (Rasouli et al. 2014). Therefore, in cases of
non-uniform loaded buildings, the liquefied soil under the structure could deform
easily in its constrained area and this led to considerable titling of model building in
experiments with sheet-pile walls. In contrast, installation of drainage pipes
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prevents onset of liquefaction. Thus, the soil under the building does not deform
due to the surface pressure easily. Therefore, tilting of structure was mitigated
perfectly in this case. Lowering GWL, provides a non-liquefiable layer at surface.
Thus, the tilting of the structure was reduced as compared with experiments of
surface GWL (No improvement and cases with sheet-pile walls). However, tilting is
less in the case of low GWL in combination with drainage pipes.

Figure 8(right) shows settlement of model building versus its tilting. It is
observed that full-length sheet-piles reduced settlement of building substantially but
its performance against tilting of structure was not promising. Installation of drai-
nage pipes reduced tilting of structure and also reduced the settlement of structure
when combined with lowering GWL. Lowering GWL reduced both settlement and
tilting of structure to some extent.

4 Numerical Analysis

To have a numerical basis for prediction of model building behavior in practice, the
model experiments are solved mathematically. For this purpose, displacement of
model building and liquefied ground is calculated based on principle of minimum
potential energy. It is assumed that the volume of the soil is constant before and
after liquefaction. It means that the consolidation of liquefied soil is not considered
in calculations. However, based on experimental observations, 20 mm of subsi-
dence of free-field is added to calculated values to consider the consolidation of
liquefied soil. Some residual shear stiffness is considered for the liquefied soil. It
can be applied when the soil did not completely liquefy. However, for modeling
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present experiments no residual stiffness is considered (the residual stiffness (E) is
set to 1 kPa). The friction between the model structure and the surface soil is the
other energy dissipation which is considered in the calculations. The mitigations,
including sheet-pile walls and drainage pipes are also considered in the calculations.
The area of drainage pipes is considered as a non-liquefiable zone. The strain
energy of sheet-pile walls are also included in the calculations. The head of
sheet-piles were considered as a hinge supported condition. This is due to the
prevention of lateral displacement of walls at the top. The piles were mechanically
fixed at the bottom. However, the first 10 cm above the fixed point is buried in
compacted soil. Therefore, the sheet-pile is considered as hinged from the point
where liquefiable soil starts. Details of equations and calculations are presented in
Rasouli (2014). The considered energies which were solved to reach the minimum
energy are as below:

H

uB
Q:Q5+Qf+Qg+Qw_§ /pdz—7 — Min.
0

H

B
o / pdz — % : Lagrangean multiplier for flux continuity
0

where Oy is strain energy of soil, Oy, the energy of friction, Q,, the energy of gravity
and Q,,, strain energy of sheet-pile walls p, sheet-pile deflection B, width of
foundation. Finally, the equation of the motion for the subsiding building

(m% +2C\/mk% +ku = f) is solved to have the time history of subsidence.

The subsidence of model structure after 30 s is taken into account to be compared
with the results of experiments. The details of this solution are presented in the
appendix. Figure 9 compares experimental results with numerical predictions
which shows a good consistency between experiments and calculations.

Experimental Results Mathematical Analyses
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Fig. 9 Comparison of the mathematical analyses (right) versus experimental results (leff)
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5 Conclusions

The following conclusions can be drawn from the results of this study:

1. Lowering GWL reduces both settlement and tilting of structures by changing the
stress distribution of surface structure and prevention of sand boiling.

2. Reduction of lateral displacement of liquefied soil by installation of sheet-pile
walls leads to reduction of settlement of structure. It was observed that presence
of openings between sheets or not reaching the non-liquefiable layer disturbs the
performance of this mitigation. However, liquefied sand under the model
building could deform easily in the constrained area by sheets and consequently
tilting of structure was not reduced in experiments with sheet-pile walls.

3. It is found that prevention of liquefaction immediately under the structure is
more important than prevention of liquefaction in the surrounding area and at
deeper depths. Installation of complete set of drainage pipes (vertical and
diagonal drains) in combination with lowering GWL prevent onset of lique-
faction under the building. Thus, the soil under the building does not deform due
to the surface pressure easily. Therefore, the building does not settle down and
tilting of structure was mitigated perfectly in this case as well.

Appendix: Details of Numerical Analysis

Details of mathematical solution:

I P(kN/m?) Friction Hinged
: MARRRRANE) S —
iy s BUERULT—
= h @
i , |«— Sheet-pile wall
! Zone(1) Zone(2)
> b < B > b

Boundary: Horizontal displacement = 0

Below the house (Zone 1, non-liquefiable in cases with diagonal drains),

Strain ¢, = Tyt = —v'e, = —v' x i Poisson ratio, v’ = 1.0 (Undrained, constant
volume in 2-D analysis)
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Volume of lateral soil flow: i x = (2)

Below Free-field (Zone 2),
Volume of flow-in: (2)

v'u(t)B
2

Lateral displacement below the house edge x H =

v'u(t)B Lateral strai v/utB( ion)
ateral strain = & = compression
2H = 2Hb p

(v)’u(r)B
2hb
v’ = 1.0(constant volume)

Lateral displacement =

Vertical strain = ¢, = —(/)’e, = (extension),

(v)’u(t)B

Uplift of the ground surface = Hle,| = A

Elasticity theory in 2-D plane strain conditions:

s,(:l Ox — U0y — 0O,

E
1 . o
&y = 7 ((ry — Vo, — uax) =0, Plane strain condition: o, = v(g, + 0y)

1

& = E (O’Z — VOy — vay)

. _ l —
strain energy = 3 (exox +¢,0,). Because & = —¢, (constant volume)

strain energy = % (0, — gy)
Ety = o5 — v*(0, + 0x) —vo, = (1 — v*)ax — v(1+v)a,

Ec, = 0, — v* (0,4 0y) — 0oy = (1 — vz)az —v(140v)oy

E(e, — &) = (1 +v)o, — (1 +v)oy,

Because of constant volume and v = 0.5: g, — 0x =% ¢,
Strain energy = 2£¢2 in both zones (1) and (2)
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Strain energies in zones (1) and (2) are:

_2E uB 2E B\ ,
QS_?{(E) Bh+(2Hb> bH x 2} 3(;;*%)

Friction energy Qr = 2 x (Frictional stress) x (relative

displacement between house and dry soil) x T
T
Friction stress = oy, tan ¢ = Kyoy tan ¢ = K %tan 0]

Relative displacement = garden uplift — house subsidence

= u(ztl))B +u(r) = (ZIZ + 1)

Q—KySTtan B+1
e A T

Potential energy due to gravity Q, is negative (decrease);

Bu

Oy = —(p+7,T )Bu+2ysTb—+[;{(H—u)z—(H—h)z}
2
n Bu\" 7 p
2<H+2b> 2H1 X b

. M 2 HBu  B*u?

Q. = (y;TB — PB — y,TB)u + 5 [—2Hu+ u*| B+, [T + (P
B B’ B B\ ,

=7 + u> 4+ (—PB — yHB + y,HB)u = °= 1—|—% u”~ — PBu

—%{fﬂ . (H—h)z} xB} +2

4b 2

H
B
Volume of soil flow = /pdz = u77 v =1.0
0

H
E
Strain energy Qy = 2 X / 7(—)
0

Boundary condition at Z=0& Z=H,p=0& M =0
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Conditional minimization of energy:

H

uB .
0=0,+0i+0,+0, ¢ /pdz—7 . Min.
0
H

B
o / pdzf% : Lagrangean multiplier
0

2E §+Bz kP ano( 2 1 ) us 2B (14 B2
3 7 T amp ) Ko ?\2p 2 2b

H 2 2 H
PB +EI/ LA /d “BY . Min
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! dz2 T )
0 0
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H
d?p\ [(d*6p
K1u5u+K25u+2EI/ <d2><dz )dz
0

H

H
ouB uB
—c| [ 6pdz -2 — ¢ dz——1] =0
s/pZ ) /,OZ 3
0 0

for any du & dp & I, this satisfies the boundary condition at Z =0 and Z = H.
By partial integration,

H
2 2
K1u5u+K25u+2EI[<d )(“P)] =7 ( )<d5P>z
0
r ouB R B
- /5pdzf% -G /pdz%)o
0

0

dop d*p "
Kiudu+K,6 2EI —2El| | —
w261 () ()] 2135

ouB B do
—¢ /5pdz—L — g /pdz—u— =0, P _ p=0atZ

=H & 0 (Boundary condition)

4

H H
d ouB B
K1u6u+K25u+/ 2El—f—g 5pdz—gL—5g /pdz—u— =0
dz 2 2
0 0

for any ou & op & 8¢
¢B

d4
21517 =g (4)

For Compatibility of volume flux,
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Integration of (4) for four times:

&p ¢

—FP__= 4C

PR AR

&p o
d7127§+C1Z+C2
dP_ §Z3 Ci,
dfzf@+72 +C2Z+C3

p=i + 82+ G2+ Gzt G at Z=0& Z=H,p=0& M =0
A 3 73 .

o :ﬁ—% + %by using (5): ;:—12%13”

using (3):

PB — Koy, T*tano(£ +1)

u =
2 2
5 (% + %) +B(1+ 3) + 5

This equation gives the maximum possible displacement. For having the time
history of the subsidence the equation of motion should be solved:

d’u du

u =AeXP{—wO(C— V- 1)t}+Bexp{—wO<C+ - 1)z} +'£

7B B b B
m =" (2h+ B) + (Hz—&-bz)—i—g{P—i-yST(l—k— }

6g 6gHb 4b

2E (2B B? B EIB?
k=== + ") +yB|1+— -

3 <h +Hb)“’ < +2b>+60 o

B
f=PB— KoysT2 tan q)(l + %>

According to the Lagrangean equation of motion
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Study on the Effect of Union Basement
on Decreasing Destruction During
Liquefaction

G. Liu, R. Ishikura, N. Yasufuku, K. Kasama and N. Matsuo

Abstract One of the greatest earthquakes in human’s history (9.0 M) occurred in
Japan on March 11, 2011, which also took a tsunami sweeping the Tohuku region.
In this major disaster, around 27,000 personal houses were damaged by liquefac-
tion. On the principle of higher safety and lower cost for the engineering of pre-
venting liquefaction, a new structure form, Three-Union house with basement, is
introduced in this study. Aiming at liquefaction inhibition and the increasing of
stability of foundation, the function of basement for preventing liquefaction is
evaluated by shaking table tests. The factors considered in the test are as follows,
with or without substructure, individual basement or union forms, the weights of
different model. The test result showed that higher stability can be achieved by
Three-Union house with basement.

Keywords Sand - Liquefaction - Shaking table - Excess pore pressure -
Basement - Settlement

1 Introduction

Liquefaction occurred in a wide range from Tohoku to Kanto in Tohoku-Pacific
Ocean earthquake especially in Urayasu City built in a reclaimed land. The super-
ficial zone of ground in this city is mainly consisted of sand with a high groundwater
level around —2.0 to —0.5 m. Since many countermeasures of preventing liquefac-
tion have been developed and applied in the construction of large buildings, there
was relatively less damage to large buildings. On the other hand, the slower
development of protection countermeasures for personal house resulted in more
damages in this earthquake.
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Fig. 1 Three-Union house
with substructure model

Substructure | | Su bstrucmre‘ | Substructure

In this study, a new type of structure form named Three-Union house with
basement shown in Fig. 1 (Tajima 2013) is introduced to analysis the response of
personal house to the liquefaction. In order to look for a structure form with most
effective function of preventing liquefaction, a series of tests were conducted.
Furthermore, the factors were evaluated to analyse the damage of liquefaction,
which includes settlement and inclination of house model, and the excess pore
pressure inside of the ground base. The substructure existing and not, individual or
union forms, the weights of different model are considered when implementing the
shaking table tests.

2 Test Conditions

Ground condition and each sensor setting were depicted in Fig. 2, all tests were
operated in earth’s gravity field. The container is 1800 mm in length and 400 mm
in width. Toyoura sand was adopted as the test material. By water falling method
(Wang 2012), the ground could nearly reach full saturation that was the initial
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Fig. 2 Schematic diagram of the container
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Fig. 3 Dimensions of test models

condition. Adjusting the height of the sandy ground in the container up to 500 mm,
the relative density (Dr) got to around 35 % (Fukutake et al. 2013). The seismic
wave was input in sinusoidal with frequency f = 3 Hz, and the maximum accel-
eration was set to 400 Gal during 10 s for detecting the house performance in the
completely liquefaction environment (Suzuki et al. 2013). The pore pressure
transducers were set inside the ground. The accelerometer was installed on the top
of house model which was used to measure the acceleration in horizontal direction,
while linear variable differential transformer was used to record the history of
settlement.

House model were made of acrylic fibre by 1/50 scale from the size of specified
house. Ground condition and each sensor setting were depicted in Fig. 2 and all
tests were operated in earth’s gravity field (Hayashi et al. 1997). Depending on the
substructure existence or not, individual basement or union forms, and different
weights of models, five patterns was considered in the testing, and the details are
shown in Fig. 3.

3 The Performance of the Patterns Without Substructure

First, the response of Case 0 is analysed in. Figure 4a shows the seismic wave input
to the container, which was recorded by an additional accelerometer from the table.
Figure 4b depicts the acceleration varying with time on the top of house. It reaches
the maximum magnitude around 150 Gal rapidly when the shaking started, then
decreased and kept in a limited range. Note that the acceleration curve deviated
from X-axis, which indicates that the house over turned after 5 s. Figure 4c reveals
that 2-3 s after shaking, the settlement occurred. Then the settlement increased to
30 mm. After that, the house started to incline. But a high angle lean does not
appear in Case 1, and final average settlement is about 21 mm.
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Fig. 4 Responses on shaking test in Case 0. a Seismic wave input. b Acceleration on house
top. ¢ Settlement

The magnitude of pore water pressure (Excess pore pressure ratio) is used to
estimate the extent of the liquefaction, which is defined as (Kasama et al. 2010):

, u
Excess pore pressure ratio = — (1)
O-/

Il

In which, ¢’is effective stress, determined by the upper load, u is the pore water
pressure.

Figure 5 shows the pore water pressure of Case 0 versus time. Figure 5a reveals
that the pore water pressure raised promptly following the shake starting, and was in
a constant level for almost 40 s in spite of the shaking ending at 15 s. The deeper
the soil, the higher the pore water pressure performed. Moreover, it is noted that, the
pore pressure decreased slowly with time, meanwhile, the beginning of dissipating
presents sequential order by depth. Similar phenomenon can be observed in Case 1
as shown in Fig. 6a. It can be found from Figs. 5b and 6b that the excess pore
pressure ratio of Case 0 and Case 1 almost achieved 1.0 in each depth, that is to say,
liquefaction occurred in entire ground. Since the most maximum excess pore
pressure ratio reach 1.0, a relation between the depth and distance from house can
be drawn as Fig. 7.
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Fig. 5 The pore water pressure versus time in Case 0. a Excess pore pressure. b Excess pore
pressure Ratio
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Fig. 7 Maximum excess pore water pressure ratio distribution by depth

4 The Performance of the Patterns with Substructure

In Case 2, Fig. 8 shows the pore water pressure of each depth versus time, it kept
increasing instead of holding a steady level when the shaking stopped at 15 s,
thereafter, the pore pressure dissipated slowly. Furthermore, note that the pore
pressure u did not return back to zero but maintained at a constant value. It is
considered that pore pressure transducers were not of fixed result in declining
during liquefaction occurred in the ground. As a result, hydrostatic pressure went on
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Fig. 8 The pore water pressure versus time in Case 2. a Excess pore pressure. b Excess pore
pressure ratio
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Fig. 9 Modification method
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increasing, so the pore pressure u still kept increasing with these transducers
dropping down. The result of Case 3 and Case 4 is similar to that of Case 2.
To solve this problem in Fig. 9, a new equation form is adopted as,

W =u— Au,

Here u is the original maximum pore pressure, Au is the residual pore pressure,
u' the modified maximum pore pressure (Yoshiaki 1998). The results are rearranged
as shown in Fig. 10. Considering the Case 2, Case 3 and Case 4, most maximum
pore water pressure ratio reached 1.0, which indicates that the ground was com-
pletely liquefied after inputting the seismic load. The comparison of the three cases
reveals that the preventing effect becomes more effective by the order of Case 2,
Case 3 and Case 4. This provides the evidence that Three-Union form have a better
performance than Separate structure form.

5 Weight Effect

Focusing on acceleration on top of house together with the settlement, Case 1, Case
3, and Case 4 will be discussed in this section. The weight of the house model in
Case 4 was changed from 3.6 to 7.2 kg for analysing the weight effects.

As shown in Fig. 11, the settlement increased sharply as shaking started and
reached 15 mm. After that, the settlement increased gradually with time. Final

Fig. 11 Case | acceleration __ s00
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time 2 300
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= 100
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5 -100
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settlement was stabilised at 20.9 mm, meanwhile uneven settlement of house was
less than 1.5 mm in Case 1 (Three-Union house without basement). On the con-
trary, if the substructure exists, the height was 50 mm, such as Case 3 (Three-Union
house with basement), the buoyant force can be calculated to about 3.6 kg, which
equals to the weight of house. As a result, the house was uplifted about 10 mm in
maximum and stabilised at 2.85 mm higher than original position. The uneven
settlement of this case is around 3.05 mm, shown as Fig. 12. For limiting the uplift
problem, the weight of house model in Case 4 added to 7.2 kg which was 2 times
greater than the former Cases. As is expected, the position of house mostly
remained during the test, and settled about 4.67 mm finally, whereas the
non-uniform settlement was up to 9.5 mm as shown in Fig. 13. Larger leaning
happened compared with Case 1 and Case 3.

The comparison on the accelerations is depicted in Fig. 14. Case 1 shows a
lowest response that is only half of the input wave. Both Case 3 and Case 4 exceed
400 Gal and as a result of that, the substructure was embedded into ground foun-
dation. Substructure weight and height will be discussed in the future to decrease
the settlement and acceleration response.
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Fig. 13 Acceleration and 500
settlement versus time
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6 Conclusions

Five different structural performances have been investigated by shaking table test
in gravity field. Several primary results are summarised as follows:

1. Comparing with separate house, three-union form shows higher stability and
lower settlement on liquefied ground condition during earthquakes.

2. Settlement is reduced greatly with the help of substructure. However, the uneven
settlement occurred in this case produced by the buoyancy uplifting the house
during liquefaction. So that water level and model weight become significant
factors to balance the vertical force, which will be considered in the future study.

3. Liquefaction occurred on all patterns in this test condition. It could not indicate a
clear function of basement to restrict the pore water pressure increasing on
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sandy ground. In order to detect the advantage of Three-Union house with
basement, the lower seismic load condition will be carried out in further study.
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Part V
Piles and Retaining Walls



Analysis of the Lateral Force
on Stabilizing Piles in c-¢ Soil

Yi He, Hemanta Hazarika, Noriyuki Yasufuku and Ryohei Ishikura

Abstract In the past, the lateral force on stabilizing piles has been studied by many
researchers. In this study, the lateral force loading on stabilizing piles per unit
thickness is analyzed in a semi-infinite c-¢ soil ground (¢ > 0, ¢ > 0). The soil
arching effects between two neighboring piles are considered. A new formula is
proposed to estimate the lateral load acting on the stabilizing piles. When the
proposed approach is applied on some kinds of c-¢ soil, an invalid value would be
obtained on the failure plane. However, the invalid value can be ignored since it has
little impact on the solution. The in situ observed tests from the literatures are
introduced to validate the proposed approach. The comparison charts illustrate that
the prediction from the proposed approach shows a better agreement with the test
results comparing with the solution from plastic deformation theory.

Keywords Stabilizing piles - Landslides - Soil arching - Slope

1 Introduction

During the past decades, installing rows of drilled shafts for slope stabilization has
been proved to be the reliable and effective technique to prevent excessive slope
movement (Liang and Zeng 2002; Lirer 2012). Such piles are installed through the
unstable soil layer and embedded into the stable layer below the sliding surface.
The slope is enhanced by piles, which are able to transfer part of the force from the
failing mass to the stable soil layer. For passive piles, the lateral force applied on the
piles by the unstable layer is dependent on the soil movement, which is in turn
affected by the presence of the piles.

Evaluating the lateral force loading on the stabilizing piles is of great signifi-
cance for the study of slope stabilization. Referring to the previous research on
estimation of the lateral force of the stabilizing piles, an analysis of piles in a single
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row through plastically deforming ground was described by Ito and Matsui (1975)
based on the theory of plastic deformation, simultaneously, the interaction between
piles and soil are considered. The approach can roughly agree with the observed
values. However, the linear distribution of the lateral force predicted by this method
appears different from many experimental results (Chen and Poulos 1997; Lirer
2012; Fukumoto 1972), which present the nonlinear distribution of the force due to
arching effects in the soil-piles system. Recently, the soil arching theory has been
successfully introduced in soil-structure engineering, such as retaining walls and
piles embankments. Authors believe that Ito and Matsui’s method can be got further
improvement by soil arching theory as well.

In this study, a new formula is proposed to estimate the lateral load acting on the
stabilizing piles in c-¢ soil ground. The distribution of the soil stress exerted on the
piles is nonlinear based on the soil arching theory. To validate the proposed approach,
the in situ tests are introduced. The results indicate that the prediction by the proposed
formula agrees with measured data, but some limitation still exists. Nevertheless,
comparing to Ito and Matsui’s methods (1975), it shows that the proposed approach
has advantage in estimating the lateral force acting on stabilizing piles.

2 Analysis of the Piles
2.1 Soil Arching Effects

In order to estimate the lateral force acting on stabilizing piles, a set of assumptions
in the soils between two neighboring piles were developed in plastically deforming
ground by Ito and Matsui (1975). In this analysis, comparing with the assumptions
of the soil deforming adjacent to piles in Ito and Matsui’s theory, the soil arching
zone in the rear of piles is introduced (Fig. 1). As shown in Fig. 1, the deformation
in the unstable soil layer of thickness H yields the soil arching, whose area is
described by the shaded portion. The plane view of soil deforming between two
neighboring piles is depicted in Fig. 2. Furthermore, a typical cross section, UU’, as
shown in Fig. 3, is employed to display the state of the soil stress in the rear of the
plane AA’ (Fig. 2). In the present paper, the analysis is conducted in two stages.
First, the soil pressure acting on the plane AA’ is analyzed based on the soil arching
theory. Second, considering the squeezing effect between the piles, the lateral force
acting on the piles is calculated.

The soil arching theory has been developed to study on retaining wall based on
the catenary and circle shaped arch respectively (Handy 1985; Wang 2000; Paik
and Salgado 2003). In this paper, some concept of previous study is adopted to
investigate the state of soil stress behind a row of stabilizing piles. The trajectory of
soil arch is assumed to be an arc of a circle, and the direction of major and minor
principal stress in the rear of piles is discussed. Furthermore, in order to inquire into
the state of soil stress in the rear of the plane AA' (Fig. 2), two main assumptions
are made as follows:
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Fig. 1 The soil arching zone
in the rear of stabilizing piles

Fig. 2 Plastic deformation of
soil between neighboring
piles [after Ito and Matsui
(1975)]
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1. When soil layer deforms, the plane AA' (Fig. 2) is in active condition.
2. When the active stress on the plane AA' is analyzed, only the area between the
two parallel lines AG and A'G’ (Fig. 2) is considered, the actual sliding surface

between two piles is ignored.

It is noted that assumption 1 is same as that of Ito and Matsui (1975).
Furthermore, they assumed that the Coulomb’s active earth pressure was applied on
the plane. However, some researches (Janssen 1895; Marston and Anderson 1913;
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Fig. 3 Cross section of Q(x)
deformation in c-¢ soil with
non-uniform pressure on the !

top surface F G
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Paik and Salgado 2003) indicate that the active earth pressure predicted by soil
arching theory provides more accurate result than that by Coulomb’s method. In
this paper, the active stress on plane AA' (Fig. 2) in c-¢ soil is discussed based on
soil arching theory.

When soil layer deforms, the actual soil arching zone would be complicated. In
this study, assumption 2 is utilized to simplify the analysis. The cross section UU’ is
shown in Fig. 3, where the angle between the sliding plane and the horizontal is
assumed to be £. It is noted that a nonuniform pressure Q(x) is applied on the top
surface FG in Fig. 3, which aims at eliminating the effect of tensile zone in c-¢ soil.

The rotation of the principal stress on the line FF' (Fig. 3) is described as Fig. 4.
The trajectory of minor principal stress on the differential element is represented by
the dotted lines, while the major principal stress is the normal of the arch.

Fig. 4 State of stress on
differential element in the soil
arching zone [after Paik and
Salgado (2003)]

—0

A
O . T 7 i
G aas] e/ % o, dz
T =
\XQ\'\ I :/ :
3\\ \\\'/lf/o.l ‘O_
ah, NyéT -~ & 1

D™ A g 3 HZ
o, +do, E
Trajectory of minor

principal stress




Analysis of the Lateral Force on Stabilizing Piles in c-¢ Soil 495

Considering the force equilibrium in the triangular element at point A in Fig. 4,
the lateral stress is obtained as

on = 71 cos” 0+ a3 sin 0 (1)

At an arbitrary point D of the arch, whose original location is point B, a similar
equation is given by

Gan = 01 O8> Y + a3 sin® | 2)

where i is the angle between the normal of the arch at point D and the horizontal,
0. the lateral stress at point D. Considering that the soil is in active state, the Mohr—
Coulomb’s yielding criterion is applied:

03 = 01K, — ZCK;/Z (3)

where, K, = tan’(z/4 + @/2), c is the cohesion of soil. Substituting Eq. (3) into
Eq. (1), the lateral stress at point D is obtained

Gan = (cos® i + Ky sin? §)ay — 2K /2 sin® (4)
Since o, — 03 = 01 — 0,4y, substitution for o, gives
Oy = (sin2 Y + K, cos? 1//)01 — 2cKz}/2 cos> | (5)

where o,, is the vertical stress at an arbitrary point D. As depicted by Eq. (5), the
vertical stress varies with angle w, which changes from @ to 7/2. In this problem, it
seems to be impossible to calculate the vertical stress at every point in the analyzing
zone, so the average vertical stress a, is introduced, which can be expressed as

G =~ 6
in which V is the total vertical stress across the differential element and S the width
of the differential element. The total vertical stress V of the differential element can
be calculated by the following formula:

n/2 /2
V:/ dV:/ oaydA
0 0
af2 ™)

= / [al(sin2 ¥+ Ky cos? ) — 2¢K? cos® | (R - di - sin i)
0

where dV is the differential vertical force on the shaded portion at arbitrary point B,
and dA the width of the shaded portion at point B.
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Substituting Eq. (7) into Eq. (6), and considering S = R - cos 6, the average
vertical stress is obtained as follows

n/2 /2

6V:/ o1 (sin®  + K, cos xp) lﬁ ~dy — /2cK1/2cos lﬁ l/(; dy  (8)

0 0

Integration of Eq. (8) yields
1-K, 2
Oy = 0] (1 _TCOSZ 0) —;K;/z cos® 0 9)

Equation (9) can be rewritten as

36, + 2cK,'* cos? 0
o) = oy +2c CcoS (10)
3—(1—-K,)cos?0
Substituting Egs. (3) and (10) into Eq. (1), the lateral stress is obtained
(cos? 0+ K, sin® 0) 2¢
€K cos?0) — 2K sin 0 11
Oh = 3—(1—Ka)cos29( +3 cos’ ) cK,’* sin (11)

in which 8 = 45° + ¢/2 when the line FF' is in the active condition. In order to
predigest the expression of Eq. (11), let

3 (cos? 0+ K, sin® 0) (12)
3 (1—K,)cos20
and
2 .
:3(COS 0 + K, sin 0) 2CK1/2c0§ 29 _ 2cK1/2§1n 0
3—(1—K,)cos20 3 (13)

= %Ki/z cos? 0 - Koy — 2cK./? sin® 0

Then Eq. (11) can be expressed as

Oph = Kana—v‘FT (14)
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2.2 Limit Equilibrium Equation for c-¢ Soil

As mentioned previously, when the c-¢ soil is in active condition, a tensile zone
exists in the soil, which leads to a complicated analysis for the active tress. To
simplify the analysis, as shown in Fig. 5, a nonuniform load Q(x) is assumed acting
on the top surface of the soil, which would erase the tensile zone. Furthermore, it is
assumed that the angle between the yielding plane and the horizontal in the loaded
cohesive soil is assumed S = 45° + ¢/2.

Figure 5 shows the state of the differential element in loaded c-¢ soil. In the
vertical direction, considering the effect of cohesion at the left edge, the limit
equilibrium equation is set up

yS - Dydz = (Kana'v + T) tan ¢ - D,dz 4+ cDydz+ S - Dydoy (15)

in which T is calculated by Eq. (13), o, the average vertical stress, S the width of the
differential element (S = (H — z)/tan f), D, the clear interval between two neigh-
boring piles, dz the thickness of the differential element. Solving this equation, the
average vertical stress at arbitrary depth in the loaded c-¢ soil is obtained as follows

K, tan ¢ tan f§
B VH[(I *ﬁ) 7(1 7%)} " (Ttan(p+c) |:(1 Z)Kmtanzptan/f 1:|

Oy
1 — Ky tanptan K tan @ H
_ 7\ Kun tan g tan 8
-3
+0( i
(16)
Let
Koo tan @ tan
~ VH[O_%) _(1_§)] (Ttan @ +¢) (1 Z)Kantanq)lan/} .
Oyl = — —
! 1 — Ky, tan @ tan f§ K., tan ¢ H
(17)
Fig. 5 Soil stress on 0x)

differential element in loaded
cohesive soil
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Eliminating the average nonuniform pressure Q(x) with some simplifying
method, the active lateral stress on the plane AA' (Fig. 2) in c-¢ soil is presented by

on = K ([501]., — [501].—o (18)

in which z; is the arbitrary depth of the soil layer, a; is calculated by Eq. (17).

It is noted that, when Eq. (18) is utilized to estimate the active lateral stress in
cohesive soil whose internal friction angle equals to zero, parameter ¢ should be
substituted by a value close to 0, such as 0.01°.

2.3 The Squeezing Effects of the Soil Between Neighboring
Piles

Ito and Matsui (1975) have proposed a plastic deformation model to evaluate the
squeezing effects between two neighboring piles. In the present paper, the concept
used herein is similar to the method used by Ito and Matsui (1975). Furthermore, all
the assumptions given by them are adopted. Equation (18) is substituted for Eq. (8)
in Ito and Matsui’s research (1975), the lateral forces acting on stabilizing piles in
the c-¢ soil is expressed as

1/2
e (P v an g )
! N, tan @

D,
Dy —D, T 9
X {exp( D, N, tanq)tan(g + Z)) - 1}

2tanqo+2N}/2+N¢1/2} 2tan ¢ + 2N5? + N, '/ (19)
— D,

N:/ztan(p—i—Nq,—l N(},/ztan(p—Q—Nq,—l

(sl o)

1/2
D Ny~ tanp +N,—1 D, —D
Dl(—1> xexp( ID 2Nwtan(ptan<g+g>> — Dy
p)

X
D, 4

In c-¢ soil, when Eq. (19) is utilized to calculate the lateral force acting on a
stabilizing pile, an invalid value would be obtained in when z; is very close to the
height of the unstable soil layer H. In other words, the predicted lateral force by
Eq. (19) may be as a negative value when z; approximates to H. It is considered to
be limitation of this approach since the lateral force of the pile in the ground
between the tensile zone and the failure plane should not be negative. An adjust-
ment for this problem is that, if the calculated value is negative in the
invalid-value-area above H, we let it to be 0. That is to say, in a tiny range above the
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failure plane, the lateral force on the piles would be O when the invalid-value-area
exists in the soil ground. Since the invalid-value-area is very small and the lateral
force on the pile at z; = H generally approximate to O for rigid piles, this treatment
of the negative force is reasonable. Furthermore, the range of the invalid-value-area
will be discussed in the following section. On the contrary, if the calculated value
on the failure plane is not negative, it means there is no invalid-value-area in this
kind of soil. In this soil, the lateral forces around the depth z; = H can be calculated
by Eq. (19) directly.

3 Parameter Analysis (The Range of Invalid-Value-Area)

As noted previously, in some kinds of c-¢ soil, an invalid value would be obtained
near the potential failure plane. The area in which the invalid value obtained is
called invalid-value-area. Effective height is defined as the accurate height that the
positive lateral force on piles can be calculated along by Eq. (19). That is to say,
when Eq. (19) is utilized, once the height exceeds effective height the lateral force
would be negative. The ratio H./H versus H with respect to different mechanical
parameters is shown in Fig. 6, in which H. is the effective height, H the height of
the unstable soil layer. Figure 6 displays that the effective height varies with the
mechanical parameters, and the ratio H./H changes from 0.99 to 1. The variation of
the ratio H./H indicates that the only a tiny discrepancy exists between effective
height and the height of unstable soil layer.

In some kinds of soil, when Eq. (19) is utilized the invalid-value-area indeed
exists, it is the limitation of this approach. However, as shown in Fig. 6, this area is
so tiny that it is considered reasonable to neglect it. So in both cohesionless and
cohesive soil, the proposed approach is available for estimating the lateral force on
pile at every depth within H.

4 Experimental Verification

In Ito and Matsui’s research (1975), the theoretical values were compared with the
observed ones, which were obtained by Fukumoto (1972, 1973) in the typical
landsides areas in Japan, including Higashitono, Kamiyama landsides areas. In this
research, for the purpose of comparison, one of the measured data of Fukumoto
(1972, 1973) is used again. The condition of the stabilizing piles in Kamiyama
areas is summarized as follows. The steel pipe piles with the diameter of 318.5 mm,
and wall thickness of 6.9 mm were adopted. All the piles were set up zigzag in two
rows at 4 m intervals, and the line space between two rows was 2 m. The friction
angle, cohesion and unit weight of the soil are 0.01°, 0.41 kg/cmz, 19 t/m>
respectively. Note that the internal friction angles in Kamiyama landslide area is set
0.01°, while the original values of the angles are 0°. As mentioned previously, in
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the cohesive soil, when the internal friction angle equals to zero, a value approx-
imated to O is substituted. It is a mathematic approach to make sure Eq. (19) can
still be used in the case of ¢ = 0°.

In Fig. 7, it is obvious that the distribution of the lateral force computed by Ito
and Matsui’s approach is linear along the stabilizing piles from top of the soil to the
sliding surface. Furthermore, the maximum value calculated by Ito and Matsui’s
method is on the sliding surface, but the observed data shows that the value on the
sliding surface usually is minimum, namely 0. Contrarily, the lateral force from the
proposed method shows the nonlinear distribution, which results from the soil
arching effect. Both the values due to the two theoretical methods are in the same
order of magnitude with the observed ones. Since in the c-¢ soil, the angle of the
soil arching zone is simply assumed to be 45° + ¢/2, and the assumption of tensile
zone is simplified, some discrepancies still exist in the solution. Nevertheless, the
proposed approach shows a more accurate solution for estimating the lateral force
acting in stabilizing piles than Ito and Matsui’s.
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5 Conclusions

The estimation of the lateral force acting on the stabilizing pile due to the soil layer
movement is discussed in this paper. Former theoretical methods proposed by other
researchers show the linear distribution of the lateral force along the unstable soil
layer, which is quite different from the observed value. In this paper, the plastic
deformation theory proposed by Ito and Matsui is modified by considering the soil
arching effect between two neighboring piles, which results in the nonlinear dis-
tribution of the lateral force.

For the purpose of checking the accuracy of the proposed methods, a comparison
is conducted on the cohesive soil between the observed values and this model. The
comparison shows that the proposed formula produces satisfactory results for c-¢
soil.
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Application of Close-Range
Photogrammetry for Post-Failure
Reconnaissance of a Retaining Wall

Yung-Yen Ko, Jen-Yu Han and Jun-Yun Chou

Abstract Typhoons and earthquakes are common natural disasters in Taiwan, and
both tend to cause failures of geotechnical structures. Consequently, there is much
demand for rapid post-failure reconnaissance. Because the failure sites of
geotechnical structures are usually not easily accessible and direct measurements
will be not possible in such situations, close-range photogrammetry, which gives
accurate spatial information about an object at a certain distance, is utilized in this
research to develop an indirect reconnaissance method for geotechnical structures.
For any object that is recorded in a pair of images from different viewpoints, its
relative three-dimensional geometry can be reconstructed without ground control
points using relative orientation between conjugate points in the image pair, along
with a reference scale provided by any in situ object with a known length.
Consequently, the local displacement and deformation of a geotechnical structure
can be solved using this method and its damage state can be evaluated accordingly.
A retaining wall, which was damaged in an M| = 6.5 earthquake occurred on June
2, 2013 in middle Taiwan, is chosen as a case study. Results show that the forward
displacement on the top of the wall can be obtained using close-range pho-
togrammetry based on the relative orientation between an image pair with good
precision. Thus, the proposed method is verified to be applicable for the rapid
reconnaissance of geotechnical structures after failures occurred.

Keywords Geotechnical structures - Post-failure reconnaissance - Close-range
photogrammetry - Relative orientation
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1 Introduction

In Taiwan, typhoons and earthquakes are common natural disasters that tend to
cause failures of geotechnical structures. This is because the heavy rainfalls brought
by typhoons reduce the strength of soil material, and the inertial forces generated by
earthquakes may damage structures. Consequently, there is much demand for rapid
reconnaissance after these failures to assist in the emergency response.

The displacement and deformation of geotechnical structures are important for
evaluating their damage state. However, it is sometimes difficult to approach the
failure site of a geotechnical structure because there could have been no access
originally or access could have been interrupted as the failure occurred. In this case,
the displacement and deformation cannot be closely observed and directly mea-
sured. Thus, indirect inspection techniques are required. Close-range photogram-
metry has been well developed over past years and is capable of giving useful
spatial information about an object at a certain distance away with satisfactory
precision using a nonmetric camera. Therefore, it can be applied in this situation.

In this research, close-range photogrammetry using the relative orientation
technique was applied. This technique is designed to reconstruct the three-
dimensional geometry of any object recorded in a pair of images from different
viewpoints. Compared to classical photogrammetry based on the absolute orien-
tation technique, this approach requires no ground control points and is particularly
useful for rapid measurement of geotechnical structures in an inaccessible site. It
merely requires a pair of partially overlapping images taken from different exposure
stations and a reference scale provided by any in situ object with a known length.
Next, by identifying conjugate points in the image pair, their relative geometry in
the object space can be uniquely solved.

In order to verify the feasibility of close-range photogrammetry using the rela-
tive orientation technique for the damage assessment of geotechnical structures, a
retaining wall failure in an M = 6.5 earthquake in Nantou County in the middle of
Taiwan was chosen for a case study. The wall and its backfill were separated as a
result of shaking with a seismic intensity of up to intensity V on the intensity scale
of the Central Weather Bureau (CWB) of Taiwan, which means the peak ground
acceleration (PGA) ranges from 80 to 250 Gal. The forward displacement on the
top of the wall was estimated using the proposed method with a pair of photographs
that were taken on site and then compared to a direct tape measurement. The results
will be presented later.
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2 Close-Range Photogrammetry Using the Relative
Orientation Technique

2.1 Concept of Relative Orientation

By taking two photographs of the same scene from different viewpoints, a stere-
omodel can be created. To this end, the fact that the projected image rays through
conjugate points (image points in an image pair that correspond to the same object
point) will intersect in space is used to reconstruct the original epipolar geometry of
the image pair. This procedure is known as relative orientation, and can be per-
formed by adjusting the orientation elements of an analog stereoplotter, or by
solving the orientation parameters by measuring corresponding image points.

Assuming that the interior orientation parameters of the images are known, each
image still has six unknown exterior orientation parameters, which are three
position parameters (Xi, Y1, Z;), and three rotation parameters (w, ¢, k). Thus, for
an image pair, there will be a total of 12 unknown parameters. These parameters can
be solved by several approaches, such as dependent relative orientation and inde-
pendent relative orientation.

As an example, in dependent relative orientation, six parameters of one image
along with one position parameter of the second image are first fixed and then the
remaining five parameters of the second image are still to be solved. As illustrated
in Fig. 1, the six parameters of the first image are fixed if the model coordinate
system is defined to be parallel to the coordinate system of the first image. The only
fixed position parameter of the second image is used for the calculation of the
model scale. Consequently, there will be two position parameters and three ori-
entation parameters of the second image that remain to be determined (Mikhail
et al. 2001).

7

=

Fig. 1 Dependent relative orientation
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2.2 Coplanar Condition and Coplanarity Equation

Figure 2 illustrates a pair of partially overlapping images and a pair of conjugate
image points. If the relative orientation of the two images has already been deter-
mined, then the two image rays defined by each image point and its corresponding
perspective center will exactly intersect. The corresponding positions of these two
image points in model space, which correlates to the object space but usually at a
reduced scale, can be defined by this intersection (Mikhail et al. 2001).

The two image rays and the vector connecting the two perspective centers form a
triangle, as shown in Fig. 2. The three sides of the triangle can be expressed as
follows:

ui _X — XLl i _x — X0
. 1 1 .
ar= | == Y -1 :?Ml y—>0 (1)
1 1
| W1 | | Z — 711 | L =/ ]
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52 = |V :k_ Y-, :k_Mg y—=Yo (2)
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_W2_ _Z—ZLZ_ L —f i
B bx X2 — XL
b= |by|=|Yn— T (3)
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where

a; denotes the object space vector that forms the image point on the left image;
ay denotes the object space vector that forms the image point on the right image;
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Fig. 2 Geometry of the coplanar condition
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b denotes the base vector, which is the displacement between the two perspective
centers;

(Xr1s Y1, Z1y) and (X1, Y10, Z; ) are the position parameters of the left image and
the right image, respectively;

(x0, Y0, f) are the interior orientation parameters in the camera;

M, and M, are the rotation matrices of the left image and the right image,
respectively. For example, the elements of M; are functions of the rotation
parameters (wi, ¢, k1) and can be expressed as follows:

Mi] = COS | COSK|; My = COs¢,sin ky1; myz = —sin ¢y;
np; = sin ;g sin ¢; cos kK — €cos g Sin Ky ;
myy = sin ) sin ¢, sin k| + cos w; cos K

mp3 = sin w; cos ¢y;

M3 = COS @1 Sin ¢; cos K1 + sin w; sin ky;

M3z = COS @1 Sin ¢b; sin k| — sin w1 COS Ky ;

m33 = COS @] COS ;.

The triangle formed defines a unique plane and the relationship between the

three vectors ay, ap, and b is called the coplanar condition:

b-(a) xa) =0 4)

This coplanarity equation can be used to determine the relative orientation
between an image pair. As mentioned, this is usually achieved by fixing seven of
the 12 orientation parameters and then solving for the remaining five.

2.3 Projective Geometry

In dependent relative orientation, projective geometry can be used to reconstruct the
original epipolar geometry of an image pair (Cheng 2007). If a point n’ is located
on the right image, then its conjugate point m on the left image should be located on
the epipolar line, of which the line equation can be expressed as follows:

I=Fm'T=0 (5)

where F denotes the fundamental matrix (abbreviated as F-matrix hereafter) that
describes the epipolar geometry of the image pair.

As m-1=0, the constraint of the epipolar geometry can be expressed as
follows:
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mFm'™ =0 (6)

If the interior parameters are known, a C-matrix containing the interior param-
eters can be defined as follows:

1 O —X0
C=10 1 —y (7)
0 0 —f
The F-matrix can be decomposed by the C-matrix and Eq. (6) can be rewritten
as:

mFm'T = mCTECm'™ = 0 (8)

where E denotes the essential matrix (abbreviated as E-matrix hereafter).
If the vectors a; and a; in Egs. (1) and (2) are rewritten as:

1 1 0 —X0 X 1 X
a; = k—M1T L =y = k—M1TC y )
1 _0 0 —f 111 1 1
r _ 7] _.x_ _.X_
o PO 1o
a, = k—Mz L =y = k—MZC y (10)
2 _0 0o —f 111 2 1

b in Eq. (3) is modified into an skew-symmetric matrix Kj:

0 —bz by
K, = bz 0 —byx (1 1)
—by by 0

Thus, the coplanarity equation in Eq. (4) can be expressed as follows:

- ~ _ - _T .
b- (a1 X az) =daj - (b X az) = aleaz = [x1 Y1 1]CTM1KbM;C[X2 » I]T
(12)

Upon comparison of Eqs. (8) and (12), the E-matrix can be expressed as follows:

E = MK,M} (13)
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2.4 Analysis Procedure

The procedure for solving the relative orientation between a pair of images using
projective geometry is as follows:

(a) According to dependent relative orientation, six orientation parameters of the
left image, X1 1, Y11, Z11, ®1, ¢1, and k1, and one orientation parameter of the
right image, X; ,, are first fixed.

(b) Using Eq. (13) and the coordinates of the conjugate points in the image pair,
the E-matrix can be obtained.

(c) Introducing the singular value decomposition technique (Faugeras and Luong
2001) to decompose the E-matrix, the remaining five orientation parameters,
Y12, Zi 5, @, ¢, and x,, can be determined, and the relative geometry between
the two images can be solved.

If an object on the image pair with a known size in the object space and its
observed size in the image space are given, the model scale from image space to
object space can be computed, which can then be used to estimate the actual
distance in the object space from the distance in the image space.

A software for close-range photogrammetry using the procedure proposed above
as well as the minimum square method was developed. Using this software, as long
as a pair of partially overlapping images are imported, a sufficient number of
conjugate points are manually specified, and the distance between two of the
conjugate points is given, the distance between any two conjugate points can be
solved. Figure 3 shows the snapshot of the software execution.

LETTTTERY 2

EX a7 EEWE uR

Fig. 3 Snapshot of the execution of the software for close-range photogrammetry developed in
this study
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3 Case Study of a Retaining Wall Failure

On June 2, 2013, an M = 6.5 earthquake occurred in Nantou County, Taiwan. The
seismic intensity in most areas of Nantou County reached CWB intensity V (80—
250 Gal) and a retaining wall at Lugu Junior High School was damaged as a result
of this intense shaking. The retaining wall and its backfill were separated and a huge
crack on its wing wall was induced, as shown in Fig. 4. If the top of the retaining
wall had not accessible, then it would have been difficult to accurately estimate its
forward displacement, which is important for the evaluation of the damage state of
the retaining wall. Thus, this damage case was chosen to investigate the feasibility
of the method proposed in the previous section for the damage assessment of
geotechnical structures.

A pair of images as shown in Fig. 5 were first acquired in the field. About 20
pairs of conjugate points that were well distributed over the images were chosen to
minimize the error. Using the software developed based on the procedure proposed
in Sect. 2.4, all the relative coordinates of these conjugate points were solved. With
the sizes of some of the objects in the images given (the height of the man in Fig. 5
is 172 cm, and the depth of the unit segment of the wall is 30 cm), the displacement
vector from point B to point A was calculated, and a 31.6-cm forward displacement

Fig. 4 Retaining wall failure case in Lugu Junior High School (left the crack on the wing wall;
right the separation of wall and backfill)
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Fig. 6 Tape measurement of forward displacement on the top of the retaining wall

was thus obtained. This value is close to the 30-cm tape measurement on the top of
the retaining wall, as shown in Fig. 6. The error is less than 10 % and therefore the
accuracy of the close-range photogrammetry using the relative orientation
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technique is considered high enough for the rapid reconnaissance after the failure of
geotechnical structures.

4 Conclusions

In this research, close-range photogrammetry using the relative orientation tech-
nique was introduced for post-failure reconnaissance of geotechnical structures, and
a retaining wall damaged in an M; = 6.5 earthquake was chosen for case study.
Some conclusions can be drawn as follows:

1. By identifying conjugate points in a pair of partially overlapping images taken
from different exposure stations, their relative geometry in the object space can
be uniquely solved using the coplanar condition among the two image rays and
the vector connecting the two perspective centers.

2. Projective geometry accompanied with the singular value decomposition tech-
nique can be utilized to reconstruct the original epipolar geometry of an image
pair. Then, using a reference scale provided by any in situ object with a known
length, the actual distance in the object space can be estimated from the distance
in the image space.

3. According to the case study, the proposed method was demonstrated to be
practical and gave a result that is accurate enough for the requirement of
post-failure rapid reconnaissance.
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Seismic Response of a Newly Developed
Geocell-Reinforced Soil Retaining Wall
Backfilled with Gravel by Shaking
Table Model Test

Han Xinye, Mera Tomoharu, Katagiri Toshihiko and Kiyota Takashi

Abstract A new type of geocell, called square-shaped geocell having straight
longitudinal members with transversal walls at separated locations has been
developed to alleviate the potential problem of geogrid when used as tensile
reinforcement in GRS RWs. In this paper, to check whether geocell-RS RW
backfilled with poorly graded gravels has a substantially high seismic stability, two
shaking table model tests on geocell-RS RW and geogrid-RS RW backfilled in
poorly graded gravels were carried out. A conventional-type RW (i.e., T-shape
RW) was also tested for comparison. It was found that geocell-RS RW model
exhibited more ductile behavior than geogrid-RS RW model and T-shape RW
model from the evaluation of residual sliding displacement and residual overturning
angle of the wall facing. In addition, the dynamic behavior of RW models was
analyzed as a damped single-degree-of-freedom system. The geocell-RS RW shows
similar dynamic strength to the geogrid-RS RW, but a slightly higher dynamic
ductility and damping capacity than geogrid-RS RW.

Keywords Geocell - Geogrid - Reinforced soil + Retaining wall - Shaking table
model test + Dynamic stability

1 Introduction

For the past two decades, geosynthetic-reinforced soil retaining walls (GRS RWs)
with a stage-constructed full-height rigid (FHR) facing have been constructed for
railways, highways, and other facilities and have shown greater seismic resistance
than conventional retaining wall structures (Tatsuoka et al. 2009). Geogrids are
commonly used as planar reinforcements to tensile-reinforce the backfill of RWs,
embankments, and other soil structures.
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(@) Shaking direction (b) Shaking direction

Fig. 1 a Square-shaped geocell model; b diamond-shaped geocell model

However, the GRS RWs with geogrids may encounter the following potential
problems: (1) the geogrid reinforcement is required to use high-quality backfill soil
(i.e., sandy soil with good compaction), while the local soil materials which may be
poorly graded or include larger particles would be inevitably used as backfill. This
would result in a decrease in its deformability, since the bond stress along the
interface between geogrid and the backfill becomes lower than the shear strength of
the backfill to a larger extent with an increase in the backfill soil particle size; (2) for
other GRS structures such as GRS integral bridge (Tatsuoka et al. 2009), the
reinforcement is required to provide a higher pullout resistance due to the larger
earthquake induced by inertial force. In order to alleviate these problems and
improve the seismic performance of GRS RWs, a new type of geocell (Fig. 1a) was
developed by Han et al. (2013), which has a different cell shape compared with
traditional type geocell (diamond-shaped geocell, Fig. 1b), named square-shaped
geocell having straight longitudinal members with transversal walls at separated
locations. The pullout test results indicated that square-shaped geocell shows
negligible progressive deformation and therefore exhibiting higher pullout resis-
tance and initial stiffness than diamond-shaped geocell. Han et al. (2014a) con-
ducted a series of pullout tests using square-shaped geocell models and a prototype
geogrid (i.e., Tensar SS-35) embedded in gravelly soils. The results indicate the
important benefit of square-shaped geocell which can confine large soil particles in
their three dimensional cells and respective cells provide large anchorage capacity
when pull laterally compared with geogrids. What’s more, the seismic performance
of GRS RW using square-shaped geocell (i.e., geocell-RS RW) backfilled with
sandy soil was evaluated comparing to conventional type RW (i.e., T-shape RW)
and geogrid-RS RW by shaking table model tests (Han et al. 2014b), showing that
geocell-RS RW model exhibited slightly higher seismic performance than
geogrid-RS RW model.

In order to check whether geocell-RS RW has a substantially high seismic
stability when backfilled with poorly graded gravels, two shaking table model tests
on geocell-RS RW and geogrid-RS RW backfilled with poorly graded gravels were
carried out. In addition, a T-shape RW model was also tested for comparison.
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2 Experiment Outlines

The model tests were carried out using a shaking table at IIS, the University of
Tokyo. Figure 2a, b shows the cross-sections of geocell (or geogrid)-RS RW model
and T-shape RW model, respectively. Assuming a scale down factor of 1/10, both
geocell-RS RW model and geogrid-RS RW model were constructed by a full-height
rigid (FHR) facing panel having a size of 39.5 cm in width, 50 cm in height,
and 3 cm in thickness. The T-shape RW was constructed by a FHR facing
(39.5 cm-wide X 45 cm-high X 4.5 cm-thick) strongly connected with a
spread-footing foundation (39.5 cm-wide X 5 cm-high X 20 cm-thick). All of these
walls were made of duralumin with a similar density of concrete (pq = 2.7 g/cm?).
The back faces of RWs and the bottom surfaces of the foundation directly contact
with the subsoil and were made rough by being covered with a sheet of sand paper
(No. 150).

As shown in Fig. 2c, geogrid reinforcements used in actual field cases were
simulated by a set of regular grids comprising longitudinal members (made of thin
and narrow phosphor-bronze strips, 0.2 mm-thick and 3 mm-wide) welded at nodes
to transversal members (made of mild steel bar, 0.5 mm in diameter) at intervals of
35 mm. To effectively mobilize friction between the reinforcement and the backfill,
sand particles were glued on the surface of the strips. The geogrid model rein-
forcement was 360 mm (length) X 350 mm (width). As shown in Fig. 2d, the
square-shaped geocell reinforcement consisted of six square cells in the longitudinal
direction and seven square cells in the transverse direction. The height of transverse
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member is 25 mm and the size of each cell is 60 mm by 50 mm. It was made from
polyester (PET) covered with PVC for protection which is a relatively weak
material that can be used in scaled-down model test. Ten layers of reinforcements
were horizontally placed at a vertical spacing of 5 cm in the backfill which was set
by reducing them to a scale of one-tenth of that of actual reinforced soil retaining
walls with a full-height rigid facing constructed in Japan.

As shown in Fig. 2a, b, the thickness of subsoil was 30 cm. The subsoil and
backfill soil were produced by Gravel No. 5 (Dsg = 14.2 mm; U, = 1.44). The
compaction degree was controlled to 100 % (pq = 1.78 g/cm?) by manual hand-held
plate compaction method. Gravels were placed in a number of layers with each layer
compacted to a prescribed dry unit weight while its density is controlled by adjusting
the height of the layer. After filling the gravels, a surcharge of 1 kPa was applied by
placing lead shots on the surface of the backfill to simulate the weight of the road base
for railways or highways. Each retaining wall model was subjected to harmonic
sinusoidal base acceleration motion at predominant frequency of 5 Hz having 20
cycles per stage. The acceleration amplitude was increased stage by stage with a target
increment of 100 gal from 100 gal to until the failure or collapse occurs.

3 Results and Discussions

3.1 Failure Patterns of Models

Figure 3 shows the residual displacement of the wall the backfill, which was
observed at the end of the final shaking step. The values of input base acceleration
required to cause significant deformation of RWs are about 417, 755, and 843 gal
for T-shape RW, geogrid-RS RW, and geocell-RS RW, respectively. Figure 4
shows the cumulative lateral displacements of the wall facing along the height of
the wall as the increasing of the input base acceleration. Due to the rigidity of the
wall facing, the displacements of the top of the wall (i.e., dio, at 50 cm height of
the wall) and the bottom of the wall (i.e., dgjiging, at O cm height of the wall) can be
obtained from the linear extrapolation of the displacements recorded at the height of
5, 25, and 45 cm from the bottom of the wall, as shown the dashed line in Fig. 4.
The lateral displacement at the top of the wall, di., comprised overturning

(a) (b) (c)

[ T-shape RW Backiil: Gravel No.5_| om [ Geogrid-RS RW Backiill Gravel No5 | 10cm [ Geocell-RS RW Backfil: Gravel No.5 | 10cm

E

3

E

Base acceleration: 417 gal Base acceleration: 755 gal Base acceleration: 843 gal

Fig. 3 Residual deformation of wall at failure state: a T-shape RW; b geogrid-RS RW;
¢ geocell-RS RW
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component (i.€., doveruming) and sliding component (i.e., dgjiging)- Therefore, the
actual overturning component can be calculated as the difference between the top
wall displacement and the bottom wall displacement, doyerturning = diotal ~ @sliding-
Figure 5 shows the relationship between the overturning component and sliding
component with the increasing of the input base acceleration. From Figs. 4 and 5, it
is clear to see that the predominant failure pattern of T-shape RW was sliding,
associated with some small component of overturning. For geogrid-RS RW and
geocell-RS RW, the predominant failure pattern was overturning with small com-
ponent of sliding. This can be attributed to different deformation mechanisms,
which will be explained in the next section.

3.2 Residual Deformation of the Wall

Figure 6a compares the residual overturning angle of the facing wall for three
types of RW models. As can be seen, up to a base acceleration value of around
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319 gal no significant difference could be observed. However, under higher base
accelerations (i.e., when the base acceleration was larger than 319 gal), the
residual wall overturning angle accumulated rapidly with T-shape RW. In con-
trast, the geogrid-RS RW and geocell-RS RW exhibited more ductile behavior,
particularly geocell-RS RW showed smaller residual overturning angle for
increasing base acceleration indicating a higher resistance against seismic loading.
The overturning of the facing wall of GRS-RW is mainly induced by the shear
deformation of the reinforced backfill (Nakajima et al. 2010). As can be seen in
Fig. 2e, geocell reinforcement provides a larger pullout resistance than geogrid
reinforcement which increases the stability of reinforced backfill, therefore a
smaller overturning or more ductile behavior of geocell-RS RW with gravel
backfill comparing to geogrid-RS RW.

Figure 6b presents the residual base sliding of facing wall against input base
acceleration for three types of RW models. The T-shape RW, geogrid-RS RW,
and geocell-RS RW showed very limited sliding displacements and no significant
difference could be observed prior to the base acceleration of around 319 gal.
Afterwards, the sliding displacement of T-shape RW was larger than that of
geogrid-RS RW and geocell-RS RW. The sliding displacement of wall facing
mainly depends on the friction between the bottom surface of the wall foundation
and the subsoil. The foundation of T-shape RW is roughed by sand paper
No. 150 and has size of 39.5 cm by 20 cm. However, the foundation of
geogrid-RS RW and geocell-RS RW can be regard as the sum of width of facing
wall and the reinforced backfill zone, which have not only a higher friction angle
between reinforced soil and subsoil but also a wider interaction area, thereby
inducing a lower sliding displacement comparing to T-shape RW. The sliding
displacements of geogrid-RS RW and geocell-RS RW were the same each other
until a base acceleration value of around 468 gal, after which a larger sliding
displacement of geogrid-RS RW occurred. This may be due to the fact that the
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sliding displacement of facing wall of GRS RW is mainly induced by the shear
deformation of the subsoil beneath the reinforced backfill (Nakajima et al. 2010).

In this study, the subsoil conditions were the same for the two types of GRS
RWs resulting in the same sliding displacement before large overturning occurred,
after which the bottom layers of reinforcement (i.e., Layer 1 and 2 shown in
Fig. 2a) may restrict the sliding of the wall to different extents by different rein-
forcements, which result indifferent sliding displacements.

4 Dynamic Behavior as a Damped SDOF System
4.1 A Brief Introduction of SDOF System

From the observation of the dynamic behaviors of the RW in shaking table model
tests, three types RW models (T-shape RW, geogrid-RS RW, and geocell-RS RW)
were modeled as a damped single-degree-of-freedom (SDOF) following the method
developed by Shinoda et al. (2003) and extended by Muifloz et al. (2012).
Equation 1 expresses the motion for a damped SDOF system subjected to base
acceleration, i, measured at the shaking table in this study. The total response
acceleration at the mass, #;, measured at the top of the wall, is the sum of i, and the
acceleration of the mass relative to the base, #, as shown in Eq. 2.

mil, (1) + cit,(t) + ku(t) = 0 (1)
iy = ity + i (2)

where m, k, and ¢ are the mass, the stiffness, and the coefficient of viscosity of the
system, and ¢ is time. In this study, i, is the input harmonic sinusoidal, shown in
Eq. 3.

i, = —oy, sin(w;t) (3)

where oy, is the amplitude of . i is comprised of the transient response, which is
controlled by the initial conditions and decays with time, and the steady-state
response (Eq. 4), which becomes i, (Eq. 1) after the transient response dies out.

iy, = —o sin(wit + @) = —opM sin(w;t + @) (4)

where ¢, is the amplitude of i, M = ooy, is the magnification ratio of acceleration
and ¢ is the phase difference.

In this study, the transient response is recognized only at the first cycle and
ignored in the analysis shown below. For the steady-state response, the values of
M and ¢ can be obtained as
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where ¢ is the damping ratio of the system, S is the tuning ratio.

The values of M and ¢ at each cycle are obtained from a single exact sinusoidal
wave acceleration recorded at the shaking table and the top of the wall. From these
values for M and ¢, the values for f and & in each cycle are back-calculated. These
values for f and ¢ represent the transient stiffness and the energy dissipation
capacity of the respective wall models, which are the two crucial parameters for
analysis of the seismic stability of RWs.

4.2 Dynamic Behaviors of RW Models

Figures 7 and 8 show the dynamic performances of T-shape RW, geogrid-RS RW,
and geocell-RS RW backfilled with gravel in terms of M—f relation and ¢—p relation.
It can be seen that, with each model, the value of £ and the value of ¢ increased with
an increase in the number of shaking cycles and with an increase in input base
acceleration. These trends were different among different models.

~
(=]
~

(b)

~
(<]
~

T-shape RW
Backfil: Gravel No.5

Geogrid-RS AW
Backfill: Gravel No.5

X-Cyc
M=t 71
£-0.3

A\\
74

A

Resoponse ratio of acceleration , M

Resoponse ratio of acceleration , M

Resoponse ratio of acceleration , M
o

0.0 0.5 1.0 15
Tuning ratio , & Tuning ratio , 8 Tuning ratio , 4

Fig. 7 M-p relations for: a T-shape RW; b geogrid-RS RW; and ¢ geocell-RS RW

(a) T-shape RW (b) Geogrid-RS RW (c) 0.5 Geocell-RS RW
O] Baciiit CravelNo's 08 Backiill Gravel No.5
5 L = i = T
8 00h g oo g o &
= = 1INV < [rmwvv
> > > a
&1.0
5 5 o5 3 s N
5 1] A 1 S A "
3 3 3
E=S £ -1.0] £ 1 2 —{ & 0.6
5 £ g -3
2 2 a 2
=04 =
o - —— &od @ [T T = &03
29 -2,
0.0 05 1.0 15 0.0 05 1.0 15
Tuning ratio , 8 Tuning ratio , Tuning ratio , 8

Fi

i
(5]

. 8 ¢—p relations for: a T-shape RW; b geogrid-RS RW; and ¢ geocell-RS RW



Seismic Response of a Newly Developed Geocell-Reinforced ... 521

4.3 Comparison of Dynamic Stability
of Different RW Models

The dynamic stability of the retaining wall models was evaluated from the fol-
lowing aspects: (1) dynamic strength; (2) dynamic ductility (or softening rate);
(3) damping capacity at failure state.

4.3.1 Dynamic Strength

The failure of full-scale retaining wall structures is usually defined as the defor-
mation of the wall (i.e., sliding of the wall or overturning of the wall), settlements or
bumps of the backfill, cracking of the concrete walls, etc., which exceed the
specified serviceability limit values. In this study, the dynamic strength of a RW
model against failure is defined as the value of response acceleration amplitude at
the top of the wall, o, at resonance state, where the magnification ratio, M, becomes
maximum; and the value of f becomes ff = Sresonance- At this state, the retaining wall
model exhibits significant deformation.

Figure 9a shows the relationship between tuning ratio, 5, and response accel-
eration at the top of the wall, o,. It is shown that, with an increase of tuning ratio, 5,
the response acceleration at the top of the wall, a,, increased and the largest ¢, takes
place as 8 approached unity. As can be seen, geocell-RS RW showed almost similar
dynamic strength with geogrid-RS RW, but both showed higher dynamic strength
than T-shape RW.
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Fig. 9 a Relationship between tuning ratio, f, and response acceleration at the top of the wall, oy;
b relationship between base acceleration, ay, and tuning ratio, 8
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4.3.2 Dynamic Ductility

Tatsuoka et al. (2007, 2012) has demonstrated that a higher dynamic ductility
means a lower speed to reach resonance state, at which failure of the structure may
occur. Figure 9b shows the relationship between base acceleration, a;,, and tuning
ratio, 5. Smaller increasing rate of tuning ratio, §, with the input base acceleration
level and number of cycles implies a higher dynamic ductility. Therefore, the
increasing rates of tuning ratio, £, with the input base acceleration level and number
of cycles of geogrid-RS RW and geocell-RS RW were much smaller than that of
T-shape RW, indicating that GRS RWs with geogrid and geocell reinforcements
have higher dynamic ductility than conventional type RW (i.e., T-shape RW).
Furthermore, the increasing rate of § of geocell-RS RW became smaller than that of
geogrid-RS RW when the base acceleration, a;,, was larger than around 500 gal.
This result indicates that GRS RW with geocell reinforcements can decrease the
rate approaching to resonance state, thus increase the dynamic ductility, comparing
to that with geogrid reinforcements.

4.3.3 Damping Capacity

As shown in Figs. 7 and 8, at resonance state, the value of damping ratio of
geocell-RS RW (¢ =0.368) was relative larger than that of geogrid-RS RW
(¢ =0.3317), which resulted in a relative smaller M value for geocell-lRS RW
(M = 1.71) compared with geogrid-RS RW (M = 1.83), therefore a slightly higher
dynamic capacity of geocell-RS RW. In GRS RW system, the damping ratio, &, is
controlled by the following factors: (1) the material damping (i.e., facing wall
material, backfill soil and subsoil material, and the reinforcement material); (2) the
interaction among the components of GRS RW system (i.e., the connection
between the wall and reinforcements, the interaction between the reinforcements
and backfill soil). In this case, under otherwise the same conditions, factor (2) be-
comes more significant due to the fact that geocell reinforcement may provide a
relative better confinement of larger backfill soil particles, which make a good
contact of the wall facing with the backfill soil.

5 Conclusions

The seismic performance of geocell-RS RW backfilled with poorly graded gravels
was evaluated by shaking table model tests, as well as geogrid-RS RW, T-shape
RW. The geocell-RS RW exhibits the most stable seismic behavior and the con-
ventional type RW (i.e., T-shape RW) shows the least stable seismic behavior
among three RW models. The main conclusions can be summarized as follows:
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e The predominant failure mode of geocell-RS RW is overturning which is similar
with geogrid-RS RW, but the seismic resistance of geocell-RS RW is slightly
higher than that of geogrid-RS RW from the evaluation of input base acceler-
ation which induce the failure of the RW. Meanwhile, the predominant failure
mode of T-shape RW is sliding.

e From the evaluation of overturning angle of facing wall, geocell-RS RW shows
more ductile failure behavior than geogrid-RS RW due to higher pullout
resistance of geocell reinforcements compared with geogrid reinforcements
when backfilled with gravel. T-shape RW shows brittle failure behavior.

e The dynamic behavior of RW models is analyzed as a damped
single-degree-of-freedom system. It is found that geocell-RS RW shows similar
dynamic strength, but a slightly higher dynamic ductility and damping capacity
than geogrid-RS RW.
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Ultimate Lateral Resistance of Piles
in Soils Based on Active Pile Length

Mary Roxanne Aglipay, Kazuo Konagai,
Takashi Kiyota and Hiroyuki Kyokawa

Abstract Simulation of the in situ behavior of pile foundation is necessary in the
seismic design and assessment of piles for target structural integrity and performance
during earthquakes. Having the mere presence of the soil and the pile in this foun-
dation system, the complex behavior of piles is generally captured by the soil-pile
interaction. In this research, a simple parameter called the active pile length, L,, which
is reflective of the deformation of pile relative to the stiffness of the soil, is explored to
describe the ultimate lateral resistance of the soil. The idea is based upon the defor-
mation of flexible piles commonly used in engineering practice. When piles are
induced by a lateral load, the pile deforms significantly in the region near the ground
surface and decreases with increasing depth. This region of significant deformation
down to the negligible point along the pile depth is defined as the active pile length, L.
During the event of nonlinear excitation, a soil wedge is formed in the passive region
along this active pile length. This soil wedge is indicative of the ultimate side soil
resistance, and thus can be inferred to be described by L,. To simply investigate, a
simple plane strain condition using 2-D finite element method in nonlinear analysis is
done to obtain the behavior response of a single pile embedded in a homogeneous soft
soil. The elasto-plastic behavior of the soil is modeled using the subloading ¢; model
and the pile is modeled as a 2-D continuum based beam element. Deformation of the
pile and corresponding surrounding lateral soil deformation are analyzed. The
potential of this simple concept of active pile length to describe the nonlinear response
of piles embedded on soft soils is presented for more practical approach in the seismic
design and assessment of piles.
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1 Introduction

Piles are usually used as deep foundations for important structures, or structures
supported by soft soils. These piles are most susceptible against external lateral
loads like the seismic waves induced by occurrence of earthquakes. In this case, the
definition of ultimate lateral resistance of piles is necessary for design and
assessment of piles for target structural integrity and performance during
earthquakes.

The lateral resistance of piles is governed by the soil-pile interaction, since the
piles and the soil are mutually dependent from each other, such that when the pile is
induced by a lateral load, it deforms relative to the deformation of its surrounding
soil (Konagai et al. 2003). Many researches on soil pile interactions have been done
especially in the advent of high computing powers where rigorous solutions can be
done for any complex soil-pile configuration. However, it is still warranted espe-
cially in the engineering practice that simple yet high caliber solutions can be
available. In this study, it is aimed that a simple parameter, active pile length L,
reflective of the soil-pile interaction, is used to rationally define the side soil
resistance. For flexible piles commonly used in engineering practice, the defor-
mation of the vertical beam when induced by a lateral load at its pile head, is
observed to be significantly prominent in the region near the ground surface and
decreases with increasing depth. Within this region of deformation, the pile can be
described as a cantilever beam, assuming fixity at negligible deformation. This
region is called the active pile length (see Fig. 1). During a nonlinear event, a soil
wedge is pushed up in the passive region along this active pile length. Thus, the
ultimate lateral resistance, represented by the soil wedge, is inferred to be described
by the simple concept of active pile length.

Fig. 1 Formation of soil Uypilehead
wedge along the active pile P =
length, L, (fixed head)
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2 Numerical Modeling

To simply investigate the idea of the nonlinear response of piles against the sur-
rounding soil, the pile-soil system is modeled as 2-D plane strain condition using
the finite element method. A single pile is embedded in a homogeneous soil. In this
case, the head of the pile is assumed fixed. The subloading #; model (Nakai et al.
2011) is used to describe the elasto-plastic behavior of soils. The beam is modeled
using a continuum-based beam element (Yoon et al. 2012) in elastic case. The pile
head is slightly protruding from the ground level for the application of the lateral
loading. The lateral load is applied monotonically until the pile head reaches 1 m
displacement. A joint element is introduced between the soil and the pile to simulate
the slipping of soil against the pile during nonlinearity though separation between
the soil and pile is not taken into account. The angle of internal friction used in the
pile-soil interface is 25° (Wakai et al. 1999). The bottom ends are fixed in x and
y directions, while the sides are fixed at x direction only. Figure 2 shows the
soil-pile configuration. The actual length of the pile, L,, is equal to 10 m and the
soils at each side of the pile are dimensioned as 19 m x 10 m. There are a total of
1660 quadrilateral isoparametric elements for soil, 21 beam elements and 40 joint
elements.

The pile and soil parameters used are shown in Tables 1 and 2, respectively. In
this study, eight cases were simulated varying the initial void ratio of the soil and
the elastic Young’s modulus of the pile. The soils were taken into account using
initial void ratios of 0.9 and 1.0 for Toyoura sand (TS) and 0.7 and 0.8 for the
Fujinomori clay (FC). These material parameters were calibrated from the drained
triaxial results (Kyokawa 2011). While the initial void ratios are varied, the
Young’s moduli were also varied to account the effect of change of pile rigidity.
Elastic Young’s moduli, E,, 0.30 and 3.0 GPa, were considered in this study.

top of pile is 0.05m from the ground

Legend
i surface (fixed head condition)

Pile (Linear Elastic)
I soil (Elasto-Plastic Subloading T;)

10m

Li

19m ! 19m
im

Fig. 2 Soil-pile system
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Table 1 Pile parameters

Elastic young’s modulus, E;, (GPa) 0.30/3.0
Width, b (m) 1.0

Table 2 Soil parameters

Material parameters Fujinomori | Toyoura sand (TS)
clay (FC)
Compression index A 0.104 0.070
Swelling index K 0.010 0.0045
Stress ratio at critical state R.s |3.50 3.20
Shape of yield surface P 1.50 2.00
Void ratio at normal consolidation at P, = 98 kPa |enc | 0.83 1.10
Atmospheric pressure (kPa) P, 98 98
Controlling decay rate of the influence of density |a 500 33
Poisson ratio v 0.2 0.2
Unit weight (kN/m) Y 20.2 19.5
Initial void ratio e 0.80/0.70 1.0/0.9

3 Active Length

The behavior of piles embedded in soil is generally governed by the deformation
along its length. For flexible piles, which are commonly used in practice, when the
pile head is induced by a lateral loading, the deformation at the upper region along
its length is significant and decreases along increasing depth until it reaches a point
where it becomes negligible or can be considered as zero bending. Within this
region of significant deformation, pile can be described as a cantilever beam,
assuming fixity at negligible deformation.

In the engineering practice, the active length used for pile design is derived from
Chang’s formula (Eq. 1) (Chang 1937). This provides the measure of the stiffness
of piles relative to the surrounding soil. Having a unit of m™ ", the inverse of this
was thought of as characteristic length of the pile, L, as expressed in Eq. 2 (Van
Impe and Reese 2001)

knb
= ‘/Z4Ep1p (1)
L, = % )

where ky, is the coefficient of horizontal subgrade soil modulus, b is the pile width
and E,l, is the pile stiffness.
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From Eq. 1, the characteristic length in this case is a function of the coefficient of
the horizontal subgrade soil modulus and the width of the pile. However, kb is not
an inherent characteristic of the soil but rather dependent on the pile geometric
properties. Therefore, a more rational definition was proposed by Konagai et al.
(2003) to describe the pile deformation in terms of its stiffness with the surrounding
soil stiffness given in Eq. 3.

E,l
L, = V422 (3)
u

where p is soil shear modulus, and Ey/, is the pile stiffness.

This characteristic length is closely related to the active length by factor o as
given by Eq. 4 as generally observed in some formulas proposed by proposed
Randolph, Velez, and Gazetas (Konagai et al. 2003; Velez et al. 1983; Randolph
1981; Gazetas and Dobry 1984).

L, = oL, (4)

However, practical classification of soil profiles is necessary to provide o for
different soils (Konagai et al. 2003). Nevertheless, there are studies that provide
definition of cutoff point for the active pile length to be considered as negligible
deformation or zero bending. Velez et al. defined the active pile length, L,, to be the
length until it reaches a point along the pile length where the pile’s lateral dis-
placement is 5 % of the pile head displacement. Wang and Liao used 0.3 % of the
pile head displacement as the fixity point. In this paper, the point of fixity or zero
bending is based on the study of Velez et al. (1983).

The deformation of piles along the soil depth is observed along progressive pile
head deformation. Active pile length is derived at lateral pile head displacements:
0.05, 0.1, 0.2, 0.3, 0.4, 0.5, 1.0, and 1.8 m as seen in Fig. 3. The y-axis in Fig. 3 is
the soil depth with zero as the bottom of the soil layer. As seen in the case of piles
embedded in FC with initial void ratio, ey = 0.7 with pile elastic Young’s moduli

(a) (b)
10 10
9 9
8 8
E 7 E 7
= 6 uy=0.05m = 6
k= 5 ——uy=0.10m a 5
8 uy=0.20m 8 uy=0.05m
4 uy=0.30m 4 uy=0.10m
= = uy=0.20m
3 ;3 ——uy=0.40m z 3 ——uy=0.30m
1%} X ——uy=0.50m %} ——uy=0.40m
2 uy=1.0m 2 ——uy=0.50m
= ——uy=1.0m
L uy=1.8m 1 uy=1-80m
ol | _X_ Active Length CutOff = S%uy 0 X Active Length CutOff = 5%uy
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Pile Head Displacement (m) Pile Head Displacement (m)

Fig. 3 Pile deformation along the soil depth at different pile head displacements for FC with
initial void ratio ey = 0.7 and a E, = 0.3 GPa and b E, = 3.0 GPa
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(Ep) equal to 0.3 and 3.0 GPa, the active pile length is observed to be longer with
piles having higher E,,. It is to be noted that for piles having higher E,, the active
pile length comes closer to the actual pile length, i.e., L,/L; is near 1. Thus, the
bottom boundary condition may affect the pile deformation such as restricting the
pile deformation, consequently restraining the supposed progression of the active
pile length. This should be further investigated in the next studies.

Generally, for this case with actual pile length, L, = 10 m, the active pile length
seems to be constant despite progressive pile head deformation as seen in Fig. 4. In
Fig. 4, considering the piles having E;, = 0.3 GPa embedded in FC and TS, it can
be observed that at smaller pile head deformations, the active length are generally
the same, then it starts to deviate from each other. For piles with small pile stiffness
and embedded in the lowest initial void ratio of both type of soils, the active length
continues to progress with increasing pile head deformation. The reason for this is
that the low pile stiffness gives small resistance against the deformation of their
surrounding soil, thus, inevitably follows the deformation of their surrounding soil.
With the soil having high initial void ratio, it entails larger deformation capacity. So
it can be observed that with looser soil, the longer the active pile length is. For the
case of Toyoura sand, while there is a difference in the active pile length for piles
embedded in soils with e, = 0.9 and 1.0, the difference is very small. This is due to
the soil being too loose and with piles having very low stiffness. Significant dif-
ference can be seen by increasing the E;, of flexible piles, reflective of the actual E,
used in engineering practice, shown in the next papers.

Looking closely at the piles with E, = 3.0 GPa, it can be observed that for the
same type of soil, there is no difference in the active pile length. This is attributed to
the effect of the bottom boundary condition, restraining the supposed active length
of the pile, thus a saturation point is reached. In the next studies, this will be
discussed together with the other parameters that affect the active pile length.

(@) (b)

10 10
g9 === ===—————=——————C

: 8 . 8 e

< £ S| e T
g 7| a7
= =
g 6 - -~ B=0.3GPa, ¢,=0.7 8 6 - -~ - E=03GPa,e,=09
o 5 —— E=3.0GPa, e,=0.7 o S E=3.0GPa, ¢,~0.9
a4 - - - - B=3.0GPa, ¢,=0.8 a4 ——E=03GPa, e=1.0
123 o
s —— E=0.3GPa, =08 23 ---= E=3.0GPa, e,=1.0
5 2 g 2
< 1 Fujinomori Clay < Toyoura Sand

0 0

0 0.5 1 1.5 2 0 0.5 1 1.5 2

Pile Head Displacement (m) Pile Head Displacement (m)

Fig. 4 Active pile length at progressive lateral pile head displacements for the eight cases of piles
embedded in a FC and b TS
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4 Soil Displacements Around Laterally Loaded Pile

Based from the numerical simulations, upon application of lateral load to the pile
head at a rate of 0.002 m/s, a triangular wedge is progressively formed at the
passive region, at the same time an active wedge is moving with the pile. Along
with the deformations of the pile, a local bulging around the pile surface appears
upon reaching large deformations. In this event, soil in the passive region is being
pushed upward with the soil surface not even with the pile head, indicating spillage
over the pile in the real scenario (see Figs. 5 and 6).

The load-deformation response is derived at the pile head and the natural
responses can be observed for all the cases seen in Fig. 7. In these figures, it can be

Fig. 5 Progressive deformation around a laterally loaded pile (FC, E, = 0.3 GPa, e, = 0.8,
uy = pile head lateral deformation)

Fig. 6 Progressive deformation around a laterally loaded pile (TS, E, = 0.3 GPa, ¢, = 1.0,
uy, = pile head lateral deformation)
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Fig. 7 Lateral force at the pile head with progressive pile head deformation of piles embedded in
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observed that the lateral load—pile head deflection curves for the same type of soil is
only affected by the pile stiffness and not a function of initial void ratio at small
deformations around 0.1 m (less than 1 % of the pile width). Beyond such a point,
the curves deviate and the following characteristics are generally observed:
(1) Having the same pile stiffness, the looser soils have lower response curve than
the relatively denser soil, and (2) Having the same type of the soil, the stiffer piles
have higher response curve than the piles with lower pile stiffness. The difference of
the response curves in the Toyoura sand for piles of different stiffnesses are not
significant due to the relatively smaller stiffnesses of piles used embedded in loose
sand.

In Fig. 7, as the lateral force at the pile head reaches higher deformations, a
straight line starts to appear after the nonlinear region indicating the point of ulti-
mate lateral resistance. This is emphasized in the lateral load-pile head displacement
curves for the cases of: (1) FC having £}, = 0.3 GPa and ¢, = 0.8 and (2) TS having
E, = 0.3 GPa and ¢, = 1.0 (see Fig. 8). In this case, the induced displacement is
increased to 1.8 m to see clearly the formation of the straight line right after the
nonlinear region. This appeared at 1.0 m for piles embedded in FC (Fig. 8a) and
0.7 m for piles embedded in TS (see Fig. 8b).

Given the active length, the pile resistance can be derived assuming a cantilever
beam of that length. The side soil reaction is derived from getting the difference
between the lateral force-pile head displacement curve and the pile resistance based
on active pile length. In Fig. 8, we can observe that the side soil reaction becomes
constant despite increasing pile head deformation. This constant value is the ulti-
mate lateral resistance of piles which is derived for all cases. The plateau region of
the side soil resistance curve is found to be coincident at the starting point of the
appearance of straight line after the nonlinear region of the lateral force—pile head
displacement curve. Thus, the active pile length is a key parameter to describe the
ultimate lateral resistance of piles.

However, some softening behavior can be observed in the side soil reaction
curve. This can be attributed with the soil pushed up at very large deformation. In
this condition, the soil surface is not in contact with the pile head. Thus, it loses its

(a) (b)
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1400 Lateral lforcc at Pile Head, P Lateral Force at Pile Head, P
Pile Resistance 1400 Pile Resistance
. 1200 | —Side Soil Reaction 1200 Side Soil Reaction
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o 800 > 800
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Fig. 8 Lateral force-pile head deformation curves for a FC, ¢y = 0.8, E = 0.3 GPa and b TS,
e¢o = 1.0, 0.3 GPa
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support to the pile interface. These are manifested in Figs. 5 and 6 which show the
soil behavior around the laterally loaded pile between piles embedded in
Fujinomori Clay and Toyoura Sand. Nevertheless, the peak side soil reaction force
is assumed as the point where the side soil reaction becomes constant despite
increasing pile head displacement.

5 Conclusion

Within this range of soil properties considered for clay and sand, the lateral force at
the pile head is not affected by the initial void ratio but a function of the pile
stiffness at smaller deformations, less than 1 % of the pile width. In addition, the
active pile lengths are generally the same at smaller deformation for piles having the
same stiffness, and starts to deviate from each other as the pile head displacement
increases. For piles embedded in the same soil, the active pile length is longer for
piles with higher elastic Young’s modulus or higher pile stiffness. In view of this, a
saturation point may exist for piles with active pile length coming close to the actual
pile length because of the restraint given by the bottom of the pile. Parametric
analysis on the pile length, pile width, and other factors deemed to affect the active
pile length is to be done on the next study.

The use of active pile length to get the pile resistance along the deformed length
and derive the side soil reaction from the load-deflection response curve at the pile
head is indicative that the active pile length is a key parameter to define the ultimate
lateral resistance. In the event of the nonlinear scenario, the wedge is pushed up in
the passive region along the deformed region of the pile. This soil wedge can be
described by its weight, size, and shape, which could be represented by the unit
weight of the soil and the failure plane between the pile and soil using Rankine
coefficient of passive earth pressure. Therefore, the active pile length together with
these important soil parameters has the potential to evaluate the soil wedge,
indicative of the ultimate lateral resistance of piles.
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Effect of Backfill Reinforcement
on Retaining Wall Under Dynamic
Loading

Babloo Chaudhary, Hemanta Hazarika and A. Murali Krishan

Abstract This paper presents numerical analysis of a reinforced soil retaining wall
under static and dynamic loading. Finite difference programme, FLAC, was used to
analyze behaviour of the reinforced soil retaining wall. In the analysis, behavior of
soil-wall interaction, soil-reinforcement interaction has been considered. Analyses
were conducted using different backfill conditions and loading conditions. The
lateral displacement and earth pressure were analysed in order to evaluate the effect
of reinforcement on the retaining wall. Comparisons were made between unrein-
forced (conventional) and reinforced soil retaining wall. The results show that
length of the reinforcing layer affects earth pressures as well as lateral displacement
significantly. Incremental dynamic earth pressure was affected by length of rein-
forcing layer.

Keywords Retaining wall - Reinforced soil - Seismic earth pressure - Lateral
displacement

1 Introduction

Use of reinforced soil retaining wall has been increased tremendously during past
few decades. The soil reinforcement, either relatively inextensible metallic or
extensible polymeric reinforcement, performed well during earthquake. But few
retaining walls were damaged during past earthquakes (Bathurst and Cai 1995). The
stability analysis of reinforced soil retaining walls under dynamic loading is very
important for the safe performance of these structures in earthquake prone area and
has drawn attention of researchers. Accurate prediction of earth pressures and
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deformation; these are the essential parameters for the safe design of these
structures.

There are various methods to analyse the retaining structures (e.g. Pseudo static
method, Pseudo dynamic method, Horizontal slice method, etc.). The Pseudo static
method (Bathurst and Cai 1995; Greco 2014; Hazarika 2009; Mononobe and
Matsuo 1929; Okabe 1924) is a popular method in which inertia forces acting on
soil mass during earthquake is taken into account. Earthquake forces will be con-
sidered as equivalent static forces using horizontal and vertical acceleration coef-
ficients. Mononobe and Matsuo (1929) and Okabe (1924) developed a limit
equilibrium approach using Coulomb’s earth pressure theory. The earthquake for-
ces were considered as equivalent static forces using horizontal and vertical
acceleration coefficients. This method is known as Mononobe-Okabe
(MO) method. Bathurst and Cai (1995) discussed the seismic stability analysis of
geosynthetic reinforced segmental retaining wall. The dynamic earth pressure was
derived using MO method for pseudostatic approach. The dynamic earth pressures
can be obtained as follows:

PAE :C(liKv)KAE’YH(l :tKV)KAE :KA+AKdyn (1)
Apdyn = PAE — DA, (2)

where pag = Seismic active earth pressures on the wall, C = Constant,
Ky = Vertical seismic coefficient, Kag = Dynamic active earth pressure coefficient,
v = Unit weight of the soil, H = Height of the wall, K, = Static active earth
pressure coefficient, AKgy, = Incremental dynamic active earth pressure coefficient,
Apgyn = Incremental dynamic active earth pressure and p, = Static active earth
pressure on the wall.

Hazarika (2009) proposed a new formulation by taking into account of pro-
gressive failure of backfill soil as well as shape of failure plane (combination of a
curved lower part and a straight upper part). It was observed that the MO method
underestimates seismic active earth pressure and overestimates domain of failure
zone, especially under intense seismic excitation. Pseudostatic method does not
consider time effect and shear and primary wave propagation through body of soil
mass. This demerit of the method has been solved in the pseudo-dynamic method
(Choudhury and Nimbalkar 2006; Nimbalkar et al. 2006). Choudhury and
Nimbalkar (2006) and Nimbalkar et al. (2006) discussed pseudo-dynamic method
and analysed retaining wall considering time effect and shear and primary wave
propagation through body of soil mass. It was observed that pseudo-dynamic
method gives better result than pseudostatic method.

Researchers performed experimental studies to understand behavior of rein-
forced soil retaining walls including studies of full-scale structures
(Kazimierowicz-Frankowska 2005) and reduced-scale models (El-Emam and
Bathurst 2007; Krishna and Latha 2007; Krishna and Latha 2009; Wu and Pham
2013). El-Emam and Bathrust (2007) performed a reduced-scale model shaking
table tests and show that reinforcement design parameters (i.e. stiffness, length and
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vertical spacing) affect the earth pressures and lateral displacement. The earth
pressure and lateral displacement decreases with increase in number and length of
reinforcing layers. Bilgin and Mansour (2014) discussed effect of reinforcement
type on mechanically stabilised soil retaining wall and show that length as well as
spacing of the reinforcement affects the performance of reinforced soil retaining
wall. Krishna and Latha (2007) suggested that seismic deformation is inversely
proportional to initial relative density of backfill. Hazarika (2000) used lightweight
deformable geofoam/EPS for soil retaining walls, which was proved effective to
reduce earth pressure on the retaining wall.

Numerical analysis of reinforced soil retaining wall is more economical than
those from physical model tests. Numerical analyses are much more rigorous than
conventional limit equilibrium approach as they satisfy force equilibrium condition,
strain compatibility condition and constitutive material laws. Both qualitative and
quantitative performances could be obtained from numerical investigations. Rajeev
(2012) showed results of an investigation aimed to assess the appropriateness of
using the MO method for determining dynamically induced lateral earth pressures
on the retaining walls having a granular backfill. Reliability of the results obtained
with DIANA was assessed through a comparison with available results of analyses
performed using FLAC. Chen et al. (2013) performed a numerical analysis for
behaviour of geocell-reinforced retaining structures using FLAC and show that the
structure with longer length of geocells performs well in reducing deformation of
the structure and decreasing potential slip zone. EI-Emam et al. (2004) performed a
series of reduced-scale shaking table tests to investigate response of reinforced soil
retaining walls for different base accelerations. They performed parametric
numerical studies using FLAC to evaluate the effect of base acceleration on the
performance of reinforced soil retaining wall.

Since considerable interest has been shown in reinforced soil retaining walls
with normal spacing between layers of reinforcement (Bathurst and Cai 1995;
Bilgin and Mansour 2014; El-Emam and Bathurst 2007; Krishna and Latha 2007)
but there is no sufficient information available for the reinforced soil retaining walls
with larger spacing between layers of reinforcement. For better understanding of the
reinforced soil retaining walls with larger spacing between reinforced layers, this
paper discusses the earth pressures and lateral displacement of reinforced soil
retaining walls using FLAC under static and dynamic conditions. Several numerical
model tests were performed under different field conditions and different loading
conditions. Parametric studies were also carried out to understand the behavior and
mechanics of soil wall system.

2 Numerical Modelling

A two-dimensional finite difference numerical model was developed by using
FLAC (Itasca 2008). Foundation and backfill soil was modelled using elasto-plastic
and Mohr—Coulomb constitutive model. Height of the wall was 5.00 m, width
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0.30 m and of unit length in plane strain direction. The retaining wall facing was
assumed to be made of concrete and was modelled as linear elastic material.
Properties of the material of the wall facing are given in Table 1. The backfill and
foundation soil was modelled as a dry, cohesionless and homogeneous material
with elastic plastic response and Mohr—Coulomb failure criterion. Properties of
backfill soil and foundation soil are shown in Table 2. The soil profile was assumed
as homogeneous throughout retaining wall and the water table was assumed to be at
a great depth so there was no effect of water table on the model response. The
reinforcement was made of strips of phosphorous bronze material and was mod-
elled as cable element with zero compressive strength. The length of the rein-
forcement is kept same (either 2 m or 4 m) in each reinforced soil retaining wall
(cantilever type retaining wall) model. No relative movement was permitted
between backfill grid points and reinforcement nodes. The soil-reinforcement
interaction was incorporated in the model. At the bottom plane of the model, all
movements were restrained. Stability of the retaining wall was checked every time
when a new layer was placed. Quiet boundary condition is applied during dynamic
motion to avoid wave reflections. A damping ratio of 5 % was taken into account.
Dynamic loading was applied in the form of sinusoidal velocity wave (Eq. 3) at the
base of foundation soil corresponding to 3 Hz frequency and 0.2 g acceleration
amplitude. This wave was acting on the model for the time duration 2.0 s (6 cycles).
The equation of velocity wave used for dynamic loading in the analysis is

V., = VoCos(2nn?) (3)

where V,, = velocity amplitude = 0.01 m/s, V, = velocity in x direction at time (%),
n = frequency, and ¢ = time.

There was a surcharge of 1 kPa at top of the backfill soil as shown in Fig. 1. For
verification of the model under static condition, earth pressure on the wall was
calculated using classic Rakine’s earth pressure theory and it was compared with
pressures obtained from the numerical analysis. There was a good agreement
between them, which confirms verification of the model under static condition.
After attaining the static equilibrium, dynamic loading was applied to the numerical
model. For verification of the model under dynamic condition, the dynamic earth
pressure was obtained from numerical analysis and analytical analysis. The pseu-
dostatic method (Eq. 1) was used for analytical analysis to obtain the dynamic earth
pressure. There was a good agreement between them. The model was verified under
both the static and dynamic conditions

3 Results and Discussions

In order to evaluate effect reinforcing layers on performance of the retaining wall,
earth pressures on the wall (having three reinforcing layers) for different lengths (0,
2 and 4 m) of layers under static and dynamic conditions were determined and
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Table 1 Properties of
material of the retaining wall
facing

Table 2 Properties of the
soil

Fig. 1 Model of the
reinforced soil retaining wall
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Properties Values
Young’s modulus (E) 25.00 GPa
Shear modulus (G) 10.87 GPa
Density (y) 25 kN/m®
Poisson’s ratio (1) 0.15
Properties Value
Young’s modulus (E) 60.00 MPa
Unit weight (y) 17 kN/m®
Poisson’s ratio () 0.33
Angle of friction (¢) 37°
Dilatance angle (y) 0°
Cohesion (C) 0 kPa

Retaining wall

Reinforcement layers
40m '

Surcharge

¢ 23 m N

Foundation soil

shown in Fig. 2. The earth pressures were obtained with respect to elevation (from
base of retaining wall). It can be seen that static earth pressures are less than
dynamic earth pressures. Reinforced soil retaining wall shows less earth pressure
compared with unreinforced (conventional) soil retaining wall under static and
dynamic conditions. The dynamic and static earth pressures on the reinforced soil
wall having reinforcement length 2 m is less than that of conventional retaining
wall, but when length of reinforcement was increased to 4 m, both type of pressures
(dynamic and static) are reduced much. The earth pressures (static and dynamic)
decreases with the increase in length of the reinforcing layers. The lateral
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displacement for different lengths (0, 2 and 4 m) of reinforced soil retaining wall
(three reinforcing layers) under static and dynamic conditions is shown in Fig. 3. It
can be observed that lateral displacement under static condition is less than that in
dynamic condition. The reinforced soil retaining wall shows less lateral displace-
ment compared with unreinforced (conventional) soil retaining wall. The lateral
displacement decreases with increase in length of the reinforcing layers of the
reinforced soil retaining wall. From Figs. 2 and 3 it can be said that change in
lateral displacement is almost linear but change in earth pressures is nonlinear.
Incremental dynamic earth pressures can be determined using Eq. (2). The plots
are drawn for incremental dynamic pressures with respect to the elevation for one
and three layers of reinforcement, which are shown in Figs. 4 and 5 respectively.
The comparisons are shown between different lengths of reinforcement (2 and 4 m),
no reinforcement and its analytical value in these plots. The incremental dynamic
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Fig. 3 Lateral displacement 6
reinforced (three layers) soil
retaining wall
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Fig. 4 Incremental dynamic 6
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earth pressure for no reinforcement and analytical value is linear but for rein-
forcement it is nonlinear. The incremental dynamic earth pressure for one layer
(length—2 and 4 m) shows more nonlinearity than that of three layers. The
incremental dynamic earth pressure for three layers of reinforced retaining wall of
the wall is less than that of one layer of reinforcement. It can be noted that
incremental dynamic earth pressure decreases with increase in length of the rein-
forcement layers.

4 Parametric Studies

To evaluate the effect of time duration of dynamic loading on the performance of
reinforced soil retaining wall, parametric studies were carried out for different time
durations (1.0, 3.0 and 5.0 s) of dynamic loading. The reinforced soil retaining wall
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Fig. 6 Dynamic earth 6
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of three layers was used in parametric studies. The length of the each reinforcement
was 2 m. The dynamic earth pressures on the reinforced soil retaining wall for
different time duration (1.0, 3.0 and 5.0 s) of dynamic loading are shown in Fig. 6.
The dynamic earth pressures increases with increase in time duration of dynamic
loading. It can be noted that change in dynamic earth pressures is nonlinear. The
change in dynamic earth pressures between time duration = 1.0 s and 7 = 3.0 s is
and between time duration ¢ = 3.0 s and 7 = 5.0 s is same. The lateral displacement
of reinforced soil retaining wall for different time duration of dynamic loading is
shown in Fig. 7. It can be observed that the lateral displacement increases with

Fig. 7 Lateral displacement 6
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wall for different time

intervals 5 _-. / X
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increase of time duration of the dynamic loading. The change in lateral displace-
ment is almost linear and change in lateral displacement between time duration
t=1.0s and ¢ = 3.0 s is more than that of between # = 3.0 s and # = 5.0 s.

5 Conclusions

The numerical analyses of a reinforced soil retaining wall were performed by finite
difference programme, FLAC. The earth pressures and lateral displacement (de-
formation) were observed under static and dynamic conditions. The comparisons
were made between conventional (unreinforced) soil retaining wall and reinforced
soil retaining wall. The study shows that the reinforced soil retaining wall per-
formed well in reducing the earth pressure and lateral displacement of wall under
static and dynamic conditions. The number of reinforcement layers and its length
affects earth pressure as well as lateral displacement significantly under static and
dynamic conditions. The earth pressure and lateral displacement of the retaining
wall decrease with increase in length of the layers. Incremental dynamic earth
pressure reduced significantly using soil reinforcement compared to unreinforced
(conventional) soil retaining wall. Incremental dynamic earth pressure decreases
with increase in number and length of reinforcing layers.
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Numerical Study on the Seismic Response
of Waterfront Retaining Wall Reinforced
with Cushion

Amizatulhani Abdullah, Hemanta Hazarika, Noriyuki Yasufuku
and Ryohei Ishikura

Abstract This paper describes the findings on the effectiveness of waterfront
retaining structure reinforced with cushion made of tire chips, which has been
analyzed using commercial software, PLAXIS 2D. The numerical model was
subjected to the real earthquake recorded during the 1995 Hyogo-ken Nanbu
earthquake. The results of the numerical analysis were presented in term of the
deformation of the mesh, the displacement of the quay wall horizontally and ver-
tically, and the settlement of the soil behind the quay wall. In general, the utilization
of tire chip as a cushion behind a waterfront retaining wall was able to improve the
behavior of the wall against an earthquake loading.

Keywords Quay wall - Seismic response - Numerical analysis

1 Introduction

Japan suffered a lot from the series of earthquakes that struck in this country
frequently. Earthquakes lead to the destruction not only to the substructures, but to
superstructures as well. For instance, The 1995 Hyogo-ken Nanbu earthquake had
damaged quite a huge number of waterfront retaining walls. Retaining walls are
reported to be settled and tilted in the seaward direction as the result of a very strong
earthquake motion while soil liquefaction was also observed in the backfill area
(Inagaki et al. 1996). The above-mentioned earthquake was the eye-opener to the
researchers to start thinking about how to reduce the severity of the damage of the
waterfront retaining structures as a result from an earthquake.

On the other hand, the continuous generation of scrap tires globally seems to be
an important issue. In Japan, the volume of scrap tires generated in the year 2013
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has been reported to increase by 3 millions of tires from the previous year.
Meanwhile, the method of disposing such material also should be concerned. The
material, if being dumped conventionally in the landfill, will potentially be a ground
for breeding diseases. Moreover, the conventional way of dumping such materials
consumed much space. Therefore, recycling of this material is one of the alternative
methods of disposal. In Japan, although the scrap tires generation shows an
increasing trend, the recycling rate of such waste also shows good signs in order to
balance the amount of waste tires generated in each year. The trend of recycling
efforts since 2009 until 2013 shows that at least 57 % of the scrap tires were used
for thermal recycling while the rest were reused as material recycling and also were
exported in the form of either used or cut tires JATMA 2014). Thermal recycling,
however, was harmful to the environment because it releases more carbon dioxide
(CO,) compared to other efforts of recycling. Therefore, in order to encourage the
material recycling of scrap tire, which is more environmentally friendly, the uti-
lization of such waste in construction projects seems to be a good approach.

In connection to that, research regarding the utilization of tires in construction
projects has gained its popularity for the past few years. Due to its advantageous
physical and mechanical characteristics, tire-derived materials either in the form of
shredded, chip or crumb has been used as fill material for embankments (Humphrey
2008), as fill material behind retaining walls and abutments (Garcia et al. 2012;
Hartman et al. 2013), as base isolation for buildings (Tsang 2008) and as lining in
tunnel construction (Kim and Konagai 2001). Also, research on utilizing tire
materials as part of the backfill behind the waterfront retaining wall was also
conducted and successfully showed significant improvement in reducing horizontal
displacement of the wall and seismic earth pressure that acts on the wall (Hazarika
et al. 2003, 2006, 2008, 2010, 2012; Hazarika 2007, 2012).

In this study, the numerical analysis of the waterfront retaining wall reinforced
with tire chips cushion was presented. The objective of this study is to evaluate the
effectiveness of the reinforcement technique which installed as part of the retaining
wall backfill, to sustain the impact of an earthquake. Since the experimental testing
of this technique has been validated in Hazarika et al. (2003, 2006, 2008), the
analysis in this paper was focused to highlight the improvement made by the
reinforcement technique from the numerical point of view.

2 Methodology

2.1 The Geometry

In this study, a numerical model of waterfront retaining wall (quay wall) was
developed using finite element software, PLAXIS 2D. The quay wall was rested on
the rubble mound which is underlain by the seabed and the bedrock layer. The quay
wall was functioned to retain the soil backfill. Two case studies were considered
which the first one consists of only soil material as the backfill (Case 1) while in the
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Z . . .
i¢— Tire chips cushion
11 .
Quay wa = Backfill
Rubble mound Seabed
Bedrock
Fig. 1 Reinforced quay wall with tire chips cushion
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Fig. 2 Finite element mesh generated in the reinforced quay wall

latter case, cushion made of tire chips was installed as part of the backfill (Case 2)
as shown in Fig. 1. The finite element mesh for the case of reinforced quay wall,
generated from the software is shown in Fig. 2. Full fixities were applied at the
bottom of the model to restraint movements in horizontal and vertical direction
while on both sides of the model, only horizontal fixities were applied. Several
points within the numerical model were selected as can be referred in Fig. 2. They
are: Point A (1.50, 0.70), Point B (1.50,1.40), Point C (1.86,1.40), and Point D
(2.00,1.40). The dimension of the model was referred from the laboratory model
developed in Hazarika et al. (2008).

2.2  Material Models and Parameters

In this study, the concrete quay wall (unit weight of 24 kN/m®) was modeled using
nonporous linear elastic model with the modulus of elasticity, E = 30 MPa and
Poisson’s ratio, v = 0.2. The bedrock in this study was modeled using nonporous
Mohr—Coulomb model while the tire chip material was modeled using linear elastic
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Table 1 Summary of material model and material parameters used in the study

Element

Material model

Parameters

Concrete quay wall

Non porous linear elastic model

y = 24 kKN/m®, E = 30 MPa,
v=0.2

Bedrock Non porous Mohr—Coulomb model vy =21 kN/m3, E =50 MPa,
v=0.35,c=1kPa, ¢ =39°
Tire chips Linear elastic ¥ = 6.6 kKN/m®,
E = 1.6 MPa,
v=0.1

Rubble mound

Hardening soil model/UBCSAND model

As in Tables 2 and 3

Seabed

Hardening soil model/UBCSAND model

As in Tables 2 and 3

Backfill

Hardening soil model/UBCSAND model

As in Tables 2 and 3

Table 2 Material parameters as used in the Hardening Soil model to generate the initial stresses

Parameters Rubble mound Seabed and backfill soil
E= (kPa) 36 X 10° 24 x 10°

E* (kPa) 36 X 10° 24 X 10°

E*f (kPa) 108 x 10° 72 X 10°

m 0.51 0.58

Cror (kPa) 1 1

4 () 35.5 33

v (©) 5.5 3

model. The rubble mound was modeled using the hardening soil model. For the soil
backfill and the seabed layer, the hardening soil model also has been used during
the drained analysis while the UBCSAND model offered in PLAXIS 2D were used
to calculate the undrained dynamic response. Table 1 shows the summary of the
material model used in the study while all the parameters involved during the
drained and undrained analysis was tabulated in Tables 2 and 3 respectively.

2.3 Seismic Motion Input

Seismic motion was inputted to the model using prescribed displacement set at the
bottom of the numerical model. The quay wall model was then subjected to the
seismic excitation that was recorded in Port Island, Kobe, Japan during the 1995
Hyogo-ken Nanbu earthquake as shown in Fig. 3.
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Table 3 Material parameters as used in the UBCSAND model
Parameters Rubble mound Seabed Backfill soil
Unit weight, y kN/m? 17.95 14.73 13.6
Elastic shear modulus number, kg 1176 1070 934
Elastic bulk modulus number, kg 823 748 654
Plastic shear modulus number, kg 1512 820 380
Elastic shear modulus index, ne 0.5 0.5 0.5
Elastic bulk modulus index, me 0.5 0.5 0.5
Plastic shear modulus index, np 0.5 0.5 0.5
Peak friction angle, ¢, 36 35 34
Constant volume friction angle, ¢, 27 30 33
Failure ratio, Ry 0.9 0.9 0.9
Tension cut off, o; (kPa) 0 0 0
Atmospheric pressure, Pa 100 100 100
Densification factor, f,chara 1 1 1
Corrected SPT value for soil, (N)go - - -
Post liquefaction factor, facp, 0.2 0.2 0.2
Fig. 3 Earthquake record of 600
the 1995 Hyogo-ken Nanbu P | |
earthquake
= 200 1
g 0 o
3
2 -200
—g -400 l
< 500
-800
-1000
2 4 6 8 0 12 14 16 18 20
Dynamic time (s)

3 Results of Numerical Simulation

In this section, the results of numerical simulation were presented by comparing the
performance indicators for the case of unreinforced quay wall and the case which
the quay wall has been reinforced with cushion made of tire chips. Two indicators
were selected and discussed in this paper in order to measure the effectiveness of
the technique which are the wall displacement and the backfill subsidence.
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3.1 Deformed Mesh

At the end of the seismic time, quay wall in both reinforced and unreinforced cases
simulated were found shifted and tilted towards the seaside as shown in Figs. 4 and 5,
respectively. The rubble mound in the unreinforced quay wall case has been pushed
upward due to the movement of the quay wall. Subsequently, a relatively large
amount of deformation also observed in the backfill area. However, in the rein-
forced quay wall case, improvement can be seen especially in front of the quay
wall. The presence of cushion behind the quay wall also improved the deformation
of the mesh in the area.

Fig. 4 Deformed mesh of the unreinforced quay wall

TAVAVAVAVAN) &

‘ﬁﬁﬁ?ﬁ?ﬁnﬁﬁnﬁﬁ“ﬁﬂ‘ﬂ“
NAVAVAVAVANAVAVAVAVAYAV
CSAINOEROOOS I

Fig. 5 Deformed mesh of the reinforced quay wall with tire chips cushion
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3.2 Wall Displacement (Horizontal and Vertical Direction)

At the end of the simulation time, it was found that the quay wall reinforced with
tire chips cushion experienced less displacement in horizontal as compared to the
one without the cushion. The horizontal displacement measured throughout the
simulated time for Point A and Point B was shown in Figs. 6 and 7 respectively.
The displacement of the wall was observed towards the seaward side as shown by
the negative sign in both figures. The horizontal displacement at the bottom point
(Point A) was always larger compared to point at the top (Point B) in both cases.
This indicates that the tiltation of the quay wall was towards the sea. The histories
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Fig. 6 Horizontal displacements at point A (1.50, 0.70)
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Fig. 7 Horizontal displacements at point B (1.50, 1.40)
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Fig. 8 Vertical displacements at point B (1.50, 1.40)

of horizontal displacement at Point A and Point B in case 1 (unreinforced quay
wall) was found similar to those obtained through the laboratory test of conven-
tional quay wall subjected to dynamic shaking as conducted in Hazarika et al.
(2008). At the end of the simulation time, the unreinforced quay wall displaced
about 29 and 38 cm at Point A and Point B respectively. With the presence of
reinforcement made of tire chips, the amount of displacement was able to reduce to
about 8 and 11 cm at the bottom and the top of the quay wall.

While for the vertical displacement of the wall, significant amount of settle-
ment’s reduction is shown by the unreinforced quay wall case as compared to the
unreinforced case as shown in Figs. 8 and 9 respectively. Negative sign of the
displacement indicates that the wall moves downward by the end of the simulated
time. At the end of the earthquake, the top edge of the left and right of the quay wall
experienced vertical displacement of 9 and 4.5 cm for case 1 (unreinforced quay
wall). This amount, however, was able to be reduce to 3 and 1 cm respectively,
with the installation of cushion made of tire chips behind the quay wall.

3.3 Backfill Subsidence

Figure 10 shows the settlement of backfill of Point D observed throughout the
simulated time. Based on the analysis results of backfill, it was found that the
amount of the settlement was significantly reduced in the area located near the quay
wall. The settlement reduces from approximately 6 cm in the unreinforced case to
less than 1 cm in the reinforced case. While for the area located far from the quay
wall, the presence of the cushion did not have a significant impact since the amount
of the backfill subsidence remains at the same with the one without the cushion.
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Fig. 9 Vertical displacements at point C (1.86, 1.40)
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Fig. 10 Backfill subsidence at point D (1.90, 1.40)

4 Conclusions

In this paper, the preliminary study to investigate the effectiveness of the utilization
of tire chips as a cushion behind the quay wall was presented. The results of this
study reveal the advantages of the tire chips cushion in order to reduce the damage
brought by an earthquake from the numerical point of view.
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Generally, the quay wall reinforced with tire chips cushion was able to reduce
the amount of displacement in both horizontal and vertical direction compared to
the unreinforced quay wall. The presence of tire chips cushion also seems to be
effective to reduce soil settlement only in the vicinity area of the cushion.

As mentioned beforehand, there are several aspects of this research, for example,
the input parameters and analysis method that require some improvements and
should be carefully examined so that better output can be obtained. Further study
needs to be conducted in order to investigate the effectiveness of the technique in
other parameters such as the earth pressure, pore water pressure generation, and
ground acceleration. Finally, this study hopes to benefit in order to explain the
failure mechanism of a quay wall which subjected to the earthquake forces.
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Factors Controlling the Behavior of Piled
Foundations Due to Cyclic Lateral
Loading

Mahmoud F. Awad-Allah, Noriyuki Yasufuku
and A.H. Abdel-Rahman

Abstract The aim of this paper is essentially to investigate the influence of the
following factors, namely slenderness of pile, loading frequency, and number of
cycles on the behavior of pile foundations of wind turbines under lateral cyclic
loading. Thus, an experimental study has been carried out using pile models
founded into medium dense sandy soils, and two-way lateral cyclic loading dis-
placement of several frequencies were applied on pile head. Experimental setup was
explained in details, and results were presented in the form of cyclic load—dis-
placement curves and normalized bending moment charts against the number of
cycles. Besides, initial modulus of subgrade reaction and cyclic p—y curves were
estimated. The results provide an insight into the key parameters controlling the
performance of pile foundations under pure lateral cyclic loading conditions.

Keywords Cyclic loading - Deformation control test - Frequency - Lateral
displacement - Slenderness of pile

1 Introduction

Coastal zones in Egypt enjoy high wind Energy potential. The Red Sea coast
particularly at the Gulf of Suez is one of the highest windy areas of the world, with
average wind speeds of around 12 m/s. In Egypt, the current objective is to expand
in using the wind for generation of energy. Recently, large-scale wind farms at

M.F. Awad-Allah (X))

Department of Civil Engineering, University of Kyushu, W2-1108-2,
744 Motooka, Nishi-ku, Fukuoka 819-0395, Japan

e-mail: h.mahmoud.099 @s.kyushu-u.ac.jp

N. Yasufuku
Department of Civil Engineering, University of Kyushu, Nishi-ku, Japan

A.H. Abdel-Rahman
National Research Center, Cairo, Egypt

© Springer Japan 2017 555
H. Hazarika et al. (eds.), Geotechnical Hazards from Large Earthquakes
and Heavy Rainfalls, DOI 10.1007/978-4-431-56205-4_51



556 M.F. Awad-Allah et al.

Zafarana (200 km south east of Cairo) in cooperation with Japan, Germany, Spain,
and Denmark have been constructed. Pile foundations are mainly used to support
wind turbines towers, and these types of structures are subjected to environmental
dynamic loads (e.g., wind and waves). In some circumstances, lateral cyclic load
can be the most critical loading case for a structure.

All cyclic loading sequences are characterized by four parameters, namely
(1) the ultimate applied lateral load H,, (2) the number of cycles N, (3) the fre-
quency f (inverse of time period, 1/t), and (4) maximum lateral displacement y.x.
Two-way cyclic loading can be considered as a simplified representation of
dynamic loading without inertia nor damping. However, although alternating
loading is symmetrical, the direction of the first loading remains in the pile memory
(Rosquoet et al. 2007).

The consideration of cyclic effects when designing piles is generally deduced
from the soil-pile interactions under applied static loads using Winkler model. In
the case of a linear elastic response of the soil-pile system, the soil reaction p(z), at a
depth z, depends on the modulus of subgrade reaction K}, and lateral displacement
¥(z). Reese and Matlock (Reese and Matlock 1956) suggest that Kj, increases
proportionally with z and coefficient of subgrade reaction ny, as follows:

Ky = nnz (1)

Long and Vanneste (1994) carried out field tests to investigate the factors
affecting the cyclic behavior. These included soil density, pile type, installation
method and, most importantly, the characteristics of the cyclic load. They proposed
a method based on deterioration of static “p—y” curves, which is taken into account
by reducing the static soil reaction modulus according to:

Kh = N_tnhZ, (2)

where N is number of cycles, and ¢ is a degradation factor that depends on the pile
installation method, the load characteristics (one or two-way loading), and on the
relative density of sand.

Basically, p—y curves represent soil-pile interactions on the assumptions that the
soil reaction (p) at all points of the pile is a nonlinear function of the lateral pile
displacement. Different methods to determine the p—y curves can be found in the
codes of practice such as [e.g., (API 1993; DNV 1977; PHRI 1980)]. However,
only the American and Norwegian technical specifications consider existence of the
cyclic effects for designing piles subjected to lateral loads by introducing a
reduction factor A on the ultimate soil reaction p,, as given by Eq. 3.

K
— Ap, tanh , 3
p = Apy tan (Apy) (3)

u

where A is a reduction factor to be considered for both monotonic loading (A = 0.9)
and cyclic loading (A = 3 — 0.8zB™"); and B is pile diameter.
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However, although this reduction factor (A) considers that the cycles affect
surface layers (z/B < 2.625), API (1993), DNV (1977) recommendations do not
take into account the amplitude of the loading (i.e., neither H nor y), the slenderness
of piles, the number of cycles (), and the loading frequency (f).

From this earlier discussion, it is clear that the literatures and the practice of
design of piled foundations subjected to lateral cyclic loading are still approximate,
and they have ignored some key design parameters. Accordingly, it is essential to
investigate the influence of pile slenderness, cyclic load frequency, and number of
cycles on the performance of pile foundations. In order to examine the behavior of
piled foundations under lateral cyclic loads, an extensive laboratory testing program
has been carried out on a small scale pile model. Furthermore, parametric study has
been conducted using the laboratory test results to evaluate the impact of those
factors (i.e., L/B, N and f) on lateral pile capacity, bending moment of pile, and
cyclic p—y curves.

2 Experimental Setup

2.1 Testing Apparatus

Figure 1 shows the laboratory test setup and the devices which are used for testing
during current experimental course. Test facility consists of a testing tank, which
has the following dimensions: 30 cm width, 60 cm length, and 60 cm depth, resting
on steel foundation, and it is placed inside a loading steel frame constructed to
support the loading actions during applying horizontal cyclic loading. Data logger
and external control unit are used to record data and control the number of applied

| =
w External control
unit

= | L;DT(I) ,
: Lateral loading 1 1 1
1 jack Load cell Pl 1
L % ile cap |
Motor MO LYDTG)

driven gear

drive Tested

pile

Steainsalgesietrstcg- bt it i

Soil
tank

9 channels
data logger

Fig. 1 Schematic of single pile model test setup
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cycles during testing, respectively. Lateral cyclic loads are applied on the pile head
at different rates (frequencies) by means of servo cylinder.

2.2 Loading Mechanism

During this laboratory test program, a symmetrical two-way cyclic lateral load is
imposed horizontally on two opposite sides of pile head to provide horizontal
displacement of 3 mm at pile as shown in Fig. 2. Input displacement cycle at pile
head as follows: pile head is pushed forward laterally by 3 mm, and it is pulled back
in opposite direction laterally by 6 mm, then it pushed back by 3 mm (i.e., set back
to initial position). Cyclic horizontal displacement is applied for 50 cycles in all
experiments. The objectives of conducting deformation control test rather than
stress control test are that a wide range of load spectrum can be obtained, and
accomplishment of ultimate lateral pile capacity at head displacement of 20 % pile
diameter. Figure 3 illustrates sinusoidal harmonic lateral motion applied on pile
model head during pile test. Cyclic lateral displacement is applied by frequencies
ranging between 0.017 and 0.05 Hz.

2.3 Pile Model and Physical Modeling

Small scale pile models were manufactured from closed-end aluminum alloy 6061
tube of outer diameter of 15 mm and wall thickness of 1.5 mm. The Young’s
Modulus and yield stress of the used aluminum alloy are 70 GPa and 48.3 MPa,

Fig. 2 Symmetrical two-way
lateral displacement and
corresponding lateral load

Lateral load H (N)

L
( /e{ 1 15 2 25 3
1 Lateral displacement y (mm)
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Fig. 3 Typical sinusoidal harmonic lateral motion pattern
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Fig. 4 Three slenderness ratios of aluminum pile models attached with strain gauges

respectively. Furthermore, three slenderness values (L/B) for model pile are
selected, including 10, 20, and 30 as shown in Fig. 4. To ensure partial fixation
condition between pile head and cap, piles were screwed into the holes provided in
the pile cap to a depth of 40 mm. Moreover, to increase the pile wall friction angle,
sand was added around the pile by adhesive material. Examples of derivation of
scaling laws for general dynamic problems are proposed by Wood et al. (2002).
Table 1 shows the relevant parameters for the prototype and the laboratory model.
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Table 1 Equivalent values for the characteristics of prototype and experimental model

Parameter Model Prototype

Young’s modulus of soil (E;) 10.40 MPa 29.7 MPa

Shear modulus of soil (G) 0.42 MPa 1.20 MPa

Modulus of elasticity of pile material (E,) |70 GPa 200 GPa

Pile embedded length (L) 0.15, 0.30, and 0.45 m 6.1, 12.2, and 18.3 m
Diameter of pile (B) 15 mm 610 mm

Load eccentricity (e) 0.1 m 4.07 m

Thickness of the pile wall (#,,) 1.5 mm 20 mm

2.4 Preparation of Testing Ground (Soil)

Testing soil used in this laboratory work, is sub-angular, fine Toyoura sand, which
is commonly used as testing soil in Japan, and its index properties are as follows:
specific gravity (G;) = 2.65; maximum dry density (pyax) = 1.6 g/cm3; minimum
dry density (pmin) = 1.31 g/cms; maximum void ratio (ey,,) = 0.98; minimum void
ratio (emin) = 0.62; uniformity coefficient (U) = 1.4; coefficient of curvature
(C) = 0.86; and effective diameter (Dsy) = 0.18.

In order to conduct model tests in accuracy, testing ground has been prepared
using especial compaction tool known as multiple sieving pluviation (MSP) method,
which was developed by Miura and Toki (1982). Pluviation, or raining, is a method
commonly used to prepare sand samples (Fig. 5).

Fig. 5 Testing soil
placement method: multiple
sieving pluviation apparatus
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3 Test Procedures and Protocol

The following procedures have been adopted for conducting the laboratory tests.
Testing tank is cleaned to make sure that it is free from any impurities or debris. Pile
model is placed at the center of the testing tank by clamping it against the guide bar
to avoid boundary effect; and meanwhile examination of its vertical alignment is
performed. Then, sand is poured in carefully, slowly, and evenly layers of 10 cm of
thickness using the previously described method Miura and Toki (1982). After
reaching to the uppermost layer of sand, the guide beam is removed and the top
surface is flattened.

Bending moment, horizontal load, and applied lateral displacement were mea-
sured and recorded during test performance.

4 Results and Discussion

4.1 Lateral Load-Displacement Response

A sample of results of cyclic lateral load—displacement tests for single piles of
slenderness of (L/B) equal to 30, 20, and 10 are shown in Figs. 6, 7, and 8. From
the obtained data, it was observed that pile lateral resistance increases with
increasing loading frequency (f) and slenderness of pile. For short rigid pile
(L/B = 10), it is clear that the lateral pile capacities reached to 21.6 and 16.3 N, at
frequency equal to 0.05 and 0.017 Hz, respectively. On the other hand, for medium
flexible piles (L/B = 20) the lateral pile capacities are 33.1 and 29.9 N, at frequency
equal to 0.05 and 0.017 Hz, respectively, and for long flexible piles (L/B = 30)
lateral pile capacities are 41.7 and 37.4 N, at frequency equal to 0.05 and 0.017 Hz,
respectively.

Fig. 6 Hysteretic lateral
load—displacement curves for
single short piles of
slenderness (L/B) equal to 10

H/(G*B?)

T T
-0.15 -0.10 -0.05 0.00 0.05 0.10 0.15
y/B
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Fig. 7 Hysteretic lateral
load—displacement curves for
single short piles of
slenderness (L/B) equal to 20

Fig. 8 Hysteretic lateral
load—displacement curves for
single short piles of
slenderness (L/B) equal to 30
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Likewise, number of cycles (N) have an impact of lateral pile capacity.
Moreover, Fig. 9 depicts the change of maximum measured lateral pile capacity
(Hpmax) With number of cycles at different loading frequency. There is an evidence
that pile lateral capacity increases continuously with increasing in number of cycles,
which denotes that there is something related to soil-pile interaction has been
changed during cyclic loading. The next section deals with this issue in details.

4.2 Secant Modulus of Subgrade Reaction (Kj)g

To investigate the causes of increasing in lateral resistance of pile due to lateral
cyclic loading, secant modulus values were estimated at lateral pile head displace-
ment of 10 %d (i.e., 50 % of strain level) for certain numbers of loading cycles
(N =0, 10, 30, 50 cycle) from lateral load—displacement tests, as given in Eq. 4.
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Fig. 9 Change of lateral pile capacity with number of cycles at different frequencies
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cycles for long flexible pile L/B = 30: a monotonic test, and (b, ¢, and d) cyclic test

(Ky)o— AH
hs*Ay*B

4)

Figure 10 shows the initial lateral stiffness (AH/Ay) of pile at different loading
frequencies (f) and number of cycles (N). Then, (K},); values were estimated by
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dividing initial lateral stiffness over pile diameter. From Fig. 10, it can be noticed
that, initial loading cycles (monotonic test, N = 0) generate the lowest values of
(Ky); than the succeeding cycles under the same strain level (y/B = 10 %).
Increasing in (K}, ); with increase both of period time of loading (¢ = 1/f) and number
of cycles (N) is an evidence that pile foundations constructed into dry sand undergo
substantially time-dependent performance. This can be attributed to that repetitive
occurrence of loading which leads to improvement of sand properties and reduction
of void ratio. Moreover, the absence of ground water results in non-generation of
pore water pressure in soil due to cyclic loading, subsequently soil particles come
closer to each other causing packing of soil.

4.3 Maximum Bending Moment

From an engineering point of view, the maximum bending moment, in most cases,
is considered as the key factor in regards of design of laterally loaded pile.
Normalized bending moment (M,/M,), which is the ratio of measured bending
moment to the yielding moment of pile material, was estimated for single and
individual piles in group. Bending moment created due to applied lateral dis-
placement is measured and calculated at various locations along the length of the
instrumented pile model using Eq. 5.

M,, = , (5)

where E,, = Young’s modulus of the pile model material, /;;, = moment of inertia
of the pile model, € = measured bending strain, and r = horizontal distance
between strain gauge position (outer surface of the pile) and neutral axis.

Yielding moment (M) of the pile model is calculated using the following
expression (o, = yield stress of pile material = 48.3 MPa):

oyly

My == (6)

Figure 11 illustrates the relationships between normalized bending moments and
number of cycles for single piles constructed into medium dense sand (D, = 45 %).
Since the relationship (M,,/My) and (N) is nonlinear, a semi-log scale has been used.
It can be noticed that the larger the value of slenderness ratio (L/B) of pile and the
applied number of cycles (N) are, the higher the normalized bending moment (M,,/
M,) is, which means that the L/B and N control the mobilization of maximum
bending moment. For short piles (L/B = 10), the values of (M,,/M,) were much
little than those values of piles of L/B equal to 20 and 30; a rapid increase in
normalized bending moments occurred with increasing L/B over than value of 10,
as shown in Fig. 12. This can be attributed to that short pile (L/B = 10) does not
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Fig. 11 Normalized bending moment versus number of cycles for single piles in medium dense
sand

have enough embedment to anchor the toe against rotation; thus the applied load is
controlled primarily by soil stiffness (i.e., soil fails before the pile reaches its
flexural capacity). For long pile (L/B = 20 and 30), however, the toe is essentially
fixed in the soil, and the applied load is controlled by flexural strength of the
foundation because it will fail structurally before the soil fails.

4.4 Cyclic p-y Curve

Bending moments along the length of pile at discrete points previously calculated
by Eq. 5 were analyzed using curve fitting involving a fifth order polynomial. Pile
lateral displacement (y) and soil reaction (p) were determined by double integration
(Eq. 7) and double derivation (Eq. 8) of moment curves along the pile shaft,
respectively. The boundary conditions adopted to solve the equations are the
measured pile head displacement and zero displacement at pile tip.

) =[] )

_d*M(z)
- dZ?

p(2) (8)

Figures 13 and 14 demonstrate the normalized cyclic p—y curves at two different
soil layers of depths equal to 6B and 15B measured from ground surface,
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Fig. 13 Cyclic p—y curves at depth 6B for piles in medium dense sand (D, = 45 %)

respectively. Figure 13 depicts that, at shallow depths from ground level (z < 6B),
increasing of the number of cycles causes magnification of p—y curves. On the other
hand, Fig. 14 shows that, at deeper depths (z > 15B) from ground surface, degra-
dation of p—y curves has been observed due to increase of N.
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Fig. 14 Cyclic p—y curves at depth of 15B for piles in medium dense sand (D, = 45 %)

S Summary and Conclusion

The chief goal of this work is basically to investigate the effect of the following
factors on the behavior of piled foundations, namely number of cycles (N), loading
frequencies (f), and slenderness of pile (L/d). Parametric study has been carried out
to examine the influence of those factors on lateral pile capacity, bending moment
of pile, and cyclic p—y curves. Conclusions of this study can be summarized as
follows:

1. Single piles constructed into dry sandy soil and subjected to lateral cyclic push—
pull loading revealed time-dependent behavior. Accumulated lateral pile
capacity and bending moment have been increased with increasing the fre-
quency of loading (f = 1/f), number of loading cycles (N), and slenderness of
pile due to change of pile lateral stiffness (Kj)s with time.

2. For soil layers at depths between 3B and 10B from the ground surface, mag-
nification of cyclic p—y curves has been observed with number of loading
cycles. On contrary, in deep layers at depths deeper than 10d from the ground
surface, degradation of p—y curves occurs with increasing the numbers of
loading cycles. As a result, from geotechnical point of view, the soil properties
in those top (i.e. within z < 10B) layers govern the cyclic response of piles
constructed in sandy soil formations.

3. Cyclic p—y curves do not only depend on soil properties, as given in the current
design approach, but also on the number of loading cycles (N), loading fre-
quencies (f), and the depth at which p—y curve is estimated. Accordingly, those
factors have to be incorporated in the current design standards.
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Centrifugal Model Loading Tests
on Reinforced Soil Retaining Wall
with Groundwater Permeation

Makoto Kobayashi, Kinya Miura and Takeharu Konami

Abstract The performance of reinforced soil retaining wall is remarkably deteri-
orated by the permeation of groundwater into the reinforced region through the
backfill, not only in ordinary condition but also earthquake condition. In this study,
three series of centrifugal loading tests were conducted on the models of
multi-anchored reinforced soil retaining wall, and the behavior under the perme-
ation of groundwater was observed. In the first series, the reinforcement and
strength of the retaining wall were parametrically changed, in order to qualify the
failure condition based on the factor of safety. As a result, in the process of
groundwater permeation the stability can be evaluated reasonably by the decrease in
safety factor for overall inner stability or integrity of reinforced region. In the
second, the efficiency of the drainage equipment on the wall facing was changed in
order to show the significance of the drainage in the stability of the retaining wall.
In the final, the failure behavior was observed under a heavy rainfall regarding the
analogy rule for seepage under centrifugal acceleration field. It was found that
drainage equipment, which was placed on the back of wall facing panels, con-
tributes to maintaining reinforcing effects even during permeation of groundwater
as well as heavy rainfall. The capacity of the drainage equipment must be
approximately designed for the intensity of possible rainfall and/or permeation of
groundwater.
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1 Introduction

Soil reinforcement technology is utilized for constructing retaining wall consisted
with vertical or steep wall facing, which makes it possible to construct fill
embankment economically.

In accordance with the design of conventional soil structures, appropriate drai-
nage facilities are needed to be arranged for preventing groundwater from perme-
ating into backfill and reinforced region of reinforced soil retaining wall and
maintaining the reinforcing effects; see Public Works Research Center (2002).
Since the aged degradations of the drainage facilities are not yet evitable in current
engineering practice, the reinforced soil retaining walls have occasionally failed due
to the permeation of groundwater induced by heavy raining. In many of the
retaining walls damaged during earthquakes, combined effect of earthquake shaking
with groundwater permeation was recognized.

Perceptible effects of appropriate drainage of groundwater from reinforced
region have been experimentally investigated, in retaining walls reinforced with
geosyntheses or anchors; e.g., Hiro-oka et al. (2001), Hirakawa and Miyata (2010).
The effects of rainfall on the stability of fill embankment are divided into two types
of raining: short-term intensive rainfall and long-term rainfall. The characteristic
formation and expansion of saturation region were observed in the fill embankment
in the case of short-term rainfall.

In this study, three series of centrifugal loading tests were conducted on the
models of multi-anchored reinforced soil retaining wall, and the behavior under the
permeation of groundwater was observed. In the first series, the reinforcement and
strength of the retaining wall were parametrically changed, in order to estimate the
failure condition based on the factor of safety. In the second, the efficiency of the
drainage equipment on the wall facing was changed in order to show the signifi-
cance of the drainage in the stability of the retaining wall. In the final, the failure
behavior was observed under a heavy rainfall regarding the analogy rule for
seepage under centrifugal acceleration field (see Butterfield 2000).

2 Reinforcing Mechanism

2.1 Stability Condition

Stability of reinforced soil retaining wall was evaluated from two aspects: internal
stability and external stability. In the internal stability integrity of reinforced region
is examined, and stability of reinforced region against sliding and overturning was
examined as a rigid body. The integrity was evaluated on the equilibrium between
the earth pressure on a wall facing panel and the pullout resistance of tie bars
connected to the wall facing panels as shown in Fig. 1.
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Fig. 1 Illustration of
Multi-anchored reinforced
concrete retaining wall

Concrete
_wall facing panels

Tie-bars
2.2 Evaluation of Stability
The pullout force T on a single tie bar is calculated as follows:
T = (P cosd+Py) x AH x AL (1)

where P’ and P,, are effective earth pressure and water pressure, respectively.
Pullout resistance of the tie bar is calculated based on the load bearing capacity
formula originally proposed by Terzaghi; the formula was modified for square plate
through numerical calculation by means of a slip line method under axisymmetrical
condition (Miura et al. 1994)

qu:C'Nc+CIp'Nq_CIp (2)
Ta = (Qpu X Ap)/F
where Q, is ultimate load bearing capacity, N; and Ny are bearing capacity coef-
ficients, and ¢, is effective confining stress surrounding an anchor plate. A, is area
of an anchor plate, and 7, is acceptable pullout force; factor of safety F; is 3 under
ordinary condition. For the internal stability 7 < T, is required for each tie bar.
In this study, the factor of safety for overall internal stability was evaluated using
the summation for all the tie bars as follows;

Fo = Z Ta/z T (3)
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3 Model Tests

3.1 Soil Materials

Three soil materials were employed: Toyoura Sand (Japanese standard sand),
Toyota Sand, and Drain Material. Toyota Sand is graded better than Toyoura Sand,
as shown by the particle size accumulation curves in Fig. 2, and the physical
properties are shown in Table 1.

3.2 Test Series

Three series of tests were conducted and performance of retaining wall was
observed under a common centrifugal acceleration of 50g; therefore, the model
scale was 1/50. The permeation of groundwater and deformation-failure behavior of
the retaining wall was observed with a CCD-camera mounted on the model con-
tainer and a monitor on a control room. The conditions for all the tests conducted
are listed in Table 2.

3.2.1 TS Test Series

Model retaining walls without drainage equipment were constructed exclusively of
Toyoura Sand, whose dry density was 1.49 or 1.56 g/cm’ and relative density was
55 or 75 %. Fundamental deformation behavior and failure condition were dis-
cussed comparatively between the four test cases with different backfill densities or
anchor plate sizes.

Fig. 2 Grading of sand 100
materials —8— Toyota Sand
—O— Toyoura Sand
§ 80 [|—2— Drain Material
0
=]
'z 60
3
o
)
%’3 40
=}
)
2
&-’ 20
0
0.001 0.01 0.1 1 10

Particle size (mm)
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Table 1 Physical properties of Toyota Sand

Density of soil particles (g/cm?) 2.60
Maximum dry density (g/cm®) 1.88
Optimum water content (%) 12.0

Table 2 List of test condition

Series | No. Backfill Anchor Drainage equipment Rainfall
Sand Dry plate Model Location, | Intensity | Total
density (mm) size (cm) vol.
(g/em’?)
TS D75A4 Toyoura | 1.56, 8§ X8 None No rain fall
D75A2 sand Dr=75% |4x4 Groundwater
D55A4 1.49, 8% 8 table was
statically raised
D55A2 Dr=55% |4x4
GS Gl6 Toyota 1.50, 6 X6 None No rain fall
D4G12 sand Dc=75% l-small Lower 4 | Groundwater
D6G10 I-medium | Lower 6 tabl.e was .
statically raised
D8GO08 I-large Lower 8
D16 Full 16
G4D12 u-small Upper 12
G6D10 u-medium | Upper 10
GR G16R100 | Toyota 1.50, 6 X6 None 100 500
DI6R100 | sand De=75% Full 16 100 500

3.2.2 GS Test Series

Model retaining walls with or without drainage equipment were constructed with
Toyota Sand, whose dry density was 1.50 g/cm® and Degree of compaction was
70 %. The drainage equipment was placed behind the vertical wall facing panels
with width of 1 cm; the position and size were parametrically changed as shown in
Table 2. The drainage equipment was formed of Drain Sand, whose permeability
coefficient was estimated to be 4.4 x 1072 cm/s. The permeability coefficient of
Toyota Sand was 5.0 x 107* cm/s. The effects of drainage equipment on the
deformation and failure condition were discussed comparatively.

3.2.3 GR Test Series

Two model retaining walls with or without drainage equipment of full height were
constructed in the same specification as that of GS test series. Deformation and
failure process were observed under the same intensity of rainfall.
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3.3 Members for Reinforcement

Model wall facing plate made of acryl resin is 10 X 10 mm in size and 4 mm in
thickness. Model tie bar was made of steel wire (¢ = 0.45 mm; assumed deformed
bar D22), and model anchor plates made of steel were prepared in different sizes as
shown in Table 2; the one used in GS and GR test series is shown as an example in
Photo 1.

3.4 Preparation of Model Retaining Walls and Test Schema

Model Retaining walls were prepared in the model container installed on a cen-
trifugal loading apparatus. The formations and dimensions of the model retaining
walls for each of the test series are shown in Fig. 3.

3.4.1 TS Test Series

Dried Toyoura Sand was pluviated to form each layer of 20 mm in thickness and tie
bars and anchor plates were laid. Black lattice lines were drawn with black-colored
sand on a side wall to visualize deformation behavior, see Photo 3. Water supply
tank was placed on the back of the model retaining walls; a sheet of fine mesh was
placed on the interface. The water level in the tank was controlled by supplying
pure water through a swivel joint during the loading tests; the rate of water level
rising was 4 cm/min.

3.4.2 GS and GR Test Series

Wet Toyota Sand with water content of 10 % was placed and compacted, to form
each of the layers and tie bars and anchor plates were laid (Photo 2). White grid
lines were drawn with kaolin powder. The drainage equipment was formed with
dried Drain Material behind the wall facing panels. In GS test series water level of

Photo 1 Reinforcing
member; tie rod and anchor
plate

B89fll1 23456 7 89F1 2
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Photo 2 Overview of model
retaining wall under
construction

Photo 3 Side view of model
retaining wall in TS test series

Colored sand

the water supply tank was controlled in the similar manner of TS test series; the rate
of water level rising was 2 cm/min. In the case of GR test series only, the rain
falling device comprised with water/air supplies and nozzles was mounted on the
top of the model container. Instead of pure water a kind of cellulose solution was
employed, whose viscous coefficient was 50 times higher than that of pure water to
meet the modeling analogy rule.

4 Test Results and Discussion

4.1 Effect of Groundwater Permeation: TS Test Series

Model retaining walls without drainage equipment, which are different in relative
density and anchor panel size, were subjected to groundwater permeation, and
deformation behavior was observed to clarify fundamental deformation and failure
characteristics.
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Photo 4 Deformation of
model retaining walls
observed in TS test series;
a D55A2, b D55A4

F(— Slip .,urface

-m‘—"ﬂe—

Deformed retaining walls at the final stage of loading tests of TS test series are
shown in Photo 4; a sliding plane appeared clearly in DS5A2 but not in D55A4.
Total failure was observed only in the test cases D55A2 and D75A2 with smaller
anchor plates. The lateral displacement of wall facing was less than a few percent in
the test cases D55A4 and D75A4 with larger anchor plates.

Figure 4 shows the overall factor of safety Fs descending with an increase in
groundwater level, where the factor of safety was calculated from the groundwater
level at the installed anchor plates. In the test condition of TS test series, the anchor
plate size has dominant effect compared with the relative density of retaining wall.
Shown in Fig. 5 is the subsidence at the top of wall facing observed in the two test
cases D55A2 and D75A2 with an increase in groundwater level; the sudden
increase in the subsidence corresponded to the factor of safety becoming lower than
unity; see Fig. 4.

Although factor of safety of individual tie rod was minimum at the bottom in the
retaining wall subjected to groundwater permeation, the lateral displacement of wall
facing was maximum at the level of bottom third tie rod due to the lateral resistance
to wall facing from the foundation ground or soil container bottom.
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4.2 Effect of Drainage Equipment; GS Test Series

Model retaining walls with different drainage equipment in size and level were
subjected to groundwater permeation, and deformation behavior was observed to
examine the effects of the drainage equipment.

Shown in Photo 5 are deformed retaining walls at the final stage of loading tests
of GS test series: G16 and D16 (with/without drainage equipment). Perceptive
lateral displacement of wall facing and subsidence of top surface were observed in
G16 (without drainage equipment) but not in D16. Even in G16, however, clear
sliding plane was not recognized.

The above-mentioned contrast of the deformation behaviors shows simply the
effect of drainage equipment. As shown in Photo 5, although the level of
groundwater table was not so different at the position of anchor plates in both test
cases D16 and G16, inside the drainage equipment the groundwater table level is
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Photo 5 Deformation of
model retaining walls
observed in GS test series;
a Gl6, b D16

lowered to less than 1 cm from bottom in D16. Thus, it seems that the degree of
reduction in pullout resistance of anchor plate was not so different in spite of the
drainage equipment, because the reduction is induced by the pore water pressure as
a function of groundwater table level on the anchor plates. On the other hand, the
pullout force on tie rod which is induced by earth pressure on wall facing panels
would increase more in G16 than in D16 as a function of pore water pressure near
the wall facing. Although it is primarily important to prevent groundwater from
permeating into a reinforced region through a back fill body, drainage equipment
placed behind wall facing panels even has effects on the suppression of deformation
of retaining walls. Figure 6 shows the maximum lateral displacement of wall facing
observed at middle of wall induced by groundwater permeation, for retaining walls
with different drainage equipments in size and placement level. The behavior shows
that the lower part of the drainage equipment is more important than the upper part;
the maximum lateral displacement was smaller in D6G10 where drainage
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Fig. 6 Maximum lateral 150 T T T T T
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equipment was placed on lower part, than that in G6D10 where it was placed on
upper part. Shown in Fig. 7 is the subsidence on the top of retaining wall installed
anchor plates; the effects of drainage equipment are found also in this figure. As
shown in Fig. 8, a linear relationship can be seen between the maximum lateral
displacement and the subsidence in all the test cases conducted in GS test series.

4.3 Effect of Heavy Rainfall: GR Test Series

Model retaining walls with and without drainage equipment were subjected to heavy
rainfall. Deformation behavior was observed and wet condition in the retaining walls
was evaluated to examine the effects of the drainage equipment. The deformed
retaining wall without drainage equipment in G16R100 is shown in Photo 6; the
rainfall was equivalent to 100 mm/h in intensity for 5 h in prototype condition. The
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lateral displacements were larger in G16R100 than those in D16R100 due to the
effects of the drainage facility. In this test series, the induced deformation was rather
different from those in GS test series; the perceptive lateral displacement was found
also on the upper part of the wall facing. After the tests, the distribution of saturation
degree was evaluated through the measurement of water contents of samples col-
lected from the model retaining walls; see Fig. 9. The effect of drainage equipment
can be seen there; however, near the top surfaces the effect was limited, and the
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Fig. 9 Distribution of
saturation degree in GR test
series; a G16R100,
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degree of saturation was increased and approached 100 % regardless of drainage
equipment. Although it is primarily important to prevent rain water from permeating
into reinforced region through top surface, placement of drainage equipment even
along the wall facing was effective for the stability of retaining walls.

5 Conclusion

Three series of centrifugal loading tests on model reinforced soil retaining walls
were conducted, and deformation-failure behavior was observed, the followings
were found through the comparative examination of test results.
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1. It was found that groundwater permeation harms the stability of reinforced soil
retaining wall and importance of drainage equipment was clarified. An increase
in pore water pressure increases earth pressure on wall facing, but reduces
pullout resistance of anchor. As a result, the integrity of reinforced region is
deteriorated, this mechanism sometimes leads to total failure of reinforced soil
retaining walls.

2. It was found that drainage equipment, which was placed on the back of wall
facing panels, contributes to maintaining reinforcing effects even during per-
meation of groundwater as well as heavy rainfall. The capacity of the drainage
equipment must be approximately designed for the intensity of possible rainfall
and/or permeation of groundwater.

3. In the process of groundwater permeation, the stability can be evaluated rea-
sonably by the decrease in safety factor for overall inner stability or integrity of
reinforced region.

4. In the case of groundwater permeation, the settlement of top surface as well as
the lateral displacement of wall facing of barrel type were observed; the lateral
displacement was maximum around the middle height. In the case of heavy
rainfall, the lateral displacement became large also near the top surface level in
retaining walls.
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Horizontal Pressure on a Non-yielding
Wall Due to Flexible and Rigid Strip
Loading

Yung-Show Fang, Chia-Pei Lin and Cheng Liu

Abstract This paper studies lateral earth pressure on an unyielding wall due to
flexible and rigid strip surcharge loads. Dry Ottawa sand was used as backfill
material. The 1.5 m-high model retaining wall at National Chiao Tung University
(NCTU) was used to investigate the horizontal earth pressure induced by flexible
and rigid surcharge loads. The center lines of the strip footings were applied at 0.15,
0.30 and 0.60 m from the surface of the wall. Based on the experimental work, the
following conclusions were made. As the strip loading approached the wall, the
stress concentration zone under the footing moved closer to the unyielding wall,
causing the horizontal stress increment Aoy, acting near the top of the wall to
increase. The experimental R/H values were equal to or slightly greater than the
R/H values calculated with the method of image (Mindlin 1936), where H is the
wall height and R is the vertical distance between the increment loading resultant
APy, and wall base. The method proposed by NAVFAC DM-7.2 underestimated the
point of application of the induced horizontal increment thrust. The test results of
APy, and R/H due to the application of flexible and rigid strip footings were quite
similar.

Keywords Earth pressure - Flexible footing - Non-yielding wall - Rigid footing -
Surcharge load

1 Introduction

Traditionally, civil engineers build retaining structures to resist the earth pressure.
The retaining wall would support not only the horizontal pressure caused by the soil
mass behind the wall, but also the pressure increase due to surcharge loads. Various
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types of loading may be applied on the surface of the backfill, such as a heavy
roller, mechanical equipment, and passing vehicles. The various surcharge loads
may cause different lateral pressure increment on the wall. The earth pressure
distribution behind the wall has a great influence on the safety of the retaining
structure. It influences not only the stress within the body, but also the structural
safety. Therefore, the increment of lateral earth pressure due to surcharge loading
on the retaining wall should be carefully considered.

The estimation of increment of lateral pressure on the wall due to various types
of surcharge loads is based on the elastic solution. The application of elastic theory
is limited to perfect elastic, homogeneous, and isotropic materials. Terzaghi (1954)
proposed equations to estimate the horizontal stress due to a line load. The equa-
tions suggested by Terzaghi are widely adopted by design manuals, such as the U.S.
Navy Facilities (NAVFAC) Design Manual DM-7.2 (1982).

Mindlin (1936) pointed out that, as the horizontal displacements at the rigid wall
will be zero, the “method of image” may be invoked to predict the horizontal stress.
The method of image was based upon the principle of superposition. As illustrated
in Fig. 1, the stresses in an elastic solid due to a point load P imply horizontal
deformations in the x-direction at the position of the wall. The horizontal defor-
mation may be brought back to zero by the application of an imaginary point load
P’, magnitude equal to P. However, by the principle of superposition, the horizontal
stress o, on the wall will be doubled when P’ is applied.

Fig. 1 Principle of the
method of image (Mindlin
1936)
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Lateral Pressure
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2 Surcharge Loading System

2.1 Reaction Frame

The NCTU non-yielding retaining wall facility (Chen and Fang, 2008) was used for
all experiments in this study. To provide an adequate reaction for the surcharge
load, a reaction frame was constructed around the soil bin, as shown in Fig. 2. The
reaction frame consists of four parts: (1) columns; (2) fixed beams; (3) movable
beam; and (4) lateral bracing. All of the columns and beams were made of I-section
steel beams (Designation: W 6 X 20). Two 2.6 m-long fixed beams were connected
to four fixed columns with steel bolts. The model wall shown in Fig. 2 was
1.5 m-wide, 1.6 m-high, 45 mm-thick and made of a solid steel plate. The model

Moveable
Beam

Fixed Beam

Mechanical
Actuator

Removable
Lateral Bracing
Fixed
Column

2]

Strong floor

Unit : mm

Fig. 2 Model wall and reaction frame
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wall was actually the front side of the reinforced soil box. Fifteen transducers
SPT1-SPT15 (Kyowa PGM-02 kg, capacity = 19.6 kN/m?) were arranged within
the central zone of the model wall to measure the horizontal earth pressure oy, acting
on the model wall. For more information regarding the NCTU non-yielding
retaining wall facility, the readers are referred to Chen and Fang (2008).

2.2 Flexible Footing

To transmit the vertical force from the actuator, a steel socket with semi-spherical
fillister was welded on the lid as shown in Fig. 3a. The steel ball and socket were
designed to ensure that only the vertical force was carried over to the footing. To
provide a uniform strip pressure on the soil, an air cushion was sandwiched between
the steel lid and soil, as shown in Fig. 3a.

2.3 Rigid Footing

In Fig. 3b, the footing plate was made with aluminum alloy to maintain the high
stiffness of footing and to decrease the dead load of the footing. To provide a
uniform loading on top of the rigid footing, an air cushion was sandwiched between
the steel lid and footing. For measuring the settlement of the rigid footing, two
displacement transducer stands on the steel lid were removed, so that the dis-
placement transducers could be set on the stands of the rigid footing as shown in
Fig. 3b.

(b)

%
Aluminum Alloy Footing

Fig. 3 a Flexible footing. b Rigid footing
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3 Experimental Results

3.1 Earth Pressure at-Rest

Experimental results of the earth pressure at-rest were measured by soil pressure
transducer (SPT) after the backfill was filled up to 1.5 m. The relative density achieved
for the loose backfill was 35 %. The method of air-pluviation was adopted for all tests
to prepare the backfill. As shown in Fig. 4, the experimental earth pressure at-rest for
Tests 0518, 0526, 0609, and 0610 were compared with the Jaky (1944) solution for
loose sand. In this figure, the Earth pressure distribution was approximately linear and
in fairly good agreement with Jaky’s equation. The point of application of the at-rest
thrust would act at about third of the wall height H/3 above the base.

3.2 Ultimate Bearing Capacity of Loose Sand

To apply an appropriate surcharge intensity q on the surface of the backfill, it was
necessary to determine the ultimate bearing capacity g, of the air-pluviated loose
sand. As shown in Fig. 5, the surcharge loading system was used to establish the
load-settlement relationship for the strip footing. A load cell (Kyowa LUK-A-5
KNSA1, capacity = 5 kN) was used to measure the vertical force transmitted to the
footing.

Fig. 4 Earth pressure at-rest

Loose Sand
D,=35%

¢: 310
v=15.6kN/m?3
— Jaky

O test0518
o test0526
A test0609
% test0610

* > o 0O

Depth, (m)

16 20
Horizontal Earth Pressure, s, (kPa)
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Fig. 5 Apparatus setup of

ultimate bearing capacity test Mechanical g
Actuator

: Load Cell
Displacement
. Transducer 4

N —

Ottawa
Sand

» | Reference
Beam

The load-settlement relationships obtained were shown in Fig. 6. There was no
obvious peak load measured during the loading process. Up to 2014, there is no
reliable theory for estimating the ultimate bearing capacity of punching failure. Das
(1994) reported that the ultimate bearing capacity gy, of footing can be defined as
the load corresponding to S = 0.15B-0.25B, where S is settlement of the strip
footing and B is the width of strip footing. From a conservative point of view, in
Fig. 6, (B =100 mm and S = 15 mm), g, = 24.1 kN/m? was selected as the
ultimate bearing capacity for the strip footing on loose sand. Parameters used in this
paper, such as H, R, X, g, m, n, Aoy, and APy, were illustrated in Fig. 7.

3.3 Lateral Pressure Due to Rigid Footing

3.3.1 Strip Load at X = 0.1H

Figure 8a showed the distribution of Acgy, due to a rigid strip load g = 0.22qy
applied on the surface of backfill. The test data were in fairly good agreement with
that calculated with the method of image. In this figure, the DM 7.2 equation
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Fig. 6 Load-settlement relationships for strip footings on loose sand
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Fig. 7 Parameters discussed in paper

apparently underestimated the Agy, at the upper 0.3 m of backfill, and it overesti-
mated the Agy, at lower 1.2 m of backfill. The similar observation could also be
obtained for the Agy, distribution shown in Fig. 8(b).
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Fig. 8 Variation Aoy, with depth (m = 0.1)

3.3.2 Strip Load at X = 0.2H

The distribution of horizontal pressure increase Aoy, due to the application of a rigid
surcharge g = 0.22¢qy;, located at 0.30 m from the face of the wall (m = 0.2) was
shown in Fig. 9a. It was found that the measured Aoy, was in fairly good agreement
with that calculated with the method of image, but greater than that calculated with
the DM 7.2 at upper 0.4 m of backfill. Figure 9b showed the Aoy, due to the
application of surcharge g = 0.33qy;. In the figure, the measured Aoy, at upper
0.5 m of backfill was slightly lower than that estimated with the method of image.
However, the DM 7.2 method overestimated the Aoy, at lower 1.0 m of backfill.
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Fig. 10 Variation Agy, with depth (m = 0.4)

3.
Figure 10a showed the distribution of Agy, due to the application of a rigid strip

3.3 Strip Load at X = 0.4H

loading g = 0.22¢,,,. At the depth less than 0.6 m, the experimental Ag;, values
were in relatively good agreement with theoretical solution. At the depth greater
than 0.6 m, the test results were obviously less than the theoretical solution. Similar
observations could be obtained based on the test results shown in Fig. 10b.

3.4 Effect of Surcharge Location

The variation of soil thrust coefficient AK}, (defined as AK}, = APh/O.Ssz) as a
function of location of surcharge for g = 0.22¢,; and g = 0.33g,;; was shown in

Fig. 11a, b. It was found that
1. Both the experimental and theoretical AK}, increased with decreasing parameter

m (the strip load approached the wall).
2. The test results of AK}, due to the application of flexible and rigid footings were

quite similar.
The variation of the point of application of the horizontal resultant AP}, as a
function of surcharge location was shown in Fig. 12a, b. It was found that
1. Both the experimental and theoretical location (R/H) of APy increased with

decreasing parameter m. As the strip load approached the wall, the stress con-
centration zone under the footing moved closer to the unyielding wall, causing

the Agy, acting near the top of the wall to increase.
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Fig. 11 Normalized AK},
with parameter
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b g = 0.33qu
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2. The parameter R/H measured for g = 0.22¢, and g = 0.33¢g,;, were almost
identical. Typical R/H values ranged between 0.73 and 0.85.

3. The experimental R/H values were equal to or slightly greater than the
R/H values calculated with the method of image. The DM-7.2 method under-
estimated the point of application of the induced force increment AP,.



Horizontal Pressure on a Non-yielding Wall Due ...

Fig. 12 Point of total thrust
R/H with parameter
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The measured earth pressure at-rest was in fairly good agreement with the Jaky
solution. For the strip surcharge load applied quite close (m = 0.1) to the face of the
wall, the Aoy, measured near the top of the wall was significantly greater than that
estimated with the design manual DM-7.2. As the strip load approached the wall,
the stress concentration zone under the footing moved closer to the unyielding wall,
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causing the Agy, acting near the top of the wall to increase. The experimental
R/H values were equal to or slightly greater than the R/H values calculated with the
method of image. The DM-7.2 method underestimated the point of application of
the induced force increment AP;. The test results of AK}, and R/H due to the
application of flexible and rigid strip footings were quite similar.
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Matric Suction and Shear Modulus
of Unsaturated Compacted Lateritic Soil
Subjected to Drying and Wetting

Horn-Da Lin, Cheng-Chun Wang and Johnson H.S. Kung

Abstract Compacted lateritic soils used widely in geotechnical engineering in
Taiwan are usually under unsaturated condition. Nonetheless, their mechanical
behavior is rarely studied. It may be due to complexities in the testing technique
especially when comparing with saturated conditions. This study, therefore,
attempts to investigate the effects of drying and wetting on the unsaturated com-
pacted soil by self-developed moisture simulation apparatuses. A testing system is
also developed to measure the matric suction and shear modulus by integrating
bender element, pressure plate, and the filter paper technique. Soil specimens are
compacted at different initial water contents including the optimum moisture con-
tent (OMC), OMC — 3 % (dry of optimum), and OMC + 3 % (wet of optimum).
Then, soil specimens are subjected to different scenarios of drying—wetting paths
before measuring the matric suction and shear modulus. The essence of the
experimental processes of this study is described below. Conclusions of the test
results are also summarized herewith.

Keywords Unsaturated soil - Matric suction - Soil-water characteristic curve -
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1 Introduction

Residual lateritic soil, mostly in unsaturated condition, is commonly found in
western tableland of Taiwan. Due to recent urbanization, lateritic soil has been used
in geotechnical constructions such as embankments, dams, and highways. To
evaluate the performance of these constructions, the soil properties especially soil
stiffness and strength must be known. This paper intends to study the stiffness of the
lateritic soil in terms of the shear modulus. This study adopts the bender element
test since it provides a fast and simple mean to determine the shear wave velocity.

For an unsaturated soil, matric suction is an important index. The unsaturated
lateritic soil is affected by the nature water cycle of wetting and drying due to
seasonal rainfall. Drying can increase the matric suction, but it can also cause
cracking and shrinkage when the water content is too low. On the other hand,
wetting can decrease matric suction then result in soil bearing capacity decrease and
shallow-type slope failure in the extreme condition. Therefore, it is worthwhile to
study the influence of matric suction on the shear modulus upon drying and wetting.
Former studies have showed that matric suction of unsaturated soils is closely
related to shear modulus. In particular, by using filter paper method, Wang et al.
(2010) showed that the matric suction increased due to drying path. In addition,
Yang et al. (2008), Sawangsuriya et al. (2006) investigated the shear modulus of
unsaturated soil under wetting path with bender element test and indicated that
shear modulus decreased as matric suction decreased. Nevertheless, a compre-
hensive correlation between the shear modulus and the matric suction due to drying
and wetting has not been investigated.

This paper presents a comprehensive experimental study on matric suction and
shear modulus of unsaturated a compacted lateritic soil subjected to drying and
wetting. In specific, the pressure plate test is used to measure the soil-water charac-
teristic curve of the lateritic soil. Environmental simulation test is adopted to impose
predetermined wetting and drying paths on soil samples. Soil specimens of three
different initial compaction states are studied including the optimum moisture content
(OMC), dry of optimum, and wet of optimum. When drying or wetting process is
complete water contents are measured. Then, the bender element and filter paper
method are utilized to measure the small-strain shear wave velocities and the matric
suction, respectively. The essence of the experimental processes of this study is
described below. Highlights of the test results are also discussed herewith.

2 Experimental Process

2.1 Soil Preparation

The lateritic soil is classified as CL according to Unified Soil Classification System.
Its specific gravity, liquid limit, and plastic index are 2.69, 48.6, and 25 %,
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respectively. The soil specimens were compacted by the Modified Proctor. Prior to
the compaction, the soils were air-dried for several days and cleaned by removing
large impurities such as roots and vegetation. The target moisture contents of the
soil samples were optimum moisture content (OMC), OMC — 3 % (dry of opti-
mum), and OMC + 3 % (wet of optimum). The corresponding dry densities were
1.69, 1.61, and 1.63 Mg/m°, respectively. The required amount of distilled water
was sprayed on the air-dried soil and thoroughly mixed with the air-dried soil. The
fully mixed soil was put into a plastic bag and stored in the humidity controlled
room for about one day to ensure homogeneity. Soil specimens with 100 mm
diameter and 120 mm height were compacted. After compaction, the soil speci-
mens were trimmed to the desired size of 100 mm height and 50 mm diameter for
the testing.

2.2 Environmental Simulation Test

The soil specimens were cured with different paths of drying or wetting by the
apparatus shown in Fig. 1. The environmental simulation apparatus is shown in
Fig. 1a. The apparatus contains three cube boxes. Each box has side dimension of
45 cm and was made of acrylic plates of 0.8 cm thick. Timer setting sprinklers
installed on top are used to create a wetting apparatus that can simulate rainfall
infiltration. The calibration test proves that the relative humidity in each box is
indeed not affected by the change of relative humidity of outdoor. For drying
simulation, a 60 W light bulb was installed beneath the ceiling of the box to
simulate sunshine drying as shown in Fig. 1b. The drying room is a 48 cm cube
box made of acrylic plate of 1 cm thick. The temperature in the box was controlled
approximately at 37°. After the curing processes, the uniformity of the moisture
content inside the soil specimen was carefully checked. Figure 2 shows that the

(b)

Fig. 1 Schematic diagram of environmental simulation apparatus. a Wetting apparatus. b Drying
box
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Fig. 2 Moisture content distribution of compacted soil sample after wetting

difference in moisture content after wetting, between the measured values and the
mean value is less than 0.46 %. Extensive calibration tests have proven that the
wetting and drying apparatuses can successfully impose desired wetting and drying
paths onto the soil specimen with excellent moisture homogeneity (Wang et al.
2010; Yang et al. 2008).

2.3 Matric Suction Measurement (Pressure Plate Test
and Filter Paper Test)

Pressure plate test in this study follows the ASTM D3152-72 standard (ASTM
2000). The specimen pre-saturated by oedometer was placed in the pressure
chamber (5 or 15-bar) for testing. A schematic diagram of the pressure plate test
was shown in Fig. 3. Afterwards, target air pressures were applied. For each stage
of air pressure, if the difference in the specimen weight measured between two days
was within 0.05 g the sample was deemed in equilibrium. The moisture content was

Fig. 3 Schematic diagram of
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Fig. 4 Filter paper method for measuring soil suction

recorded. The soil-water characteristic curve (SWCC) can be constructed by cor-
relating various stages of air pressure and moisture content values (ASTM 2000).

In this study, the filter paper method was also conducted according to ASTM D
5298-94 (2000), Wen (2007). Figure 4 illustrates the test setup for suction mea-
surement. The soil specimens were cut into two layers. A stack of three filter papers
was placed at the center of the two specimens. Then, the specimen was put into a
glass container for about 7-10 days for equilibrium. The moisture content change
of the central filter paper was measured by an electronic balance with 0.0001 g
accuracy. It was then converted to equivalent matric suction values by the cali-
bration curves (Yang et al. 2008).

2.4 Bender Element Test

When the moisture content of the soil specimen reached a preassigned state, the shear
wave velocity was measured using the bender element. Particularly, the bender ele-
ments were placed in two ends of the specimens through striated notches, as shown in
Fig. 5a. Its thickness, width and height are 1, 12, and 10 mm, respectively. One
bender element functions as the shear wave transmitter and the other acts as the
receiver. To facilitate the test under suction controlled condition, one of the bender
elements needs to be installed into the triaxial base plate with high air entry disk, as
shown in Fig. 5b. Figure 6 shows the integrated testing system of the bender element
test. A sine pulse was generated by a EGC-3236A with 10 MHz and +10 V function
generator. Signals were displayed on a high definition oscilloscope. The high defi-
nition oscilloscope is a Nicolet Type Pico ADC212/100 with a definition of 12 bit in
each channel and a maximum sampling rate of 100 MS/s. The travel time of the shear
wave was used to compute the shear wave velocity V. Finally, the shear modulus
Gnax can be calculated according to equation: Gpax = pr.
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(b)

Fig. 5 Pictures of bender elements. a Bender element. b Bender element integrated with ceramic
disk
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Fig. 6 Bender element testing system for measuring shear modulus

3 Test Result and Discussion

3.1 Unsaturated Soil Characteristic Curve

Figure 7 shows the SWCCs of two sets of soil samples with initial compaction
water contents of OMC and OMC + 3 %. The water retention ability is better for
optimum samples as expected. The test result indicated that the air entry value of
the optimum soil specimen is slightly higher than that of the wet of optimum soil
specimen. Besides, pore water dissipated easier when the air pressure increases for
the wet of optimum soil specimen.
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3.2 Influence on Matric Suction Under Different
Wetting and Drying Paths

All three sets of test results are plotted together in Fig. 8 to demonstrate the general
trend of influence of the initial compaction state. The test results show that matric
suction decreases and water content increases when soils are subjected to wetting.
Matric suction decreases with increasing water content. The change in matric
suction is much less significant upon wetting despite of the initial compaction
condition. When wetting continues and reach the equilibrium water content all three
sets of test results converge together. This implies that suction behavior is no longer
influenced by the initial compaction state because soils are almost fully saturated
under this circumstance. On the other hand, drying test results shows that the matric
suction increases much more significantly and rapidly than that of wetting. The
effect is the least for optimum samples as would be expected.

Fig. 8 Water content versus 25
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3.3 Influence of Wetting and Drying on Shear Modulus
and Matric Suction

Figure 9 shows the relationship between matric suction and shear modulus of
unsaturated soil under drying and wetting paths. It is observed that the variation in
the shear modulus is highly correlated to the change in the matric suction. For
example, in the wetting path, the moisture content increases with reduction in the
matric suction. As a result, shear modulus also decreases. On the other hand, in
the drying path, the moisture content decreases quickly with sudden increase in the
matric suction. This phenomenon leads to sudden increase in the shear modulus.
Apparently, variations in both shear modulus and matric suction are more pro-
nounced in the drying path than those in the wetting path.

A regression analysis is used to establish the correlation equations between shear
modulus and matric suction, as shown in Table 1. The coefficient of determination
(R?) values range from 0.89 to 0.99. It indicates that the shear modulus and the
matric suction are highly correlated. In other words, it is feasible to evaluate the
shear modulus by means of the matric suction. Moreover, the regression analysis is
conducted between the shear modulus and the water content. It is found that the
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Fig. 9 Shear modulus versus matric suction

Table 1 Regression analysis results of matric suction and shear modulus

Initial state Drying path Wetting path

Regression equation R’ Regression equation R’
Dry of optimum | Gyax = 0.1192y + 60.3530 | 0.98 | Gax = 0.0095y + 232.7399 | 0.89
OMC Giax = 0.0113y + 90.2226 | 0.94 | Gyax = 0.0128y + 87.1897 | 0.95
Wet of optimum | G = 0.0102y + 57.6420 | 0.97 | Gpax = 0.0102y + 42.2416 0.99

Note y = matric suction (kPa); Gy,.x = shear modulus (MPa)
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shear modulus has higher correlation with the matric suction than the water content
(Wang et al. 2010). Therefore, the matric suction is a good index to estimate the
shear modulus in engineering applications.

4 Conclusions

In this study, the lateritic soil was tested to study the influence of the matric suction
upon wetting and drying path. The environmental simulation apparatus filter paper
method and bender element test were successfully integrated. The pressure plate
test was also used to measure the SWCC curve. Soil samples were compacted at
optimum moisture content, dry of optimum, and wet of optimum. They are then
cured with different paths of drying or wetting using the environmental simulation
apparatus. After wetting or drying, the specimens were tested to determine the shear
wave velocity using the bender element, and then, the filter paper method was used
to measure the matric suction.

The SWCC results show that the water retention ability is better for optimum
samples as expected, and the air entry value is slightly higher than that of the wet of
optimum samples. Test results also indicate that upon wetting soil’s shear modulus
and matric suction decrease as water content increases. On the other hand, the shear
modulus and matric suction increase with water content decrease upon drying.
Comparison of test results of drying and wetting indicate that the influence on
matric suction and shear modulus is path dependent and more pronounced due to
drying. The regression analysis showed that the coefficient of determination (R?)
between shear modulus and matric suction ranges from 0.89 to 0.99. The above
findings suggest that the matric suction is a key index parameter when predicting
the shear modulus of unsaturated lateritic soils.
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A Constant-Head Well Permeameter
Measurement of Saturated Hydraulic
Conductivity in the Vadose Zone

and the Capabilities of Carbon Dioxide
Injection

Makoto Nishigaki and Sten-Magnus Mostek

Abstract The constant-head well permeameter (CHWP) method is a
single-borehole infiltration test for in situ measurements of field-saturated hydraulic
conductivity (Ky) in the vadose zone. A measuring instrument was designed for the
determination of K, at greater depths using a pipe-in-pipe overflow system with a
submersible pump. The entrapment of air in the soil pore system inhibits truly
saturated conditions during infiltration tests. A proven method to reduce the
influence of entrapped air is the displacement of soil air with carbon dioxide. In this
study, the designed CHWP was put to the test in a field experiment in a sandy soil.
Injection of CO, was applied in 7 out of 11 tests for varying durations and flow
rates in order to find an optimal combination. The experimental results show a
considerable increase in K¢ by about a factor of 1.5 due to the application of CO,.
An average hydraulic conductivity of 1.6E—06 m/s was determined in tests without
COs-injection, 2.4E—06 m/s in tests with sufficient CO,-injection, and 2.8E
—06 m/s in laboratory falling-head hydraulic conductivity tests. The optimal setting
for the injection of CO, was duration of 1 h with a flow rate of 20 L/min.
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1 Introduction

Practical methods to determine the (field-)saturated hydraulic conductivity (Kg) in
the vadose zone are needed, especially for greater depths, in order to improve slope
stability analysis in the event of heavy rainfall by taking seepage velocity and
pore-water pressure distribution into account. Infiltrating rainfall as well as rising
groundwater levels lead to an increase in pore-water pressure in the unsaturated
soil. In consequence, the resisting forces cohesion and shear strength decrease.
Commonly, slope stability analysis is based on the static equilibrium between the
forces resisting movement and the forces driving movement. However, rainfall
infiltration and seepage flow are transient processes. Possible mass wasting due to a
loss of matric suction caused by high-intensity rainfall is described in detail by
Fredlund et al. (1993). Fredlund’s simulated data further show that the factor of
safety decreases to a minimum at the end of a rainfall period, and afterwards
slightly increases again until a steady state condition is reached. Another point of
concern, especially for levees and for natural slopes close to groundwater level, is
the moment when the wetting front reaches the phreatic zone. Seepage then causes
the capillary fringe to drain and, in effect, raising the phreatic surface to an inter-
mediate higher level. The resulting groundwater runoff increases the seepage force,
further destabilizes the slope, or eventually triggers the failure even before a stable
steady state condition is reached for the higher groundwater level. It is therefore
considered important to take the seepage velocities under saturated and unsaturated
conditions into account for slope stability analyses in order to improve risk man-
agement and disaster prevention for heavy rainfall events.

2 Theoretical Background

The method presented in this study is based upon a single-borehole percolation test
referred to as (constant-head) well permeameter (U.S. Bureau of Reclamation 1990)
or as shallow-well pump-in method (Boersma 1965). According to Phillip (Philip
1985), the constant-head well permeameter (CHWP) is a technique that “...involves
drilling a vertical borehole and determining the steady state discharge of water into
the borehole, g, necessary to maintain the water in the hole at a prescribed level.” A
wide range of designs have been developed for the single-borehole permeameter
test as well as various approaches to compute the saturated hydraulic conductivity
(Ksap)- Analytical solutions for different borehole designs were compared to results
of numerical simulations by Reynolds (2013). In the present study, the solution of
the Laplace’s equation proposed by Glover (Zangar 1953) for steady state flow
from an uncased borehole above the water table is applied



A Constant-Head Well Permeameter Measurement ... 611

H
v :2n16(1H2 [Hsinh“(—) —Va® + H* + a} (1)
a

where y [L] is the pore pressure, g [L3T Y] is the discharge, k [LT '] is the
hydraulic conductivity, H [L] is the water level inside the borehole, and « [L] is the
borehole radius, respectively. With H set sufficiently larger than a (H/a = 10) and y
equal to H at the borehole bottom, Eq. (1) can be simplified to

k= 2;;[2 [sin ! (g) - 1] 2)

Hereinafter, measured k is referred to as Ky to clearly distinguish between
theoretically full saturation and field saturation. The Glover solution is part of the
standard methods proposed by the United states Bureau of Reclamation (U.S.
Bureau of Reclamation 1990), as well as recommended in the Japanese Standards
for Geotechnical and Geoenvironmental Investigation Methods (Japanese
Geotechnical Society 2004), among others. However, a number of approximations
are applied within: flow is confined in a saturated cylindrically shaped field, the free
surface; flow occurs solely due to pressure from the source, the borehole; gravi-
tational flow only adds a downward component; and the soil outside the free surface
has no influence on the flow. Hence, the Glover solution neglects any form of flow
due to capillarity. For that reason, a sorptivity coefficient a, or sorptive number, has
been introduced by Philipp (1985) and Reynolds and Elrick (1985a, b) to adjust for
capillary flow. However, Reynolds (2013) concluded for the Glover solution that it
“... yield[s] accurate estimates of K¢ (<25 % error) when H/a = 10, a* = 12 m
a = 10 cm [...] and can therefore be used with reasonable confidence under those
conditions.” With the sorptive number a* > 12 m™' is representing moderate
capillarity as of loamy, medium grain size sandy soils.

3 Restrictions and Improvements

The theoretically required large volume of water as well as the long infiltration time
to achieve steady, saturated conditions, are criteria restricting the viability of the
USBR procedure. According to the USBR’s specified Eq. (3), the volume is
dependent on the borehole geometry, the ratio of H to a. With the aforementioned
ratio of H/a 2 10 and the specific yield (S) set to 0.35 for an unknown soil, Eq. (3)
yields a minimum volume of water (V ;) of at least 60 L. The minimum time (t,;,)
is given with 6 h in the tests description, and up to days for very low permeable
soils applying Eq. (5).
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3
Vinin = 2.09 - S - H? % (3)
sinh™ H/a -1

Vimax = 2.05 - Viin (4)

Vmin
Imin = 5
p (5)

In an extensive field experiment Stephens and Neuman (1983) verified that the
USBR’s estimates for V,,;, and V.. are reasonable, though stable and highest
infiltration rates were partially found at volumes exceeding V... Further, Stephens
utilized CO, to displace soil air in order to achieve a higher level of saturation.
Compared to air, the injected CO, dissolves better and faster into the infiltrating
water, thus, reducing the amount of entrapped air and resulting in higher K-values
due to an increased maximum saturation. In laboratory experiments with soil col-
umns Christiansen et al. (1946) showed what Stephens and Neuman (1983) also
approved in his field study: Pretreatment of the soil with CO, may reduce the
required water and infiltration time as well as increase the measured hydraulic
conductivity by a factor of about two to three.

Taking the findings of Stephens into account, the CHWP field experiment was
conducted to put the practicability of the instrumental setup to the test and to
compare the results of in situ measurements, with and without CO,-injection, to the
results of a laboratory falling-head hydraulic conductivity tests.

4 Instrumental Setup and Measuring Procedure

The schematic design of the measuring instrument is shown in Fig. 1 and consists
of the parts listed in Table 1.

The borehole and tubing dimensions used in this field test were chosen to match
Japanese standard tubing diameters. The borehole depth and diameter were 1.9 m
and 86 mm, respectively, with a screened height of 1 m. The inner tube had a
diameter of 66 mm with vents at the height of 0.7 m.

The borehole was drilled to the desired depth using a core drill. A well screen
with the outer tube was inserted to prevent the borehole from collapsing. The inner
tube was prepared with vents to maintain the constant water level in the borehole at
the designed height and the end of the inflow hose was fixed below the vents. The
submersible pump with an attached water level meter was inserted into the inner
tube and then placed inside the outer tube. The infiltration water was pumped from
the supply tank on top of the scale to the constant-head reservoir, while excess
water flowed back. From the constant-head tank, the water discharged into the
borehole where it filled the void between the soil and the inner tube up to the height
of the vents. Excess water flowed over into the inner tube, from where it was



A Constant-Head Well Permeameter Measurement ...

e)

613

d)
L g  SRETG
\ I
9) ‘ ) N
N— ‘ : i I — :
’ '.ni l"'.
R A T,
Pt £ : .
‘zli Y v v -
" :o' +. 1 0.7m
-‘“ [ ] rR o l“ ;
.. L] 1 ] | B
PSS, : ! o -]

A

| 86 mm

.66 mm__,

Fig. 1 Instrumental setup of the CHWP

Table 1 List of equipments

(a) Computer

« Plastic hoses

(b) Electric scale

¢ Thermometer

(c) Water supply tank

* Automotive battery

(d) Hydraulic pump

« Ladder

(e) Constant-head water reservoir

* Engine-generator

(f) Submersible pump

(g) Outer tube

For the pretreatment with CO,:

(h) Well screen

* CO, gas tank

(i) Water level meter

* Pressure regulator

(j) Inner tube

« Plastic cap
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pumped back up at the moment the water level reaches the water level meter. At
first, fine, loose soil particles were washed out and for several times the pumped up
water was discarded. As soon as the water became clear, the outflow hose was fixed
to the inside of the supply tank. The inflow rate was regulated at the valve of the
constant-head reservoir to maintain a slight overflow into the inner tube and lessen
the pumping frequency. Over the course of a test, the water inflow had to be
adjusted to the changing infiltration rate. A frequency of about five to ten minutes
proved to be practical in terms of handling the manually operated pump as well as
for the data analysis. The measurement was started and stopped with the inner tube
filled up to the height of the water level meter. The weight of the supply tank was
recorded by the scale in a one-second interval.

For the pretreatment with CO, the inner tube was removed, a plastic cap was
fixed onto the outer tube and the borehole margin was sealed with plastic foil, duct
tape, and weights in order to prevent gas leakage. The CO, was injected through the
cap into the borehole at a constant pressure for the prescribed time and flow rate
(Table 2).

Fifteen infiltration tests were conducted within five weeks in a sandy soil, the
ancient fluvial deposits of the Asahi River in Okayama, Japan. Four test results had
to be discarded because of clogging of the well screen as well as equipment failure,
leaving eleven representative results. Seven of the tests were conducted with the
injection of CO, for varying durations and flow rates, while the delivery pressure
was kept constant at 100 kPa. K, was determined from four samples with
falling-head hydraulic conductivity tests according to the Japanese Industrial
Standard (JIS) A 1218 (Japanese Geotechnical Society 2009).

Table 2 Summary of test sequences and results

Test | Infiltration time (h) | CO,-injection K, (m/s)
Duration (h) | Pressure (kPa) | Flow rate (L/min)
#01 | 3.5 - - - 1.49E-06
#02 | 3.5 - - - 1.83E-06
#03 | 3.5 1.0 100 10 1.76E-06
#04 | 3.0 1.0 100 15 2.36E—-06
#05 | 3.0 1.0 100 20 2.49E-06
#06 | 3.0 2.0 100 10 2.23E-06
#07 | 3.5 2.0 100 20 2.30E-06
#08 | 4.0 - - - 1.69E—06
#09 | 4.5 0.5 100 10 1.33E-06
#10 | 4.5 0.5 100 20 1.33E-06
#11 |45 - - - 1.32E-06
Laboratory test — K, mean value 2.83E—06
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5 Data Analysis and Evaluation

The natural soil consisted of a medium to fine grained sand with a small fraction of
silt (Fig. 2; Table 3). A layer of gravel and rubble covered the sand to a depth of
1 m.

The discharge into the borehole g(f) was determined from the difference in
weight of the supply tank after the water was pumped back up completely from the
inner tube. Kg(f) was calculated using Eq. (2). The final Ky-values are at best
calculated from a portion of the g(7)-series that shows a steady discharge rate.
However, steady state conditions were not achieved in these short term measure-
ments. Therefore, K¢ given in Table 2 was calculated from ¢g(7) at the end of each
test.

Figure 3a shows the results of the tests without an injection of CO,. In the tests
#1, #2, and #8, K;, decreases in the first 1.5-2 h, and increases afterwards till the
end of the infiltration test. It is believed, that the initial decrease in K¢ is mainly due
to the decrease in capillary suction and the entrapment of soil air during the wetting
process of the soil surrounding the borehole. The following increase in Ky indicates
the gradual dissolution and displacement of entrapped air. In Test #11, K¢ increases
continuously from the beginning of test, presumably due to an initially higher
moisture content. In these four tests, steady state infiltration was not achieved
within the 3.5-4.5 h of water infiltration. Long term measurements could provide
further information regarding the highest achievable K, and the necessary
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Table 3 Soil composition Soil parameter
Density 1.44 g/em?
Medium sand 52 %
Fine sand 34 %
Silt 13 %
Dso 0.25 mm
Dyo 0.13 mm
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Fig. 3 Experimental results of the measurements a without CO,-injection, and b with CO,-
injection for different durations and flow rates prior to the infiltration test

infiltration time for tests without the application of CO, and could be subject to
future studies.

Figure 3b shows the results of the infiltration tests with an injection of CO, for
the different durations and flow rates. It can be seen that an injection time of 30 min
had no effect on the measured K. The determined values are similar to the tests
without CO,. The COs,-injection for 1 h with 10 L/min resulted in a slightly
higher Ky, nevertheless, not significantly higher than the results of Test #2 and Test
#8 conducted without CO,. However, an injection for 1 h with 15 or 20 L/min as
well as for 2 h with 10 and 20 L/min caused a significant increase in Ky by about a
factor of 1.5 compared to the average Kj of tests without an injection of CO,.

In contrary to Fig. 3a, the results of the measurements with a CO,-injection for
more than 30 min show a decrease in K over the course of the measurement. The
highest K¢ occurred at the beginning of the measurement, rather than at the end.
Similar results were reported by Christiansen et al. (1946) and Stephens and
Neuman (1983) for the use of CO, in laboratory experiments and in field experi-
ments, respectively. Hence, indicating a successful displacement of air by CO, in
those field tests. However, the CO, concentration and the moisture content in the
soil surrounding the borehole were not monitored in this field experiment. Thus, the
true extent of the soil air displacement, the influence of capillary suction, and
the development of the wetted region remain unknown. The decline of Ky near the
end of the measurement might be influenced by capillary effects and entrapped air
as the wetting front develops past the extent of the CO, treatment. Measurements of
pressure head and soil moisture development during the infiltration tests with and
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Experimental Results
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Fig. 4 Summary of the experimental results from the field tests and the laboratory tests

without CO, injection may provide further information on the infiltration process
and could be another subject to future studies.

It needs to be mentioned that the K-values given in Table 2 and Fig. 4 were not
corrected for temperature changes and the corresponding changes in viscosity.
Although the temperature of the infiltration water and the air temperature were
recorded and showed strong diurnal variations depending on the weather condi-
tions, continuous soil temperature measurements were not feasible in this small
scale experiment. Since the measurements were conducted at a depth of 2 m and the
total amount of infiltration water was only about 30 L in 4 h, soil temperature was
considered as stable within the duration of a test as a first approximation. The
laboratory saturated hydraulic conductivity is corrected to 15 °C, which resembles
approximately the soil’s temperature.

6 Conclusions and Prospects

The measuring instrument with a single electric scale and a submersible pump
proved to be a practicable method for the in situ determination of K in a depth of 2
m. The results of the field experiment (Fig. 4) show that measurements with this
CHWP method underestimated Kj,. The injection of CO, proved to be a viable
method to increase the field-saturated hydraulic conductivity closer to the
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conductivity under saturated conditions. Injections for at least 1 h with 15-20
L/min were necessary in the silty, fine to medium sand. With an average of 1.58E
—06 m/s for the tests without CO, (tests #1, #2, #8, #11) and 2.53E—06 m/s for the
tests with sufficient CO, (tests #4, #5, #6, #7) the divergence from K, (2.83E
—06 m/s) was reduced from 44 to 17 % due to the injection of CO,.

Nevertheless, laboratory tests of the unsaturated hydraulic conductivity are
considered necessary to estimate the degree of saturation achieved during the field
tests. The effectiveness of the pretreatment with CO, needs to be examined for other
kinds of soil, especially for consolidated and low permeability soils used in levee
construction. In addition, the extent of the CO,-injection of the saturated bulb
around the borehole needs further experimental and numerical investigation to
allow for a better understanding of the flow conditions and of the termination of
each field test.

References

Boersma L (1965) Field measurement of hydraulic conductivity above a water table. In: Black CA
(ed) Methods of soil analysis, part 1. American Society of Agronomy, Madison, pp 234-252

Christiansen JE, Fireman M, Allison LE (1946) Displacement of soil-air by CO, for permeability
tests. Soil Sci

Fredlund DG, Rahardjo H (1993) Soil mechanics for unsaturated soils

Japanese Geotechnical Society (2004) Ground investigation: methods and descriptions. Japanese
Geotechnical Society

Japanese Geotechnical Society (2009) Geomaterial testing: methods and descriptions

Philip JR (1985) Approximate analysis of the borehole permeameter in unsaturated soil. Water
Resour Res 21(7):1025-1033

Reynolds WD (2013) An assessment of borehole infiltration analyses for measuring field-saturated
hydraulic conductivity in the vadose zone. Eng Geol 159:119-130

Reynolds WD, Elrick DE (1985a) In situ measurement of field-saturated hydraulic conductivity,
sorptivitiy, and the a-parameter using the Guelph permeameter. Soil Sci 140(4):292-302

Reynolds WD, Elrick DE (1985b) The constant head well permeameter: effect of unsaturated flow.
Soil Sci 139(2):172-180

Stephens DB, Neuman SP (1983) In situ determination of hydraulic conductivity in the vadose
zone using borehole infiltration tests

U.S. Bureau of Reclamation (1990) Performing field permeability testing by the well permeameter
method, USBR 7300-89. In: Earth manual, part 2, 3rd edn. United States Department of the
Interior, Bureau of Reclamation, Denver, pp 1227-1236

Zangar CN (1953) Theory and problems of water percolation, engineering. no 8. United States
Department of the Interior, Bureau of Reclamation, Denver



Remediation of Volcanic Ash Soil
in Related to Soil Erodibility Against
the Heavy Rainfall

Rina Devnita, Ridha Hudaya, Rija Sudirja, Ade Setiawan,
Mega F. Rosana and Hemanta Hazarika

Abstract Volcanic ash soil is a productive soil, but its P-retention has to be
reduced to increase the available P. This research remedied the volcanic ash soil
with steel slag and bokashi of husk to overcome the P-problem and to investigate
their influence to soil physical aspects related to the soil erodibility. The treatments
were arranged in randomized block designed in factorial pattern with two factors:
steel slag and bokashi of husk, each consisted four levels: 0, 2.5, 5.0, and 7.5 % of
soil weight (w/w), made the 4 X 4 or 16 combination treatments. The soil with each
treatment was mixed thoroughly, filled into polybags, watered to the field capacity,
closed tightly, incubated for four months, and sampled for chemical and physical
analyses. The parameters were P-retention, available P, bulk density, organic car-
bon, permeability, and erodibility. Texture and structure was measured prior to the
treatments to be calculated as erodibility factors. The results show that steel slag
and bokashi of husk interact in increasing available P from 10.02 to 70.02 ppm.
Steel slag and bokashi of husk do not interact in decreasing P-retention, decreasing
bulk density and increasing permeability, but bokashi of husk individually shows
the effect to such parameters. The soil erodibility is improved from 0.19 to 0.14.
These results show that the remediation of volcanic ash soil to fix the P-status will
also fix the soil erodibility against the heavy rainfall.

Keywords Steel slag - Bokashi of husk - Permeability - Organic carbon

R. Devnita (D<) - R. Hudaya - R. Sudirja - A. Setiawan

Department of Soil Science, Faculty of Agriculture, Padjadjaran University,
JI. Raya Bandung-Sumedang km 21, Bandung 40600, Indonesia

e-mail: rina.devnita@unpad.ac.id; rinabursi@yahoo.com

M.F. Rosana
Faculty of Geology, Padjadjaran University, Bandung, Indonesia

H. Hazarika
Faculty of Engineering, Kyushu University, Fukuoka, Japan

© Springer Japan 2017 619
H. Hazarika et al. (eds.), Geotechnical Hazards from Large Earthquakes
and Heavy Rainfalls, DOI 10.1007/978-4-431-56205-4_56



620 R. Devnita et al.

1 Introduction

Volcanic ash soil can refer to soil that was derived from ash, tephras, or other
pyroclastics materials (The Third Division of Soils 1973). Soil classification by
United State Department of Agriculture classified this soil as Andisol (Soil Survey
Staff 2014). The rapid weathering of pyroclastic materials serves the available
nutrients for plants like calcium (Ca), potassium (K), magnesium (Mg), and others
cations (Tan 1984). This contributes to its fertility, making this soil as one of the
most productive soil in the world. The weathering product of ash materials also
induces the distinctive soil physical characteristics like low bulk density (0.9 g
cm > or lower), and lead to the another good soil characteristics like high total soil
porosity, high permeability (10 °~10"* cm s™"), and high water holding capacity
that can hold hygroscopic water of 35-36 %, capillary water of 21-27 %, gravi-
tational water of 36—40 % (Bielders et al. 1990). These are the natural excellent and
distinguish chemical and physical soil characteristics against the erosion.

Contrast to the distinguish some soil chemical and physical characteristics,
volcanic ash soil has high phosphate (P) retention, contributes to the low P avail-
ability. Plants therefore have difficulty in absorbing P, one of the important
macronutrient for plant (Nanzyo et al. 1993). This problem has to be overcome to
reach the maximum capacity of this soil in serving food, fiber, and forage.
Overcome the problem of P-retention to maintain the productivity of volcanic ash
soils can be done by adding the silicate and organic matter. Steel slag and bokashi
of husk can be used as silicate and organic matter in releasing the P-retention.

The main purpose of application steel slag and bokashi of husk is to remedy the
soil chemical characteristics in reducing P-retention and increasing available P. The
soil physical characteristics like bulk density, permeability, and aggregate stability
should also gain attention as feared will aggravate them (Egashira 1983). Steel slag
has a high-bulk density (1.7 g cm ) meanwhile volcanic ash soil has a low-bulk
density (<0.9 g cm ). Mixing steel slag with the soil was wonderer will increase
the soil bulk density and lower the soil the permeability. There was not much
research which considers the effect of chemical application to the soil physical
characteristics. Whereas, those physical characteristics are the excellence hallmark
of volcanic ash soil that must be protected due to allow the optimization of roots
penetration, aerase condition, and the most important thing is the soil resistance
against erosion or erodibility.

Soil erodibility was defined by McIntosh and Laffan (2005) as the inherent
susceptibility of soil particles or aggregates to become detached or transported by
erosive agents such as rainfall, runoff, throughflow, wind, or frost. The soil
erodibility is calculated from parameters of soil permeability, texture, organic
carbon content, and structure (Sing and Khera 2009). The application of steel slag
and bokashi of husk will change the soil permeability and organic carbon content,
and therefore is wondering will influence the soil erodibility against erosion.

This paper discusses the chemical (P-retention, available P, organic carbon) and
physical properties (texture, structure, and permeability) of volcanic ash soil after
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be treated with steel slag (as silicate) and bokashi (as organic matter), and their
impact to the soil erodibility (K) against heavy rainfall.

2 Materials and Methods

The soil was collected from volcanic ash soil derived from Mt. Tangkuban Parahu
in Lembang, West Java Indonesia. The experimental soil samples were acquired
from several points in the location from the depth of 0-20 cm. Disturb soil samples
were taken for measuring P-retention, available P, organic carbon, and texture.
Undisturbed soil samples for were taken with ring samples for measuring perme-
ability. The soil was compositely mixed before be prepared for the treatments.

Randomized designed in factorial with two factors were used in the experimental
polybags. The first factor was steel slag and the second factor was bokashi of husk
with four levels: 0, 2.5, 5.0, and 7.5 % of soil on weight/weight (w/w) basis,
respectively, and repeated twice. Soil used was 10 kg per polybag. Steel slag was
crushed to the size of 200 mesh. Bokashi of husk were made by fermented the husk
by the addition the microorganisms for 4 weeks. The combination of the treatments
of this research is shown in Table 1, where s is stand for steel slag, and b is stand
for bokashi of husk. The numeric of 0, 1, 2, and 3 represents the percentage of
dosage treatments of 0, 2.5, 5.0, and 7.5 % of weight percentage (w/w) to the soil,
respectively. The Duncan’s new multiple range test was used for testing the mean
differences.

The soils were mixed thoroughly with the treatments, filled in into the polybags
of 60 X 60 X 60 cm, watered to their field capacity and tightened well to prevent
the evaporation. The soils with the treatments then be incubated for 4 months to
have the expected reaction between the soils and the treatments. The soil analyses
after treatments and incubation were P-retention (Blakemore et al. 1987), available
P (Van Reeuwijk 1992), organic carbon (Walkley and Black 1934), permeability
(Klute and Dirksen 1986), and structure (USDA 1983). The erodibility calculated
following with the equation of erodibility by Wischmeier et al. (1971), Wischmeier
and Smith (1978).

_ 2AMMH(1074) (12 — ) +3.25(8 — 2) +2.5(y — 3)

K 1
100 , (1)

where

M (% silt + % very fine sand) - (100-% clay),
o organic matter (%),

B structure code and

y permeability rating.
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Table 1 The combination treatments of steel slag and bokashi of husk

Treatments Steel slag (in weight percentage of soil)
So Sy S5 S3
Bokashi of husk bo Sobg s1bg $>bg s3bg
(in weight percentage of soil) b, Sob s;b, sob, s3b;
by Sob2 s1ba $2bs s3ba
bs Sobs s1bs $2bs s3bs

3 Result and Discussions

3.1 Data of Soil, Steel Slag, and Bokashi
of Husk Prior to the Treatmens

Based on the maps of soil, geology, topography, land use, climate, and adminis-
trative, the study area is volcanic ash soils developed from andesitic brownish
sandy tuffs, very coarse hornblende crystals and red-weathered lahar, lapilli layers,
and breccia of Mt. Dano and Mt. Tangkuban Parahu (Silitonga 2003), at the ele-
vation of 8 %, at the coordinate point of 107°38'57.0" S-06°47'07.7" E, in district
of Bandung Regency District, West Java Province, Indonesia.

Based on the laboratory analyses, the data of chemical and physical character-
istics is presented in Table 2. This table informs that the organic carbon is less than
25 %, bulk density is less than 0.9 g cm >, P-retention is more than 85 %, and
Al + ' Fe with ammonium oxalate is more than 2 %. These parameters inform that
the soil fulfills the requirements of andic soil properties of volcanic ash soil (Soil
Survey Staff 2014). The high P-retention (88.86 %) causes the low available P
(9.41 ppm) Related to andesitic parent materials, the pH is acid (5.49). The texture
is silty loam with granular to crumb structures, induce the medium permeability
(3.36 cm h™") which is classed as 4 (USDA 1983). Erodibility following
Wischmeier and Smith (1978) is 0.2.

The characteristics of steel slag and bokashi of husk is presented in Table 3.
The steel slag used indicates that the content of silicate is high (12.5 %). During
incubation period, the silicate was expected to release the anion to block the
positive charge of Andisols and then release the P-retention to have the available
Beck et al. (1999) inform that silicate can function as anion in releasing
P-retention. The concentration of Ca was very high (42.00 %) which can function
as lime to increase the pH and also help in releasing P-retention. Meanwhile the
analyze of bokashi of husk indicated that the pH was high (7.47), expected in
increasing soil pH. The C/N ratio was 17.95 indicated it can function as organic
matter in serving the organic anion to block the positive charge of Andisol to
release the P-retention.
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No Parameters Unit Value
1 Organic carbon % 4.43
2 Bulk density gcm® 0.95
3 P-retention % 88.86
4 Al + ': Fe with acid ammonium oxalate % 5.00
5 Available P ppm 9.41
6 pH H,O - 5.49
7 Texture - Silty loam
Silt % 60
Sand % 13
Very fine sand % 7
Clay (%) % 27
8 Permeability ecmh™! 3.56
Permeability class - 4
9 Erodibility (K) - 0.2
Table 3 Analyses of steel slag and bokashi of husk prior of treatments
No. Parameters Unit Value
Steel slag
1 SiO, % 12.50
2 CaO % 42.00
3 MgO % 6.00
4 P,05 % 0.50
5 FeO % 0.81
6 Water content % 1.00
7 Bulk density gcm 1.70
Bokashi of husk
1 pH H,O - 7.47
2 CEC cmol kg™ 50.01
3 Organic carbon % 24.64
4 Total nitrogen % 1.37
5 C/N - 17.96
6 Bulk density gem? 0.3
3.2 P-Retention and P Available

Steel slag and bokashi of husk do not interact in decreasing the P-retention but
bokashi of husk individually decrease the P-retention from 92.33 % (without
bokashi of husk) to 84.58 % (7.5 % bokashi of husk), as can be seen in Table 4.
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Table 4 The individual influence of steel slag and bokashi of husk to P-retention (%)

Steel Dossage | P-retention | Bulk density | Permeability | Organic Erodibility
slag (%) (%) (g cm™) (ecmh™) carbon (%)

So 0 86.43 a 86.43 a 1453 a 12.69 a 0.16 a
S 2.5 87.10 a 87.10 a 15.44 a 12.34 a 0.16 a
Sy 5 86.88 a 86.88 a 14.63 a 1252 a 0.16 a
83 7.5 87.88 a 87.88 a 12.30 a 11.83 a 0.16 a
Bokashi of husk

by 0 9233 b 92.33 b 3.66 a 11.85 a 0.19b
b, 2.5 86.01 a 86.01 a 18.34 b 11.94 a 0.15a
b, 5 8531 a 8531 a 16.72 b 12.37 ab 0.15a
bs 7.5 84.58 a 84.58 a 18.18 b 13.21b 0.14 a

Note Same letters indicate no difference of the value between the treatments with Duncan multiple range test
5%

Table 5 The interaction of steel slag and bokashi of husk to available P (ppm)

Steel slag (%) Bokashi of husk

by 0 % b; 2.5 % b5 % b3 75 %
so 0 10.02 a (a) 57.87 b (b) 55.77 a (b) 56.22 a (b)
sp 2.5 34.24 b (a) 43.21 a (b) 65.51 b (c) 70.02 b (c)
s 5 48.95 ¢ (a) 57.35 b (ab) 60.53 ab (b) 61.43 ab (b)
s3 7.5 41.34 be (a) 54.34 b (b) 58.18 ab (bc) 65.24 ab (c)

Note The letters in parentheses are read horizontally, the letters without parentheses are read
vertically. Same letters indicate no difference of the value between the treatments with Duncan
multiple range test 5 %

During the incubation period a certain amount of negative charge from bokashi of
husk block the positive charge of volcanic ash soil make the P-retention decrease.
Anion from organic material can release P and decrease the P-retention (Boniao
2000). In this research, the application of 2.5-7.5 % bokashi of husk reduced
P-retention.

In other hand, steel slag and bokashi of husk interact in increasing the available
as presented in Table 5. The available P increase from 10.02 % (without steel slag
and bokashi of husk) to 34.24-70.02 % with the various combinations of steel slag
and bokashi of husk. The increasing dosage of steel slag than bokashi of husk
increases the available P. The highest available P (70.02 %) is obtained by the
dosage of 2.5 % steel slag and 7.5 % bokashi of husk.
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3.3 Bulk Density and Permeability

Steel slag and bokashi of husk do not interact in decreasing bulk density and
increasing permeability, but bokashi of husk individually decreases bulk density to
0.47 g cm > (treatment of 7.5 % bokashi of husk) and increases the permeability to
18.34 cm h™" as presented in Table 4. There is no effect of steel slag to bulk density
means that steel slag do not increase it. The doubtfulness of the steel slag that has
high bulk density (1.7 g cm ) much higher than soil bulk density (0.9 g cm™>)
will increase the bulk density of the media is therefore unproven. Perie and Quimet
(2007), found the similar result with this research, where the increasing of organic
matter will decrease the bulk density. Bouajila and Sanaa (2011) informed that the
increase of organic matter will increase the permeability.

3.4 Organic Carbon

Steel slag and bokashi of husk do not interact in increasing organic carbon, but
bokashi of husk individually increases it from 11.85 % (without bokashi of husk) to
treatment of 7.5 % bokashi of husk and increases the permeability to 13.21 %
(7.5 % bokashi of husk) as presented in Table 4. Increasing of bokashi of husk as
organic matter logically will increase the organic carbon.

3.5 Erodibility

Soil erodibility is quite complex parameter that has to be determined by a various
wide ranges of interlinked parameters, and be best obtained from direct measure-
ments on runoff plots. However, many attempts have been made to relate the
measurement of erodibility values with some soil parameters (Wischmeier et al.
1971; Wischmeier and Smith 1978). Following the equation of the erodibility by
Wischmeier et al. (1971), the percentage of silt, very fine sand, clay, organic matter,
structure, and permeability are involved in calculating of the erodibility. The per-
centage of the silt, very fine sand, and clay or particle size of these soils (with their
treatments) has no difference since the particle size or texture will not change during
the time of only several months. Therefore, erodibility in these treatments is only
influenced by the organic carbon (%) and permeability value (classed from 1 to 7).

As the result, steel slag and bokashi of husk do not interact in improving the
erodibility, but bokashi of husk individually improves it from 0.19 (without bokashi
of husk) to 0.14 (treatment of 7.5 % bokashi of husk). The lower the erodibility
value, the better the resistance of the soil against erosion, especially in facing the
heavy rainfall.
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4 Conclusions

Volcanic ash soil has good soil physical characteristics and a good value in
erodibility which classified it as the soil with a high resistance against erosion in
facing the heavy rainfall. Steel slag and bokashi of husk which is given to the soil
for decreasing the P-retention and increasing the available P do not aggravate the
soil erodibility, therefore those materials can be used to remediate the soil and keep
maintaining the good soil physical aspects especially the soil erodibility.
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Structural Pattern’s Effects on the Tensile
Properties of Hexagonal Wire Meshes
(12 cm X 15 cm)

Chiwan Hsieh, Zhi-Yao Cai and In-Wei Liu

Abstract Three half-turn (Type A) and four half-turn (Type B) hexagonal wire
mesh panels were used for tensile tests with and without one center-cut wire mesh
panel. The panel opening was 120 by 150 mm. The test loadings were applied
either parallel (in longitudinal direction) or perpendicular (in transverse direction) to
the twist wire sections. The study results indicated that the ultimate tensile strength
for Type A and hexagonal wire mesh panels without any cut loading in longitudinal
or transverse direction were similar. However, the four half-turn hexagonal wire
panels showed better tensile resistance after one wire broke at the panel center for
both loadings either in longitudinal or in transverse condition. This implied that the
presence of broken wires within the four half-turn hexagonal wire mesh showed
slight influence on the panel’s tensile strength. In general, the tensile strengths for
the test conditions for loading in longitudinal direction were about double of those
loading in transverse direction. In conclusion, four half-turn (Type A) hexagonal
wire mesh is a better structural pattern than a three half-turn (Type B) hexagonal
wire mesh for slope stability and river bank protection applications.

Keywords Hexagonal wire mesh - Gabion - River bank protection - Slope
stabilization - Rockfall protection

1 Introduction

Metal wire mesh is commonly practiced for river bank protection, rockfall pro-
tection, and slope stabilization applications. Currently, the use of wire mesh for
river bank protection and slope stabilization applications is more than 15 million
square meters. Only the materials cost is more than 20 billion New Taiwan dollars.
Currently, the replacement of wire mesh for these applications is too often. To
develop a better mechanism to construct metal wire mesh is an important task. The

C. Hsieh (X)) - Z.-Y. Cai - L.-W. Liu
National Pingtung University of Science and Technology, Pingtung, Taiwan
e-mail: cwh@mail.npust.edu.tw

© Springer Japan 2017 629
H. Hazarika et al. (eds.), Geotechnical Hazards from Large Earthquakes
and Heavy Rainfalls, DOI 10.1007/978-4-431-56205-4_57



630 C. Hsieh et al.

early age handmade fourth-twisted hexagonal wire meshes were observed to be
more durable than those current machine made triple-twisted hexagonal wire
meshes. Therefore, the objective of this study is to study a better structural pattern
and connection mechanism to produce durable hexagonal wire mesh.

2 Test Materials and Test Method

Three half-turn (Type A) and four half-turn (Type B) twisted hexagonal wire mesh
panels were tested to evaluate the difference in engineering behavior using tensile
tests. The mesh was woven using a nominal diameter 4.0 mm galvanized steel wires
with coating weight of 342 g/m?. The tensile strength of the steel wire is 430 N/mm?>.
120 by 50 mm mesh opening was used to construct a near perfect hexagonal pattern
wire for both types. ASTM A975 and A370 test methods were used in these tests.
Wire mesh panel tensile tests loading either in longitudinal direction or in transverse
direction with and without a center-cut wire were conducted.

The differences in weaving pattern between three half-turn (Type A) and four
half-turn (Type B) twisted hexagonal wire meshes are shown in Fig. 1. As shown,
top—down (vertical) and diagonal weaving patterns were observed for three
half-turn and four half-turn wire meshes, respectively. The top—down or diagonal
woven patterns were used for Type A and Type wire mesh panels, respectively.
Different engineering behaviors can be expected due to the differences in weaving

Fig. 1 Schematic view of
wire weaving pattern for
Type A and Type B wire
meshes

Post Weaving

Weaving Direction

Before Weaving

Post Weaving

Weaving Direction

Before Weaving
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Fig. 2 Schematic view of the
setup for tensile test

structure and loading direction of these two meshes. The tensile test sample setup is
shown in Fig. 2. The tensile test panel dimension was 1000 by 533 mm.

3 Results and Conclusions

A series of wide width tensile tests were conducted according to the ASTM D975
test method. Tensile tests for Type A and Type B twisted hexagonal wire mesh
panels loading either in longitudinal or in transverse direction with and without one
center wire cut were conducted. A minimum of three tests were conducted for each
test condition to prove the repeatability of the engineering behavior. A high degree
of repeatability for the tensile tests for Type A and Type B twisted hexagonal wire
mesh panels loading in longitudinal direction was achieved.

The research test results of the test conditions are discussed below. The material
and test conditions are represented using four letters. The first letter indicated the
test material, A for Type A wire mesh, or B for Type B mesh panel. Second letter T
or P indicates the tensile test or punch test. Punch test is not discussed in this paper.
The third letter of L or T represents the loading direction either in longitudinal or
transverse direction. The fourth letter U or C indicates for uncut or cut center wire
panel used in the test.

3.1 Tensile Tests Loading in Longitudinal Direction
Without a Center-Cut Wire

The tensile test results loading in longitudinal direction for three half-turn (Type A)
and four half-turn (Type B) hexagonal wire mesh panels without a center-cut wire
are shown in Fig. 3. As shown, the tensile stress versus elongation curves can be
divided into three stages. The initial tensile stress versus elongation curves for both
mesh types are quite similar to each other. Based on observation, the elongations
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Fig. 3 Typical tensile test :
results for Type A and Type B Paral'lel to twist
mesh panels loading in Tensile Strength Test
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were contributed by both the straight and twisted wire sections of the hexagonal
wire mesh for stage-1 and stage-2.

The first peak tensile stress occurred at elongation at 87 and 101 mm for Type A
and Type B wire mesh, respectively. The first peak tensile stress for Type A wire
mesh (50 kN/m) is slightly higher than that for Type B wire mesh (46 kN/m). After
the tensile stress reached a peak and wire breakage, a drop in tensile stress asso-
ciated with mesh elongation and steel wire de-twisting occurred near the broken
wire. In general, one peak stress is associated with breaking one steel wire.

Several similar consecutive peak tensile forces were observed after the first peak
tensile force occurred as the elongation continued for both wire mesh panels. The
elongation after the first peak represented stage-3 elongation. A larger amount of
elongation between each consecutive break was also observed for the Type A mesh
test. This implied that Type A wire mesh elongated more and quicker than Type B
wire mesh. The consecutive peak tensile forces for the Type B wire mesh panel
decreased as the elongation increased. However, the elongation between each
consecutive break was significantly less than that for Type A wire mesh. This
implied that Type B wire mesh deformed less when subjected to tensile loads.

3.2 Tensile Test of Panel Loading in Longitudinal Direction
with a Center-Cut Wire

In real-life situations, steel wires in a panel could be broken by stones or other
objects during panel service life. Therefore, it is necessary to study the engineering
behavior of steel wire mesh with a broken (cut) steel wire. A series of tensile tests
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Fig. 4 Typical tensile test 50
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for Type A and Type B hexagonal wire mesh panels loading in longitudinal
direction with one center wire cut was performed. The typical tensile stress versus
elongation curves are shown in Fig. 4. Due to the presence of pre-cut wire, the first
and second peak strengths were only about 18 kN/m and the peak elongations were
about 60 mm for Type A wire mesh panel. Low loading resistance and steel wire
de-twisting around the pre-cut wire were observed. On the other hand, the first and
second peak tensile stresses for Type B mesh panel were around 40 kN/m. It is
expected that to induce the failure of Type B required more tensile work energy to
cause failure of pre-cut wire panel than that for Type A panel. As shown in the
figure, the maximum tensile stresses for both wire mesh types were about 44 kN/m
and quite similar to each other. The associated peak elongations were about
103 mm and also similar to each other.

3.3 Tensile Tests Loading in Transverse Direction
Without a Center-Cut Wire

In addition to the tensile strength of mesh panel in longitudinal direction, the
minimum tensile strength of hexagonal wire mesh loading in transverse direction is
also an important material specification in the ASTM A975 standard specification.
Therefore, a series of tensile test results loading in transverse direction for three
half-turn (Type A) and four half-turn (Type B) hexagonal wire mesh panels without
a center-cut wire was also conducted in the study.
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The typical tensile test results loading in transverse direction for three half-turn
(Type A) and four half-turn (Type B) hexagonal wire mesh panels without a
center-cut wire are shown in Fig. 5. The tensile stress versus elongation curves can
be divided into two stages. The initial tensile stress versus elongation curves
(stage-1) for both mesh types are quite similar to each other. The tensile load was
uniformly transferred through the panel steel wires and induced the necking in the
central region of the panels. The peak tensile strength for the Type B panel
(25 kN/m) is slightly higher than that for Type A panel (20 kN/m). However, the
associated elongation at peak for Type B panel (215 mm) is also slightly less than
that for Type A panel (240 mm).

Several similar consecutive peak tensile forces were observed after the first and
highest peak tensile force occurred as the elongation continued for both wire mesh
panels. Wire breakage normally occurred near two sides of the panels initially. The
elongation after the first peak represented stage-2 elongation. A larger amount of
elongation in conjunction of wire de-twisted around the broken wires between each
consecutive break was also observed for the Type A mesh test. This implied that
Type A wire mesh elongated more and quicker than Type B wire mesh. The
consecutive peak tensile forces for the Type B wire mesh panel decreased as the
elongation increased. However, the elongation between each consecutive break was
significantly less than that for Type A wire mesh. This implied that Type B wire
mesh deformed less when subjected to tensile loads.
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Fig. 6 Typical tensile test 30
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3.4 Tensile Test of Panel Loading in Transverse Direction
with a Center-Cut Wire

A series of tensile tests for Type A and Type B hexagonal wire mesh panels loading
in transverse direction with one center wire cut was also performed. The typical
tensile stress versus elongation curves are shown in Fig. 6. Due to the presence of
pre-cut wire, the first and second peak strength were only about 7 kN/m and the
peak elongations were greater than 107 mm for Type A wire mesh panel. Low
loading resistance and steel wire de-twisting around the pre-cut wire were observed.
On the other hand, the first peak tensile stress for Type B mesh panel was 23 kN/m.
The loading was uniformly distributed to all steel wires in the panel. The presence
of pre-cut wire showed a minimum influence on the tensile test results. Consecutive
wire breakages near the pre-cut wire were observed for Type B wire panel.

4 Conclusions

The average replacement time for wire mesh gabions for river bank protection and
stabilization applications is about seven years in Taiwan. The annual material cost
for this is more than 2 billion New Taiwan dollars. This study investigated the
engineering behavior of three half-turn and four half-turn hexagonal wire meshes
using tensile tests loading either in longitudinal direction or in transverse direction.
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The results indicated that the ultimate tensile strength for three half-turn or four
half-turn hexagonal wire mesh panels loading in longitudinal or transverse direction
without cut wires were similar to each other. However, the four half-turn hexagonal
wire panels showed better tensile after one wire was cut at the panel center to
simulate mesh damage that could occur during typical field situations. This implies
that the presence of broken wires within the four half-turn hexagonal wire mesh
would have less effect on the panel tensile strength.

In general, the tensile strengths for the conditions for loading in longitudinal
direction is about double in comparing with the conditions loading in transverse
direction for both types wire mesh panels. The four half-turn hexagonal wire mesh
is a more robust and durable weaving pattern than three half-turn hexagonal wire
mesh. It is suggested that the place of wire mesh with twisted section is parallel to
the loading direction. The results provide important technical information that, if
implemented, could extend the design life and, thus, reduce the life cycle cost of
wire gabion installations when used for river bank protection applications.
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